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WELCOME 

It is with great pride and pleasure that I welcome you all to the 12th Australia New Zealand 
Geomechanics Conference which is being held at Shed 6 / TSB Bank Arena on Queens 
Wharf beside Wellington’s waterfront on 22 - 25 February 2015.  This prestigious 
international event is the regional conference of the International Society for Soil Mechanics 
and Geotechnical Engineering (ISSMGE) and is held approximately every 4 years. 
  
The last Australia New Zealand Conference held in Wellington, New Zealand was in 1980. 
Thirty-five years later, this event has returned to Wellington, to a city and a world that is 
experiencing significant change and challenges resulting from human influences in our built 
environment. 
  
As in 1980, our profession has the potential to shape and influence the future. For 2015, our 
conference theme is “The Changing Face of the Earth – Geomechanics & Human Influence”. 
The worldwide community is currently facing great change; a changing climate, an evolving 
legislative environment and changing human perceptions and awareness of the cause and 
effects of our actions. This change presents an exciting series of risks and opportunities 
within the wider geotechnical industry. This conference seeks to explore and better 
understand the drivers for changing our world and the impact we make – be this in marine 
and coastal areas or the built environment, from open cast mining to creating brand new 
communities. 
 
Locally in New Zealand, the 2010/11 Canterbury earthquake sequence has had an 
unprecedented impact on the geotechnical profession. It has raised the profile of our science 
through all levels of society, from home owners to our nation’s leaders and has been the 
catalyst for a surge of invaluable observations, data and learning. It has also served as an 
international reminder as to the terrible social and economic damage such seismic events 
can inflict. 
  
We are extremely honoured to welcome Professor George Gazetas, Professor Johnathan 
Bray and Dr Fred Baynes as keynote speakers to our conference.  The Conference 
Organising Committee is extremely grateful that these world-renowned experts accepted the 
offer to speak and share some of their wisdom first-hand with the New Zealand and 
Australian geotechnical fraternity. 
 
We wish to thank Fran Wilde, Chair, Greater Wellington Regional Council, Mike Stannard, 
Chief Engineer Infrastructure & Resource Markets, Ministry of Business, Innovation and 
Employment and Sir Ron Carter for their addresses providing an introduction to our 
Conference theme. 
 
Finally, I wish to acknowledge the financial support which was afforded by the Conference 
sponsors, and the effort which was made by the Conference Organising Committee. This 
event would not have occurred without each and every one of these organisations and 
individuals. 
  
Guy Cassidy 
Conference Chair 
  
  
 
 



Sunday 22 February
Field Trips

1000-1530hrs Engineering Geology of the Wellington Fault

1000-1600hrs MacKays to Peka Peka Expressway Project

1600-1800hrs Registration & Information Desk Open – Shed 6

1800-2000hrs Welcome Reception – The Boat Shed

Monday 23 February

0800-1730hrs Registration & Information Desk Open – Shed 6

0830-1030hrs Conference Opening and Plenary Session 1 Room 1, Shed 6

0830-0930hrs Mihi Whakatau
Welcome Messages 
Guy Cassidy, Conference Convenor, Roger Frank, ISSMGE President, Gavin Alexander, NZGS Chair, Darren Paul, AGS Chair

Opening Addresses  
Fran Wilde, Chair, Greater Wellington Regional Council
Mike Stannard, MBIE
Sir Ron Carter 

0930-1030hrs 001 Keynote Address - Avoiding over-conservatism and 
conventional dogmas in seismic geotechnical design

Professor George Gazetas

1030-1100hrs Morning Refreshments and Exhibition – TSB Bank Arena

1100-1215hrs           Concurrent Session 1

Paper No. Risk Case Histories Room 1, Shed 6 Paper No. Environmental Waste Stabilisation Room 2, Shed 6

1100-1115hrs 006 Bulk Liquids Berth 2 (Sydney) - A case study in pile 
vibration monitoring and management

Helen 
Barbour-Bourne

1100-1115hrs 010 Physical properties and compaction characteristics 
of ETP and WTP biosolids

Aruna Ukwatta

1120-1135hrs 008 What lies beneath - mitigating the risk from buried 
services to geotechnical investigations

Steve Temple 1120-1135hrs 011 Geotechnical properties of biosolids stabilised with 
lime and cement

Farshid 
Maghoolpilehrood

1140-1155hrs 009 ‘Stuff Happens’ - A case history of a safety incident while 
assessing slopes in Waioeka Gorge

David Stewart 1140-1155hrs 012 Waste not want not - A unique industrial waste 
disposal facility

Gerald Strayton

Paper No. Land Zoning Room 3, Shed 6 Paper No. Geotechnical Analysis Room 4, Shed 6

1100-1115hrs 014 Flow category landslide susceptibility modelling of the 
Sydney Basin

Darshika 
Palamakumbure

1100-1115hrs 018 Isogeometric methods for numerical simulation in 
geomechanics

Gernot Beer

1120-1135hrs 015 Land use planning for slope instability hazards in 
Wanganui

Doug Mason 1120-1135hrs 019 Soil cracking modelling using the mesh-free SPH 
method

Jayantha Kodikara

1140-1155hrs 016 The benefits of a shared geotechnical database in the 
recovery of Christchurch following the 2010 - 2011 
Canterbury earthquakes and the potential benefits of 
expanding it into a national database

John Scott 1140-1155hrs 020 Boundary element methods for the simulation of 
underground construction 

Christian Duenser

1200-1215hrs 017 Population explosion onto unstable ground in the 
Auckland region 

Bruce Simms 1200-1215hrs 021 Open source applications in geotechnical engineering Jason Surjadinata

1215-1315hrs Lunch and Exhibition – TSB Bank Arena 

1315-1430hrs           Concurrent Session 2

Paper No. Pile Foundations Room 1, Shed 6 Paper No. Geohydrology Room 2, Shed 6

1315-1330hrs 022 Influence of pile installation techniques on ground heave 
in clays

Martin Larisch 1315-1330hrs 026 Reducing the risk of acidic groundwater through 
modelling the performance of a permeable reactive bar-
rier in Shoalhaven floodplain

Udeshini Pathirage

1335-1350hrs 023 Experimental study of driven pile capacity improvement 
due to compaction grouting

Sufyan Samsuddin 1335-1350hrs 027 Thermal properties of Melbourne Mudstone David 
Barry-Macaulay

1355-1410hrs 024 A new end-bearing capacity equation of piles in crushable 
soils

Tim Hull 1355-1410hrs 028 Waterview connection: Environmental impacts of a 
deep drained trench

Sian France

1415-1430hrs 025 Mitigating the risk of ageing piling equipment and foreign 
migrant work force by full scale pile testing in Cabinda, 
Angola

Eduard Vorster

Paper No. Land Development Case Histories Room 3, Shed 6

1315-1330hrs 029 Evaluation of coalwash as a potential structural fill 
material for port reclamation

Chazath Kaliboullah

1335-1350hrs 030 Fox Glacier - geological and geotechnical issues for access Julia Riding

1355-1410hrs 031 Construction risks on soft ground - Some recent cases   Ioannis 
Antonopoulos

1430-1500hrs Afternoon Refreshments and Exhibition – TSB Bank Arena
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1500-1615hrs           Concurrent Session 3

Paper No. Risk Case Histories Room 1, Shed 6 Paper No. Rail Ballast Room 2, Shed 6

1500-1515hrs 032 Management of mainline railway safety during the change 
in landform as a consequence of longwall mining beneath 
the Main Southern Railway

Tim Hull 1500-1515hrs 036 Deformation behaviour of coal-fouled ballast reinforced 
with geogrid

Ngoc Trung Ngo

1520-1535hrs 033 Refurbishment of the Ross Creek Dam Ian Walsh 1520-1535hrs 037 Recent advances in railroad infrastructure and track per-
formance - Australian experience

Buddhima Indraratna

1540-1555hrs 034 Geotechnical considerations in safe operation of crawler 
cranes

Bo Zhang 1540-1555hrs 038 Implications of ballast degradation under cyclic loading Sanjay Nimbalkar

1600-1615hrs 035 A risk based assessment of the punch-through potential 
of jack-up barges

Mark Skinner 1600-1615hrs 039 Discrete element modelling of geocell-reinforced track 
ballast under static and cyclic loading 

Yang Liu

Paper No. Land Stability Room 3, Shed 6 Paper No. Seismic Ground Movement and Performance Of 
Buried Structures

Room 4, Shed 6

1500-1515hrs 040 New Zealand simplified seismic slope stability analysis 
and risk-based slope design for earthquake resistance

Riley Gerbrandt 1500-1515hrs 044 Earthquake damage assessment of water supply tunnels Robert Davey 

1520-1535hrs 042 A slope hazard assessment study in the Waioeka Gorge Benjamin O’Loughlin 1520-1535hrs 045 Performance of sewer pipes with liner during 
earthquakes

Rolando Orense 

1540-1555hrs 043 The use of risk based design criteria for slope remediation Greg Hackney 1540-1555hrs 046 Ongoing development of a near-surface shear wave 
velocity (Vs) model for Christchurch using a 
region-specific CPT-Vs correlation

Christopher McGann 

1600-1615hrs 065 Site-specific hazard analysis for geotechnical design in 
New Zealand

Brendon Bradley

1620-1730hrs Plenary Session 2 Room 1, Shed 6

1620-1720hrs 002 Keynote Address - Deconstructing engineering geological 
models

Fred Baynes

1720-1730hrs Day 1 Closing Remarks  

1730-1830hrs Conference Happy Hour and Poster Presentations – TSB Bank Arena 
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Tuesday 24 February - Sponsored by Tonkin & Taylor

0800-1730hrs Registration & Information Desk Open – Shed 6

0840-0945hrs Plenary Session 3 Room 1, Shed 6

0840-0845hrs Welcome from Tonkin & Taylor (Keynote Speaker Sponsor) Mike Jacka

0845-0945hrs 003 Keynote Address - Turning disaster into knowledge Jonathan Bray

0945-1015hrs Morning Refreshments and Exhibition – TSB Bank Arena

1015-1215hrs           Concurrent Session 4

Paper No. Pile Foundations Room 1, Shed 6 Paper No. Rock Material Properties Room 2, Shed 6

1015-1030hrs 048 Updating system reliability of pile group by load tests Jinsong Huang 1015 -1030hrs 056 Weathering profiles of Bunya phyllite in Southwest 
Brisbane - A geotechnical approach

David Williams

1032-1047hrs 049 Construction of piled transmission tower foundations in 
the Central North Island

Chris Hewitt 1035 -1050hrs 057 Relationship between water retention, stiffness and 
damping ratio in soils

Zhuoyuan Cheng 

1050-1105hrs 050 Integral bridge foundation pile design in layered soil and 
rock

Julie Zou 1055 -1110hrs 058 Study on strength and deformability of Hawkesbury sand-
stone subjected to cyclic loading

Abbas Taheri 

1107-1122hrs 051 Characteristic modulus values for rock socket design Burt Look 1115 -1130hrs 059 Durability assessment of Hawkesbury Sandstone for 
use as a foreshore revetment for the Barangaroo 
Headland Park Development

Rolf Rohleder 

1125-1140hrs 052 Straight shaft and bell shaped tension piles in Wellington 
greywacke

Sam Glue

1142-1157hrs 053 Overview of the role of testing and monitoring in the 
verification of driven pile foundations

Julian Seidel

1200-1215hrs 054 Enhanced use of dynamic pile testing in foundation 
engineering

Julian Seidel

Paper No. Geotechnical Design of Road Routes Room 3, Shed 6 Paper No. Seismic Performance of Retaining Walls and Buildings Room 4, Shed 6

1015-1030hrs 060 Determination of age of Tauranga/Maketu basin peat 
based on apparent pre-consolidation pressure due to soil 
creep

Ian Manley 1015-1030hrs 047 Performance and stability of Terramesh reinforced 
retaining walls during the 2010/2011 Canterbury 
earthquakes

Marcus Lazzaro 

1035-1050hrs 061 Geological characteristics of a completely weathered rock 
ridge, and its effect on the design and construction of an 
underpass at Buckle Street, Wellington

Daniel Grose 1032-1047hrs 066 Seismic performance of retaining walls on the Christ-
church Port Hills during the 2010/2011 Canterbury 
earthquakes

Edward (Ted) Stone

1055-1110hrs 062 Embankment settlement prediction and monitoring at 
Rangiriri Bypass

Charlie Price 1050-1105hrs 067 Seismically induced shear of a concrete reservoir in the 
February 2011 Christchurch earthquake: Investigations 
and response

Marcus Gibson

1115-1130hrs 063 Geotechnical challenges during design and construction 
of high rock cuts in mountainous terrain - The case of 
Egnatia Odos vertical axe 75 in Greece

Eleni Gkeli 1107-1122hrs 068 Design philosophy for retaining wall repairs in the Port 
Hills following the Canterbury earthquake sequence

David Rowland

1135-1150hrs 064 Rock engineering of cut slopes to provide resilience, 
Muldoon’s Corner Realignment,  Rimutaka Hill Road, 
Wellington

Pathmanathan Bra-
bhaharan 

1125-1140hrs 069 Repairing Christchurch City Council owned retaining walls 
damaged by the Christchurch and Canterbury earth-
quakes

Louise Kendal Riches

1143-1158hrs 070 Paleoliquefaction in late pleistocene alluvial sediments in 
Hauraki and Hamilton basins, and implications for paleo-
seismicity

Melissa Kleyburg

1200-1215hrs 071 Performance of retaining walls in the Canterbury earth-
quake sequence

Kevin Anderson

1215-1315hrs Lunch and Exhibition - TSB Bank Arena 
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1315-1430hrs           Concurrent Session 5

Paper No. Ground Improvement Room 1, Shed 6 Paper No. Geohydrology Room 2, Shed 6

1315-1330hrs 072 Alternative design approach for soft clay improved by 
prefabricated vertical drains

Cholachat 
Rujikiatkamjorn

1315-1330hrs 076 Water productivity mapping of agricultural fields in Saudi 
Arabia using landsat-8 imagery

V C Patil

1335-1350hrs 073 Assessment of the coefficient of consolidation for staged 
preloading operations

Bosco Poon 1335-1350hrs 077 Leapfrog - a rapid conceptualisation and analysis tool 
for geology, groundwater and contaminant interception 
at a biosolids containment facility

Mike Thorley

1355-1410hrs 074 Ground improvement at the Prestons Subdivision, 
Christchurch

James Muirson 1355-1410hrs 078 Updated Thornthwaite moisture indices to assist in 
characterisation of building sites in Victoria, Australia

Dominic Lopes

1415-1430hrs 075 Geotechnical design of soft ground conditions Ralf Konrad 1415-1430hrs 079 Unconfined seepage behaviour in coarse and fine grained 
soils

Laurie Wesley

1315-1430hrs Young Geotechnical Professionals Room 3, Shed 6 Paper No. Liquefaction Room 4, Shed 6

Eggers and Farquhar Unplugged - a YGP Event 1315-1330hrs 080 SCIRT and EQC liquefaction trial - The performance of 
buried infrastructure in liquefied soils

Marcus Gibson

1335-1350hrs 081 The effect of subsidence on liquefaction vulnerability 
following the 2010 - 2011 Canterbury earthquake 
sequence

James Russell

1355-1410hrs 082 Comparison of CPT-based simplified liquefaction 
assessment methodologies based on the Canterbury 
Dataset

Virginie Lacrosse

1415-1430hrs 083 Geotechnical reconnaissance of the damage triggered by 
liquefaction of the Christchurch Formation following the 
February 2011 earthquake

Andrew Awad

1430-1500hrs Afternoon Refreshments and Exhibition - TSB Bank Arena 

1500-1615hrs           Concurrent Session 6

Paper No. Ground Improvement Room 1, Shed 6 Paper No. Surface Foundations Room 2, Shed 6

1500-1515hrs 084 Assessing probability of not achieving column overlap in 
jet grout floors and walls

Shailendra Amatya 1500-1515hrs 088 The significance of raft flexibility in pile group and piled 
raft design

Helen Chow

1520-1535hrs 085 Correlation between PMT & CPT after dynamic compac-
tion in reclaimed calcareous sand

Babak Hamidi 1520-1535hrs 089 Plaxis modelling of moment-rotation curves for shallow 
foundations on clay at constant vertical load

Ravi Salimath

1540-1555hrs 086 Development of horizontal soil mixed beams as a shallow 
ground improvement method beneath existing houses

Rob Hunter 1540-1555hrs 090 Moment and shear capacity of shallow foundations at 
fixed vertical load

Michael Pender

1600-1615hrs 087 Jet grout columns operating as a reaction platform for 
Christchurch Art Gallery relevel uplift and soil liquefaction 
mitigation

Abilio Nogueira

Paper No. Material Improvement Techniques Room 3, Shed 6 Paper No. Landslides and Slope Stabilisation Room 4, Shed 6

1500-1515hrs 092 Shear behaviour of a lignosulfonate treated silty sand Jayan Vinod 1500-1515hrs 095 Pore pressure effect on slope stability assessment An-Jui Li

1520-1535hrs 093 Improvement of soft soil using nanomaterials Mohd Raihan Taha 1520-1535hrs 096 Comparison of A-frame micropile system and 
conventional bored piles to remediate embankment 
slope failures

Vipman Tandjiria

1540-1555hrs 094 Geotechnical characteristics of cement-treated recycled 
materials in base and sub-base applications

Alireza 
Mohammadinia

1540-1555hrs 097 Monitoring the landslide at Bramley Drive, Tauranga, 
NZ

Vicki Moon

1600-1615hrs 098 Rock mesh application in highly fractured basalt rock 
cutting in Western Ring Road widening project 
Melbourne - A case study

Bing Lee
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1620-1730hrs Plenary Session 4 Room 1, Shed 6

1620-1720hrs 004 John Jaegar Award Lecture - Predicting the Mechanical 
Behaviour of Structured Soils

John Carter

1720-1730hrs Day 2 Closing Remarks  

1930-1130hrs Conference Gala Dinner - Te Papa 

Wednesday 25 February

0830-1530hrs Registration & Information Desk Open – Shed 6

0900-1015hrs           Concurrent Session 7

Paper No. Stone Columns and Ground Reinforcement Room 1, Shed 6 Paper No. Road Pavements and Subgrade Room 2, Shed 6

0900-0915hrs 099 A ground improvement field trial in the coastal area 
using geogrid encased stone columns

Doru Bobei 0900-0915hrs 122 Soil moisture measurements using TDR along flat ribbon 
cable for estimating road performance

Md Habibullah 
Bhuyan

0920-0935hrs 100 Numerical modelling capturing the behaviour of rein-
forced soft ground for public transport infrastructure

Sudip Basack 0920-0935hrs 123 Relative modulus improvement due to inclusion of 
geo-reinforcement within a gravel material, as measured 
via Light Falling Weight Deflectometer testing

David Lacey

0940-0955hrs 101 Optimisation of soft ground treatment using a two-stage 
reinforced soil wall

Jeff Hsi 0940-0955hrs 124 Cyclic loading responses of cement-stabilised base mate-
rials: An investigation on moduli for pavement design

Korakod Nusit

1000-1015hrs 102 Ground reinforcement with shallow timber piles for soils 
susceptible to liquefaction

Andreas 
Giannakogiorgos

1000-1015hrs 125 Pavement analysis and design for hydrated cement treat-
ed crushed rock base (HCTCRB) pavements

Suphat 
Chummuneerat

Paper No. Static Properties of Soil and Rock Room 3, Shed 6 Paper No. Landslides and Slope Stabilisation Room 4, Shed 6

0900-0915hrs 107 Monotonic shear behaviour of pumice sand Lifu Liu 0900-0915hrs 111 Pull out resistance of soil nails in continuous auger drilled 
holes

Hamish Maclean

0920-0935hrs 108 Effect of suction history on the small strain response of 
a dynamically compacted soil

Ana Heitor 0920-0935hrs 112 The challenges of working with volcanic soils in the 
Central North Island, New Zealand

Evan Giles

0940-0955hrs 109 Discrete element modelling of recycled waste rock: 
Particle shape simulations and effects

Tabassom Afshar 0940-0955hrs 113 Retaining wall analysis in weak rock - A case study 
review

Sajjad Maqbool

1000-1015hrs 110 Instability behaviour and pore water pressure 
development of natural sand with fines

Abu Taher Md Zillur 
Rabbi

1000-1015hrs 114 Golden Cross Landslide - Effects of stabilisation works 
17 years later

Grant Loney

1015-1045hrs Morning Refreshments and Exhibition - TSB Bank Arena 



1045-1200hrs           Concurrent Session 8

Paper No. Structural Foundations Room 1, Shed 6 Paper No. Mining Room 2, Shed 6

1045-1100hrs 115 A seismic ground investigation across a creek for design 
of bridge

Koya Suto 1045-1100hrs 119 Bulking and settlement of weakly-cemented and 
cemented coal mine spoil

David Williams

1105-1120hrs 116 Estimation of vertical subgrade reaction modulus from 
CPT and comparison with SPT for a liquefiable site in 
Christchurch

Nick Barounis 1105-1120hrs 120 Slope stability acceptance criteria for opencast mine 
design

Brian Adams

1125-1140hrs 117 Adequacy of old fill for upgraded footing loads John Simmons 1125-1140hrs 121 Large scale testing of mine spoil Stephen Fityus

1145-1200hrs 118 Geotechnical input to the seismic assessment of existing 
buildings

Phil Clayton 1145-1200 126 An evaluation of the tilt test for granular materials Stephen Fityus

Paper No. Dynamic Properties of Soils Room 3, Shed 6

1045-1100hrs 103 A new model for describing the behaviour of soft soils 
under cyclic loading

Buddhima  
Indraratna

1105-1120hrs 104 Undrained cyclic strength of undisturbed pumiceous de-
posits

Mohammad 
Sadeq Asadi

1125-1140hrs 105 Effects of disturbance and consolidation procedures on 
the behaviour of intermediate soils

Karina Dahl

1145-1200hrs 106 The role of static shear stress on forms of cyclic liquefac-
tion

Robert Lo

1200-1300hrs Lunch and Exhibition - TSB Bank Arena 

1300-1400hrs Plenary Session 5 Room 1, Shed 6

005 NZGS Geomechanics Award Lecture - Geotechnical issues 
in displacement based design of highway bridges and walls

John Wood

1405-1500hrs         Concurrent Session 9

Paper No. Insitu Testing and Soil Identification Room 1, Shed 6 Paper No. Rail Ballast and Formation Room 2, Shed 6

1405-1420hrs 129 Assessment of SPT - CPT correlations using Canterbury 
site investigation database

Liam Wotherspoon  
 

1405-1420hrs 131 Significance of reinforced granular transitions for 
heavy freight rail applications 

Muliadi Merry

1425-1440hrs 130 CPT sounding and the scale of variability of Auckland 
residual soil 

Michael Pender 1425-1440hrs 132 Modelling of ballasted railway track under train 
moving loads

Md Abu Sayeed

1445-1500hrs 127 Development and use of low cost spectroscopy for 
soil identification

David Airey 1445-1500hrs 133 Rail formation by controlled blasting - A balance 
between effective blasting and safe practice

Muliadi Merry

Paper No. Tunnels Room 3, Shed 6 Paper No. Professional Development Room 4, Shed 6

1405-1420hrs 134 Vibration assessments for the Sydney LPG Cavern from 
construction piling for the adjoining Bulk Liquids Berth 2, 
Port Botany, Australia

Greg Kotze 1405-1420hrs 137 New Zealand natural hazards - Do we really need 
geotechnical professionals?

Beverley Curley

1425-1440hrs 135 Pile behavior due to adjacent tunnel excavation Chun Fai Leung 1425-1440hrs 138 Engineering geology education for the 21st Century Marlène Villeneuve

1445-1500hrs 136 Assessment of stability and ground movement 
associated with tunnelling under a major highway

Jeff Hsi

1505-1530hrs Award Presentations for Best Paper, Best Paper - 
YGP and Best Poster and Conference Close

Room 1, Shed 6 
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Number Author Title
P001 Cavicchia, Julian The effect of sample remoulding on the shrink-swell test

P002 Cheah, Charmaine Effect of simulated rock dumping on geotextile

P003 Christie, Emma Ground anchor testing in Wellington Soils and weathered greywacke

P004 Duxfield, Janet Muldoon’s corner realignment: Design and construction of fill embankments and retaining walls

P005 Ghosh, Balaka Reinforced Timoshenko Beam Theory to simulate load transfer mechanism in CMC supported embankments

P006 Green, Dave Challenges and risks associated with piling in the Riccarton Gravel, Christchurch

P007 Ho, Liem Exact analytical solution for one-dimensional consolidation of unsaturated soil stratum subjected to damped sine wave loading

P008 Jackson, Matthew Increased flooding vulnerability - A new recognised type of land damage

P009 Jaditager, Mohamed Settlement analysis of eastern reclamation area Port of Townsville

P010 Jaksa, Mark Prediction of load-carrying capacity of piles using a support vector machine and improved data collection

P011 Kim, Dong Hyun Determination of mobilized asperity parameter to define rock joint shear strength in low normal stress conditions

P012 Kruyshaar, Jana The use of earthquake demolition waste as engineered fill

P013 Lo, Sze Ho Finite element analysis of external earth pressure on reinforced soil wall in front of soil nail wall

P014 Look, Burt Appropriate probability distribution functions for geotechnical data

P015 Look, Burt Macro standard penetration test measurements examined with a micro scale PDM device

P016 Malekzadeh, Mona Consolidation of Cannington mine tailing at its liquid limit

P017 McCann, Kevin The use of impact compaction for the near surface compaction on dredged sand land reclamation projects

P018 Millen, Maxim Earthquake-induced rotation and settlement of building foundations

P019 Nguyen, Viet Landslide remediation using rock nail shotcrete wall

P020 Purwodihardjo, Ardie Numerical analysis of the cyclic deformation behaviour of a caisson foundation on a submerged rockfill slope

P021 Roberts, Ross A discussion on tunnelling issues within the East Coast Bays formation of Auckland

P022 Robson, Christopher Engineering geology and stabilisation of the 2011 landslide which closed SH3 in the Manawatu Gorge, New Zealand

P023 Spinks, Jerry Strengthening of heritage tunnel portals
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Avoiding Over-Conservatism and Conventional Dogmas in  Seismic 
Geotechnical  Design 

 
George Gazetas 
Professor, National Technical University of Athens, Greece 

 
Many procedures in earthquake geotechnical design have evolved from conservative approaches 

established in classical (static) soil mechanics.  Furthermore, a number of conventional 

methodologies have been adopted in geotechnics from structural earthquake engineering. Over the 

years several such methodologies have turned into entrenched beliefs and have been applied 

indiscriminately in soil dynamics problems as well. 

 

The keynote address will attempt to illustrate the benefits of avoiding over-conservatism and of 

changing conventional thinking in designing slopes, retaining walls, shallow footings, piles, and 

embedded caisson foundations.  Particular attention will be paid to the concept of “isolation by 

foundation rocking”: by reversing the “capacity design” and intentionally under-sizing the foundations 

leads to improved seismic safety of new or existing-retrofitted structures, thanks to footing uplifting 

and soil “failing”. It is also demonstrated that pseudo-static safety factors much less than 1 may lead 

to quite safe design in slope and retaining projects.  Finally, while elastic design response spectrum 

has obtained a sacred status as a unique descriptor of earthquake hazard at a site and its use has 

been turned into a ritual by requiring that it must be closely “respected” (i.e., matched) by all ground 

excitations, for systems in which sliding dominates the response such a belief is just a fallacy that 

could be either detrimental to safety or unnecessarily conservative. 
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DECONSTRUCTING ENGINEERING GEOLOGICAL MODELS 
For continuous improvement in a changing world 

Fred Baynes 
Independent Consultant Engineering Geologist, Australia 

The use of engineering geological models to manage risks and facilitate project success is becoming 
increasingly common, but the rules for creating effective models are as yet unclear.  Projects are now 
challenged by possible changes to natural process rates and certain changes to anthropogenic 
process rates and so there is an increasing need to elucidate those rules - so that the models we use 
can be continuously improved.  By deconstructing a variety of geological models ranging from the 
supremely simplistic to the awesomely complex it is possible to establish some of the basic rules and 
the internal architecture of effective engineering geological models.  By establishing these rules and 
expressing them logically they can be encoded, utilised and applied efficiently on all sorts of projects, 
hopefully to increase our chances of project success. 
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Turning Disaster into Knowledge  
 

J. D. Bray1, E.M. Rathje2, and J. D. Frost3, 
 
1Department of Civil and Environmental Engineering, University of California, Berkeley, CA, USA 94720-1710; PH 
(510) 642-9843; email: jonbray@berkeley.edu 
2Department of Civil, Architectural and Environmental Engineering, University of Texas, Austin, TX 78712; PH 
(512) 232-3683; email: e.rathje@mail.utexas.edu 
3School of Civil and Environmental Engineering, Georgia Institute of Technology, Atlanta, GA, USA 30332-0355: 
PH (404) 894-2280; email: david.frost@ce.gatech.edu  
 
 
ABSTRACT 
 
Geotechnical engineering is an experience-driven discipline. Field observations are particularly 
important because it is difficult to replicate in the laboratory the characteristics and response of soil 
deposits built by nature over thousands of years. Furthermore, much of the data generated by a major 
disaster is perishable, so it is critical that it is collected soon after the event occurs. Detailed mapping 
and surveying of damaged and undamaged areas provides the data for the well-documented case 
histories that drive the development of many of the design procedures used by geotechnical 
engineers. Thus, documenting the key lessons learned from major extreme events around the world 
contributes significantly to advancing research and practice in geotechnical engineering. This is one of 
the primary objectives of the Geotechnical Extreme Events Reconnaissance (GEER) Association. 
Post-event reconnaissance and GEER are described in this paper, along with some of GEER’s 
findings from recent reconnaissance efforts. The use of advanced reconnaissance techniques is 
highlighted, as well as specific technical findings from the 1999 Kocaeli, Turkey earthquake, 2010 Haiti 
earthquake, 2010 Maule, Chile earthquake, 2010-2011 Canterbury earthquake sequence and 2014 
floods that followed it, and the 2014 Oso, Washington landslide. 
. 
 
Keywords: earthquakes, geotechnical, natural disaster, reconnaissance  
 
 

1 INTRODUCTION 
 
There have been major improvements in scientific understanding and subsequent advances in 
geotechnical engineering in the aftermath of significant natural and human-made disasters in 
urbanized and industrial areas. For example, events that have significantly influenced earthquake 
engineering include the 1964 Niigata, 1964 Alaska, 1985 Mexico City, 1989 Loma Prieta, 1994 
Northridge, 1999 Kocaeli, and 1999 Chi-Chi earthquakes. Other extreme events that have influenced 
geotechnical engineering include the 1963 Vaiont Dam landslide, the 1966 collapse of the Aberfan 
colliery spoil tip, the 1976 Teton Dam failure, and the 2001 collapse of the World Trade Center 
Towers. More recently, the profession has learned much from studies conducted in the aftermath of 
Hurricanes Katrina (2005) and Gustav (2008), the 2011 Lower Mississippi River floods. Each major 
disaster potentially provides critical lessons that can save lives in a future event. 
 
Fortunately, severe hazards that have the potential to kill people and destroy infrastructure occur 
relatively infrequently. Hence, they are referred to as “extreme events.” However, they occur 
frequently enough with the capacity for such severe consequences that society cannot ignore them. 
Instead, we must learn from them and develop the understanding that will allow engineers to evaluate 
and to mitigate the effects of future extreme events, such as earthquakes. 
 
In this paper, some of the recent efforts of the U.S. National Science Foundation (NSF)-sponsored 
Geotechnical Extreme Events Reconnaissance (GEER) Association are chronicled. GEER is one of 
the world’s leading reconnaissance organizations. Although originated as a NSF-funded activity in the 
United States, GEER includes members worldwide and works closely with other reconnaissance 
organizations to capture perishable data following an event so the profession can later learn from it.  
 
 
 
 

3

mailto:jonbray@berkeley.edu
mailto:e.rathje@mail.utexas.edu
mailto:david.frost@ce.gatech.edu


2 GEER 
 
The NSF-sponsored GEER Association organizes and supports reconnaissance efforts by 
geotechnical researchers and practitioners after severe natural and human-made disasters (i.e., 
“extreme events”) and develops techniques to capture perishable data to learn from these events. It 
distributes findings from these reconnaissance efforts through GEER web-reports, peer-reviewed 
papers, and technical seminars. The primary objectives of GEER are:  
 

1. Document geotechnical engineering and related effects of important extreme events to 
advance research and practice. 

2. Employ innovative technologies for post-event reconnaissance. 
3. Advance the capabilities of individuals performing reconnaissance of extreme events.  
4. Train individuals to perform effective reconnaissance and facilitate access to equipment 

required for sensing and data collection.  
5. Develop a coordinated response for geo-researchers to form effective reconnaissance teams 

and work effectively with organizations that focus on other disciplines. 
6. Promote the standardization of measurement and reporting in reconnaissance efforts. 
7. Disseminate timely and accurate post-event web-based reports and data. 

 
Since its formation, GEER has made significant advancements with respect to these objectives. 
Additionally, GEER serves the NSF by identifying important geotechnical issues to study through 
observing and documenting geotechnical effects in the field after extreme events. 
 
 

3 SIGNIFICANCE OF POST-EVENT RECONNAISSANCE  
 
Much of the data and information generated by an extreme event is perishable and therefore must be 
collected within a few days or weeks of the event. The removal of debris during recovery operations 
and restoration of transportation networks and lifelines quickly obscures observable significant 
damage, and hence, it obscures critical data that could advance the state-of-the-art. Geotechnical 
engineering professionals must respond effectively so that potentially critical lessons are not missed. 
Additionally, because case histories form the cornerstone of geotechnical engineering more so than 
other disciplines, geotechnical engineers are uniquely poised to work with other professionals after a 
major event to document its effects so that we can learn from it and turn information gathered 
following the disaster into knowledge. 
 
Many of the currently employed analytical methods utilized to evaluate geotechnical hazards, such as 
liquefaction-induced ground failure and its effects on building and buried utilities performance, rain-
induced landslides and their effects on residential areas and transportation systems, and hurricane-
induced storm surge and its effects of on levee and coastal protection surface systems, are in need of 
updating. Often the recommended evaluation and mitigation procedures in engineering practice are 
based on previously documented case histories that describe both poor and good performance during 
significant events. For example, prevalent liquefaction triggering procedures are based primarily on 
the empirical methods delineated in Youd et al. (2001), Seed et al. (2003), and Idriss and Boulanger 
(2008). Simplified seismic slope and embankment displacement procedures (e.g., Bray and 
Travasarou 2007, and Rathje and Antonakos 2011) are not used by engineers until they have been 
shown to capture the observed performance of earth/waste structures during earthquakes. These and 
other commonly employed engineering procedures require continual re-evaluation and revision as 
important case histories are documented.   
 
Even more importantly, new unanticipated observations from significant events often define alternative 
research directions. As an example, the results of recent studies of soil liquefaction, especially those 
involving soils with a significant amount of fines, have been largely motivated by observations of 
liquefaction and ground softening documented by NSF-sponsored GEER reconnaissance efforts after 
earthquakes in Turkey and Taiwan. The careful documentation of liquefaction following the 1999 
Kocaeli earthquake (Bray and Stewart 2000) provided much of the data that advanced the 
profession’s understanding of liquefaction/cyclic ground softening of fine-grained soils and led to 
important new criteria for evaluating the liquefaction potential of these soils (e.g., Bray and Sancio 
2006). Additionally, observations in Taiwan by Stewart (2001) have supported research by Chu et al. 
(2004) on the liquefaction of fine-grained soils. 
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If the geotechnical engineering profession is not prepared to look for and find new “geotechnical 
insights” following future events, important research insights and opportunities will be lost. Additional 
case histories are required to enhance the profession’s understanding of critical geotechnical 
phenomena. Important advancements are possible through research of these effects in future extreme 
events if their consequences are captured carefully and comprehensively. 
 
The geotechnical engineering profession has a rich tradition of understanding the need to develop and 
to apply new technologies and techniques that document in detail the effects of extreme events on 
urban infrastructure. The significant experience of geotechnical engineers in documenting the effects 
of natural hazards and their leadership in implementing new technologies in reconnaissance activities, 
positions them to work closely with other professionals to document the effects of extreme events and 
to advance the practice of geotechnical engineering through learning the lessons from these disasters. 
 
 

4 ADVANCES IN RECONNAISSANCE METHODS FOR GEOTECHNICAL EFFECTS 
 
The last decade or so represents a time of unprecedented advancement in the technologies used to 
document earthquake damage (e.g., Frost and Deaton 2000; Deaton and Frost 2002). The innovative 
use of personal digital assistants (PDAs) to record earthquake damage resulting from the 1999 
Kocaeli, Turkey earthquake allow engineers to collect systematically and analyze carefully 
observations in a consistent manner. Ground-based lidar (light detection and ranging) mapping 
technology proved useful in documenting levee damage resulting from storm surge from the 2005 
Hurricane Katrina before reconstruction efforts erased physical evidence that proved critical to 
understanding the potential failure mechanisms involved at levee breach sites (e.g., Seed et al. 2005). 
Additionally, the use of GoogleEarthTM is revolutionizing the way engineers and scientists merge and 
convey information. Recent GEER reports have included geo-referencing of photographs and 
observations of damage using GoogleEarthTM. KMZ files provide an intuitive way to share key data. 
 
Emerging technologies that will continue to be implemented in future reconnaissance efforts include 
satellite imaging using various techniques, coordinated military flyovers using advanced imaging 
capabilities, digital mapping equipment for establishing accurate documentation of ground failure case 
histories, coordinated use of GPS (Global Positioning System) devices and digital cameras in aerial 
surveys followed by complementary ground surveys, and survey equipment for documenting the effect 
of ground failures on constructed facilities. It is anticipated that the utilization of technologies, such as 
inexpensive ground motion sensors and 3D imaging technologies, will expand significantly in the 
coming years. 
 
Best practices for performing effective reconnaissance have been delineated in a manual for GEER 
reconnaissance teams that was developed by Robert Kayen and other members of the GEER 
Steering Committee (GEER 2014). Soon after an extreme event it is crucial to identify the primary 
opportunities that the event presents for advancing the profession, while maintaining the flexibility 
required to adjust a team’s focus based on early observations. Areas to investigate in greater depth 
are identified, and GoogleEarthTM is used to coordinate and record team member activities and their 
field observations. The data and information that can be collected by post-event reconnaissance 
teams includes high quality digital photographs of damage from aircraft and from the ground. Aerial 
photographs taken after the event can be compared to those from existing databases to help define 
damage patterns that can provide invaluable insights. Reconnaissance activities may include geologic 
and damage mapping, shear wave velocity profiling using the multi-channel analysis of surface waves 
(MASW) technique, and dynamic cone penetration tests (DCPT) at liquefaction sites, as shown in Fig. 
1. All observations can be documented digitally and positioned accurately using GPS coordinates 
allowing integration into reports. 
  
Besides photographic documentation that records images of damaged and undamaged facilities and 
systems, advanced techniques, such as lidar, can be used to help document more completely ground 
deformation across wide areas (Kayen and Collins 2012). Ground-based lidar has been used 
successfully to document damage to earth structures and ground failure after several extreme events. 
For example, aerial photography and ground-based lidar were used to document the Shiroiwa (White 
Rock) landslide, a large landslide produced by the shaking of the 2004 Niigata-ken Chuetsu, Japan 
earthquake, which adversely impacted a major road and adjacent bridge (Rathje et al. 2006). Another 
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example is the detailed depiction of a failed highway overpass embankment in Chile, which is shown 
in Fig. 2. The lidar image is analogous to a detailed digital photograph wherein each pixel is identified 
with its x, y, and z location. 
 

  
Figure 1. Field activities in Haiti: geologic and damage mapping, MASW testing, and DCPT testing 
 
   

 
 
Figure 2. Ground-based lidar and optical images of a failed overpass embankment on Ruta 5 as a 
result of the 2010 Chile Earthquake (lidar survey by Kayen presented in Bray and Frost 2010)   
 
 
Remote sensing, via spaceborne or airborne sensors, is another tool that has emerged as a crucial 
component of documenting the effects of natural disasters. Remote sensing represents the acquisition 
of data using sensors not in direct physical contact with the area being investigated, and includes 
optical satellite imagery, synthetic aperture radar (SAR), and lidar. Commercial optical satellites 
routinely obtain sub-meter imagery that can be used to assess the geographical distribution of 
damage. Satellite imagery is georeferenced to standard cartographic projections, and thus 
observations from the imagery can be fused with ancillary information such as geologic maps, 
topographic maps, or any other information that has been georeferenced. Very high resolution (VHR) 
satellite imagery was used to document the distribution of landslides from the 2004 Niigata-ken 
Chuetsu earthquake (Rathje et al. 2006) and to investigate the influence of geologic, topographic, and 
seismologic conditions on urban damage patterns from the 2010 Haiti earthquake (Rathje et al. 2011). 
Another example is the integrated documentation of geotechnical damage along the primary north-
south highway in Chile (Ruta 5) following the 2010 Chile earthquake by Frost and Turel (2011). 
 
SAR represents an active remote sensing technique in which the reflections of transmitted radar 
signals are measured. Because of the active source, SAR can acquire imagery at night or through 
clouds, which are attractive features for acquiring data as quickly as possible after an extreme event. 
In addition to the collected imagery, SAR data allows for advanced analytical techniques, such as 
radar interferometry (InSAR), which can provide precise measurements of ground deformation. 
Specifically, InSAR has been successful in measuring aseismic and coseismic slip across faults (e.g., 
Sandwell et al. 2002) and documenting the spatial and temporal distribution of landslide movements 
(Hilley et al. 2004).  
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Detailed mapping is possible with differential GPS devices, such as total stations. The importance of 
detailed mapping and surveying of damaged areas relative to general damage surveys cannot be 
overemphasized, as they provide the data for well-documented case histories that drive the 
development of many of the empirical procedures used in geotechnical engineering practice. Geologic 
maps, topographic maps, soil reports, and damage reports can be collected from various sources to 
help complete the picture of what happened and prepare for later support studies that allow the 
profession to discern why it happened. 
 
Field observations, detailed mapping and measurements, and remote sensing technologies provide 
diverse data at different spatial and temporal scales, yet together they offer opportunities to develop 
more comprehensive observations of damage. Additionally, the fusion of observations from different 
sources can lead to more comprehensive assessments of failure mechanisms. The data can also be 
integrated with other types of geospatial information, such as geologic maps, topographic maps, and 
Shakemaps of ground motion, to explore the relationships between damage and potentially important 
factors. This integration is facilitated by the fact that currently all damage observations, whether made 
in the field or via remote sensing techniques, are geo-referenced to standard cartographic projections 
using GPS. 
 
Existing techniques can also be better utilized in a coordinated manner to obtain quantitative data on 
ground failure and building performance after an extreme event. For example, using a modified 
version of the Coburn and Spence (1992) rapid survey of structural damage and the ground failure 
index presented in Bray and Stewart (2000), reliable damage data were obtained in the city of 
Adapazari after the 1999 Kocaeli, Turkey earthquake before damaged buildings were razed or 
repaired. These data (an example is shown in Fig. 3) proved to be invaluable for focusing later in-
depth studies. These data allowed investigators, such as described in Sancio et al. (2002), to correlate 
the occurrence of ground failure with particular ground conditions, as illustrated in Fig. 4. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 3. Structural Damage Index, which Ranges from D0 (no observed damage) to D5 (complete 
collapse of a story or building), and Ground Failure Index, which Ranges from GF0 (no observable 
ground failure) and GF3 (significant building penetration of more than 25 cm or 3 degrees tilt) on Line 
1 in Adapazari, Turkey (Bray and Stewart 2000) 
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Figure 4. Correlation of Ground Failure and Soil Type on Line 1 in Adapazari, Turkey. Soil Types 1 
and 3 contain liquefiable silt deposits, but Soil Type 4 does not (Sancio et al. 2002) 
 
 

5 ILLUSTRATIVE GEER RECONNAISSANCE EFFORTS 
 
5.1 1999 Kocaeli, Turkey Earthquake and Fine-Grained Soil Liquefaction 
 
Until recently, engineers relied upon the so-called Chinese criteria (i.e., Youd et al. 2001) to assess if 
fine-grained soils were potentially liquefiable. Using evidence of liquefaction of fine-grained soils from 
well-documented observations after earthquakes that occurred over the last 15 years, such as the 
1999 Kocaeli, Turkey earthquake, the liquefaction criteria of Bray and Sancio (2006) and Idriss and 
Boulanger (2008) have replaced the Chinese criteria. This work was possible largely as a result of 
observations made by GEER team members following recent earthquakes and research studies that 
followed from observations made during the initial reconnaissance efforts. 
 
The Bray and Sancio (2006) criteria for identifying soils that are potentially susceptible to liquefaction 
are based primarily on cyclic testing of “undisturbed” specimens of silts and clays from the city of 
Adapazari, Turkey. Research funding was provided for a comprehensive experimental program that 
included over 100 cyclic triaxial tests and 10 cyclic simple shear tests after field observations made 
following the 1999 Kocaeli earthquake could not be explained using the Chinese criteria (Bray et al. 
2004). Cyclic testing of a wide range of soils found to liquefy in Adapazari during the Kocaeli 
earthquake confirmed that these fine-grained soils were susceptible to liquefaction. Bray and Sancio 
(2006) found that it is not the amount of “clay-size” particles in the soil; rather, it is the amount and 
type of clay minerals in the soil that best indicate liquefaction. Thus, plasticity index (PI) is a better 
indicator of liquefaction susceptibility. Bray and Sancio (2006) found that soils with PI ≤ 12 and with 
water content to liquid limit ratios (wc/LL) ≥ 0.85 were susceptible to liquefaction when strongly shaken 
as evidenced by a dramatic loss of strength resulting from increased pore-water pressure.  
 
5.2 2010 Haiti Earthquake and Seismic Site Effects 
 
The 2010 Mw 7.0 Haiti earthquake represents one of the most devastating earthquakes in history in 
terms of human impact, with an estimated 200,000 or more deaths and millions left homeless. NSF 
supported a GEER team to investigate the influence of geotechnical conditions on the devastation in 
Haiti (Rathje et al. 2010). The team was able to take advantage of various remote sensing data 
sources during its reconnaissance, including high-resolution aerial photography and lidar acquired by 
the World Bank. They performed geologic and damage mapping, shear wave velocity profiling using 
the multi-channel analysis of surface waves (MASW) technique, and dynamic cone penetration tests 
(DCPT) at liquefaction sites.  
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The power of merging field data and observations from remote sensing was fully realized by the work 
done by the GEER team after the field reconnaissance. Damage data derived by UNOSAT 
(http://www.unitar.org/unosat/) from aerial photography was compared with the team’s field damage 
data for accuracy assessment, then integrated with geologic, topographic, and shear wave velocity 
information to evaluate the influence of these conditions on the damage distribution (Fig. 5). Complex, 
but clear, relationships between geologic/shear wave velocity conditions and topographic conditions 
were identified, which highlighted the important need to better understand these influences (Rathje et 
al. 2011).  
 
An outcome of this work is that the GEER team returned to Haiti in November 2010, under the support 
of the U.N. Development Programme, to share with the Haitian Ministry of Public Works the data 
collected and to give a two-day short course on geotechnical earthquake engineering. The short 
course was attended by over 50 engineers and geologists, and in a small way helped Haiti with its 
rebuilding efforts.  
  

 
Figure 5. Integration of geologic, topographic, and damage data for Port-au-Prince, Haiti (Rathje et al. 
2011) 
 
 
5.3 2010 Chile Earthquake and Earth Structure Performance 
 
The February 27, 2010 Maule, Chile earthquake (Mw = 8.8) is the seventh largest earthquake to occur 
since 1900. Its effects were felt along 600 km of the central Chilean coast. Field observations suggest 
that tectonic displacement of the hanging wall produced uplift of over 2 m in some coastal regions and 
subsidence of up to 1 m in others. The tsunami initiated by the rupture devastated parts of the coast 
and killed hundreds of people. Strong shaking lasted for over a minute in some areas, and widespread 
damage occurred in some cities. A large number of significant aftershocks contributed additional 
damage to an already fragile infrastructure. 
 
Post-event reconnaissance conducted by GEER documented soil liquefaction at many sites, as wellas 
the associated ground failure and lateral spreading (Bray and Frost 2010). Of special interest were the 
effects of liquefaction on the built environment. Several buildings were damaged significantly due to 
foundation movements resulting from liquefaction. Liquefaction-induced ground failure displaced and 
distorted waterfront structures, which adversely impacted the operation of some of Chile’s key port 
facilities. Critical lifeline structures, such as bridges, railroads, and road embankments, were damaged 
by ground shaking and ground failure. The damage to some sections of Ruta 5, the primary North-
South highway in Chile, was pervasive, which disrupted supply traffic following the event (Moehle and 
Frost 2012). 
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Most earth retention systems, such as retaining walls and basement walls, proved to be inherently 
robust and performed well during the earthquake. Landslides and other large earth movements were 
not pervasive, which appears to have resulted from native slopes that are generally composed of 
competent earth materials and the relatively low groundwater levels present at the end of the dry 
season. Most dams, levees, and mine tailings dams also performed well. Several key earth structures 
experienced some distress, and in one case a liquefaction-induced tailings dam failure produced a 
flow slide that killed four. Pre- and post-event satellite imagery of the tailings impoundment is shown in 
Fig. 6. 

 
Figure 6. Pre- and post-earthquake satellite images of failed tailings impoundment from the 2010 
Maule, Chile earthquake 
 
 
5.4 2011 Tohoku, Japan Earthquake and Cascading Events 
 
The 2011 Tohoku, Japan earthquake event is already shaping practice with the numerous ground 
motion recordings at sites throughout Japan for both the Mw=9.0 subduction event and its many 
aftershocks. U.S. GEER researchers partnered with Japanese researchers to conduct several focused 
surveys of damage (e.g., Ashford et al. 2011). Although Japanese researchers are carrying out the 
bulk of the research and will be sharing lessons to be learned over the next decade with the 
international community, several important Japan-U.S. research initiatives will also provide useful 
insights. For example, co-locating several CPTs with standard penetration test (SPTs) boreholes at 
liquefaction sites will enable the extensive Japanese database of borehole information with SPTs to be 
leveraged effectively to enhance CPT-based liquefaction triggering procedures. This research is 
critically important for examining the effects of duration from this large magnitude event. Detailed 
studies of seismic site response at liquefaction sites that recorded ground motions at the surface and 
within the profile will also provide useful insights. 
 
The Tohoku event was significant for a number of reasons, not the least of which was that it was the 
largest recorded and studied event in the modern era. The unprecedented amount of sensor 
information available (e.g. strong motion, and video recording) provided some of the most critical pre-
event baseline as well as post-event information about the earthquake and the subsequent tsunami. 
This baseline data is critical to allow meaningful interpretations of the damage patterns observed 
following an event beyond the high quality perishable data collected by GEER and similar teams. 
 
Another factor that contributes to the significance of the Tohoku event is that it clearly showed the 
importance of predicting and understanding the importance of cascading events. While a significant 
earthquake was the trigger in the Tohoku event, an equally significant tsunami followed by flooding 
and the failure of generators at the Fukushima Daiichi nuclear power plant led to uncontrolled release 
of radiation. This may be the most significant impact of the entire event with the most far reaching 
implications, not just for residents of the immediate area surrounding the facility but for the future of 
nuclear energy on a global scale.     
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5.5 2010-11 Canterbury, New Zealand Earthquakes and 2014 Christchurch Floods 
 
The Canterbury, New Zealand earthquake sequence during 2010-2011 has yielded the most 
comprehensive data to date of the integrated effects of multiple earthquakes and liquefaction 
episodes, including the locations and types of damage for underground lifelines in Christchurch, 
thousands of residential structures, and scores of commercial buildings. Field observations are 
complemented by high-resolution airborne lidar measurements of lateral and vertical surface 
movements for multiple earthquakes and hundreds of liquefaction surveys and geodetic 
measurements. A key finding from the reconnaissance efforts was the documentation that HDPE 
water mains sustained no damage when subjected to more than 2 m of ground movement (O’Rourke 
et al. 2012).  
 
GEER teams responded to this sequence of earthquakes (Green and Cubrinovski 2010; Cubrinovski 
et al. 2011). As is typically the case with earthquakes outside of the United States, this effort was a 
collaborative partnership between New Zealand and U.S. researchers. As there is more to learn from 
this extensive database of observations gathered and fieldwork performed (e.g., thousands of cone 
penetration tests (CPTs) have been advanced by the New Zealand government to characterize the 
ground), it is likely that several follow-on research studies will yield important findings that will advance 
the state-of-practice in geotechnical earthquake engineering. 
 
In many cases, cascading events are thought of those that happen within relatively short time periods 
following natural disasters. For example, a tsunami may follow an earthquake with minutes or hours. 
Likely, severe aftershocks following an earthquake may occur for a period of weeks or at most 
months. Less attention has been historically paid to follow-on or cascading events which may not 
occur for several years or more. In other cases, these follow-on events are considered multi-hazard 
effects as opposed to cascading events, both from an occurrence as well as consequence prediction 
perspective. In this context, floods which followed about 3 to 4 years after the Christchurch 
earthquakes represented a unique opportunity to evaluate whether there were in fact, important 
implications on the flooding and associated consequences that occurred in early 2014. In particular, 
given the significant earthquake-induced consequences of the 2010-2011 earthquake series including 
tectonic deformations, liquefaction-induced settlements and lateral spreading, as well as associated 
subsequent sedimentation of rivers and other waterways as nature sought to reach new equilibrium 
conditions following the earthquake, GEER deployed a team to record and evaluate the degree to 
which such the lingering effects of the earthquakes influenced the flooding impact (Allen et al. 2014).      
 
5.6 2012 Hurricane Sandy and Coastal Protection Systems 
 
Hurricane Sandy was unprecedented in scale and impact on the Northeast region of the United States 
and in particular for a large number of coastal communities along the New Jersey and New York 
coasts. The storm brought focused attention to the potential consequences of climate change and 
exposed the fragility of our modern urban infrastructure to this phenomenon. It specifically highlighted 
the vulnerability of many of our infrastructure systems to a new norm for extreme events, both in terms 
of their location and magnitude. The storm produced severe coastal damage, as well as major flooding 
in areas susceptible to coastal inundation. Critical subsurface infrastructure experienced flood levels 
well beyond their design criteria. A GEER team deployed after the event documented significant 
information over a wide area to ensure that critical observations of perishable information were 
captured within the context of the characteristics of the event. The resulting disruption to everyday 
business, education, transportation and logistics, amongst other factors, was both unexpected and at 
the same time, an exceptional reminder of what happens when humankind challenges nature.   
 
As the world begins to grasp and prepare for similar events resulting from further climate change, this 
event will serve as an exceptional reminder, as well as case history, with implications for engineering, 
policy and socio-economic sciences. The consequences of this event are already propagating through 
engineering, science and legislative corridors as the importance of enhancing the resiliency of our 
infrastructure to both withstand, as well as rapidly recover from, such an extreme natural event is 
being appreciated. Various approaches are now being discussed and evaluated. Engineers, 
architects, planners and developers are exploring the merits of both short-term enhancements to 
fortify existing infrastructure systems as well as long term approaches to build more resilient 
infrastructure. 
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5.7 2014 Oso, Washington Landslide and Large Debris Flows 
 
The Oso, Washington landslide killed 43 people and injured dozens more when it flowed rapidly 
across the valley floor and the neighborhood of Steelhead Haven on the morning of 22 March 2014 
(Keaton et al. 2014). The landslide completely destroyed the Steelhead Haven neighborhood, as well 
as several adjacent homes. Approximately 600 m of Washington State Highway 530 was buried under 
up to 6 m of debris, which closed this major transportation route for over 2 months. The landslide 
caused significant economic losses of more than $50 million. The overall size of the Oso Landslide 
was approximately 7.6 million cubic meters. It was the deadliest landslide in U.S. history. Due to the 
many lives lost and the long run-out distance of the debris flow (i.e., > 1 km), GEER mobilized a team 
to document perishable data so that insights could be developed (Keaton et al. 2014).   
 
A post-event aerial image of the Oso landslide is shown in Fig. 7. Additionally, Fig. 7 displays an 
elevation difference map using data from lidar surveys performed before and after the Oso landslide. 
Topography before and after the Oso landslide were captured in a series of high-resolution airborne 
lidar surveys taken before the 2006 landslide, in 2013, and after the 2014 Oso landslide (Keaton et al. 
2014). Analysis of these lidar data sets allows for high resolution mapping of the landslide source area 
and depositional zones. These data are invaluable for documenting the characteristics of the large 
landslide/debris flow. Additionally, the lidar surveys clearly show similar types of large prehistoric 
debris flows that traveled across the valley floor. Thus, the lidar surveys help set the context for 
determining the uniqueness of the Oso landslide and for characterizing the landslide hazard of the 
slopes along the North Fork of the Stillaguamish River within the valley.  
 
The Oso landslide initiated within an approximately 200-m-high hillslope comprised of unconsolidated 
glacial and colluvial (i.e., previous landslide) deposits (Keaton et al. 2014). The slope had slid several 
times since the 1930’s and is also the site of an ancient landslide. The most recent prior activity took 
place in 2006, when a smaller landslide moved across the North Fork Stillaguamish River. The 2006 
landslide traveled over 100 m, but came to rest before reaching Steelhead Haven. However, the 22 
March 2014 Oso landslide transitioned to a catastrophic debris flow that traveled more than a 
kilometer across the valley floor and buried Steelhead Haven. Although it occurred on a clear, sunny 
day, the landslide occurred soon after a three-week period that was marked by unusually high levels 
of rainfall. Rain and stream gauges in the vicinity and NEXRAD Doppler weather radar data made it 
possible to estimate the amount of antecedent rainfall that occurred before the landslide (Keaton et al. 
2014). Such data are invaluable for identifying the causative mechanism of the landslide. Additional 
investigations are underway, including geologic studies and geotechnical subsurface investigations, to 
help researchers understand the initiation mechanism of the landslide and as importantly, the reasons 
why this time it flowed across the valley floor. The GEER report is an invaluable resource in ongoing 
studies to discern the cause of the Oso landslide. 
 
 

 
 
Figure 7. Aerial image of Oso, Washington landslide and elevation differences based on pre- and 
post-event lidar surveys (courtesy of the Washington Dept. of Transportation and Keaton et al. 2014) 
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6 CONCLUSION 
 
Understanding and knowledge can be advanced through the documentation of the effects of extreme 
events. Recent GEER post-event reports illustrate what effective post-event geotechnical engineering 
reconnaissance can accomplish. These efforts succeeded in large part because of the value that 
geotechnical engineers place on learning from disasters and on developing well-documented case 
histories that form the cornerstone of understanding for the geotechnical engineering profession. The 
death and destruction resulting from recent events emphasize society’s need to improve its resilience. 
Unfortunately, extreme events will happen. It would be unfortunate if the geotechnical engineering 
profession did not capture the perishable data that enables it to understand which design procedures 
result in good performance and which procedures still need improvement. With this enhanced 
understanding and with robust empirical data, researchers can advance the practice of geotechnical 
engineering. The formation of GEER and the willing participation of geotechnical engineers have 
allowed this goal to be realized for the benefit of the profession and society. 
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Predicting the mechanical behaviour of structured soils 
 

John P. Carter 
 

Emeritus Professor, The University of Newcastle, Australia 
 

Many naturally occurring sedimentary soils and most residual soil deposits are known to 
possess some form of structure, which enables them to behave differently from the same 
material in a reconstituted state whenever subjected to mechanical loading.  An important 
feature of the mechanical behaviour of structured soils is the occurrence of a destructuring 
phase associated with loading, during which the initial soil structure may be partially or 
completely lost.  In extreme cases, the mechanical response of such soils may change from 
rock-like to soil-like behaviour.  In particular, at some point during the loading of many of 
these soils a small change in the stress-state may cause very large strains.  Therefore, 
significant inaccuracies in predictions can arise if the influence of soil structure is not 
considered.  Indeed, under some circumstances the initial structural features of the soil may 
in fact dominate the subsequent engineering behaviour. 

The key to obtaining accurate predictions of the mechanical response of such soils is the 
development and application of reliable stress-strain (or constitutive) models for these 
materials, and the incorporation of these models in numerical procedures used to solve the 
appropriate boundary value problems. 

In this lecture, key elements of the behaviour of structured soils will be reviewed briefly and a 
class of constitutive models suitable to describe the complex behaviour of such materials will 
be described.  Application of these models to the prediction of the bearing response of 
structured soils will also be described, allowing quantification of the influence of initial soil 
structure on the response of footings.  Identification of the key engineering properties having 
the most influence on this response will be conducted, and ways in which such parameters 
may be measured in practice will be discussed. 



GEOTECHNICAL ISSUES IN DISPLACEMENT BASED DESIGN OF HIGHWAY BRIDGES 
AND WALLS 
 
John Wood 
Consulting Civil Engineer, New Zealand 
NZGS Geomechanics Lecture Award Recipient 
 
 
There is a growing emphasis on displacement based earthquake design for buildings, walls 
and bridge structures. The next edition of Section 5 (Earthquake Resistance Design of 
Structures) of the Bridge Manual, expected to be published in late 2014, will indicate that 
Displacement Based Design (DBD) is the preferred design method 
for highway structures. 
 
For bridges and major wall structures, the damping and deformations within the foundation 
system have a major impact on the displacement response. In the past, the geotechnical 
input for the design of structures has focused on investigating and defining the soil strength 
parameters. For DBD there is now a need to investigate and assess soil stiffness as well as 
strength and to focus on soil-structure interaction analysis. 
 
The shortcomings in the current site investigation methods of assessing soil stiffness and 
damping parameters for DBD will be discussed and the effects of the uncertainty in these 
inputs on the structural response in earthquakes will be illustrated by examples from the 
presenter’s recent design and assessment experience. 
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ABSTRACT 
Sydney Ports Corporation completed in 2013 the construction of the new Bulk Liquids Berth (BLB2) at 
Port Botany, NSW. (The BLB2 LP was transferred to NSW Ports on 1 June 2013 as part of the 99 
year lease for Port Botany and Port Kembla). The berth construction included the installation of 136 
large diameter driven piles adjacent to an underground Liquid Petroleum storage facility. The 
underground facility comprises four large caverns excavated into the Hawkesbury Sandstone bedrock 
130 metres below surface level.  To ensure the long term integrity of the storage cavern strict vibration 
limits were set as part of the conditions of approval for the BLB2 piling operations. Dynamic analysis 
using Plaxis 2D was undertaken, indicating that the proposed piling was feasible within vibration limits. 
A pile vibration management plan was developed in conjunction with all stakeholders, and a 
monitoring system installed. The piles were driven to target depths using both vibrating and impact 
hammer. Piling was staged with the furthest piles from the cavern being driven first, with works 
proceeding towards the cavern so that construction methodologies could be adjusted if the vibration 
limits were being approached. Vibration monitoring confirmed that the vibration limit criteria applied to 
the LP storage cavern were not exceeded by the piling, and that the vibration levels recorded were of 
the same order of magnitude as predicted in the analysis.   
 
Keywords: LP, cavern, piling, vibration, seismic monitoring 
 

1. INTRODUCTION 
 
The original Bulk Liquids Berth (BLB1) has been in operations at Port Botany since 1979. This berth 
has been occupied on average between 50-60% of the time for the past ten years and more recently 
has experienced average berth occupancy levels in excess of 70%. The main products handled at the 
BLB are refined fuels, gases and chemicals / other bulk liquids.  Planning approval to develop a 
second Bulk Liquids Berth (BLB2) at Port Botany was received from the Department of Planning in 
March 2008. On 31 May 2011, John Holland Pty Ltd was engaged to construct the BLB2. The berth 
became operational in December 2013. (NSW Ports, 2014) 
 
Since the construction of the original BLB1 in 1979 a  large underground liquid petroleum storage 
facility was built and after four years of construction, commissioned in 2000.The LP underground 
storage facility is owned and operated by Elgas Limited, and is adjacent to the supply terminal in Port 
Botany.  The facility is notable in that it is the largest liquid petroleum gas storage facility in Australia 
and that it comprises large underground caverns excavated into bedrock.  The facility consists of four 
largecaverns referred to as galleries in Hawkesbury Sandstone 130 metres below ground, with each 
gallery drilled and blasted to measure 230 m long, 11 m high and 14 m wide. The caverns 
containment of the LP product is based on the hydrodynamic containment principal in that a positive 
hydraulic gradient of water directed at each cavern will prevent the stored hydrocarbon products from 
migrating away (Goodall, Aberg, & Brekke, 1988) (King, 1999).  
 
During design phases for the new BLB2 challenges regarding peak ground accelerations caused by 
construction activities, and primarily piling, were identified by Elgas.as being a potential risk to the 
existing caverns. Sydney Ports were advised by Elgas that the LP cavern and its operations were 
sensitive to ground vibrations, and that a maximum Peak Particle Velocity (PPV) limit of 1 mm/sec at 
the cavern level, with a “never to exceed” PPV of 3 mm/sec was set. Consequently dynamic modelling 
of pile driving vibrations to be expected by the construction of BLB2 were carried out, followed by the 
installation of a vibration monitoring system and live monitoring during construction..  Note the 

vibration limits were set by Elgas’ design advisors who are european based and are commensurate 
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with the highest level (i.e. strictest guideline limit) per Table 1 in DIN 4150 (German Institute for 
Standardization, 1999).   
The design for BLB2 comprises a main wharf, mooring dolphins and various ancillary structures 
supported by 136 large diameter driven hollow steel tube piles. The contract levels for the piles were 
mainly in very dense sands,  with some piles socketed into bedrock. 
 

2. PILE VIBRATION ANALYSIS 

2.1   Geological Model 

A geological model of the site was developed using previously drilled deep, as well as new shallow 
investigation boreholes that had been undertaken as part of the ground investigations for the new 
BLB2 facility. The geology underlying the site can be characterised as boulder fill material, overlaying 
reclaimed land of dredged sands, over Botany Sand deposits comprising medium dense silty sand 
and stiff to very stiff sandy clay.  These units unconformably overlie the bedrock, with weathered rock 
horizons either thin or absent above largely fresh, high strength Hawkesbury Sandstone. A 10 m thick 
shale bed is present within the sandstone at approximately 90 m depth, some 30 m above the cavern 
crown.  Refer Figure 1 for conceptual arrangement of the piling relative to the cavern. 
 

 
Figure 1. Schematic Cross Section showing geological setting, piling location proximity to Sydney LP 
cavern and the downhole geophone. 

2.2   Plaxis Modelling  

Associated analysis involved dynamic analysis of the piling to ascertain if it was feasible to install the 
piles using conventional techniques in the design locations, staying within the nominated vibration 
limits. A Plaxis model was adopted that employed an axially symmetric model with a single vertical pile 
situated at the axis of symmetry, details of the Plaxis input parameters and modelling undertaken are 
the subject of a companion paper (Kotze & Hull, 2015).  

The maximum PPV calculated for the cavern point of interest is 0.2 mm/s using the hydraulic hammer 
HHK-16S. These results represent the expected increase in impact force with pile penetration 
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approaching and contacting bedrock, whilst also negotiating the expected geological conditions. 
These results were considered to be the most representative of the proposed BLB2 pile driving. 

 
3. PILE VIBRATION MANAGEMENT PLAN 

Notwithstanding the results of the computer modelling, as a risk mitigation measure for the 
construction of BLB2, a Pile Vibration Management Plan (PVMP) was implemented.  One of the 
principal requirements of the PVMP was to install and, during construction activities, maintain a Pile 
Vibration Monitoring System (PVMS) to allow nominated stakeholder representatives access to real 
time information for the timely reporting of data during piling activities. The piling contractor was also 
required to have provision for an alternative “minimum vibration” pile installation method in case of 
adverse monitoring results. 

 

Figure 2. Pile Vibration Management Plan detailing, actions and outcomes to manage vibration limits 
during construction piling.  

The PVMP set out guidelines to be used to direct the pile installation method at each pile location; 
defined peak particle velocity threshold limits; and nominated outcomes should these values be 
reached. The nominated limiting values were an “attenuation limit” of 1 mm/sec at the cavern level, 
and a “never to exceed” value of 3 mm/sec.  In summary the PVMP set out the following 
requirements:  

 In the event that monitoring of the piling demonstrated that vibration threshold limits 
are not exceeded then pile installation proceeded using the preferred piling installation 
procedure subject to continuing acceptable PPV readings; 

 If the attenuation limit of 1 mm/sec were exceeded in an isolated reading that should 
not be interpreted as a signal to change the installation method;  
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 If vibrations detected exceeded the attenuation level of 1 mm/sec but did not exceed 
2.5 mm/sec, the pile installation continued and any direction by the Principals 
Representative to change the installation method depended upon the distribution of 
the recorded readings above the attenuation level; 

 In the event that vibration levels exceeded 2.5 mm/sec all pile installations would have 
ceased immediately, and the direction to change piling methodology to the minimum 
vibration method would follow.  

The magnitude of transmitted vibration is considered to be inversely proportional to the square of the 
distance therefore it was anticipated that piling within areas of broadly similar distance would result in 
the transmission of similar vibration levels. As such the site was divided into pile installation zones 
based upon the distance of the pile from the nearest point on the cavern.  

The initial piling set up location was nominated to be at the furthest point from the cavern with the 
piling contractor to employ their nominated preferred method for installation. Depending on the 
monitored PPV readings of the transmitted vibration the pile was to be installed to its full design depth. 
Following the successful completion of the first pile, a pile at a median distance to the cavern was 
nominated for installation.  Once these two piles were successfully completed the contractor could 
undertake the piling in their preferred order. During piling closest to the cavern it was required to have 
a designated person on-site actively monitoring the PVMS and correlating the timing of the piling 
activities and the vibrations recorded to ensure no breaches of the PVMP.   
 

4. PILE VIBRATION MONITORING 
The Pile Vibration Monitoring System (PVMS) was developed to measure the vibrations at locations 
between the cavern and the pile by the use of geophones.  Given the LP facility is continuously filled 
with gas and is not accessible at any time, no new geophones can be installed within the caverns.  
Geophones installed at the ground surface or seabed would not be representative of the vibrations 
occurring between the piling located offshore in Botany Bay some 30m below sea level, and the 
cavern at around 130m depth.  Geophones were needed to be installed between the piling tip and the 
cavern as described. 

Four locations were chosen on the seaward side of the caverns to install geophones in boreholes at 
130m depth below sea level.  A fifth geophone was installed on the opposite side of the cavern to 
observe attenuation across the caverns. The distance horizontally between the closest pile and the 
sidewall of the cavern was 72m. Since geophones would not be located at the cavern itself, two of the 
seaward geophones were installed in locations that were at cavern level (i.e. at 130m depth) and were 
exactly 72m from the nearest pile location. These two geophones, when piling at the closest point, 
would record the equivalent level of vibration as that experienced at the cavern. 

 
4.1 Installation of pile vibration monitoring system 
 
In May 2011 five boreholes advanced through reclaimed-land fill, Botany Bay deposits and into 
Hawkesbury Sandstone. Due to the proximity of the borehole to the Elgas LP gas storage facility 
drilling was undertaken by specialist gas well accredited drillers utilising appropriate safety equipment, 
including a Blow Out Preventer (BOP) comprising a valve and flare line at the surface and steel casing 
grouted into competent bedrock. 
 
Downhole survey of all the boreholes was undertaken using a digital gyro survey system to ensure 
that the boreholes did not deviate towards the cavern and that the geophones were installed at the 
nominated location. Inclinometer casing was installed to the base of each of the boreholes with a 
survey of the inclinometer twist undertaken.  In each borehole a geophone (and a backup) was 
installed on guides made to fit the grooves of the inclinometer casing.  With the downhole survey and 
the inclinometer twist survey a true location and orientation of the geophone was provided.   
 
Once the geophone was at full depth down the hole and had been tested, it was grouted into place via 
a tremmie tube, with the grout allowed to flow into the annulus around the inclinometer case through 
large perforations that had been predrilled though the inclinometer casing. Near the collar of each 
borehole, surface infrastructure for the geophone was established, comprising a footing with a 
weatherproof housing containing a seismic recorder and a 3G wireless modem powered by 
rechargeable batteries and solar panels.  
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The installed system continuously records data locally, but in order to manage and review important 
data a trigger system was implemented.  Email alerts were sent out when predetermined threshold 
values or ratios of Short Term Average over Long Term Average (STA/LTA) were reached. Figure 3 
details Pile Vibration Monitoring, interface between the installed downhole geophones, seismic 
recorders, software interface and stakeholders.  
 

 
Figure 3. Pile Vibration Monitoring System: showing the interface between installed equipment, 
software and the various stakeholder parties. 
 
4.2 Background monitoring phase 
 
Following the commissioning of the PVMS and prior to commencement of piling approximately four 
months of background data was monitored.  This period was intended to provide data on the 
background “noise” at the site and ensure no false positives occured during the actual piling 
installation. The general ambient background vibrations were between 0.0001 to 0.0006 mm/sec, 
punctuated by events that were attributed to surface events, geoseismicity or vibrations associated 
with adjoining site activities. 
 
Of interest was that the system could often detect the berthing of ships at BLB1 as well as the jostling 
of vessels on the BLB1 moorings when there were strong prevailing northwesterly winds.  A minor 
geoseismic event was recorded on 8 August 2011 at around 22.34 EST with the epicentre located 
approximately 1 km west of Port Botany, and an earthquake magnitude (ML) of around 1.3. This was 
also confirmed by an external third party seismic network.  The maximum PPV recorded for the 
geosiesmic event was 0.011 mm/sec.  At the commencement of site activities, but prior to piling, some 
jet grouting was undertaken for some temporary works. The geophone in the vicinity of the contractor 
facilities recorded events in the order 0.008 to 0.012 mm/sec, with 0.012 mm/sec being the maximum 
vibration recorded prior to piling commencement. 
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4.3 Pile installation and Construction monitoring phase 
 
Pile driving commenced at BLB2 in November 2011. Piling was undertaken from a flexi float barge 
positioned in the water using anchors. Pile driving was managed using a 250 tonne crane with a 56 m 
boom. The crane was used to position the pile into the piling leader after which the gates of the leader 
closed around the pile. The crane then lifted a 14 tonne ICE (International Construction Equiment) 
vibrating hammer onto the top of the pile and engaged the jaws of the hammer on to the top of the pile 
with the crane taking the load of both the hammer and pile. The pile was initially driven using the 
vibratory hammer until first refusal of the pile. Piling was then completed using a Juntan 9 tonne 
impact hammer to drive the pile to the required contract level. See Figure 4 for a typical piling set up at 
the BLB2 site.   
 

 
Figure 4. Poseidon flexi-float barge and 250 tonne crane, with pile in the leader using the 14 tonne 
ICE vibrating hammer to drive a raked pile.  

 
In accordance with the PVMP, early in the project an “Intensive Pile Vibration Monitoring” period 
applied to certain key locations. These areas were subject to piling sequentially and were used to 
develop an understanding of what piling activities were taking place and the associated PPVs. In 
particular correlation of time, type of piling equipment, toe RL at start and end of piling, pile blow 
counts, range and maximum PPV’s recorded and which geophone recorded the maximum ppv were 
required to make an assessment of the data. All remaining production piling locations, not nominated 
for “Intensive Pile Vibration Monitoring”, were monitored remotely. Monitoring reports were provided 
weekly to the nominated stakeholders.  
 
4.4 Observations during piling 
 
In most cases the drop or impact hammer recorded higher PPV’s than the vibrating hammer for the 
same pile. During piling for each piling episode when the hammer drop height was increased it was 
possible to see an increase in the value of the PPV. When the hammer drops there is the initial impact 
of the pile followed by a secondary bounce.  This “hammer bouncing” trace could also be observed in 
the recorded PPV’s. See Figure 5 for characteristic wave forms for the Juntan 9 tonne impact hammer 
and Figure 6 for 14 tonne ICE vibrating hammer. 
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Figure 5. Characteristic wave form for Juntan 9 tonne impact hammer, which clearly shows impulses 
generated by the primary impact of the hammer and a secondary “hammer bouncing” trace (the X axis 
time and Y axis PPV value). 
 
The recorded pile vibrations were consistent with what was expected across the site with no apparent 
variation or amplification caused by an unidentified potential geological feature.  For example the 
attenuation over distance was well demonstrated by the piling for the road bridge structure. Piling for 
this long linear structure moved progressively past the monitoring points, with the maximum vibrations 
progressively moving down the line of geophones. 
 

 
Figure 6. Characteristic wave form for the 14 tonne ICE vibrating hammer, (the X axis time and Y axis 
PPV value). 
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A total of 136 piles were driven for the construction of the BLB2 project between 29 November 2011 
and 26 April 2012. The vibrations at cavern level were recorded by the PVMS for each pile driven, and 
a maximum PPV for that pile reported. The highest PPV recorded during piling was 0.124 mm/sec 
whilst using the Juntan 9 tonne impact hammer to drive the pile to contract level for the mooring 
dolphin closest to the cavern.  
 
During the construction and phase there were no verified incidences of an exceedance of the vibration 
limits. There were occasional spikes which did trigger the alerts system, however following an 
assessment of the wave forms it was quickly determined that these were not vibration waveforms but 
electrical interference. As no vibration limits were exceeded the piling contractor was able to install all 
piles with its preferred piling methodology and there were no resultant delays in the piling program.  
 

5. CONCLUSION 
 
The associated Plaxis 2D analysis modelling predicted the piling would generate a maximum PPV of 
0.2 mm/sec during hard driving at the closest point to the cavern (Kotze & Hull, 2015).  The rigorous 
monitoring system and processes put in place on this project saw a maximum observed PPV during 
construction piling of 0.124 mm/sec whilst pile driving at the closest location to the cavern.  The 
prediction and the observations are very similar and demonstrate that with the development of an 
accurate geological model, appropriate input parameters and sensible modelling it was possible, in 
this case, to closely predict what occurred in reality.  
 
Whilst the vibration limit set was low, the project with normal piling procedures was deemed feasible 
based on the modelled predictions.  The project was completed with all stakeholders satisfied that the 
nominated vibration limits had not been breached by the piling activities at any time.  The PVMS was 
not only effective in detecting construction phase vibration it was also clearly able to distinguish 
between hammer types, and even detect local seismic events.  
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ABSTRACT 
 
Explorations of the ground for geotechnical purposes entail a risk of striking buried services.  Without 
mitigation the risk of striking a buried service is greater especially in urban areas where the number of 
buried services is increasing plus a larger proportion of exploration is undertaken and value of those 
buried services is higher.  Consequently the ground investigation industry needs to minimise those 
risks.  This paper discusses a series of approaches for dealing with buried services and presents a 
protocol to eliminate, isolate or manage the risk. All good investigation practitioners will obtain the 
latest plans of utility networks but non-intrusive methods to clear services and use of a service locator 
specialist are also wise approaches. In the end however, the ground has to be penetrated and good 
practice has evolved to undertake some gentle initial probing of the upper layers before commencing 
the main exploratory effort, especially in the congested streetscape of the modern city.  The paper 
discusses the merits of various probing techniques but the authors have found some form of hydro-
excavation to be particularly effective. An alternative philosophy to utilities avoidance is positive 
identification, which can yield wider engineering and economic benefits as illustrated by examples. For 
major infrastructure investigations in the Auckland Central Business District, the authors present their 
experience of development of the advance excavation technique into the formation of a Ground 
Access Portal (GAP) that consists of a vertical void held open by a polythene tube through which 
follow-on drilling can take place. 
 
Keywords: buried services, ground investigations, striking, risk, utilities, eliminate, isolate, minimise, 
manage, excavation. 
 
 
1 INTRODUCTION 
 
One of the key risks related to undertaking intrusive ground investigations especially in the urban 
environment is the striking of buried services. The effect of striking a buried service can be major as it 
can result in loss of business for the surrounding business that can equivalent to hundreds or millions 
of dollars of lost revenue. This paper provides an outline of the following: 
 

 Risks of undertaking intrusive ground investigation is today’s environment 
 A protocol to manage the risk of striking buried services 
 The procedure for the identification and location of buried services 
 Assessment of excavation techniques 
 Observation on legal and management aspects 

 
A case study is presented of a technique that was developed for a major project in central Auckland 
where the risk of encountering buried services was extremely high.  
 
2 RISK OF STRIKING BURIED SERVICES 
 
If a buried service is severed or otherwise disrupted by exploration activity there is the loss of service 
provision and the requirement to reinstate that provision. Both of these come at a cost; the loss of the 
value of that service to connected users and the effort required to be spent in order to reconnect the 
service. 
 
In addition to these straightforward costs, striking of buried services brings additional risks, particularly 
from health and safety aspects, as indicated by Table 1. A search through the internet will reveal some 
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spectacular examples of what can go wrong from such an incident, e.g. the opening up of sinkholes, 
evacuation from flood or catastrophic fire and explosion. Closer to home there are examples of costly 
contamination clean-ups, death and serious injury. 
 
Table 1: Increasing risks from striking buried services 

Utility Key Risks1 Recent Trends and exacerbating factors 
   
Fresh water supply  Flood 

 Subsidence 
 May be under high pressure – flood may be swift.  
 Marked head losses may affect wide area 
 Use of plastic pipes – may be easier to cut 
 Some installation by trenchless methods 

Stormwater  Flood 
 Subsidence 
 Contamination 

 Some installation by trenchless methods.  

Sewerage  Flood 
 Subsidence 
 Contamination 
 Health hazard 
 Methane (as gas) 

 Some installation by trenchless methods.  
 Leakage may cover wide area 
 Clean up costly 

Electricity  Electrocution 
 Power cuts & surges 
 Fire 

 Undergrounding 
 Multiple service providers 

Lighting  Compromise safety  Widespread and shallow 
Gas  Toxic 

 Explosion 
 Use of plastic pipes – may be easier to cut 
 Some installation by trenchless methods 
 May be under high pressure – can be catastrophic 

Fuels  Toxic 
 Explosion 
 Contamination 

 Clean-up costs very high 

Communications  Business disruption 
 Dramatic downstream 

losses  

 Traditional telephone wires giving way to buried 
copper cables 

 Fibreoptic cables becoming the new norm 
 Lack of signature to detect fibreoptics 
 Some installation by trenchless methods 
 Extremely delicate – not always in ducts 
 Installed by a plethora of parties 

Note: 1 In addition to the standard risks of loss of service provision and requirement to reinstate after severance 

 
3 INCREASING RISKS FROM RECENT TRENDS 
 
As society develops, the value of the loss of these services is increasing substantially (Table 1). 
Whereas in the past there may have been a level of acceptance of such disruption, increasing 
recognition of responsibilities and rights translates to a higher potential loss to anyone deemed 
responsible for having caused such a disruption. 
 
As time goes on more services are being buried underground. There is a trend away from unsightly 
cables being suspended from poles and pylons. New services are being added to the mix, most 
importantly communication lines. Furthermore the era of single public entities being responsible for 
each major type of service is giving way to multiple organisations offering alternative supplies. 
 
Even when an organisation owns a service, it may well have been installed by a third party contractor 
and today the asset owner may have subcontracted the management of the asset to another 
organisation. 
 
The plethora of entities responsible for installation, maintenance and management carries the risk of 
lack of clarity of who knows what is where. 
 
More advanced materials are being used to form utilities and new methods of installation are adding to 
these risks. For example metal pipes are replaced with plastic and copper cables with fibre optic. The 
new materials are harder to locate but easier to damage. Whereas traditionally utilities were buried in 
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backfilled trenches, nowadays a number are being installed by directional drilling with minimal surface 
expression. 
 
As a consequence of these trends geotechnical practitioners need to be highly vigilant, well organised 
and thorough to reduce these risks when scoping, managing and conducting exploration programmes. 
 
4 PHILOSOPHY OF RISK MITIGATION 
 
Risk mitigation is the understanding of what the actual risk is and what the factors are that what drive 
it. The key things that drive risk in terms of buried services are: 

 What environment is the work being undertaken in – green field verses urban 
 Is the location in the public or private section 
 What information is available e.g. as-built drawings 
 If records are available, are the accuracy/correct 

 
Each of those drivers directly control the risk of encountering a buried service during a geotechnical 
investigation and they can only be controlled by risk mitigation. The practice of controlling risk is by 
controlling the hazard which is done by the hierarchy of elimination, isolation and minimisation, as 
legislated in the Health & Safety Act (New Zealand Government, 1992).  As illustrated by Table 3, the 
priority approach is to see if it is possible to eliminate the hazard by using an alternative approach.  
With buried services, the first step up from trusting in blind luck is to adopt a hazard minimisation 
strategy.  Due to the risks and the lack of reliability of records, it is strongly recommended that the best 
approach is to isolate the hazards – either explore in locations that have been proven not to have 
services there or to positively identify buried services and explore at a distance. 
 
Table 3: Application of hierarchy of hazard control to locations of buried services 
Control Example 
Eliminate  Make use of published records or borehole logs from previous projects 

 Use non-intrusive methods to obtain information – geological mapping, 
remote sensing, geophysics 

Isolate  Positively identify the locations of buried services on site 
 Physically clear an exploratory hole position of any services 

Minimise  Find out what services should be in the vicinity 
 Select exploratory locations away from services on plan 
 Adopt an offset from service 

 
5 PROTOCOL TO MANAGE THE RISK 
 
Following the above philosophy, we have developed a protocol to manage the risk of striking buried 
services, which is presented in summary as a flow diagram in Figure 1. 
 
The first stage is to undertake a study to assess the risk of encountering buried services. The extent of 
this study will depend on whether the investigation is being undertaken within public property or in 
private property, since there may be a difference in rigour in recording the presence of buried services 
depending on whether the site is in the public domain or not.  Utility plans need to be sought in either 
case.   
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Figure 1. Summary protocol for services avoidance in advance of exploration work 
 
To minimise the likelihood of striking a buried service a combination of identifying if a buried service is 
in close proximity of the investigation location and either physically locating it or working within a void 
that has been cleared to a depth greater than that of the service is required.  
 
6 LOCATION OF BURIED SERVICES 
 
The locating of the actual positions of buried services consists of two main stages: obtaining and 
reviewing as-built information and physically locating the positions of the buried services on-site.  
 
6.1 Obtaining and Reviewing As-built Information 
 
Obtaining as-built information from utility providers is undertaken in two ways, either by contracting 
them and requesting the information or by gaining access to their Geographic Information System 
(GIS). In New Zealand, the requests to the individual utility provider is undertaken using a single on-
line tool called ‘Before U Dig’, which automatically contacts each of the registered asset owners on 
your behalf requesting the information for the area of interest. The information is then provided either 
via e-mail or mail directly by the Asset owner in the form of either specific plans or instructions on how 
to obtain the information e.g. GIS viewer.  
 
If an asset owner has a GIS portal that contains as-built information access if normally gained directly 
via the internet or an external portal. The GIS interface allows the requestor to locate their area of 
interest on an aerial photograph and to see what buried services are located at or around the 
proposed investigation site. A number of the GIS systems also allow additional information on the 
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buried services to be obtained e.g. diameter of a pipe, material type, purpose of the asset, as well, as 
allowing plans to be printed that can be taken into the field. 
 
Once the as-built information has been obtained, a desktop review of the information needs to be 
undertaken to determine if a specific investigation location is in close proximity to the location of a 
known buried service. In the situation that it is identified that no services are present, there is still a risk 
that an unknown service may be present and precaution needs to be taken as any service that is 
strike could result in either serious harm or death. 
 
6.2 Physically Locating Buried Services 
 
When it is determined that services are in close proximity to the investigation location, the next step in 
the process is to get the asset owner to mark out the locations of their assets on the ground surface. 
This normally consists of the asset locations being physically marked on the surface using paint to 
indicate the proximity centre of the asset plus or minus a margin of error. The marking out of the 
services can be either undertaken by the asset owner, a specialist underground service locator or 
using Ground Penetrating Rader (GPR). Once the physical location of the buried service has been 
determined, the excavation method for either the locating or clearing the service can be determined. 
The method of excavation is dependent on several different elements, which are: 
 

 The type of geotechnical investigation work scheduled to be undertaken 
 The type of surface cover e.g. grass, sealed pavement 
 Available workspace 
 Density of buried services 

 
The three common excavation techniques that are used for geotechnical site investigation work are 
outlined below. 
 
6.2.1 Hand Excavation 
Hand excavation is the use of hand tool i.e. shovel, hand auger to form a small excavation that 
extends to below the depth that services are likely not to be present i.e. 1.5m. The excavation is then 
normally used as the void that the investigation work is undertaken within. 
 
6.2.2 Mechanical Excavation 
 
Mechanical excavation is the use of mechanical equipment e.g. hydraulic excavators to form an 
excavation/trench to either clear or locate the position of buried services. Due to the nature of the 
investigations that are to be undertaken, either a single trench or multiple trenches need to be 
undertaken to allow for buried services to be located. Either a single trench can be used to clear 
services or multiple trenches can be used to identify a safe area clear of services to undertake 
investigations. 
 
Multiple trenches in a ‘L’ shaped configuration can be used to clear services and the actual 
investigation in this situation can be undertaken from the ground surface as the investigation position 
can be located within the area within the zone between the two trenches. 
 
6.2.3 Hydro Excavation 
 
Hydro-excavation is a non-mechanical, relatively non-destructive excavation technique that uses 
pressurised water and an industrial strength vacuum to simultaneously excavate and evacuate soil. 
The technique uses a high pressure water blaster to break up the underlying compacted soil into loose 
materials that along with the water can be removed using a powerful truck mounted vacuum system. 
 
7 ASSESSMENT OF EXCAVATION TECHNIQUES 
 
Table 4 below compares different aspects of the excavation techniques and indicates their advantages 
and disadvantages. 
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Table 4: Comparison of Excavation Techniques 
 Hand Excavation Mechanical 

Excavation 
Hydro Excavation 

Investigation Type  Boreholes 
 CPTs 

 Boreholes 
 Test Pits 
 CPTs 

 Boreholes 
 Test Pit 
 CPTs 

Advantages  Small Excavation    Minimal damage to 
services 

 Speed 
 Variable size 

Disadvantages  Limited type of 
investigation 

 Excavation size  Not suitable for 
contamination 
investgiations 

Risk  Damage to 
services due to 
wrong type of 
auger used 

 Damage to 
services by the 
teeth of the bucket 

 

Cost  Low  Medium  Medium to high 
 
Each of the excavation techniques have their advantages and disadvantages as well as their 
associated risks and costs. Each of the techniques need to be reviewed along with the information 
obtained from the asset owners to determine the best technique for the environment and the type of 
investigation that is being undertaken. The assessment of the different excavation techniques shows 
that hydro excavation provides the best overall excavation technique when dealing with buried 
services but carries a cost factor that for smaller projects may not be acceptable. 
 
8 OBSERVATIONS ON LEGAL AND MANAGEMENT ASPECTS 
 
The protocol and techniques discussed above will help considerably in risk reduction.  However these 
can be compromised if there is lack of clarity about who is responsible for what or if excessive time 
pressure is applied and operatives are rushed into making snap decisions.  Further aspects that it is 
recommended are considered are listed in Table 5.  Other aspects that need to be considered are: 

 The importance of determining who makes the final call as to commencing an exploratory 
operation (e.g. issues a permit to excavate) at a particular location should not be 
underestimated 

 Do they have the complete set of facts to hand in order to make that decision? 
 Can they see that all steps have been taken in order to get to that stage? 
 Who bears responsibility if something goes wrong? 
 Is everything correctly documented? 

 
Table 5 – Contractual and managerial factors to mitigate the risk of striking buried services 
Factor Explanation 
Responsibility  Clarify lines of responsibility 

 Confirm who is responsible for determining the precise position of an 
exploratory hole – “X marks the spot” 

 Confirm whose decision it is to switch on the exploratory plant at that 
particular location 

 Confirm who is responsible for determining the site presence or absence 
of services 

 Identify who will be responsible (at fault) should a service be struck 
Contractual 
arrangements 

 Clarify who is contracted to whom e.g. NZS3910 
 Are legal documents in place to confirm arrangements? 
 Have legal arrangements been nullified or compromised by some 

action/inaction? 
Costs  Who will bear costs if a service is struck? 

 Are the relevant parties/insured adequately? 
Programme  Has adequate time been allowed to ensure appropriate steps taken to 

avoid compromising services? 
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 Is no party pushed to make a call to explore without putting in place 
appropriate safeguards 

Supervision  Who is supervising the works? 
 Who can make a call on site to react in case of suspicion of services? 
 Are service plans on site? 

 
9 CASE STUDY 
 
For the Auckland City Rail Link project, Aurecon New Zealand Ltd was engaged by Auckland 
Transport to scope and deliver two stages of geotechnical investigation along the proposed alignment 
for the underground rail link between Britomart Station and the Mt Eden Rail Station. One of the major 
health and safety issues for the investigation works was working within the complex network of buried 
services and the effects that striking a buried service would have on surrounding stakeholders. A 
concept was developed to provide the geotechnical drilling contractors with a portal that they could 
undertake their work via which was clear of buried services, it consisted of a cylindrical tube installed 
in the ground vertically with an access cover at the surface. The solution was named the Ground 
Access Portal or “GAP” for short.  
 
The GAP consisted of a 200mm inside diameter PVC liner (constructed of a length of PVC drainage 
pipe) that was installed in a void between buried services to a minimum depth of 1.5m below the 
existing ground level (Figure 2). The void between the outside of the PVC liner and the installation 
excavation was backfilled with granular material that met the requirements of the asset owners and a 
lockage access cover was installed flush with the existing ground level. The inside of the PVC liner 
was not backfilled and provided a void for the drilling rods to work through. 
 
Following the development of the GAP, it was identified that the use of traditional methods of 
excavation would not be appropriate due to the following requirements: 
 

 Minimum footprint for excavation works due to physical site restrictions 
 Excavation depth needed to be a minimum of 1.5m but could be up to 3m deep 
 The technique needed to be time efficient due to time restrictions 
 Technical needed to cause minimal or no damage to the buried services, if 

encountered. 
 

 
Figure 2. Schematic arrangement of a Ground Access Portal (GAP) 
 
It was identified that hydro-excavation was the only excavation technique that could fulfil the 
requirements for the work due to it being a non-mechanical and non-destructive excavation technique. 
AS hydro excavation is a precise excavation technical, it means that the actual excavation formed only 
needs to be slighter that the outside diameter of the GAP. The technique also ensured that minimal 
damage occurred to any buried services encountered and in the situation that there was not adequate 
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space between buried services to install the GAP, the excavation could be extended quickly to find a 
suitable position for the GAP. 
 
10 CONCLUSIONS 
 
The following are the key conclusions from our assessment of the risks associated with undertaken 
intrusive geotechnical investigations: 
 

i. The exploratory work undertaken for geotechnical investigations exposes the project and all 
associated parties to risks from striking buried services. 

ii. Due to a number of recent trends, these risks are increasing. 
iii. Careful consideration is required to develop a safe practice to reducing these risks. 
iv. A practical protocol is presented that demonstrates a viable approach to risk reduction. 
v. Both obtaining as-built information and physically locating or clearing a void without services 

needs to be undertaken to minimise the risk of striking a buried services during a geotechnical 
investigation. 

vi. Several different excavation techniques can be used to physically locate/clear services but 
they need to be considered along with the environment that the work is being undertaken in 
and the type of investigation. 
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ABSTRACT 
 
Field inspection of steep slopes adjacent to transport corridors can pose serious safety hazards.   An 
accident that occurred on one such project highlights the risks and safety considerations posed for 
geotechnical fieldwork.  Geomorphic evaluation of slopes was undertaken in the Waioeka Gorge to 
assess the risk to the highway from large landslide events.  The gorge is a hazardous environment for 
field work, characterised by very steep bush covered slopes up to 500m high, no cellphone coverage 
and numerous small rock fall events affecting the road on a daily basis.  The investigation 
methodology used sought to minimise risk exposure to staff by utilising remote techniques such as 
assessment of GoogleEarth and LiDAR data,  helicopter inspections, followed by field mapping to 
‘ground truth’ selected slope features.  Due to the hazardous nature of the site a rigorous health and 
safety plan was developed for the off-road slope inspections.  The safety plan was severely tested by 
a serious incident during field inspection of a steep remote slope 100m above the highway. This paper 
presents a case history of the accident that occurred and provides a number of valuable lessons that 
were learnt which reinforce the importance of safety planning and the establishment of robust safety 
procedures when working in remote slope areas.  
 
Keywords: Safety Incident, Waioeka Gorge, landslides, field mapping  
 
1 INTRODUCTION 
 
1.1 Outline  
 
During field work while carrying out inspections on a steep slope in the Waioeka Gorge in May 2013 
one of a field party of two slipped (on a tree root) and fell on a steep slope and dislocated a shoulder.  
Despite being only 100m from a highway this event resulted in rigorous testing of the project safety 
plan including an emergency rescue under trying conditions. This paper presents this incident as a 
case history of safety planning and incident response and considers the various elements of the 
process and provides lessons learnt for future such site inspections.   

 
1.2 Background 
 
A large landslide occurred in the Waioeka Gorge in March 2012 which resulted in State Highway 2 
being closed for 6 weeks (Read, 2013). The impact on the region of this closure prompted the NZ 
Transport Agency (the Agency) to investigate the risk of similar large failures elsewhere in the 
Waioeka Gorge.  Aurecon proposed and carried out a slope risk rating and assessment process for 
NZTA in order to identify high risk slopes.  The process and findings of the slope study are presented 
in a separate paper (O’Loughlin, Stewart and Roh, 2015).  
The work was carried out in two stages; Stage 1 involved a trial of two slope risk rating systems in 
order to rapidly identify the highest risk slopes and Stage 2 involved a more detailed study of the 
highest risk slopes.  Both stages involved desk study and field components.  The field components of 
Stage 1 involved observations from the highway only, whereas Stage 2 proposed field checks of 
selected features on the slopes to verify inferences made from desk studies. 
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1.3 The Site 
 
The Waioeka Gorge is a 48km long section of highway between Opotoki and Gisborne (Figure 1.  The 
terrain is typically very steep (Figure 2) with slopes rising to up to 600m above the highway and 
covered in (largely native) forest (mini Fiordland).  The highway was built in the 1960’s and was a very 
challenging engineering feat given the proximity of the river to the very steep sided hills.  Some of the 
three fatalities which occurred during construction may have been attributable to rock fall as this was 
the greatest risk to building.  The highway is prone to continuous rockfall events such that the 
maintenance contractor travels the road twice a day to clean up rock and slip debris.  The highway 
has a low traffic volume (approx. 1300 vpd).  The gorge has a high annual rainfall. Cellphone 
coverage is not available through most of the gorge.  
 

  
Figure 2. Typical steep slope in Waioeka Gorge  

Figure 1. Location of Waioeka Gorge 
 
 
 
2 FIELD MAPPING 

 
2.1 Sites 
 
The field work for Stage 2 of the project proposed 
visits to four potential landslide sites including the 
150m high slopes adjacent to the 2012 Sandy Slip 
site (Figure 3) and three others slopes of 200 to 500 
m height (including Figure 2). 
 
 
2.2 Challenge 
 
The major challenge at this site related to the steep 
bush country which makes field mapping inherently 
inefficient and hazardous. The thick native bush-
covered slopes prevent being able to easily identify 
actual or incipient landslide features or to get a 
thorough ‘over-view’ of the slope geomorphology.   
The initial estimate gave at least ten days field work, 
even to visit only representative slope features.  
 
 
 
 
 
 Figure 3. Waioeka Gorge looking down the March 
2012 landslide scar. May 2013 photo. 
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2.3 Safety Strategy 
 
The strategy for dealing with the hazards on this project was as follows:   

 Maximise desk based (remote) mapping including aerial photo and 3D GoogleEarth 
viewing,  

 Acquire LiDAR data of site to facilitate detailed ‘remote’ mapping    
 Helicopter Inspection of key features and slope access routes to facilitate minimal 

targeted field slope visits  
 Engage specialist outdoors rope access contractor (‘the guide’) to look after safety of 

geotechnical inspector(s)  
 Undertake pre-trip Safety Workshop to confirm key risks, controls and responsibilities 

and communication plan 
 Complete comprehensive Safe Work Method Statement (Safety Plan) – including 

engaging with all stakeholders 
 Adhere to Safety Plan 

 
 
2.4 Specific Hazards 
 
In addition to more generic hazards for road based inspections and for utilising helicopters, specific 
hazards and consequences related to the project were identified and refined during the Safety 
Workshop.  The hazards, associated consequences, and risk controls developed are outlined in Table 
1.   
 
 Table 1: Summary of project specific Hazards, potential consequences and proposed risk controls 
Hazard Consequence Controls 
Very steep terrain (averages 45 
degrees)  
 

Slips, trips, falls Experienced outdoor staff, 
tramping boots with good tred, 
rope and harnesses for 
inspections where precipice 
falls could occur, first aid kit  

Thick bush Navigation errors (becoming 
lost, separated) 

Two types of GPS and 
navigation Smartphone apps; 
Radio Telephones (RT’s) 

Winter – short daylight hours,  Stuck out overnight Headlamps, extra food, warm 
clothes, extra batteries, 
communications plan 

Cold/wet conditions Hypothermia Warm weatherproof clothes, 
snacks and drinks 

No cellphone coverage Inability to call for help Satellite phone, Eperb, note on 
dashboard  of our car on road 

Hunters Shot Call DOC; Wearing Hi-Vis 
clothes  

 
These elements were worked into a Safe Work Method Statement for the use of site staff and 
provided to all affected parties.     
 
 
2.5 The team  
The engineering geologist carrying out the inspection was an experienced outdoors person. The abseil 
support person (the guide) was responsible for determining safe routes in the steep terrain and 
facilitating rope assisted inspections in localised very steep terrain where required to ground truth 
specific features.     The guide was a qualified outdoor first aid instructor, and highly experienced in 
the outdoors.  The project manager (engineering geologist) based in Tauranga was involved in the first 
day helicopter and road based overview inspections of the sites on 24 May, and was the safety call-in 
point of contact at the start and end of the field days.         
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3 THE INCIDENT 
 
3.1 Description 
 
The inspections were planned for early May 2013.  These were delayed until the last week of May due 
to lack of continuous fine weather for the helicopter inspection and field work.  The helicopter 
inspection occurred on 24 May with the first full field day on 25 May in the vicinity of the 2012 Slip. The 
weather was fine but cool with light rain forecast for late in the day.    
The inspection started mapping along the base of the slope from the road and then climbing up 
bushed slope to the west of the 2012 slip (Figure 4) inspecting features of interest identified from the 
LiDAR assessment.  Inspections of the top of the slip were made at the slip crest while roped to the 
abseil support person (Figure 5).  The inspection continued down the eastern flank of the slip in the 
bush toward road level.  Approximately 1/3 of the way down (100m above road level), the guide (the 
abseil contractor) slipped on a tree root and fell heavily on his shoulder.  It became clear that he 
wasn’t able to continue as he was in severe pain and had dislocated his shoulder.  We concluded that 
he was unable to continue and that help was needed.  
 
The sequence of events and the various factors (both negative and positive) that influenced the 
outcomes and decisions at each stage of the rescue are outlined in Table 1.  The slip occurred at 
3.30pm, the first police car on the scene at 6.30pm, and the casualty extracted by lowering to the road 
on long ropes at 10.30pm.   
Rain and lowering cloud levels set in within an hour of the incident, preventing helicopter rescue, with 
darkness descending about 5.30pm. 
 

 
 
Figure 4. Sandy Slip site in April 2012 partway through debris clearing, showing route of 25 May 2013 
inspection and incident site (x). GDC photo.    Figure 5. Set-up for short roped inspection of landslide 
head scarp prior to descending toward road. 
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Table 1:  Sequence of events, and factors that influenced the outcomes of the incident (May 2013) 
Stage Commentary / Actions Negatives

 
Positives 

Immediately 
Post Accident 
 
(3.30pm to 
4.30pm) 

 First aid implemented 
under direction from the 
injured Guide (the 
casualty) 

 Mutual decision that 
needed external help, 
either by activating 
EPERB or uninjured 
personnel climbing down 
to road to raise alarm 

 The wrong (safety) 
person  was injured! 

 Unstable slope - largely 
steep scree with isolated 
trees 

 Casualty was unable to 
move on the steep slope 

 No way of 
communicating other 
than EPERB (cellphone 
and satellite phone were 
ineffective) 

 The casualty’s 
experience in First aid 
and Incident response 

 Warm and 
weatherproof outdoor 
clothes  

 Good footwear (boots) 
 Good first aid kit 
 Had rope and 

harness’s available 
 Had EPERB 

 
 Decided that climbing 

down to road would get 
better information to 
emergency services and 
was faster way to get 
help compared to 
EPERB  

 Geologist climbed to 
road maintaining Radio 
Telephone contact 

 Flagged down two 
motorists to call police 
when in cellphone 
reception (which they did 
about 5.30pm) 

 Climbed back to casualty 
to await help  

 
 
 
 
 
 

 Risk of slipping on route 
to road 

 
 
 

 Totally reliant on 
members of public to 
alert authorities  

 

 Non-injured person had  
good outdoor skills  

 Non-injured person 
was confident of route 
to road bypassing 
bluffs to raise help 
having reconnoitred 
base of slope from road 
in morning  

 Had operational RT’s to 
maintain comms during 
separation 

 Two cars stopped 
decreasing risk of 
message not getting 
through 

Awaiting Rescue 
 
(5pm to 7.30pm) 

 Put warmer clothes and 
wet weather clothes on 
casualty 

 Had sufficient food and 
drinks 

 Following no contact 
from field staff project 
Manager Ben O’Loughlin 
initiated comms plan, 
contacted field staff 
accommodation and 
police)  

 Signalled police with 
headlamp 

 Dark approaching  
 Low cloud ruling out 

helicopter rescue 
 Onset of steady rain  
 Lost glasses 
 
 

 Both had powerful 
headlamps 

 Adequate food and 
snacks 

 Had spare pair of 
glasses 

 Hot sweet drinks (both 
had thermous’) 

 Wearing hi-vis clothes 

Rescue 
(7.30pm to 
11pm) 

 Emergency services 
arrive at road 

 Threw Radio Telephone 
(RT) down slip in 
protective lit case to 
make contact with 
rescuers (unsuccessful) 

 Firemen arrived at 7pm  
 USAR and pain relief 

arrived at 8.30pm 
 Lowered by long ropes to 

road level   

 No means of 
communicating with 
rescue staff on road 
below (their generator 
didn’t help) 

 Protracted process of 
extraction 

 Poorly equipped initial 
rescuers (fire fighters) 

 Labour Dept rules on 
allowable rope access 
equipment slowed 
evacuation process 

 Innovative idea to get 
RT to road  

 Snacks, hot drinks 
 Warm clothes 
 Someone to talk to 

once rescuers arrived 
to site (morale) 

 Experience of USAR 
staff, taking control   
 

Post Rescue 
(11pm onwards) 

 Casualty  by ambulance 
to Whakatane Hospital - 

 Geologist drove back to 
Opotiki (fighting sleep)  

 Have to drive out  
 Very tired and late  
 Heavy rain 

 All survived 
 Valuable 

lessons learnt 
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3.2 Epilogue / Wrap-up 
 
What was the outcome? How did our safety management plan do?  What could we have done better? 
The casualty made it to Whakatane Hospital and his shoulder was ‘put back in’ about 3am.  The 
geologist made it back to his accommodation in Opotiki about 2am. 
The rescue was reported in online news the next day, eg NZ Herald, and 3News and was the front 
page of the ‘Opotiki News’ on its next issue. No negative exposure was given for the Agency or the 
geotechnical profession (news referred to “surveyors”).  The news reported the incident controller 
saying that the rescue organisations had “all worked well together”.  
The inspections continued with a one day delay, with a replacement abseil safety person, but from 
road level only.  An incident review meeting was held with the client and Aurecon’s H&S manager four 
days later.  While no major shortcomings were identified, there were many learnings and points to 
note.     
 
 
4 LESSONS LEARNT 
 
This incident provided a rigorous test of safety procedures and provided many learnings: 

 Get specialist help when dealing with hazardous conditions. Expert involvement 
reduced risk/consequences considerably 

 Conducting a pre-trip safety planning meeting (hazard workshop) was invaluable in 
‘teasing out’ where the risks and responsibilities were, and resulted in ‘plugging some 
risk gaps’ that proved invaluable when the incident occurred 

 Remote mapping gives ‘more bang for buck’ and is much safer; enabling ‘ground 
truthing’ of limited sites only 

 Have significant redundancy in risk controls – some of them will be ineffective! 
 Don’t compromise safety for project outcomes (temptation is to skimp on safety costs) 
 Know how to use safety gear – during an incident is too late to learn, including 

satellite phone, radio telephones and EPERB’s 
 All party members should be first aid trained and able to provide care if needed and if 

in remote locations able to provide extended care    
 Excess safety equipment can be a hazard in itself – dividing some of this amongst all 

party members can help to reduce size of the load carried  
 Two man team was marginal – an additional person on site would have assisted eg. 

safety person at road level in radio telephone contact  
 Tell emergency services in advance (Police and USAR)  so they can mobilise faster in 

event of an incident  
 Could use site road network contractor as part of communications plan  
 This situation could occur in a far less remote area with similar significant 

consequences. 
 
 
5 CONCLUSIONS 
 
The steep and hazardous country characteristic of much of New Zealand poses safety challenges for 
those involved in maintaining and developing transportation and other facilities in such terrain.    The 
May 2013 incident in the Waioeka Gorge highlights the need to carry out thorough safety planning 
when carrying out inspections in such areas.   
Due to the significant hazards faced in such locations, the consequences of an incident need to be 
considered in detail as well as the range of scenarios that could occur.  In order to Eliminate as much 
of the risk as possible, remote (desk study) inspections can be used to minimise hazardous slope 
inspections.  In this case this involved assessment of aerial photographs, Google Earth and detailed 
topographic data from newly flown LiDAR. Low risk site inspections were carried out from the road and 
helicopter.  Minimisation of the remaining risk was made by limiting the number of inspections on the 
steep slopes and a development and implementation of a detailed Health and Safety Plan.   
The May 2013 incident resulted in a protracted rescue, which rigorously tested the safety plan.  
 
Experience with the incident that occurred showed that a number of the risk controls were ineffective, 
highlighting the need for having back-up controls (‘plan’s B and C’) to address such eventualities. Risk 
control procedures should be well rehearsed and equipment mastered prior to the inspection 
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commencing.  Foolproof communication plans are critical; the presence of another person on site, eg.  
a stand-by person in RT contact at road level, would have aided the outcome in this instance; as 
would have including prior notification of  authorities (Police, road maintenance contractor, and USAR) 
with expected and latest return times.  
This incident has highlighted the importance of thorough pre-trip safety planning meetings, prior 
training of safety procedures for all team members and competent first aid skills. The big lesson is that 
in isolated steep terrain, ‘stuff’ can happen to anyone no matter how experienced, we need to be 
prepared for such eventualities and for adequately managing the risk.  
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ABSTRACT 

In Australia, over 300,000 dry tonnes of biosolids are produced and millions of dollars expended for 
their management annually. Biosolids are the end product and the main solid component collected 
from the wastewater treatment process. In this study, some of the geotechnical properties of two 
biosolids samples from the Eastern Wastewater Treatment Plant (ETP) and Western Wastewater 
Treatment Plant (WTP) in Melbourne were investigated. Laboratory tests, including liquid limit, plastic 
limit, particle density, particle size distribution, organic content, linear shrinkage, and chemical analysis 
were undertaken to evaluate the properties of each biosolids sample. The compaction characteristics 
of the ETP biosolids combined with different percentages of clayey sand were investigated, to gauge 
the suitability for use as possible construction and road materials. This paper presents some of the 
results of this ongoing investigation. 

Keywords: Compaction, Biosolids, Organic soil, Recycling, Waste management 

 

1 INTRODUCTION 

Biosolids are normally referred to as the major by-product of the wastewater sludge treatment 
process.  Sludge is a sticky liquid, which, generally, contains up to 8% of dry solids and is collected 
from the wastewater treatment process, but, which has not undergone further treatment (AWA, 2012). 
In contrast, Melbourne Water biosolids contain between 50% and up to 96% of solids, and, have 
undergone further treatment to significantly reduce volatile organic matter, thereby producing a 
stabilised product suitable for beneficial uses (ANZBP, 2012). 

Over the decades, the growth of implementing new treatment plants, continuous upgrading of 
treatment processes, and stringent controls concerning the quality of wastewater discharges have 
given rise to increasing the annual production of biosolids (Rulkens, 2007, Arulrajah et al., 2011, 
O'Kelly, 2004). Australia currently produces approximately 300,000 dry tonnes of biosolids annually, 
from which over half (55%) is applied to agricultural land for beneficial use. In addition, just under a 
third (30%) is disposed of in land fill or stockpiled and the balance (15%) is used in composting, 
forestry, land rehabilitation or incinerated (AWA, 2012). Furthermore, in 2013, Melbourne Water 
produced around 78,650m3 of biosolids, and it is important to point out that 3,000,000m3 of biosolids 
are presently stock-piled at the Eastern Treatment Plant (ETP) and Western Treatment Plant (WTP) in 
Melbourne, which are suitable for forestry, farming, producing energy and structural fill (Melb. Water, 
2014). It is notable that, in Australia, the average cost for biosolids management is in the order of 
A$300 per dry tonne, which equates to about A$90 million per year. As a similar trend has been 
observed in recent years in several developed and developing countries, it is of great interest and 
widely accepted throughout the world that there is an urgent need for reusing biosolids in a 
sustainable way. 

Although attempts have been made to understand the engineering properties of biosolids, they are 
limited, and need further investigation. The characteristics of sludge and biosolids have been studied 
in various countries including Australia, Hong Kong, the United States, Turkey, Singapore, and 
England (Puppala et al., 2007, Hundal et al., 2005, O'Kelly, 2004, Arulrajah et al., 2011)  

Puppala et al. (2007) evaluated the physical and engineering properties of a control cohesive soil 
amended with two types of material, biosolids and dairy manure. This study concluded that the 
biosolids and the dairy manure compost can provide engineering benefits to control soil when used in 
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moderate proportions, because the physical and engineering properties are directly related to the 
amount of organic matter present in the biosolids and dairy manure.  

O'Kelly (2004) presented the geotechnical characteristics of the sludge from the Tullamore municipal 
wastewater treatment plant in the United Kingdom. The properties including compaction, shear 
strength, and consolidation were determined to assess its suitability as a landfill (sludge-to-landfill) 
material. In this study, sludge was dewatered to the optimum moisture content (OMC) for compaction, 
placed in a landfill in layers and compacted to the maximum dry density (MDD), thereby maximising 
the operational life of the landfill site. The geometry of the landfill is of the utmost importance in terms 
of its stability, and, therefore, effective-stress strength properties were used to determine the factor of 
safety against the slope stability of the landfill. 

Arulrajah et al. (2011) reviewed the research of Hundal et al. (2005) who studied the geotechnical 
characteristics of untreated biosolids including the compressibility, consolidation, and shear strength 
parameters. The biosolids samples were obtained from a municipal wastewater treatment plant in 
Chicago, USA. Based on the experimental results, Hundal et al. (2005) concluded that the biosolids 
can be regarded as a potential alternative for embankment construction, and, moreover, the bearing 
capacity of biosolids can be enhanced by blending biosolids with topsoil or other residuals. 

Disfani et al. (2009a) and Disfani et al. (2009b) assessed the geotechnical properties of biosolids, 
which were obtained from the existing biosolids stockpiles, WTP in Melbourne, Australia.  Preliminary 
tests were conducted on samples made purely from recycled glass, and, also blended biosolids and 
recycled glass mixtures. The geotechnical properties including particle size distribution, compaction 
test, and direct shear test were performed for both, pure and blended mixtures. Disfani et al. (2009a), 
and Disfani et al. (2009b) concluded that the mixture of biosolids and recycled glass showed 
satisfactory shear strength characteristics, thereby indicating the excellent potential of these mixtures 
to be used as an embankment fill material for roads.  

Suthagaran et al. (2007), Suthagaran et al. (2008a), and Suthagaran et al. (2008b) investigated the 
geotechnical properties of biosolids stabilised with cement and lime, and found that the stabilised 
biosolids can be used as an engineering fill. In addition, this study presented the geotechnical 
properties of untreated biosolids. Moreover, Suthagaran et al. (2010) conducted another study to 
assess the geotechnical characteristics of biosolids, which were produced at WTP in Melbourne, 
Australia. The tests included consolidation, triaxial shear strength, hydraulic conductivity, compaction, 
California bearing ratio, Atterberg limits, particle density, and particle size distribution. According to the 
results, the biosolids samples were found to be classified as organic fine-grained soils of medium to 
high plasticity. The particle density of biosolids ranged between 1.75 Mg/m3 and 1.79 Mg/m3, which is 
considerably lower compared to natural organic soil. The consolidation behaviour of biosolids 
indicated that biosolids have similar behaviour to organic soils.  

The end-use of biosolids depends heavily on the characteristics of the biosolids, which could vary 
around the world as the properties of biosolids depend markedly on factors, such as the quality and 
composition of the wastewater, method and extent of treatment process (primary, secondary, or 
tertiary treatment), methods used for the stabilisation of biosolids, and age of the biosolids. It is 
noteworthy that the properties of the biosolids can vary from time to time, even within the same 
treatment plant due to the variations in the incoming wastewater composition (NSW DPI, 2009, 
Suthagaran et al., 2010, Silveira et al., 2003, O'Kelly, 2004).   

Compaction is the densification of soil by the removal of air, which is achieved by applying mechanical 
energy, and is a feasible alternative to many soil stabilization techniques from an economic or 
engineering point of view (Yesim and Sridharan, 2004). Generally, compaction improves the 
engineering properties of the soil by increasing the soil strength, bearing capacity, slope stability, and 
by reducing the hydraulic conductivity and undesirable settlement and volume changes (Holtz et al., 
1981, Das, 2008).  

One of the earliest studies on the compaction behaviour of soil was done by Proctor (1933), who 
developed the principles of compaction. Proctor explained the compaction curve in terms of the 
capillary and lubrication theory. Thereafter, many researchers investigated the mechanism of the 
densification stages and developed theories including the viscous water theory (Hogentogler, 1936), 
pore pressure theory in unsaturated soils (Hilf, 1956), physiochemical theory (Lambe, 1959), and 
effective stress theory (Olson, 1963). In addition, Lee and Suedkamp (1972) used 35 different soil 
samples and conducted more than 700 compaction tests to establish four types of compaction curve, 
namely, bell shaped, one and one-half peaks, double peak, and odd shaped with no distinct MDD or 
OMC. 
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In recent years, the use of biosolids in civil engineering applications has been of great interest and has 
become an innovative approach to the management of biosolids. Therefore, knowledge concerning 
the compaction behaviour and geotechnical properties of biosolids assumes great importance from the 
viewpoint of sustainable development. In this study, the compaction characteristics of an ETP 
biosolids sample incorporating different proportions of clayey sand were investigated. In addition, the 
physical and chemical properties of the ETP biosolids sample, as well as of a biosolids sample from 
WTP, were investigated. The objective was to evaluate the suitability of these biosolids as 
construction or road materials. 

2 MATERIALS AND METHODS 

The biosolids samples used in this study were collected from existing stockpiles at the ETP and WTP 
in Melbourne (Figure 1). The biosolids sample, from ETP was more than 12 years old, while the WTP 
biosolids were almost 4 years old. Since this paper presents some of the results of an ongoing study 
on the use of biosolids in fired-clay bricks, an experimental soil, which is used by Boral Bricks Pty Ltd, 
was used as a blending material during the evaluation of the compaction characteristics of the ETP 
biosolids. 

 

  

ETP Biosolids WTP Biosolids 

Figure 1. Biosolids samples used in the study 

Geotechnical laboratory tests liquid limit, plastic limit, particle size distribution, linear shrinkage, and 
compaction – were conducted according to the Australian Standards (AS 1289.0, 2000), while the 
organic content test was conducted as per the British Standards (BS 1377-3, 1990). The chemical 
composition of the experimental soil and biosolids samples were quantified by X-ray fluorescence 
(XRF). All the geotechnical properties were tested in triplicate and the average values of the results 
are reported. 

3 RESULTS AND DISCUSSION 

3.1   Physical properties of the biosolids and the experimental soil 

The geotechnical properties were determined for the ETP and WTP biosolids in Melbourne, Australia, 
and the experimental soil provided by Boral Bricks Pty Ltd. Table 2 shows the summary of the test 
results of the biosolids samples and soil, used in the study. 

The chemical compositions of the experimental soil and two biosolids samples, which were 
determined by XRF, are shown in Table 1. The experimental soil presents a typical composition and 
mainly consists of Silica (SiO2), Alumina (Al2O3), and Ferric Oxide (Fe2O3), with minor contents of 
MgO, P2O5, and TiO2.  Both the ETP and WTP biosolids samples are basically formed by silica, 
alumina, and ferric oxide, which are the major oxide components, with small amounts of MgO, K2O, 
and TiO2. It is important to note that the WTP biosolids contain a relatively higher percentage of CaO 
and P2O5 compared to the ETP biosolids and the experimental soil. 

The specific gravity of the biosolids samples and the soil was determined by using a density bottle for 
the fine fraction of the particles, and by weighing in water for particles retained on a 2.36 mm sieve, 
according to the Australian Standards (AS 1289.3.5.1, 2006). Kerosene was used as a density liquid 
instead of deionized or distilled water, to avoid the dissolving of the water-soluble salts, that could be 
present in the biosolids. However, distilled water was used as a density liquid in measuring the 
specific gravity of the experimental soil. The specific gravity of the ETP and WTP biosolids samples 
were found to be 2.51 and 2.14 respectively, while the soil had the highest specific gravity of 2.69. 
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Both biosolids samples showed a relatively lower specific gravity compared to the soil, as expected, 
revealing that the biosolids samples contained a higher amount of organic matter than the 
experimental soil (Tay et al., 2001). 

Table 1: Chemical composition of the biosolids samples and the experimental soil 

Oxide Content (%) ETP Biosolids WTP Biosolids Soil 

SiO2 58.41 46.91 63.73 

Al2O3 17.50 15.90 19.50 

Fe2O3 10.55 8.60 7.40 

K2O 0.98 2.82 5.33 

MgO 1.10 1.35 1.17 

TiO2 2.37 2.15 1.26 

P2O5 3.63 4.75 1.04 

CaO 2.74 7.70 0.29 

 

Table 2: Geotechnical properties of the biosolids samples and soil 

Test/ Property Standard 
ETP 

Biosolids 
WTP 

Biosolids 
Soil 

Specific Gravity (Gs) AS 1289.3.5.1 2.51 2.14 2.69 

Liquid limit (%) AS 1289.3.1.1 46 53 32 

Plastic limit (%) AS 1289.3.2.1 27 41 19 

Plasticity index (%) AS 1289.3.1.1 19 12 13 

Gravel content (2.36 mm >) (%) AS 1726-1993 0.4 13.4 1.2 

Sand content (0.075 - 2.36 mm) (%) AS 1726-1993 87.5 76.0 74.6 

Silt Content (0.002- 0.075 mm) (%) AS 1726-1993 11.1 9.6 22.2 

Clay Content (< 0.002 mm) (%) AS 1726-1993 1.0 1.0 2.0 

Coefficient of uniformity (Cu) AS 1726-1993 8.0 18.6 50.0 

Coefficient of curvature (Cc) AS 1726-1993 2.0 1.8 4.2 

Australian soil classification AS 1726-1993 SM SW-SM SC 

Linear shrinkage (%) AS 1289.3.4.1 9.0 9.5 6.5 

Organic Content (%) BS 1377-3 7 NA 1.2 

  

The Atterberg limit test was performed on the biosolids and soil samples to determine their plasticity 
characteristics. The liquid limit (LL) of the ETP and WTP biosolids ranged between 46% and 53% 
while the plastic limit (PL) of the ETP and WTP biosolids samples ranged between 27% and 41%. The 
plasticity index (PI) was found to be in the range of 19% and 12%. In addition, the LL, PL, and PI of 
the experimental soil was 32%, 29%, and 13%, respectively (Table 2). 

The particle size distribution of all samples was achieved by means of sieve analysis. The test results 
of the particle size distribution are summarised in Table 2. According to the particle size distribution 
test results, the ETP and WTP biosolids contain 0.4% and 13.4% of gravel size particles, while the soil 
sample contains 1.2%. The ETP biosolids have the highest percentage of sand particles. In contrast, 
the soil and the WTP biosolids contain 74.6% and 76% of sand particles, respectively. The percentage 
of fine particles (<0.075 mm) of the ETP and WTP biosolids slightly varied from 12.1% to 10.6%, while 
the soil had the highest percentage (24.2%) of fine particles (Figure 2). Based on the results of the 
particle size distribution and the Atterberg Limits, the ETP biosolids and WTP biosolids can be 
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classified as silty sand (SM) and well graded silty sand (SW-SM), respectively. Moreover, the 
experimental soil can be classified as clayey sand (SC) according to the Australian Standards (AS 
1726, 1993). 

 

Figure 2. Particle size distribution for the biosolids samples and soil 

The linear shrinkage, which is an indirect method of estimating the plasticity of soils (Sivakugan et al., 
2011) can be calculated as the percentage reduction in the length of the bars of the soil samples 
prepared at the liquid limit condition, after they have been air dried for 24 h followed by oven drying at 
105°C until no further length reduction is observed. The linear shrinkage of the ETP and WTP 
biosolids samples, as shown in Table 2, varied from 9.0% to 9.5% whilst the soil had a linear 
shrinkage of 6.5%. 

The ETP biosolids have a significantly higher organic content of 7% compared to 1.23% for the soil 
(Table 2). It is important to point out that the organic content of the samples has a considerable 
influence on the plasticity index, strength, and compressibility characteristics (Puppala et al., 2007). 

3.2   Compaction characteristics of the biosolids 

Figure 3 shows the results of the standard proctor compaction test on the ETP biosolids. It can be 
seen that the MDD and OMC for the ETP biosolids were 1.53 Mg/m3 and 23%, respectively. 

  

Figure 3. Compaction curve for the ETP biosolids 

A series of compaction tests were conducted on different percentages (0% to 100%) of the ETP 
biosolids samples incorporating the soil. Figure 4 and Table 3 show the density-water content data for 
the different percentages of the ETP biosolids incorporating the soil. The MDD and OMC of different 
ETP biosolids mixtures were found to be functions of the percentage of the biosolids in the mixture. 
The MDD decreased and OMC increased as the percentage of the ETP biosolids increased. 
Moreover, the MDD of 100% ETP biosolids (1.53 Mg/m3) was significantly lower than that of pure soil 
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with 0% of ETP biosolids (1.78 Mg/m3), which is believed to be the result of the higher organic content 
in the ETP biosolids, which, in turn, reduced the particle density.  

The MDD and OMC vary linearly with the percentage of ETP biosolids, as given in Equations 1 and 2. 
The trend lines of this linear variation are also shown in Figure 5. The R square values in Equations 1 
and 2, indicate that there are strong correlations (R2 = 0.95 and 0.97) between the MDD and OMC 
with the percentage of the ETP biosolids in the sample. The compaction behaviour of WTP biosolids is 
still under investigation and will be presented in a future publication. 

Table 3:  Compaction test results for the ETP biosolids 

Percentage of ETP biosolids (%) MDD (Mg/m3) OMC (%) 

0 1.780 16 

5 1.775 16 

15 1.765 17 

25 1.760 17 

35 1.700 19 

50 1.630 20 

75 1.550 21 

100 1.530 23 

 

 

Figure 4. Standard compaction curves for different percentages (0% to 100%) of ETP Biosolids 

  

Figure 5. Variation of the MDD and OMC with the different percentages of ETP biosolids 
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MDD = 1.7958 - 0.0029 (B1) (R2 = 0.9513) (1) 

OMC = 15.8782 + 0.0720 (B1) (R2 = 0.9727) (2) 

Where, MDD is the maximum dry density in Mg/m3, OMC is the optimum moisture content as a 
percentage, and B1 is the percentage of ETP biosolids. 

The particle size distribution, shape of the soil grains, and the amount and type of clay minerals 
present in the sample have a considerable influence on its compaction behaviour. According to Figure 
4, all the compaction curves are Bell shaped with a single-peak point; this type of curve is generally 
found in soils that have approximate liquid limit boundaries of 30 and 70 (Das, 2008, Lee and 
Suedkamp, 1972). It is noteworthy that the ETP biosolids resulted in an increase in OMC and a 
decrease in MDD from the experimental soil. The variations are primarily attributed to both the 
percentage of the organic matter and the fine particles present in the respective biosolids-soil 
mixtures. 

4 CONCLUSION 

Wastewater biosolids samples produced at ETP and WTP in Melbourne, Australia, were tested to 
investigate their physical properties and compaction characteristics. It was found that the ETP and 
WTP biosolids can, respectively, be classified as silty sand (SM) and well-graded silty sand (SW-SM), 
according to the Australian Standard. The linear shrinkage of the biosolids samples ranged between 
9.0% and 9.5%. Moreover, the organic content of the ETP biosolids and experimental soil was 7% and 
1.2%, respectively. 

The compaction behaviour of biosolids is important, when applying biosolids as a construction 
material. The results indicated that the OMC and MDD of the ETP biosolids were linearly proportional 
to the percentage of the incorporated biosolids in the experimental soil. The OMC increased and the 
MDD decreased, as the percentage of the ETP biosolids incorporated in the experimental soil 
increased. The organic content and particle size distribution of the tested biosolids-soil mixtures had a 
considerable influence on their compaction characteristics.  

The geotechnical properties of the experimental biosolids indicated that they have similar 
characteristics as clayey silty sands, which can be incorporated with an appropriate soil for the use as 
a construction material such as in manufacturing of fired clay bricks (Ukwatta et al. 2014). 
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ABSTRACT 
 
Biosolids are a mixture of water and organic material, which are a by-product from domestic and 
industrial sewage treatment processes. Biosolids for this research were obtained from a wastewater 
treatment plant located in west of Melbourne, Australia. As part of this research, an extensive suite of 
geotechnical tests were undertaken on wastewater biosolids stabilised with the optimum percentage of 
lime and cement, to evaluate their properties and potential use as an embankment structural fill 
material. Engineering tests undertaken include moisture content, specific gravity, Atterberg limits, 
particle size analysis, organic content, standard compaction, California Bearing Ratio, hydraulic 
conductivity, pH, consolidation and unconfined compression strength. This paper describes the 
procedures followed to determine the optimum dosage of lime and cement as stabilisers for biosolids 
samples. Test results on pure biosolids indicate high initial moisture content, Low pH value and 
average organic content compare to other organic soils. The standard compaction results indicate that 
the stabilisation of biosolids with both additives increase the maximum dry density and decrease the 
optimum water content. Reduction in liquid limit and plasticity index was noticed when additives were 
added to biosolids. Results indicate that the hydraulic conductivity values of biosolids decrease with 
optimum percentage of additives, which is an indication of decreasing void ratio of material. The 
compressibility of biosolids was improved by additives specially lime treated samples. Both stabilisers 
significantly raise the CBR value and unconfined compressive strength of pure biosolids. Possible 
applications of the stabilised mixture in road embankments are also discussed. 
 
Keywords: biosolids, wastewater, stabilisation, additives 
 
 

1 INTRODUCTION 
 
Geotechnical aspects of waste and recycled materials have been studied in the past two decades in 
many countries. One of the main challenges of these studies is finding an innovative way to reuse 
these solid wastes in a variety of engineering applications as substitutes for virgin materials in 
construction industry. In theory, reusing the recycled materials seems to be a simple solution while in 
reality there are several difficulties to assure that end users, such as road authorities, will accept and 
reuse these waste materials as a substitute for naturally occurring materials. Consequently, technical 
feasibly assessments such as extensive laboratory testing, numerical modelling and in some cases 
field trial testing are required to meet the road authorities, consultants and contractors requirements.  
 
Biosolids are solid waste by-product from sewage treatment process, comprising mainly a mix of 
organic and inorganic compounds including household and industrial wastes. ANZBP (2013) reported 
the production of solid biosolids is approximately 330,000 tonnes per year in Australia. The average 
solids content of biosolids is around 30% and this equates to approximately 1.3 million tonnes of 
biosolids in dewatered form, which is also called wet. Furthermore, almost 30% of biosolids (96,000 
tonnes dry basis) is generated in the state of Victoria where most biosolids are produced in Western 
and Eastern wastewater treatment plants (ANZBP, 2013). 
 
Biosolids samples for this research were collected from biosolids stockpiles at a wastewater treatment 
plant, which is located approximately 30 km west of Melbourne. The treatment plant currently serves 
over 20,000 properties in Melbourne western suburbs and treats a flow of nearly 13 million litres of 
sewage a day (CWW, 2014). The treatment process starts from the time that the raw sewage enters 
the plants. Initially, cotton buds, bits of plastic and debris are removed from the sewage. Next, 
biosolids are separated from the treated sewage and cleaned for the second time (CWW, 2014). 
Then, the left over water is removed from the biosolids, loaded into holding bins and taken to a 
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recycling facility. The biosolids sampled for this research were air-dried for almost eight years and 
collected from an old lagoon. 
 
The geotechnical characteristics of pure biosolids are similar to commonly found organic soils in 
nature (Disfani, 2011). Organic soils naturally have low shear strength and high compressibility, which 
can be problematic in construction of roadways (Hampton and Edil, 1998). The key design parameters 
in roadwork and highway embankments are mainly obtained from the results of compaction, 
consolidation and strength tests (Arulrajah et al., 2011). Maghoolpilehrood et al. (2013) reported that 
untreated biosolids have a soaked CBR of about 1.0%, indicating poor load bearing characteristics, 
which requires treatment with appropriate additives in order to be used as a substitution for 
embankment fill material. Lim et al. (2002) reported a CBR value of 2.74% for compacted sewage 
sludge and higher values for treated biosolids with lime and fly ash.  
 
Ciancio et al. (2014) studied the interaction between lime and soil. Their study indicates that lime 
stabilisation improves the strength, stiffness, plasticity/workability and water absorption of the raw soil. 
According to this study the lime-soil reaction can be described as cation exchange, pozzolanic 
reaction or carbonation. Cation exchange normally occurs in presence of water while pozzolanic 
reaction is temperature related, and carbonation happens when lime reacts with carbon dioxide 
present in the air (Ciancio et al., 2014).  
 
Chemical stabilisation increases soil strength and stiffness through chemical reactions (Tastan et al., 
2011). Lim et al. (2006) claimed that by adding cement to organic soils such as biosolids the 
compressibility and stiffness of materials improved to support light structures in some applications as a 
fill material. The short-term effect of chemical stabilisation results in improved workability and provides 
an immediate reduction in settlement, plasticity indices, swell and shrinkage potential. In the long-
term, chemical reactions are accomplished over a period of time depending on the rate of chemical 
breakdown and hydration of the silicates and aluminates which can result in further amelioration and 
binds soil grains together by the formation of cementitious materials (Lim et al., 2002). For 
cementation to occur and enhance over this long-term period, sufficient sources of pozzolans, either 
from the soil itself or from the chemical additive, is required (Lim et al., 2002; Tastan et al., 2011). 
Results of the existing research studies indicate that treated biosolids have higher strength properties, 
improved permeability and lower secondary consolidation values (Maghoolpilehrood et al., 2013). The 
current research was conducted to determine the geotechnical properties of biosolids when mixed with 
different percentages of cement and lime. 
 
Geotechnical laboratory tests in accordance with relevant Australian or ASTM testing methods were 
undertaken on samples of biosolids and their mixtures with cement and lime to determine their 
geotechnical characteristics. The suite of laboratory tests undertaken included moisture content, 
specific gravity, Atterberg limits, particle size analysis, organic content, standard compaction, 
California Bearing Ratio, hydraulic conductivity, pH, consolidation and unconfined compression 
strength. Establishing the potential use of biosolids as a construction material in embankments is the 
main objective of this research. 
 
 
2 MATERIALS AND METHODS 
 
A series of laboratory tests were performed on specimens collected from biosolids stockpiles at waste 
water treatment plant in Melbourne. Laboratory experiments were conducted on untreated biosolids 
along with biosolids stabilised with 5% lime and 5% cement. The optimum dosages of lime and 
cement were selected based on a series of laboratory tests. All test specimens were cured for a period 
of 24 hours, at room temperature of 20-25 °C and relative humidity of 95% to 99%, prior to the 
laboratory testing. 
 
The biosolids samples were taken from several spots at a depth of 0.2 to 1 m from old lagoon in the 
treatment plant. Then, the samples were mixed properly to obtain representative biosolids samples. 
Hydrated lime and ordinary General Purpose (GP) Portland cement were adopted to modify the 
biosolids in this study. Lime is chemically transforms unstable soils into a structurally sound 
construction foundation (Austroads, 1998). Lime is particularly important in road construction for 
modifying and improving the engineering properties of subgrade soils, subbase and base materials 
and also can be used to improve engineering characteristics of biosolids (Austroads, 1998). Portland 
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cement can be used either to improve and modify the quality of soil or to transform the soil into a 
cemented mass, which significantly increases its strength and durability (Austroads, 1998). 
 
The natural moisture content of biosolids was determined by drying the material at oven temperature 
of 50°C, as higher temperatures would cause loss of the organic content. The sieve analysis test was 
conducted according to the Australian standards (AS, 1996) to determine the grain size distribution 
curve of biosolids. For the fine-grained particles, hydrometer analysis was determined by following 
ASTM practice (ASTM, 2007a). Organic content test were conducted by the loss of ignition method 
ASTM practice (ASTM, 2007b). Particle density was undertaken according to Australian Standards 
(AS, 2000). Atterberg limits test was undertaken to determine the plastic and liquid limit of treated and 
untreated biosolids according to the Australian standard (AS, 2009). The pH values of biosolids and 
the mixtures were determined according to the Australian standards (AS, 1997).  Standard proctor 
compaction effort was undertaken to determine the optimum moisture content (OMC) and maximum 
dry density (MDD) of treated and untreated biosolids samples following the Australian standard (AS, 
2003). The samples were compacted in three layers, each layer by 25 blows with a 2.7 kg rammer 
falling freely from 300 mm in height.  
 
California Bearing Ratio (CBR) tests were performed on specimens compacted at optimum water 
content using standard proctor compaction effort and soaked for four days with a 4.5 kg surcharge 
(AS, 1998). Unconfined Compressive Strength (UCS) tests were also conducted according to ASTM 
practice (ASTM, 2006). UCS specimens were compacted in three layers of predetermined mass using 
a standard proctor compaction machine and were cured for 1, 7 and 28 days. The compressibility 
characteristics of biosolids samples were determined using 63.5 mm diameter oedometer 
consolidation cells. The selected vertical stress levels for the oedometer tests were 30 kPa, 60 kPa, 
120 kPa, 240 kPa, 480 kPa and loading duration of 1 day for each stage of consolidation, which was 
followed by an unloading sequence.  
 
The optimum dosages of lime and cement were selected based on a series of laboratory tests. UCS 
test was used to determine the optimum dosage of cement for biosolids mixture following the TxDOT 
test procedure: Tex-120-E (TxDOT, 1999). To determine the optimum dosage of lime, pH 
concentration test results were analysed. 
 
 
3 STABILISATION STUDIES 
 
This section describes the procedures followed to determine the optimum dosages of lime and cement 
as stabilisers for biosolids samples. 
 
3.1 Determination of optimum lime dosage  
 
In this study, pH tests were undertaken to determine the optimum dosage of lime for biosolids 
samples. High pH has been widely used as an indicator of biochemical stabilisation because a pH 
above 11 leads to the immobilization of heavy metals as well as the destruction of pathogens and 
lowering of microbial activity (Kayser et al., 2011). A decrease in pH can lead to a surge in 
biodegradation of organic matter, and a subsequent decrease in strength. Because the organic 
content of biosolids is very high, limiting biodegradation is important and therefore, maintaining a pH 
above 11 is necessary (Kayser et al., 2011). On the other hand, Ciancio et al. (2013) suggested the 
optimum lime content is the minimum lime content required to produce a soil water pH of 12.4, which 
is also called lime-saturated solution.  
 
Biosolids samples were dried at 50°C oven and sieved through 2.36 mm sieve. Different percentages 
of lime 3, 5, 7 and 9% were added to 30 g of biosolids samples by dry mass. Each biosolids and lime 
mixture was then mixed with 75 ml of distilled water in a 100 ml capacity beaker. After stirring the 
mixture properly, the pH of the mixture was measured at 0, 30, 60, 120, 180 and 240 mins intervals. 
Figure 1 (a) shows pH values of mixtures versus the lime dosage in percentage for biosolids samples. 
The pH value of biosolids was significantly increased from 7.4 for pure biosolids to 12.1 when blended 
with 3% lime. Then, the growth of pH value trend of biosolids mixture plateaued when more than 5% 
lime was added. Therefore the 5% lime was selected as the optimum dosage representing the lowest 
amount of lime and nearly highest pH value. 
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Figure 1(a). pH versus percent lime added (b). Variation of lime treated biosolids at different curing 
periods 
 
The pH value of mixtures was also measured after 1,7 and 28 days intervals. The variations of pH 
values of lime treated and pure biosolids with curing period (days) are presented in Figure 1 (b). The 
results illustrates that the pH values of lime treated mixtures has declined with curing time. This 
decline can be due to release of humic acid by organic substances in the Biosolids (Tastan et al., 
2011). After 28 days of curing, the pH values of 5% lime treated biosolids were reduced by 19%. 
However, the pH value of untreated biosolids was initially decreased before starting to slightly 
increase after the first day. 
 
3.2 Determination of optimum cement dosage  
 
Optimum cement content of biosolids was determined using the TxDOT test procedure: Tex-120-E 
(TxDOT, 1999). Dosages of 0, 4, 8 and 10% cement content were used to prepare the specimens for 
UCS testing. The samples were compacted in 4 layers, each layer by 35 blows with a 2.7 kg hammer 
falling freely from 300mm in height. After the compaction and prior to shear test, the compacted 
samples were cured for 7 days inside the damp room. Figure 2 illustrates the variation of cement 
dosage and the UCS values. Figure 2 shows UCS values of cement treated specimen rose with the 
increase in amount of cement. The optimum cement content is defined as a percent of cement in a soil 
specimen that yields an UCS value of 1035 kPa (150 psi) for a treated subgrade soil at a 7-day curing 
period (TxDOT, 1999). Higher strengths (more than 1035 kPa) are not recommended because they 
can lead to cracking. The optimum cement dosage from this study for biosolids samples was 9%. 
However, the optimum cement percentage chosen for this research was 5%. This dosage was 
selected based on the CBR value of the mixture to use as embankment fill material.  
 

 
Figure 2. Determination of optimum cement dosage 
 
4 RESULTS AND DISSCUSSIONS 
 
The geotechnical properties of the stabilised biosolids are presented and compared with the values of 
the untreated biosolids in Table 1. The particle size distribution curve of biosolids sample is presented 
in Figure 3. This curve shows that biosolids contain around 50% of sand sized particles and more than 
20% clay sized particles. The percentages of fine, sand and coarse frictions of biosolids are also 
presented in this figure. 
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Figure 3. Gradation curves for biosolids 
 
Organic content of biosolids was determined by the loss on ignition method. Karlsson and Hansbo 
(1989) stated soils having organic content in the range of 6% to 20% are characterized as medium 
organic soils. The average organic content of the biosolids was approximately 10% that can be 
classified as medium organic soil. The reason behind this low organic content compare to Western 
Treatment Plant (WPT) is a combination of clay from liner mixed with the Biosolids and the age of 
biosolids (Maghoolpilehrood et al., 2013).  
 
Previous studies show that the specific gravity of the western treatment plant biosolids was 1.86-1.88, 
which is significantly lower than that of the inorganic soil and aggregates (Arulrajah et al., 2013). The 
specific gravity of the biosolids studied in this research was found to be 2.58, which is higher than the 
WPT biosolids. The high specific gravity of the biosolids is expected due to the high clay content in 
this material and a moderate organic content. The natural moisture content of the biosolids samples 
was found to be high around 40%, which is higher than its optimum moisture content. 
 
Table 1:  Engineering properties of stabilised biosolids 

Engineering Parameters of stabilised biosolids Pure Bio Lime 5% Cement 5% 
Organic Content (%) 10.4 --- --- 
Specific Gravity, Gs 2.58 --- --- 
Natural Moisture Content in 50°C Oven (%)  33.6 --- --- 
Natural Moisture Content in 100°C Oven (%)  40 --- --- 
Optimum Moisture Content (%) 28 25.8 25.6 
Maximum Dry Density (kN/m3) 1.36 1.38 1.41 
Liquid Limit (%) 61.5 51.7 60 
Plastic Limit (%) 25.1 45 35 
Plastic Index  36.4 6.6 25 
Linear Shrinkage (%) 16.1 5.7 13 
pH 7.38 12.39 --- 
California Bearing Ratio, CBR (%) 6 27 42 
Unconfined Compressive Strength, UCS (kPa) 
1 Day 
7 Days 
28 Days 

 
84 
87 
92 

 
96 
148 
159 

 
205 
231 
245 

Coefficient of Consolidation, Cv (m
2/yr) 1 2.1 1.7 

Coefficient of Volume Change, mv (m
2/kN) 6.65 × 10-5 1.91 × 10-5 2.17 × 10-5 

Hydraulic Conductivity, k (m/s) 2.15 × 10-9 1.24 × 10-9 1.15 × 10-9 
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Atterberg limits test were conducted to measure the plastic limits and liquid limits and corresponding 
plasticity index of the untreated and treated biosolids. The results of Atterberg limits of untreated and 
treated biosolids are shown in Table 1. The results show that the liquid limits would decrease and 
plastic limits would increase by adding both cement and lime. In cement blend, the liquid limit 
decreased slightly but plastic limit increased by 40%. Liquid limit of lime treated mixture declined by 
16% and plastic limit raised by 80%. Both cement and lime admixtures have positive influence on 
reducing the plasticity index respectively by 30% and 80%. Higher reduction in plasticity index of 
biosolids was noticed in lime treated mixture.  
 
Linear shrinkage tests were undertaken to determine the amount of shrinkage that the untreated and 
treated biosolids samples undergoes from their liquid limit to their shrinkage limit. The results of 
shrinkage limit of treated and untreated biosolids are expressed as a percentage in Table 1. The 
biosolids mixtures with lime and cement had lower linear shrinkage than pure biosolids. But again the 
decrease was significant in lime treated material, which was 5.7%, almost 65% lower than pure 
biosolids.  
 
The compaction characteristics including OMC and MDD of treated and untreated biosolids that were 
obtained through standard compaction tests are summarised in Table 1. Figure 4 shows that the dry 
density of biosolids would increase by the additives while the optimum moisture content would 
decrease. The addition of 5% cement increased the maximum dry density of biosolids by 3%. 
 

 
Figure 4. Compaction curves for pure and stabilised biosolids 
 
The compressibility characteristics of biosolids samples were determined using 63.5 mm diameter 
oedometer consolidation cells. The specimens were compacted in one layer inside the standard 
compaction mould and then extruded by consolidation ring with the dimension of 20mm by 63.5 mm. 
The consolidation cells were filled by water immediately after starting the test to let specimen freely 
drainage from top and bottom. The loading sequence of 30-60-120-240-489 kPa and unloading 
sequence of 240-120-60-30 kPa were applied for duration of 1 day.  
 
Figure 5 (a) shows the results of coefficient of consolidation calculated from consolidation test results. 
The variations of void ratio of each sample with the applied vertical pressure and coefficient of 
consolidation from consolidation test results are summarized in Figure 5 (b). The results shows adding 
lime and cement significantly reduce the potential of blend for deformation and settlement. The lime 
stabilisation seems to be more effective in improving the compressibility and swelling behaviour of 
biosolids.  
 
The hydraulic conductivity properties of the untreated and stabilised biosolids with lime and cement 
were computed from the maximum stresses of oedometer results for the coefficient of consolidation 
and indicate the biosolids to have a low permeability. The results of permeability tests are shown in 
Table 1. This results on stabilised biosolids indicate the coefficient of permeability range of 1.01 × 10-7 
to 1.49 × 10-7 which is considered very low according to permeability classification. 
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Figure 5 (a). Coefficient of consolidation versus applied pressure (b) void ratio versus applied pressure  
 
CBR tests were performed in accordance with Australian Standard “Soil strength and consolidation 
tests – Determination of the California Bearing Ratio of a soil – Standard laboratory method for a 
remoulded specimen” (AS, 1998). The samples were compacted at their OMC and MDD content using 
standard compactive effort and tested upon completion of four days soaking condition. Table 1 shows 
the CBR value of pure biosolids significantly increased by additives. The CBR value of cement treated 
biosolids was found to be higher than alternative lime treated samples. UCS tests were performed in 
accordance with ASTM practice (ASTM, 2006). UCS samples were compacted in three layers using 
standard compactive effort and were cured for 1, 7 and 28 days. Figure 6 shows UCS values of pure 
and stabilised biosolids. Curing period was found to lead to an increase in the mean UCS value for all 
samples. The results show adding cement and lime will significantly increase the strength of biosolids. 
 

 
Figure 6. Unconfined Compressive Strength of 1-7-28 days curing samples 
 
 
5 CONCLUSIONS 
 
Biosolids samples were collected from the wastewater treatment plant in Melbourne, Australia and 
tested to investigate their geotechnical characteristics in both untreated and stabilised conditions. After 
stabilisation studies, 5% cement and 5% lime were chosen as optimum percentage of additive. 
Reduction in liquid limit and plasticity index was noticed while additives were added to biosolids. The 
shrinkage value of untreated biosolids was decreased significantly down to 65% by adding lime.  
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The influence of 7 and 28 days curing shows the decline in pH value of lime treated mixtures. The 
experimental laboratory results indicate that the maximum dry density of biosolids increases with both 
stabilisers while the optimum moisture content decreases. Cement and lime stabilised biosolids has 
been found to be a viable fill material for embankments. The stabilised biosolids meet the 
requirements of a Type B embankment fill material. The CBR values of the stabilised biosolids meet 
the minimum value of 2 specified by the local state road authorities for a Type B fill material.  
 
Consolidation test results of stabilised biosolids provided coefficient of consolidation results that are 
useful for predicting settlements of stabilised biosolids embankments. The addition of lime seems to 
be more effective in improving the compressibility and also swelling behaviour of biosolids while 
increasing the strength to some extent. The addition of cement is more effective in increasing the 
strength of biosolids mixture. Further research is recommended on the impact of cement-lime blends 
on stabilising biosolids. 
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ABSTRACT 
 
Three existing landfills for wastes from Carter Holt Harvey Pulp & Paper, Tasman have or are 
reaching the end of their lives.  These landfills receive primary solids (boiler fly-ash, wood fibre and 
lime mud – dewatered to 25-30%), secondary solids (slurry of dewatered dredgings from wastewater 
treatment plant ponds) and dregs (sand, gravel and calcium compounds) are all typical of wastes for 
pulp and paper plants.  New landfill capacity was required for these waste streams starting in 2013.  
An innovative design was conceptualised and underwent detailed design with the construction of 
stage 1 of the facility during 2011-2012 earthworks season.  At the heart of this innovative design is 
the concept of retaining one type of waste by using another.  In this case using the primary solids to 
retain the secondary solids utilising tailings dam design principles.  This paper looks at the 
Environmental impact and Risk considerations which were considered in the design and provides an 
assessment of the operation of the after a year of operation.  Design aspects, the current waste 
streams, the operational aspects and learnings are presented.  The innovative design has been 
accepted by the authorities who have issued resource consents for construction and operation of a 
new landfill facility which is known as the North Valley Landfill (NVL). 
 
Keywords: landfill, waste, pulp & paper 
 
1 INTRODUCTION 
 
Carter Holt Harvey Pulp & Paper Ltd Tasman (CHH) operate a Kraft pulp mill at Kawerau in the Bay of 
Plenty, New Zealand.  As part of the production process, solid wastes are generated that require 
disposal.  In 2009 it was identified that new long term disposal facilities for the various waste streams 
were required as the existing facilities were reaching the end of their lives. 
 
A new facility was designed to accommodate the three types of waste streams primary and secondary 
solids and dregs.  The two waste streams discussed in this paper are described below.  The design 
philosophy is discussed together with the assumptions and pilot testing that was undertaken that 
underpin the design. 
 
2 WASTE TYPES AND DESIGN CRITERIA 
 
The facility receives the following waste types: 
 
2.1 Primary Solids 
 
Primary solids comprise mainly of wood fibre that has dewatered to 25-30% that is derived from the 
underflow from a clarifier.  The underflow is directed through a filter belt press that dewaters the solids 
which are then stockpiled ready for transport by tip truck to the facility for disposal.  Included with the 
primary solids waste stream are the boiler fly-ash and lime mud.  The clarifier treats all the stormwater 
and mill wastewater from the complex and produces primary solids of a consistent character. 
 
The primary solids waste stream has an average of 30% solids and has a specific gravity of between 
0.8 and 1.0.  More than 90% of the primary solids are typically less than 1 mm particle size and 
typically comprises of fibre, lime mud, pumice and fly ash.  Shear box testing of the primary solids 
waste indicated that the geotechnical strength parameters are approximately 20 degrees for internal 
angle of friction and 2 kPa of cohesion. 
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Once placed in landfill, the waste allows loss of free water, but being fibrous, the waste has the ability 
to compact under load (refer to section 3.1 for discussion on compaction).  Falling head testing in the 
existing primary solids landfill indicates that the horizontal saturated permeability rate of the landfilled 
primary solids is approximately 0.4 m/d (4.6 x 10-6 m/s).  It is likely that the vertical permeability would 
be lower when compacted in layers.  The issue of biodegradability was investigated and the existing 
primary solids landfill was subjected to biochemical methane potential (BMP) testing.  BMP testing is 
commonly used anaerobic test method to measure the biodegradability of solid waste.  The 
investigation indicated that the primary solids contained less than 5% of biodegradable material and 
therefore biodegrability was considered not to be an issue. 
 
2.2 Secondary Solids 
 
Secondary solids comprise a slurry of dewatered dredgings from wastewater treatment plant ponds 
and consist primarily of settled solids and biosolids (the residue generated by bacterial breakdown of 

waste as a part of the wastewater treatment process).  The 
dredgings are thickened to around 20% solids prior to disposal.  
The secondary solids naturally dewater to around 30% solids 
insitu.  Previous disposal in the West Valley site was done by 
excavating the dewatered dredgings (see Figure 1) and 
transporting by means of tip trucks. 
 
The secondary solids surface cakes easily resulting in cracks 
that appear on the surface of deposited material.  These cracks 
progressively get filled by additional material that is placed on top 
of the fill.  The resultant fill material is a well pressed and 
dewatered material with a low permeability.  Secondary solids 

has the potential to behave like a liquid (thixotrophic characteristics) when energy is driven into the 
material before it has sufficiently dewatered. 
 
Based on literature values for biosolids, the secondary solids permeability is estimated to be between 
1 x 10-9 m/s to 1 x 10-8 m/s.  Unfortunately to date no secondary solids have been deposited and 
therefore no data is available on its settled density or consolidated density. 
 
3 DESIGN PHILOSOPHY 
 
The design of the landfill used the CAE Landfill Guidelines (CAE, 2000) as a general guide and 
although this publication is aimed at municipal solid waste landfill design, the design guidelines are 
applicable to ensure a robust and technically acceptable design.   
 
Early in the concept design of the landfill, the idea of using the primary solids to retain the secondary 
solids was investigated.  The differences in the volumes generated between the two waste streams 
indicated that it was possible to deposit a sizable body of primary solids ahead of depositing the 
secondary solids.  The key to the concept was understanding the characteristic of the waste types.  
These attributes included the ability of the primary solids to be formed into a stable structure.  
Laboratory testing of the waste indicated that the primary solids in a compacted state processed 
suitable shear strength properties.  The bulk density of the compacted waste was also considered to 
be a potential issue. 
 
The use of waste material used to contain the same or other waste material is common practice in the 
operation of mine waste facilities (commonly called tailings dams).  Experience by one of the authors 
in using coal fines to construct an outer wall to contain coal fine slurry indicated that it was possible to 
utilise low density materials in this fashion (Strayton & Wates, 1994).  This method was first tested at a 
pilot scale before undergoing full scale testing and upon successful conclusion of these tests, the 
method was implemented at Rietspruit Coal Mine in the early 1990’s.  The tailings dam was operated 
in this manner successfully until the end of its life in 2006. 
 
A further motivation of mono-filling the two wastes was to facilitate reclamation at a later date should a 
beneficial use be found for one or other of the waste streams. 
 

Figure 1. Dewatered Dredgings 
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3.1 Pilot Test 
 
In order to understand the behaviour of the primary solids when utilised as a bulk fill material, a pilot 
test embankment of primary solids (Figure 3) was constructed at the site of the existing primary solids 
landfill in 2009.  The embankment was constructed from compacted primary solids and left for a period 
of 6 months.  The embankment was visually assessed on a regular basis and examined for any loss in 
integrity.  After this period the embankment was excavated and samples taken to determine the 
geotechnical properties of the compacted primary solids.  The test results indicated that there was no 
increase in bulk density and shear strength with depth and that the material exhibited the same 
strength as determined by the laboratory testing.  This indicated that the material once compacted 
retained its density.  In situ shear strength testing of the compacted primary solids indicated an 
average undrained shear strength of 10 kPa with a variability of 2 kPa to 40 kPa.  No consolidation 
testing was done. 
 
During the same period of the primary solids pilot test, the existing secondary solids were investigated 
on two occasions.  The first was during the deposition of secondary solids following dewatering. 
During this phase the deposited material was in a slurry form and flowed across the previously 
deposited secondary solids.  The freshly deposited area was excavated and it was observed that 
although the fresh material did not exhibit any substantial shear strength, the previously deposited and 
drained secondary solids did.  It behaved with a soil type shear strength character.  The second done 
a couple of months after the first, indicated that the secondary solids had dried out and that there was 
no saturated zone within the waste.  All free water had been drained through the base of the landfill. 
 
3.2 Design Assumptions 
The types and characteristics of the waste streams are described in Section 2 above.  The expected 
annual volumes are given in Table 1. The life of the facility has currently been capped at 35 years and 
the resource consent has a validity period of 25 years.  The main reason for the reduction in volume is 
improved source control, operation of the clarifier and the division of the primary solids between the 
various owners of the mill site who now have different landfills. 
 
Table 1: Waste Deposition Volumes (wet Tonnes) 

Waste Stream Estimated tonnage 
(T/year) 

Estimated volume 
(m3/year) 

Primary Solids (original estimate) 88,000 83,600 
Primary Solids (updated estimate – CHH qtys only) 24,600 23,400 
Secondary Solids 15,000 (incl water) 3,0001 (dewatered) 
Dregs 6,000 3,500 
Notes:  
1 – Secondary solids volume after full drainage. 

 
4 DESIGN 
 
The primary solids landfill (incl boiler ash and lime mud) was designed to fill the upper portion of the 
main valley of the site with an estimated volume of 3 million m3.  The total landfill capacity of the full 
valley is 8 million m3.  Based on the current revised annual tipping rate, this landfill is estimated to 
have an overall capacity of approximately 340 years of operation should the entire footprint be utilised. 
 
The design was based on the concept of utilising the primary solids to retain the secondary solids.  
Given that this would be the first industrial waste disposal facility in New Zealand to incorporate this 
philosophy, the design included additional measures to confirm the feasibility of the operation and to 
allow the facility to be monitored during the initial landfilling phase of the complex. 
 
The initial containment bund was constructed to a height of 5 metres, to enable initial filling of the 
secondary solids and allow the generation of a phreatic surface within the secondary solids to be 
monitored.  This compacted earth bund provided an initial barrier and allowed the primary solids to be 
deposited in the area to develop a substantial bund with a crest width in excess of 50m.  At this width, 
the stability for the worst case scenario of totally saturated secondary solids being retained and a 
phreatic surface developing within the primary solids bund, was considered acceptable. 
 
The rate of rise of the secondary solids decreases as the available area within the deposition area 
increases.  In order for the secondary solids to be contained, the containment wall above the initial 
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earth bund is to be constructed from primary solids and will have to be constructed at a rate in excess 
of the rate of rise of the secondary solids.  To ensure that the rate of rise of the primary solids is in 
excess of the secondary solids rate of rise, Phase 1 of the primary solids landfilling is limited to an 
area of approximately 5 ha or less.  This provides the required rate of rise for the primary solids.  
Filling beyond this area (with the exception of the noise bund) will not commence until the containment 
bund has been constructed to full height of between 120-130mRL.  This is illustrated in Figure 1. 
 
As part of the consenting process a range of environmental effects were considered – groundwater, 
surface water, ecological, atmospheric, noise, archaeological, amenity, visual and nuisance (Pattle 
Delamore Partners, 2009).  The assessment found that effects of the leachate from the primary and 
secondary solids on the groundwater were considered to be minor.  However based on the 
groundwater model which indicated a “soft” groundwater divide between the valley site (draining to the 
wastewater treatment ponds) and the area to the north of the valley (draining to the Mangone Stream) 
a bund of compacted earth was designed to move any deposition of secondary solids to a min 
distance of 10m away from the divide.   
 
The effects on the surface water and ecological environment were mitigated through the use of 
stormwater detention ponds at the end of the valley to control stormwater runoff and apply treatment 
to the stormwater prior to discharge to the downstream wetland.  The effects on the other aspects 
were considered minor.  The visual and amenity aspects were enhanced by the planting of a 
screening forest along the northern edge of the valley which will provide a visual screen between the 
neighbours, State Highway and site.  An extensive monitoring programme was a condition of consent 
and this is in line with the conservative approach taken by the regulators (Matuschka, 2003) and in 
accordance with approaching the design in a conservative manner. 
 
An important part of the design was to assess the system risk of the facility.  The environmental risks 
were covered by the assessment of environmental effects as summarised above.  The health and 
safety risk was assessed by applying the principles of Dam Safety to the facility.  Because of the non-
spadeable nature of the secondary solids at the time of tipping, landfilling of this waste has been 
conservatively designed around liquid containment, even though the waste eventually solidifies as it 
drains.  To confirm this, a set of pneumatic piezometers were installed to monitor the potential rise and 
fall of the phreatic surface within the body of the secondary solids. 
 
Under the Building (Dam Safety) Regulations of 2008, promulgated under the Building Act 2004, this 
initial containment and future primary solids bund can be considered a large dam as it impounds more 
than 20,000 m3 of potential liquid or fluid and has a height in excess of 4m.  As a result the landfill will 
need to be classified in terms of Tables 1 and 2 of the Regulations once the regulations are in force.  
However an initial review of these tables indicates that the secondary solids landfill would be classified 
as causing minimal damage and that the classification would be Low given that fatalities are highly 
unlikely (Department of Building and Housing, 2008).  The New Zealand Society on Large Dams 
(NZSOLD) Dam Safety Guidelines (NZSOLD, 2000) also provides a classification as to the potential 
impact of the dam.  The NZSOLD guidelines contain four categories of Potential Impact Categories 
(PIC) namely; very low, low, medium and high.  Based on these PIC’s the secondary solids landfill 
would be categorised as Low to Very Low given minimal damage that could occur and the fact that no 
fatalities are expected. 
 
An assessment based on the factor of safety of the primary solids containment bund has been 
undertaken to determine the minimum crest width of this wall during construction.  The area is 
considered to be seismically active within the Rotoitipaku Fault Zone, which trends SW-NE running 
through the area.  Bay of Plenty Regional Council (BoPRC, 2014) records indicate that the expected 
earthquake return period for earthquakes (in the Bay of Plenty region) is as follows: 
 

 For a magnitude 6 to 7 earthquake, 5 to 10 years 
 For a magnitude 7 to 8 earthquake, 35 to 45 years 
 For a magnitude 8+ earthquake, 150 to 180 years  

 

Therefore, an earthquake of between magnitude 6 to 8 can be expected during the life of the landfill.  
A review of the largest earthquakes recorded in the Bay of Plenty area are: 
 

 Edgecumbe – 2 March 1987 magnitude 6.5. 
 Gisborne – 20 December 2007 magnitude 6.8 
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 East Cape - 6 February 1995 magnitude 7.0 
 Hawkes Bay – 3 February 1931 magnitude 7.8, 13 February 1931 magnitude 7.3 and 

23 February 1963 magnitude 7.5. 
 
Peak ground accelerations measured for the Edgecumbe and Gisborne earthquakes were 0.26g and 
0.28g respectively.  These two earthquakes fall within the range estimated by BoPRC and therefore 
these peak ground acceleration measurements are considered to be representative of a possible 
seismic event within the landfill area during the life of operation of the landfill.  A stability assessment 
was undertaken to assess the required dimensions of the secondary solids containment bund under 
earthquake conditions (taken as 0.3g), typical to the area.  The stability assessment involved the 
calculation of the factor of safety of the containment bund, when constructed from primary solids, to a 
maximum height of 30 metres.  In these stability assessments worst case scenarios were modelled 
with phreatic surfaces being developed in line with those experienced in tailings dam impoundments 
(van Zyl & Harr, 1977).  Based on the stability assessment, the containment wall will require a 
minimum crest width of 10m at all times to maintain an acceptable factor of safety in excess of 1.3 
under static conditions and around unity under seismic conditions.  As noted above, a minimum crest 
width of 50 m will occur during construction. 
 
5 CONSTRUCTION 
 
The pre-deposition works were constructed in 2011 - 2012 and involved the construction of the 
Secondary solids deposition area, the groundwater divide, noise bund, initial containment bund, 
stormwater ponds and all haul roads.  These works provided the necessary infrastructure for the 
deposition of primary and secondary solids.  As the works were all within the Rotoiti ash soils erosion 
of the formed earthworks was an issue and this was solved by the immediate application of liquid soil 
and mulch to prevent erosion.  Stormwater swales were armoured against erosion and numerous 
soakholes were constructed to dispose of stormwater.  Construction of all components was completed 
in June 2012. 
 
6 OPERATION 
 
6.1 Primary Solids Staging 
 
The deposition of the primary solids is initially part of the secondary solids containment bund (See 
Figure 2).  The containment bund of primary solids will be constructed over a six and a half year 
period reaching a height varying between RL120m and RL130m to emulate the surrounding 
topography.  The NVL is operated by a contractor engaged by CHH. 
 

 
Figure 2. Proposed Containment Bund Filing 
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The primary solids are currently being compacted to form a stable bund (See Figure 2).  Deposition of 
primary solids began in December 2012 and has been ongoing to-date.  The solids are deposited by 
tip truck and spread and compacted by a bulldozer and excavator.  The compaction is tested by 

means of scala penetrometer to 
ensure the required compaction is 
achieved.  Six monthly site inspections 
and walkovers are undertaken by a 
suitably qualified person and regular 
monthly meetings are held between 
CHH and the Contractor. 
 
6.2 Secondary Solids Staging 
 
The design has deposition of 
secondary solids behind the initial 
containment bund, which will allow for 
approximately one year of secondary 
solids deposition.  Access roads were 
constructed around the perimeter of 
the secondary solids to allow even 
deposition from tip sites constructed 
along the road.  The tip roads are 
accessed from the containment bund 
bench, and will allow secondary solids 

to be tipped around the entire perimeter of the secondary solids thus controlling the formation and 
position of any pool of supernatant water. The intention is to create a “beach” of secondary solids 
which directs the supernatant water to the back of the deposition area and away from the containment 
bund.  The high permeability underlying soils will drain the secondary solids allowing the formation of 
an unsaturated body of a soil like material (See Figure 3) 

To date however, no secondary 
solids have been deposited and 
therefore no monitoring of the 
performance of the secondary solids 
has been able to be undertaken.  
Confirmation therefore of the visually 
observed behaviour of the secondary 
solids during the last deposition at 
the previous site has not been 
possible.  Changes to the operation 
of the wastewater treatment plant 
indicate that minimal secondary 
solids will be generated in the near 
future. 
 
6.3 Contingency 
 
The major contingency events at the 
site are considered to be 
earthquakes and failure of the 
primary solids bund.  In terms of 
construction the design of the 
underdrains and retaining structures, 

these have been designed to accommodate at least an earthquake loading of 0.3g with the 
underdrains also designed as flexible conduits by using drainage stone to ensure continuity along the 
drains. 
 
The resource consent requires that an Embankment Safety Assurance Plan (ESAP) be developed for 
the facility.  This was done and forms part of the monitoring plan.  The key aspects of the ESAP are 
detailed below.  
 

Figure 4. Drained Secondary Solids 

Figure 3. Compacted Primary Solids 
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6.3.1 Embankment Safety Assurance Plan 

6.3.1.1 Safety 

The safety of the secondary solids containment bund could be threatened by climatic conditions, 
geotechnical instability, poor design, poor operational management, adverse environmental impacts or 
inadequate access controls.  The containment bund is to be inspected and checked in accordance 
with a checklist provided in the monitoring plan.  This inspection shall be done weekly for the duration 
of the deposition of secondary solids and for the month following cessation of deposition. 

6.3.1.2 Stability 

Stability of the containment bund is an aspect of safety that is considered important enough to be 
addressed separately.  The major aspects which affect slope stability are: 
 

 Slope angle. 
 Strength of fill materials. 
 Position of phreatic surface (saturation levels). 
 Seismicity. 

6.3.1.3 Emergency Situations 

Three emergency situation categories for the facility have been established.  These are: 
 
Emergency Situation A – Evacuation 
 
In this case the area downstream within the zone of influence shall be evacuated.  The zone of 
influence covers the area of the valley between the primary solids landfill and the Booker wetland.  
Examples of such a situation are: 

 Failure of the containment bund and secondary solids flowing downstream. 
 Overtopping of the containment bund by secondary solids, supernatant water or 

stormwater. 
 An earthquake or seismic event which has damaged the containment bund. 
 Large cracks (exceeding 50mm in width) appear and continue to propagate in the 

containment bund.  Cracks that increase in width at a rate exceeding 50mm per day 
are regarded as very serious. 

 Relative vertical movement in excess of 500mm in the containment bund. 
 Formation of erosion tunnels and/or seepage of more than 5L/sec on the outerslope of 

the containment bund and seepage that contains secondary solids. 
 
Emergency Situation B – Preparedness 
 
In this case the identified responsible people are notified and preparations are made to implement 
evacuation following investigation and/or discussion.  Examples of such a situation are: 

 Seepage on the downstream slope of the containment bund containing secondary solids. 
 Supernatant water pool is adjacent to the containment bund and there is less than 1m of 

freeboard. 
 Freeboard at any point is less than 500mm and there is free supernatant water on the 

surface of the secondary solids within 50m of the containment bund. 
 
Emergency Situation C – Advice 
 
In this case the operator notifies facility manager who then obtains professional advice.  Examples of 
such a situation are: 

 The presence of any seepage on the containment bund. 
 Unusual increase in drainage flows from the underdrains especially during dry weather 

spells. 
 Development of any wet patches on the downstream face of the containment bund 
 Formation of erosion gullies in the containment bund 
 Blocked underdrains 
 Underdrains drawing fines from the secondary solids 
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 Presence of any cracking of the containment bund outer face or crest. 
 
It should be noted that the above represent worst case scenarios and that these are not considered to 
represent expected or day to day operational conditions.  Experience with the previous secondary 
solids deposition site indicates that any free water drains away and that the secondary solids effectivily 
drains to form an unsaturated soil like structure. 
 
7 CONCLUSION 
 
The design philosophy of using waste material to retain another type (or even the same type) of waste 
is common practice in the mining industry.  The utilisation of this philosophy for the North Valley 
Landfill facility is a unique application for these types of waste products and this design has indicated 
that it can be successfully implemented. 
 
The success of the implementation of this type of design depends in a good understanding of the 
nature and characteristics of the waste type involved.  Adherence to sound engineering practice and 
assessing the risks also contribute to a successful design. 
 
Unfortunately the lack of production of secondary solids to date has hampered the implementation of 
the design and the expected behaviour of the secondary solids has yet to be verified at the facility. 
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ABSTRACT 
 
Lime activated GGBS has been investigated to improve the Acid Sulphate Soils (ASS) found along the 
coastline of Australia. Biochar is an environmentally friendly carbon negative material which has been 
incorporated for soil stabilisation works. ASS was treated with different proportions of biochar, lime 
and GGBS. Treated ASS was cured for up to 6 months in a humid chamber and tested for the 
unconfined compressive strength and mineralogical developments. Results of this study show that 
biochar can be sequestered in the stabilisation of ASS to achieve a desired strength and reduction of 
carbon intensive cementing materials (lime, cement). It has been found that the UCS of treated ASS 
increases up to 3 months curing for the additives proportions investigated.  
 
Keywords: Acid sulphate soil, soil improvement, lime-GGBS-biochar, unconfined compressive 
strength, mineralogy 
 
 
1 INTRODUCTION 
 
Improvement of soft soils with cementitious additives (e.g., lime, cement) has been practised since 
1990s for the development of a wide range of infrastructure. Some of the commonly investigated 
stabilizing agents are cement, lime, fly ash and ground granulated blast furnace slag (GGBS) 
(Wilkinson, et al., 2010). The use of industrial by-products such as GGBS and fly ash (which would 
otherwise be used for landfill) has economic, environmental and social benefits while improving the 
strength properties of soft soils. Approximately 3.1 million tons of GGBS is generated per year by iron 
and steel manufacturing industries in Australia (Cooper, 2005). However, GGBS alone is not effective 
for soil stabilization as it requires lime or cement to activate for cementitious reactions (Karmon & 
Nontananandan, 1991). Moreover, in the case for lime activated GGBS, an amount of lime satisfying 
the lime saturation pH is necessary for sustainable cementitious reactions (James, et al., 2007). 
Australia has significant deposits of soft acid sulphate soils (ASS) containing pyrite (FeS2) mineral 
along the coastline (c. 95,000km2). It has been reported that the consumption of lime to activate 
GGBS for the stabilization of ASS is significant (10-15%) (Islam et al., 2014; 2013). Although utilisation 
of GGBS may reduce green-house gas emissions, concern still arises from the lime and cement 
requirements as the production of these materials emits a significant quantity of CO2 to the 
atmosphere. Moreover, properties of stabilised soils and concrete infrastructure built in ASS undergo 
degradation due to the formation of deleterious minerals, such as thaumasite (Alonso & Ramon, 
2012). Therefore, it is of significant importance to reduce the amount of lime utilisation in an 
environmentally friendly, efficient and sustainable manner. 
 
Biochar is an alkaline material produced from the burning of green wastes or tree residues in a low 
oxygen and medium-high temperature environment, known as pyrolysis. It has the ability to enhance 
soil fertility while permanently storing carbon in the soil  (Zwieten, et al., 2009). Biochar with high pH 
has the potential to reduce the amount of lime required in the conventional stabilisation process. It has 
time-dependent cation exchange capacity which is beneficial for the long-term strength development. 
Even though biochar shows such environmentally friendly, sustainable and beneficial characteristics, 
its incorporation in soil stabilisation has been limited to date (Haque et al., 2014). This study 
investigates the time-dependent strength behaviour of lime-GGBS treated acid sulphate soils (ASS) by 
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incorporating different proportions of biochar. In addition, mineralogical studies of treated ASS at six 
months curing were carried out. Results of these tests are analysed and reported in this paper. 
 
2 EXPERIMENTAL INVESTIGATION 
 
2.1 Materials 
 
Coode Island Silt (CIS) is a soft ASS which can be found up to 25+m depth in the Melbourne CBD. It 
has high compressibility and low shear strength. Structures built on CIS undergo significant settlement 
under applied pressure (Ervin, 1992).  CIS has been classified as a potential acid sulphate soil and 
has been recognized as harmful to the environment (Marie, 1999). 
 
In this study, CIS (Liquid Limit=82, Plasticity Index=43, % finer 75�=55%) was collected from the 
Dockland area of Melbourne CBD from a depth of 10 to 12 m. Laboratory test showed that it had an 
initial pH value of 7.6 and moisture content of approximately 67%. The soil consists of quartz (24%), 
smectite (32%), kaolinite (23%), illite/mica (10%), feldspar (5%) and pyrite (4%). The natural CIS was 
left in the air for about two years to simulate the oxidation process of pyrite. The CIS had a moisture 
content of 5% and a pH of 3.44 simulating a real ASS which is the subject of this study. The CIS has 
been stabilised by adding various proportions of lime (2, 4, 6%), GGBS (15, 20%) and biochar (10, 
20%). Hydrated lime [95% Ca(OH)2] and GGBS (43% CaO, 32% SiO2, 14% Al2O3) have been used in 
this investigation. The properties of biochar are given in Table 1.   

 
Table 1:  Properties of biochar 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

2.2 Initial consumption of lime (ICL) test 
 
ICL test was conducted to determine the minimum quantity of lime required to maintain a sustainable 
cementitious reaction environment in the stabilisation of CIS containing different proportions of biochar 
(10, 20, 30%). In this test, 30g of solid (CIS and biochar) was mixed with 100ml of water and the pH of 
the mix was measured after 1.5hours. Figure 1 shows the variation of pH with the increase of lime and 
biochar contents. It can be seen from the figure that, the increase of biochar from 10 to 20% increases 
the pH from 7 to 12 for a low dose of lime (2%). Further addition of biochar (30%) has not shown any 
appreciable increase of pH. The pH remains constant after reaching the lime saturation pH of 12.53, 
with 4% lime and 10% or greater amount of biochar. In this study, 2 to 6% lime was investigated to 
stabilise the CIS with different proportions of GGBS and biochar as shown in Table 2. 
 

 
 
 
 
 
 
 

Properties Units Values 

Total organic matter  % 3 

Total organic Carbon  % 1.5 

Exchangeable Calcium meq/100g of soil 0.99 

Exchangeable Magnesium meq/100g of soil 0.13 

Exchangeable Sodium meq/100g of soil 0.34 

Exchangeable Potassium meq/100g of soil 0.57 

Cation Exchange Capacity meq/100g of soil 2.3 

pH  8.3 
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Figure 1. Results of initial consumption of lime tests (L: Lime; B: Biochar) 
 
 
 
Table 2. Proportions of additives investigated 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
2.3 Sample preparation 
 
The biochar was oven dried, ground into fine particles and passed through 425 microns sieve. The 
CIS was treated by mixing different proportions of biochar, lime and GGBS as mentioned in Table 2. 
Mixed CIS and additive slurries were carefully weighed into a steel bowl and sufficient water was 
added to make the moisture content of 130%, which is about 1.3 times the liquid limit of CIS. This 
enabled the intimate mixing of soil components with stabilizing agents and ensures a sustained 
hydration reaction (Wilkinson, et al., 2010). The mixing was performed within 20 minutes using a mixer 
machine to avoid initial hardening. The mixed slurry was then poured into a 52mm diameter and 
110mm height poly vinyl chloride (PVC) moulds. A thin layer of grease was applied in the inner 

0

2

4

6

8

10

12

14

0 1 2 3 4 5 6 7

pH

Additives proportions

2L10B 2L20B 2L30B 4L10B 4L20B 4L30B

Hydrated Lime (%) GGBS (SLAG) 
(%) 

Biochar 
(%) 

2 

15 10 

20 

20 10 

20 

4 

15 10 

20 

20 10 

20 

6 

15 10 

20 

20 10 

20 

75



surface of PVC moulds to ensure smooth extraction of the sample from the mould after curing. A mild 
vibration was applied on the outer surface of the moulds after placement of the slurry to minimise the 
voids and entrapped air bubbles within the samples. The ends of the moulds were sealed with plastic 
sheets to minimize carbonation and stored at 23°C in a humid chamber for various curing periods (1, 
3, 6 months). 
 
2.4 Unconfined compressive strength (UCS) test 
 
UCS test was carried out on cured samples as per AS 1141.51 (1996) Tests were conducted on at 
least three samples for each combination of additives and curing periods.  
 
2.5 Scanning electron microscopy (SEM)  
 
SEM imaging was carried out at 6 months of curing to study the mineralogical development within the 
treated CIS. A JEOL 7001F available at the Monash Centre for Electron Microscopy (MCEM) was 
used for this purpose. Crushed specimens of treated samples were used for SEM imaging. A platinum 
coating of 3-nm thickness was applied using a vacuum evaporator prior to analysis.  
 
3 RESULTS AND DISCUSSIONS 
 
3.1 Unconfined compressive strength (UCS) of treated CIS 
 
UCS tests were conducted on three samples for each combination of additives and curing periods. 
Average UCS results of three samples were determined and plotted against the curing periods in 
Figures 2 and 3.  
 
Figure 2 shows the UCS variation with curing for 10% biochar containing CIS treated with 2 to 6% 
lime, and 15 and 20% GGBS. It can be seen that lime and GGBS have significant influence on the 
strength development of treated CIS. For a fixed biochar and lime contents, an increase in GGBS 
content is found to increase the UCS for all curing periods. On the other hand, for a fixed amount of 
GGBS, an increase in lime content increases the UCS except for CIS treated with 4% lime at 6 
months. It can also be seen that the increase in UCS with curing for all additive contents increases up 
to 3 months and thereafter the increase of UCS is insignificant. The addition of more lime in the 
reaction environment ensures activation of higher quantity of GGBS leading to more pozzolanic 
reactions products. The slow rate of increase of strength development after 3 months could be due to 
the unavailability of lime in the reaction system. Recently Islam (2014) reported UCS results of 10% 
biochar mixed CIS treated with 10 and 15% lime and 15% GGBS. This study found that 10% lime was 
still inadequate to increase the UCS after 3 months curing. However, an increase of lime from 10 to 
15% was reported to contribute to the development of cementitious reaction products and the UCS of 
CIS up to 6 months. It can also be seen that increase of GGBS alone can impart appreciable UCS 
development after 3 months (Figure 2). 
 
Figure 3 shows the UCS variation with curing for 20% biochar containing CIS treated with different 
proportions of lime and GGBS. Likewise 10% biochar (Figure 2), the increase of lime and GGBS 
increases the UCS for all curing periods investigated. More interestingly, the UCS is observed to 
increase up to 3 months curing with insignificant changes thereafter. It is important to note that 10% 
biochar containing CIS shows relatively higher UCS except for CIS treated with 4% lime and 15% 
GGBS, where 20% biochar containing CIS shows high UCS. As found for 10% biochar containing CIS, 
6% lime is found to be inadequate for 20% biochar mixed CIS for strength development after 3 months 
curing. This again shows that higher quantity of lime may be required if long-term strength 
development is of concern. 
 
The two biochar contents (10, 20%) investigated in this study show that the UCS of ASS can be 
improved significantly by adding relatively lower dose of lime (2-6%) compared to that of the 10-15% 
lime required for treating ASS. This study is encouraging from the soil stabilisation viewpoint, where 
incorporation of biochar in the treatment of ASS can potentially reduce CO2 emissions to the 
atmosphere through the utilisation of reduced amount of carbon intensive additives (lime, cement) as 
well as permanently sequestering carbon into soils. 
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 Figure 2. UCS test results of 10% biochar mixed CIS treated with different proportions of lime and 
GGBS [L: Lime, S: GGBS, B: Biochar]   

 

 
Figure 3. UCS test results of 20% biochar mixed CIS treated with different proportions of lime and 
GGBS [L: Lime, S: GGBS, B: Biochar] 
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3.2 Mineralogical analysis of treated CIS 
 
SEM imaging was carried out on treated CIS to analyse the mineralogical development. Figure 4 
shows the SEM images of CIS containing 10% biochar treated with 4% lime and 20% GGBS at 6 
months of curing. The image shows the biochar and clay particles together with the cementitious 
reaction products (C-S-H). The interaction between biochar and cementitious minerals can be 
observed in Figure 4a. It can be seen that the cementitious reaction products form on the surface of 
the clay particles as well as at the biochar-clay particles interfaces. Figure 4b shows the zoomed in 
image of Figure 4a, where the honeycomb structure of biochar is evident. Moreover, the integration of 
cementitious materials (e.g., C-S-H) with biochar can be observed, which is believed to enhance the 
UCS of treated CIS with time. A recent study carried out by Islam (2014) on 10% biochar mixed CIS 
treated with 10% lime and 15% GGBS reported the mineralogical developments using the X-Ray 
Diffraction test at 6 months curing (Figure 5). The investigation found the presence of cementitious 
minerals of jennite, apophyllite, gismondine and afwillite in the XRD patterns at 6 months curing. 
 

 
 
Figure 4. (a) SEM image of CIS containing 10% biochar treated with 4% lime and 20% GGBS at 6 
months curing, and (b) interaction of biochar-clay-cementitious materials (zoomed).  

Figure 5. XRD trace of CIS containing 10% biochar treated with 10% lime and 15% GGBS at 6 months 
curing (Islam, 2014) [Q: Quartz, I: Illite, K: Kaolinite, P: Pyrite, C: Calcite, Ap: Apophyllite, Gs: 
Gismondine, F: Fluorite, A: Afwillite, J: Jennite]. 
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4 CONCLUSIONS 
 
Acid sulphate soil (ASS) was treated with biochar, lime and GGBS in the laboratory. The treated ASS 
was cured in a humid chamber for up to 6 months and tested for unconfined compressive strength 
(UCS) developments. Scanning electron microscopy was also conducted on treated ASS.  
 
Results shows that increase of lime and GGBS increases the UCS of treated ASS for all curing 
periods investigated. It has also been observed that UCS increases with curing up to 3 months and 
thereafter insignificant change has been registered for all the additive contents investigated. Addition 
of further lime and GGBS may influence the strength development at longer curing periods. This study 
finds that biochar (10-20%) can be sequestered during the improvement of soft ASS by mixing lime-
GGBS. Inclusion of biochar in ASS treatment could reduce the use of carbon intensive alkaline 
materials (lime). The reduction of lime consumption could bring significant benefits to construction 
industries through reducing CO2 emissions and permanently sequestering biochar carbon into soils. 
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ABSTRACT 
 
The University of Wollongong Landslide Research Team has completed a GIS-based Landslide 
Susceptibility model for the entire Sydney Basin region. According to the Australian Bureau of 
Statistics and the 2011 Census data, the population within the Sydney Basin Study area is 
approximately one quarter of the population of Australia. This model has been developed with the aid 
of a large scale Landslide Inventory for NSW, which contains 1823 landslides to date. A composite 
geology dataset has also been developed using commercially available geology datasets including 
those from NSW Department of Primary Industries and elsewhere. The model employs a 10m pixel 
Digital Elevation Model (DEM) across the entire study area derived from either Local Government 
sourced Airborne Laser Scan data and where absent the 30m pixel year 2000 Shuttle Radar 
Topography Mission (SRTM) data. Using techniques developed over the last decade and refined 
ArcGIS tools developed over the last three years, Data Mining methods and ESRI ArcGIS capabilities 
have enabled the modelling to produce a very useful zoning outcome over the entire Sydney Basin 
area. The Major advantage of this new tool is that it applies the See5 logic derived from rule sets over 
a large datasets, and produces a visually interpretable outcome. The authors expect the susceptibility 
zoning are suitable for use at Regional to Local Advisory level Local Government Planning 
Development Control Plans. 
 
Keywords: landslides, susceptibility modelling, GIS, See5, flows 
 
 
1 INTRODUCTION 
 
This paper discusses the progress of flow category landslide susceptibility modelling of the Sydney 
Basin study area. After compiling of major datasets for the entire Sydney Basin study area, a 
susceptibility model for flows was developed along with the slide category landslide susceptibility 
modelling. The Sydney Basin study area region extends from Newcastle in the north to Batemans Bay 
in the south and west to include the Blue Mountains, an area of 30,603 km2in NSW, Australia. The 
Australian Bureau of Statistics and the 2011 census data reports that the population within this area is 
5.4 million people, approximately one quarter of the population of Australia. Therefore, proper land-
use planning is considered essential to cope up with the increasing pressure to develop marginal land. 
In local government areas where catastrophic landslides have occurred, Landslide Risk Assessment 
and management, is recognised as important for proper land-use zoning practices. The Landslide Risk 
Management Guidelines (AGS, 2007) and JTC-1 2008 (Fell et al., 2008; Fell et al., 2008) state the 
development of Landslide Inventories and then Landslide Susceptibility Zoning as the first step of 
landslide risk assessment for effective land use planning.  
 
Based on detailed and comprehensive landslide mapping, as a companion paper to slide modelling 
(Palamakumbure et al., 2014), this study focuses on using a data mining technique, namely decision 
tree derived rule-sets, to model the susceptibility of flow category landslides. In the literature, decision 
trees have been used to map landslide susceptibility in numerous occasions and this technique is well 
known for its enhanced predictive capabilities, transparency and interpretability (Flentje et al., 2007; 
Saito et al., 2009; Miner et al., 2010; Wang and Niu, 2010; Yeon et al., 2010). See5 data mining 
software (Quinlan, 2013) developed based on C5 learning algorithm, was used in this study to develop 
decision tree derived rules.  
 
Expansion of the University of Wollongong (UOW) landslide inventory from its Illawarra centric 
coverage to include the landslides across the entire Sydney Basin study area has been undertaken by 
the Landslide Research Team (LRT) (Flentje et al., 2012). To November 2014, the inventory contains 
1823 landslides, out of which 267 are flows. Figure 1 summarises the volume distribution of 93 flows, 
of which the detailed information is available in our inventory. Compilation of a high/medium resolution 
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composite Digital elevation model and Geology datasets has been completed. With the data collection 
now being finalized, two susceptibility maps for slide and flow category landslides have been 
prepared. These susceptibility zoning outcomes are suitable for use as Preliminary or up to 
Intermediate level Susceptibility Zoning for Local Government Planning Development Control Plans in 
the absence of any other information.  

 
Figure 1. Volume distribution of 93 flows 

 
2 DATA SETS AND TOOLS 
 
2.1 Digital Elevation model  
 
High resolution Airborne Laser Scan data (ALS) is available for some parts of the study area. In order 
to cover remaining parts of the study area, CSIRO/Geoscience Australia/NASA Global DEM V2.0 
(NASA, 2011) at 30m was used. The high density ALS point cloud is suitable for preparing a high 
resolution DEM at 10m. Therefore, NASA GDEM was resampled into 10m grid cell size before 
combining it with the ALS DEM to produce a composite digital elevation model to cover the study area.   
Subsequently, from this DEM, eight other derivatives namely, Slope, Aspect, Curvature, Profile 
Curvature, Plan Curvature, Flow Accumulation, Wetness Index and Terrain classification were 
obtained as model input layers  
 
2.2 Software tools 
 
For the model development and multilayer data analysis, ArcGIS v.10 software environment was 
used. Furthermore, See5 software was used to derive decision tree based rule-sets.  The entire data 
mining and GIS process was automated by developing an ArcGIS Landslide data mining (LSDM) add-
in toolbar(Palamakumbure et al., 2014). This tool automates a series of tedious manual processes 
involved in data extraction, preparation, deriving See5 rules and preparation of the ArcGIS 
susceptibility grid.  
 
3 LANDSLIDE PREDICTIONS AND THE SUSCEPTIBILITY  
 
The ArcGIS LSDM toolbar has been used to finalise the process of extracting attributes of the GIS 
data layers, calling See5, applying rule based predictions over the study area and making the final 
susceptibility map. The training dataset was prepared by selecting all of the flow category landslide 
pixels and an equal number of non-flow pixels to balance the numerical output of the model. The 
attribute values of each input layers corresponding to all of the flow pixel locations and selected non-
flow locations were extracted as separate training cases. The See5 constructs decision tree classifiers 

81



by defining test conditions based on the attribute values and splitting the training data into smaller 
subsets.  
 
Normally the See5 learning algorithm being a discrete or categorical classifier predicts a discrete class 
corresponding to a case. However, according to the Landslide Risk Management (LRM) guidelines, 
landslide susceptibility has to be expressed as a continuous number. Therefore, real valued likelihood 
values were produced using confidence values of rules. Confidence of the predications made is 
evaluated using the Laplace ratio (n-m+1)/(n+2) where n is the number of training cases that a specific 
rule covers and m, is the number of wrongly classified cases.  The average confidence value of the 
rules participated in classifying a pixel ranges from 0 to 1. When a pixel satisfies the conditions of 
landslide and non-landslide class rules, the class which holds the highest average confidence value 
wins. If the average confidence value of the non-landslide class is greater than that of the landslide 
class, the confidence of the non-landslide class prediction is given by multiplying the average 
confidence by -1. This method allows the landslide susceptibility to be presented with a value which 
ranges from -1 to 1.   
 
4 ANALYSIS OF LANDSLIDE SUSCEPTIBILITY ZONES 

 
Data from eight different layers derived from the Digital Elevation model was extracted corresponding 
to the landslide and randomly selected non-landslide pixel locations. Modelling of Slide category 
(Palamakumbure et al., 2014) and Flow category landslides have been conducted separately using 
the same See5 methodology and Table 1 summarises the results.  
 
Table 1: Summary of Flow and Slide category landslide susceptibility modelling 

 Flow Slide 
Attribute Usage (%) 
Slope 100 38 
Plan Curvature 39 7 
Profile Curvature 26 11 
Curvature 26 9 
Aspect 16 11 
Terrain 14 4 
Wetness Index 12 12 
Geology - 100 
Flow Accumulation <1% <1% 
Training cases 32,862 670,164 

 
 
 
Geology data layer was not used in modelling of the flow category landslides as it is assumed that the 
occurrence of flows does not largely depend on Geology. Debris flows are generally shallow seated 
landslides and therefore, underlying geology is less relevant. Our modelling methodology uses known 
debris flows as model training reference points. Our model is based on the mapped location of only 
267 flows within an area of 30,603 km2. If the Geology was included in the modelling, the spatial 
extent of the modelled Debris Flow susceptibility would be more limited by the Geology in which they 
occur, which we consider to be unnecessarily restrictive for the application – developing a debris flow 
susceptibility map with wide application. If alternatively, say 1000 debris flows had been mapped 
within a single local government area, modelling within that small area may likely be best done using 
geology. 
 
For Slide category landslides, as shown in Table 1, Geology has contributed to classify 100% of the 
data and the second largest amount of data was classified using Slope. When modelling of flows, 
Slope has classified 100% of the data.  Plan Curvature, Profile Curvature, Curvature and Terrain 
classification have classified more data in modelling of flows than that of the slides and the 
contribution of Flow accumulation was negligible in both models. 
 
The values in the table 4(b) of AGS LRM Zoning Guidelines (AGS, 2007) have been used as a 
reference to categorising the landslide susceptibility classes relative to the landslide inventory. As our 
inventory is quite accurate, albeit incomplete, we regard table 4(b) as being most appropriate. The 
logic of the See5 rules has been applied across the entire raster grids producing a landslide 
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confidence value for each pixel. Figure 2 plots the landslide confidence value against the cumulative 
percentage of pixels for 1) all the mapped flow category landslides and 2) the entire model area. 
Following the steps in the distribution curves and the requiems of Table 4(b), four landslide 
susceptibility classes were defined as per the demarcated four regions in the Figure 2. Flow pixels 
curve and study area pixels curve in each region aid the calculation of study area and landslide area in 
each susceptibility class.  Figure 2 clearly shows that 50% of our inventory is captured in just 15% of 
the study area, and furthermore, 80% of our inventory is captured in 28% of the study area further 
reflecting that table 4(b) is best adopted with our work. It is also of note that the second author of this 
paper helped develop this particular portion of the AGS Guidelines during early iterations of the work 
reported herein. 
 

 
Figure 2. Classification of Susceptibility Zones using the distribution of the confidence values 
 
The Susceptibility modelling of Flow category landslides (Table 2) has classified 16% of the study area 
(approximately 4,944 km2), as High Susceptibility. This area contains 54% of the known flows with a 
density of 0.02%. The moderate susceptibility class covers nearly 14% of the study area (4,326 km2) 
and contains 32% of the flow population with a flow density of 0.01%. The area of Low Susceptibility 
zone is 3,399 km2 (11% of the study area) and contains 5% of the flow population with a flow density 
of 0.002%.  Almost 59% of the study area, approximately 18,233 km2, has been classified as Very Low 
Susceptibility containing 9% of the flow population with a density of 0.0008%. Furthermore, 
considering the combined results of High and Moderate susceptibility classes, nearly 86% of the slides 
occur in just 30% of the study area. 

 
Table 2: Distribution of flows in the landslide susceptibility classes. 

Susceptibility 
Class 

% of the 
Study Area 

Area (km2) of 
class 

% of Flow 
population 

Area of 
Flows (km2) 

% of zoned 
area effected 

by flows 
Very Low - 1 59 18,233 9 0.15 0.0008 

Low - 2 11 3,399 5 0.08 0.0024 
Moderate - 3 14 4,326 32 0.53 0.0122 

High - 4 16 4,944 54 0.89 0.0179 
 
The percentage of landslides included in the Very Low category of the flow model (Table 3) is greater 
than that of the slide model and 8% higher than the recommended value in the Table 4(b) of LRM 
Guidelines (AGS, 2007). Furthermore, the High susceptibility class of the flow model covers 16% of 
the study area whereas in the slide model, the corresponding value is 6.5%. The area of the Very Low 
class of the flow model is 10% greater than that of the slide model. The number of training points 
available to train the slide category susceptibility model is almost 20 times greater than that of the flow 
category susceptibility modelling. Furthermore, the proportion of the each susceptibility class affected 
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by flow category landslides is lower than the corresponding values of the slide category model 
outcome. The flow category landslide susceptibility map is shown in the Figure 3. 
 
Table 3: Comparison of the susceptibility descriptors of Flow and Slide category models 

Susceptibility 
Descriptors 

Recommended % of landslides 
as in Table 4(b) of LRM 
Guidelines (AGS 2007) 

% landslides % study area 
% zoned area 

effected 
flows slides flows slides flows slides

Very Low - 1 0 to 1 9 0.4 59 69.6 ~0 ~0 
Low - 2 >1 to 10 5 3.5 11 15.5 0.002 0.19 

Moderate - 3 >10 to 50 32 15.7 14 8.4 0.01 0.02 
High - 4 >50 54 80.4 16 6.5 0.02 1.32 

 
 
5 FIELD CALIBRATION OF THE FLOW MODEL  
 
During the field data collection over a period of many years, a total of 503 field based assessments of 
flow category Landslide Susceptibility were recorded to facilitate subsequent model calibration. The 
field assessment work was undertaken by the first two authors and other colleges at different times. 
The work was completed using GPS/GNSS to record accurate spatial positioning, and assessing the 
susceptibility of an area equating to a 50m diameter circle (considered to be an appropriate area upon 
which to make a field judgement) centred at the recorded location. Numerical values of 1 to 4 were 
assigned to each of the field assessment locations from very low (189 points), low (174 points), 
moderate (95 points) to high (45 points) flow category landslide Susceptibility respectively. Using ESRI 
ArcGIS Spatial Analyst Zonal Statistics, the mean computer modelled Susceptibility value for all pixels 
within each of 50m diameter GIS-generated circles of approximately 1,963 square meters centred on 
each of the GPS recorded locations was determined. Then the modelled susceptibility was compared 
with the field based assessment.  
 
The difference, D, between the average value predicted by the model (50m diameter circle, 1963.5m2, 
intersecting all 10m pixels (100m2)) and the value assessed independently in the field was plotted in 
the histogram shown in Figure 4. Therefore the difference D = 0 indicates the count for which the 
assessments match. Results are rounded to the nearest whole number. Almost 47% of the sites have 
average model results the same as they have been assessed in the field. An additional 16%, have 
been assessed by the computer model to be one Susceptibility class greater (the model is 
conservative) than that during the field assessment, and additional 4% has been assessed to be two 
Susceptibility classes greater than the field assessment. A further 22% have been assessed to be one 
Susceptibility class less than (the model is not conservative) that during the field assessment, with a 
further 9%, two classes less than the field assessments and 3%, three classes less than the field 
assessment. 
 
 
6 CONCLUSION 
 
The NSW Landslide Inventory and large scale GIS based data layers have been used in the modelling 
of the flow category Landslide Susceptibility. The See5 based data mining approach was successful in 
meeting the AGS (2007) Table 4(b) objectives up to a large extent. The slide category susceptibility 
model has been more successful in producing values that match the recommended susceptibility 
descriptors of the guidelines than the flow category model. This is due to the smaller number of flows 
(267), recorded in the Inventory relative to the number of slides (1424).  
  
The Landslide Susceptibility toolbar has demonstrated its suitability for application in modelling large 
scale high resolution datasets. Based on the research work completed recently, the ratio between 
positive and negative training cases is chosen as 1:1. Also, further research work is still proceeding 
regarding selection of See5 modelling parameters suitable to conduct a large scale and high 
resolution modelling work. Assembling and preparation of data was one of the main challenges in this 
project and in particular the Landslide Inventory. 
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Figure 3. Flow category landslide susceptibility map of the Sydney Basin 

 
This being a regional spatial model, rainfall intensity has not been incorporated in the modelling work 
as the data is hugely variable and extremely difficult to predict. Efforts have been made to include 
ground hydrogeology parameters as best as we can. It was noted that Flow Accumulation was the 
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least contributing factor towards classifying data in both slide and flow models. Geology has not been 
considered as an important parameter in the regional flow modelling but when modelling slides, it was 
the main contributor towards classifying the data. In both models, Slope has been highlighted as an 
important parameter. Furthermore, in the flow category landslide susceptibility model, all of the 
curvature parameters have contributed more towards classifying the data than in the slide model. 
However, Wetness Index has been more useful in classifying slides than flows.    
 

 
 

Figure 4. Histogram showing the difference between the Field and Modelled Landslide Susceptibility 
 
We have compared the field assessment with model predictions and evaluated these comparisons. 
The results of the field assessment show that the model has an overall 67% of conservative success 
(D = 0, 1 and 2). The authors suggest that the flow Category Susceptibility Zoning outcomes may be 
suitable for use as Preliminary and perhaps up to Intermediate level Susceptibility Zoning for Local 
Government Planning Development Control Plans where no better zoning information exists. The 
modelling should differentiate between man-made and natural failures although we have not 
progressed to that level of work thus far. The inventory does differentiate man-made failures although 
more data regarding these types of failures does need to be collected. It is an area for future 
development.  
 
The authors would like to provide this information to local governments in exchange for landslide 
inventory information.  We would then be able to enhance our existing inventory, subject to funding 
and in turn iterate and further develop the modelling and zoning outcomes. We look forward to working 
with local governments across the Sydney Basin over the coming years. 
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ABSTRACT 
 
Experience from natural hazard events highlights the importance of hazard, vulnerability and risk 
assessments in land use planning, to ensure the future resilience of communities.  Wanganui District 
Council is currently undertaking a review of its District Plan, and has identified the need to manage 
risks from land instability.  Investigation of the extent of land within Wanganui at risk of land slip has 
identified a list of Land Stability Assessment Areas which are priorities for further study.  Mapping of 
the distribution and characteristics of slope instability hazards was carried out within those areas.  
Instability features observed during the mapping include shallow seated topsoil and regolith slides, 
shallow seated slumps and slides on cut slopes, creep failures of soil and vegetation, earthflow-type 
failures of surficial soils, and larger deep seated landslide features in the underlying siltstone bedrock.  
Qualitative assessment of risks to people and property were used to define two levels of landslide 
hazard.  Areas classified as type A comprise land that is steep and shows evidence of instability, with 
a high risk of further instability and damage to property or life.  Areas classified as type B are marginal 
slopes, which have shallower slope angles but are still prone to instability.  The results of the mapping 
are incorporated into the District Plan through overlay maps and by introducing objectives, policies 
and rules that apply additional considerations and restrictions specific to the land instability issues 
present in each area.  This policy represents a proactive approach to development in hazard prone 
areas.   
 
Keywords: slope instability, risk assessment, resilience, urban development, land use planning 
 
1 INTRODUCTION 
 
Natural hazards can cause severe damage and loss of life, as demonstrated recently by the 2010-
2011 Canterbury Earthquakes, the 2011 flooding in Queensland and the 2011 earthquake and 
tsunami in Japan.  These events highlight the importance of enhancing the resilience of society to 
natural hazards.  Planning measures provide a valuable mechanism to develop land in a sustainable 
manner and to achieve resilience.  These measures range from hazard mapping and dissemination, 
consideration of hazard effects in zoning land, and district plan rules to guide development to improve 
resilience (Brabhaharan, 2013).   
 
Wanganui District Council is currently undertaking a staged review of its District Plan, which includes 
investigating ways to manage natural hazards.  Wanganui District is affected by a number of natural 
hazards; in particular, parts of the urban area are susceptible to slope instability and erosion.  
Consideration of the extent of the land within the Wanganui District at risk of land slip has identified a 
list of Land Stability Assessment Areas which are priorities for further study.  These areas are being 
examined in a staged approach to identify the extent of susceptibility to land instability hazards.  The 
objective of this study was to identify areas prone to land instability and address the particular issues 
associated with subdivision, use or development of sites within those areas.  This paper presents the 
results of the study. 
 
2 STUDY AREA 
 
The Land Stability Assessment Areas identified for investigation of land instability issues consist of 
suburban areas in hilly terrain around Wanganui.  The study area consists of developed land, with 
existing residential properties, and undeveloped land typically on the steeper hillside slopes.   
 
To date, investigation has focused on the suburban areas of Durie Hill and Bastia Hill in eastern 
Wanganui, as shown in Figure 1.   
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Figure 1. Location map 
 
3 STUDY METHODOLOGY 
 
The following approach was taken in carrying out this study: 

 Identify areas with potential for land instability issues for further study.  Wanganui 
District Council has identified 12 urban areas within the district with potential for land 
instability issues, which are being investigated in a staged approach.   

 Identify the geology and geomorphology of the study areas, through examination of 
stereo aerial photographs, a desk study of geology maps and other available 
information, and reconnaissance-level engineering geological mapping to observe and 
describe the geology and geomorphology of the study areas, and in particular to 
identify areas of instability and other hillslope features. 

 Characterise the slope angle of hillslopes and the hillside slope angles generally 
susceptible to instability.  The hillslope characteristics that influence the location and 
nature of instability features were identified during the desk study and mapping 
phases and captured onto a GIS platform.  The GIS database allows the distribution 
and extent of instability hazards and affected areas to be mapped spatially. 

 Carry out a simple qualitative assessment of the instability risks, to assist in 
differentiating areas of hillslope based on the slope instability risks. 

 Develop a classification scheme for the slope hazards, to enable areas of slope to be 
mapped based on their level of susceptibility to the hazards and the potential for 
consequent risks (referred to as Land Stability Assessment (LSA) Area 
classifications). 

 Produce LSA maps and recommend planning policies and rules to ensure that 
development avoids or mitigates the instability hazard potential. 

 
 

Wanganui

Study 
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4 GEOLOGICAL SETTING 
 
4.1 Geomorphology 
 
The study area consists of flat-topped hills in eastern Wanganui, that rise to c. 100 m above 
Whanganui River.  The hills are remnants of uplifted Quaternary marine terraces, and consist of 
broad, flat to gently sloping hilltops flanked by moderately steep to very steep hillsides.  
 
The terraces have been incised since their uplift, resulting in steep gullies and side slopes.  Slope 
angles generally range between 25° to 55°, with localised near-vertical sections of slope (cliffs and 
bluffs).   
 
Land use in the study area is predominantly residential, with residential development of the hillsides 
and crests beginning in the early 1900s.  Vegetation cover varies from grass and low scrub to mature 
exotic forest.   
 
4.2 Geology 
 
The Wanganui area is underlain by rocks belonging to the Shakespeare Group, comprising 
sandstone, siltstone, bioclastic limestone and conglomerate, and locally overlain by marine terrace 
deposits of marine sand, dune sand, volcanic sand and lignite bands with basal conglomerate.  These 
rocks are of Pleistocene age (NZGS, 1959; GNS Science, 2008).   
 
Observations made during the engineering geological mapping were that the siltstone and sandstone 
materials are exposed within the study areas.  These rocks are overlain on the hillslopes by variable 
thicknesses of colluvium and topsoil.  In areas where outcrop exposures of the soils were observed, 
these slope-derived deposits are generally less than 2 m thick, although this thickness increases 
down-slope and in gullies where more extensive fan and slip deposits have accumulated. 
 
5 SLOPE INSTABILITY HAZARDS  
 
The slope materials in the eastern Wanganui urban area are predominantly siltstone, sandstone and 
conglomerate of Quaternary age.  These are overlain by a surficial zone of soil comprised of highly 
weathered rock, colluvium, loess and topsoil.  These materials are susceptible to failure, particularly 
on sparsely vegetated slopes following prolonged or intense rainfall.  A range of instability features 
were recorded during the engineering geological mapping.  These include: 

 Topsoil and regolith slides, with areas of deflated/evacuated hillslopes showing 
evidence of previous failures;  

 Shallow seated slumps and slides on steep slopes (e.g. Figure 2a); 
 Creep failures of soil and vegetation; 
 Cracking and rotation of footpaths at slope crests (e.g. Figure 2b); 
 Earthflow-type failures of surficial soils; 
 Larger, deep-seated rotational landslide features, predominantly observed from 

analysis of historic stereo-pair aerial photos. 
 
Engineering geological mapping of landslides within the study areas has shown instability is apparent 
on hillsides with slope angles of greater than 40°.  Slope failures are common on hillsides with slope 
angles greater than 50°, and in particular include more deep seated failures.  An example of mapped 
instability features and slope angles is shown on Figure 3.  In some localised areas, slopes of less 
than 40° also showed instability features, however this was generally restricted to shallow translational 
failures of topsoil/regolith.  Slopes with angles of 30° to 40° are generally marginally stable. 
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Figure 2. Typical slope instability features: (a) shallow seated slips on steep hillslopes and (b) 
progressive failure/rotation of footpath/road embankments 

 

 
 

Figure 3. Geomorphic map of typical instability features and associated slope angles 
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6 RISK ASSESSMENT AND LAND USE PLANNING FOR SLOPE HAZARDS 
 
A qualitative risk assessment to property from failure of the hillslopes has been undertaken with 
reference to the guidelines for landslide susceptibility, hazard and risk zoning (AGS, 2007a) and 
landslide risk management (AGS, 2007b) published by the Australian Geomechanics Society.  A 
summary of the qualitative risk assessment is presented in Table 1.   
 
Table 1: Qualitative risk assessment table (AGS, 2007a) 

Likelihooda Consequences to propertyb

 1 
Catastrophic 

(200%) 

2 
Major 
(60%) 

3 
Medium 
(20%) 

4 
Minor 
(5%) 

5 
Insignificant 

(0.5%) 
A: Almost certain (10-1) Very high Very high Very high High Moderatec 

B: Likely (10-2) Very high Very high High Moderate Low 

C: Possible (10-3) Very high High Moderate Moderate Very low 

D: Unlikely (10-4) High Moderate  Low Low Very low 

E: Rare (10-5) Moderate Low Low Very low Very low 

F: Barely Credible (10-6) Low Very low Very low Very low Very low 
a Indicative approximate annual probability  
b Indicative approximate cost of damage as a percentage of the value of the property 
c For Cell A5, may be subdivided such that a consequence of less than 0.1% is Low Risk 
 
Two Land Stability Assessment (LSA) areas were proposed to assist the Council in its objective to 
manage the risks from instability hazards, as described below. 
 
6.1 Area A: Areas of high to very high landslide hazard risk 
 
Area A consists of slopes showing precedent for instability and having steep slope angles of greater 
than 40°.   
 
The slopes classified in this area generally comprise three parts, which are shown in Figure 4: 

1. A setback zone at the crest of the cliff, where failure of the slope below will 
undermine, or to allow for natural regression of the cliff to a more stable slope angle.  
For the purposes of this assessment, we have assumed a characteristic angle of 45° 
from the toe of the slope for defining the boundary between the setback zone and 
landsliding zone. 

2. The landsliding zone – the steep section of the cliff, where landsliding occurs, or has 
occurred in the past. 

3. The run-out zone, where landslide debris collects at the toe of the slope.   
 
The recurrence interval for failure is expected to be approximately 10 to 50 years, giving a likelihood of 
failure of almost certain to likely during the design life of buildings.  Such failures have the potential to 
cause extensive property damage and would likely require major engineering works for stabilisation, 
giving a consequence of failure of major to catastrophic.  The risk rating for such areas is therefore 
very high (shown as the darker grey area on Table 1), and is unacceptable.  On this basis, subdivision 
and new dwellings are actively discouraged within Area A. 
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Figure 4. Typical cross-section through an Area A hillslope section 

 
6.2 Area B: Areas of moderate landslide hazard risk  
 
These areas have shallower slope angles of 30° to 40° but still show some evidence of instability.  
Failures may occur less frequently on these marginal slopes and/or may be smaller in extent, 
depending on site-specific conditions, such as the type and thickness of colluvium and the prevailing 
groundwater conditions.  Therefore the recurrence interval will be variable for marginal slopes – 
perhaps 50 to 1000 years, giving a likelihood of failure of likely to possible.  Property damage is likely 
to be less severe, and the structures may not be completely destroyed, giving a consequence to 
property of medium to major.  The level of risk to property is therefore moderate to high (shown as the 
lighter grey area on Table 1). 
 
Area B consists of marginal land, with a significant landslide hazard, requiring prior geotechnical 
investigation to confirm its suitability for development.  Assessment of the landslide hazard and risk to 
development is required prior to consideration of any development as part of the consenting process.  
The outcome of geotechnical investigations will determine if the risk to property is moderate, high or 
very high, depending on factors such as the thickness and type of colluvium and groundwater levels.  
An outcome of very high risk may mean the land will be unsuitable for development (and therefore re-
classified within Area A), whereas a moderate risk may mean the land can be developed, with 
mitigation measures designed and implemented to reduce the risk to low.  The geotechnical 
assessment needs to demonstrate that a low to very low risk can be achieved with mitigation. 
 
6.3 LSA Area Maps  
 
The results of the risk assessment have been used to produce LSA Area maps for hillslopes within the 
study areas, as shown in Figure 5.  The landslide hazard maps are being incorporated into Wanganui 
District Council’s District Plan by way of a Land Stability Assessment overlay on the district planning 
maps, as well as introduction of objectives, policies and rules relating to the LSA Areas.  The LSA 
Areas do not replace the existing Residential or Outer Commercial zone for properties, but apply 
additional considerations and restrictions specific to the land instability issues present in each area. 
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Figure 5. Land Stability Assessment Area map  
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7 CONCLUSIONS 
 
Early integrated focus on land use planning by town planners and geotechnical engineers is important 
to ensure that hazards and their consequences to the built environment are taken into consideration in 
zoning for urban development.  This requires these professionals to work together with focus on 
resilience from an early stage (Brabhaharan, 2013).   
 
Wanganui District Council is currently undertaking a review of its District Plan, and has identified the 
need to manage risks from land instability within the district.  Consideration of the extent of land within 
Wanganui at risk of land slip has identified a list of areas which have been prioritised for further study.  
Mapping of the distribution and characteristics of slope instability hazards was carried out within those 
areas.   
 
Qualitative assessment of risks to people and property were used to define two levels of landslide 
hazard.  Areas classified as type A comprise land that is steep and shows evidence of instability, with 
a high risk of further instability and damage to property or life.  Council is discouraging subdivision and 
new dwellings in these high risk areas.  Areas classified as type B are marginal slopes, which have 
shallower slope angles but are still prone to instability.  Geotechnical investigations should be carried 
out prior to any development proposal being submitted for resource consent.  The investigations are 
required for detailed assessment of the slope stability hazards.  The investigations and assessment 
will determine the risk to property from landsliding, and therefore whether the land is suitable for 
development, with mitigation measures implemented, or whether it is unsuitable for further 
development. 
 
Inappropriate land use planning can lead to unsuitable development of hazardous land.  This project 
sets a landmark framework for land use planning considering land instability hazards in developed 
urban areas.  The results of the study raise public awareness about the existence of natural hazard 
risks and facilitate an informed decision to ensure development avoids or mitigates the risk.  This will 
help achieve greater resilience of the community to natural hazards through a proactive approach to 
land use and development in hazard prone areas.   
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ABSTRACT 
 
The Canterbury Geotechnical Database (CGD) is an online database that has been developed for the 
rebuild of Christchurch following the 2010 - 2011 Canterbury Earthquake Sequence (CES). It was 
designed as a searchable repository for existing geotechnical information as well as a website for all 
new geotechnical information along with supporting geotechnical applications for building and 
resource consents. The data is primarily used for geotechnical design of foundations for rebuilding the 
infrastructure and buildings, but it can also be used for more strategic purposes such as future 
disaster risk reduction, asset management planning, and natural catastrophe loss modelling 
purposes. This paper provides an overview of the information held on the database and how it can be 
used. It reveals the success of the approach and describes the benefits to geotechnical and hazard 
management practice in New Zealand if it were expanded to a national level. 
 
1. INTRODUCTION AND CONTEXT 
 
New Zealand’s location at the collision point of the Australian and Pacific plates means it is vulnerable 
to the earthquake related natural hazards. This has a direct effect on New Zealand built infrastructure, 
which is highly integrated and interconnected with the land itself. Communities are entirely reliant on 
an operational and functioning infrastructure. As such, the need for a resilient built environment has 
increasingly become the centre of focus for the New Zealand government. This focus has sharpened 
since the 4 September 2010 magnitude 7.1 earthquake struck Christchurch and the surrounding 
Canterbury region. The September 2010 earthquake was followed by three other major earthquakes 
in the CES. These four significant earthquakes triggered widespread liquefaction throughout the 
region, but the severity varied greatly. In parts of the Central Business District (CBD) and some 
suburbs, large quantities of ejected sand, silt and water produced vertical ground surface settlement 
and significant damage to commercial buildings, residential houses and property, roads and buried 
infrastructure. Liquefaction-induced lateral spreading adjacent to the rivers, streams and deeper open 
drains exacerbated the damage, with up to 3 m of horizontal ground surface deformation observed in 
the worst affected areas. Major damage occurred to approximately 50% of the horizontal 
infrastructure (roads, electricity, waste water and fresh water). Approximately 65,000 residential 
properties (roughly one third of the total in greater Christchurch) were observed to have minor to 
severe quantities of ejected sand, silt and water, and about 10,000 - 15,000 residential houses were 
so severely damaged that they are beyond economic repair. Overall the damage caused by the CES 
and the surrounding region is estimated to be approximately NZ$40 billion in value which is 
approximately 20% of New Zealand’s gross domestic product, Statistics NZ (2014). 
 
Christchurch is located in the coastal Canterbury region of New Zealand, a region of moderate to low 
seismicity where seismic design parameters are about a half of those for cities such as Wellington, 
Hastings and Napier in the main seismic zone. Since 1840 when European settlement of Christchurch 
began, the area suffered only minor damage from small local and larger more distant earthquakes, 
with what is now recognised as liquefaction triggered in near-coastal sites on a few occasions. 
However, with no experience or expectation of large local earthquakes at that time, the central city 
was sited near the Avon River to utilise this good transport route into the fledgling central city. Prior to 
the Canterbury earthquakes of 2010 - 2011, geotechnical investigations indicated Christchurch is 
predominately located on deep alluvial soils with the depth of soft looser soils increasing towards the 
coastline to the east. The soils are geologically young and contain variable interlayering of loose and 

96



dense sands, silts and peat, together with some swamp and marine deposits. This combination of 
weak and variable soil characteristics together with high water table towards the east makes these 
soils highly susceptible to the risk of liquefaction. It is noteworthy that coastal residential suburbs were 
still being developed during the 1990’s even though liquefaction susceptibility maps were available in 
Christchurch since 1991. Unfortunately these were largely ignored for planning and development 
purposes due to their apparent lack of availability, St.Clair et al (2011). 
 
The Earthquake Commission land damage assessment teams collated observations of ejected 
material and lateral spreading (to assess land damage claims on the flat land) using on-foot 
inspection of individual properties following each significant earthquake. These observations were 
categorised according to the quantity of ejected material observed on the ground surface, the 
presence or absence of evidence of lateral spreading and their relative severities and are shown in 
Figure 1. The observations only identified liquefaction and lateral spreading that was visible at the 
surface and that was on or immediately adjacent to residential properties. 
 

 
Figure 1. Map showing worst observed land damage across the CES for which land damage was 
mapped and the locations of geotechnical soil test results presented in Figure 3. 
 
As a result of the damage from the CES, the NZ government classified residential land in Canterbury 
into red or green zones. The residential Red Zone is land where the repair and rebuild process was 
identified by the Canterbury Earthquake Recovery Authority (CERA) not to be practical, because the 
required land repair and improvement works would be difficult to implement, prolonged, and disruptive 
for landowners and they were able to sell their properties to the NZ government to manage the 
withdrawal process. The balance of the inspected residential land (the residential green zone) was 
further categorized by the Ministry of Building, Innovation & Employment (MBIE) into three technical 
categories (TC1, 2 and 3) to assist with the rebuilding of homes on what was generally flat land. The 
spatial location of the technical category land areas are shown on Figure 2 and differentiate the levels 
of specific geotechnical investigation and foundation design options that are required to address the 
potential liquefaction issues. 
 
The CES also led to the establishment of a Canterbury Earthquake Royal Commission (CERC) of 
Inquiry into building failure. The CERC produced a report which made 189 recommendations with a 
number related to geotechnical matters. In particular CERC recommendation number 6 states “The 
Christchurch City Council should develop and maintain a publicly available database of information 
about the sub-surface conditions in the Christchurch CBD …………. Other territorial authorities should 
consider developing and maintaining similar databases of their own”. 
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Figure 2. Map showing the location of Cone Penetration Test (CPT), boreholes and piezometers 
uploaded on the CGD as at September 2014, overlaid on the MBIE (2012) TC2 and TC3 areas. White 
areas on the map represent the port hills, urban non-residential, rural and unmapped land. 
 
As a result of the earthquakes, the realisation of the size of the hazard identification and re-build tasks 
ahead, and the technical categorisation of the land along with the MBIE geotechnical investigation 
requirements particularly in the TC3 areas of Christchurch, there was a substantial amount of goodwill 
generated across the recovery/rebuild community to share geotechnical information. There simply 
was neither the time nor resources to work in New Zealand in isolation. This led to the Canterbury 
Geotechnical Database (CGD) being established by CERA to facilitate and increase the confidence of 
the greater Christchurch recovery process. The CGD is an online database designed as a searchable 
repository for existing geotechnical information as well as a website for all new geotechnical 
information along with supporting geotechnical applications for building and resource consents. It is 
run via a voluntary “terms of use” whereby registered users are able to download information for use 
on a project but in return must upload new geotechnical information generated for these same 
projects Liability on the use of the geotechnical data by data providers is waivered by those who 
download information by way of the CGD “terms of use”. The CGD is made available via the following 
website: https://canterburygeotechnicaldatabase.projectorbit.com. 
 
The CGD has been very successful in a large part due the sharing of geotechnical information 
between the private and public sectors. This paper presents some the advantages to the geotechnical 
engineering profession of sharing such geotechnical information and looks ahead to how a nationwide 
database could be used not only to benefit the geotechnical profession but also for more strategic 
purposes such as assisting with the recovery for future natural disasters wherever they may occur 
and increasing the resilience of the other areas of New Zealand prone to future significant seismic 
events, catastrophe loss modelling and regulatory purposes. 
 
2. EXTENT AND DISTRIBUTION OF GEOTECHNICAL DATA  
 
As at September 2014, the CDG now holds approximately 16,000 CPT traces and 4000 borehole log 
records, 900 shallow groundwater piezometers as well as geophysical S-wave and P-wave (Vs/Vp) 
test data together with other information including LiDAR survey data and groundwater mapping 
information. Approximately half of the CPT and borehole log data has been provided by the 
government through the Earthquake Commission (EQC) as well as other local and central 
government agencies. The other half has been added progressively over time by the private sector. 
The significant contribution of data by the private sector is an indication of the value they see in 
sharing this information and the buy-in by the private sector to the collaborative approach. The 
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geographic distribution of CPTs, borehole logs and piezometers is shown in Figure 2. It is noted that 
almost all of the geotechnical investigation data is spatially located on the TC3 land, where MBIE 
intended for geotechnical investigation and site specific assessment and design to be undertaken. 
 
This figure illustrates the predominance of CPTs in the east of the city reflecting the softer / looser 
ground in the upper regions (varying between 10 - 40 m) of the soil profile. The dense gravels that 
underlie the softer soils are shallower with depth to the west of the CBD. These gravels are generally 
unable to be penetrated by CPTs and therefore borehole investigations with accompanying standard 
penetration testing (SPT) become the more dominant investigation tool if deep investigations are 
required. 
 
3. EXAMPLES OF DATA USE 
 
Figures 3 to 6 present some examples of how the collated CGD data can be analysed and mapped in 
Christchurch to provide a site specific and regional scale assessment of soil conditions, ground water 
conditions predicted future liquefaction performance and site specific foundation requirements. 
 
3.1. Correlation of CPT and Crosshole Vs/Vp Traces with Observed Land Performance 
A selection of CPT and crosshole Vs/Vp traces from 11 sites shown in Figure 1 and another 3 sites to 
the north and southwest of the area shown in Figure 1 are coloured based on the liquefaction-induced 
land damage experienced in both the September 2010 (Peak Ground Acceleration, PGA ≈ 0.2g 
locally at the test locations and Mw = 7.1) and February 2011 (PGA ≈ 0.3 - 0.6g locally at the test 
locations and Mw = 6.1) earthquakes. 
 

 
Figure 3. CPT tip resistance (qc), CPT sleeve friction (fs), soil behaviour type index (Ic), crosshole S-
wave velocity (Vs) and crosshole P-wave velocity (Vp) for sites with no observed surface ejection 
(liquefaction-induced damage) in either the Sept 2010 event and Feb 2011 event (light grey traces), 
observed surface ejection in both Sept 2010 and Feb 2011 events (black traces) and no observed 
surface ejection in the Sept 2010 event but with surface ejection in Feb 2011 event (grey traces). 
 
The light grey lines represent sites where there was no manifestation of liquefaction-induced damage 
at the ground surface for both the smaller September 2010 and larger February 2011 earthquake 
ground motions. The grey lines represent sites where there was no manifestation of liquefaction-
induced damage for the smaller September 2010 ground motion but there was liquefaction-induced 
damage recorded during the larger February 2011 ground motion. Black lines represent sites where 
there was manifestation of liquefaction-induced damage for both the September 2010 and February 
2011 events. The Ic parameter was estimated using the Robertson & Wride (1998) method and is 
plotted. What this plot indicates is that soil profiles which have many inter-bedded layers of siltier soils 
with high Ic values are observed to perform well during earthquake shaking (even though liquefaction 
triggering of inter-bedded soil layers is predicted based on the simplified CPT-based analyses). 
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Conversely, soils with thick continuous layers of sandier soils with low Ic values are observed to 
perform poorly during earthquake shaking. Likewise, soil profiles with stiff upper soil layers (with 
higher Vs values) perform better during earthquake shaking compared to soil profiles with less stiff 
upper soil layers (with lower Vs values). This dataset is a useful reference point for predicting ground 
performance in other areas of New Zealand with similar CPT and crosshole Vs/Vp traces. 
Geotechnical professionals outside of Christchurch are encouraged to use this data for this purpose. 
 
3.2. Regional Based Maps 
The data sharing model and has significantly added to the volume of data available which has 
enabled reliable interpolation on a regional basis between data points. Examples are shown in Figure 
4 below. Figure 4a maps the depth to CPT refusal. This information is useful is several ways 
including; (i) providing a good understanding of whether CPTs are a useful tool when scoping 
geotechnical investigations (i.e. where CPT’s are likely to refuse early and borehole investigation 
methods are required); and (ii) for example, if a feasibility study for a 5+ level building project is 
undertaken, this map would indicate what are the likely foundation solutions that would be required 
(i.e. 10 - 20 m deep piles in the eastern part of the city and shallow foundations on the western side of 
the city). This can improve scoping of geotechnical investigations and also indicate if investigations 
have anomalously refused at a shallower depth relative to the wider suburb investigation results. 
 

 
Figure 4. Examples of regional scale maps derived from the data in the CGD including (a) depth of 
CPT refusal which indicates the depth to the first hard / dense soil layer, (b) median CPT tip 
resistance (qc) at 2.5 - 3.0 m below the ground surface, (c) median CPT derived Ic at 1.5 - 2.0 m below 
the ground surface and (d) median depth to the groundwater surface. White areas on the maps are 
where the CPT data points were too sparse and could not be sensibly interpolated. 
 
Figure 4b maps CPT tip resistance at a specified depth below ground level, in this case at a depth 
range of 2.5 m - 3 m below the ground surface. This type of map would enable a high level 
assessment of areas in Christchurch where soil conditions are soft / loose or stiff / dense which may 
be useful information to inform for example the construction methodology and machine plant required 
for driving short piles into the ground for shallow ground improvement purposes or trenching support 
requirements to construct pipe networks. This type of map can also be also useful to determine 
regional liquefaction susceptibility. Figure 4c maps the Ic value at a specified depth below ground 
level, in this case at a depth range of 1.5 m - 2 m below the ground surface. This type of map would 
enable a high level assessment of areas in Christchurch where soil conditions are sandy (generally 
indicative of lower Ic values) or silty (generally indicative of higher Ic values) and may provide useful 
information for scoping site specific geotechnical investigations including whether laboratory testing 
may be necessary to confirm the soils Fines Content (FC) at a particular site for liquefaction 

100



assessment purposes. In addition this map is also a useful indicator of the types of ground 
improvements that will be effective in different areas throughout Christchurch because some ground 
improvement methods are more effective in sandy soils and less effective in silty soils. Figure 4d 
maps the median groundwater level across the city interpolated between about 900 regularly 
monitored piezometers (reproduced from van Ballegooy et al. 2014). This information is useful for 
construction and liquefaction assessment purposes, as well as for example understanding the 
relationship between groundwater and the inflow and infiltration into existing pipe and drainage 
network for operational and management purposes and also inform capital expenditure decisions. 
 
All of the above maps can assist land use and infrastructure planners and asset managers in their 
decisions about land use and where and how to develop assets and whether additional enhancement 
is necessary to existing systems to improve the resilience of the critical infrastructure. Preparing and 
using information like that shown on Figures 4 becomes possible as data richness increases at any 
particular location. When such datasets are used together (and with other datasets) they will better 
inform infrastructure asset management, capital expenditure decisions and land use planning. 
 
3.3. Local Data Correlations 
Another example of how extensive data sets can be used is shown in Figure 5. The plot on the left is 
reproduced from Boulanger and Idriss (2014) and shows the worldwide dataset on which the default Ic 
versus FC correlation is based (used for simplified CPT-based liquefaction assessments). The plot on 
the right shows the dataset from the laboratory test data shown on borehole logs available on the 
CGD with adjacent CPT investigation points. Figure 5 suggests there is scope for local Ic - FC 
correlations to further refine liquefaction assessment in Christchurch as recommended by MBIE 
(2014). It is noted that Boulanger and Idriss (2014) support the Ic correlation method, but “strongly 
encourage” the use of site-specific correlations based on laboratory testing. 
 

 
Figure 5. Plots of Ic versus laboratory FC. The plot on the left is reproduced from Boulanger and Idriss 
(2014). The plot on the right shows the Christchurch dataset sourced from the CGD as at July 2014. 
 
3.4. Building Foundation Guidance 
Another use of the CDG dataset is illustrated in Figure 6. The MBIE (2012) criteria used for the 
foundation solutions in TC3 areas was assessed on a regional basis based on predicted settlement 
and lateral stretch at the service and ultimate limit states (SLS and ULS respectively). The intention of 
the foundation solution guidelines was in a large part to allow structures to either tolerate some 
degree of liquefaction induced settlement or enable these structures to be re-levelled post a seismic 
event, depending on the likely ground performance. Figure 6a and 6b are maps showing the predicted 
PGA required to cause liquefaction-induced settlement of 50 and 100 mm respectively. Figure 6(c) 
shows the assessed MBIE (2012) guidelines site criteria for all of the TC3 land, indicating spatially 
which foundation systems are likely to be required throughout the TC3 area. If similar data sets exist 
and analysis undertaken elsewhere in New Zealand, then similar maps could be prepared to guide 
land use planning and urban growth strategies by territorial authorities which in turn will increase the 
resilience of these communities to future significant seismic events. 
 
3.5. Other Outcomes 
Some other notable non-technical successes and benefits of the CDG include: 
(a) After the CES, TC3 category land was complex to assess for bank’s whose customers were 

seeking home loans for repair and replacement of their properties. In 2013 a local bank 
developed a new borrowing review tool which relied heavily on the geotechnical information from 
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the CGD in combination with information from insurance agencies (Stuff, 2013). This tool 
increased the bank’s knowledge and understanding of the land, providing them with the 
necessary information to be able to assess loan applications, without further site investigation, for 
up to 90% of TC3 borrowers. The CGD’s capacity to provide banks with the ability to evaluate the 
geotechnical risk profile of a property means it no longer needs to consider any lending 
distinction based on the “blunt tool” of technical categories (Westpac, 2013). 

(b) Making the CGD database data available to the international reinsurance industry provided them 
the ability to undertake their own risk assessments and therefore provide reinsurance capacity to 
the New Zealand underwriting market. 

(c) It is estimated that the total site investigation savings in TC3 land for residential property due to 
access to adjacent residential site investigation information are in the NZ$50 - 100 million range. 
This figure does not account for infrastructure and commercial development savings and other 
qualitative benefits such as improved confidence in the level of risk exposure and faster rebuild 
times due to more efficient use of resources etc. 

(d) The CDG has changed how the geotechnical professionals now work and it has become integral 
to their business practices. The consultants now have the ability to put more attention into 
analysing existing data rather than collecting new geotechnical data. Access to more 
geotechnical information than would normally be the case enables more focussed designs as a 
site is able to be evaluated in the context of both its immediate and also surrounding geological 
environment. This in turn lowers costs to clients both in the investigation and building 
components of a project. 

(e) This data model is a very cost effective way to store and share information which reduces the 
significant inefficiencies in retrieving archived files and relying on corporate knowledge etc when 
planning new projects. 

 

 
Figure 6(a & b). Maps showing the Mw 6.0 earthquake PGA required to trigger 50 mm and 100 mm 
(respectively) of calculated settlement using the MBIE (2012) stipulated calculation approach with the 
Boulanger and Idriss (2014) liquefaction triggering method.. Figure 6c: Map showing the assessed 
MBIE (2012) guidelines site criteria for TC3 land, indicating spatially which foundation systems can be 
used throughout the TC3 area. White areas on the map represent the port hills, urban non-residential, 
rural and unmapped land, or where the CPT data points were too sparse and could not be sensibly 
interpolated. 
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4. DISCUSSION AND CONCLUSIONS 
 
In this paper, examples are presented of how an extensive geotechnical dataset can be used to; 
 

 Present geotechnical and other information in a single accessible location and thereby reducing 
data management inefficiency and more accurately plan site investigations and undertake high 
level assessment of project location implications; 

 Provide correlated ground strength and seismic ground performance data that could be used in 
other locations in New Zealand as a benchmark for expected ground performance in similar 
geological settings; 

 Provide sub-surface data to decisions makers so as to enable them to make land planning 
decisions and determine the appropriateness of foundation solutions. This will increase 
community resilience in the long term; 

 Reduce the cost of projects both by reduced investigations and less conservative designs and 
change business practice by sharing rather than hoarding geotechnical information; 

 Enable regulatory guidance to be prepared and assess the likely impacts of such guidance; and 
 Facilitate access to project funding by enabling risk management decisions to be more easily 

undertaken by project funders. 
 

The data sharing model has enabled a significant dataset to be developed to the benefit of both the 
private and public sectors and it is a quiet success story in the recovery of greater Christchurch 
following the CES. As a result MBIE is in the process of consulting on a business case for a national 
geotechnical database, building on the success of the CDG. This paper presents a compelling 
argument that a national geotechnical database together with an associated collaborative data 
sharing model will provide significant benefits to other areas of the country. 
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ABSTRACT 
As a result of the dramatic increase in the population of the Auckland region over the last 15 years, the 
Metropolitan Urban Limits have extended into areas of unstable ground including development on land 
containing both shallow and deep seated instability. This recent and historic landsliding is largely 
controlled by thin defects at multiple levels with extremely low effective stress parameters, (e.g. 
C’=0kPa and ’=8 degrees). As a result since the year 2000, several areas of sloping land have 
required land stability improvement, such as large size bulk earthworks, shear keys and land drainage. 
This combined with the development mentality of the early 2000’s to flatten contours as opposed to 
the more recent philosophy of working with the natural land contours, and clustering development has 
driven, the requirement for bulk earthworks on a scale that may never again be seen in Auckland. 
This paper captures the recommendations and constructed remedial works across the following four 
example case study developments: 

1. Pacific Palms Residential Development, Arkles Bay, Whangaparaoa (50+ lots); 
2. Point Ridge Residential Development, Gills Road, Albany (medium density 100+ lots); 
3. Crestview Residential Development, Redhills, Papakura (300+ lots); and, 
4. Ponga Road, Hunua / Papakura (rural and residential 50+ lots). 

Recent subdivision development with large scale bulk earthworks and implemented remedial 
measures has led to an increased level of geotechnical understanding. It is essential that we capture 
and record these findings and remedial solutions for consideration and possible implementation in 
future projects. 
 
Keywords: Auckland, Land Development and Geotechnical Engineering Solutions. 

1. INTRODUCTION 
Over the past 15 years the population of the wider Auckland region has significantly increased, mainly 
as a result of immigration and domestic migration.  This increased population base, combined with the 
areas of natural geographic constraints i.e. to the east flanked by the Hauraki Gulf and west by the 
Manukau Harbour has provided a catalyst for rapid geographic expansion in a northerly and southerly 
direction pursuing the traditional ideal of a quarter acre dream (see Figure 1). 

 

Figure 1. Auckland Area, Geographic Constraints / Case Study Locations - Map Google 2014  

The purpose of this paper is to capture the development process and specific remedial measures or 
engineering solutions constructed to mitigate the geotechnical hazards identified (mainly landslides) 
within four residential developments completed over the last 15 years within the wider Auckland area. 
Identification of geotechnical hazards the remedial solutions recommended and ultimately constructed 
to mitigate the identified hazards form an important body of information for reference for future 
development. 

1 

2 

3 4
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2. AUCKLAND’S GEOLOGICAL SETTING 
The geological setting of the wider Auckland region is complex and varied containing multiple 
geological formations, each of which generate with their own geotechnical hazards which require a 
variety of specific geotechnical solutions to facilitate residential and commercial land development.  
The Southern Landslide Zone (SLZ) broadly skirts the southern portion of the metropolitan urban 
limit’s combined with the land instability driven by the Northland Allochthon to the north of the wider 
Auckland area provides several examples of development of unstable challenging land.  

Within the wider Auckland area, the following geological formations dominate the landscape: 
• East Coast Bays Formation (Waitemata Group); 
• Puketoka Foundation Tauranga Group); and, 
• Northland Allochthon. 

3. THE GROUND MODEL  
Within land development, it is essential that a robust ground model is put together for any 
development.  The primary aim of a ground investigation is to form a ground model.  This three 
dimensional representation (model) of the subsoil strata includes but is not limited to; groundwater, 
soil, transition zone (interface between soil and rock) and bedrock.  The information (and lab test 
data/background information) is then compiled and correlated to produce a 3D model of subsurface 
conditions. 

At the start of a specific project, any background information should be researched and summarised.  
This would include but not be limited to, a review of the following items: 

• Aerial photographs and historical maps available; 
• Geological and geomorphological mapping and groundwater information; 
• Existing infrastructure records such as service location plans and as-builts; and, 
• Relevant information and existing investigations that may be on territorial authority records. 

Following the assembly of a ground model via desktop assessment and intrusive ground 
investigations the sites specific geotechnical hazards can be overlaid onto the model along with the 
failure mechanisms and drivers which may facilitate any instability or settlement that may have an 
adverse effect on future infrastructure. Geotechnical remedial measures or solutions can then be 
specifically tailored to mitigate the geotechnical hazards.  If each of these geotechnical hazards such 
as deep seated planar failure are not specifically identified and mitigated, post development failures or 
ground settlement could result in significant infrastructure damage. 

Superimposed onto the ground model are the mechanisms that have occurred (or may possibly occur) 
and where they are situated (or may be situated). These may include: 

• Circular slope failure – within the subsoil profile; 
• Scour / Piping – due to water movement within sensitive and/or soluble subsoils; 
• Debris flows and other mass movement types; 
• Translational movement – generally situated within the transitional zone; 
• Liquefaction and Settlement - within soft and/or saturated subsoils etc; 
• Wedge failure - on unfavourably orientated sets within the rock mass; 
• Topple failure - on a combination of joint sets and/or bedding plains; and, 
• Planar failure – within the rock mass on bedding planes or joint/joint sets. 

Drivers of movement or instability are also identified i.e. what has caused (or may cause) the above 
mechanisms to activate and generate movement: 

• Surface erosion – such as fluvial (river) and surface runoff; 
• Ground water – elevated ground water levels and/or confined ground water; 
• Soft natural subsoils and colluvial subsoils; 
• Soft or very soft shear zones; 
• Change of the natural water balance/water cycle – vegetation removal; 
• Seismic loads generated by earthquakes; 
• Flood events generated by extreme rainfall events etc; 
• Loading of slopes i.e. development; 
• Uncontrolled stormwater discharge; 
• Soft / Uncompacted filling / filling Surcharge; and, 
• Undercutting oversteepening of slopes. 
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4. CASE STUDIES 
The following are four residential greenfield land developments captured in case study format.  Each 
of these land parcels contained existing land instability features pre development that required 
geotechnical remedial measures / solution during sub dividual construction. 

1. Pacific Palms Residential Development, Arkles Bay, Whangaparaoa (residential, 50+ lots); 
2. Point Ridge Residential Development, Gills Road, Albany (residential medium density, 100+ lots); 
3. Crestview Residential Development, Redhills, Papakura (residential, 300+ lots); and, 
4. Ponga Road, Hunua / Papakura (rural and residential, 50+ lots). 
 
PACIFIC PALMS SUBDIVISION, STAGES 4W and 4E, ARKLES BAY 
Address: Ferry Rd, Arkles Bay, Whangaparaoa        Development Period: 2002 to 2007 

Site Description  
The Pacific Palms Residential Development comprises an irregular shaped block of land located off the 
north-western side of Ferry Road, Arkles Bay (Stages 4E & 4W).   It is bound to the north by rural 
residential lots and south by residential properties.  The block is contained on the western flank of a 
south-west trending valley. 

In a greenfield setting, (pre-development), the site was undulating to moderately steep, with slope 
gradients ranging from approximately 5 to 35. 

Vegetation cover pre development comprised of pasture, native bush and scrub.   Stands of large trees 
and bush occupy the central western and northern corner of the block. As minor south-east trending gully 
and associated small ephemeral stream with a pond are located within the central portion of the site. 

Summary Ground Conditions 

The site is located on an area of Waitemata Group sedimentary lithology (Miocene Epoch 20 million years 
ago) (Edbrooke, 2001; Kermode, 1991).   Areas of flood plain and coastal alluvium are present along the 
base of the gully through which Ferry Road runs although this is outside the immediate area of the site.  

Site features included both shallow seated rotational slumps in the overburden soils and remnants of 
historic transitional zone land movement in the form of head scarps, debris mounds, mid-slope benches 
and soil creep.    Investigation encountered / defined two main failure types: 

1. Deep Seated Failures (Transitional / Planar); and,  

2. Residual Soil Failures shallow seated (circular). 

Following the deep seated slope movement, recent residual shallow seated circular failures in the form of 
soil slumping / creep have occurred along the southern and eastern slopes of the site.  

The machine boreholes and the trial pits revealed that these features are probably controlled by fine sand 
or silty fine sand layers (rock soil interface).   Above this zone the overburden consists of predominantly 
clayey silts and silty clays. 

Geotechnical Recommendations 

Considering the ground investigation phase of several machine and hand anger boreholes along with trial 
pits the following remedial measures were recommended and constructed:  

 Eastern and Western Shear Key’s with underfill drainage (see Figures 2 and 3); 

 20+ Counterfort Drains (6m deep); and,  

 In ground Timber Retaining Walls. 

 

 

 

 

 

 

 

 

 

Stage 4E 

Stage 4W 

Figure 3. Aerial Photograph and Shear Plane 4W

Figure 2. Shear Key / Subsoil Drainage (4E) 106



 

 

MEDIUM DENSITY DEVELOPMENT - POINT RIDGE SUBDIVISION, GILLS ROAD 

Address: Point Ridge Subdivision, Gills Road, Albany                Development Period: 2000 to 2008 

Site Description  

The subject site is an elevated portion of land accessed off Gills Road which overlooks the Albany 
town centre (see Figure 5). 
The site pre development was predominantly in long grass, however, the south western sidling slope 
and ridge contained a dense cover of gorse and large pine trees.    

Summary Ground Conditions 

The site is located on an area of Waitemata Group sedimentary lithology (Miocene Epoch 20 million 
years ago) (Edbrooke, 2001). 
Site features included both shallow seated rotational slumps in the overburden soils and remnants of 
historic transitional zone land movement in the form of head scarps, debris mounds, mid-slope 
benches and soil creep. Investigation encountered / defined two main failure types: 

1. Deep Seated Failures (Transitional / Planar Failures movement in line with bedding dip direction); 
and, 

2. Residual Soil Failures shallow seated (circular). 

Following the deep seated slope movement, recent residual shallow seated circular failures in the form 
of soil slumping / creep have occurred along the southern ridge.  

The machine boreholes and the trial pits have revealed that these features are controlled by fine sand 
or silty fine sand layers (rock soil interface) and bedding failures.   Above this zone the overburden 
consists of predominantly clayey silts and silty clays. 

Shear key excavations confirmed that these features are controlled by fine sand or silty fine sand 
layers (rock soil interface) and on bedding plane. 

Geotechnical Recommendations 

Considering the ground investigation phase of several machine and hand anger boreholes along with 
trial pits the following remedial measures were recommended and constructed: 

 Upper and Lower Shear Key’s (10 and 14m deep, both 150+m long  and 10 to 20m wide at base) 
with underfill drainage; 

 Maximum Filling Depths of 21m (below finished ground level, see Figures 4 and 5); 
 10+ Counterfort Drains (6m deep) and 32mm slotted bored drains;  
 Concrete Block Retaining Walls, earth reinforced Embankment; and, 
 In-ground Timber and Steel Tied-Back Retaining Walls. 

 
 
 
 
 
 Figure 5. Typical Shear Key Details A-A’ 

Figure 4. Subdivision Scheme and Shear Zones  
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CRESTVIEW HEIGHTS SUBDIVISION, REDHILLS, PAPAKURA 
Address: Crestview Development, Redhills, Papakura                Development Period: 2003 to 2010 

Site Description  
The subject site is an irregular shaped block of land located at the western edge of the Papakura Hills 
and accessed by Kerry Vista Rise from the south and by Kale Place to the south-west which are both 
within Stage 2 of the Papakura (Dominion Road) residential subdivision. The block is bound to the 
north by farmland, to the east by rural residential lots accessed from Kaipara Road, and to the north-
west by older developed residential properties. 

The block is divided by a central predominant ridge which trends in a north to north-west direction.   
On the western side of the ridge are two tributary spurs. The eastern margin of the Manukau Lowlands 
forms low-lying land on the western margin of the block. The eastern portion of the block is marked by 
a deep valley that drains northward and runs parallel to the ridge.  The site is predominantly in long 
grass, however, the northern portion of the western sidling slope and large areas of the eastern gully 
contained a cover of gorse.    

Summary Ground Conditions 

Published geological records indicate that the block is underlain by two main lithologies, namely 
Pleistocene alluvial terrace deposits to the west on the lowlands and by Waitemata Group sedimentary 
siltstones and sandstones to the east (i.e. ridge and adjoining slopes) (Edbrooke, 2001). 

The north-trending Drury Fault marks the boundary between the two units and is the principal reason 
for the topographical boundary between the lowlands and the Papakura Hills. The fault is not 
considered active although it is linked too much of the instability observed on the western slope. 

Further, exposures of Waipapa Group (Jurassic Epoch) may also be present within the lower (north-
western) corner of the site. The Waipapa Group sedimentary lithology (Greywacke) comprises of 
massive to thinly bedded, lithic volcaniclastic sandstone and argillite which form an overburden of 
clays and silts when exposed to weathering. 

A significant landslide was identified within the western side of the subdivision (within area labelled 
Upper/Lower Key on Figure 6).  Dual shear keys (upper and lower) were required to be constructed to 
provide code compliant land for development. Investigation encountered / defined two main failure 
types: 

 Deep Seated Failures (transitional / planar – slope movement oblique to bedding dip); and, 
 Residual Soil Failures (shallow seated circular). 

 
Following the deep seated slope movement, recent residual shallow seated circular failures in the form 
of soil slumping / creep have occurred along the southern and eastern slopes of the site.  

Shear key excavations revealed that these features are controlled by fine sand or silty fine sand layers 
(rock soil interface) and to bedding plane. 

Geotechnical Recommendations 

Considering the ground investigation phase of several machine and hand anger boreholes along with 
trial pits the following remedial measures were recommended and constructed (see Figures 6 and 7): 

 Upper and Lower Shear Key’s (6-10m deep,  
 150+m long  and 10 to 20m wide at base); 
 30+ Counterfort Drains (6m deep); and, 
 In ground Timber and Steel Tied-Back Retaining Walls. 

 
 
 
 
 
 
 
 
 
 

 

Figure 6. Shear Key As-built and Section 
Lower and Upper Key  
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RURAL / RESIDENTIAL DEVELOPMENT, PONGA ROAD SUBDIVISION 
Address: 586 Ponga Road, Hunua    Development Period: 2004 to 2008 

Site Description  
The subject site is an irregular shaped block of rural land located off the eastern side of Ponga 
Road, Papakura.   The site, formally named “Ponga Farms”, is bounded to the north and east 
by Symonds Creek and to the south and north-west by recently developed rural residential 
properties. 

The western portion of the block is characterised by a large amphitheatre shaped gully feature 
(landslide), while the eastern portion is dominated by three ridges which run in a northerly 
direction.   The eastern portion of the block is also marked by two deep valleys which contain 
small streams that drain northward.  

Pre development the majority of the block is in pasture and used for stock grazing. There are 
also hedge rows of large trees around the old farmhouse, and there are large stands of native 
bush in the eastern, northern, and north-western of the block. 

Summary Ground Conditions 
Published geological information (as referenced below) indicates that the block is underlain by 
three main geological groups.   Most geological maps depict several complex faults within the 
vicinity of the site.   Specifically, the “Ponga Lodge” fault has been mapped running north to 
south within the central to eastern portion of the site (Edbrooke, 2001; Kermode, 1992).    

Site features included both shallow seated rotational slumps in the overburden soils and 
historic transitional zone land movement in the form of head scarps, debris mounds, mid-slope 
benches and soil creep. Based on our work to date, we have defined two main failure types. 

1. Deep Seated Failures (Transitional / Planar 20+m bgl); and, 

2. Residual Soil Failures shallow seated (circular). 

 

Geotechnical Recommendations 
Considering the ground investigation phase of several machine and hand anger boreholes 
along with trial pits the following remedial measures were recommended and constructed.  
Investigations were used to target and confirm shear zones within the complex profile.  This 
was crucial to confirm the founding depth of the shear keys and drainage: 

 Significant Shear Key (200+m long, 12+m wide 12+m deep) with underfill drainage; 

 Horizontal Bored Drainage (100mm, 200+m long, 15+ deep); 

 25+ Counterfort Drains (6m deep); and,  

 In ground Timber Retaining Wall. 

5. SUMMARY OF GEOTECHNICAL REMEDIAL RECOMMENDATIONS 
Each of the enclosed case studies have several differences however many of the geotechnical 
recommendations were comparable.  Considering this, the following provides a more detailed 
summary of the key remedial solutions implemented during the development of the case 
studies: 

Shear Key Construction 

The four case studies stability analyses have demonstrated that construction of the shear 
keys, extensive benching and the installation of underfill and counterfort drainage was required 
to stabilise the existing instability features and to make sure that the long term minimum factor 
of safety does not drop below 1.5. 

Shear keys constructed range between 10 and 20 metre’s wide (base of excavation) and 
extend at least 2 metres into rock.   The base of the shear keys should extend well below any 
pre-existing failure surfaces with side slopes formed no steeper than 1(v):1(h). 

Full height drainage blankets comprising SAP 50 (i.e. self-filtering) drainage material and 
160mm diameter Hiway grade Novaflo draincoils were placed against the rear face of each 
shear key to intercept and collect all groundwater.   This material was also wrapped in suitable 
filter cloth (eg Bidim A14 or Terram 1000).   Depending upon ground conditions exposed in the 
shear key excavations, rear face drainage may be constructed in "hit and miss" sections. 
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Upslope of the shear keys, additional drainage was required at the toe of all cut benches prior 
to filling.  Backfilling of the shear keys should comprise compacted Engineer certified filling 
placed in accordance with the earthworks specification outlined in the sites Geotechnical 
Investigation Report. 

With all such excavation work (see Figure 8) there is a risk of batter collapse or instability.   
Careful consideration was given to the stability of all temporary batters during shear key 
construction and benching and drainage works. 

 

 

 

 

 

 

 

Figure 8. Photographs 1, 2 and 3: Shear Key Excavation and Compaction of Engineer 
Certified Filling 

Land Drainage Installation 

Land drainage is fundamental within land development in all of the case studies.  Specifically 
the following measures were recommended.  Lowering groundwater levels reduces the driving 
force towards instability and limits pore-water pressure buildup within the subsoil profile. 

Underfill and Subsoil Drains 

Perforated underfill drains were installed in narrow trenches cut into bedrock or other 
competent strata along the toes of all cut benches. Localised seepages were tapped and 
drained using Novaflo pipes and adequate amounts of SAP20 drainage material.  These 
drains were covered in a suitable geotextile to prevent migration of fines and to help maintain 
long term control of groundwater conditions. 

Counterfort Drainage 

Counterfort drains were required in all sites of sloping ground where it is necessary to provide 
control over groundwater levels to maintain a minimum factor of safety of 1.5 against 
instability. 

The counterfort drains were 450mm to 600mm wide and installed to depths of up to 
approximately 6 metres.   The draincoil in the base of counterfort drains were extended up to 
ground level at the top end and a flushing point installed.    

The positions of the counterfort drains are shown on the engineering plans and approved by 
the engineer prior to commencement of the works (see counterfort drainage detail). 

Bored Subsoil Drainage System 

A series of bored drains in a fan configuration were installed under the shear key within the 
Ponga Road development to intercept artesian groundwater at approximately 11m bgl to 
reduce pore water pressure and to help maintain adequate factors of safety. 

The 100mm diameter drains were slightly inclined above the horizontal and were up to 
approximately 200 metres long.   They extended beneath the shear key and daylight at 
upslope with a flushing point.  

Pressure Relief Wells 

In addition to the above, pressure relief wells were required to further relieve pore water 
pressures within the Waikato Coal Measures (Ponga Rd development – see Figure 9).   The 
locations of the wells were surveyed and recorded within the as-built plans and Geotechnical 
Completion Reports. 
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Figure 9: Bored Subsoil Drainage Discharge Manhole, Discharge Data and Example Drainage 
Well. 

These wells were 600mm diameter bored chambers backfilled with approved scoria, eg. 
SAP50.   Collected groundwater seepage will be discharged via one of the proposed bored 
drains recommended above. 

Timber In ground Retaining Wall 

Due to steep land gradients, combined with the propensity for soil creep and shallow seated 
land movement, in-ground cantilever pole retaining walls were installed on the downslope side 
of several residential lots / building platforms.    

Inclinometers and Piezometers 

Inclinometers and piezometers were installed and monitored on a regular basis throughout and 
beyond the earthworks period and the results will be presented in the Geotechnical 
Completion Report. 

6. CONCLUSIONS 
Population explosion within the Auckland region has driven the need for development of land 
within complex and sometimes unstable settings.  This has provided an opportunity for exposing 
and learning about the region’s geology and accompanying engineering remedial measures. 

The above case studies are finished developments that were all constructed within a complex 
geological setting involving site specific remedial earthwork’s and land drainage measures.  

These case studies and specific remedial measures should provide relevant information when 
considering future developments.  It is essential that we as a collective continue to capture and 
record specific geotechnical projects as it is crucial we learn from our projects as a community 
for the benefit of society. 

With the onset of a clustered approach to development it has also become possible to lessen 
the effects of bulk earthworks and land drainage within residential land development and 
isolate unstable areas which can be returned to useable green space with clusters of building 
on more stable areas. 
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ABSTRACT 
 
Isogeometric methods have emerged as the latest trend in simulation. Their attraction comes from the 
fact that geometrical data can be taken directly from a CAD program and accurate results can be 
achieved in a short time without the need to generate a mesh. The application of this method in 
geomechanics is relatively new and not many publications exist. The purpose of the paper is to 
demonstrate to the geomechanics community the advantages of the method. After a short and 
introduction into the method, practical examples in tunnelling are shown. Comparison with state of the 
art simulation methods show that not only mesh generation is avoided completely but that excellent 
results can be obtained with much fewer degrees of freedom and therefore numerical effort. 
 
 
Keywords: numerical simulation, tunnelling, isogeometric methods 
 
 
1 INTRODUCTION 
 
The main effort in numerical simulation lies in the generation of a mesh (see Cottrell et al 2009), which 
is required to define the geometry of the problem and the approximation of the unknown (in most 
cases displacements). The quality of the mesh has a big influence on the quality of the results. 
 
Nearly all commercially available simulation programs rely on a discretization of the volume. This 
means that for problems in geomechanics, where the ground can be assumed of infinite and semi-
infinite extent, an additional source of error due to mesh truncation is introduced. In order to ensure 
the quality of the results meshes with more than a million unknowns are not unusual (see for example 
Figure 1). A realistic check on the accuracy of the results of such simulations is no longer possible 
 
 

 
Figure 1. Example of a large FLAC3D simulation with more than a million unknown. Vertical plane 
through mesh with contours of displacement (courtesy of Itasca Germany) 
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In order to drastically reduce the effort in the simulation and to ensure adequate quality of the results a 
change of paradigm is necessary: The avoidance of the need for mesh generation. In tunnelling for 
example the design cross-section is for example defined by arcs. For more complex underground 
excavations geometric information is usually available from a computer aided design (CAD) program. 
CAD programs use non-uniform rational B-splines (NURBS) for describing the geometry. The 
advantage of NURBS is that arcs and conical surfaces, common in the description of tunnels can be 
exactly represented. In about 2005 T.J.R Hughes recognised that advantages that could be gained 
from using the geometrical information directly from CAD programs without the need for generating a 
mesh. It soon became obvious that NURBS are not only very useful for describing the geometry but 
have also properties that make them ideal for approximating the unknown. The new developments 
resulted the birth of the isogeometric methods which reduced the role of a mesh in simulation. 
However, to completely eliminate the need to generate a mesh required a simulation method that 
perfectly matched the CAD approach, the Boundary Element method. This is because both rely on a 
surface representation of the volume. 
 
 
2 ISOGEOMETRIC BOUNDARY ELEMENT METHOD 
 
Boundary element methods have been applied in geomechanics problems, mainly in mining, as early 
as the Finite Element methods. However, they have not gained the popularity of the FEM on which the 
majority of commercially available programs are based. One of the reasons is that in the early days 
the method was restricted to elastic, homogeneous domains. However, developments in the last 
decades (Beer et al 2009, Riederer 2009) have shown that with a small additional discretisation effort 
the method can be applied to these problems. The BEM is based on an integral equation that links 
values on the surface (see Beer and Bordas 2014): 
 

  (1) 
 
u(Q) und t(Q) are vectors of displacement and traction at Q on S, U(P,Q) und T(P,Q) are matrices 
containing fundamental solutions of displacement and traction at Q due to point sources located at  P. 
E(P,q) is a matrix of fundamental solutions for the strain at point q inside the domain and �0(q) is a 
pseudo-vector of initial stresses due to non-linear effects or inhomogeneities. The solution of non-
linear problems proceeds in the same way as for the FEM by an iterative change of elastic solutions 
with a new right hand side. Since the volume integral in Equation (1) is only used to compute the right 
hand sides, there is no increase in the number of unknowns. 
 
2.1 Discretisation of integral equation 
 
The solution of the integral equation is obtained numerically by discretisation. For a plane problem the 
geometry is approximated by: 
 
 

  (2) 
 
where xi  are the coordinates of control points and I is the number of control points. Ri,p(u) are NURBS 
functions of order p (p=0, constant, p=1, linear ...) (see Piegel 1997). NURBS functions are defined by 
a knot vector and weights. The knot vector is defined in the local coordinate u and can be used to 
control the continuity of the function (repeated knot values mean that the continuity is reduced (as can 
be seen in Figure 2). Weights are used to change the shape of the curve and allow to represent arcs 
exactly. As an example we show the geometrical definition of a NATM tunnel. For this case the 
description of the geometry with one NURBS patch for the right hand side represents exactly the 
design geometry. This is in contrast to a mesh generated with iso-parametric elements, that would 
represent an approximation and means that the discretization need not be refined. For the simulation 
of excavation the applied tractions can be computed from the outward normal and therefore only the 
displacements u need to be approximated. 
 

  (3) 
 
 
where Id is the number of control points, pd is the function order and di values of parameters.  
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Figure 2. Geometry definition of an NATM tunnel, showing (left) control points and NURBS curve and 
(right) NURBS functions and knot vector 
 
 
A special feature of the isogeometric method is that nodes, and therefore nodal values of 
displacements, do not exist. Instead we obtain parameter values from which the displacements are 
computed. Using the method of point collocation the discretised integral equation is satisfied in as 
many points P as required to get enough equations for solving for the unknowns.  
 
2.2 Refinement 
 
To refine the solution we can manipulate the approximating functions in the following way: 

 Knot insertion: We insert knot values in the knot vector. This is similar to the h-refinement in 
conventional analysis 

 Order elevation: We elevate the order p of the function. This is equivalent to p-refinement. 
 K-refinement: We first elevate the order followed by insertion of knots. There is no equivalent 

in conventional analysis. 
 

 
Figure 3. Basis functions for approximating the displacements with different refinement strategies 

order elevation knot insertion 

k-refinement 
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In Figure 4 we show the convergence characteristics of the isogeometric BEM as compared with the 
conventional BEM. To determine the error in the displacement the simulation values are compared 
with an extra-fine mesh (1000 degrees of freedom). 
 

 
Figure 4. Error of displacement as a function of degrees of freedom (dof): Comparision of the 
isogeometric with the conventional BEM 
 
It can be seen that the isogeomeric BEM starts with a much lower error and that convergence rates 
are equal or better. 
 
3 EXTENSION TO THREE DIMENSIONS 
 
Here we extend the method to problems in 3-D and apply it to the simulation of a tunnel intersection.  
 

 
 
Figure 5. CAD model of a tunnel intersection and extracted information on NURBS surfaces and 
trimming curves (control point locations are depicted by squares) 
 
 

C 

refinement 
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For a 3-D simulation a tensor product of NURBS is used: 
 
 

  (4) 
 
where Rip(u) and Rj,q(v) are basis functions of the local coordinates u,v, I,J are the number of control 
points in each direction and xi,j are the coordinates of control points. The displacements can be 
approximated by: 
 

  (5) 
 
 
where Nip and Nj,q are basis functions for the description of the displacements and ui,j  are parameter 
values. 
Figure 5 shows the CAD model of a tunnel intersection and the geometrical information that can be 
extracted via a standard file exchange format (IGES). The information consists of the control 
points/weights and the knot vectors of the NURBS surfaces describing the tunnels and of trimming 
curves that describe the intersection between the two tunnels. With this information the geometry can 
be described as shown in Figure 6. 

 
Figure 6. Geometry definition for the simulation (squares depict control points of the untrimmed 
surfaces) 
 
The geometry is defined with two trimmed, four untrimmed NURBS patches and two infinite plane 
strain patches, that model the infinite extent of the tunnels. Two planes of symmetry are assumed.  
The analysis is performed by increasing the order of the functions for the approximation of the 
unknown displacements. The converged analysis had 291 unknowns. The displaced shape is shown 
in Figure 7. 

 
 
Figure 7. Displaced shape of tunnel walls 
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Figure 8. Mesh used for the simulation with conventional BEM 
 
A comparison is made with a conventional BEM analysis. The mesh is shown in Figure 8. Both linear 
elements (coarse mesh) and quadratic elements (fine mesh) were used. The fine mesh had 2895 
unknowns. 
A comparison of the vertical displacement with a conventional BEM analysis along the intersection line 
is shown in Figure 9. It can be seen that good agreement is obtained. 
 

Figure 9. Comparison of vertical displacements with conventional BEM 
 
 
The functions used for the approximation of the unknown displacement are shown in Figure 10 and 
this is a good way of showing the difference between the isogeometric and isoparametric methods. In 
the isogeometric method the functions are continuous along the intersection, whereas in the 
conventional isoparametric analysis they are only piecewise continuous. This accounts for the fact that 
results of equal or better quality can be obtained with much fewer degrees of freedom (291 vs  2895). 
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Figure 10. Comparison of functions used for the approximation of the displacement along intersection 
line (top: NURBS basis functions, bottom: isoparametric functions) 
 
4 EXTENSION TO HETEROGENEOUS DOMAINS AND NON-LINEAR MATERIAL BEHAVIOR 
 
As mentioned previously, the method can be extended to handle non-homogeneous domains 
(inclusions) and non-linear material behaviour. These are known as volume effects and give raise to 
the volume integral in Eq. (1), which can be solved numerically. This can be done either with an 
additional volume discretization (Ribeiro 2008) or by mapping the area where plasticity occurs. It 
should be noted here that a discretisation is only necessary for the evaluation of the volume integral. 
This means that it is only required in the areas where non-linear behaviour occurs or where inclusions 
are present. Furthermore, no additional degrees of freedom are introduced in the system of equations. 
Examples of application are presented in (Riederer 2008 and 2009). 
 
Here we show the extension of the problem just presented to include a volume effect. We analyse the 
effect of swelling of a zone above and below the tunnel.  
 

 
Figure 11. Displacement of tunnel intersection subjected to swelling 
 
The swelling zone is discretised into a 3-D cell, which is shown together with the computed 
displacements in Figure 11. 
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5 SUMMARY AND CONCLUSIONS 
 
A novel approach to the simulation of tunnel excavation was presented. The advantage of this 
approach over existing methods is that geometry data are either taken directly from design 
specifications or from a CAD program and no mesh generation is necessary. Practical examples show 
that equal or better results can be obtained with fewer degrees of freedom. 
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ABSTRACT 
 
The presence of desiccation cracks in soils can significantly alter their mechanical and hydrological 
properties. In many circumstances, desiccation cracking in soils can cause significant damage to 
earthen or soil supported structures. For example, desiccation cracks can act as the preference path 
way for water flow, which can facilitate seepage flow causing internal erosion inside earth structures. 
Desiccation cracks can also trigger slope failures and landslides. Therefore, developing a 
computational procedure to predict desiccation cracking behaviour in soils is vital for dealing with key 
issues relevant to a range of applications in geotechnical and geo-environment engineering. In this 
paper, the smoothed particle hydrodynamics (SPH) method will be extended for the first time to 
simulate shrinkage-induced soil cracking. The main objective of this work is to examine the 
performance of the proposed numerical approach in simulating the strong discontinuity in material 
behaviour and to learn about the crack formation in soils, looking at the effects of soil thickness on the 
cracking patterns. Results show that the SPH is a promising numerical approach for simulating crack 
formation in soils 
 
Keywords: desiccation cracks, soil cracking, 3D modelling, elastic-fracture, crack pattern, SPH 
 
 
1 INTRODUCTION 
 
Desiccation cracks are formed by the shrinkage of soils due to moisture loss. The presence of cracks 
can induce significant changes in the mechanical, hydrological, physico-chemical and thermal 
properties of soils (Kodikara and Costa 2013; Konrad and Ayad 1997; Miller et al. 1998; Peron et al. 
2007; Peron et al. 2009; Peron et al. 2009). This can lead, for example, to damage of lightly loaded 
structures (e.g., residential houses) or shallow-buried structures (e.g., gas and water pipelines), 
progressive slope/dam failures, cracking in road pavements, and the leakage of deep nuclear 
waste/hazardous gasses from soils (Kodikara and Costa 2013). Therefore, understanding the 
mechanism of desiccation cracking behaviour in clayey soils is vital for dealing with key issues 
relevant to a range of applications in numerous disciplines such as geotechnical engineering, geo-
environment engineering, transport engineering, mining and resource engineering, agricultural 
engineering and soil science. Over the last few decades, there has been a substantial research effort 
around the world directed at studying and modelling desiccation-induced shrinkage cracks in soils. 
Early experimental work on modelling of desiccation cracking of soils mostly used rectangular boxes 
(Miller et al. 1998; Yesiller et al. 2000). While these experiments provide valuable data, the results 
were far too complex for detailed analysis or numerical modelling (Kodikara and Costa 2013). Long 
moulds tests have been subsequently introduced to investigate desiccation cracking of soils where 
crack patterns are controlled so that they develop parallel to the longitudinal direction (Costa et al. 
2008; Peron et al. 2009). Particle image velocimetry (PIV) has been also adopted to capture the 
complete picture of crack evolution as well as propagation (Costa et al. 2008). These advancements 
have improved our understanding of the fracture behaviour of clayey soils. However, mechanisms and 
variables associated with drying and especially with desiccation shrinkage and cracking are still far 
from fully understood.  
 
The numerical modelling of desiccation cracking in clayey soils has progressed during the last few 
decades. Research in this area can be classified into two main categories, that is, continuum and 
discontinuum numerical approaches. The continuum approach is based on the finite element method 
(FEM) with continuum constitutive models that relate stress and strain through the application of 
classical plasticity theory (Hallett and Newson 2005; Hu et al. 2008; Peron et al. 2007; Peron et al. 
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2009; Vogel et al. 2005; Yoshida and Adachi 2004); while the discontinuum approach is based on the 
discrete element method (DEM) which tracks the motion of a large number of grains (either spherical 
or irregular shaped) using inter-particle contact laws that relate forces/torques to relative movement 
between two contacting grains (Amarasiri and Kodikara 2011; Amarasiri and Kodikara 2013; Amarasiri 
et al. 2011; Amarisiri et al. 2014; Kodikara et al. 2004; Peron et al. 2009; Sima et al. 2013). The major 
disadvantages of the continuum approach arise from the use of the FEM, which is usually difficult to 
model crack initiation and propagation. On the other hand, the discontinuum approach seems to be a 
promising approach to model desiccation cracking in soils; but, it is unable to predict multi-physical 
processes in soil desiccation cracking (e.g., moisture evaporation, heat and mass exchanges). 
Another powerful continuum-based approach is the mesh-free smoothed particle hydrodynamics 
(SPH) method (Gingold and Monaghan 1977; Monaghan 2012), in which continuum equations are 
solved at material points. This method allows the use of any constitutive model and/or failure criterion 
for material points representing fluid, grains, bonds, and thus provides an excellent means to model 
desiccation-induced soil cracking processes. The SPH method has been successfully applied to 
various engineering applications, such as: fluid dynamics (Monaghan 1994); multi-phase flows (Hu 
and Adams 2006; Monaghan and Rafiee 2013); flow through porous media (Bui and Fukagawa 2011; 
Holmes et al. 2011); heat conduction (Cleary and Monaghan 1999); and failure of geomaterials (Bui 
and Fukagawa 2013; Bui et al. 2008; Bui et al. 2011; Bui et al. 2007). However, a SPH model with the 
ability to simulate desiccation cracks in soil has not been developed. In this paper, the potential 
application of the SPH method to simulate desiccation cracks in soil will be investigated. 
 
 
2 SIMULATION APPROACHES 
 
2.1 Soil deformation in SPH 
 
The basic equations used to describe the motion of soil in the SPH framework are the continuity 
equation and the momentum equation (Bui et al. 2008). The continuity equation describes the change 
in density and void ratio of soil undergoing large deformation, while the momentum equation simulates 
soil deformation subjected to external loading. These two equations are written as follows, 
 

v
dt

d
       (1) 

extdt
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fgσ

v
       (2) 

 
where v is the velocity vector of the soil particles;  is the density;  is the total stress tensor, taken 
negative for compression; g is the acceleration due to gravity; and fext represents the additional 
external forces.  
 
The total stress tensor of soil () is normally composed of the effective stress () and the pore-water 
pressure (or matrix suction), following Terzaghi’s concept of effective stress. Because the effects of 
water pressure are not considered in this paper, the total stress tensor and the effective stress are 
identical throughout this paper and can be computed using any material constitutive model. It is noted 
that if the soil density is assumed constant throughout the numerical analysis, which is the case for 
most FEM analyses, the continuity equation could be omitted. For large deformation analyses, 
however, it is recommended to take into consideration of the density change of soil during the failure 
process. This can be done by solving the continuity equation and updating the density during the 
numerical analysis. 
Within the SPH framework, the partial differential form of equations (1) and (2) can be discretised in 
the following way (Bui et al. 2008),  
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where  and  denote Cartesian components x, y, z with the Einstein convention applied to repeated 
indices; a indicates the particle under consideration; a and b are the densities of particle a and b 
respectively; N is the number of “neighbouring particles”, i.e., those in the support domain of particle a; 
mb is the mass of particle b; W is the kernel function, which is chosen to be the cubic-spline function 
(Monaghan and Lattanzio 1985); C is the stabilization term, which consists of an artificial viscosity 
(Monaghan 2005) and artificial stress (Gray et al. 2001), employed to remove the numerical and 
tensile instability issues associated with the SPH method (Bui and Fukagawa 2013); and fext a is the 
external force acting on particle a. It is noted that the full extension of the artificial stress approach 
(Gray et al. 2001) to three-dimensions has not been undertaken in the literature. In this paper, for the 
first time, the artificial stress is fully extended to 3D and successfully applied to remove the 3D tensile 
instability problem in SPH simulations. Details of the extension can be found in (Yaidel et al. 2014). 
Finally, in order to complete the above system of governing equations, a mechanical constitutive 
model needs to be specified to calculate the stress tensor appeared in equation (4). This will be 
discussed in the following section.   
 
2.2 Tension damage constitutive model 
 
A mechanical constitutive model based on fracture and damage theory can be used to describe the 
degradation process of geomaterials subjected to loading. In this paper, in order to demonstrate the 
application of the SPH method to simulate soil cracking, a simple tension damage model was adopted. 
The model tracks the mechanical degradation of material via a scalar damage variable (d), which, in 
general, varies in the range between “0” for intact material and “1” for completed damage material. 
The degradation of materials in these damage models is associated with the appearance of micro-
fissures when the loading increases above a given threshold. The tension damage model is described 
using the following constitutive model,  
 

σσ  )1( d         (5) 

 
where σ  is the damaged stress tensor, σ  is the elastic stress (i.e. elastic stress of the intact soil), and 
d is a scalar damage which is zero for intact and 1 for completely damaged materials. The 
discretization form of the rate of change of equation (5) can be rewritten as follows, 
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with  a being the strain-rate tensor, 
ae  the deviatoric strain-rate tensor, G the elastic shear 

modulus, K the elastic bulk modulus, and  a  the Kronnecker delta function. The strain-rate tensor is 

computed from, 
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When considering a large deformation problem, a stress rate that is invariant with respect to rigid-body 
rotation must be employed for the constitutive relations. In the current study, the Jaumann stress rate, 

 a
̂ , is adopted: 
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where a  is spin-rate tensor computed by 
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As a result, the stress-strain relationship for the current soil model becomes 
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Finally, in order to solve equation (10), a damage criterion together with damage evolution law need to 
be adopted to describe the degradation process of geomaterials subjected loading. For a rigorous 
numerical modelling approach, damage-plasticity models and/or cohesive crack models should be 
applied to simulate crack initial and propagation, which requires further development. For the sake of 
simplicity, this paper has adopted an assumption that the soil is completely damaged after their 
maximum principal stresses reach the tensile damage stresses. Accordingly, the damage criterion 
which defines the elastic domain can be written as follows, 
 

0 tIDf          (11) 

 

where t  is the tensile damage stress and I  is the principal stress in I direction. Accordingly, the 

procedure to compute damage stresses is as follows, 
 

1) The 3D Cartesian stress tensor of each soil particle will be first translated to the principal 
stresses by computing the eigenvalues and eigenvectors of the stress tensor. 

 
2) On the principal stress plane, the principal stresses are checked against the maximum tensile 

damage stress, i.e. equation (11). If the principal stresses exceed the tensile damage stress, 
the damage scalar is set to d = 1, and the principal stress is set to zero (completely damaged). 

 
The modified principal stresses are finally translated back to the Cartesian stresses via the calculation 
of eigenvalues and eigenvectors of the stress tensor. These Cartesian stresses are subsequently 
used to compute soil motion in equation (2). 
 
 
3 NUMERICAL APPLICATIONS 
 
We present the application of the proposed numerical method to model soil cracking in long 
rectangular moulds, looking at the cracking patterns and the effect of soil thickness. Our primary 
intention is not to reproduce exactly the experimental results, but to verify whether or not the proposed 
technique is able to capture the essential mechanism of soil cracking behaviour. The soil material 
adopted in this paper is mining waste, which was previously reported by Rodiguez et al. (Rodriguez et 
al. 2007). The tensile strength and elastic properties of this material have been recently investigated 
by Sanchez et al. (Marcelo Sánchez 2014) and are summarised in Table 1. 
 

Table 1: Material properties 
Element E   t 

Soil 4MPa 0.2 1330kg/m3 4kPa 
 

 
Figure 1. Initial geometry and boundary conditions of the numerical model 

 

L= 100mm

Fixed boundary Free boundaries

Soil sample

h
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Figure 2. Evolution of the cracks during the analysis for different soil thickness: a) h = 4mm, b) h = 
8mm and c) h 12mm. The bottom images show the final predicted cracks. 
 

 
 

Figure 3. Experimental results conducted by (Peron et al. 2009). 
 
Figure 1 shows the geometry and boundary conditions for the 3D numerical model. The model has 
dimension of 0.1m in length, 0.02m in width and h in height. The value of h is subjected to change 
from h = 0.004m to h = 0.008m and h = 0.012m in order to investigate the effect of soil thickness on 
the soil cracking patterns. Boundary conditions have been fully restrained in all direction at the bottom 
boundary and fully-free in all other boundaries. In the SPH method, the fully restrained boundary 
condition was modelled using virtual particles with a no-slip boundary condition (Bui et al. 2008). The 
total number of particles used for each simulation is 64,000 particles, 128,000 particles and 192,000 
particles for h = 0.004m to h = 0.008m and h = 0.012m, respectively.  
The next step is to simulate moisture evaporation induced soil shrinkage. A large number of 
desiccation tests on the current soil sample were carried out by (Rodriguez et al. 2007) using circular 
and rectangular plates. The tests were conducted on soil samples with initial moisture contents of 
40%-50% in a controlled environmental chamber of a fairly constant temperature of 21oC and a 
relative humidity close to 65%. In most cases, test results showed a maximum contraction deformation 
of approximately 5%. Accordingly, the same deformation rate will be adopted in our simulation without 
solving the moisture flow problem. The contraction rate was introduced to the numerical simulation by 
gradually applying shrinkage stresses to all soil particles. The shrinkage stresses were calculated as 
the product of the increment of the volumetric strain tensor and the elastic Young’s modulus.  
 
Figure 2 shows the desiccation-induced soil cracking process of three soil samples with different layer 
thickness. Soils undergo elastic shrinkage during the first stage without forming cracks or tensile 
instability (top images). It is worth mentioning that tensile instability is a well-known issue associated 
with the SPH method when simulating materials subjected to tensile behaviour. In most cases, SPH 
particles tend to attract each other under tensile stress, which results to form an unphysical clumping 
in the SPH particles (Gray et al. 2001). The problem could be completely removed in most 2D 
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simulations using the artificial stress approach (Bui et al. 2008). However, the extension of this 
approach to 3D condition has not been undertaken in the past. In order to test the effectiveness of the 
3D artificial stress algorithm adopted in this paper, we conducted several numerical tests without 
adopting the tensile instability treatment. In such tests, soil particles clumped and physically unrealistic 
cracks appeared on the soil surface before reaching their damage stages. This result suggests that 
the artificial stress method works well for the 3D problem.  
 
As the shrinkage loading stress increases, the redistribution of tensile stresses takes place. The 
stresses concentrate on the surface due to the constraint imposed at the bottom boundary and keep 
increasing until the principal stresses reach the tensile soil strength, at which cracks start to develop 
and again stress redistribution takes place (middle images). The bottom images in Figure 2 show the 
final cracking pattern obtained from the simulation for 5% contraction deformation. It can be seen that 
the numerical simulations could reproduce satisfactory results similar to those observed in the 
experiments conducted by (Peron et al. 2009) as shown in the left image of Figure 3. Comparing the 
numerical results of the three soil samples, it can be seen that the number of fragmentation cracks 
reduces as the soil thickness increase. The spacing between cracks is also controlled by the soil 
thickness. These simulation results are consistent with the experimental finding reported by 
(Rodriguez et al. 2007) and with the numerical simulations conducted by (Marcelo Sánchez 2014) 
using a mesh fragmentation technique. However, compared to the mesh fragmentation technique 
(Marcelo Sánchez 2014), the SPH method is more robust as it requires no interface element to handle 
cracks, which significantly reduces computational costs.  
 

 
 

Figure 4. Curling deformation in desiccation cracking 
 

 
Finally, we examine the capacity of SPH to model curling behaviour, which was reported by (Kodikara 
et al. 2004) and (Peron et al. 2009) through experimental investigations. As can be seen from Figure 
4, the curling behaviour of the soil samples at the left and right tips of the soil sample could be 
simulated well using the proposed numerical technique. The obtained numerical crack patterns reflect 
well the experimental observations by (Peron et al. 2009) as shown in the right image of Figure 3. 
 
Despite the use of a very simple brittle damage model, the proposed SPH models could qualitatively 
reproduce the experimental observations in all numerical simulations. We note that the underlying 
physics of soil desiccation is missing in this simple damage model and this is one of the further 
developments in our future work, besides the developments of SPH algorithms. In addition, continuum 
damage models describing fracture is subjected to several pathological issues associated with the 
loss of stability of the governing differential equations. Discretisation-dependent numerical results are 
a direct consequence of this stability issue. In this case, further development of a new continuum 
model with embedded cohesive crack and able to produce discretisation-dependent results (Nguyen 
et al. 2014) is a logical next step for the current SPH-based modelling and simulation. 
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4 CONCLUSION 
 
This paper has presented the application of the SPH method to simulate crack formation in soils. A 
simple tension damage model was proposed and successfully implemented in the SPH code to 
simulate soil behaviour. In order to remove the tensile instability problem in SPH, the artificial stress 
approach was successfully extended to the 3D conditions. The proposed method was then applied to 
simulate shrinkage deformation induced soil cracking and to investigate the effects of the soil 
thickness on cracking pattern. Early numerical results showed good agreement with the experimental 
observation reported in the literature, that is, the number of shrinkage cracks will be reduced as the 
soil thickness increases. Furthermore, the proposed method could simulate well the curling behaviour 
observed in experiments. These numerical results suggest that SPH is a promising approach to 
simulate soil cracking. However, further developments of the soil constitutive model and the SPH 
algorithm are needed to improve the accuracy of the proposed numerical approach.  
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ABSTRACT 
 
For the simulation of underground excavation (tunnelling or cavern excavation) the Boundary Element 
Method offers advantages. For infinite or semi-infinite domains the radiation condition is explicitly 
fulfilled and the effort in discretization (surface instead of volume discretization) and solving the 
modelling system is reduced by an order of magnitude. One of the reasons why the method is applied 
rarely in practice is that essential aspects, such as modelling the sequential excavation, the efficient 
treatment of nonlinear material behaviour, inhomogeneous ground conditions and support construction 
were missing. In addition the method requires more computational efforts, run times for large 3D 
problems can become unacceptably long. The paper will present the research work carried out at the 
Institute for Structural Analysis at Graz University of Technology (with European and Austrian 
sponsorship). The research includes the implementation of efficient methods dealing with the above 
mentioned requirements for a practical application of the method to underground excavation problems. 
It will be shown on a 3D example in tunnelling, how the method can now efficiently deal with the 
sequential excavation / construction. Fast solution techniques were implemented to ensure that the 
results are obtained in a reasonable time for large 3D problems. 
 
Keywords: sequential excavation, BEM, BETI, NATM 
 
 
1 INTRODUCTION 
 
The New Austrian Tunnelling Method (NATM) is characterized by a process of sequential excavation 
and construction of support measures. Due to this process the tunnel construction is dependent on 
spatial and temporal development. In order to provide certain predictions or in the case of a 
verification of ongoing tunnel constructions a numerical simulation has to consider these properties.   
 
The Boundary Element Method (BEM) is well suited for the simulation of underground constructions 
like tunnels and caverns. These constructions are built in an infinite or in a semi-infinite domain for 
which the BEM is fulfilling the radiation condition explicitly by its formulation. There is no need to 
truncate a mesh and therefore no artificial boundary conditions have to be applied. With the BEM only 
the surface of the underground construction has to be discretized. Thus the effort of mesh generation 
is drastically reduced for such simulation problems. This is clearly demonstrated by a practical 
example in 3D.   
 
 
2 BOUNDARY INTEGRAL EQUATION 
 
The basis of the BEM is the displacement boundary integral equation (see Beer et al. 2008) which is 
given by 
   
 (1) 

  
where ( , )U P Q  and ( , )T P Q  are the fundamental solution and ( )u Q  and ( )t Q  are the boundary 

displacement and traction, respectively. The boundary integral equation (1) is valid for a single region, 
whose boundary is discretized by boundary elements with linear or quadratic shape functions. Due to 
the discretization of the integral equation the boundary  is divided into a sum of elements E and 
nodes . Thus, the integral equation (1) is transformed into the following form 
 
 (2) 

( ) ( , ) ( ) ( , ) ( )
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e
niT  and e

niU  are integrated kernel coefficients with respect to the collocation node  and the element 

node .  is an integral free term which depends on the geometrical conditions at node . The 
coefficients are assembled into matrices T  and U 	, whereas the following equations arise: 
 

     T u U t    (3) 

 
With equation (3) a single region problem can be solved. At the nodes of the boundary either 
displacements or tractions are known. The unknown boundary conditions (BC’s) are solved by 
rearranging equation (3). The unknown BC’s with its corresponding columns of matrices T  and 

U  are shifted to the left side of equation (3) and the known BC’s are multiplied on the right side 
with the columns of the matrices T  or U . Thus, the equation system, which has to be solved, 
has the following form 
 
    A x f  (4) 

 
where in case of a mixed boundary value problem the content of the solution vector 	 are either 
displacements or tractions,  matrix A 	is filled up either with columns of matrix T  or U .    
 
 
3 SIMULATION OF SEQUENTIAL EXCAVATION 
 
In the case of a sequential tunnel excavation parts of the rock volume are removed from load step to 
load step. There are different strategies to simulate such a chronological process with the BEM: 
 

 Using a single region BEM (SRBEM)  
 Using a domain decomposition method  –  coupling of BEM regions – Multiple regions 

BEM (MRBEM)) 
 

 
 

Figure 1. Single region BEM model (left) and multiple regions BEM model (right) 
 
In Figure 1 (left) the mesh associated to a certain excavation step using the single region BEM is 
shown. The mesh consists of a single region only and represents the surface of the actual excavated 
volume. On the right of Figure 1 the mesh for the same excavation step is shown, but modelled with 
the multiple regions BEM. This mesh consists of several finite regions, which are embedded in an 
infinite region. In such a case a coupling of regions is necessary. During the simulation regions are 
deactivated (excavation) from the system of multiple regions.   
 
3.1  Single region BEM 
 
A single region system is set up to simulate the sequential excavation process. In this method the 
geometry of the model has to be adapted at each step of excavation due to the change of the tunnel 
surface. The excavation simulation is started with a very small mesh and in every subsequent 
excavation step the existing mesh has to be extended by the surface of the excavated volume of 
excavation. A key issue of this method is the accurate evaluation of the excavation forces of the 
subsequent load step. Stresses in the interior domain have to be evaluated (as shown in Figure 2) and 
are applied at the adapted geometry of the new generated BE region of the subsequent load step. 
Additional details about the method of evaluation of excavation loads are explained by Duenser and 
Beer (2008). 
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Figure 2. Determination of excavation loading for SRBEM 
 
3.2 Multiple region BEM 
 
Another method is to model a multiple region system as shown in Figure 1 (right). For each volume of 
excavation a boundary element region is discretized. In this case volumes which are excavated during 
the simulation are discretized by finite regions which are embedded in an infinite region. The infinite 
region represents the infinite extend of the domain. In Figure 3 the multiple region model of a staged 
tunnel excavation with top heading and bench is shown. 
 

 
Figure 3. Multiple region BEM model of tunnel excavation 

 
 
For the coupling of regions shown in Figure 3 the following strategies will be presented:  
 

 Interface coupling  
 Boundary Element Tearing and Interconnecting Method (BETI) 

 
3.2.1 Interface coupling 
 
One strategy is the coupling of interface surfaces only. Interface surfaces of a region are surfaces 
which are connected to surfaces of neighbouring regions. In tunnelling simulations always free 
surfaces (not coupled to other surfaces) exist, this is the tunnel surface of already excavated regions. 
As a result of this approach the interface changes from one step of excavation to the other step. As 
shown later stiffness matrices of regions are calculated. These matrices are based on the degree of 
freedoms of the coupling surface of each boundary element region. As the interface changes the 
region stiffness matrix has to be calculated newly. The accuracy of result of such a sequential 
excavation simulation is excellent and is shown by Duenser and Beer 2007. To improve the efficiency 
(in the sense of computing time) of such a calculation a new method will be introduced in the following 
section. 
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3.2.2 Boundary Element Tearing and Interconnecting Method (BETI) 
 
The Boundary Element Tearing and Interconnecting Method (BETI) (Langer and Steinbach 2003) is a 
domain decomposition method similar to the Finite Element Tearing and Interconnecting Method 
(FETI) introduced by Farhat and Roux 1991. The main idea is to work out a stiffness matrix for each 
region which is based on the whole region surface, not only for the coupled degrees of freedom as 
explained before. The stiffness matrix is calculated from equation (3) assuming pure Neumann 
boundary conditions: 
 

      1
U T u t

    (5) 

 
In order to make possible a coupling of the BEM with the FEM the problem is formulated in nodal point 
forces. Thus, equation (5) is multiplied by the mass matrix  M which is shown as follows: 

 

          1
M U T u M t f

     (6) 

  
where the stiffness matrix  S  (also called Schur complement) is specified as 

 

      1
S M U T

    (7) 

 
and equation (6) can be written as follows: 
 
    S u f  (8) 

  
In order to formulate a coupled system of boundary element regions two conditions have to be 
satisfied: 
 

 Equilibrium  
 Compatibility  

 
3.2.2.1 Equilibrium of a boundary element region  
 
The equilibrium state of a region can be described by the following equation 
 

        T

NS u f B    (9) 

 
whereas the force vector of equation (8) is devided into: 
 

       T

Nf f B    (10) 

 

  S u  are the forces at the boundary of the region due to deformation,    T
B   are the coupling 

forces (Lagrange multipliers) to the neighbouring regions and  Nf  is the force vector of the given 

loading (Neumann boundary conditions).       
 
3.2.2.2 Compatibility of interface displacements  
 
The compatibility of a system on n regions may be written in the following form: 
 
             1 21 2

.....
n n

B u B u B u b     (11) 

 
equation (11) either guaranties that the displacements at the interface of adjacent regions are equal or 
the displacements at the Dirichlet boundary are equal to the applied Dirichlet boundary conditions 
(applied displacements).  
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3.2.2.3 System of equation 
 
The final system of equation of a coupled system of n boundary element regions is shown as 
following: 
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 (12) 

 
The first n equations of (12) represent the equilibrium of each region and the last equation of (12) the 
compatibility of displacements at every node of the system. 
Implementing the BETI method equation (12) is not assembled explecitly. The equation system (12) is 
condensed to the solution of the coupling forces λ (Lagrange multipliers) by inserting equations 1 to n 
into the last equation of (12). As the inverse of the stiffness matrix S  of a finite region (floating region) 
is singular special treatment of rigid body motions have to be considered. The final solution for λ is 
carried out iteratively. The whole solution formulation is shown in detail by Langer and Steinbach 
2003.  
The main advantage of the BETI method is that the stiffness matrix of each region has to be 
calculated only once and can be used for each load step of excavation. Changing boundary conditions 

due to sequential excavation are considered by the coupling matrices	  nB . They have to be computed 

for each calculation step. As those matrices are sparsely populated they are implemented as sparse 
matrices and the computing time related to those matrices is very small and compared to the overall 
computing time insignificant.    
 
 
4 EXAMPLE – NEW YORK UNDERGROUND – CROSSING PASSAGE 
 
In the following an example of a sequential tunnel excavation is shown. More precisely it is the 
crossing passage of two tunnels of the New York Underground. In the planning phase 3D-CAD 
planning documents were available (shown in Figure 4). In order to create the BEM model these data 
was directly used to mesh the geometry. The initial CAD model of the construction design was too 
detailed in order to use it for the numerical discretization and therefore the CAD geometry description 
had to be simplified. 
 
 

 
Figure 4. CAD detail of crossing passage 
 

132



 
After some adaptations and simplifications of the CAD model it was imported by the pre-processor 
CUBIT 2014 in which the mesh was automatically generated. The mesh is shown in Figure 5 and was 
modelled with linear (4 noded) quadrilateral elements and consists of approximately 20 000 nodes and 
8 000 elements. 
 

 
Figure 5. BEM mesh  
 
Boundary element regions are created according the excavation sequence, which was given by the 
tunnel design and can be seen in Figure 6 (left). Due to the excavation sequence the geometrical 
description of the regions was specified in CUBIT and of course the mesh strongly depends on this 
information. In Figure 6 (right) the steps of excavation are shown by the indication LC#, which means 
the number of load cases. In sum 12 load cases were calculated. In the first 6 load steps the 
excavation of the main tunnels is simulated, followed by the excavation of the cross passage which is 
performed in additional 6 load steps (LC7 to LC12).      
      

 
 

Figure 6. Multiple region BEM model of tunnel excavation 
 
In Figure 7 contour lines of displacements in z-direction for the fully excavated tunnel and crossing 
passage are shown. The maximum settlement is 8.1 cm at the joining openings of the crossing 
passage and the upper main tunnel.  The maximum heave is about 8.3 cm at the joining tunnels of the 
crossing passage and the bottom main tunnel.  
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Figure 7. Multiple region BEM model of tunnel excavation 

 
In the following diagram vertical displacements for node A (location shown in Figure 7) of all load 
steps are displayed. The calculations were done for the three methods of excavation explained in 
section 3:  
 

 Single region BEM method (SRBEM)   
 Multiple region BEM method – interface coupling (MRBEM IC) 
 Multiple region BEM method – BETI (MRBEM BETI) 

 

 
 
Figure 8. Comparison of results for different excavation methods  
 
The displacements are displayed for each load case and each method of excavation. It can be seen 
that for the single region BEM and for the multiple region BEM with interface coupling very similar 
results are achieved. The results for the multiple region BEM with BETI coupling are slightly different 
from the two other methods. 
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The calculation times for the three methods of excavation are shown in Table 1.  
 
Table 1: Calculation times 

Method of excavation modelling Calculation time [h] 

Single region BEM method (SRBEM) 4,5 

Multiple region BEM method – 
interface coupling (MRBEM IC) 

16,8 

Multiple region BEM method – BETI 
(MRBEM BETI) 

4,8 

 
The calculation time for the MRBEM IC is the largest of the three methods. For BEM regions with 
changing boundary conditions the calculation of the stiffness matrix has to be done again from one 
load step to the other. This is the main reason for the lack of efficiency of this method.  
For the present example the calculation time for the SRBEM is similar to the one of the MRBEM BETI. 
At the first excavation step the SRBEM method always starts with a very small mesh (small equations 
system), the size of the equation system increases from step to step as the surface of the excavation 
volume grows. 
For the MRBEM BETI method the stiffness matrices of all regions are calculated only once at the 
beginning of the analysis. They don’t change any more during the whole analysis. This is the main 
advantage of the MRBEM BETI against the MRBEM IC method. 
At the current state of experience an objective statement can’t be made whether SRBEM or MRBEM 
BETI is favourable in relation to computing performance. Maybe for an example of an increased 
number of load steps it can be expected that the MRBEM BETI method has an advantage over the 
SRBEM method. 
 
 
5 CONCLUSION 
 
Three BEM simulation methods for the sequential tunnel excavation have been described. The 
classical method of MRBEM interface coupling (MRBEM IC) and the method using a single region 
(SRBEM) for the excavation simulation are explained in brevity and references to a more detailed 
description are given. The multiple regions BEM using BETI method for the coupling of regions and 
simulation of the tunnel excavation is described in detail as for the user this method may rather be 
new. On a practical example in 3D the results for the three methods are verified and it has been 
shown that the accuracy of the solutions for all methods is excellent and corresponds well to each 
other. The performance of each method is demonstrated whereas the methods SRBEM and MRBEM-
BETI have distinct advantages in computing efficiency over the classical interface coupling MRBEM 
IC. Causes and consequences of the three techniques for the simulation of the sequential tunnel 
excavation are demonstrated by a realistic example in 3D.   
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ABSTRACT 
 
Recent advances in the open source movement have enabled access to advanced hardware and 
software opening up new possibilities for instrumentation and measurement.  At the time of writing, 
there are very few publications that explore the possibilities of applying these advances in the 
geotechnical discipline.  This paper discusses four areas where the authors believe the geotechnical 
profession could benefit from open source developments and discusses some results from preliminary 
investigations in each area.  
 
The four research areas explored are: the creation of open source mobile apps; the use of an open 
source inertial measurement unit (IMU); the development of an open source spectrometer, and open 
source aerial photography with SFM photogrammetry. For each area some background is provided, 
progress with the projects is reported, and the potential applications are considered.  
 
Keywords: open-source, site investigation, spectrometer, IMU, aerial photography, photogrammetry 
 
 
1 INTRODUCTION 
 
Over the last decade, the open source (OS) movement has enabled easier access to the advances in 
hardware and software of various industries ranging from consumer electronics, to aircraft navigation 
and remote sensing. At the time of writing, there are scant publications that explore the possibility of 
applying these advances in the geotechnical discipline.   
 
As part of a concerted research programme to explore the possibility of applying some of the open 
source advances in the geotechnical field, four research projects, aimed at 4th year university or 
Master by research students, are currently under-way. The first project concentrates on applying OS 
mobile applications to help with managing the transfer of information from the field, obtained during 
geotechnical site investigations, to the office.  The second project explores the possibility of using a 
cheap and simple OS spectrometer for routine geotechnical investigation.  The third project will 
examine the application of the latest OS inertial measurement devices, which use mass produced 
micro-machined electromechanical sensors (MEMS), for geotechnical field measurements.  The final 
project will assess the combination of OS aerial photography with SFM photogrammetry for various 
geotechnical applications.  
 
 
2 OPEN SOURCE MOBILE APPLICATION 
 
2.1 Background 
 
In the geotechnical industry, it is a common practice to record most of the information obtained during 
routine geotechnical activities (e.g borehole logging), on a paper medium in the field.  This same 
information will be manually typed into the computer (i.e. digitised) back in the office.  Historically this 
digitising process has been a necessary step since the computers (or any digital equipment) were not 
portable.  However, the advancement of “tablet” computing in recent years has provided the general 
public with access to affordable and durable portable computers.  The tablet opens the possibility of 
entering the information directly in the field and therefore avoiding the need for a second and time 
consuming digitising process. Consequently, tablet use could improve the efficiency and productivity 
of geotechnical site investigation by reducing, or even eliminating, the digitising activity. 
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However, the availability of suitable tablet software, commonly referred to as an “app”, for practical 
geotechnical data input is limited and relatively expensive. This is a significant barrier if the 
geotechnical industry is to adopt the tablet as the standard input device in the field.  The development 
of a basic OS app may reduce/eliminate this barrier and if successful has the potential to enable the 
geotechnical industry to adopt the tablet as a standard field input device.  
 
2.2 Preliminary Borehole Logging App 
 
A rudimentary app to support geotechnical site investigation has been created by Liu (2014). It is 
intended that the OS app created will provide the framework for a more complicated (and user-
friendly) app to be developed.   
 
The process of creating an app for a mobile operating system such as Android is not too dissimilar to 
creating a program for a desktop based operating system (such as Windows or Linux).  After careful 
consideration of which mobile operating system to adopt (see details in Liu, 2014), the OS Android 
(v2.3.3) operating system was chosen as the most appropriate platform for developing the app.  
 
There are several programming languages that can be used within the Android, however, considering 
the native language of the operating system itself is Java, it was decided that the source code for the 
app should be developed with the Java language in conjunction with eXtensible Mark-up Language 
(XML).  Analogous to a desktop program compiler (e.g., Fortran 90), the app is written and compiled 
solely using the free programs within the Android software development kit (SDK).  
 
The SQLite database is native in an Android app and can be designed to integrate any database 
design.  Therefore the design of the database for the app was based on the British Association of 
Geotechnical and Geoenvironmental Specialists (AGS) digital database format (AGS, 2011). 
However, due to time restrictions, only some fields available in the AGS format have been 
implemented in the app to date. 
 
Figure 1(a) shows the basic framework of the app that allows, at the home screen, to either input new 
database or to view an existing database.  The framework is a bare bones database with very basic 
input and output. Figure 1(b) shows the data input screen which contains limited borehole information 
with soil classification and description.    
 

 
Figure 1(a). Flowchart of the app basic framework 
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Figure 1(b). Data Input Screen 
 
 
2.3 Future Direction 
 
The successful implementation of the basic framework for the logging app has paved the way for the 
next step of this project which is to include a more advanced database (e.g., the rest of the AGS 
database format) and to work on the user-friendliness of the input screen and the output format.   
 
 
3 OPEN SOURCE SPECTROMETER 
 
3.1 Background 
 
Spectroscopy is a study of light as a function of wavelength that is emitted, absorbed, reflected or 
scattered from a material either solid, liquid or gas (Clark, 1999) and a spectrometer is used in 
spectroscopy to measure the light spectrum wavelengths and intensities. 
 
Adopting a spectrometer as part of routine geotechnical field investigation has the potential to provide 
qualitative compositional information and quantitative estimates of engineering properties of a large 
volume of sample soil and rock within a short period of time. However, the relatively small amount of 
research publications that explore the application of spectrometer for routine geotechnical 
investigation and the relatively high price of spectrometers has proven to be a significant barrier for the 
industry to adopt spectrometers as part of routine geotechnical site investigation toolkit. 
 
However, recently in 2012, Public Laboratory (see http://publiclab.org/about) released a low cost, OS 
spectrometer design which has created an opportunity to assess the viability of adopting the OS 
spectrometer for routine geotechnical field investigation.  
 
3.2 Laboratory spectrometer application 
 
Prior to assessing the viability of spectrometers for routine geotechnical field investigation, it was 
considered necessary to assess the OS spectrometer performance in a controlled laboratory setting.  
Le et al (2014) performed the viability assessment by using the OS spectrometer to estimate some soil 
component percentages and comparing these estimated values to the ones obtained by conventional 
laboratory means.  The setup of the OS spectrometer can be found in Figure 2 and further details of 
the apparatus and its assessment can be found in Le et al. (2014) or Le (2013). 
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Figure 2. Open source spectrometer setup 
 
Table 1, from Le (2013), shows the estimated soil component percentages, specifically soil moisture, 
carbon and iron oxide content, using the OS (lab) spectrometer and the corresponding soil properties 
values obtained using conventional (lab) procedures.  Considering the limited range of this OS 
spectrometer, it being limited to wavelengths from 350 to 1000 nm, the comparison in Table 1 
suggests that there is a potential for the OS spectrometer to obtain various soil components 
percentage within ± 5 % accuracy.  
 
3.3 Future Direction 
 
Further research will need to be completed to ascertain the reliability and repeatability of the OS 
spectrometer measurements. Further studies with a more sophisticated OS Spectrometer that can 
measure a wider range of wavelengths is underway and it is expected that fundamental engineering 
soil properties like liquid limit and plastic limit may be able to be estimated from the spectrometer 
measurements in the future. 
 
Table 1: Soil Component Measurements (after Le 2013) 

Soil Components 
Based on OS spectrometer 

measurements 
Based on conventional 

lab measurements 
Moisture content in goethite 28% 32% 
Iron oxide content in kaolinite  72% 70% 
Inorganic carbon content in kaolinite  33% 31% 

 
 
4 OPEN SOURCE INERTIAL MEASUREMENTS UNIT 
 
4.1 Background 
 
The recent popularity of OS hardware in DIY (Do-It-Yourself) consumer electronics (e.g. Arduino), has 
paved the way for a variety of affordable measurement sensors and one of them is the Inertial 
Measurement Unit (IMU).  The affordable and small IMU (see Figure 3 b) is a unit that usually consists 
of low cost micro-machined electromechanical system (MEMS) sensors. The MEMS sensors 
contained within recent OS IMU designs are:   

 3 degrees of freedom (d.o.f) gyroscope, 
 3 d.o.f accelerometer, 
 3 d.o.f magnetometer, 

 
Based on the sensors within each IMU, potentially any displacements and rotation in 3 directions can 
be measured and recorded.  Therefore, potentially, the IMU can be adopted for geotechnical field 
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measurements to replace the various displacement and rotation measurement devices (e.g. 
inclinometer, extensometer, tiltmeter, settlement gauge, etc). For example, Figure 3 (a) shows an 
illustration of IMUs inserted into a plastic tube in the ground at a uniform spacing to measure 
displacement and rotation of the tube in three directions.  This tube-inserted IMU already has 
measurement capabilities that surpass a combination of 3 conventional inclinometers and an 
extensometer.  
 

 
Figure 3. (a) Diagram of tube-inserted-IMU, (b) An IMU size 
 
 
MEMS acceleration sensors are already in use in geotechnical instrumentation and have been used in 
some inclinometers for over 10 years. Laboratory studies (Sheahan et al., 2008, Stringer et al., 2010) 
and field studies (Bennett et al, 2009) have shown that the sensors can meet the performance 
specifications required of inclinometers and are at least as good as more traditional sensor 
technologies. However, the cost of the inclinometer described by Bennett et al (2009) was significant 
and comparable with that of conventional devices. One of the reasons for the high cost was the use of 
an array of sensors along the inclinometer. This approach has the advantage of providing a 
continuous reading at each measurement location and avoids difficulties associated with the re-
positioning of a single movable sensor. In principle the position location ability of the IMU units has the 
potential to provide a continuous position measurement along the length of an inclinometer, or other 
in-ground position measures, from a single sensor, which could significantly reduce the costs of 
geotechnical instrumentations and lead to increased field monitoring of ground movements.    
 
4.2 Evaluation of OS IMU 
 
While IMU devices used in navigation systems can be very accurate, it is well documented (e.g. 
Woodman 2007), that the low cost MEMS within cheap IMU units have “drift”/”error” in their 
measurements that make their accuracy questionable over a period of time. The approach generally 
adopted is to make use of multiple sensors that complement each other to remove the errors and to 
use advanced mathematical “filters” as described in many research publications (usually from 
mechanical, aeronautical or aerospace disciplines). It seems that these corrections are appropriate, 
especially for applications tracking objects with large displacements over relatively short periods of 
time (i.e. each tracking activity lasts less than a few months). 
 
At the time of writing there appear to be no research publications that explore the adoption of IMUs in 
geotechnical engineering, or any systematic research programme that explores the accuracy of IMUs 
for tracking small displacements over relatively long periods of time, as can be required of field 
instruments. 
 
A 9-d.o.f IMU has been purchased to explore the applicability of the IMU and to determine the 
accuracy with and without mathematical filters over a period of several months. As the skills required 
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are outside the normal civil set it is proving difficult to find a suitably adventurous student to take up 
this project.  
 
 
5 OPEN SOURCE AERIAL PHOTOGRAPHY & SFM PHOTOGRAMMETRY 
 
5.1 Background 
 
The development of new sensors and technologies has revolutionised surveying over the last two 
decades, so that it is now possible to remotely map ground surface movements and settlements to 
high levels of accuracy using satellite, radar, laser and global positioning (GPS) systems. For 
monitoring slow moving landslides it is considered that Interferometric Synthetic Aperture Radar 
(InSAR) is currently the best technology (eg. Akbarimehr et al. 2013). This satellite based remote 
sensing technique uses radar to measure changes in surface elevation of large areas overtime, and 
can give accuracies to about 5 mm, although this can depend on seasonal variations in vegetation and 
atmospheric conditions. Global Navigation Satellite Systems, such as GPS, are able to provide 
accurate position information between pairs of receivers that are receiving the signal from the same 
satellite to better than 1 mm, but measurements are limited to a number of fixed points. Airborne Laser 
Scanning (ALS) using Light detection and Ranging (LiDAR) uses a laser scanner to sweep across the 
landscape and can give accuracies to 100 mm, and is also more sensitive to vegetation density that 
InSAR. Terrestrial based systems using the same technologies are also available and can provide 
higher accuracies.  
 
The more traditional method of stereo photogrammetry using photographs from several positions on 
the ground or using a plane can also provide high accuracy, but here the availability of low-cost high 
definition digital cameras has inspired open source systems that allow aerial photographs to be taken 
and analysed at a fraction of the cost of conventional photography. There are various open source 
design approaches that utilise various means of flying, from traditional flying equipment (e.g. balloons 
and kites) to more modern Unmanned Aerial Vehicles (UAV).  
 
The stand-alone application of these OS aerial photography systems in the geotechnical discipline is 
relatively limited, i.e., producing 2-D maps may not seem to provide a significant leap.  However, if the 
aerial photography is combined with OS Solid from Motion (SFM) photogrammetry, and combined with 
3D printing for visualisation the potential uses in the Geotechnical discipline grow exponentially. The 
usage envisaged from this combination can range from obtaining virtual 3-D models that can be 
imported with less effort for finite element analysis or simple visualisation that can help to ascertain, 
for example, large scale hill slide mechanisms.     
 
It is worth noting that the definition of SFM photogrammetry that has been referred to above is the 
relatively new photogrammetry technique called “Solid From Motion” where, with advanced computing 
algorithms and many photographs from various angles, a virtual three dimensional reconstruction of 
the objects can be achieved.  This method is not to be confused with either the stereo 
photogrammetry technique (e.g., Butterfield et al. 1970) or close-range photogrammetry (e.g. White et 
al. 2003), which are commonly used in the geotechnical discipline for deformation measurements in 
laboratory and field applications.   
 
Whilst there have been a fair amount of publications that have explored the combination of OS aerial 
photography and OS SFM photogrammetry in fields that are related to geotechnical engineering, i.e., 
geo-spatial mapping, remote sensing and surveying, there has been very little exploration of this 
combination in geotechnical engineering practice.    
 
5.2 Evaluation of OS Aerial photography & SFM photogrammetry 
 
The barriers to adopting these low cost technologies are the three classic concerns in any new 
measurement system, quantifications of accuracy, precision and resolution. Therefore the first step 
must be to quantify the accuracy, precision and resolution of the OS system under well controlled 
laboratory conditions.   
 
It is then planned to use OS aerial photography to map simple sites using traditional flying equipment 
before moving on to the more advanced (and more costly) UAV equipment.  It is proposed to 
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investigate various OS SFM photogrammetry software packages and to compare them with 
commercial ones. 
 
 
6 SUMMARY 
 
The results of the OS mobile app and OS spectrometer projects have shown the potential that these 
technologies have to revolutionise routine geotechnical investigation, however considerable further 
development is required to demonstrate their accuracy and reliability. There are also a range of other 
OS technologies such as the OS IMU and OS aerial photography when combined with SFM 
photogrammetry that also have great potential to transform geotechnical practice and ground 
measurement and instrumentation; however, the fesability of these technologies needs additional 
study.  
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ABSTRACT 
 
The installation of driven displacement piles in clays creates vertical soil movement that is commonly 
known as heave. Numerous researchers have developed theoretical models to calculate the expected 
volume of soil heave due to pile driving. Screw auger displacement piles are a relatively new and, due 
to their cost-effectiveness, increasingly popular piling technique that has been used successfully in 
Australia and New Zealand over the past two decades. Soil heave in clays during the installation of 
screw auger displacement piles has not been investigated in detail, even though the effects are 
commonly known throughout the industry. 
 
The authors introduce some of the most popular general soil heave theories and compare their validity 
to screw auger displacement pile applications. The paper presents the measured ground heave 
results of three screw auger displacement piles during a field test in hard clay and correlates the 
results with the well-established SSPM heave theory. The installation process of driven and screw 
auger displacement piles is fundamentally different and the paper investigates and discusses whether 
or not common heave models for driven piles can be applied to screw auger displacement piles where 
the soil at the auger tip is physically cut, sheared and disturbed by the action of the auger. 
 
Keywords: clay, driven piles, heave, pile installation, screw auger displacement piles, soil movement 
 
 
1 INTRODUCTION 
 
The installation of closed end driven and drilled displacement piles in clay formations results in 
horizontal and vertical soil movements of the ground surface. The soil around a pile that is installed 
using such displacement techniques, tend to move upwards during the installation process, because 
this direction is the only one that is unrestrained. This phenomenon is known as ground heave and 
has been investigated by numerous authors researching this topic over the last 40 years (Adams and 
Hanna 1971, Hagerty and Peck 1971). 
 
Whereas closed end driven piles have been successfully used worldwide for centuries as structural 
elements, drilled displacement piles are a relatively new technology that has gained increased 
popularity over the past two decades. The system was invented in Europe in the 1990s and is based 
on the installation of a purpose-built displacement tool (typically 360 to 450 mm in diameter), which is 
pushed and rotated into the ground by hydraulic piling rigs, causing soil displacement. Once the 
design depth is reached the hollow stem of the displacement tool is used to place concrete under 
pressure to form the pile shaft. The process is described in detail by Bottiau et al. (1998). 
 
 
2 GROUND HEAVE DURING THE INSTALLATION OF DRIVEN CAST IN SITU DISPLACEMENT 

PILES 
 
Ground heave refers to the vertical soil movement at the ground surface surrounding a pile and may 
lead to the uplift of neighbouring piles that have already been installed (Gue, 1984). Healy et al. (1981) 
concluded that ground heave and uplift as a result of pile driving can cause several problems which 
include but are not limited to: (i) squeezing, necking or cracking of the piles, (ii) pile shaft lifting from its 
base; (iii) loss of load capacity in end-bearing, (iv) the separation of pile segments or units due to 
cracking; and (v) additional tensile forces on pile joints for pre-fabricated piles. 
 
However, while the damage caused by ground heave is often permanent, ground heave itself can be a 
temporary phenomenon. An investigation conducted by Cummings, Kerkhoff, and Peck (1950) 
indicated that ground heave of a magnitude of 330 mm at the centre of a group of timber piles driven 
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to 33.5 m depth below the ground surface into soft volcanic clay, settled back almost to its original 
position after about one month. 
 

2.1 Driven piles 
 
Over the past 50 years several researchers have developed different methods to predict ground heave 
in clay during the installation of driven piles (prefabricated and cast in situ piles). Two of the most 
recent and commonly used of these methods are the Strain Path Method (SPM) and the Shallow 
Strain Path Method (SSPM), which are presented in this section of this paper. 
 
The SPM was developed by Baligh (1985) to analyse the penetration of driven piles in clay formations, 
and is based on the assumptions that: (i) the soil is undrained, (ii) the penetration rate is constant, and 
(iii) the soil deformations and strains are dependent on the rotational flow of an ideal fluid rather than 
on the shear strength of the soil. The penetration is assumed to occur ‘deep’ within a soil formation, 
and boundary conditions (such as the ground surface) are not considered in this model. Consequently, 
the analysis of pile penetration using the SPM can only be applied to the analysis of displacements 
near the pile toe. Displacements close to the surface cannot be predicted; therefore the method was 
refined by Sagaseta (1988) to the SSPM. 
 
The SSPM simulates undrained pile penetration from the stress-free ground surface. The method 
introduces the interaction between a point source and a mirror image sink to represent the pile. The 
source S is located at a defined depth ‘h’ below the ground surface, while its mirror image sink S’ is at 
a height ‘h’ above the ground surface. The superimposing action of the two will eliminate normal 
stresses, but will double the shear stresses. Sagaseta and Whittle (2001) developed Equation (1), 
which calculates the theoretical value of ground heave around a cylindrical driven pile in clay: 
 

  (1) 
       
where:  Sz  = vertical soil displacement at the ground surface (ground heave) 

d = pile diameter (m) 
L = length of the pile (m) 
x  = distance from pile axis (m) 

 
Luo (2004) has proposed using the cavity expansion model (CEM) to improve the SSPM in order to 
consider the plastic zone around pile. The authors of this paper adopted this approach with replaces 
the pile diameter d with an equivalent pile diameter deq. 
 
The ground heave around a closed end driven pile is related to the diameter and the length of the pile 
and the distance from the pile axis. However, Sagaseta and Whittle (2001) highlighted that laboratory 
tests have shown that the SSPM is capable of reliably predicting the deformations within a cohesive 
soil mass, but generally slightly underestimates the vertical heave measured at the ground surface. 
Despite this limitation, the authors of this paper have used the SSPM to predict the expected ground 
heave for drilled displacement piles installed in stiff to hard clay. 
 

2.2 Drilled displacement piles and columns 
 
Ground heave generated by drilled displacement piles is described by Larisch et al. (2014). Vertical 
soil movements of up to 500 mm and lateral shifts of about 150 mm were observed on different 
projects in Australia in recent years as a result of the installation of drilled displacement piles and 
columns in clay. Unfortunately, the prediction and estimation of ground heave during the construction 
of drilled displacement piles and columns has not been investigated in detail and predictions are 
mainly based on the research for driven piles as both systems displace the soil during installation. 
 
The main difference between the displacement action of drilled and driven displacement piles is the 
influence of the auger action of the drilling tool. Different drilled displacement augers cut, transport and 
displace soil during the installation process to a different degree. The soil is cut and disturbed by the 
auger tip during penetration. The disturbed soil is then transported through the auger flights to the 
displacement body of the tool, where it is pushed into the borehole wall, causing soil movements. The 
degree of dilation of the disturbed soil is unknown and the effects of tool installation and constant 
penetration rates were investigated during a recent research project by The University of Queensland. 
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3 FIELD TESTS AT LAWNTON 
 
For this research, large-scale tests were carried out at Lawnton, Queensland (Australia), to 
understand the ground heave behaviour of drilled displacement piles installed in stiff to hard clay 
formations. In the past, unpredicted ground heave occurred during the installation of drilled 
displacement piles and columns, particularly when a firm to hard clay layer was located close to the 
ground surface. Three drilled displacement piles of identical length were installed at the Lawnton site, 
in similar ground conditions, using different installation rates and dissimilar full displacement augers 
for each test pile. 
 

3.1 Soil profile and test augers 
 
The Lawnton test site comprised stiff to hard clay layers of about 8 m thickness. The clay was 
underlain by gravel and decomposed rock. The three test piles (piles C, D and E) were installed to 4 m 
depth in order to understand the vertical soil movement during the installation of screw auger 
displacement piles in the stiff to hard clay. The ground conditions at site and the different full 
displacement augers used for the project are displayed in Figure 1. 
 

 
Figure 1. Typical soil profile at Lawnton test site (left), rapid displacement auger used for test piles D 
and E (centre), and progressive displacement auger used for test pile C 
 
The minimum installation rate of the test piles was calculated on the basis of Vigianni’s research 
(1993), as shown in Equation (2). Even though Vigianni’s formula was originally developed for 
Continuous Flight Auger (CFA) piles, the method was found to be applicable for drilled displacement 
piles in fine-grained soils (Larisch 2014). 
 
Va, (min) ≥ nl (1 – (do

2/d2)) (2)
  
where:  Va, (min)  = minimum penetration rate (m/min) 

n  = rate of rotation of the drill tool (rev/min) 
l  = auger pitch (m) 
d  = outer auger diameter (m) 
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d0  = auger stem diameter (m) 
 
The minimum penetration rate Va, (min) for both test augers was calculated to be 1.8 m/min. The two 
different auger types used for the installation of the test piles are shown in Figure 1. Two different 
piling rigs, with different rotational torque and vertical pull-down capacities, were utilised for the pile 
installation to investigate the influence of penetration rates on ground heave. As shown in Table 1, test 
piles C and E were installed with the same piling rig, but with different augers. Test pile E was installed 
with a more powerful piling rig and with the same auger as test pile D. 
 
Table 1: Summary of pile depth, maximum installation torque, penetration rates and auger 
types for test piles C, D and E 

Pile 
number 

Pile 
depth 

(m) 

Maximum 
installation 

torque 
used (kNm) 

Maximum 
penetration 

rate  
(m/min) 

Minimum 
penetration 

rate 
(m/min) 

Auger type 

Pile C 4.0 120 2.0 0.7 Progressive displacement tool 
Pile D 4.0 120 2.0 0.9 Rapid displacement tool 
Pile E 4.0 280 2.0 1.8 Rapid displacement tool 

 
Each pile was installed using an automated rig monitoring system, which monitored the penetration 
rate, rotational torque, auger rotations, concrete pressure, concrete volume and the extraction rate of 
the drill tool as well as general information like the pile number, diameter, date, etc. 
 
As shown in Table 1, test piles C and D were installed with a piling rig with only 120 kNm rotational 
torque and 150 kN vertical pull-down force capacities. The energy input of this piling rig was 
insufficient to keep the tool penetration constant in the stiff to hard clay formation as displayed in 
Figure 2. Due to the high friction between the full-displacement drilling tool and the cohesive soil, the 
penetration slowed down to below the recommended value of 1.8 m/min. In contrast, test pile E was 
installed with a more powerful piling rig providing 280 kNm rotational torque and 300 kN vertical thrust 
capacities, which have been utilised to about 90% for the installation of test pile E. The minimum 
installation rate of 1.8 m/min was achieved for the entire installation process of test pile E. 

 
Figure 2. Installation and extraction rates of test piles C, D and E 
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4 ANALYSIS OF RESULTS 
 
Ground heave on site was measured after the installation of each test pile and the results are 
summarised in Table 2, and Figures 3 and 4. 
 
Table 2:  Heave volumes (SSPM method v measured volume on site) 
Pile number or calculation method Pile volume 

(m3) 
Heave volume 
(m3) 

Heave percentage 
of pile volume 

Pile C – measured heave 0.636 0.446 70.1% 
Pile D – measured heave 0.636 0.445 69.9% 
Pile E – measured heave 0.636 0.228 35.9% 
SSPM calculation method 0.636 0.272 42.8% 
 
Test piles C and D show similar volumes of measured ground heave of about 70% of the theoretical 
volume of each pile. Both piles were installed with the same piling rig, which provided an inadequate 
rotational torque capacity of 120 kNm. For both piles, the specified penetration rate of 1.8 m/min could 
only be achieved for the top 2 m of penetration. The measured penetration rates at deeper levels were 
less than 50% of the target value. It seemed that the auger shape has no influence on the ground 
heave volume if the piles are installed with inadequate penetration rates. 
 
Test pile E was installed with the more powerful piling rig and the specified penetration rate of 1.8 
m/min could be achieved throughout the entire penetration process. The ground heave volume for test 
pile E was only 35.9% of the theoretical pile volume and about half of the volume measured for test 
piles C and D. The ground heave volume of pile E is about 15% less than that calculated using the 
SSPM. The ground heave profiles for the three test piles and the SSPM prediction (including the cavity 
expansion model) are displayed in Figures 3 and 4 for the two main axes of each test pile. 

 
Figure 3. Schematic soil heave profiles for test piles C, D & E and SSPM prediction (axis A-A) 
 

 
Figure 4. Schematic soil heave profiles for test piles C, D & E and SSPM prediction (axis B-B) 
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Surface cracks were observed as a result of ground heave (Figure 5) for all three test piles. The heave 
profile for all piles was altered at axis B as the mast foot of the piling rig restricted ground heave at this 
location. It was also observed that vertical ground movement occurred at the surface during the drilling 
process and was almost complete after the full penetration of the displacement body of the relevant 
displacement auger below ground surface level. No further heave at the surface was observed during 
the placement of concrete. 
 

 
Figure 5. Ground heave occurring during the installation of test pile E (axis B-B) 
 
The measured ground heave volume for test piles C and D was almost identical and followed a 
triangular shape with a maximum height of the heave cone next to the pile of about 250 mm. The 
radius of the heave cone measured from the edge of the pile was about 1.0 m. 
 
The measured ground heave shape of all test piles was not matched by the concave-shaped ground 
heave predicted by the SSPM prediction. In particular, the ground heave profile of test pile E followed 
an almost trapezoidal shape with a maximum heave of 150 mm at the edge of the pile and a much 
smaller radius of only about 500 mm measured from the pile edge. The measured ground heave along 
axis B-B (opposite to the mast foot) showed a stepped shape and a radius of about 800 mm, as 
shown in Figure 5. 
 
Figures 6 and 7 show, respectively the schematic heave cones and the assumed basic cone-shaped 
failure pattern of the stiff to hard clay as a result of the penetration of test piles C, D and E. The 
sketches are not drawn exactly to scale and the CPT ratio is added on the left hand site of each figure. 
The CPT ratio expresses the ratio of cone resistance qc after and before pile installation at each test 
pile location. It is observed in Figures 6 and 7 that a CPT ratio of < 1, which indicates a reduction of 
soil strength after pile installation, is observed for test piles C and D down to 2.5 m depth. Below this 
level, the CPT ratio increased above 1, indicating improved soil strength as a result of pile installation. 
Calculating the shape of the heave cone by using the dimensions of the surface heave and the depth 
at which the CPT ratio = 1, provided the authors with the angle of the theoretical heave cone (23.6°), 
which is almost identical to the friction angle φ of the clay (24.7°) obtained by laboratory tests. 
 
For test pile E (Figure 6), the critical depth, where the CPT ratio increases above 1 is located at about 
1.25 m depth below ground level. The angle calculated by the dimensions of the ground heave pattern 
at the surface and the depth of 1.25 m is 23.6°; similar to that for test piles C and D. Consequently, the 
shape of the heave cone is similar for all three test piles, with only the critical depth being different. It 
was observed that the measured heave volume for all test piles is about 10 to 15% higher than the 
theoretical pile volume inside the heave cone. This effect could be a result of soil dilatation during the 
drilling process. 
 
It was found that the SSPM overestimated the ground heave for test pile E (installed with a constant 
penetration rate of at least 1.8 m/min) by about 15%. The SSPM underestimated the ground heave 
volume by about 60% for the other two test piles installed with inadequate penetration rates. 
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Figure 6. Schematic heave cone, heave volume and CPT ratio for test piles C and D (not to scale) 
 
 

 
 

Figure 7. Schematic heave cone, heave volume and CPT ratio for test pile E (not to scale) 
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5 CONCLUSION 
 
Ground heave in clay formations caused by the installation of drilled displacement piles can be reliably 
predicted by the SSPM if (i) the penetration rate of the drill tool is constant, and (ii) Vigianni’s method 
(1993) is used to specify the required minimum penetration rate. 
 
Sufficiently powerful piling rigs were able to maintain the minimum penetration rate of 1.8 m/min for 
the 450 mm diameter drill tool penetrating stiff to hard clay. The SSPM predictions and measured 
heave volumes were within 20% accuracy. The measured shape of the heave cone was different to 
that predicted by the SSPM for the three test piles installed with drilled displacement technology. The 
heave volume predicted by the SSPM was variable and the method significantly under-predicted the 
ground heave for test piles C and D, and conversely over-predicted the ground heave for test pile E. 
The authors concluded that the mechanism of ground heave caused by drilled displacement piles is 
different to that for driven closed end piles in clay. Further research is required to investigate the 
mechanism of soil shearing, dilations and transport as a result of the displacement auger installation in 
clay and the subsequent ground heave behaviour, patterns and volumes. 
 
The results of full-scale drilled displacement test piles have shown that the shape of the assumed 
basic ground heave failure pattern was similar for both sufficiently powered and underpowered piling 
equipment. The calculated vertical angle of the assumed heave cone (23.6°) was almost similar to the 
friction angle φ of the stiff to hard clay (24.7°). The depth of the heave cone and the diameter of the 
heave radius around the pile depend on the penetration rate of the full displacement drill tool. For an 
adequate tool penetration rate, the ground heave radius is smaller and the horizon of the disturbed soil 
is closer to the surface than for an inadequate penetration rate. CPT measurements were used to 
verify that inadequate penetration rates caused disturbance of the clay to greater depth, leading to 
greater heave volumes of up to 60%, with larger ground heave radii around the test piles. 
Unfortunately, it was not possible to excavate the test piles and to confirm the disturbed areas. 
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ABSTRACT 

Loose sand is likely to be compressible. It also might have insufficient strength to support large loads 
on driven piles. The conditions should be improved by densification of soil near the bearing end of the 
pile. A new laboratory setup for investigating the effect of compaction grouting on pile capacity was 
designed and assembled. This apparatus allows a model pile to be driven into a sample and then 
compaction grouting is delivered through the wall of the pile. The pile penetration resistance, grout 
injection pressure, soil pore pressure and, the void ratio change of soil are monitored. These 
parameters are experimentally studied for its role in the pile capacity improvement. In addition, 
estimation is made to the contribution of the injected volume to the pile capacity. The result indicates 
that compaction grouting could increase the pile capacity by 40 percent. In addition to that an increase 
in compaction grouting pressure has been shown to increase compaction efficiency. Compaction 
grouting should be a useful method in improving driven pile capacity. 

Keywords: loose sand, compaction grouting, driven pile 

1 INTRODUCTION 

Engineering advancement in the past has allowed engineers to improve ground conditions for 
construction works. However human expansion and environmental protection have caused engineers 
to work on more poor and unstable soils. As more construction work moves to the seabed, ground 
improvement becomes more difficult. Instead, engineers rely on anchoring structures on the seabed 
using methods such as piling. Driven pile capacity relies partly on compaction achieved at the bottom 
of the pile during pile driving works especially in loose granular materials such as poorly graded sand 
and silts. The pile’s skin may need to be improved against negative friction generated by soft soil. In 
such a case where the pile is expected to be driven through soft ground and founded on loose sands, 
compaction grouting may provide an alternative approach to piled foundation construction. 
Compaction grouting is traditionally done by injecting viscous soil-cement mixture with particle sizes 
sufficient to be mobile and yet forms a growing homogeneous mass as pressurized injection continues 
without permeating the soil pores in order to control compaction of loose soils (Bruce 2005).  

Many researchers have constructed physical models to study the impact of compaction grouting on 
piled foundations.  For example, Mutman et al. (2012) and Fang et al. (2013) made a field study of 
drilled shaft improvement by compaction grouting. Pooranampillai et al. (2010) on the other hand 
managed to provide a more controlled environment by studying the impact of compaction grouting on 
capacity of drilled shaft in a steel chamber. However all of these investigations were limited to non-
driven piles with grout delivery system near the bottom of the pile. It may be problematic to deliver 
compaction grouting at the tip of driven piles since the pile driving action could block or damage the 
delivery hole near the pile tip. Also, the pile driving test creates disturbed soil zones unique only to 
driven piles. In the current laboratory tests, the model pile could be driven and the model grout is 
delivered through the wall of the pile (Figure 1a). This investigation focuses on compaction grouting in 
loose poorly graded Stockton Beach sand. The laboratory setup of the new apparatus is presented 
herein. Pile penetration resistance are measured to compare the pile capacity and amount of 
densification with and without compaction grouting. 

2 LABORATORY SETUP 

Figure 1b shows the systems used for pile driving, compaction grouting and the pile test. It is made of 
a standard large 1000kPa triaxial cell connected to pressure/volume controllers to control the cell 
pressure, the back pressure and the injection pressure. 

151



2 
 

 

Figure 1. a) Compaction grouting of driven pile b) Schematic layout. Notes 1: Load cell, 2: 
Injection/Back pressure/volume controller, 3: Model pile (Full penetration), 4: Cell pressure/volume 
controller, 5: Volume gauge, 6: Displacement piston, 7: Pore pressure transducer 

 

Figure 2. a) Model pile and grouting system showing injection port, b) Part of the laboratory test setup. 

The change of the specimen volume is measured concurrently using the cell pressure/volume 
controller connected to the cell and a volume gauge connected to the drained top of the sample.  

The model pile is placed at the top of the sample with its tip through the sample top cap and 
embedded into the centre of specimen. The sand sample has 0.3m diameter and it is 0.6m high. The 
model pile is driven into the sample by pushing the sample upwards as the top of the pile bears onto a 
load cell. The triaxial cell displacement, the pressure/volume controllers, the volume gauge and the 
pore pressure transducer are all connected to and controlled by a desktop computer. 

The compaction grouting system in Figure 2a is prepared by rolling a standard 12.7mm outer diameter 
medical latex tube over the model pile. Fishing line is then used to tie the tube onto the stainless steel 
model pile over the prepared grooves. Waterproof tape over the fishing line is used to prevent the 
unravelling of the fishing line during experiment. A stainless steel washer is provided to protect the 
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membrane during pile driving. The latex membrane technique has been deployed by other 
researchers to model compaction grouting (Au et al. 2006). However unlike Au et al (2006), 
Pooranampillai et al (2010), Mutman et al (2012) and Fang et al (2013), the injection location and 
direction in this new apparatus differs. In this new apparatus, the grout is injected sideways to expand 
the grout mass laterally instead of the usual downward injection done by past researchers. During 
injection, the pressure or volume is measured and controlled using the pressure/volume controller. 
The resultant compaction is then measured by volume gauge connected to the top of the sample. 
Figure 2b shows the laboratory test setup. 

In preparation of the test, two processes must be completed. Firstly, the sand sample must be 
prepared; secondly the model latex membrane must be calibrated before the pile is assembled on top 
of the sample. In this test the sand sample is prepared by raining the sand sample into the sample 
former that sits on top of the triaxial cell base. The dry pluviation techniques used a drop height of 
600mm onto the top of the sample. Sand has to pass through a disc filter at the top of the drop height. 
The filter is 300mm in diameter and has 8mm holes spaced in staggered patterns over centre to 
centre distance of 40mm. This particular filter is used to prepare loose sample. For samples at other 
densities, different size holes are used. Once the raining volumetric speed is control using the filter the 
sand immediately drops onto a 236micron sieve before free falling a minimum distance of 600mm into 
the sample former. The properties of this Stockton Beach sand have been reported by other 
researchers (Ajalloeian, 1996) as summarised in Table 1. It is classified as poorly graded silty sand in 
the Unified Soil Classification System (USCS). The density of the prepared sample is almost the same 
lying between 1500 and 1550 kg per cubic metre (Figure 3a). 

The model latex membrane is calibrated by expanding the latex membrane in mid-air as in Figure 2a 
by controlling the injection volume and monitoring the pressure needed to create the volume. Several 
expansion and deflation cycles are done to ensure that the latex membrane behaves similarly under 
repeat expansion. As shown in Figure 3b the latex membrane expansion resistance for a particular 
injection volume is consistent for different latex medical tubing samples used. 

3. EXPERIMENTAL PROCEDURES 

The experiments are done in five stages. In the first stage the sample is wetted with de-aired water. 
De-aired water is prepared using a de-aerator with 100kPa vacuum for a minimum of 20 minutes. The 
sample is also kept under 30kPa vacuum pressure connected to the top of the sample. Once the de-
aired water is ready, the de-aerator is connected to the bottom inlet of the sample. The de-aerator is 
then exposed to atmospheric pressure so that the atmospheric pressure is pushing the water into 
sample under 30kPa pressure gradient. The wetting process is stopped once visual inspection has 
shown that no trapped air is visible on the sample membrane and the discharged water at the top 
outlet has no more air bubbles. The water inlet and the drain outlet are then closed in order to conduct 
back saturation. 

The back saturation process is done by increasing back pressure and cell pressure at the same rate 
but with a difference of 40kPa between both pressures. The back volume is monitored to ensure water 
is not exiting the sample during the process. The pressure increase is stopped once the cell pressure 
reached 960kPa or once back volume is measured exiting the sample. The sample is then kept at 
constant back volume and constant cell pressure for at least 6 hours. After that the cell pressure is 
reduced to 40kPa and a B value test is conducted up to 100kPa. The process is repeated until the 
Skempton B value is above 0.95 and does not change significantly over time. 

In the second stage, the sample is kept at 100kPa confining pressure. The back pressure controller is 
then transferred to the drainage outlet at the top of the sample to maintain a constant back pressure of 
8kPa. The sample is then lowered down so that the model pile can be configured to bear on the load 
cell (Item 1 of figure 1b). The cell pressure is monitored for stability. Once that is achieved, the third 
stage starts. 

In the third stage, the sample is pushed onto the model pile by extending the displacement piston 
(Item 6 of figure 1b) at a constant rate of 0.1mm/s. During this stage, load cell force value and the 
back pressure volume change is recorded to measure pile penetration resistance and also sample 
volume change due to pile penetration. The penetration distance is kept around 70 to 80mm before 
the sample is lowered again for the repetition of stage three. Stage three is completed once the total 
penetration is around 250mm and the top cap is connected again to the load cell. 
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Table 1:  Soil properties of Stockton Beach sand (Ajalloeian,1996) 

D10 D30 D50 D60

mm mm mm mm

Loose sand sample 0.0374 0.49 0.78 30 to 35 0 to -5 0.24 0.36 0.4 0.41 1.71 1.32

Particle size distribution

Cu Cc

Test Log bulk 
modulus, 



Minimum 
void ratio, 

emin

Max void 

ratio, emax

Angle of 
friction 

(Degrees)

, 

Dilation 
angle 

(Degrees)

, 

 

 

Figure 3. a) Repetitiveness of sample preparation method; b) Repetitiveness of latex membrane 
expansion 

Compaction grouting is done in stage four. Back pressure control is transferred to the injection tube to 
control compaction grouting and pressure. The sample top drainage is then connected to volume 
gauge to measure sample volume change during the compaction process. Cell volume is also 
recorded to double check the volume gauge readings. A series of injection pressure increase and rest 
period is introduced until the injection pressure reached 600kPa or the injection volume exceeds 3000 
cubic millimetre. An example of the injection pressure pattern is shown in Figure 4. The actual 
pressure experienced by the soil should be less since the latex membrane also tries to resist the 
membrane expansion. By knowing the injection volume, the actual compaction pressure can be 
estimated. It is expected that the injection pressure will decay slightly during rest period as water 
drains out of the sample. In stage five the back volume that is connected to the injection system is 
kept constant and the pressure measured. The cell is then elevated to push against the model pile so 
that the load cell can measure the new pile penetration resistance. 

 

Figure 4. Compaction pressure estimated using injection pressure calibration curve in Figure 3b 
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3.1 Measurement of compaction rate 

Compaction of the sample is expected to occur during driven pile penetration and also during 
compaction grouting. To estimate the compaction effect, it is assumed that the soil is completely 
saturated after the Skempton’s B value check during the sample saturation stage reached 0.95. In a 
fully saturated soil, the voids between soil particles are completely filled with water and thus the 
volume of voids in the sample, Vv equals to the volume of water in the sample, Vw. Therefore the void 
ratio, e of the sample can be defined as equation 1 where Vs is the volume of soil particles. 

 

(1) 

During all stages of the experiment, the volume of soil particles remains the same. Then, the volume 
of water drained out is a measure of the change in void ratio. 

 

In granular soil, the density of the sand can be compared to its densest condition. This is usually done 
by calculating the sand’s relative density, Dr from known void ratio e, the soil’s loosest void ratio, emax 
and soil’s densest void ratio, emin. 

Rearranging equation 2 into equation 3 produces equation 4. The second portion of the equation 4 will 
be used to measure the compaction efficiency,  as defined by Wang et al (2010) 

 

4 EXPERIMENTAL RESULTS AND DISCUSSION 

To demonstrate the use of this apparatus, we shall explore the results from test number 2 with initial 
dry density of 1499.5 kg per cubic metre. Results from Test 2 during the initial penetration stage 
demonstrated the ability of the test to show the effect of repeat pile testing on the pile penetration 
result. The compaction grouting stage is also demonstrated in Test 2. The change in compaction 
efficiency due to injection pressure increase is demonstrated here. The last penetration resistance 
before compaction grouting in Test 2 are then compared to the post-compaction grouting pile test 
results. The experiment completes all five stages and the effect of compaction grouting on driven pile 
capacity is demonstrated. 

4.1 Penetration stage 

The pile penetration stage is conducted in three consequent displacements of about 70 to 85mm 
(Figure 5). The penetration resistance is measured by the load cell. In driven pile terminology, the 
penetration resistance is expected to develop until it reaches the soil’s ultimate bearing capacity. The 
model pile has smooth stainless steel wall and it is expected that the contribution of the skin friction is 
minimal. Only the final penetration resistance is of interest to the traditional engineers since it is 
equivalent to the bearing capacity force, F. According to Craig (1998), the bearing capacity pressure, 
qf can be calculated from the overburden pressure, 0 and friction angle,’ using equation 6. 
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Figure 5. Pile penetration of loose Stockton Beach sand. 

The first penetration depth took about 150% pile diameter to reach peak resistance of 1.4kN as the 
loose soil takes large displacement to densify at the tip of the model pile. During the second and third 
penetration the peak value of 1kN is reached after only 40 to 50% additional penetration since 
densification at piling stage has already occurred earlier. The result shows that driven pile needs to 
experience large distance of penetration in order to gain peak strength in loose soil. Such large 
deformation is disadvantageous for structures that could not tolerate large ground differential 
settlements. In addition to that, the operative driven pile capacity is usually lower after further 
penetration. It is of the interest of this experiment whether the peak resistance of 1.4kN can be 
regained by compaction grouting.  

The value of measured force, F (Equation 7) is taken to be 1kN based on the final penetration 
resistance in Figure 5. To verify this value, equation 6 is used with peak ’ for loose to medium dense 
Stockton Beach sand between 33 and 40 degrees (Ajalloeian, 1996). According to Kishida (1967), the 
value of ’ to be used for pile driven in loose sand is an average of ’ obtained in the lab and 40. F is 
then calculated using equation 7 and the model pile cross section area, A. The calculated force F is 
between 0.65kN and 1.04kN. The value of 1kN measured is close to the value of medium dense sand 
as expected when sand is compacted by the advancing pile. 

4.2 Compaction grouting stage 

Compaction grouting is conducted by injecting the latex membrane with pressurised water. This stage 
is conducted after pile penetration for Test 2. The actual pressure exerted by the grout mass on the 
soil has to be estimated by knowing volume change (Figure 6a) and correlating it with balloon 
calibration pressure (Figure 3b). Test 2 was completed to maximum injection pressure of 600kPa with 
relaxation periods of 70 to 360 seconds between each pressure increment of 50 to 100kPa. 

Figure 6 shows the amount of compaction in test 2. Since the sample size is large in comparison to 
the pile and grout mass, the compaction improvement will be based on change in compaction 
efficiency at various compaction pressures. Using equation 5, it is found that the value of  increased 
by 3.8 times when the grout injection pressure is increased from 200kPa at time 750s to 600kPa at 
time 1800s. The zone affecting the bearing capacity of the pile is theoretically within 3 to 4 times the 
pile diameter. Improving compaction in this region is vital in improving the bearing capacity of driven 
piles. 
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Figure 6. a) Volume changes during compaction grouting in Test 2; b) Void ratio changes in Test 2. 

 

Figure 7. Pile penetration resistant before compaction grouting in Test 2 as compared to the same 
resistance after compaction grouting of 600kPa pressure in Test 2. 

4.3 Second penetration stage 

During this penetration test, the pile penetrated up to 20% of new pile diameter to reach peak 
resistance of 1.4kN in Figure 7. This is higher than 1kN pile capacity observed at the end of the third 
penetration test before compaction grouting in Test 2. It is also interesting to note that the pile 
penetration resistance has a peak of 1.4kN similar to the value of 1.4kN observed in Figure 5.  This is 
a regain in strength of 0.4kN and an improvement of pile capacity by about 40%. A stiffer response is 
also observed in Figure 7. The penetration resistance has exceeded 1kN at less than 3% pile diameter 
penetration. This is better than 6% pile diameter penetration needed to reach 1kN penetration 
resistance for pile without compaction grouting. 

5 CONCLUSION 

To study the effect of compaction grouting on the improvement of pile capacity driven into Stockton 
Beach sand, a large triaxial apparatus was modified and used. The grouting technique used is unique 
in the sense that it is being injected radially into the soil rather than through the bottom of the pile tip. 

It has been shown that compaction grouting could compact loose sand and reduce the void ratio of the 
soil region supporting the model pile. In doing so the density of the soil surrounding the compaction 
grout has increased and its operational strength has risen. It is also demonstrated that compaction 
improves by increasing the injection pressure.  

It is evident that the compaction grout has created a larger bearing surface area at the bottom of the 
pile. The combined effect of increase in soil density and increase in pile bearing area contributed to 
the significant increase in pile bearing capacity. A 40% improvement in pile bearing capacity is 
expected and to mobilise the pile capacity, lesser settlement percentage is needed. 
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This experimental result demonstrated the successful use of the new apparatus in investigation of the 
improvement of driven pile capacity by compaction grouting. By combining driven pile and compaction 
grouting, the technology provides more flexibility for handling future foundation problems in difficult 
soils. 
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ABSTRACT 
 
The significant impact of grain size distribution on soil mechanics behaviour has been realized long 
ago; however, only recently, has the newly developed breakage mechanics theory and derived 
breakage constitutive models incorporated such an obvious essential factor in a novel mathematical 
way, whilst obeying the thermodynamic framework. Applying a simple breakage model in the context 
of a piled foundation leads to a new end bearing capacity equation of piles in crushable soils, being 
simple and also efficient. This novel equation not only highlights the important role of initial grain size 
distribution in altering the end-bearing capacity, but also includes the impact of friction angle, elastic 
modulus and Poisson’s ratio. All factors are included in a simple mathematical expression that only 
possesses three parameters, i.e., internal friction angle, Poisson’s ratio and a critical comminution 
(isotropic compression) pressure. This makes the application of the new equation into engineering 
practice easy and straightforward. As an illustration, an example is given to show a quick and accurate 
assessment of pile tip resistance using the new equation compared to using other existing 
counterparts.  
 
Keywords: granular materials, GSD, breakage mechanics, end bearing capacity, piles 
 
 
1 INTRODUCTION 
 
End-bearing capacities of piles in weak (or crushable) soils do not generally obey the laws of widely-
used conventional bearing capacity equations, such as Terzaghi (1943) and Meyerholf (1976) where 
the calculated pile tip resistance is seen to increase with increasing friction angles of soils. In most 
cases, although possessing relatively high friction angles, crushable soils (e.g., calcareous and 
carbonate sands) have shown much lower tip resistance in engineering practice than those calculated 
from the conventional methods (Poulos and Chua 1985; Golightly and Hyde 1988; Yamamoto et al. 
2009). The reason has been generally acknowledged to be due to soil crushability which governs the 
mechanical response of crushable soils (Datta et al 1980; Poulos and Chua 1985; Alba and Audibert 
1999; Lade et al.1996; McDowell and Bolton 2000). 
 
When crushable soils are subject to various loadings (compression, shearing or a combination of both), 
the constituent granular particles tend to be fractured, resulting in significant change/evolution of the 
grain size distribution (GSD) – particularly for those sediments containing large amounts of shell 
fragments and with high carbonate contents. The GSD’s have proven very essential, from both 
experimental and theoretical standpoints, to assist with understanding of the mechanical behaviour of 
crushable soils (Datta et al.1979; Einav 2007a). For example, GSD’s (along with other elastic soil 
properties) have been shown to have significant impact on the end-bearing capacities of piles and 
stress distributions in calcareous and carbonate soils and silica sand in recent investigations (Zhang et 
al. 2013; Zhang et al. 2014).  
 
The investigations of Zhang et al. (2013) further established a new end-bearing capacity equation for 
piles penetrating into crushable soils, which results in better predictions when compared to a number 
of other approaches. 
 
The purpose of this paper is to provide a comparison of results from application of the proposed new 
equation with results from existing more commonly employed approaches to predicting pile tip 
resistance.  
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By revisiting the equation originally proposed, this paper also provides a simpler and more practical 
solution to accurately estimate the tip resistance, which may be found beneficial for engineering 
practice.       
 
 
2 EXISTING END-BEARING CAPACITY EQUATIONS 
 
The end-bearing capacity of piles, qp is usually expressed as a function of a dimensionless bearing 
capacity factor (Nq or N*q) and initial effective vertical stress, σν0  or alternatively initial effective mean 
stress, p0 , as shown in the following: 

0vqp Nq 
 (1) 

0
* pNq qp   (2) 

where Nq or N*q may be associated with each other through initial horizontal stress coefficient 0K : 

qq N
K

N
0

*

21
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 (3) 
Therefore, when investigation of qp is reported, this is usually in the form of the end-bearing capacity 
factor, i.e., Nq or N*q.  The following discussion herein focuses on the equations used to determine 
such a dimensionless factor.   
 
2.1 Classic/traditional equations 
  
One of classic equations to assess pile tip resistance factors was proposed by Prandtl (1921), in which 
an end-bearing capacity factor was derived for flat strip surfaces punching through idealised 
weightless incompressible media by assuming a general shear failure type. His equation is expressed 
as:  

 tan2
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where Φ is the internal frictional angle of soil. The assumption of a general shear failure, however, 
does not consider local shear failure which is commonly observed for a pile driving into compressible 
soils. In this regard, Terzaghi (1943) suggested a modified equation by adopting a reduced friction 

angle   tantan 3
21r  to account for the local shear failure pattern for a pile tip foundation in 

compressible soils: 
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However, equation (5) is known to give conservative answers for piles (Vesic 1973), along with 
another fact that it does not reflect the pressure dependance of the bearing capacity factor with 
increasing pile penetration depth. 
 
Vesic (1973) attempted to modify Prandtl’s equation (1), by considering the soil compressibility 
through the introduction of a reduction compressibility factor qc : 

qcqqc NN 
  (6) 
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where Nq is taken from equation  (4), the sand rigidity index   tan/ 0vr GI   was introduced to 

account for the influence of both the initial effective vertical stress 0v and the shear modulus G .  
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Vesic (1975) proposed another equation, an alternative to his own equations (6) and (7), as shown:  
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where v indicates an average volumetric strain in the plastic zone, which is difficult to obtain 

accurately and therefore it is recommended to take 0v  for very dense soils to give an upper bound 

estimate of pile tip resistance.  
 
Houlsby et al (1988) proposed an empirical formula to estimate end-bearing capacity of piles in 
uncemented calcareous sand as shown below: 
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where aP  is atmospheric pressure, typically being taken as 100 kPa; therefore the end-bearing 

capacity factor can be expressed as: 
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The above equations share some similarity, i.e., an end-bearing capacity factor is mainly (or 
exclusively) a function of the internal friction angle of a soil, and increases as the angle increases. 
However, this conclusion has proven not to apply to crushable soils, as previously observed in terms 
of experimental observations and many engineering projects, due to the lack of consideration of soil 
crushability. A new end-bearing capacity equation was therefore developed to account for soil 
crushablity via capturing the evolution of GSD’s, while totally obeying the framework of the rules of 
thermodynamics.    
 
2.2 Proposed new equation   
 
The new end-bearing capacity equation has been presented in Zhang et al (2013) which takes into 
account the impact of granular crushability along with other critical factors such as internal friction 
angle and elastic moduli (or alternatively Poisson ratio).  
The proposition of the new equation originates from a micromechanics-based continuum theory of 
breakage mechanics (Einav 2007a; Einav 2007b; Einav 2007c; Einav 2007d) which links the evolving 
cumulative GSD due to grain crushing to mechanical behaviour of granular materials within the 
framework of thermodynamics.  
 
A simple breakage model of breakage mechanics was implemented into finite element models of a 
pile penetrating into crushable soils, thus enabling a sensitivity analysis of pile tip resistance as a 
function of varying contributing factors including initial GSD, friction angle and elastic moduli (or 
Poisson ratio).  
 
As a consequence of a series of finite element analysis, the new equation to predict the end-bearing 
capacity of piles has been derived as:    
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where for uncemented calcareous and carbonate sands, it suggests: 
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The above model possesses five physically identifiable mechanical parameters:  

1) elastic shear modulus G; 
2) elastic bulk modulus K; 

3) friction coefficient ff pqM  , indicating the friction ratio at critical state between the 

ultimate mean and triaxial shear stresses, fp and fq  respectively; 

4) critical breakage energy (with the dimension of stress) Ec, indicating the yielding condition due 
to breakage dissipation;  

5)  is called the ‘criticality proximity parameter’, which measures how far the initial GSD is from 
the ultimate GSD (Einav 2007a) which conveniently can be assumed to be a fractal pattern. 
For the readers understanding,  can be simply considered, although not absolutely strictly, 
as an indicator of crushability   for a granular soil in a general sense. This is because the 
higher the value of , the more uniformly graded particles exist in a granular soil, and 
therefore the soil is easier to crush.  

 
The parameters in 1) to 4) are typically measured and calibrated from a single standard isotropic 
compression test and a subsequent drained shear test. The parameter   can be calculated using a 
statistics moment (Einav 2007a) for a known initial cumulative GSD and an estimated fractal ultimate 
cumulative GSD.  
 
The aforementioned traditional end-bearing capacity factors have been compared with the proposed 
new equation based on results of a model pile test for a typical calcareous soil, Chiibishi Sand, from 
Kuwajima et al. (2009), as shown in Figure 1. It is shown that the proposed new equation gives the 
best estimate of the end-bearing capacity factor at a deep pile penetration (S) of three pile diameters 
(D) such that ultimate pile tip resistance might be closely approximated. The behaviour of pressure 
dependence of the bearing factors is also noted in, and reproduced by, the formulae of Vesic (1973; 
1975) and Houlsby (1988), although they either overestimate or underestimate the experimental 
result.  
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Figure 1. Comparison of various end-bearing capacity factors against initial mean stress normalised 
by pc for Chiibishi sand (mainly replotted from Zhang et al. 2013; here with the additional result from 
Houlsby equation (13)) 
 
3 CASE STUDY – DEMONSTRATION OF USING NEW EQUATION 
 
This section illustrates how to quickly and accurately estimate the end-bearing capacity factor using 
the proposed new equation.  
 
Considering the general relationship: )sin3(sin6  M  and       2263 KG , the 

original equation (14) can be converted to become: 
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 (15) 
 
The equation (15) herein only possesses three physically identifiable mechanical parameters: internal 

friction angle, , Poisson’s ratio,   and the critical comminution pressure, cp . In contrast, the equation 

(14) requires five parameters as previously explained. 
 
Let us first examine cp , which is dependent on initial GSD via the indicator of crushability   (i.e., 

/2 cc KEp  ). This explains that the various initial GSD’s of a given granular soil would lead to 

different isotropic comminution pressures. For instance, the higher the  (i.e., more uniform grain 
sizes), the lower the cp  would be, indicating a truth that the soils with more uniform particles are 

easier to crush than those with more well-graded particles. As long as cp is appropriately determined 

in an isotropic compression test, it is herein not necessary to know the exact initial cumulative GSD. It 
also becomes irrelevant whether the soil consists of a single source or a mixture of granular material 

sources which may have different individual values of K and cE since these values will be reflected in 

the measured value of cp . 

 
For determining internal friction angle  , the most straightforward way is to carry out a general direct 

shear test while a  of 0.3 can be estimated as being appropriate in general engineering practice.  
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Figure 2. Replot of initial cumulative GSD distributions of two North Rankin sands from Allman (1988) 
 

     
An example is extracted from Allman (1988) where either old or new North Rankin sand or a mixture 
of the both sands was used, as plotted in Figure 2. Regardless of the exact source of the sand and 
initial GSD, an isotropic compression curve was presented in Figure 3. It showed a nonlinear lnp-e 
curve where the abrupt change of the slope is between 200kPa and 370kPa, indicating the 

communition (yielding) pressure, cp  may be approximately estimated to be an average of 280kPa. A 

Φ of 35 has been measured while , as suggested, is first assumed to be 0.3.  
 
The measured lnp-e curve can also be calibrated against the prediction of the breakage model (Einav 
2007a), as shown in Figure 3, to estimate the elastic bulk modulus K (here 50MPa was determined 
using the breakage model), for example, or just via an elastic calculation to fit the linear part of the 
experimental curve. This, together with , enables an estimate of elastic shear modulus G (about 
23MPa) for the purpose of using Vesic’s equations (6) and (8).  
 
 
All current equations (4), (5), (6), (8), (13) and (15) are employed and compared with the measured 
data from Allman (1988), as shown in Figure 4. It can be seen that the proposed new equation (15) 
shows the best agreement while Vesic and Houslby equations, although show the pressure 
dependence of bearing capacity, significantly overestimate the bearing capacity factor.  
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Figure 3. Plot of isotropic compression test curve of Rankin sands from Allman (1988) and prediction 
from the breakage model Einav (2007a). 

 

 
 

Figure 4. Comparison of various end-bearing capacity factors against initial mean effective stress 
normalised by pc for North Rankin sands (experimental data from Allman (1988))  

 
4 CONCLUSION 
 
From the review of, and comparing of, a number of existing equations supplying the end-bearing 
capacity factor for predicting pile tip resistance, a comparison with the recently proposed new equation, 
which originated from breakage mechanics, suggests the new theory is particularly able to deal with 
soil crushability issues, and arguably provides the best assessment of end bearing.  
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The equation is straightforward to use with only three parameters obtainable from an isotropic 
compression test and a direct shear test. This feature is of particular interest for engineering purposes 
to quickly and accurately assess the end-bearing capacity of piles in weak granular soils, such as in 
calcareous and carbonates soils.         
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ABSTRACT 
 
West Africa is a focal area for new oil and gas developments in Africa.  Apart from offshore 
infrastructure there is also some significant pressure to develop infrastructure to support the growing 
number of personnel and plant required for the oil and gas industry.  One such hot spot is the town of 
Cabinda in northern Angola.  A significant risk to developing infrastructure in Cabinda is the availability 
of plant, skilled work force and achieving quality of construction.  At one such development the design 
required the installation of 600 mm diameter bored piles installed to a depth of 15.5 m to provide the 
foundation of condominiums for oil and gas industry staff.  In the design piles were assumed to carry 
load in end-bearing and side-friction.  Piles were installed using a Chinese manufactured Jintai GPS-
15 rig, using migrant labour (meaning imported labour from outside Africa, who are not necessarily 
remaining in Africa and may not be skilled for the particular task at hand).  To test the repeatability of 
pile installation and the likely pile capacities to be achieved in the saturated marine sand and alluvial 
clay profile, four (4 No.) full-scale pile tests were conducted and loaded to failure.  Piles were 
instrumented at the pile head and results were back-analysed to verify design assumptions of bearing 
mechanism and safe load bearing capacity.  This paper describes the full-scale testing undertaken 
and the process and results of the back-analyses.  The paper also provides a basis of expectation of 
pile capacity in Cabinda using locally available equipment and staff. 
 
Keywords: Pile load testing, bored piles, Cabinda, Angola 
 
 
1 INTRODUCTION 
 
West Africa is a focal area for new oil and gas developments in Africa.  Apart from offshore 
infrastructure there is also some significant pressure to develop infrastructure to support the growing 
number of personnel and plant required for the oil and gas industry.  One such hot spot is the town of 
Cabinda in Northern Angola.  A significant risk to developing infrastructure in Cabinda is the 
availability of plant, skilled work force and achieving quality of construction.  At one such development 
the design requires the installation of 600 mm diameter bored piles installed to a depth of 15.5 m to 
provide the foundation of three-storey, reinforced concrete frame condominiums for oil and gas 
industry staff.  To test the repeatability of pile installation and the likely pile capacities to be achieved 
in the saturated marine sand and alluvial clay profile, four (4 No.) full-scale pile tests were conducted 
and loaded to failure.  This paper describes the full-scale testing undertaken and the process and 
result of the back-analyses.  The paper also provides a basis of expectation of pile capacity in 
Cabinda using locally available equipment and staff.  
 
 
2 THE SITE 
 
The site is located next to the ocean outside of the town of Cabinda and is covered by recent beach 
deposits and a small wetland.  The site was investigated in 2012 using 20 No. boreholes with a hollow 
auger rig and Standard Penetration Testing (SPT) conducted at 1.5 m depth intervals (refusal taken as 
60 blows/300 mm penetration).  At the time of the pile testing the site had been cleared of most of its 
vegetation, with only a central clump of palm trees, scattered indigenous trees and short grass 
remaining.   The recent beach sandy deposits vary between fine clayey sand to coarse sands, 
typically occurring as loose sand at surface, steadily becoming denser with depth.  Medium dense and 
dense conditions typically occur below +1.9 m elevation.   
 
Significant variation was observed in consistency across the boreholes (Figure 1).  The “softest” 
ground conditions relative to other areas on site appeared to be in the wetland zone.  From the SPT 
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data it is possible to identify a soft zone located between depths of -1.5 m and -4.0 m.  It was expected 
that this soft zone could be problematic during pile installation resulting in pile borehole collapse.  The 
wetland area is characterised by standing water and is covered by approximately 2 m of high 
plasticity, organic sandy clay.  The groundwater level across the site is located at approximately 0.5 m 
below ground surface.  Notwithstanding the particular wetland area, it is not practical to accurately 
map varying zones of consistency to specific locations on site.  For this reason it was decided to 
evaluate the data across the site as one data population. 
 
 

 
 

Figure 1. SPT data indicating variability in consistency 
 

   
2. THE FOUNDING SOLUTION: BORED PILING 
 
Since the initial geotechnical reports in 2012 it was clear that some kind of deep foundation was 
needed to support the three-storey concrete frame structures.  Bored piling is often used in the 
Cabinda area and was selected as a suitable means of foundation.  The geotechnical consultant at the 
time indicated pile capacities of up to 1700 kN/pile.  This was translated into the structural design to 
coincide with a vertical working load requirement for design of up to 1700 kN per pile, associated with 
an estimated ultimate vertical load capacity of 4500 kN.  The design anticipated 1200 No. of 600 mm 
diameter reinforced concrete piles installed to a depth of 16 m below pile cap level.  Top of pile 
(T.o.P.) level is at +5 m elevation.  
 
Very often in Angola the plant available for pile installation is old and derelict.  At this particular site in 
Cabinda it was no different.  The plant proposed to be used comprised of a derelict Jintai GPS-15 
piling rig.  The rig is manually operated, with the locus of control for pile installation residing entirely 
with the operator.  The piling rig and drilling tool are shown on Figure 2.  There was a very real 
concern about the state of the plant, the competence of the work force, the repeatability of pile 
installation and the reliability of the pile design in relation to how the pile could be installed.  On this 
basis it was decided to conduct a series of full-scale pile load tests to verify the design and installation 
procedures. 
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Figure 2. Piling rig (Jintai GPS-15) and drill bit used for test pile installation 
 
 
 
 
3 TEST PILE INSTALLATION 
 
The test pile installation was done by the Chinese piling contractor using the plant he intended to use 
on site.  The instrumentation and pile head monitoring was conducted by a third party Chinese 
contractor.  A total of four (4No.) test piles were installed across the approximately 400 m x 200 m site.      
 
The full-scale load testing was done to ASTM standards (ASTM D1143-81, 1994:  Standard test 
method for piles under static axial compression load).  The objective of the pile load testing was to 
load 600 mm diameter, 16 m long single piles in compression to a maximum load of 4500 kN or failure 
(whichever occurs first).  The test piles were installed as bored piles using the same equipment 
planned to be used for construction.   The pile testing equipment utilises a very old set of mechanical 
equipment with no electronic checks.  The piling operator had total autonomy and control as to how 
the piles were constructed.   
 
The pile installation process is summarised as follows: (1) A 600 mm diameter borehole is drilled 
under bentonite slurry using a temporary casing to a depth of 16 m below pile cut-off-level.  It was the 
intention to clean the bentonite as it is circulated, but this process was not conducted to any 
satisfactory standard at the time of the test pile installation. (2) Upon reaching the desired depth, the 
drill is lifted out of the borehole and the reinforcement cage was placed into the hole using a crane and 
manual labour.  The reinforcement cage is fitted with a permanent 600 mm outer diameter steel casing 
(approximately 0.5 m long) to protect the upper portion of the pile and to provide a firm loading area 
for the test. This arrangement is only for the test piles and was not carried through to the permanent 
piling works.  (3) After centralising the reinforcement cage, a concrete funnel is assembled.  This 
comprises a steel pipe section that is fitted to a funnel-shaped element where concrete is poured into.  
The pipe and funnel system is lowered into the hole before concrete is poured.  Concrete is now 
poured into the funnel, expelling the bentonite in the borehole and creating the pile. (4) The pile is 
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allowed to cure for a minimum of 28 days and the concrete cube strength values measured are shown 
in Table 1. 

 

Table 1 Test pile concrete cube strength (laboratory Chiazi, Cabinda, Angola) 

Test Pile Number 
Minimum Cube 
Strength (MPa) 

Maximum Cube 
Strength (MPa) 

Average Cube 
Strength (MPa) 

E1 41.3 46.3 44.0 

E3 42.5 47.9 45.9 

E4 43.2 47.4 44.8 

E5 38.8 47.0 42.8 

 
(5) Following curing, a load test frame and kentledge comprising 500 tons of steel reinforcing stacked 
onto a level surface and bound together, was constructed as shown in the figure below.  Settlement is 
measured using 4No. linear variable differential transducers (LVDTs) referenced to a reference plate.  
Load is applied using a hydraulic jack and pressure is measured on a 100 MPa Bourdon-type 
pressure gauge with 1MPa resolution (approximately 129 kN).  The influence of the load arrangement 
on the jack was limited by setting the jack into the ground by approximately 1 m and by having the 
load beam spaced wide apart (approximately 5 m). Readings from the pressure gauge is taken 
manually, while settlement is measured to 0.01 mm resolution via electronic data collection system.  
Load is increased or reduced using an electrical motor controlled by a manual switch.  The entire test 
setup was shaded in an effort to shield the instruments from changing atmospheric conditions. (6) A 
load-unload sequence of 8 No. equal loading steps to 4500 kN and 4No. equal unloading steps to zero 
was proposed by the contractor to conform to ASTM standards to achieve the estimated ultimate 
failure load of 4500 kN. 
 

 
 

Figure 3. Kentledge (reinforcing steel stacked to 500 tons) setup completed 
 
   
4 FULL-SCALE TEST RESULTS 

4.1 Back-analyses 
 
A prediction of the ultimate vertical compression capacity of the pile was made using the method 
described in Brown et al. (2007).  Although the title of this document refers to continuous flight auger 
(CFA) piles, the document is intended to present the state-of-the-practice for design and construction 
of CFA piles, including those piles commonly referred to as augured cast-in-place (ACIP) piles, drilled 

170



displacement piles and screw piles.  Since the piling system used on the current site utilised a bored 
drilling method under slurry it was assumed, for the purpose of the back-analysis, that similar analysis 
methods to CFA piling would apply to the estimation of load.  The method estimates both the shaft 
capacity (with likely maximum mobilised side shear) and the end-bearing capacity.  For shaft capacity 
two methods are proposed, namely the so-called Federal Highway Administration (FHWA) method 
and the method by Coleman and Arcement (2002).     
 
Following load capacity estimation, the pile settlement results were back-calculated using the method 
presented in Das (1995).  This method requires estimation of the soil modulus along the length of the 
pile, the modulus at the toe of the pile and the mobilised side-shear at a particular point in time.  
Although the method is based on elasticity, the mobilised condition, taking into account non-linearity of 
the soil is provided by the combination of SPT estimation of soil modulus using CIRIA 143 and the 
iteration of mobilised side shear. Values of mobilised side shear are iterated until the predicted and 
observed pile settlements are similar.  The vindication of the settlement calculation for the purpose of 
back-analysis is when the mobilised side shear value approaches the maximum side shear value at 
ultimate load capacity calculated using Brown et al. (2007) in the first stage of the back-analysis.  By 
using the pile settlement measured at each load sequence, the distribution of end-bearing and shaft 
load distribution was estimated. 

 

The following core parameter assumptions were made to employ the methods described above: (1) 
Young’s modulus, E’, of the soil material was estimated from SPT values along the length of the pile; 
(2) Pile Length taken as 15.5 m, discounting the upper 0.5 m of the 16 m pile; (3) Pile diameter =     
0.6 m; (4) Groundwater level below T.o.P. = 0.5 m; (5) Soil unit weight (wet)  = 20 kN/m3; (5) Poisson’s 
ratio = 0.3; (6) Frictional resistance distribution = 0.67; (7) Point Load settlement influence factor, Iwp = 
0.85; (8) Frictional resistance settlement influence factor, Iws = 3.81. 

 
The back-analyses achieved the following for each test pile: (1) The estimated ultimate vertical load 
capacity; (2) The estimated working load capacity for design.  In this instance a global factor of safety 
of 2.0 is assumed. The lower factor of safety is based on the fact that there will be four (4 No.) full-
scale test piles available on a fairly small site that would provide information required for design. (5)  
The estimated shaft:end-bearing load carrying ratio and therefore the mechanism of load carrying for 
design.  
 
4.2 Summary of Results 
The measured and back-analysed results of the four test piles are shown in the table below. It is 
notable that the results of test pile E4 are significantly different to what was observed for the other test 
piles.  This test pile failed before the second load increment could be fully applied. 
 
Table 2 :Pile test results and back-analysis comparison (Note: Pile E2 was not installed) 

 Test Pile E1 Test Pile E3 Test Pile E4 Test Pile E5 

Closest Borehole a BH18 
None (BH13 and 
BH14 in vicinity) 

BH7 BH11 

Depth of installation 16 m 16 m 16 m 16 m 

Pile diameter 600 mm 600 mm 600 mm 600 mm 

Pile head elevation f 5.0 m 5.0 m 5.5 m 4.5 m 

Maximum applied 
load (as per 

conversion between 
pump load and 

applied load in kN) 

3937.5 kN 3937.5 940.5 kN Note 3 3937.5 kN 

Estimated Ultimate 
Load (UL) Capacity, 

2252 kN 2813 kN 563 kN c 2813 kN 
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 Test Pile E1 Test Pile E3 Test Pile E4 Test Pile E5 

[Shaft stress] b [7.9 MPa] [9.9 MPa] [2.0 MPa] [9.9 MPa] 

Estimate Ultimate 
Pile-Soil Shear 

Capacity b 

59 kPa 

(closest fit using 
Brown et al., 

2007 with 
Coleman and 

Arcement, 
2002) 

80 kPa 

(closest fit using 
Brown et al., 

2007 with 
FHWA method) 

16 kPa g 

81 kPa 

(closest fit using 
Brown et al., 

2007 with 
FHWA method) 

Estimated Shaft:Base 
Load Carrying Ratio 

at UL b 
79:21 84:16 Unknown 78:22 

Measured Pile Head 
Movement at UL d 12.3 mm 13.7 mm 

2.9 mm < Pile 
Head Movement 

< 39 mm e 
34.5 mm 

Back-calculated pile 
head movement at UL 

using Das (1995) 
12.7 mm 13.7 mm 3.6 mm 35.0 mm 

Notes: 

a. As per ground investigation report. 
b. Results evaluated as per Brown et al. (2007) and Das (1995). 
c. Test pile E4 failed while attempting to apply the 1125 kN load step.  The value of 563 kN as an estimate of 

UL relates to the only readable load before catastrophic failure occurred and may not be a true reflection of 
the UL for this test.   

d. The estimated pile head movement is taken as the measured pile head deflection during pile load testing. 
e. Due to the unexpected catastrophic failure of the pile during application of the second load increment it is not 

know exactly how much movement was undergone at UL.  
f. Pile head levels were surveyed.  For the purpose of back-analysis the pile head elevation was taken as 5.0 m 

for all the test piles. 
g. Side shear capacity follows estimation of mobilised side shear during iteration of the settlement calculation 

using Das (1995). 

4.3 Discussion of Test Pile Results 

 
4.3.1 “Normal” pile conditions 
 
Good agreement was obtained between measured values and back-analysed values to such an 
extent that the ultimate failure load and development of load between shaft and end-bearing could be 
defined.  The methodology proposed also allowed the back-analysis of test pile E4 in order to assess 
the likely failure mechanism observed. From the back-analyses it is concluded that: (1) The test 
results for test piles E1, E3 and E5 are considered representative of the contractor’s “normal” piling 
installation process. (2) The combination of methods proposed by Brown et al. (2007) and Das (1995) 
provide a good estimate of test pile conditions using the ground information from the closest boreholes 
to the test piles.  As a realistic estimate the method proposed by Brown et al. (2007) in combination 
with estimating the maximum side shear using Coleman and Arcement (2002) provided the closest 
estimation of ultimate load capacity.(3) Ultimate load capacity of the piles varied between 2252 kN and 
2813 kN.  The difference between the expected loads is believed to be due to the variable conditions 
at the base of the pile, including consistency and base contact achieved (affecting end-bearing 
potential) and the mobilisation of side shear.  The maximum side shear estimated during loading 
varied between 59 kPa and 81 kPa and is believed to be more closely linked to the repeatability of the 
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installation process and to a lesser effect the variability in ground condition.  This is postulated 
because a larger variation may have been expected had it been linked strongly to variation in ground 
conditions in relation to the data shown in Figure 1.  For design purposes a value of 59 kPa was 
proposed. (4) The ultimate load was achieved at settlements of approximately 2.1 % to 3.5% of pile 
diameter (typically 12 to 21 mm). (5) At ultimate load the back-analysed shaft:end-bearing load ratio 
achieved values ranging from 84%:16% and 78%:22%.  (6) At loads of approximately 1126 kN (the 
second load step in the test sequence) the load ratio in all three test piles was 99%:1%, which means 
that the piles carried the load primarily in shaft friction.   At 1687 kN load, the test piles are estimated 
to carry between 3.5% and 13% of the load in end-bearing.  As an indicative value, end-bearing is 
considered negligible below 1126 kN load. 

 

4.3.2 Progressive shaft and base failure: Test pile E4 
 
The failure of test pile E4 was at first unusual since there is no grounds to expect significantly different 
ground conditions to what was expected across the rest of the site.  Back-analyses using the methods 
described earlier and using the ground conditions of borehole BH7 predict an ultimate load capacity of 
2470 kN.  The average E’ of the ground profile using CIRIA 143 is predicted as 50 MPa along the 
length of the test pile, while the maximum side shear capacity is predicted to be 59 kPa, using the 
method of Coleman and Arcement (2002).  The pile response, however, did not support these 
parameters.   

Using Das (1995) to fit the settlement achieved showed that a peak side shear of only 16 kPa may 
have been mobilised during application of the first loading step (563 kN).  The predicted side shear : 
end-bearing load ratio would already have been in the order of 83% : 17%, which, based on the 
results of the other test piles, would have indicated a situation where shaft side shear capacity was 
fully mobilised and the pile was resisting any additional load in end-bearing. By the time the full 940 kN 
load was applied to pile E4, full side shear failure would have been activated and the pile would have 
been carrying load in end-bearing only.   

Using the method of Brown et al. (2007) the maximum end-bearing available (under the expected 
ground conditions) would have been 743 kN.  This corresponds well with the fact that total failure 
(depicted by a continuous increase in pile head movement with no further increase in load) was 
observed at 940 kN. 

Upon researching the installation of test pile E4 it was reported that the contractor had significant 
difficulty in installing the pile due to collapse of the borehole.  The exact depth of the borehole was not 
recorded.  The borehole was redrilled and installation only succeeded later that evening. 

Considering the low estimated ultimate side shear value achieved and the low overall resistance of the 
pile in relation to the other test piles, it is believed that pile E4 experienced a failure in side shear 
initially, followed by base failure during the second load sequence. The cause of this is believed to be 
the collapse of the sidewall and the prolonged opening of the borehole, which may have caused a 
softening of the wall of the pile hole and possibly some loose material remaining in the pile hole.  It is 
also possible that during the drilling operation a soil-bentonite “smear” may have formed that 
significantly reduced the sidewall friction.  This statement can however not be proven, but seems likely 
in view of the very low side shear achieved.  It is further possible that the pile may not have achieved 
full end-bearing potential due to the collapse; again, this statement cannot be proven, other by 
observing the overall low pile capacity. These findings were considered to be very significant as they 
point to the importance of quality and repeatability of the pile installation and proved fears in this 
regard that resulted in full-scale testing in the first place.      

4.4 Estimating the Working Load for design 

 
The back-analyses of the four test piles provided a firm basis for estimating a safe working load for the 
piles to be constructed on site.  Utilising all the data available on site a “lower bound” design line was 
defined.  This line represents a judgement of likely lower bound conditions in relation to E’ and side 
shear to be expected across the site.  Utilising the design line to estimate E’ from SPT values, a 
maximum side shear of 59 kPa and a factor of safety of 2.0 for base and side shear, it was concluded 
that for detail design confirmation the following would apply: (1) Pile length = 16 m (measured from 
t.o.p); (2) Pile diameter = 0.6 m; (3) Pile type = Bored pile installed under bentonite using a Jintai 
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GPS-15 rig; (4) Ultimate pile load capacity (UL) = 2252 kN (end-bearing and side shear); (5) Working 
Load (WL) = 1126 kN; (6) Design soil modulus along the length of the pile = 13.5 MPa; (7) Estimated 
settlement at WL = 7 mm (proposing 5 to 10 mm for design); and (8) Minimum 28-day concrete cube 
strength = 32 MPa. 

4.5 Considerations for construction 

 
Apart from providing a basis of verification of design some important considerations emerged for 
construction.  The pile installation method is paramount to the repeatable and successful installation of 
a load-bearing pile.  This was illustrated very eloquently by the failure of test pile E4.  The following 
issues were found to affect repeatability of installation and were put forward for inclusion into the 
Quality Assurance plan for site: (1) It was reported that a number of breakdowns occurred during test 
pile installation (up to 60% downtime was mentioned). Equipment need to be in a reliable working 
order; (2) Only trained and experienced staff shall be used and staff shall not be changed for the 
duration of the contract to ensure that they gain experience of the particular site. (3)  The process of 
circulating bentonite into a soil sump where soil is allowed to settle out of the bentonite/soil mix is not 
acceptable.  The bentonite shall have properties as described in BS8004 (or similar) and shall be 
properly quality controlled, for instance to BS8004 (section 6.5.3.8) or similarly approved project 
specification. (4) The process of drilling, installing the reinforcement cage and concreting must be a 
streamlined operation with the borehole drilled quickly and efficiently and the hole not being in contact 
with bentonite for too long.  This may affect the pile-soil interface.  At working load the pile is relying in 
total on side shear.  Any reduction in side shear will necessarily have an effect on pile capacity. (5) 
Pile borehole collapse was observed in at least two of the four test piles and a soft layer occurred at 
approximately -1.5 m to -4.0 m elevation in a number of boreholes.  Mitigation measures, such as 
temporary casing needed to be considered to ensure borehole stability during pile installation.  

5 SUMMARY AND CONCLUSIONS 
 
This paper describes the full-scale testing undertaken and the process and results of the back-
analyses.  The paper also provides a basis of expectation of pile capacity in Cabinda using locally 
available equipment and staff. It was found that the methods described in Brown et al. (2007) could 
effectively be used on the basis of traditional borehole and SPT ground investigation to back-analyse 
pile response of bored piles in mostly submerged, sandy beach deposit profiles in Cabinda, Angola.  
Strict control on pile installation time, proficiency and competency of staff with proposed piling 
equipment and control of fluids, such as bentonite, used during pile installation need to be applied and 
compiled into the Quality Assurance processes of the site.  Very often in remote parts of Africa, as on 
this particular site, old equipment may be proposed for use.  The client and client’s representative 
should be insistent on well-maintained equipment and trained contractor staff. 
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ABSTRACT 
 
Acidic groundwater generated from acid sulfate soil (ASS) usually carries high concentrations of 
aluminium (Al) and iron (Fe), which create unfavourable conditions to living habitat. ASS research 
team at the University of Wollongong, Australia implemented an innovative geotechnical engineering 
technique for the remediation of acidic groundwater through a permeable reactive barrier (PRB) using 
recycled concrete aggregates as the reactive material. This PRB was installed at the Shoalhaven 
Floodplain, southeast New South Wales (NSW), Australia in October 2006 and has proved effective in 
neutralisation of groundwater by increasing the pH from 3.6 to 7 and removing 99% of Al and Fe from 
groundwater to date. Dissolved Al and Fe were removed through continuous precipitation which would 
clog the pore spaces of reactive medium by secondary mineral precipitation. This paper provides a 
complete evaluation of the performance of the PRB through field work and groundwater flow modelling 
coupled with geochemistry. The developed model (using finite difference codes: MODFLOW and 
RT3D) describes the chemical clogging due to mineral precipitates and the associated reductions in 
porosity and hydraulic conductivity of the reactive medium. The results obtained from numerical 
modelling, groundwater samples analysis and mineralogical analysis of barrier specimens confirm that 
the current PRB has performed well since the last seven years. Only a smaller amount of clogging 
was evident at the entrance of PRB with only a 3% reduction of hydraulic conductivity. This model 
would be beneficial for the environmental scientists and geotechnical engineers who have to deal with 
the ASS problems, especially in coastal Australia. 
 
Keywords: acid sulfate soils, permeable reactive barrier, groundwater flow modelling, geochemistry 
 
 
1 INTRODUCTION 
 
In-situ remediation of acidic groundwater through permeable reactive barriers (PRB) has been 
practiced throughout the world. Different types of alkaline materials were adopted in the remediation 
process. Zero valent iron (ZVI) is one of the common reactive materials used for acidic water 
remediation. Gillham and O’Hannesin, (1994), Blowes et al., (2000), Phillips et al., (2000) and Li and 
Benson, (2005) reported the effective performance of ZVI PRBs and their longevity predictions. Some 
of the other reactive materials used for acidic groundwater remediation were organic carbon-rich 
material (wood chips, municipal compost and paper mill pulp) (Waybrant et al., 1998; Benner et al., 
2000), carbonate minerals (calcite, dolomite, ankerite) (Blowes et al., 1997; Jurjovec et al., 2002) and 
limestone (Amos and Younger, 2003). 
 
In the current study, recycled concrete has been utilised as a promising alkalinity generating material 
to reduce the risk of acidic groundwater after experimenting over more than twenty materials (Golab et 
al., 2006). Acidic groundwater generated from acid sulfate soils (mainly pyrite) has low pH plus high 
concentrations of soluble Al and Fe. Figure 1 shows the geological structure at the study site. These 
heavy metals create unfavourable conditions for living beings in water and corrode concrete and steel 
infrastructure. Thus it is vital to reduce the risk of acid sulfate soils and come up with a promising and 
long-term treatment methodology. Acid sulfate soils research team at the University of Wollongong 
installed a PRB in the Shoalhaven Floodplain, South of Sydney, Australia in 2006. The performance of 
this PRB has being monitored to date. This paper presents the evaluation of performance through 
numerical modelling and verification of the developed model using field data. 
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Figure 1. Geological structure at the PRB site (AHD: Australian Height Datum) (after Indraratna et al., 
2014a) 

 
MODFLOW and RT3D finite difference codes were used to simulate the coupled groundwater flow 
and contaminant transport. A mathematical model was developed to find the pressure head solution 
for MODFLOW which captured the change in porosity and hydraulic conductivity due to dissolution of 
alkaline minerals and precipitation of secondary minerals. A novel geochemical algorithm introduced 
by Indraratna et al. (2014b) was used in RT3D. The mineralogical analysis carried out for barrier 
specimens are presented. 
 
 
2 MATERIALS AND METHODS 
 
2.1 Permeable reactive barrier 
 
The study site is located in the Lower Shoalhaven Floodplain (3449’S, 15039’E), south-eastern 
NSW, Australia. The PRB is installed in a farming land (1000 ha) on Manildra Group’s Environmental 
Farm, next to a flood mitigation drain which flows into Broughton Creek, which is a left bank tributary 
of the Shoalhaven river. The low-lying study area is prone to flood in heavy rainfall events with an 
elevation fluctuating from 0 to 1.25 m AHD (Australia height datum). In early October 2006, a pilot-
scale PRB (17.7 m long x 1.2 m wide x 3 m deep) was installed by cut and fill method, parallel and 15 
m from the flood mitigation drain to intersect the zone of maximum groundwater flow. The PRB was 
designed to maximise the groundwater residence time within the barrier and to minimise bypassing of 
the barrier. A geotextile fabric was stretched above the trench and was backfilled with the crushed 
recycled concrete (d50 = 40 mm). This geotextile fabric was used to guard the reactive media (recycled 
concrete aggregates) from physical clogging by tiny soil particles and other fine debris entering the 
barrier. 
 
Observation wells and data loggers were installed to obtain the water quality parameters in a timely 
manner to monitor the performance of the PRB. In total, 10 observation wells (50 mm in diameter), two 
wells for data loggers (100 mm in diameter) and six piezometers were initially planted inside the PRB 
length of five transects approximately parallel to the groundwater flow as indicated in Figure 2. Two 
multi-parameter automated data loggers were placed to the data logger wells such that the tip of every 
data logger was about 300 mm from the well bottom, to make sure that the data logger probes were 
immersed in groundwater, even during intense drought situations. Each data logger was calibrated 
and set to record pH, dissolved oxygen (DO), temperature and water pressure hourly. In addition, 
there are 20 extra observation wells (2 m deep and 50 mm external diameter) installed up and down-
gradient of the PRB. Overall, there are 36 observation wells and 15 piezometers installed up-gradient, 
down-gradient and inside of the PRB to observe hydraulic gradients, phreatic surface variations, 
hydraulic conductivity and groundwater chemistry. 
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Figure 2. Monitoring network around the PRB at study site (after Indraratna et al., (2014a) 
 
2.2 Performance monitoring in the PRB 
 
Temporal and spatial distribution of water quality parameters like groundwater pH and different 
concentrations of dominant ions after installation of the PRB were assessed to monitor the 
performance of field PRB. Groundwater quality parameters up-gradient, down-gradient and inside of 
the PRB were compared. Groundwater samples were collected monthly from the observation wells in 
acid flushed polyethylene plastic bottles and analysed for basic cations (Ca2+, Mg2+, Na+, K+), acidic 
cations (Al3+ and total Fe), anions (Cl- and SO4

2-), acidity and alkalinity. Ca and Al were analysed using 
inductively coupled plasma – mass spectrometry (ICP-MS) and Fe was analysed using atomic 
absorption spectroscopy (AAS). All chemical analyses were conducted according to the standard 
process for water and wastewater (APHA, 1998). Results from column experiments (Indraratna et al., 
2010; 2014b) confirmed that Ca2+, Al3+ and total Fe were the main importance in the acid 
neutralisation procedure taking between recycled concrete and the acidic groundwater. Hence, these 
three dominant ions were monthly measured for the field samples. The other ions had no significant 
change, and were therefore measured quarterly each year. 
 
2.3 Numerical modelling 
 
In this study, remediation was through dissolution of alkalinity generating material and through 
precipitation of Al and Fe out of acidic solution. Indraratna et al. (2014b) developed a geochemical 
model coupling transient groundwater flows. The transport profiles of contaminants through the PRB 
were simulated whilst calculating the reduction in porosity (n) and hydraulic conductivity (K) due to 
mineral precipitation. MODFLOW and RT3D software codes were used for this numerical study. 
Reaction kinetics for dissolution of Ca-bearing minerals and precipitation of secondary minerals were 
calculated using the Transition State theory (Equation 1). 
 













eq
r k

IAP
kr 1                             (1) 

 
where, r is the reaction rate, kr is the effective rate coefficient, IAP is the ion activity product, keq is the 
equilibrium solubility constant. In Equation 1, the value of IAP/keq was calculated using saturation 
indices (SI) (Equation 2). In this study, saturation indices for chemical reactions were calculated from 
PHREEQC software once the influent parameters were given. 
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The details of the geochemical algorithm previously developed by Indraratna et al. (2014), shows the 
relationship between the reaction rate for a substance (r) and the overall reaction rate for a specific ion 
(R).The porosity reductions due to secondary mineral precipitation were calculated using Equations 3 
and 4, as given below. 
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where, ϕk is the volume fraction of precipitated mineral, Mk is the molar volume of mineral and Rk is the 
total reaction rate for a particular substance, Nm is the number of minerals and n0 and nt are the initial 
porosity and porosity at time t, respectively. The associated change in hydraulic conductivity was 
calculated using normalised Kozeny Carmen equation (Equation 5). Hence, 
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where, K0 is the initial hydraulic conductivity and ∆nt is the difference in porosity at two consecutive 
time intervals. 
 
MODFLOW and RT3D were used to simulate the groundwater flow and contaminant transport through 
the centreline of the PRB. The width of the PRB (1.2 m) was discretised into a mesh of 12 squares 
(1.2 m x 0.1 m) as shown in Figure 3.  
 

 
Figure 3. Discretisation of the centreline of the PRB (after Pathirage and Indraratna 2014) 
 
One dimensional flow through PRB was considered. Piezometers located at the PRB entrance zone 
(P9) and exit zone (P8) are indicated in Figure 3. 
 
MODFLOW does not update the change in porosity and hydraulic conductivity due to secondary 
mineral precipitation. Thus, a mathematical solution was introduced by Indraratna et al. (2014b) to 
calculate the head solution (h) in every time step (Equation 6). The pressure head for the starting 
block (P9) calculated using Equation 6 was fed into MODFLOW to simulate the pressure head at P8 
for each time step. 
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where, B is aquifer thickness, S is storage co-efficient, µ, C and D are constants. The parameters α 
and β are given by: 
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Therefore, the new groundwater flow velocity (ub) for each time step was calculated using Equation 7. 
Hence, 
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RT3D was adopted to simulate the flow and transport of contaminants using the advection, dispersion 
and reaction equation (Equation 8). RT3D comprises of seven pre-defined reaction components and a 
user-defined component which can be used to accommodate customized reactions. In this study, a 
user-defined module was adopted with the developed geochemical algorithm fed through the reaction 
component (RkMkC) in Equation 8. 
 

CMR
x

C
u

x

C
D

t

C
R kkbe 










 ][][

2

2

            (8) 

 
where, C is the concentration of the contaminant, Re is the retardation coefficient (Re = 1 because 
sorption was ignored in the model) and D is the dispersion coefficient with a longitudinal dispersivity of 
0.3 m and a mean groundwater flow velocity of 0.05 m/day (approximate porosity of the PRB was 
50%) was assumed in the model. 
 
 
3 RESULTS 
 
The groundwater pH along the centreline shows significant improvement in groundwater inside and 
down-gradient of the PRB (Figure 4). This clearly shows the capability of recycled concrete’s alkalinity 
generation to improve the down-gradient water quality. The groundwater pH in the observation wells 
varied greatly from 4.2 to 7.5 which are 4-12 m away from PRB (Figure 4). This is lesser than the 
groundwater pH inside PRB, but certainly higher than the acidic pH up-gradient of the PRB. The 
reason for getting a lower pH reading in the down-gradient than inside the PRB is probably because 
of: (i) dilution of the effluent coming out from the PRB and (ii) irregular mixing of acidic groundwater 
created in the pyritic layers (because PRB is not capable of minimising the pyrite oxidation process). 
 
High concentrations of Al and Fe were observed up-gradient of PRB ranging from 1.5-60 mg/L and 2-
290 mg/L, respectively (Figure 5). The results obtained during the 7 years monitoring period in the 
PRB showed that most of the Al3+ and Fe enclosed in the groundwater precipitated quickly when Ca-
bearing alkaline minerals in recycled concrete started to dissolve and thereby increased the 
groundwater pH. A rapid decrease in Al3+ and Total Fe can be seen inside the PRB and most 
importantly has been consistently less than 2 and 0.5 mg/L, respectively (Figure 5). The 
concentrations of Al and Fe in the down-gradient increased with distance away from the PRB. This is 
possibly due to the currently available and continuing oxidation of pyrite in soil, which generates fresh 
acid, and releasing toxic metals from the soil. Moreover, there is a possibility for the remediated 
groundwater from the PRB would blend with the in-situ acidic groundwater in heavy rainfalls, thus 
increasing Al and Fe concentrations and decreasing the pH. Furthermore, there is a chance that some 
amount of untreated groundwater from above, below and from the sides of the PRB flows approaching 
the down-gradient monitoring zone. Although, the down-gradient concentrations were larger than 
those inside the PRB, they were still less than the up-gradient acidic groundwater. 
 
The model outputs are in favourable agreement with the field data obtained through the centreline of 
the PRB. Table 1 shows simulation results and field data for pH, Al and total Fe concentrations for 
2013 that is after 7 years of operation. The averaged pH of the up-gradient groundwater was 3.6, 
while the averaged pH inside the PRB was 7. Field monitoring showed that the concentrations of Al3+ 
and total Fe reduced abruptly inside the PRB, in agreement with the model results. 
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Figure 4. Average groundwater pH up-gradient, inside and down-gradient of the PRB (after Indraratna 
et al., 2014a) 

 

 
Figure 5. (a) Al and (b) total Fe concentrations up-gradient, PRB and down-gradient (after Indraratna 
et al., 2014a) 

 
The depletion of dissolved Al and Fe indicate that they precipitated inside the PRB decreasing the 
porosity and hydraulic conductivity. Although this pilot-scale PRB has been treating acidic 
groundwater for more than 7 years, the calculated reduction in hydraulic conductivity was as small as 
3% at the entrance zone, and almost insignificant at the middle and exit zones. The slight decrease in 
hydraulic conductivity was probably due to the larger sized recycled concrete aggregates (d50=40 mm) 
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installed in the PRB which delay extreme clogging. Same behaviour was identified by Li et al. (2005) 
and Bilek, (2006) where the clogging was a maximum at the entrance zone, because the secondary 
minerals did not distribute evenly throughout the barrier. 
 
Table 1:  Model predicted and measured values in the field PRB (after Indraratna et al., 2014b) 
 Input 

values 
Averaged measured values inside 

the field PRB  
Averaged model predicted 
values inside the field PRB 

pH 3.6 7 7.3 
[Al] (mg/L) 27 1 0.5 
[Total Fe] (mg/L) 80 1 0 
 
The PRB was excavated near observation well 22 (Figure 2), to obtain a recycled concrete sample in 
October 2013. X-ray florescence (XRF), X-ray diffraction (XRD) and scanning electron microscopy/ 

energy dispersive spectroscopy (SEM/EDS) analyses were undertaken to determine precipitation of 
the secondary minerals. These analyses gave quantitative and qualitative measures of the 
precipitates. Orange and white precipitates were visible on the specimens collected from the PRB, 
indicating that chemical armouring on reactive surfaces has taken place. XRD and XRF analysis 
confirmed that Ca-bearing minerals provided the needed alkalinity, while Al and Fe oxy/hydroxides 
were the main precipitates. SEM-EDS analysis confirmed that Al and Fe had higher peaks in the 
armoured concrete, compared to that in virgin concrete (Figure 6). This further confirms that the 
precipitates were dominantly Al and Fe-bearing minerals. From XRD results, the precipitated 
secondary minerals of Al- and Fe had a mass ratio of 41:59. 
 

 
Figure 6. EDS analysis (a) fresh recycled concrete and (b) armoured recycled concrete collected from 
the PRB. SEM image (included inside (b)) shows the analysed area (after Indraratna et al., 2014a) 

 
 

4 LONGEVITY 

The acid neutralisation capacity (ANC) and the longevity of this PRB depletes with time while the 
neutralisation process takes place. Pathirage and Indraratna (2014), mentioned that ANC was 
reduced by 54% due to the secondary mineral precipitation. The pilot-scale PRB discussed in this 
study was placed with 80 tonnes of recycled concrete (porosity of approximately 50%). ANC of 
recycled concrete was 146 g/kg, thus, 80 tonnes contained 11.7 tonnes of acid neutralisation capacity 
(Pathirage and Indraratna, 2014). Assuming a typical groundwater flow velocity of 0.05 m/day at this 
study site, there would be 4.85 x 105 L of acid transported through PRB per year. The usual acidity 
measured at the up-gradient was 565 mg/L (equivalent to CaCO3), which corresponds to a usage of 
0.274 tonnes of reactive material per year. Therefore, it would take 42.7 years to utilize all the alkaline 
material. If the 54% depletion of ANC due to secondary minerals precipitation was considered, the 
predicted longevity of the PRB would be 19.5 years (with a mean groundwater velocity of 0.05 m/day). 

 
5 CONCLUSION 
 
Field monitoring data of the pilot scale PRB to reduce the risk of acidic groundwater generated from 
acid sulfate soils is reported in this paper. Recycled concrete has the ability to sustain a near-neutral 
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pH over a considerable period, meanwhile removing toxic heavy metals from groundwater. Chemical 
armouring/clogging reduced the ANC of recycled concrete. Field data from the centreline of the PRB 
was used to validate the simulation. The predicted values from MODFLOW and RT3D simulations for 
pH, concentrations of Al3+ and total Fe are found to be in favourable agreement with the observed field 
data for 2013. The average pH was 7 within the PRB. The pH of the PRB has been declining 
gradually, attributed to depletion of alkalinity generating materials in recycled concrete and also 
because of armouring/clogging by precipitates on the reactive surfaces. Clogging, and associated 
reduction in porosity and hydraulic conductivity was most prominent where the groundwater entered 
the PRB. From October 2006 to October 2013, the calculated decrease in hydraulic conductivity at the 
entrance zone was only 3%, which is acceptable, because of the coarse grained recycled concrete 
aggregates (d50=40 mm) used in the PRB that delays total clogging. 
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ABSTRACT 
 
Ground-source heat pump systems use the favourable thermal properties of the ground to sustainably 
and economically heat and cool buildings. These systems exchange heat energy with the ground via a 
ground heat exchanger (GHE), which typically comprises heat exchanger pipes embedded in 
boreholes, trenches or ground contact elements of buildings such as piles. GHE construction costs are 
a significant component of system capital costs and cost-efficient design of GHEs requires an 
accurate assessment of the thermal properties of the ground including temperature profile, thermal 
conductivity and thermal diffusivity. 
 
This paper summarises the results of recent studies of the thermal properties of Melbourne Mudstone, 
the typical bedrock in the Melbourne, Australia region and the different test methods used. 
Assessment of thermal properties (principally thermal conductivity) has been undertaken by a variety 
of laboratory and in situ methods, including divided-bar apparatus and thermal scanner laboratory 
methods and in situ thermal response testing. These studies are the first of their kind in Melbourne 
and the results presented in this paper are expected to provide a valuable reference for the 
preliminary design and sizing of GHEs in the Melbourne region. 
 
Keywords: geothermal energy, ground-source heat pumps, energy foundations, ground temperature 
 
 
1 INTRODUCTION 
 
The ground heat exchanger (GHE) is an integral component of ground-source heat pump (GSHP) 
systems that use sustainable geothermal energy to efficiently heat and cool buildings. GHEs usually 
comprise a closed loop of absorber pipes embedded in grouted boreholes (typically up to about 100 m 
deep), backfilled trenches (typically about 2 m deep), or building foundations (Brandl, 2006). A heat 
transfer fluid circulates in these pipes; if the fluid is cooler than the ground it absorbs heat, and if it is 
warmer than the ground it emits heat. A heat pump connects the GHEs and any distribution pipes 
(collectively, the ground circuit) to a building circuit. To heat the building, heat is extracted from the 
circulating fluid and to cool the building, heat is rejected to the circulating fluid. 
 
GHE design requires an accurate assessment of the in situ thermal properties of the ground: thermal 
conductivity (λ, in W/(mK)), thermal diffusivity (α, in mm2/s) and vertical temperature profile or T0, the 
average far-field temperature over some depth (in °C or K). Assessment of thermal conductivity is 
particularly important as the total design length of GHEs in a GSHP system is inversely proportional to 
the ground’s thermal conductivity. While there are a range of factors that affect thermal conductivity, 
for soil and rock it is typically in the range of 1 W/(mK) to 4 W/(mK). Note that for conductive flux, 
α = λ ⁄ Svc, where Svc is volumetric specific heat capacity in MJ/(m3K). 
 
The thermal properties of samples recovered from the ground (typically from boreholes or test pits as 
part of routine geotechnical investigations) can be assessed in the laboratory (e.g. Barry-Macaulay et 
al, 2013; Clarke et al, 2008). However, as for all forms of geotechnical investigation there can be 
issues associated with sample disturbance, scale and the degree to which discrete samples are 
representative of the ground as a whole. 
 
In situ assessment of the ground’s thermal properties can be undertaken with a thermal response test 
(TRT). Practical procedures for undertaking TRTs were developed contemporaneously by Gehlin 
(2002) and Austin et al. (2000). Recent advances include equipment miniaturisation (Katzenbach et 
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al., 2009 and Raymond et al., 2010), and the potential to embed optical fibre cables in GHEs to 
identify vertical variations in thermal conductivity (Fujii et al., 2009). TRTs are usually performed in 
vertical borehole GHEs, but can also be undertaken in energy piles (foundation piles fitted with 
absorber pipes, e.g. Brettmann and Amis, 2011). 
 
This paper summarises the results of recent studies of the thermal properties of Melbourne Mudstone 
and the different test methods used. Assessment of thermal properties (principally thermal 
conductivity) has been undertaken by a variety of laboratory and in situ methods, including divided-bar 
apparatus and thermal scanner laboratory methods and TRTs. These studies are the first of their kind 
in Melbourne and the results presented in this paper are expected to provide a valuable reference for 
the preliminary design and sizing of GHEs in the Melbourne region. 
 
For more detailed discussion of the work summarised in this paper, the reader is directed towards 
theses by Barry-Macaulay (2013) and Colls (2013). 
 
 
2 MELBOURNE MUDSTONE 
 
The Melbourne Mudstone is a general term for the Silurian age siltstone and sandstone that typically 
forms the bedrock in the Melbourne, Australia region. Siltstone is the dominant rock type encountered 
and is typically a soft or weak rock, with a uniaxial compressive strength range of about  
1 MPa to 5 MPa for extremely to moderately weathered rock (Johnston, 1992). Where present, 
sandstone can be significantly stronger than the siltstone. 
 
No formal assessment of the volumetric specific heat capacity of the Melbourne Mudstone was 
undertaken for this research. In the following analysis, a typical value of Svc = 2 MJ/m3 was adopted 
(Banks, 2012). 
 
 
3 ASSESSMENT BY THERMAL RESPONSE TESTS 
 
3.1 TRT methodology 
 
In a TRT, a constant heat flux or power (Q, in W, often expressed as a power q = Q ⁄ LGHE per metre 
GHE length) is applied to the circulating heat transfer fluid (Fig. 1). The power applied to the ground 
during a TRT should be calculated by measuring the temperature change (in K or °C) from GHE inlet 
(Tin) to outlet (Tout), and the flow rate (F, in m3/s) and volumetric specific heat capacity of the circulating 
fluid (Eq. (1)). Note Svc for water can typically be assumed to be 4180 kJ/(m3K). 
 
Q = F.(Tin – Tout).Svc           (1) 
 

 
Figure 1. Typical thermal response test setup 
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The variation in inlet and outlet fluid temperature (Tin and Tout, in °C or K) over time is measured and 
(as will be discussed) the rate of change in mean fluid temperature [Tmean = (Tin + Tout) ⁄ 2] provides 
information on the ground’s thermal properties. These properties (as assessed by TRT analysis) may 
be influenced by the geometry and configuration of the GHE. Hence, TRTs are also commonly used to 
establish the unit output of a prototype GHE, so that the total number of GHEs needed to provide a 
larger total output can be determined. In this paper, the focus is on TRTs for assessing the thermal 
properties of the ground, which provides greater potential for GHE design optimisation than using 
TRTs as GHE performance tests. 
 
3.2 TRT analysis 
 
TRT results can be analysed in a variety of ways, including by numerical modelling tools or parameter 
estimation techniques. However, Gehlin & Hellström (2003) found that an approach based on the line 
source equation is generally the simplest and fastest analysis method (and is accurate if correctly 
applied). The line source equation describes the change in temperature some radial distance (r) from 
a line source (or sink) of power. A simple expression of the line source equation is based on that 
provided by Javed and Fahlén (2011): 
 
T(r,t) = T0 + q/4πλ.ln[4αt/(γ′r2)]         (2) 
 
where, in addition to terms defined previously, t is elapsed time (in seconds) and γ′ = 1.78 is a 
constant [ln(1.78) = Euler’s number].  
 
In GHE design it is common to assume that the GHE centre is the centre of the line source, and that 
the line source equation describes the change in temperature at the GHE wall (TGHE at the GHE or 
borehole radius, rb). The temperature difference between the fluid circulating in the GHE and its wall is 
proportional to the power applied (q) and the GHE thermal resistance parameter (Rb, in mK/W). 
 
Tmean = TGHE – q.Rb           (3) 
 
The GHE thermal resistance depends on the internal configuration of the GHE and includes 
contributions from fluid flow, the absorber pipe wall and grout. Taking GHE thermal resistance into 
account, the line source equation is typically written as (replacing natural with base ten logarithm): 
 
Tmean = T0 + (2.303q/4πλ).log[4αt/(γ′rb

2)] + q.Rb        (4) 
 
The line source equation is typically applied over the time 5rb

2⁄α < t < ts ⁄ 10, where tmin = 5rb
2⁄α is the 

minimum duration and ts ≈ (LGHE
2) ⁄ 9α is the time for steady-state conditions to occur (Claesson and 

Eskilson, 1987). 
 
For TRT analysis, Eq. (4) is re-written in the form of the equation for a straight line (y = mx + c), 
relating ∆Tmean (equal to Tmean – T0) to log(t). In this form: 
 
∆Tmean = (2.303q/4πλ).log(t)	 +  (2.303q/4πλ).log[4α/(γ′rb

2)]	 + q.Rb      (5) 
 
Once T0 has been established (methods for doing this are compared in Gehlin and Nordell, 2003), 
plotting ∆Tmean for a measured and constant q against log(t) eventually yields a linear relationship. The 
slope (m) and vertical axis intercept (c) of a trend-line drawn through the linear part of the data plot 
can then provide an estimate of (in turn) the ground’s thermal conductivity and GHE thermal 
resistance: 
 
λ = 2.303q/4πm           (6) 
 
Rb = (c/q) – (2.303/4πλ).log[4α/(γ′rb

2)]         (7) 
 
As the estimates from Eq. (6) and Eq. (7) are averages over the entire GHE length, TRTs are 
generally performed over the same depth range as the proposed GHEs. Measurement of temperature 
change at different depths in the GHE (e.g. Fujii et al, 2009) can provide an indication of changing 
thermal conductivity with depth provided that power output at each depth is also measured (power 
output per metre is not constant with depth). Note that in Eq. (7), it is necessary to estimate the 
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ground’s volumetric specific heat capacity to calculate thermal diffusivity α = λ ⁄ Svc, with λ calculated 
from Eq. (6).  
 
Because of the time period over which the line source equation is valid, data from t < 5rb

2 ⁄ α is usually 
ignored in TRT analysis and the trend-line is drawn tangential to later data. A minimum TRT duration 
of 50 hours is usually adopted for borehole GHEs (Sanner et al., 2005) to allow sufficient data to be 
collected so that a trend-line can be drawn after the minimum duration. However, applying this 
criterion to energy pile GHEs (usually much larger diameter than borehole GHEs) may require TRTs to 
run for many days or weeks. Also, because of the requirement to apply a constant power, heating 
equipment is usually required to achieve a standard deviation within ±1.5% of the average value, with 
peaks less than ±10% of average (ASHRAE, 2007). 
 
Colls (2013) discusses several potential improvements to the TRT analysis methods discussed above. 
 
3.3 Experimental results from the Beaurepaire Geothermal Experiment 
 
The TRTs discussed in this paper were undertaken at the Beaurepaire Geothermal Experiment (BGE), 
a full-scale experimental facility constructed at the University of Melbourne’s Parkville campus. The 
setup of this facility is described in Colls (2013) and Colls et al. (2012).  
 
TRTs described in this paper were undertaken in a 31.2 m deep, 600 mm diameter energy pile GHE 
(known by site convention as GHE-A) or a 29.7 m deep, 125 mm diameter borehole GHE (known as 
GHE-C). Subsurface conditions at the BGE site comprise a 0.3 m thick layer of sand fill (imported 
topsoil) over silty clay (residual soil) and variably weathered Melbourne Mudstone. Extremely 
weathered siltstone with minor interbedded sandstone was encountered below 1.0 m, grading to 
moderately weathered below about 20 m depth. The frequency and thickness of sandstone beds 
increased below 20 m. The depth to groundwater was about 13 m.  
 
The average ground temperature from 0 m to 30 m depth at the BGE site (T0) was measured as about 
18.3°C (Colls, 2013). Note that T0 will depend on factors including geographical location and climate, 
the depth over which it is measured (T0 is increasingly subject to seasonal variations as depth 
decreases and the presence of groundwater may affect T0). 
 
Fig. 2 shows a plot of temperature change against time for two TRTs – one known by site convention 
as TRT18 (performed in the energy pile GHE-A) and the other known as TRT19 (performed in  
GHE-C). 
 

 
Figure 2. Plot of temperature change against time for TRT18 in GHE-A and TRT19 in GHE-C 
 
The results of TRT analysis for TRT18 and TRT19, together with two other tests undertaken at 
different times of year in GHE-C (TRT8 and TRT13) are summarised in Table 1. Note that Colls (2013) 
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indicates that for TRT19 in particular, the conventional methods for estimating tmin are inadequate and 
for this test the trend-line was drawn after t = 110,000 s.   
 
Table 1: TRT results from the Beaurepaire Geothermal Experiment 

GHE ID Diameter 
(mm) 

TRT ID Start date Duration 
(hours) 

Assessed λ 
(W/(mK)) 

GHE-A 600 TRT18 5/12/2011 407.0 2.75 

GHE-C 125 
TRT8 13/7/2011 49.3 2.71 
TRT13 11/10/2011 48.8 2.66 
TRT19 9/1/2012 70.5 2.67 

 
For GHE-A, the assessed GHE thermal resistance was about 0.055 mK/W and for GHE-C about 
0.23 mK/W. The decrease in thermal resistance for GHE-A is due to a number of factors including the 
increased number of U-tubes in this GHE and the spacing of these U-loops at a greater distance from 
the centre of the GHE (Colls, 2013). 
 
The results of the TRTs performed at the BGE suggest that over the upper 30 m depth at this site, the 
average thermal conductivity of the Melbourne Mudstone is 2.66 W/(mK) to 2.75 W/(mK). 
 
4 LABORATORY ASSESSMENT 
 
4.1 Thermal scanner 
 
One method for laboratory assessment of thermal properties makes use of a TCi scanner. The TCi 
scanner, manufactured by C-Therm Technologies Ltd, is capable of measuring the conductivity of 
irregularly shaped samples provided a level surface can be formed on the sample. The TCi scanner 
directly measures the thermal effusivity of a sample using the transient plane source method. 
Measurement of effusivity allows the conductivity to be estimated provided the sample’s volumetric 
specific heat capacity is known or can be estimated. 
 
A TCi scanner was used to measure the thermal conductivity of six siltstone and six sandstone 
samples recovered from the two BGE energy piles (GHE-A and a second 600 mm diameter energy 
pile known as GHE-B). 

 
(a) (b) (c) 

 
Figure 3. Variation of moisture content (a), dry density (b) and thermal conductivity (c) with depth for 
samples from the BGE. Thermal conductivity measured using a TCi thermal conductivity scanner. 
Samples tested were soaked in water for at least 24 hours prior to testing. The soaked moisture 
content and dry density of these samples was also assessed and is summarised on Fig. 3. Note that 
differentiation between siltstone and sandstone was based on a visual assessment. 
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The results of the TCi scanner on samples from the BGE indicate that the thermal conductivity ranges 
from 2.04 W/(mK) to 2.78 W/(mK) for siltstone and 2.71 W/(mK) to 3.01 W/(mK) for sandstone. The 
mean (weighted for depth) thermal conductivity of these samples is 2.67 W/(mK). 
 
4.2 Divided bar apparatus 
 
Laboratory testing in the form of a divided bar apparatus was undertaken at Monash University on 
samples of Melbourne Mudstone obtained from a variety of sites across Melbourne (the BGE was not 
one of these sites). The divided bar apparatus used in this study is illustrated in Fig. 4 and was 
designed based on devices described by Sass et al. (1984), Beardsmore and Cull (2001) and Jones 
(2003).  

 
 

Figure 4. Cross-section of divided bar apparatus for measuring thermal conductivity. T1–T4 represent 
temperature measurements from the heat flux sensors. 
 
The divided bar consists of two temperature controlled plates at the top and bottom of the cell. The 
bottom plate contains an electric heater which generates a heat source of constant temperature, while 
cool water is circulated through the top plate from a temperate controlled water bath. Heat flux sensors 
50 mm in diameter positioned either side of the rock sample measured the heat flux flowing through 
the rock and the temperature gradient across the specimen. When the sample reached equilibrium the 
thermal conductivity was determined using Fourier's law of heat conduction as follows: 
 
λ = Q / (∆T/L)           (8) 
 
where ∆T (K or °C) is the imposed temperature gradient, L (m) is the height of the rock specimen and 
heat flux Q is in W/m2. The heat flux sensors used were manufactured by placing a 1 mm 
polycarbonate disc between two 3 mm aluminium discs. Holes were drilled in the aluminium discs and 
thermocouples inserted to measure the temperature of the disc (Fig. 4). The heat flux was calculated 
by rearranging Eq. (8) where the thermal conductivity of the polycarbonate disc was 0.20 W/mK. 
 
In practice it is not possible to simulate pure heat flow through the sample due to radial heat losses. In 
the present case, the samples were insulated with polyethylene foam to minimise any radial heat 
losses. In addition, contact resistance errors between the sample and heat flux sensors were 
minimised by coating the sample surface with thermal grease and by applying an axial load on the 
sample to ensure that good contact was established. Heat losses were monitored by taking heat flux 
measurements at the top and bottom of the sample. Any difference in heat flux measurements 
effectively represents heat loss from the sample. The heat flux measurements recorded showed 
minimal heat loss occurring across the sample. 
 
Barry-Macaulay et al. (2013) present a comprehensive summary of testing undertaken on Melbourne 
Mudstone materials using the divided bar apparatus. The results of this testing are summarised in 
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Table 2. Note that this testing was undertaken on samples under air saturated (‘dry’) and water 
saturated (‘wet’) conditions to assess the influence of moisture content on thermal conductivity. 
 
Table 2: Summary of divided bar test results 

Rock type Number of 
tests 

Dry density 
(t/m3) 

Saturated moisture 
content (%) 

λ (dry) 
W/(mK) 

λ (wet) 
W/(mK) 

Siltstone 35 2.13 – 2.49 4.0 – 11.0 0.72 – 1.54 1.73 – 2.47 
Sandstone 10 2.03 – 2.47 3.5 – 11.0 1.04 – 1.67 2.46 – 2.84 

 
Further assessment by Barry-Macaulay et al. (2013) noted that thermal conductivity of the Melbourne 
Mudstone could be affected by the following factors: 

 Moisture content: The thermal conductivity of dry samples was much less than that of 
wet samples. This effect was attributed to water having a much higher thermal 
conductivity than air. 

 Density: For dry samples, thermal conductivity increases with increasing dry density. 
This effect was attributed to the rock particles having a much higher thermal 
conductivity than air. For saturated samples, no significant relationship was observed 
between thermal conductivity and dry density. 

 Anisotropy: Thermal conductivity typically increased for heat flux parallel to bedding 
and decreased for heat flux perpendicular to bedding. 

 Mineralogy: Thermal conductivity of siltstone and sandstone typically increased with 
increasing quartz content. 

 
5 DISCUSSION 
 
The results of the various methods of assessing the thermal conductivity of Melbourne Mudstone 
described in this paper (excluding ‘dry’ samples) are summarised in Table 3. 
 
Table 3: Summary of Melbourne Mudstone thermal conductivity test results 

Material type Material type Number of 
tests 

Moisture content 
(%) 

Dry density 
(t/m3) 

λ (wet) 
W/(mK) 

Siltstone 
TCi (BGE) 6 6.3 – 12.5 2.17 – 2.47 2.04 – 2.78 
Divided bar 35 4.0 – 11.0 2.13 – 2.49 1.73 – 2.47 

Sandstone 
TCi (BGE) 6 6.7 – 14.5 2.15 – 2.40 2.71 – 3.01 
Divided bar 10 3.5 – 11.0 2.03 – 2.47 2.46 – 2.84 

Siltstone and 
sandstone 

TRT (BGE) 4 9.0a 2.35a 2.66 – 2.75 
aBased on the average of 76 moisture content tests and 36 dry density tests on samples recovered from GHE-A 
and GHE-B 
 
The results summarised in Table 3 indicate generally good agreement between the various 
assessment methods used. However, it is important to note that the effects of naturally occurring 
variations in mineralogy (including inaccuracies in differentiating between siltstone and sandstone) 
and material properties could affect agreement between tests on different samples. Furthermore, the 
TRT results represents an average thermal conductivity over a 30 m depth that may be affected by 
mass effects including groundwater flow, the orientation of bedding and the presence, extent and 
orientation of defects in the rock. 
 
6 CONCLUSIONS 
 
This paper presents the results of assessment of the thermal properties (principally thermal 
conductivity) of Melbourne Mudstone siltstone and sandstone by a range of in situ and laboratory 
methods. 
 
The thermal conductivity measured in the laboratory ranges from 1.73 W/(mK) to 2.78 W/(mK) for 
siltstone and 2.46 W/(mK) to 3.01 W/(mK) for sandstone. While the results for TRTs are similar, 
factors that could affect the in situ thermal conductivity include mineralogy, bedding orientation, 
density and moisture content and mass effects. 
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ABSTRACT 
 
The NZ Transport Agency’s Waterview Connection project involves the construction of 4.8 km of 
motorway to complete Auckland’s Western Ring Route. Half of this new link will be tunnelled; the 
remaining half is surface highways and approach trenches. The Southern Approach Trench (SAT) is 
400 m long with a temporary excavation up to 29 m deep, through basalt lava flows, Quaternary 
alluvium, residual soils and Tertiary age interbedded sandstones and siltstones. The concept design 
considered a drained base with a grout curtain through the basalt and cut-off walls through underlying 
units to control groundwater inflows and limit environmental impacts such as drawdown, stream 
depletion and consolidation settlement. Through analysis of the hydrogeological setting it was 
determined that the trench could be fully drained, without a grout curtain, with manageable 
groundwater inflows and negligible environmental effects. This paper describes how limited inter-
connection between the basalt lobe (through which the SAT is excavated) and the main basalt flow 
and creek was determined, and presents observations of groundwater inflows during and following 
construction.  Structural controls (paleo-valleys and faults), combined with the low storativity of the 
units, result in drawdown effects up to 230 m from the trench in some areas. Despite more than 2 
years of drawdown, there has been negligible consolidation settlement or stream depletion that could 
be attributed to construction. 
 
Keywords: basalt, drawdown, settlement, groundwater inflows  
 
 

1 INTRODUCTION 
 
The Waterview Connection project involves the construction of 4.8 km of 6-lane motorway through and 
beneath Auckland’s western suburbs, linking two existing state highways to complete a motorway ring 
route around the city.  Half of this new link will be in tunnels constructed by a Tunnel Boring Machine 
(TBM), the 10th largest of its kind and the largest to be used in the Southern Hemisphere. The 
remaining half comprises surface highways and approach trenches (Figure 1). The Southern 
Approach Trench (SAT), where the TBM was assembled and launched, is 400 m in length with a 
temporary excavation up to 29 m deep. Figure 2 shows key features of the trench and its construction.  
 
 

2 GEOLOGICAL SETTING AND STRUCTURAL FORM OF THE SAT 
 
The Waterview Connection project is situated within the Waitemata Basin, a shallow marine basin 
formed between 24 and 18 million years ago (Kermode, 1992). Consolidated sediments that infilled 
the basin formed a sequence of weak sandstones and siltstones (East Coast Bays Formation, ECBF), 
locally interbedded with and cross-cut by coarse volcaniclastic sandstone (Parnell Grit member). 
ECBF underlies the entire project area and outcrops in ridges to the south and west of the alignment. 
The ECBF is overlain by a variable thickness of Tauranga Group alluvium (~2 million to 10,000 years 
old) which has infilled a series of paleo-valleys incised in the ECBF. The alluvium is overlain by a 
ponded basalt lava flow from the Mount Albert volcano (30,000 to 100,000 years old) that flowed into 
the Oakley Creek paleo-valley. Oakley Creek then re-established itself and now delineates the 
western boundary of the lava flow.  
 
The SAT is constructed through one of the lateral lobes of the basalt lava flow (Figure 2). The 
excavated basalt face (maximum height of 12 m) is fully drained with face support provided by 
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rockbolts, mesh and a shotcrete facing. Horizontal bored drains are used to control groundwater at the 
excavation face and a subsoil drain was constructed within the Alluvium at the toe of the basalt. Below 
the basalt, the trench is retained by bored soldier pile walls with strip drains behind sprayed concrete 
arches formed between the piles.  Herring-bone sub-soil drains beneath the roadway permanently 
drain the base slab. Oakley Creek was required to be diverted in four places in order to accommodate 
the trench and surface highway. 
 

 
Figure 1. Location plan 

 

 
Figure 2. Key features of the SAT: A) Southern portal headwall. B) Shotcreted basalt face. C) Bored 
pile wall retaining soils and ECBF. D) TBM assembly. E) Original alignment of Oakley Creek. F) 
Diverted alignment of Oakley Creek. G) Edge of basalt lava flow. H) Basalt paleo-valley. 
 
 

3 HYDROGEOLOGIAL SETTING 
 

3.1 ECBF 
 
Water levels within the ECBF are indicative of a regional water table of low gradient, discharging to the 
northwest (towards the harbour) and locally discharging to Oakley Creek (Figure 3).  Groundwater flow 
is largely defect controlled through fractures and bedding planes, although some lesser flow can also 
be expected through the matrix of coarser sandstone beds. Rainfall recharge occurs slowly via a 
series of cascading water levels; however, the main recharge for this unit is from up-gradient flow 
within the rock mass. The ECBF has a relatively low hydraulic conductivity and storativity. 
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Figure 3. Conceptual Hydrogeological Model. 
 

3.2 Alluvium 
 
Water levels in the alluvium are representative of an unconfined to semi-confined aquifer system with 
water levels typically 2 m higher than levels in the underlying rock. Groundwater flow is predominantly 
through pore spaces, and the units exhibit a strong vertical anisotropy due to bedding. The anisotropy 
results in a variable and muted connection with the underlying ECBF. Although some seasonal 
variation occurs there is only a muted rainfall response observed around the SAT. The alluvium is of 
low hydraulic conductivity and low storativity, but is compressible and susceptible to consolidation 
settlement if drained. 
 

3.3 Basalt 
 
Water levels within the basalt lava flow are indicative of a perched, unconfined aquifer system, and are 
2 m to 7 m greater than those in the underlying units. The water levels respond rapidly to rainfall 
suggesting a direct connection with the surface. Groundwater flow in the basalt is defect and cavity 
controlled, with hydraulic conductivity varying over several orders of magnitude (Kh and Kv = 10-6 m/s 
to 10-4 m/s) depending on the extent and inter-connection of fractures.  
 
Investigation drilling near the centre of the main lava flow (i.e. offline from the SAT) often encountered 
significant groundwater inflows that were difficult to control; however, anecdotal evidence from 
excavations at the margin of the flow indicates negligible groundwater inflows. For this reason the 
groundwater flow connection between the main part of the flows and the marginal lobes was 
investigated.  
 
Contoured groundwater levels in the basalt indicate a predominantly north north-westerly flow 
direction, analogous to the main direction of the basalt flow, in which significant water bearing defects 
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might reasonably be expected. There is a much less distinct gradient of groundwater flow from the 
centre of the basalt to the lateral lobes. Where basalt is exposed in the banks above the creek, 
negligible seepage is observed, suggesting the majority of discharge from the basalt occurs to the 
north where the basalt thins and shallows resulting in surface springs. This lack of connection to the 
main water-bearing flow was confirmed by short term pumping tests in the basalt which indicated that 
although the basalt lobe was of high permeability (i.e. 1 x 10-5 m/s or greater) it was of low storativity, 
with limited connection to the main basalt lava flow or the creek. As such even small rates of 
discharge (< 0.5 l/s) could not be maintained during testing for more than a few hours. 
 
Simultaneous flow gauging at 7 sites in Oakley Creek allowed a semi-quantitative assessment of the 
connection between groundwater and surface water. The monitoring indicated that up-gradient of the 
SAT where the creek is incised into basalt it loses water to ground.  Directly adjacent to the SAT, 
Oakley Creek is incised into the ECBF and the base of basalt is a few metres above creek water level.  
In this area the water level in the creek is comparable to that in the ECBF. Given the difference in 
water levels, lack of direct connection between the basalt and creek and lack of observed seepage out 
of the basalt, the small gain (< 5 l/s equivalent to less than 10 % of in-stream flow from the up-gradient 
catchment) of water recorded is considered to be largely from the ECBF. 
 
 

4 GROUNDWATER INFLOWS TO THE DRAINED SAT 
 

4.1 Expected Inflows 
 
The volume of groundwater that flows from the basalt was a key consideration during design and 
construction. The reference design included for a 600 m long grout curtain, surrounding the entire 
SAT, in order to reduce the anticipated large flows from the basalt and creek.  
 
Given the uncertainty around the number of grout holes that would be required, grout take, 
effectiveness and cost, and having considered the conceptual model described above, omission of the 
grout curtain was identified as a detailed design opportunity to reduce cost and accelerate the 
construction programme. 
 
3D and 2D groundwater modelling, using Visual Modflow Pro and SEEP/W, indicated that peak 
inflows (from the entire excavation) were likely to be less than 1,000 m3/d (12 l/s) with no grout curtain. 
The modelling also indicated that groundwater drawdown and (and therefore ground settlement) would 
not be significantly greater than that calculated for a grout curtain. In fact analyses suggested that 
omission of the grout curtain would result in reduced differential drawdown and settlements, and 
therefore provide a better outcome in terms of the potential for damaging consolidation settlement. 
 

4.2 Observed Groundwater Inflows 
 
Total groundwater inflows experienced during construction were typically of the order of 600 m3/d to 
900 m3/d (7 l/s to 10 l/s), comparing well to the results of groundwater modelling.  Approximately 60 % 
to 70 % of this flow was sourced from the basalt, with the remaining inflow from the ECBF. 
 
Despite the groundwater table being encountered within 2 m of the ground surface, significant 
groundwater inflows were not encountered until the excavation was almost 9 m below ground level.  
When groundwater was encountered it tended to “chase” the excavation, with water typically 
discharging from discrete fractures located near the base or within the floor of each excavation level. 
Large inflows were encountered in the base of the paleo-valley (Figure 4A). 
 
Where groundwater was seen to discharge from the ECBF this was typically along bedding planes as 
can be seen in Figure 4B, where groundwater discharges at the basal contact of a bed of Parnell Grit. 
The flow at this location is terminated by the presence of a fault.   
 
The majority of groundwater presently discharging to the SAT comes from two bored drains, one on 
either side of the trench and located within or close to the deepest part of the basalt paleo-valley that 
bisects the trench. 
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Figure 4. Examples of groundwater inflow: A) Base of basalt paleo-valley B) Along bedding plane at 
basal contact of Parnell Grit bed (terminated at fault trace). 
 
 

5 EFFECTS OF THE DRAINED SAT 
 

5.1 Groundwater Drawdown 
 
From the commencement of basalt excavation and dewatering, the water table in the basalt and 
underlying alluvium dropped coincident with the excavation level. A more gradual, smaller drop in level 
was observed in the weathered and unweathered ECBF beneath the alluvium. For a period of time 
before the ECBF was reached, the water table in the basalt and alluvium was lower than that in the 
underlying ECBF. An example of groundwater levels in a piezometer immediately adjacent to the 
excavation is shown in Figure 5.   
 

 
Figure 5. Groundwater levels in piezometer SPZ003 since the start of excavation. 
 
Pile excavation and the resulting dewatering around and adjacent to the main excavation, though of 
small volume and limited duration, had a marked and immediate effect on groundwater levels in the 
ECBF (Figure 5). A clear pattern of drawdown of the water table is seen on week days, with recovery 
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overnight and in weekends (when pumping was not occurring).  This drawdown was recorded in 
piezometers up to 100 m distance from the pile locations.  This rapid response to pumping indicates 
low storativity in fractures within the ECBF. Similar responses to pile dewatering have been observed 
elsewhere in ECBF (Namjou and Pattle, 2006). 
 
When the base of basalt was reached in the main excavation, the water table in the basalt attained a 
steady state condition.  From commencement of excavation in the ECBF, the water table in the ECBF 
began to drop rapidly, stabilising when the excavation reached maximum depth. Groundwater levels in 
all units have been steady since the maximum excavation depth was reached in June 2013. 
 
Outside of the construction zone the greatest drawdown has been found to occur at the approximate 
location of the paleovalley that bisects the SAT (Figure 6). The drawdown is offset (to the west) from 
the main axis towards the steepest side of the paleovalley. Drawdown of up to 3 m has been recorded 
in the ECBF at a distance of 230 m from the trench. Drawdown has also been observed in the 
alluvium and basalt, but is of a lesser magnitude. As with piezometers closer to the trench, 
groundwater levels outside the construction zone rapidly reached steady state and have been steady, 
allowing for seasonal fluctuations, since June 2013. 
 

 
Figure 6. Groundwater drawdown in ECBF as at September 2014 

 
5.2 Consolidation Settlement 
 
The excavation has now been dewatered for over 2 years and groundwater levels have been stable 
for at least the last year. Survey monitoring of ground and building settlement marks has indicated 
negligible ground movement that could be attributed to consolidation settlement. Less than 5% (5 No.) 
of the settlement marks installed around the SAT have shown a measurable drop (i.e. more than 
3 mm) below their naturally occurring pre-construction lowest level (Figure 7). No spatial trend is 
evident to link the observed settlement with a cause, and the settlements are not located in the areas 
of greatest drawdown or thickest alluvium. The two marks that have shown the greatest settlement (of 
15 mm and 21 mm) are not located in an area of significant drawdown, nor are they located in 
proximity to retaining walls that might explain the marked difference in settlement. The cause of those 
movements is not, therefore, considered to be related to SAT construction. No damage to any 
building, service or other asset has been identified in the area. 
 
The magnitude of settlement recorded is not dissimilar to a rough rule of thumb of “approximately 
1 mm of surface settlement for every 1 m of drawdown” proposed by Harding et. al. (2010), with 
respect to dewatering around the Three Kings quarry where a similar thickness of alluvium overlies or 
underlies an Auckland basalt sequence. The settlement is also comparable to the magnitude of 
settlement recorded on other deep excavation projects in Auckland such as Britomart (Namjou and 
Pattle, 2006), New Lynn Rail Trench (France and Williams, 2010) and Victoria Park Tunnel (France et. 
al., 2012). 
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Figure 7. Survey monitoring of all settlement marks around the SAT 
 
All other markers monitored as part of the project, including those where the groundwater level has 
been permanently lowered in the alluvium, indicate that vertical movements and angular distortions 
have been within the seasonal range of the preceding year and in many cases within the accuracy of 
the survey.   
 
During detailed design, a comparison of values of coefficient of volume compressibility (mv) derived 
from oedometer tests, CPT and in-situ seismic dilatometer testing (SDMT) at both the Southern and 
Northern Approach Trench suggested that the oedometer tests over-estimate the average 
compressibility (by up to a factor of 2 to 3). Although the laboratory results accurately reflect weaker 
horizons in the profile, there appears to be a sampling bias because geotechnical engineers tend to 
select samples from weaker horizons for testing, which may not be representative of the soil mass as 
a whole (Figure 8). 
 

  
Figure 8. Schematic representation of data used to determine coefficient of volume compressibility. 
 
 A trace that approximates the lowest strengths of the 25th percentile SDMT for Constrained Modulus 
(M) was used to assess the volume of compressibility (M = 1/mv) that was in turn used for calculation 
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of consolidation settlement (Figure 8). The 25th percentile was chosen, in part to provide an upper 
bound assessment of effects to test a pessimistic case for building damage (red line Figure 8). 
However, review of the measured settlement indicates that a less pessimistic fit through the 25th 
percentile better reflects the recorded magnitude of settlement of < 5 mm (green line Figure 8). 
 
It has become commonplace (for deep excavation projects in the Auckland Region) to provide an 
upper bound estimate of effects to test tolerances for building damage and to envelope the magnitude 
and extent of environmental monitoring undertaken during construction. However given that this 
practice tends to give overly conservative (and potentially alarmist) estimates of effects, we suggest 
that it is more helpful to test a more realistic assessment and set trigger levels for monitoring that will 
advise if these “expected” limits are approached, long before serviceability tolerances are reached. 
 
5.3 Oakley Creek  
 
The drained SAT is in places less than 30 m laterally from the creek (Figure 2) with the drained base 
slab some 9 m below the creek level. Continuous flow gauging in the creek undertaken prior to 
construction, during and following construction has not identified any significant change in baseflow as 
a result of groundwater diversion to the trench. This is as expected given that most of the groundwater 
inflows to the SAT are sourced from the basalt which has no direct connection to the creek, and the 
component of baseflow that is derived from the ECBF is small relative to in-stream flow and run-off. 
 
 

6 CONCLUSION 
 
Through the careful development of a detailed conceptual hydrogeological model, supported by site 
investigations, it was possible to identify a series of perched and cascading water levels, with muted 
connection to each other and only limited connection to surface water bodies. This was critical for 
demonstrating that the environmental effects of the approach trench were negligible. Critically this 
allowed design optimisations such as full drainage of the 29 m retained height, which significantly 
reduced structural demands on the walls, and omission of a proposed grout curtain both of which 
resulted in cost savings for the project. Water level and settlement monitoring prior to, throughout and 
following construction has confirmed that there are significant structural controls on groundwater in the 
area, but potential effects such as consolidation settlement and stream depletion have been negligible. 
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ABSTRACT 
 
Coalwash is a granular waste by-product that results from the processing of coal. While its potential 
use as fill material for port reclamation has been recognised, the effect of particle breakage on its 
geomechanical performance has not been investigated. This paper presents an experimental study of 
the stress-strain behaviour and associated breakage of compacted coalwash. The characterization of 
basic index properties is first presented and stress-strain response is investigated using standard 
undrained triaxial tests over a wide range of effective confining stresses in line with the expected 
performance criteria of structural fill materials for port reclamation. Furthermore, to account for the 
effect of moisture variation on particle breakage, alternate wetting and drying cycles on coalwash 
aggregate was performed. Substantial particle degradation was observed after 25 cycles of wetting 
and drying. Results show that while the compacted coalwash conforms to typical structural fill criteria 
in terms of shear strength, the excessive deformation associated with change of particle size 
distribution due to particle breakage may render the material unsuitable in practice. 
 
Keywords: coalwash, critical state line, particle breakage, particle degradation, undrained shearing 
 
INTRODUCTION 
 
Coalwash is a by-product of the washing process of coal and is produced at over a hundred million 
tons per year (Armitage, 2012). This waste material generally contains coarse-grained coal reject 
(coalwash) and fine-grained coal tailings in proportion between 89:11 and 67:33 by weight (Davies, 
1992). The material is readily available in the vicinity of coal washerys and its use as structural fill has 
important economic and environmental advantages (Leventhal and de Ambrosis, 1985; Indraratna et 
al., 1994). Although significant ongoing advances in understanding basic responses of coalwash have 
been made, research in this area is still in progress (Kettle, 1983; Williams and Morris, 1990; 
Montgomery, 1990 ; Skarżyńska, 1995; Hegazy et al., 2004 and Fityus et al., 2008). One of the 
factors that can adversely affect the granular material deformation behaviour is the particle size 
distribution and associated breakage (Kikumoto et al., 2010). More data on change of particle size 
distribution is needed to determine appropriate modelling approaches and allow assessment of 
material behaviour under different conditions.  
 
Various researchers (Been et al., 1991; Yamamuro and Lade, 1996 and Bedin et al., 2012) showed 
that the change of particle size distribution (PSD) effects the critical state line (CSL). In particular, the 
grading state index was related to the position of the CSL for granular material (Wood and Maeda, 
2008). Since coalwash is generally a weak material, a study on the effect of PSD in relation to stress-
strain behaviour is necessary to evaluate the material in port reclamation applications.  
 
The effect of stockpiling coalwash is reported to cause particle degradation over time (Skarżyńska, 
1995) with variation in moisture content a significant factor causing particle degradation leading to a 
broader PSD. From this study, it has been revealed that Dendrobium coalwash (Dendrobium is an 
underground black coal mine located near Wollongong NSW) has large particle degradation potential 
under wetting and drying cycles. 
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Recently, Rujikiatkamjorn et al. (2012) demonstrated coalwash suitability as structural fill material 
based on drained behaviour and it has been used in the Illawarra region of NSW (McIntosh and 
Barthelmess, 2012). For port reclamation conditions, the suitability of coalwash as fill material should 
be assessed based on placement condition and expected field stresses. For typical port conditions, 
the fill material is at or below sea level (i.e. submerged) and short term loading is expected due to 
handling of containers or goods. Hence, critical shear strength evaluation should be carried out under 
undrained condition. This paper aims to provide a contribution to the fundamental understanding of 
undrained shearing behaviour and associated particle breakage of compacted coalwash and also, the 
degrading potential under moisture variation through alternate wetting and drying cycles. 
 
COALWASH CLASSIFICATION 
 
The material selected for this study is a Dendrobium coalwash. It has been used extensively as 
structural fill in the Illawarra region of NSW, Australia. The particle size distribution of the coalwash 
sample selected for the study is shown in Fig.1 and includes 6% gravel, 75% sand, 17% silt and 2% 
clay. The sample had a plasticity index of 10.7%, a liquid limit of 27.7% and a specific gravity of 2.23; 
thus, it can be classified in accordance with Unified Soil Classification System as Clayey SAND(SC). 
For the sake of comparison, the curve representing the coalwash (Rujikiatkamjorn et al., 2012) is also 
shown in Fig.1. 
 
The change of particle size distribution (PSD) was quantified using the method proposed by 
Indraratna et al., 2005. The arbitrary boundary of maximum breakage is based on the sample PSD 
after shearing (Fig.1). The minimum particle size is considered to be 0.01mm and the maximum to be 
5 mm, which corresponds to 95% passing of the RC100 compacted sample. Breakage index (B) is 
defined as a ratio between the area loss caused by shift in PSD (region A) and area enclosed 
between initial PSD and arbitrary boundary (region A+C) as shown in Fig.1. The compaction induced 
breakage during sample preparation at various compaction efforts is expressed as a breakage index 
(Bc) shown in Table 1. 
 

Figure1. Selected PSD. 
 

Figure 2. Dry unit weight - Moisture relation. 

The loose unit weight of coalwash is measured as 9.6 kN/m3 in accordance with ASTM D4254-
00(2006)e1, which corresponds to a void ratio of 1.28 and relative compaction (RC) of 58%. The 
permeability of compacted coalwash was measured for the expected field confining stress which 
ranges between 20-80 kPa. The permeability of compacted coalwash under 50 kPa confining stress 
was measured between 4.8x 10-5 and 2.4x10-7cm/sec for RC levels of 85% and 100%, respectively 
(Table 1).The permeability linearly decreased between RC85 and RC95, with a sharp decrease 
noticed between RC95 and RC100. The permeability for RC less than 90% are comparable to silty 
sand, whereas the permeability for RC95 and RC100 approach silt and clay ranges (Look, 2007).  
 
SAMPLE PREPARATION  
 
The coalwash material was oven dried to 50oC. Upon mixing with the required amount of water, any 
visible lumps were disaggregated and the mixture stored inside a sealed plastic bag under constant 
temperature and humidity overnight to allow for moisture equilibration. The compaction characteristics 
were established using the standard Proctor compaction test (Australian Standard 1289.5.1.1, 2003). 
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For an applied energy level equivalent to standard Proctor, the maximum dry unit weight (  and 
the optimum moisture content (  were 16.5 kN/m3 and 12.5% respectively (Fig.2). 
 
Table.1: Properties of compaction coalwash sample. 

Relative compaction, RC 85% 90% 95% 100% 
Dry unit weight,  (kN/m3) 14.0 14.8 15.7 16.5 
Specific volume, v 1.56 1.48 1.40 1.33 
Particle breakage,  0.113 0.145 0.190 0.239 
Permeability, k(cm/sec) 4.8 x 10-5 2.2 x 10-5 9.3 x 10-6 2.4 x 10-7 

 
Different compaction energies were considered to explore a range of placement conditions. Although 
the applied energy was varied during sample preparation, a moisture content of 10% was maintained 
to resemble practical compaction conditions. A moisture content of 10% was selected because it 
corresponded to the average moisture content recorded at the stockpile of a field trial site in Port 
Kembla NSW. Four different compaction energies (85.1 kJ/m3, 170.3 kJ/m3, 340.6 kJ/m3 and 681.1 
kJ/m3) were considered corresponding to RC85, RC90, RC95 and RC100, respectively. The samples 
were compacted in a 50 mm diameter and 101.5 mm high mould following the procedure described 
by Heitor et al. (2013). The dry unit weight, specific volume and particle breakage during compaction 
( ) are given in Table.1. A nearly linear increase in particle breakage with increasing RC was 
observed. 
 
A series of standard undrained triaxial tests were performed to evaluate the stress–strain and particle 
breakage behaviour of the compacted coalwash. A summary of the testing program is given in Table 
2. The test comprises three stages: saturation, consolidation and shearing. During the saturation 
stage, CO2 was first used to displace air in the void space and then, a back pressure of 150 kPa was 
applied. This procedure consistently yielded Skempton's B-value of greater than 0.98. Following 
isotropic compression to the desired effective confining stress, undrained shearing was conducted at 
a constant strain rate of 0.1 mm/min.  
 
Table.2: Summary of test program. 

Test ID 
Relative 

compaction, 
RC (%) 

Axial 
strain (%) 

Effective 
confining 
stress, p' 

(kPa) 

Test ID 
Relative 

compaction, 
RC (%) 

Axial 
strain (%) 

Effective 
confining 
stress, p' 

(kPa) 

U1 85 18 15 U10 95 18 200 

U2 90 18 25 U11 95 18 400 

U3 90 18 50 U12 95 18 600 

U4 90 18 100 U13 100 18 50 

U5 90 18 200 U14 100 18 100 

U6 90 18 400 U15 100 18 200 

U7 90 18 600 U16 100 18 400 

U8 95 18 50 U17 100 18 600 

U9 95 18 100 - - - - 
 
UNDRAINED TRIAXIAL TESTING  
 
Undrained monotonic shearing tests were carried out on compacted coalwash prepared at different 
relative compaction. In order to investigate the effect of varying initial confining stress (σ ), undrained 
shearing was performed at different initial confining stresses. The undrained shearing results 
corresponding to 90% relative compaction are reported in Fig.3. The deviator stress ( , excess 
porewater pressure (∆  and volume change (ε  results are plotted against axial strain (ε  in Figs. 
3a, 3b and 3c, respectively. With the increase in confining stress, the deviator stress response 
increased sharply and reached a peak within 1.3% axial strain and then decrease with increasing 
axial strain, whereas excess pore water pressure increased dramatically within 3-6% of axial strain 
and remained constant. For instance, the sample with initial confining stress (σ 100 kPa) reached a 
peak deviator stress of 85 kPa at axial strain of 0.8% and showed a strain softening response with 
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increasing axial strain and then attained a stable value of 23.7 kPa at axial strain of 18%. While the 
excess pore water pressure rose to just over 85 kPa at 5% of axial strain and remained constant with 
increase in axial strain. This behaviour is identical to dense sand under high stresses (Been et al., 
1991). 
 

 
Figure 3. Stress-strain response of compacted coalwash (RC90: U2-U7.) 

 
The volumetric strain responses, shown in Fig. 3c, during undrained shearing is possibly associated 
with the effect of breakage, pore fluid compression (Garga and Zhang, 1997) and the progressive 
saturation of the micro pores of coalwash (Lu and Do, 1992). Typically, undrained shearing of fine 
grained materials yields no volumetric strains, but for coalwash, being a dual porosity material, this is 
not the case. The volumetric strains measured are mainly associated with a contraction response (i.e. 
water intrudes the micro pores as the pore water pressure increases). Slight dilation was observed 
after 8% axial strain for low confining stress (σ =25 kPa).  

 
The corresponding stress-paths in the deviator stress plotted against mean effective stress are 
depicted in Fig.3d. It is evident that sample reached the critical state at a very early stage of the tests 
and then went on to develop a strain-softening response. Even though the tests were conducted 
under different initial confining stresses and void ratios, the stress-paths show a similar behaviour. 
The best fit through the final points of the tests corresponds to a critical state line ( =1.41) which is 
estimated to have a friction angle  of 34.8 degrees. 
 
PARTICLE BREAKAGE DUE TO SHEARING 
 
After the undrained shearing, the tested sample PSDs were analysed and the total particle breakage 
(Bt) due to shift in PSD incurred during both compaction and shearing is determined, shown in Fig.4. 
The results show that the particle breakage is dependent on the mean effective stress. Particle 
breakage is very significant not only during the preparation of the sample, but also during 
compression and shearing stages. A semi-logarithmic bi-linear relationship can be defined with 
inflexion at mean effective stress of 127 kPa (critical breakage stress). While a small increase in 
breakage for p’<127 kPa was observed once the critical breakage stress ( 127 kPa) was 
exceeded, significant breakage occurred.  
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Figure 4. Total particle breakage after undrained shearing. 
 
CRITICAL STATE LINE 
 
On the basis of testing Dendrobium coalwash, some interesting aspects of the critical state of this 
material are identified. The undrained stress path of compacted coalwash under different initial 
confining stress states (Fig.3d) clearly indicates that the stresses reached the critical state. The void 
ratio and mean effective stress at critical state are plotted in the ln  plane in Fig. 5. The critical 
state line of coalwash can be defined in three semi-logarithmic linear segments (A-C) having two 
transitions in the compression slope at p' = 127 kPa and 189 kPa. It appears that a unique critical 
state line under undrained shearing exists and is independent of the stress path and initial compaction 
state. The critical state parameters of the coalwash, such as void ratio, compression slope and mean 
effective stress are given in Table.3.  
 
Table.3: Critical state line parameters. 

Critical state line Void ratio, e 
Compression 

slope,  
Mean effective 
stress, p'(kPa) 

Segment A 0.57-0.362 0.043 1-127 

Segment B 0.362-0.267 0.250 127-189 

Segment C <0.267 0.087 > 189 
 
For the sake of comparison, the critical state line of other granular materials such as sand and other 
mining wastes are also shown in Fig. 5. It is interesting to notice that coalwash has a lower critical 
breakage stress ( . This is defined as the stress level at which the first transition in compression 
slope occurs.  In addition, while a single transition in slope of the CSL for other granular materials has 
been attributed to particle breakage or crushing from a qualitative standpoint, i.e., gold tailings at 

 225 kPa (Bedin et al., 2012), Erksak sand at  1.3 MPa (Been et al., 1991) and Cambria 
sand at  4 MPa (Yamamuro et al., 1996), limited studies have quantitatively shown this is to be 
associated with a larger incidence of breakage. 
 
Segment A of the critical state line follows a conventional semi-logarithmic linear response where the 
volumetric strain has mainly occurred due to particle rearrangement resulting from sliding and 
rotation. The compression slope () of segment A is observed as 0.043. On exceeding the critical 
breakage stress ( =127 kPa), an aggravated particle breakage commences (as seen from Fig.4) 
and a steeper semi-logarithmic linear response is observed within the stress range of segment B, 
purporting that particle breakage was the main mechanism that resulted in large volumetric strain. 
This segment has shown a higher compression slope (=0.25) compared to the other segments. In 
segment C, where the stress range is larger than the second transition at p'=189 kPa, the volumetric 
strain response has reduced although the particle breakage pattern remains the same (i.e., Fig.4- 
tests U15, U16 and U17). This suggests that in this stress range, particle breakage may not 
significantly influence the deformation as suggested by Russell and Khalili (2002).  This might be 
because the size of the broken particle is much larger than the surrounding void space. 
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Figure 5. Comparison of critical state line in e-ln p' space of coalwash (undrained shearing) with other 
granular materials. 
 
PARTICLE DEGRADATION DUE TO ALTERNATE WETTING AND DRYING 
 
Past research studies indicate that the coal mining waste material undergoes substantial particle 
degradation leading to a shift in particle size when subjected to seasonal climatic wetting and drying 
processes (Hauss and Heibum, 1990 and Skarżyńska, 1995). For instance, Skarżyńska reported a 
substantial shift in the PSD due to weathering between new fill and a 30 year old stockpile (Fig. 6a). 
The causes for the degradation of this material is associated with the physical disintegration caused 
by variation of moisture content and temperature (i.e. seasonal climatic variations), and by water 
dispersion of the clay minerals and other constituents. In port conditions where the material is used in 
the tidal zone, it will be subjected to frequent wetting and drying and thus it is important to investigate 
the particle degradation under moisture variation using alternate wetting and drying cycle tests. 
 
Some aggregates of gravel size between 25 and 45mm were used in this study. A wetting stage 
involving submerging coalwash for 8 hours was followed by drying stage in a 60oC oven for 16 hours. 
The change of PSD after 12 and 25 cycles of alternate wetting and drying are shown in Fig.6b. The 
PSD results show that the coalwash has large degradation potential under moisture variation which is 
consistent with the results of other coal mining waste (Skarżyńska, 1995, Fig.6a). The photographic 
illustration of the coalwash sample at the beginning and final stages of the wetting and drying test is 
shown in Fig.6c and 6d respectively. It can be easily observed that there is a significant PSD change. 
 

Figure 6(a). Change of PSD of coal rejects due to 
weathering. (data from  Skarżyńska, 1995) 
 

Figure 6(b). Change in PSD due to alternate 
wetting and drying of coalwash. 
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Figure 6(c). Coalwash before wetting and drying 
cycle.  

Figure 6 (d). Coalwash after 25 cycles of wetting 
and drying cycle. 

 
 
The substantial particle degradation observed in the alternate wetting and drying test shows that the 
material may be prone to cause excessive deformation due to particle degradation when used at the 
tidal zone. While from a shear strength standpoint, coalwash can be considered suitable for use as 
structural fill for water front structures under saturated conditions (i.e., 30 degrees, Philip and 
James, 2011), at the tidal zone the excessive degradation may limit its application. 
 
CONCLUSION 
 
The suitability of coalwash as structural fill material for port reclamation was investigated through a 
series of undrained triaxial shearing tests and by assessing particle degradation potential. The 
experimental results of undrained tests reveal that the compaction energy and associated initial 
grading can significantly influence on the stress-strain behaviour. The deviator stress under undrained 
shearing reached a peak value for the confining stress up to 600 kPa within 1.3% axial strain, 
followed by a strain softening response and a stable stress at around 18% axial strain. The critical 
state values of 	  show a linear relationship with a stress ratio of 1.41. The critical state line in 

 space for coalwash under undrained conditions has three semi-logarithmic linear segments 
with transition at stresses of 127 kPa and 189 kPa, wherein a definite change in compression slope is 
observed. While the experimental trends observed for the total breakage index (Bt) with mean 
effective stress show similar pattern to that of the CSL in the lower mean effective stress levels but 
differ quite considerably for larger mean effective stresses. The observed additional breakage in 
undrained shearing could have possibly resulted from high stresses and be due to increase of fluid 
pressure in the micro pore structure of coalwash particles. In the event that the applied stress in port 
reclamation applications exceed the coalwash critical breakage stress (127 kPa), aggravated 
breakage will occur that can indeed lead to excess volume change during service.  
 
Alternate wetting and drying cycle testing simulating port conditions within a tidal zone shows 
excessive particle degradation. From a shear strength standpoint coalwash can be considered 
suitable as structural fill for mean effective stress conditions under the critical breakage stress. 
However, in the tidal zones excessive degradation is likely to limit its suitability and performance in 
service. 
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ABSTRACT 
 
Increasing tourist numbers and demands to access New Zealand’s national parks and glaciers means 
access ways and infrastructure are required to be built and maintained in geologically young and 
extremely dynamic environments. Fox Glacier is a unique environment where rock fall, flooding and 
ice melt play a challenge to organisations trying to provide consistent access. This paper describes 
the access issues and challenges involved in providing roading and car parking in flood prone areas 
that also sit on deep ice melt, in conjunction with rockfall and flooding hazards to foot paths. 
      
Work has included: 

 Ground penetrating radar of car park to provide indication of subsidence causes and 
presence of any ice moraine; and  

 Assessment of best approach to ongoing maintenance and actions. 

 
Keywords: rockfall, glacier, ice, subsidence, moraine.  
 
 
1 INTRODUCTION 

GHD was contracted by Department of Conservation (DOC) as part of the New Zealand Transport 
Agency (NZTA) -Glacier Roads Professional Contract to undertake works at Fox Glacier, which 
amongst other tasks include the following scope: 

 Assess changes to NZTA funded infrastructure; 

 Rockfall assessments; 

 Remote sensing study; and 

 Assessment of Existing Hazard Database. 

This paper describes the work undertaken on assessment of subsidence of the Terminal Car Park and 
causeway at Fox Glacier Valley. 
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2 FOX GLACIER LOCATION AND GEOLOGICAL SETTING 
 
2.1 Location 
 
Fox Glacier is located on the West Coast of New Zealand. Access to Fox Glacier Valley is via two 
access roads known as the northern and southern access roads, both of which extend inland and to 
the east from State Highway 6.  The Northern Access Road provides access to the main walking track 
to Fox Glacier.   
 

 

 Figure 1. Site Location (Source: Terraview Platinum, 2010) 
 

The Northern Access Road to the glacier leads from State Highway 6, see Figure 1 and Figure 2. The 
access road runs into the Fox Glacier Valley, a portion of the access road is a gravel causeway 
running between the slopes of Undercite Creek and the Fox River. The causeway is raised on an 
annual basis by 0.5 m due to subsidence. The causeway is also affected by river erosion from 
scouring by the Fox River on the true right of the valley and on the southern edge of the causeway. 
The causeway has a floodwall comprising rip-rap. The causeway leads to the Terminal Car Park. The 
car park comprises gravel hard standing with rip-rap construction on the river (southern) side to aid 
with river scour protection.  

The car park is used all year round with daily visitor numbers being in excess of 3000 people a day in 
summer months with a decrease in the winter months. 
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 Figure 2. Fox Valley Aerial Map Showing Site Features (courtesy Aerial Surveys Ltd, 2009) 
 

2.2 Geology 
 
The geology in the area is characterised by with solid geology to the East of the Alpine Fault as early 
Permian to Late Triassic-aged Torlesse Composite Terrane Deposit with Schists and recent Alluvial 
Deposits to the West of the Alpine Fault.  
 
2.3 Glacial Processes 
 

This section details the historical glacial processes that have occurred in the area around the Terminal 

Car Park. The valley has undergone a number of glacial fluvial processes, these include: 

 Glacio fluvial depositions and redistribution; 

 Glacial till deposition in the valley floor and up the valley sides; and 

 Melting of remnant in the valley floor and contained within old moraines, resulting in 
kettle formation and land settlement. 

Melting of a large proportion of the 1960’s ice cored moraine, which was to the east of the car park, 

occurred in 2009 and 2010. Cut degradation processes have been reported on the right side of the 
valley around this area and the moraine ice has reduced in size significantly, leaving only moraine 
material on the upper slopes. 

With the reduced protection offered by the moraine ice, the car park is subject to a more erosional 
effect from the flow of the river along the southern edge of the floodwall.  
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3 CARPARK AND ROADING SUBSIDENCE 
 
3.1 Background 
 
The causeway overlies buried ice (as previously mentioned). This is melting over time and this melting 
causes the development of kettle ponds, settlement of the road terminal and the causeway. Generally 
this is a maintenance issue, but abrupt discontinuities in the pavement surface may result. This risk is 
managed as part of maintenance.  
 
The Fox Glacier car park has in the past few years suffered from: 

 Increased subsidence; 

 Reduced height (or elevation); 

 Pot holes; and 

 Sudden changes in levels. 

The above activities have resulted in: 

 Maintenance on a daily and weekly basis; 

 Increased need for reinstatement; 

 Raising of the car park by 0.5 m every year; and 

 Increasing costs of maintenance. 

 
3.2 Historical Information 
 
Historically MWH Ltd undertook a ‘Glacier Roads Strategy Study’ (MWH 2005) in 2004. This work 
included a ground penetrating radar (GPR) survey of the car park. This report concluded the following 
with respect to the car park: 

 Ice is unlikely to be present in significant volumes above 4 m depth within the car park. 

 Relatively small (1 m3 to 2 m3) blocks of ice could be present below the northwest part 
of the car park. 

 No data is available for the ground below the existing car park lake. 

The various car park profiles are characterised by a strong reflector at about 3 m depth. Aerial 
photographs taken in 1965, 1981 and 1985 show the river flowing around the west of the then present 
1960’s ice-cored moraine and across what is now the car park area. Figure 3 below compares aerial 
photographs of the car park as it was in 2004 and 2011. As it can be seen in 2004 the area was a 
pond and not filled in. The photograph from 2011 shows the car park much as it is today. 

           
Figure 3. Comparison of Terminal Car Park in 2004 and 2011 
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During ongoing site visits and maintenance observed settlement and subsidence of the car park has 
been noted. This has occurred on a regular basis over the last few years with a couple of incidents 
between April 2012 and May 2013 that have seen more substantial changes, illustrated by 
photographs in Figures 4 below. 
 

           
Figure 4. Photographs of subsidence 
 
3.3 Investigation 
 
Due to the increase in the discussed processes in 2013 it was decided that the material beneath the 
car park be further investigated. This was to assess the causes of the subsidence to aid with providing 
solutions for long term maintenance. Due to the nature and depth of the car park deposits, it was 
recommended that a GPR survey was best placed to interpret deposits at depth rather than 
investigation by way of intrusive boreholes. 

GPR survey was undertaken by Southern Geophysical in December 2013. The survey found: 

 The car park is estimated to be some 5 to 6 m higher than it was in 2004. 

 The first 2 to 2.5 m below ground level is gravel fill used in the construction of the car 

park.  

 The fill appears to be unsorted material based on the presence of occasional large 
boulders. This overlies another set of gravels marked by more frequent boulders and 

less well stratified layers. The latter could be older fill overlying and mixed into river 
gravels. 

 The water table appears to lie between 4.75 m and 5 m below ground level (bgl).  

 Beneath the gravels is a horizon marked by boulders, some of which are greater than 
5 m in diameter, which is interpreted to be landslide deposit that predates the car park. 
The landslide deposits lie at 3.5 m bgl in the south-east corner of the site, but drops off 

to around 8.5m bgl in the north-west corner of the site. The landslide and engineered 
fill deposits are subsiding in the western and northern sections of the site, with 
subsidence features down to 16 m bgl. 

 Subgrade layers across the car park were found to have good lateral continuity across 
the site and have been shown to dip or subside to the north-west corner of the car 
park. Subsidence of layers to 4 m depth are shown to have occurred in the north-

western area, see Figure 5 and 6, older deposits have been shown to  have subsided 
down to 15 m bgl in the south-eastern area of the car park near the toilet block, 
Figure  7. 

 

211



 
Figure 5. Settlement of car park layers demonstrated by GPR survey. 
 
 

 
Figure 6. Fill layers showing subsidence depths. 
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Figure 7. Deep subsidence layers within the Terminal Car Park 
 
3.4 Assessment 
 
3.4.1 River Channels 
 
The historical aerial photographs and anecdotal evidence suggests that river channels once crossed 
the car park area and also broke into the car park area from the main river channels. These are now 
buried and may form a pathway for water to pass through the car park to Undercite Creek pond. The 
GPR survey in 2004 also suggested that water was crossing the floodwall due to the 2 m+ hydraulic 
difference. 
It must also be noted that without protection the river channels which flow against the car park wall / 
flood wall can penetrate deposits beneath the car park and erode the car park if not enough rip rap 
material is provided for protection. 
 
3.4.2 Spring 
 
A spring or buried river channel may be feeding water into the north-western area of the site which 
potentially flows into the Undercite Creek pond area. The Undercite Creek pond area was dry in 2004. 
 
3.4.3 Ice Melt 
 
The 2004 GPR survey found possible small pockets of ice within 2 m of ground level but concluded ice 
was unlikely within 4 m below ground level. With the increase in levels from 2004 to 2013 being 5 to 
6 m it would therefore be unlikely for ice to be present within the top 9 to 10 m of the car park now. No 
ice was found in the GPR results to depths of 15 m. Also anecdotal evidence from the early 2000’s 
indicates that ice was visually evident in the water of the pond and river channels indicating that ice 
was still nearby and breaking up. In recent years no ice has been seen in the pond areas. This may 
indicate that this ice source has now melted. 
Deeper dead ice may be present as a remnant feature of a deep valley glacial ice and moraine left by 
the glacier before it retreated. This may be deep seated, for example the dead ice below the terminus 
of the Tasman Glacier is reportedly 600 m thick. Mapping of deep valley ice and moraine would 
require a cross valley seismic refraction or reflection survey, or a close-spaced gravity profile. 
 
3.4.4 Remedial Actions 
 
Ongoing maintenance work and raising of the causeway and car park area has been a regular 
requirement for a number of years. As the cause of the subsidence is likely to be deep seated, 
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conventional remedial measures for this type of subsidence such as sheet piling to prevent deep 
buried water flow and spread of subsidence are unlikely to be either practical (due to the presence of 
boulders), or economical considering the location of the site and size of works required. 
The monitoring of the car park on a daily basis by DOC and infilling of the car park is the current 
method of management, which has worked fairly effectively to date. As this issue, possibly due to 
deep dead ice, may continue for some time (years) to come.  
The proposed solutions for the site are as follows: 

 Ongoing daily monitoring and management; 
 Placement of sufficient rip-rap is required on the southern car park / flood wall area to 

protect it from river channel flow into the car park wall, beneath the car park or over 
the top of the car park in flood events. 

 Stockpiling (surcharging) of the main area of subsidence in the north-western area of 
the site, which will allow the area; 

— To be loaded. 
— Not driven on.  
— Isolate risks posed by sudden subsidence.  
 

4 CONCLUSION  
 
A GPR survey has been undertaken at the Fox Glacier Terminal Car Park to investigate the causes of 
ongoing subsidence. This data has been compared to a previous GPR survey undertaken in 2004. 
The results find that there is now a further 5 to 6 m of fill present over the original 2004 ground 
conditions. Two areas of subsidence have been found to be evident in the GPR layers: 

 In the north western area of the site to 4 m bgl where a pond was once present. 
 In the south-eastern area of the site with older subsided sediments down to 14 m bgl.  

Both areas are consistent with visual and photographic evidence of subsidence over the last few 
years. The causes of subsidence could be related to deep seated melting ice or deep water flow 
through old river channels or springs. No shallow ice deposits were encountered. 
Remedial options could include surcharging the area in the north western portion of the car park, and 
maintaining a strong flood wall to protect the car park from flood events. 
 

 
Figure 9. Terminal Car Park 2014 after maintenance works. 
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ABSTRACT 
 
Construction on soft ground commonly presents major project risks, notably regarding long term 
settlements and potential for instability.  Geotechnical methods offer very substantial economies over 
expensive structural approaches, but normally need to be observational with scope to adjust to the 
very substantial uncertainties and variations in amounts and times of settlements. The technical issues 
are well-known to experienced geotechnical engineers. However, for others, too often the lessons are 
learnt by bitter experience.  With time and experience, some very poor sites can be economically 
developed. Conversely, too many such developments have got into considerable difficulties. This 
paper reviews the issues and risks with reference to various case histories, some successful and 
many forensic cases. It offers recommendations for appropriate risk identification, reduction and 
management, and communicating these risks to other parties.   
 
Keywords: Geotechnical risk, soft ground, early warnings, consolidation, predictions      
 
 
 
1 INTRODUCTION 
 
Construction on soft ground commonly poses major geotechnical and project risks, particularly 
regarding large and variable ongoing, long term settlements and potential for instability, even under 
relatively small loadings or changes in profiles. There is ever-increasing awareness of the importance 
of managing the geotechnical risks, but limited guidance suitable for engaging in appropriate 
identification and management, and communicating these risks to other parties. The paper draws on 
over 40 years of experience on numerous such projects. This includes over 80 forensic cases, of 
which more than half have involved significant soft ground issues (often several) and many with 
‘unexpected’ large amounts and durations of settlements. Some selected examples are given 
including for a range of geotechnical approaches and ground improvement measures.  
 
A recent International State of the Art Report on Integrating Geotechnical Risk Management in Project 
Risk Management and associated country reports (ISSMGE, 2013) gives much useful context.  
However it mentions settlements just a few times and gives no particular substance on this. The 
Country Report from China comments, perhaps rather perceptively  
 
 In China all GeoRM steps fit entirely in the ProjectRM steps which may identify the potential risks 

Nevertheless, a lot of times there is no continuous cooperation between the project risk manager 
and the professionals dealing with geotechnical risk. This implies that geotechnical risk is often 
(too) generally mentioned in project risk registers 

 An example is the indication of “settlement risk” in a project risk register. What the settlement risk 
exactly is, and how to control it by a risk-driven monitoring programme for instance, is often not 
worked out. More integration of GeoRM in ProjectRM, by more cooperation between the 
respective managers and professionals, may overcome this hurdle. 

 
 
2 RISK ISSUES  
 
2.1 Geotechnical Risks on Soft Ground; Management and Observational Approaches 
There are many useful papers on geotechnical risk generally.  However, most current Standards and 
Codes do not address this topic particularly well; more risk-based approaches would be welcome in 



the modern era, and perhaps particularly regarding soft ground.  The recent ICE Manual, 2012, 
Chapter 100 discusses some code shortcomings in relation to the observational method (OM).   
Clayton 2001 gives much useful advice on Managing Geotechnical Risk generally.  He notes a range 
of main causes of ‘failures’.  Interestingly, issues with the soil model / boundaries are key main causes 
(nearly 30 %), and probably in many other cases are a significant contributory cause.  This may rest 
with the investigations and/or the interpretations.  For soft ground the variability and distribution of 
permeable layers are often major issues, often best address by an observational approach. 
 
The author has attempted summaries of substantial soft ground cases from his experience, using 
somewhat different categories, Tables 1 and Figures 1 & 2.  Of these, about 70 were relatively 
successful but about 40 (40%) are forensic cases, mostly involving some form of failure, litigation or 
dispute resolution (nearly 50% of the author’s cases, biased towards his interests and expertise). The 
data are clearly subjective and capable of more extensive analyses, as planned in due course.  Most 
of the cases involved several potential risks; the proportions of these showing problems are indicated.    
  
Table 1: Problems of construction on soft ground - overview   

 All Problems  a   
Topic  Total   % Problems Significant  Major  

Projects on soft ground   108 38% 40 8 

Settlement     74 41% 25 5 

Stability    34 68% 20 3 

Ground Improvement  32 44% 11 3 

Piling    20 40% 6 2 

Shallow foundations 54 28% 13 2 

Construction (other)   75 13% 8 2 

Programme / Delays  75 35% 20 6 
      a  Many of the soft ground cases experienced several problems  
 

     
     Figure 1.   Main problems on soft ground                   Figure 2.   Main causes of problems    
 
Major problems include actual failures and in some cases loss of life, serious accidents, near misses 
and major litigations. Clearly the risks must be managed by appropriate personnel and it is concerning 
how many problems relate to this. ICE 2013, amongst others, has tried to address this. The risk issues 
with soft ground are such that responsibility should normally lie at Geotechnical Adviser (GA) level, 
typically with more than 15 years’ relevant post-graduate experience. The absence of a GA can be 
linked to the majority of the problems cited, sometimes successfully claimed as a significant cause.  
Nearly 40% of the failures came back significantly to the client, notwithstanding in many cases 
contract conditions intended to pass all ground-related risks to the designers and/or contractors.    
 
Key issue are project timescales, contracts, constraints and flexibility. Economies often require 
considerable time.  For example, use of pre-fabricated vertical drains (PVDs) can commonly achieve 
90% consolidation in 2 – 6 months.  Faster timetables can easily double the drain requirements and 
costs. Contracts with little or no flexibility, including conventional Engineer, Design, Construct (EPC) 
and suchlike contracts, and cases where there are large programme or follow-on consequences, are 
frequently incompatible with geotechnical approaches and ground treatment methods. The project 
promoters need earliest possible geotechnical advise. Early works can greatly reduce risks and costs. 
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This is well known to some experienced clients especially with ongoing programmes of works, but 
sometime ‘lost’ with changes of personnel, and can be a mystery to others.  
Risk mitigation and management of construction on soft ground normally require an observational 
approach. The observational method (OM), as originally set out by Peck 1969, has evolved 
substantially, as described in CIRIA R185 and the ICE Manual, Chapter 100.  Within this are many 
options, requiring considerable geotechnical input and working through in detail, with appropriate 
communication and understanding of all the parties.  This can be difficult to achieve, particularly where 
some parties are unfamiliar with this approach.  The ‘fall-back’ is the need for an expensive structural 
solution such as a piled raft, where the risks cannot be accepted or managed.      
 
Many sites are simply not developed because they are, or appear, too expensive or uncertain. Time 
and programme are normally critical issues and the ranges need to be made explicit and acceptable. 
These are key components of feasibility studies.  Examples include site developments where the 
follow-up works are time-critical and the possible delays are not acceptable.      
 
Ground improvement options tend to carry significant risks and it is sometimes not clear who is in 
control or carrying the design and construction risks.  This needs to be established from an early stage 
and through the procurement process. Surcharging, often with PVDs and staged construction are 
commonly the most-effective approaches, but also seem to experience substantial problems; perhaps 
the apparently simplicity can be deceptive. Several cases are discussed below. The theory for PVDs is 
well-established (Barron 1948, with numerous developments since) and implemented in various 
proprietary design charts and programs. Whilst various assumptions can be made, there is little 
practical alternative to monitoring and class B predictions (Lambe, 1973, see below).  
 
 
2.2 Adequate investigations, case histories, variability and uncertainty      

Inadequate investigations continue to give rise to undue construction costs, through parties having to 
price the risks and/or through subsequent claims (Clayton, 2001).  Baynes, 2010, estimates that 20 to 
50% of all infrastructure projects result in significant cost and time over-runs, with 1% of civil projects 
and 20% of mining projects having physical failures.  Greater are likely for soft ground, Table 1.   

Numerous codes and other documents give guidance on appropriate investigations (e.g UK SISG 
2013); space precludes discussion here. A staged investigation approach is normally appropriate.  
Trial banks are particularly important to improve predictions and reduce risks (Tonks & Ameratunga, 
2012), albeit these can mislead if not representative or not correctly interpreted, see examples below.   
     
For soft ground it is particularly important to carefully collate and consider nearest comparable case 
histories.  Charles 2001 & 2008 makes similar points regarding fills, which are commonly soft ground 
and included in present considerations. With the wealth of current knowledge, review of ‘comparables’ 
may be the most valuable, and cost-effective use of time and budget.   Many of the relevant soil types 
and conditions are by their nature very variable, e.g. peat bogs / old drainage channels.  This needs to 
be recognised and allowed for.  It is different from uncertainty. The likely ranges of amounts and rates 
of settlements should be made clear, as well as the uncertainties.     
 
 
3 SOME TECHNICAL ISSUES  
 
3.1 Settlements, differential and post construction settlement PCS   
 
Most aspects of settlement prediction are well known.  Various computer programs allow these to be 
traced through and sensitivity explored. The starting point for most practical cases is realistic stress 
distributions, which is often not well established or monitored.  A few particular points are made here.    
 
Primary consolidation.  Clearly consolidation theory comprises a key pillar of soil mechanics and has 
been known since Terzaghi’s 1923 classic work.  Defining rates remains a major uncertainty, largely 
because these are so greatly affected by the natural variability of ground and permeabilities; hence the 
value of in situ testing, trial banks and an observational approach.    
 
Initial Settlements. Most soil profiles include some strata which will settle quickly, including sands 
and silt layers and unsaturated or partially saturated strata, above the normal phreatic surface.  This 



can be particularly important in cases involving peat.  These, in some forensic cases, have not been 
allowed for, or wrongly interpreted as primary settlements, leading to some serious misinterpretations.     
 
Creep / Secondary Consolidation.  It is most important to consider and make estimates from the 
outset.   The author finds the Bjerrum 1967 formulation and time lines model most useful, not least for 
conceptualising the behaviour, including the effects of delayed consolidation.   
 
Post construction settlements (PCS) should be estimated from the outset and updated regularly as 
information improves, taking due account of the various aspects outlined above. It is surprisingly 
common for PCS not to be specified.  PCS of the order of 50 mm is likely to be practical; less may be 
too demanding. For example in one forensic case the specification was for better than 10 mm PCS, for 
which a piled solution was always necessary and the surcharge scheme was ‘doomed to fail’.   
 
Differential settlements are particularly difficult to predict and assess. ICE Manual, Chapter 26 gives 
some latest guidance and definitions in relation to movements and distortions for buildings. For some 
structures and slabs a gradient around 1 in 500 may be required. This equates to only 2mm per metre 
or 10 mm over 5 m which is seldom achievable where ground conditions and loadings vary 
significantly, unless there is very substantial ground treatment.  Other works such as road, rail and 
pipelines can have very different criteria. The case studies below give some examples.       
 
 

3.2 Predictions and sensitivity analyses   
 
Lambe 1973 gave useful guidance on types of prediction.  Table 2 develops these ideas and notes the 
possible uncertainties in relation to amounts and progress of consolidation settlements on soft ground.  
Clearly the quality of prediction should generally improve with knowledge and time.     
 
Table 2:   Settlements on soft ground.   Possible predictions and uncertainties   

   Uncertainty factor - Range (1)  
Case When Stage Settlement t 90 range 

A-0 Before Event   Original – Desk Study 0.2 to 5  0.1 to 10 
A-1 Before Event   Site Investigations 0.2 to 5  0.1 to 10 
A-2 Before Event   Case Studies     0.5 to 2  0.2 to 5 
A-3 Before Event   Trial Banks       0.5 to 2  0.2 to 5 
B-1  During event  Early   0.5 to 2  0.2 to 5 
B-2   During event  Mid   0.5 to 2  0.5 to 2 
F   Final    Note also variability  0.5 to 2  0.5 to 2 

(1)  Possible range – actual are case specific.  These should be attempted from the outset and refined with time. 
 
Sensitivity studies are particularly important for assessing and ‘bounding’ the uncertainties and risks.  
They can be easily be done by use of programs and with several methods. An obvious simple check 
on settlements is using the mv and Cc methods for credible ranges of parameters.  The ranges found 
initially can be alarming, but provide a basis for going forwards with sensible risk management and 
communication, reducing uncertainties, but recognising likely real variations in many cases.  
 
4 CASE HISTORIES   
 
4.1 Embankments over dredgings and peat  
 
Manchester Ship Canal has over 100 years’ experience of constructing embankments on soft ground 
over very soft peat and alluvium, and subsequently over dredgings.  Over 20 km of such banks have 
now been built mostly in several stages and some to over 10m height. Some of these used to 
encounter problems during construction (Rowe 1972).  Many lessons were learnt and used to great 
economic advantage in an ongoing development programme. 
 
Recent works proceeded over many years since the late 1980s using staged construction and 
geotextile reinforcement developed principally through trial embankments (Tonks 1989) and then 
successfully rolled out for the main sites.  The timetables and contractual arrangements have been 
very flexible, implemented by simple plant hire contracts to dry and improve the very poor local soils 



and dredgings for re-use   This has provided highly economic solutions for many km of new banks and 
raising of existing banks and other developments (Tonks et al 2002).    
 
 

4.2 Forensic – housing on peat     
A development of more than 200 houses In NW England was built over a peat bog, with up to 7 m of 
peat and another 7 m of very soft alluvium.  The houses were piled, but not the infrastructure.  After 
nearly 10 years, settlements were approaching 3m and still continuing at over 200 mm / year, with 
some remarkable management works by the developer.   
 

                  
 
Figure 3.   Housing with impossibly steep drive – after over 2.8 m settlement on peat  
 
The very substantial court case included a key claim of failure to employ a suitable qualified 
geotechnical engineer.  Some rapid initial settlement of unsaturated peat was mis-identified as primary 
consolidation, leading to seriously inadequate predictions.  The site had been purchased as a bargain, 
but in fact had substantial ‘negative value’.   Eventually some 40 houses had to be demolished and the 
remainder of the estate required an expensive piled road to maintain access and use.   
  
The writer has since been involved in several rather similar but less dramatic cases on peat.  More 
positively, many similar, but less onerous sites have been economically developed by surcharging.  
Space precludes further details here, but essentially just by appropriate use of geotechnics.  
 
4.3   Forensic   Platform for hospital.  Stability and Settlement Risks 

  
A major new medical facility was to be built on very soft ground.  Site preparation required up to 5 m of 
fill over peat and very soft clays.   Earthworks costs for staged construction with PVDs were around 
£1M.  By contrast a piled platform was likely to have cost over £4M.  These figures were small in 
comparison the to several hundred million pound facility which was time critical.   
 

                       



 
Figure 4. Failure of staged construction of fill platform on peat          
Figure 4 shows stability failure of the earthworks at about 1 m below full height.  Forensic studies by 
experts found that during the 3rd stage of raising (of 4), monitoring showed pore pressure rising well 
above trigger levels, i.e. failing to dissipate as fast as predicted.  Two-dimensional effects were not 
well understood, with some areas having insufficient PVDs and a pore pressure wave developing in 
the critical toe area.  Inclinometers also gave due warnings, but results were not being duly processed.  
Timely stopping of filling was required, but the contractual responsibilities were disputed and there 
were ‘risks of delay’!  These of course then became far worse on failure, with over 2 years delay, an 
expensive structural solution and litigation.  This was nonetheless second order to the costs and 
consequential delays to a major public facility, which needed to be factored into the risk profile.   
 
The observational geotechnical approach chosen was reasonably practical and economic, but needed 
far more geotechnical work, limited changes and perhaps just 6 months more time than was provided. 
There was, however, little scope to alter programme and no-one of Geotechnical Adviser experience.   
 
 

4.4 Settlement risks for housing and during construction   
 
A development for some 400 houses and other facilities was planned over very deep soft ground.  
Extensive desk studies and SI showed very variable ground conditions with more than 10 m of very 
variable fills over variable alluvium, including much soft clay, to a total of around 25m depth in places.  
Loadings were specified at up to 40 kPa, plus fill raising of up to 1.6 m (30 kPa).  PCS was required to 
be within 50 mm following about 18 months construction programme. Surcharging with PVDs was 
proposed and put out to tender, for the contractor to assess the geotechnical risks.  
 

           
Figure 5.  Highly variable settlements in trial bank   
 
An initial trial bank used for the original basis of design was interpreted to show limited settlements, 
and proposed quite limited surcharges and PVDs. The Contractor’s reviewer identified high risks of 
much greater settlements, up to about 500mm, and the likely need for considerably more ground 
improvement.  In particular the trial bank showed large local variations and differential settlements 
even within its limited footprint (which was little more than the depth of the compressible strata).  
Some issues were due to 3 dimensional load spread effects, the bank not fully loading the lower 
strata.  Other variations reflected probable local prior loadings, not well defined. Assessments using 
the program SETTLE-3D (Rocscience, 2013) were particularly valuable in addressing these issues. 
Table 3 shows the progressively improved predictions as works progressed, with scope to adjust.    
 
These concerns were confirmed by a larger trial bank through the first few months of contract on a 
part of the site without much prior loading.   Figure 5 shows the very large variations and ‘edge effects’ 
demonstrated.  The design was developed by an observational approach, with extensive monitoring 
and review through the scheme.  Surcharging was generally raised to 2 - 3 m above finished (raised) 



ground levels, with PVDs at 1.5m centres in time-critical areas and 2 m centres elsewhere.  The 
required consolidation was achieved in times varying from 1.5 to 4 months dependent on conditions.   
 
Table 3: Progressively Improved Settlement Predictions    

Case Stage  Smin (mm) Smax (mm) t 90 min a  t 90 max a 
 Tender Case 100  200 1.5 months 3 months 
A-0 Desk Study  200  500 1.5 months 2 year 
A-1 Site Investigations 200  500 1.5 months 2 year 
A-2 Trial Bank   200 500 1.5 months 1 year 
B  Observational    300 450 1.5 months 4 months 
C Final   200 450 1.5 months 4 months 

               a t 90 based on  PVDs.    Design revised post tender to increase and accelerate settlements, see text.   

 
An important point here is the variability of final settlements (see figure 6), not uncommon in such 
circumstances. The surcharging was managed by progressively developing ‘Class B’ predictions, 
including use of the Asaoka 1978 method, with refinements proposed by Sasar M and Haeri S M, 
2013, which give some improved predictions, allowing for creep. Significant corrections also needed to 
be made for immediate compression and for 2 and 3-dimensional effects. In this mixed ground some 
of the compressible strata, especially some of the made ground, were relatively permeable and in 
places accounted for up to about 150 mm of settlement in the first week or two.  It is of course 
important to separate this out from the consolidation behaviour. It was found that this could practically 
be addressed by using duly corrected consolidation curve fitting, following Taylor, 1948.   

 
       Figure 6.  Surcharging scheme for housing and main road – settlements on cross section 
 
An interesting feature was an adjacent new road and buried high pressure main.  Angular distortions 
had to be kept within 2°. Risk assessments showed settlements could be up to 350mm, as later 
proved to be the case. The ground variability left substantial uncertainty in local differential 
movements.  Pre-surcharge surveys showed up to 1° existing distortions in places, attributed to 
original construction issues and settlements over the years. This led to protracted negotiations with the 
developers and the asset owner, eventually accepting a closely controlled, observational approach, 
with weekly level monitoring and assessments of almost every joint, with emergency provisions should 
movements appear likely to exceed trigger levels. The surcharging actually changed the distortions by 
less than a further 1°, the greatest values not coinciding with previous maxima. The scheme was 
successfully completed, saving substantial time and costs over alternatives which would have required 
major pipeline relocations, delays and costs.  
 
5 CONCLUSIONS 
 Construction risks on soft ground are high and require particular judgement, normally supported 

by extensive monitoring and an observational approach.  This may include controls on works and 
early warnings.   It is crucial to monitor the right things and maintain full control.     



 Cost-effective geotechnical approaches needs suitable time and resources, managed and 
acceptable to all parties, with scope to adjust the design and programme to suit as work proceeds.  
Otherwise a more expensive structural approach should be used. 

 The geotechnical risk management (GEORM) must rest with suitably experienced specialists, with 
extensive experience of soft ground, consolidation and appropriate geotechnical works.  He/she 
must be empowered to vary works if necessary, including stopping / delaying work in some cases.   

 Workshops and peer reviews are particularly useful and may substantially increase confidence.   
 Adequate investigations should normally include specialist methods such as CPTUs and Trial 

Banks.  These all need considerable care to ensure valid interpretations.   
 Good risk communication with the client is particularly important for an observational approach. 
 Surcharge must be left on long enough – various methods to evaluate this are discussed.   
 Pro-active Risk Management is required, including use of risk registers and team review meetings. 
 Peer / independent review can greatly assist identification and management of risks.  
 Predictions should be made and the ranges of uncertainty and risks assessed and communicated 

from the earliest stages.  These should be regularly reviewed and improved through the works.     
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ABSTRACT 
 
Civil engineering and mine development involve activities that result in significant change to the local 
ground conditions and geomorphology as a consequence of both underground and surface activities. 
Management of these, which included a risk-based approach, is the subject of this paper. Surface 
subsidence produced by longwall mining beneath mainline railways produces numerous technical 
challenges for the engineering profession, covering inter alia mine subsidence prediction, world-
leading civil engineering management of the track, electronic remote monitoring of the rail, and 
management of rail infrastructure – all in the context of maintaining operational rail safety combined 
with efficient resource recovery.   
 
Near Tahmoor, NSW, subsidence of the Main Southern Railway of up to 1.2m occurs during longwall 
mining. This paper describes geotechnical and structural monitoring implemented to successfully 
manage the safety of operational mainline railway infrastructure during the underground mining.  
 
Keywords: mine subsidence, coal, longwall mining, railway infrastructure, management 
 

1. INTRODUCTION 

Tahmoor Colliery continues underground longwall coal mining of the Bulli Seam to produce high 
quality coking coal for export. Mining has been managed beneath the Main Southern Railway (MSR) 
within Longwalls LW25, LW26, LW27 and the current (2014) LW28, with planning for LW29. The MSR 
is the main passenger and freight rail corridor between capital cities Sydney and Melbourne on the 
east coast of Australia, and the mining occurs beneath the Main Line between Picton and Tahmoor – 
see Figure 1.  Mine subsidence changes the landform and is a 4-dimensional impact upon the ground 
surface, with about 1.2m vertical subsidence occurring beneath the operational Main Line. 

In order to facilitate continued safe operation of the MSR, a comprehensive geotechnical and 
structural engineering investigation programme and design of under-track infrastructure elements was 
developed at the direction of Tahmoor Colliery. Implemented intervention measures were designed to 
manage the effects of mine subsidence upon brick arch culverts (BAC) which were constructed 
around 1917. The intervention measures adopted at Myrtle Creek culvert, the first to be mined 
beneath, were developed in advance of monitored responses. Subsequently, the intervention 
measures at Skew culvert were intentionally of a minimalist nature within the culvert barrel, though the 
wingwalls were strengthened. The experiences of mining beneath these elements, and the track itself, 
have been leveraged to modify and adjust designs for accommodating undermining beneath a bridge-
in-cutting and another 100 year old 3m diameter BAC beneath a 20m high embankment. It is to be 
noted that subsidence-infrastructure interaction constitutes a strain driven system (rather than a 
stress-driven system more familiar to the geotechnical and structural profession) which means that 
when subsidence ground strains are realised they apply, and when complete, the ground strains 
effectively cease, together with the response of the structure.  

The mine plan involves retreat of longwall panels beneath the MSR at a depth of about 440m below 
the track. Three longwalls at Tahmoor have now successfully mined beneath the MSR without the 
need for speed restrictions on the track and without restrictions upon the mining method. LW25 was 
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mined from August 2008 to Feb 2011, LW26 from March 2011 to its completion in mid-October 2012, 
and LW27 from November 2012 to March 2014. LW28 is in progress (2014) and has mined beneath 
the MSR once already.  The operation and management of the comprehensive monitoring system for 
LW25 was continued and augmented, as needed, for the retreats of LW26 to LW28.  Management of 
the track system itself, through a rail expansion switch system, is not part of this paper.  The track 
expansion switch system consists of exemplary use of intelligent engineering – reference should be 
made to Pidgeon et al (2014) for details of the system and the track management. 

 

2. MYRTLE CREEK CULVERT MINE SUBSIDENCE RESPONSE 

Myrtle Creek culvert (MCC) at MSR chg 93km750 is a 4.5m nominal diameter (4.4mH x 4.6mW), 22m 
long inverted horseshoe-shaped BAC (5 brick-on-edge thick, nominally 600mm), with its invert about 
10 metres below track level. Intervention measures consist of 250mm thick steel ribs at 600mm 
centres together with a reinforced concrete U-shaped invert slab, passive rockbolts into the bedrock 
throughout the floor of the culvert (as an upsidence measure), and supporting steelwork to the 
headwalls. The circumspect approach included a buried 19mL x 12mW x 0.6mD steel deck to act as a 
baulk beneath the track. In a risk management context, the baulk installation catered for the “black 
swan” scenario (an unforeseeable extreme event), particularly given that this was the first BAC of this 
size beneath the MSR to be mined beneath. The expectation, which was realised, was that uplift of the 
creek embankment would occur to a measurable though minor extent.  

MCC is situated above the gateroad between LW25 & LW26 which are at a depth of cover (surface to 
top of mining interval) of about 440m. Figure 2 provides an impression of the setting of MCC beneath 
the MSR, whilst Figure 3 depicts the inferred sub-surface conditions. Figure 2 also shows the 
intervention ribs and headwall steelwork. Reference may be made to Leventhal et al (2014) for a 
description of the culvert and its relative position to the track, details of the intervention measures and 

Figure 1. Location plan 
depicting underground 
mine plan and surface 
infrastructure with particular 
reference to culvert 
structures on the Main 
Southern Railway between 
Picton and Tahmoor about 
90 track kilometres south of 
Sydney, NSW, Australia. 

N 
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the response of MCC to the retreat of LW25. A nominal design life of 5 years was adopted for the 
steelwork in a corrosion management context and the expected duration of mine subsidence impact.  

Prior to acceptance and implementation, both the intervention measures and the management through 
monitoring were subject to a qualitative risk assessment process involving the principal stakeholders – 
the rail operator, the rail regulator, the mining regulator, the colliery and various consulting 
engineers (structural designer and geotechnical advisor). Acceptable levels of risk were adopted by 
reference to Australian Rail Track Corporation (ARTC) risk management protocols for track safety. 
For both Skew culvert and MCC, the critical risk scenario was derailment of mainline trains. The risk 
levels resulting from mining impact upon the infrastructure were assigned low and very low levels 
(which were acceptable to the track operator) principally as a consequence of the risk management 
protocols that included: the nature of the intervention measures; the extensive background 
engineering analyses and geotechnical and structural designs; the monitoring protocol for the culverts; 
and the intense real-time management of the track itself accompanied by the use of expansion 
switches in the track (for the latter, see Pidgeon et al, 2014).  

 

 

 

 

 

 

 

 

 

 

Figure 2. Myrtle Creek culvert viewed from upstream showing the steel ribs and reinforced concrete 
invert lining within the brick arch culvert beneath the Main Southern Railway (as indicated by the 
under-track baulk steelwork seen behind the fencing at the crest of the embankment). The 
embankment fill extends outside the field of the image to both sides, and Hawkesbury Sandstone 
crops out upstream.  

Figure 3. Inferred sub-surface cross-section at MCC. 
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The geotechnical and structural monitoring system included: tape extensometer readings in multiple 
directions in the plane of 8 ribs and between monitored ribs; high quality total station survey of prism 
reflectors throughout the barrel ribs at multiple locations on each rib; strain gauge monitoring at 
multiple locations upon 6 ribs; survey of the exposed sides of the baulk steelwork; periscopes to the 
baulk between the tracks; ground pegs in the local area around MCC; and frequent routine visual 
observations of the culvert. The track monitoring system included: real time rail stress and rail 
temperature readings at close centres; real-time track expansion switch displacement readings; 
frequent survey of ground surface within the rail corridor, and rail survey (rail top, rail level, track cant); 
and frequent observation of track by track certifiers and from front-of-train.  Each system had 
monitoring review points and alarm levels established under the subsidence management plan. The 
reading frequencies were regularly reviewed by the Rail Management Group, and adjusted in 
accordance with monitored response and stage of subsidence - pre-subsidence, early subsidence 
(Stg 1), active subsidence (Stg 2), post-active subsidence (Stag 3) and post-subsidence.  

3. LESSONS LEARNT FROM THE INTERACTION OF MINING AT MCC 

MCC has responded to environmental influences on both a seasonal and diurnal basis for the last 100 
years, and has recently experienced 725mm vertical subsidence (at culvert invert). It has responded 
as a thick-walled cylinder returning to an orientation after mining similar to that before mining, with 
minor torsion developed during the 4-dimensional response to subsidence. No distress to the barrel of 
the brick arch culvert was identified, though vertical cracking up to 10mm wide and step shearing 
occurred between one of the four headwall-wingwall joints – the one visible in Figure 2. 

The monitored response was attributable to closure across Myrtle Creek, which towards the end of the 
retreat of LW27 was between 97mm and 147mm (crest-to-crest) at locations upstream and 
downstream of MCC. [These represent closure strains of between 3mm/m and 6mm/m.] Closure 
measured along the track was less, being 65mm. By way of comparison, the response of the 
composite brickwork and intervention steel ribs was at a scale of only several millimetres (Figure 4).  

The response of the ribs within the culvert is decidedly 3-dimensional with a much greater response 
closer to the headwalls than in mid-section - the variable response to mining retreat provided the 
fourth dimension.  The monitoring results were corrected for seasonal effects. 

Figure 4 demonstrates the response of selected ribs during the retreat of successive longwalls. Rib 11 
is near the mid-section of MCC whilst Rib 38 is at its downstream end. At the mid-section, 
compressive horizontal displacement was imposed during LW25, was reversed during the retreat of 
LW26, and further unloaded as a result of the retreat of LW27. Vertical response inversely mirrored 
the horizontal response, as expected. A similar response was similarly observed to various degrees 
throughout all ribs (except those at the end of the culvert), producing either return to a neutral position, 
or with a net unloading horizontally, and accompanying net neutral or downward displacement 
vertically. The upstream and downstream ribs responded differently with cumulative displacements 
during LW26 of closure horizontally and opening vertically, followed by limited unloading (rebound) 
during LW27. The difference in response is attributed to the strain accumulation due to the wingwalls 
which was not balanced by the stiffness of the headwalls, as might intuitively have been expected. 
Within 1 panel-width retreat of the longwall away from MCC, 65% to 75% of the creek closure 
occurred and virtually all closure occurred within 3 panel-widths during retreat of LW26. Strain gauge 
results from Ribs 7 & 11 indicated stress conditions in these ribs which mirrored the displacement 
response and either levelled off or reduced during Longwall LW27. These strain gauges also produced 
both a seasonal and diurnal response. 

Surface survey monitoring results in the area about MCC were used to determine the strain field. A 
novel approach employed shape functions on the sides of triangles composed of monitoring points to 
estimate centroidal strains, which when combined with Mohr’s Circle of strain, develop principal strains 
and their directions from this analysis. It was noted that: compressive principal strain in the direction of 
the creek and culvert axis was concentrated at the upstream portal; compressive strain across the 
creekline was present at the downstream portal area; and tensile strains were present across the 
middle of the culvert (parallel to the MSR). The tensile strains were consistent with unloading of the 
ribs as a consequence of retreat of LW26, as also observed through tape extensometer readings 
taken across the culvert axes.  
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Figure 4. Monitored responses via tape extensometer of selected steel ribs (intervention measures) 
within Myrtle Creek culvert during retreat of LW25, LW26 and LW27. 
 

 

Figure 5. The upstream end of the nominal 2m diameter inverted horseshoe-shaped Skew culvert 
beneath the Main Southern Railway. 

The response of the upper section of the Hawkesbury Sandstone rockmass to retreat of the longwalls, 
as observed in a 30m downhole inclinometer adjacent to MCC, was development of 7 discrete blocks 
which independently rotated and differentially displaced in response to subsidence and creek closure - 
both displacing towards the active mining face on its approach, and then following its retreat away 
from MCC, and towards the centre of the subsidence bowl (the axis of each longwall).  

A significant challenge for this project was the dilemma of measuring subsidence impacts of the same 
magnitude as on-going environmental seasonal impacts. The requirement of identification of 
monitoring review levels for management produces the challenge to discriminate between the two 
impacts (as illustrated in Figure 4). It follows that it is important for monitoring to be established prior to 
expected impact occurring (in this case, mining retreat approaching the MSR). The aim should be to 
confidently establish existing trends and to develop an understanding of the nature and magnitudes of 
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environmental responses before, rather than contemporaneously with, impact (in this case, impact 
from subsidence induced creek closure). The authors highlight the complexity of measuring and then 
analysing monitoring results for a BAC acting as a stiff tube, in a seasonal and diurnal environment, 
superimposed with 4-dimensional effects of mine subsidence-induced creek closure. 

Figure 6. Trace of tape extensometer monitoring at station 3m from downstream end of Skew culvert, 
this being the monitoring location with the greatest response, during retreat of LW26 and LW27. 

4. SKEW CULVERT MINE SUBSIDENCE RESPONSE 

The Skew culvert at MSR chg 93km342 consists of an inverted horseshoe-shaped brick arch 
construction (4 brick-on-edge thick – nominally 470mm), and is approximately 2.0m in diameter (less 
than half the diameter of MCC) by 2.5m high. An impression of the setting of Skew culvert can be 
obtained from Figure 5. In the context of experience from MCC, a minimalist intervention was adopted 
– prudently with back-up and rapid-response measures. The philosophy was to permit the BAC itself 
to respond to creek closure. To this end, no intervention of the brickwork was undertaken. The back-
up was a 20/25mm thick steel liner installed within the 36m long culvert, which did not initially support 
the BAC. A nominal 50mm wide annular space was left between the steel lining and the brickwork to 
accommodate cement-flyash grout filling at short notice which would then enable composite action. 
Whilst purposefully not introducing intervention to the culvert, the track-supporting wingwalls were soil 
nailed as an intervention measure. In addition, track baulk rails were provided to cross over the 
culvert. Though damage occurred to the barrel of the culvert to varying degrees along its length, the 
culvert remained in service, had no adverse impact upon operations of the MSR, and did not place rail 
safety in jeopardy. Localised stainless twisted reinforcement was required to manage upstream 
headwall cracking. Sawn joints were introduced in the wingwalls and underlying rockmass at each end 
of the culvert as a longitudinal strain management measure, as opposed to lateral creek closure, 
particularly at the upstream end of the culvert.  

As for MCC, the Skew culvert was also subjected to multi-party qualitative risk assessment prior to 
acceptance and implementation of the intervention measures and the monitoring protocols. 

5. LESSONS LEARNT FROM THE INTERACTION OF MINING AT SKEW CULVERT 

In a similar fashion to MCC, Skew culvert has responded to environmental influences on a seasonal 
and diurnal basis for the best part of 100 years. Superimposed on this effect, mining induced closure 
responses have varied along the culvert – the greatest closure at the downstream end, and little 
closure in the upstream half of the culvert. Observations indicate that that damage to the brickwork 
has not been consistent with closure, particularly in regard to upstream creek closure in the direction 
of the axis of Skew culvert.  

The horizontal closure of the culvert barrel’s brickwork at the downstream end has been measured as 
24mm (12mm/m) as per Figure 6. During the retreat of LW26, 60% of the total closure was recorded.  
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Detectable response of the culvert was observed when the active face of LW27 was still one panel 
width over solid coal, and the closure was complete at 1.5 panel width retreat away. The brickwork 
closure was accompanied by shearing and over-stepping cracks at the toe of each wall (8-10mm on 
the country side and 2-3mm on the Sydney side, at 2 to 3 bricks above the base of the wall), and 
inward displacement of a section of the culvert wall along shear crack oversteps at the arch spring-
point. Tape extensometer reading closures of the wingwalls at large retreat of LW26, expressed in 
strain units, are: Upstream wingwalls 1mm/m; downstream wingwalls 1 to 6.5mm/m, with a median 
value downstream of 3mm/m. 

It is believed that upsidence in the variable and relatively thin cyclopean concrete invert slab was 
measured at about 9m upstream of the downstream portal. [The term “upsidence” is the difference 
between observed reduced subsidence and subsidence predicted from the trend of the subsidence 
bowl.] Nett uplift did not occur, and damage to the floor if it occurred was not observable because of 
the steel liner. The estimated magnitude of the upsidence of the thin cyclopean concrete floor was 
9mm over a bay length of 6m (cf vertical closure of the culvert of 8mm upstream, and 14mm 
downstream, whilst horizontal closure was quazi-linear).  

The upstream half of the culvert suffered damage as a consequence of creek closure reporting into 
the culvert somewhat parallel to its axis (rather than transverse to the axis) thereby producing a tensile 
splitting mechanism in the brickwork of the barrel as the wingwall was brought to bear upon it on the 
right-hand side (looking downstream) – see Figure 7 for the mechanics. Very little closure occurred 
whilst cracks with a cumulative width of 13.5mm were recorded over the zone of the culvert’s RHS 
springing-point with 5.0mm and 0.1mm cracking elsewhere in close proximity at other levels.  

The soil nailing of the wingwalls was effective in producing a block of backfill material beneath the 
tracks composite with the brickwork of the wingwalls. Rigid block sliding was observed, which served 
to maintain the integrity of the walling system, and thereby did not place track safety in jeopardy. 

Rock-sawn compressible joints, 1m deep by 90mm wide, were created in the wingwall brickwork and 
sandstone bedrock - an intervention measure implemented between LW26 and LW27 as a response 
to the damage of the upstream portion of the culvert’s barrel. Continued straining effectively closed the 
saw-cut joint, such that a second sawing of the initial joint was required. Nevertheless, subsequent to 
the creation of the initial saw-cut, there was only a nominal increase in damage observed at the 
upstream end of the culvert, demonstrating the efficacy of the response measure. 

Figure 7. Responses at the upstream end of the culvert due to the retreat of LW26. The mechanism 
involves both creek closure transversely across the creek bed, and downstream strain which has 
dragged the right-hand side wingwall with it.  
 

229



 

Wingwall closure commenced at 2 panel widths prior to mining during LW27; while effective cessation 
occurred at 2.5 panel width retreat away; and full cessation at 4 panel widths (panel width is 283m rib-
to-rib). Saw cut monitoring commenced at 1 panel width prior to retreat beneath the culvert and 
effectively ceased at 3 panel widths (90%), though was still measurably closing (at sub-millimetre 
scale) at 5.5 panel width retreat of the active face. In contrast, creek closure effectively ceased at 1 
panel width retreat of LW27. There was a clear concentration of compressive principal strains around 
the southern (upstream) portal, together with an area with minor strain across the central portion of the 
culvert – consistent with the subduction beneath that area providing strain relief.  

Shearing, as indicated by displacements within three 30m deep downhole inclinometers around Skew 
culvert, was interpreted as a northward plunging (subducting) shear zone within the sandstone 
bedrock, at or about creek level 15m upstream of the culvert, and at a depths of 6m to 9m (and 
dipping to the north) beneath rockhead (15m below track level) on the northern side. With reference to 
Figure 8, the change in nature of subsidence induced horizontal displacements along the track at the 
culvert was considered to also reflect the presence of the subducting shear zone.  

6. CONCLUSION AND CLOSING COMMENTS 

It has been demonstrated that longwall mining can be conducted beneath mainline railways whilst 
maintaining rail safety and efficacious recovery of resources. To do this, not only is comprehensive 
monitoring necessary but it is required in advance of impact to enable understanding of the nature of 
on-going external responses which can be of similar magnitude to the expected impact. 
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Figure 8.  Tracking of horizontal 
displacements along MSR since the 
start of LW25 to completion of LW27 
The readily identifiable discontinuities in 
displacement vectors at both MCC and 
Skew culvert can readily be seen, with 
a significant interruption to the vectors 
and their reversal on the northern side 
of LW26 at Skew culvert. The local 
distortion at MSR 93km560 was 
possibly due to the convoluted 
lineaments about MCC and was 
associated with a managed “bump” in 
the track. 
 

 

 

 

 

[The API lineaments are masked to the 
south-west of MCC by the presence of 
residual Ashfield Shale and long-term 
residential development over the footprint of 
Tahmoor township.] 
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 Managed track “bump”
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ABSTRACT 
 
The Ross Creek dam is an engineering heritage structure located in Dunedin City and forming part of 
the early municipal water supply system. The reservoir was formed in 1867 by the construction of the 
18m high puddle clay core embankment dam. The embankment has performed its function effectively 
for many years, but the degree of impoundment security provided by the dam falls well below current 
engineering standards and expectations of public safety performance. The hydraulic clay fill 
embankment has experienced downstream shoulder slumping following sustained intense rainfall 
events. Back analysis of the shoulder instability using stress-strain modelling has enabled a 
reasonable degree of confidence to be established in the hydraulic fill material properties, despite 
there being no relevant records from the original the design or construction. Design of the 
refurbishment has focussed upon addressing the seismic resilience of the embankment, with particular 
attention to the potential strain softening behaviour of the hydraulic fill. A filter protected rock fill 
buttress approach has been adopted to suit the topographic constraints of the site, along with 
enhanced crest works to improve flood freeboard and seismic resilience. Retention of as many of the 
original heritage features as possible has been part of the design considerations. The current suite of 
refurbishment works address the previously identified performance deficiencies, but detailed analysis 
undertaken during the design of the buttress and crest works has identified further potential limitations 
in the dynamic performance of the embankment that are now the subject of further detailed testing to 
better understand the hydraulic fill properties and the seismic performance of the dam. 
 
Keywords: heritage hydraulic fill dam, puddle clay core, strain softening, seismic resilience 
 
 
1 INTRODUCTION 
 
Ross Creek reservoir situated in Dunedin City is impounded by a hydraulic fill embankment dam 
constructed in 1867. This 18m high embankment dam constructed on a basalt rock foundation 
impounds some 250,000m3 gross storage for the original purpose of municipal water supply. Live 
storage of some 150,000m3 is provided within the top 4.7m depth of the reservoir. 
 
The dam has experienced past significant leakage incidents that led to substantial repairs in circa 
1880. Design deficiencies and asset deterioration concerns have been recently identified for this aging 
facility, and some instability of the embankment lower downstream face has been experienced in May-
June 2010 with a head scarp of several centimeters crack width evident. The cause of the instability 
has been found to be consistent with the effects of high rainfall events on the relatively steep batter 
rather than any seepage mechanism related to the reservoir. The in situ factor of safety was found to 
be just above 1, dropping below 1 when fully saturated. 
 
As the facility has performed its required functions for over 140 years of service, it is not believed to 
present as a dangerous dam “likely to fail in the normal course of events” or not be capable of 
retaining the impoundment in a 1 in 50 year flood or small seismic event. However, it is clear that the 
level of safety is well below current engineering standards, and a programme of refurbishment was 
undertaken in order for this facility to remain in service in the medium to longer term. 
 
The refurbishment concept adopted for this project involves primarily addressing the identified stability 
deficiency within the steep downstream embankment face. The static stability and the seismic 
resilience of the embankment are enhanced by the placement of compacted downstream buttress 
filling and associated crest widening in a manner similar to that described by Cummins et al. (2004) for 
a not dissimilar embankment dam in Australia. The crest stability and freeboard, including the effects 
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of any potential instability on the upstream batter, are also taken into consideration. The concept does 
not currently include provision to change the upstream batter other than to undertake repairs and 
maintenance on the wave protection surfacing. The achievement of particle size grading compatibility 
by the provision of suitable filter zones and drainage paths is further ensured at all accessible 
interfaces with the existing hydraulic fill.  The key geotechnical elements of the refurbishment project 
are shown in Figure 1, including the mechanically stabilised earth (MSE) crest work and the 
geosynthetic clay liner (GCL) extension to the puddle clay core. 

 
Figure 1. Typical Embankment Cross Section 
 
2 TARGET PERFORMANCE CRITERIA 
 
The target performance criteria in terms of embankment static stability, rapid drawdown, seepage, and 
seismic resilience are provided by the Dam Safety Guidelines (NZSOLD 2000) as a means of 
demonstrating compliance with the NZ Building Code for alteration work requiring a Building Consent. 
The HIGH potential impact classification (PIC) of the impoundment sets the appropriate load cases to 
be applied and the associated engineering design standards set the safety margins to be satisfied for 
these load cases.  
 
In this paper we have focussed on the post elastic deformation behaviour of this hydraulic fill 
embankment.  Plastic deformation is not precluded under either service (SLS) or ultimate (ULS) 
loading conditions, but confidence must be established in the predicted degree of such deformation 
being within acceptable limits.  At SLS conditions any asset effects must be minor, and at ULS 
conditions impoundment security must be maintained.  ULS conditions include probable maximum 
flood (PMF) water levels and (separately) maximum seismic ground action not exceeding a 1 in 
10,000 year average recurrence interval event. 
 
3 GEOTECHNICAL MATERIALS 
 
No original design or construction records for the dam have survived. Cone penetration test (CPT) 
investigations have been carried out on the crest of the embankment, through the core and down to 
the bedrock as a nearly non intrusive means of obtaining material properties and conditions with an 
operating reservoir. Auger holes have been drilled on the downstream face to obtain samples for 
assessing the material properties of the shoulder. 
 
The geotechnical materials identified are as follows: 
 

 Crest cover: It is constructed from gravel, sand and sandy clayey silts – silty clays. It is 
identified in the CPT investigation as sand to silty sand, sandy silt to clayey silt and silty clay. 

 Core: It is constructed from “puddle clay” identified as soft to firm, high plasticity SILT – CLAY. 
It is identified in the CPT investigation as organic material – clay to silty clay due to its low 
strength. 

 Shoulders: They are constructed from siltier materials identified as firm – loose, high plasticity 
SILT – CLAY. 

 Foundations: The embankment is founded directly on the in situ native rock formations. These 
belong to the various undifferentiated lava flows of the Dunedin shield volcano. They comprise 
mainly basalt and basaltic tuff. The basalt in the surrounding area is a very blocky, interlocked, 
partially disturbed mass with multi-faceted angular blocks formed by 4 or more discontinuity 
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sets. The discontinuities have highly weathered surfaces with compact fillings and angular 
fragments. 

 
The groundwater on the downstream face is recorded in the existing monitoring standpipe 
piezometers, and it is correlated with pore water pressure distribution recorded in the CPT logs. The 
phreatic surface  fluctuates in the downstream shoulder and in respect of the rainfall conditions as 
follows: 
 

 During the dry periods it is at a depth of 4.8m below the sloping batter. 
 During the wet periods it rises to a depth of 3.2m below the sloping batter or higher, subject to 

the duration and intensity of the preceeding rainfall (becomes saturated leading to failure). 
 
Both the undrained and effective shear strength and stiffness properties of the embankment materials 
have been estimated as conservative parameter values from the analysis of the CPT records, 
laboratory testing, and empirical relationships. 
 
Table 1:  Soil Mass Properties 

Zone 
Dry Density γd 

(t/m3) 
Water Content 

W(%) 
Undrained Shear 
Strength Su (kPa) 

Undrained Modulus of 
Elasticity Eu (kPa) 

Puddle Core 1.4 35 35 21000 
Shoulder 1.4 44 40 24000 

Zone 
Effective 

Cohesion c’ 
(kPa) 

Effective Friction 
Angle φ’ 

Residual Friction 
Angle φres 

Fissured Strength 
Friction Anglea φres 

Puddle Core 5 23 12 18 
Shoulder 3 26 13 19 

a The fissured strength friction angle is taken as the mean of peak and residual strength (Skempton 1977). 
 
Table 2:  Deformability of the Soil Matrix 

Zone 
General Design 

65% Strain Lower 
Bound Es (kPa) 

Sensitivity Analysis 
80% Strain Lower Bound 

Es (kPa) 

Analysis of Shear Zones 
Large Strain at Failure Es 

(kPa) 
Puddle Core 2000 1600 800 

Shoulder 2400 1800 1100 
 
A partial reduction factor γM=1.25 (Eurocode 7) has been applied to the effective shear strength 
material parameters (cohesion, angle of internal friction and Young’s modulus) to account for the 
refurbished embankment behaviour under aging and degraded materials. 
 
This factoring is applied for the purpose of facilitating the stress-strain analysis with the finite elements 
software PLAXIS. The resulting values of the angle of internal friction and of the Young’s modulus 
relate to the Fissured Strength φres and to the 80% Strain Es respectively. The degraded material 
parameter values are summarised in the following table. 
 
Table 3:  Degraded Material Parameters 

Zone   
Degraded Effective 
Cohesion c’ (kPa) 

Degraded Effective 
Friction Angle φ’ 

Degraded General Design 
65% Strain Low Bound Es 

(kPa) 
Puddle Core 4 18 1600 

Shoulder 2 21 1920 
 
The various material parameter values presented above have been verified through stress / strain 
back analysis of the 2010 lower slope failure within the downstream shoulder. A good match with the 
observed slope failure mechanism was achieved. 
 
4 SEISMIC LOADING 
 
The Peak Ground Accelerations (PGAs) for various construction/loading conditions have been derived 
from NZS 1170.5:2004 in conjunction with Swaisgood (2003) and McVerry (2006). According to 
Stirling et al (2012), “the hazard for Dunedin is dominated by earthquakes produced by the distributed 

233



seismicity model”. The main fault sources contributing to the model are the Akatore fault (Mw 7.4 at 
13 km; contribution 14%), Taieri River fault (Mw 7.1 at 47 km; contribution 6%), and Waipiata fault (Mw 
7.4 at 60 km; contribution 3%). However, all these sources lie outside of the distribution of events for 
the 475 years return period presented in the same paper. 
 
In the absence of a site specific seismicity analysis, the application of the unweighted PGAs that 
correspond specifically to the Dunedin area for the maximum design earthquake (MDE) case, 
calculated from the combination of the Mw=7.4 event, the small contribution of the Akatore fault to the 
Dunedin area, and coupled with the minimum hazard risk factor of Z=0.13, define a more or less 
conservative approach for assessing the seismic response of Ross Creek. 
 
The PGAs estimated for the assessment of the behaviour of the Ross Creek embankment under 
seismic loading are summarised in Table 4.  The operating basis earthquake (OBE) relates to a 150 
year average recurrence interval event. 
 
Table 4:  Estimated Peak Ground Accelerations 

Design Case 
Weighted PGA Unweighted PGA 

Site Response Crest Response Site Response Crest Response
National Distributed 
OBE  

0.08g 0.11g 0.11g 0.15g 

Dunedin Specific OBE  0.07g 0.09g 0.09g 0.13g 
National Distributed 
MDE 

0.34g 0.46g 0.47g 0.63g 

Dunedin Specific MDE  0.38g 0.50g 0.52g 0.69g 
 
The limiting ground acceleration (GA) characteristics of the existing embankment materials are 
anticipated to govern the refurbished embankment’s behaviour under seismic loading. The limiting 
ground accelerations have been calculated using both stress-strain finite element analysis (FEA), and 
using the empirical relationships by Pecker (2005) and Elghazouli (2009).  
 
The resulting limiting ground accelerations are estimated for the existing embankment and for the 
refurbished condition (buttress in place) for both the average and the degraded material properties. 
For the empirical estimation of the limiting ground accelerations, the refurbished conditions are 
calculated by increasing the Su values by a factor of ~1.4 that represents the upgrade from the original 
Factor of Safety to the new conditions. The empirically estimated limiting (yield) ground accelerations 
are presented in the following Table 5: 
 
Table 5:  Empirically Estimated Limiting Ground Accelerations 

Design Case 
Original Material Properties Refurbished Material Properties 

Limiting GA ky Limiting GA ky 
Average parameters 0.10g 0.14g 
Degraded parameters 0.08g 0.10g 

 
The earthquake induced deviatoric displacements are estimated for the refurbished Ross Creek 
embankment under full supply level (FSL) conditions for both the average and the degraded material 
parameters using: 
 

 The simplified procedure for estimating earthquake induced deviatoric displacements by J.D. 
Bray and T. Travasarou (2007). 

 Newmark's method & simplified decoupled analysis to model slope performance during 
earthquakes by R.W Jibson and M.W Jibson (2003). The Jibson and Jibson method allows 
selection from among more than 2100 strong-motion records from 29 earthquakes. 

 
4.1 Basis for the analyses 
 

 Average material parameters. The estimated downstream limiting acceleration (ky) is 0.18g, 
whereras the upstream limiting acceleration (ky) is 0.11g (derived from the FEA FSL analysis). 

 Degraded material parameters. The estimated downstream and unpstream limiting 
acceleration (ky) is 0.07g (derived from the FEA FSL analysis). 

 Moment magnitude is Mw 7.4. 
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 The embankment height is ~20m. 
 The embankment’s average shear wave velocity is Vs=150m/s. 
 The initial fundamental period is Ts = 0.35s. 
 The design PGA is the Dunedin unweighted MDE for site response k=0.52g. 

 
4.2 Results 
 
The estimated earthquake induced deviatoric displacements are summarised in the following Table 6. 
The corresponding standard deviation (STD) of the Newmark (1965) decoupled displacement 
estimations gives the degree of confidence of the Jibson and Jibson method. The large STD values 
indicate a relatively poor fit of the available earthquake data to the Ross Creek site conditions. 
Consequently, the estimated deviatoric displacements must be regarded as indicative only and must 
be compared to the Bray & Travassarou method results. 
 
Table 6:  Estimated Earthquake Induced Deviatoric Displacements 

Average Material Parameters 
Method J.D. Bray R.W Jibson 

Displacement @ 84%-50%-16% 
Probability of Exceedance for Bray 

33-68-133mm 
29-172mm 

median=116mm, STD=78mm 
Degraded Material Parameters 

Method J.D. Bray R.W Jibson 
Displacement @ 84%-50%-16% 

Probability of Exceedance for Bray 
190-366-705mm 

155-1086mm    
median=173mm, STD=148mm 

 
Awareness of the vulnerability of hydraulic fill embankments to liquefaction behaviour is very high 
given examples such as the upstream shoulder failure of the Lower San Fernando Dam following the 
M 6.5 earthquake in 1971, (Seed, et al. 1975). However, this failure related to the dynamic behaviour 
of sandy silt material with a D50 of 0.075 mm, (Castro, et al 1992), which differs substantially from the 
shoulder material we are concerned with in this instance with a D50 of around 0.003 mm. 
 
The high clay content of the original embankment materials indicates that the materials fall outside of 
the traditionally applied liquefaction susceptibility limits defined by the following threshold values. 
Plasticity Index (PI) results along with particle size gradings show that the fines content exceeds the 
30% threshold, and the PI exceeds the 12% threshold, indicating “clay like behaviour, not susceptible 
to liquefaction.” 
 
However, the recent studies have revised this classification approach (Boulanger, R.W., and Idriss, 
I.M., 2014), and highlighted the potential for significant softening of clay like materials under cyclic 
loading. While softening is not expected to lead to the same degree of strength loss as applies to “flow 
liquefaction” mechanisms, the phenomenon can still be critical to the assessment of seismic resilience 
when determining the expected degree of permanent displacement. The strain softening induced 
settlements under seismic loading have been reassessed with the CLiq software, version 1.7.6.34 for 
the following conditions: 
 

 The design PGA is the Dunedin unweighted MDE for crest response k=0.69g. Plus, 
parametric, step-wise increase of the PGA. 

 Maximum Expected Seismic Magnitude: Mw=7.4 (Akatore Fault). 
 Water table at 4m depth below the dam surface. 

 
Further to the deviatoric displacement analysis described above, maximum dynamically induced 
settlements under seismic loading have also been assessed from the CPT data using CLiq software.  
It has been found that the effects of this mechanism are negligible in comparison to the deviatoric 
displacements that may be experienced. 
 
A sensitivity analysis has been performed by applying increased (step-wise) pseudo-static loads that 
emulate the seismic triggering up to the point of ground failure. These are checked against various 
levels of material degradation and possible strain softening conditions, with some assumptions 
concerning parameters such as permeability and water pressures within the volcanic rock foundation, 
ratio of permeability between the “core” and “shoulder” zones of the original hydraulic fill (i.e. 

235



influencing the phreatic surface within the downstream shoulder), and the degree of dynamic strain 
softening of hydraulic fill materials. 
 
These assumptions have been subjected to further sensitivity analysis to determine their influence on 
performance expectations for the refurbished embankment. The effect of this refinement has been to 
establish a greater degree of confidence in the sensitivity of the embankment behaviour to the effects 
of seismic loading and seepage, and to ensure that analysis results are suitably conservative in terms 
of determination of the expected levels of resilience to be achieved by the proposed alterations to the 
embankment. The fundamental purpose was to define the probabilistic combination of loads vs 
resistance that can lead to failure. 2-D pseudo static stability modeling of the existing embankment 
has been undertaken utilising PLAXIS finite element (FE) analysis with average shear strength values 
from the investigations. The overall sensitivity to softening effects has been emulated by applying 
worst case degraded shear strength values.  
 
A series of stress – strain analyses based upon the assessed original embankment properties 
together with substantial downstream buttressing utilising imported compacted granular fill were 
performed for the following conditions: 
 

 New buttress in place (2.5H:1V batter) with wider reinforced crest and reservoir at FSL under 
static loading; both upstream and downstream shoulder cases.  

 Pseudo static earthquake loading towards the downstream face.  
 Pseudo static earthquake loading towards the upstream face. The behaviour of the hydraulic 

fill core and shoulder has been analysed with inputs for both average and degraded material 
strength values and around 70%-80% of average strength values to represent the effects of 
strain softening behaviour of the PI=22% material. 
 

Rapid drawdown response of the upstream shoulder has also been checked under the condition with 
the altered (raised and geogrid reinforced) crest, using average material properties. 
 
The design for the buttress and crest alterations has been based upon stress - strain modelling 
predominately using PLAXIS 2-D models and Newmark type displacement assessments. Further 
complementary limiting equilibrium (LE) analyses have been carried out to confirm the consistency of 
the finite element modelling results with the results from the more traditional methods. A series of 
analyses for the various design cases have been completed to show the comparable results for both 
average and degraded strength properties. Load cases include full supply level and full supply level 
with minor spill (FSL and FSL+) and service design flood (SDF) and maximum design flood (MDF) 
water loadings and associated phreatic surfaces, along with the effects of sustained intense rainfall 
events.   
 
Table 7:  FEA and LEA Results – Average material properties 

Condition 
Stress-Strain 

Static FoS 
LE Static 

FoS 
Downstream 

ky 
Downstream 

FoS at ky 
Upstream ky 

FSL 1.55 1.50 0.18g 0.95 0.11g 
FSL & Rainfall 1.29     
FSL+ 1.54 1.50 0.15g 1.02  
FSL+ & Rainfall 1.30     
SDF 1.54 1.49 0.15g 1.02  
SDF & Rainfall 1.29     
MDF 1.53 1.49 0.15g 0.97  
MDF & Rainfall 1.28     

 
Table 8:  FEA and LEA Results – Degraded material properties 

Condition Static FoS 
LE Static 

FoS 
Downstream 

ky 
Downstream 

FoS at ky 
Upstream ky 

FSL 1.31 1.23 0.07g 1.01 0.07g 
FSL & Rainfall 1.06     
FSL+ 1.30 1.22 0.07g 1.00  
FSL+ & Rainfall 1.07     
SDF 1.28 1.21 0.07g 1.00  
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SDF & Rainfall 1.06     
MDF 1.29 1.21 0.07g 1.00  
MDF & Rainfall 1.05     

 
The above results relate to the use of common effective stress material properties, and phreatic 
surface inputs to LE analysis that match the phreatic surface output from PLAXIS. The FE analysis 
has been allowed to automatically seek the critical slide geometry whereas the LE analysis has the 
entry and exit points of the rupture surface defined to match the results of the FE models. 
Morgenstern-Price LE analysis has been used, with a non-circular failure option. The following Figure 
2 shows the typical match of rupture surfaces. 

 

 
Figure 2. Comparison of FEA and LEA Models 
 
5 CONCLUSIONS 
 
From the completed analyses it is evident that:  
 

 The new buttressed embankment exhibits the expected substantial improvement in stability 
under static loading. It is also noted that the 2-D analyses using a buttress slope of 2.5H:1V 
are likely to be conservative insofar as stability is likely to be further enhanced by 3-D 
influences associated with the relatively short crest length and favourable abutment geometry. 

 The downstream face exhibits yield under pseudo static earthquake loading at ky 0.18g. The 
expected deformations are of the order of 50mm under a Mw 7.4 event with PGA not 
exceeding 0.5g. Adopting degraded (dynamic / cyclic) material properties around 80% of 
average properties leads to the ky dropping to around 0.07g, and the downstream 
displacement value is of the order of 360mm. Such a value is equivalent to the degraded 
material properties that will not directly apply to the initial response, and substantial strain will 
need to be developed before strain softening of the clay and loss of interlock in the buttress 
rockfill occurs. 

 Freeboard provisions and filter layer thickness dimensions have been able to be confidently 
determined from the sensitivity analyses undertaken. 

 The upstream face exhibits an unchanged yield threshold under a pseudo static loading 
condition at a loading of 0.11g. This is not unexpected as the additional crest loading is 
effectively offset by the introduced reinforcement. The expected deformations are of the order 
of 0.20m when no softening occurs. Sensitivity to cyclic strain softening behaviour has been 
examined using around 80% of average strength values and no remediation measures of the 
upstream clay shoulder. The displacement result increases by some 0.4m to a total of 0.6m.  

 Rapid drawdown response of the upstream shoulder is essentially unchanged, with stability 
compromised under 4.7m maximum operational drawdown scenarios over less than 30 days 
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duration. 
 Comparison of LEA and FEA analysis findings has revealed second order differences related 

to the different manner in which strain is modelled, together with allowance for 2-D flow net 
geometry, changes in partially saturated mass distribution and other factors. The partially 
saturated density for the FEA models has been refined slightly in this exercise to better match 
the values used in the more traditional LEA models. We note that the counterfort drains and 
crest geogrid elements are not included in the LE models, and this factor will account for some 
of the differences in the results. 

 Differences in the tabulated static factors of safety between the different analysis methods are 
generally within 3% for typical material properties and within 6% for degraded properties. The 
FEA ky yield thtreshold values and associated LEA factors of safety at the equivalent pseudo 
static horizontal accelerations are generally very consistent between methods, especially 
given the manner in which ky is determined from the degree of strain experienced in the FE 
models compared to the rigid – perfectly plastic assumptions in the LE models. 
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ABSTRACT 
 
Crawler cranes are commonly used in civil engineering construction. Occasionally, bearing 
failure or instability of crane supports have been reported across the world. There are a range of 
risks associated with crane operation and use. In practice, crane pads made of timber or 
fabricated steel are adopted to distribute the high loading pressure of the crawler crane. The 
interaction between the crane pad and soil is complicated, and depends on the pad stiffness 
and the strength and stiffness of the underlying soil. Studies on the bearing capacity and 
stability of crawler crane working on pads are rarely reported. In this paper, a review of existing 
design methods for stability of crane pads is provided. The geotechnical bearing capacity of 
crane pad is governed by both the shear strength of the soil and the allowable settlement 
criteria of the crane. Case studies are introduced and engineering implications for design are 
elaborated in the end.   
 
Keywords: crawler crane, bearing capacity, settlement, slope stability, safe operation 
 
1. INTRODUCTION 
 
Crawler cranes are used frequently in civil engineering construction from house building to port 
and mining handling works. Movement around site of this type of crane is easy because the 
tracks enable them to travel over uneven ground and manoeuvre into tight working areas. 
Where soft ground is present, crane pads are typically used to distribute the crane loads. The 
working surface must be level and capable of supporting the bearing pressure exerted by the 
tracks. Figure 1 shows a typical crane track with a crane pad, which is most commonly used in 
practice. Loss of bearing or stability of crane supports have been observed to be the most 
common failure modes (Raymond, 2001; Zisman, 2012). These failures have caused significant 
damages to local commuinities or even loss of life. Crawler cranes are widely used for longer 
duration operations, and enjoy quick and routine movement over a short distances. There are 
several national and regional standards and guidance documents addressing the safe use of 
mobile cranes (AS1993; BS 2000; SS 2008, Workplace Health and Safety - Queensland 2006). 
These standards and guidance documents offer general insights into practical safe use of 
cranes in terms of mechanical aspects and OHS. However, geotechnical input in the design of 
safe operation of cranes is seldom considered or ignored. Liu et al. (2008) proposed a 
procedure to evaluate foundation support for crawler cranes. The design procedure is clear in 
concept, however the procedure is tedious and not suitable for top soils of sand or gravel 
(Stuart, 1962). Ooi et al. (2013) reviewed some working platforms for crawler cranes on soft 
ground in Malaysia. In the engineering industry, a simple and quick estimation method is 
required to obtain the allowable bearing pressure for the stability of crawler cranes. In general, 
the design process of crawler cranes should satisfy the following criteria: allowable soil stress, 
material allowable stress, and crane stability (Hasan, 2010). The geotechnical consideration in 
safe use of crawler cranes is elaborated in the paper in terms of bearing capacity and stability. 
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Figure 1. Crane track with a pad 
 
2. METHOD OF STATEMENT 
 
In order to determine the type of crane pad required, it is necessary first to assess the bearing 
capacity of the ground. The bearing capacity depends on a number of factors including in-situ 
geotechnical conditions, sizes of crane tracks, allowable settlements and lifting load conditions 
et al. The current design methods of crawler cranes are based on the soil bearing capacity and 
mat strength. Purushothamaraj et al. (1974) proposed a method for  bearing capacity of footing 
on two layered soils with varying cohesion, friction, and unit weight based on the second 
theorem of Drucker and Prager (kinematical consideration). The failure mechanism considered 
was fundamentally similar to that of Prandtl–Terzaghi but with different wedge angles. For 
simple, Terzaghi’s method for predicting ground bearing capacity is adopted in the engineering 
design.  
 
The formula of ultimate bearing capacity is (Bowles, 1996) 

q cN s d N s d 0.5γBN s d  
The allowable bearing capacity is 

q
q
SF

 

in which the bearing capacity factors 

 N e ∅tan 45
∅

 , N N 1 cot∅ , N 2 N 1 tan∅ 

The shape factors 

s 1.0 ∙  , s 1.0 tan∅, s 1.0 0.4 ∙  

Depth factors 
d 1 ,d 1, d 1 
In most engineering practice, the safety factor, SF=3 is typically used. 
 
In the field, the load-settlement relationship established from a plate load test is expressed by a 
shape of Weibul distribution curve and it will be shown that the relationship can be estimated to 
some extent by the initial response of loading by numerical iteration (Fukagawa and Muro, 
1994).   
                   
2.1. Effective pad width 
In practice, an economic pad width will help distribute the load to the soil effectively. It is 
generally considered that the effective pad width depends on the type of soil the pad is resting 
on. Firm to hard soil strata cause limited soil contact, i.e., no settlement.  When the pad stiffness 
is greater than the soil, there is a uniform soil pressure distribution is below the crane pad, 
provided that the bearing pressure is less than allowable soil stress. The full pad width is in 
contact with soil, and the settlement controls the design of crane pads. If the soil stiffness is 
greater than the crane pad, the soil underneath the crane pad experiences an uneven soil 
pressure distribution. In some extreme cases, weak timber crane pads will bend due to the soil 
pressure concentration. Crane pad may fail by bearing (crushing at the surface), bending or 
horizontal shear (splitting longitudinally). Figure 2 shows the crawler track load distribution on 
the crane pad.  The angle of the load spread for the top soil is taken to be 1 vertical to 1 
horizontal (i.e., 1V: 1H).   
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Figure 2. Model of theoretical effective pad width 
  
2.2. Pad width based on soil bearing capacity 
In practice, it is important to carry out the ground classification based on the site investigation 
results. We have to determine the crane pad materials, i.e., timber or prefabricated steel.  
 
 

 
 
 
 
 
 
 

Figure 3. Soil pressure distribution underneath crane pad for firm to hard soil 
 
The design method is straightforward. The required crane pad area can be determined by 
dividing the crane loading over the allowable ground bearing pressure. Divide this area by the 
length of the track and we can get the required effective pad width. This pad width is adopted to 
calculate the bending and shear stresses in the pad based on the assumption of uniform soil 
pressure distribution. If the actual stresses are less than the allowable stresses, the pad design 
is acceptable.   
 
2.3. Pad width based on pad strength 
 
This method is the reverse of the method for pad width based on soil bearing capacity. The 
effective bearing length of the pad is assumed initially and is then adjusted until the resulting 
bending or shear stress reaches the corresponding allowable stress. The ground bearing 
pressure is then calculated asssuming the effective bearing length. If the actual pressure is 
equal to or less than the allowable ground bearing pressure, the design of the pad is 
acceptable. The design method described herein is iterative. There are available commercial 
programs for crane designers to check the soil pressure or pad strength to determine the pad 
width. Geotechnical engineers normally provide the soil bearing pressure before the design of 
crane pad.  
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 4. Soil pressure distribution underneath crane pad for soft ground soil 
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2.4. Deformation and stability 
 
Typically, some settlement and differential settlements are allowable depending on crane types, 
ground conditions and local standards.  Settlement of the crane pad can be estimated using 
Schmertmann method and in situ soil moduli. Sometimes the crane may work on sloping ground 
and the global and local stability should be checked. An offset distance of the crane from the 
slope edge can be determined by the slope stability analysis. In practice, 2-D finite element 
software packages Plaxis and Geo-Studio are adopted to analysis crane loading stability 
problems.  The loading of the crane is usually assumed as a plane strain problem. 
 
3. DESIGN PRACTICE STUDIES 
 
3.1. Bearing capacities of crawler cranes 
An assessment of ground bearing capacity was undertaken for crane operation on a filled bund 
at a construction stockyard site. The following inputs were used for the design of the crawler 
crane pad:  
a) The compacted gravel layer on top of the stockyard bund is 1.2 m, which overlies on a 2.7 m 
thick MA4-1 rockfill.  
b) Assumed maximum allowable settlement of the crawler crane is 25mm which is equivalent to 
a tilt of 1/333 for the track spacing of 8.4 m (Note: this allowable settlement needs to be 
confirmed by the crane operator prior to a lifting operation, it may vary for different cranes). 
 
In order to evaluate the top soil properties, plate load tests were carried out within crane’s 
working area. Figure 5 shows plate load test carried out at the top soil layer. The summary of 
the plate load test results are shown in Table 1. 
 

 
Figure 5. Plate load test in progress 
 

Table 1:  Summary of plate load test results 

Location 
Test 
No. 

Modulus of 
subgrade 
reaction ks 
(MPa/m) 

Young’s 
Modulus 
E (MPa) 

Outbound 
Track 

PLT1 572 102 
PLT2 717 128 

Inbound 
Track 

PLT1 526 94 
PLT2 431 77 

 
The permissible bearing pressure for a crawler crane with 2 m wide tracks is 400kPa based on 
the shear failure bearing capacity theory. The maximum bearing pressure recommendation is 
based on a factor of safety of 3 against bearing capacity failure, and a typical settlement 
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tolerance of 25mm.This permissible pressure is also applicable for a crane with 1.5 m to 3.5 m 
wide tracks and/or load spread pads. Indicative maximum bearing pressures for the range of 
footing widths considered is presented in Figure 6. It should be noted that the recommended 
maximum bearing pressures presented make no allowance for any simultaneous horizontal load 
or vertical load eccentricity, as the presence of either may have a reducing effect on the 
maximum bearing pressure recommendations.  
 

 
Figure 6. Bearing capacity of shallow foundations  

 
3.2. Deformation and stability analysis of crane foundation 
A stability and settlement assessment was undertaken for crane pad foundations at a stockyard 
site. The cross sections of the trial embankment modelled is shown in Figure 7.  

 
Figure 7. Numerical model of crane working platform 
 
The numerical modelling was carried out based on the following conditions.  
•  The internal berm slope is 1 (vertical) to 1.7 (horizontal). 
• The upper course of the embankment comprises a one metre thick layer of select fill 
compacted to 98% MMDD. 
• The embankment is to be constructed using gravel or rock fill compacted to 98% MMDD, 
to achieve a minimum friction angle of 38 degrees. 
• The subgrade below the track is to be improved with concrete.  
The input geotechnical parameters of the model are summarized in Table 2. The crane pads 
were modelled as linear elastic model with =24kN/m3, E=25Gpa, and =0.2. 
 
Table 2:  Summary of input parameters 

Parameters Symbol Ferricrete Colluvium Backfill Embankment 
Gravel 

Compact 
Fill 

Soil Model  MC MC MC MC MC 

Unit Weight 
 (kN/m3) 

 23 20 20 21 20 

Elastic 
Modulus 

 150 60 40 60 60 

Crane pad

243



6 

(MPa) 
Cohesion 

(kPa) 

c' 5 0 5 1 1 

Friction 
Angle (o) 

' 35 33 34 40 40 

Poisson 
Ratio 

 0.3 0.3 0.3 0.3 0.3 

 
The stability of the cranes working on the berm was assessed using limit equilibrium methods 
for both static and seismic loading conditions. Three loading cases were considered for the 
analysis as summrized in  
Table 3 .  
 
Table 3:  Summary of loads for cranes 

Location Distance* 
(m) 

Load Case I (LCI) Load Case II (LCII) Load Case III (LCIII) 
Total load (kN/m) Total load (kN/m) Total load (kN/m) 

  V H V H V H 
A 16.38  193 13 186 38 240 27 
B 16.38 199 13 189 38 178 27 
C1 5.46 426 30 448 68 569 56 
C2 5.46 426 30 448 68 569 56 

Note: Loading Case I (LCI) ‐ normal operation 
Loading Case II (LCII) ‐ normal op. w/ wind + skew loads 
Loading Case III (LCIII) ‐ abnormal operation 
Distance is the centre of the crane to the slope crest. 

 
The stability of the berm under the three loading conditions was calculated by using limit-
equilibrium methods. For seismic loading conditions, an acceleration coefficient of a = 0.09g 
was adopted. Under normal operation loading case (static), the safety factor of crane foundation 
berm is about 1.43, higher than 1.3 for the abnormal loading case.  However, it is just slightly 
less than 1.5. The safety factors of crane working under different loading combination cases are 
summary in  
Table 4. All safety factors under seismic loading conditions are higher than 1.1, which are 
deemed acceptable.  
 
Table 4:  Safety factors of cranes under different loading cases 

Location 

Safety Factor  

Loading Case I (LCI) Loading Case II(LCII) Loading Case III(LCIII)   
Static Seismic Static Seismic Static Seismic  

A & B 1.81 1.59 1.73 1.53 1.79 1.44  
C1 & C2 1.43 1.3 1.33 1.2 1.3 1.19 
 
The summary of numerical modelling for crane pad foundation is listed in Table 5. It can be 
found that for loading combination at B & C, the settlement is more critical. However, for the 
vertical stress beneath the crane pad foundation does not change too much. The numerical 
results for the crane foundation are presented from Figure 8 to Figure 10. The maximum 
settlement of crane foundation is approximately 30 mm based on the available information and 
worst loading conditions, which is considered acceptable. The maximum stress under the crane 
foundation is 550 kPa based on our numerical modelling results, which is lower than the 
designed unconfined compression strength of 1 MPa. 
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   Table 5:  Summary of Settlements and Vertical Stresses of crane foundation 

Case Location 
Max Settlement 

 (mm) 
Max Vertical Stress under 

Concrete footing  (kPa) 

LCI 
A & B 18 174 

C1 & C2 29 373 

LCII 
A & B 7 188 

C1 & C2 22 453 

LCIII 
A & B 6 170 

C1 & C2 30 532 
 

 
Figure 8. Vertical displacement of crane foundation for LC III (C1 and C2) 
 

 
 
Figure 9. Settlement at the base of crane foundation for LC III (C1 and C2) 
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Figure 10. Vertical total stress at the base of crane foundation for LC III (C1 and C2) 
 
 
4. CONCLUSIONS 
 
The geotechnical issues in safe operation of crawler cranes have been reviewed and outlined in 
this paper. Bearing capacity calculation of crane pad is outlined in terms of design based on soil 
bearing capacity and pad strength. Two design practice studies are elaborated to address the 
design concerns encountered in daily geotechnical professional work, namely bearing capacity 
and deformation. The paper offers a general insight of geotechnical considerations of crawler 
cranes working on different ground profiles and loading conditions.  
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ABSTRACT 
 
Our Client undertook a series of nearshore ground investigations for a development in the North West 
Shelf region of Western Australia. The ground investigations were undertaken between 2009 and 
2012 using jack-up barges in water of up to 25 m depth. During the 2010 campaign a punch-through 
incident occurred in which equipment and samples were lost overboard.  
 
A punch-through is the situation whereby one or more legs of the jack-up barge penetrate into the 
seabed without warning, having previously been supported. This can occur either during the jacking 
procedure or whilst at working height.  
 
Following the incident, the Client wished to mitigate the risk of further punch-through incidents. We 
were engaged to develop a method of assessing the risk of punch-through across the site based on 
geological, geophysical and geotechnical information. The assessment was used to support the 2011 
and 2012 nearshore ground investigation campaigns. 
 
Our work involved the back analysis of the punch-though incident, the derivation of a geological 
model for the site, an assessment of the risk of punch-through over the whole site, and the 
development of an interactive tool which presented location specific assessment results and 
operational procedures. As new site investigation information was obtained it was imported into the 
assessment, to improve its accuracy. The results of the assessment were also used by the Client to 
influence the investigation programme. 
 
This paper presents Arup’s work. The punch-through assessment project is confidential. It is a 
condition of submission that the Client and the project location cannot be disclosed.  
 
Keywords: Punch-through, Risk, Risk assessment, Jack-up Barge, Calcarenite 
 

1 INTRODUCTION 
 
A proposed Liquefied Natural Gas (LNG) development will process products recovered from the 
offshore North West Australia region. Preparatory work for the development involved on-shore and 
near-shore development components. The nearshore study site within the overall development was of 
approximately 50 km2 area. 
 
Four campaigns of nearshore site investigation were completed in support of the development. The 
investigations occurred between 2009 and 2012, and included intrusive investigations undertaken 
using jack-up barges (JUBs) in water of up to 25 m depth. Little previous investigation had been 
completed in the area. 
 
Punching through is a known hazard to jack-up barge operations. The Maersk Victory jack-up barge 
punch-through (MESA, 1997) is a good example within the Australia region illustrating this risk.  
 
Traditional methods of assessing the risk involve either the assumption of ground conditions, or case-
by-case assessment in the field. 
 
Following a punch-through incident during the 2010 investigation campaign, changes were 
implemented to mitigate the risk of further punch-through incidents in subsequent campaigns. This 
paper presents one component of these changes; the development of a risk based approach to 
assessing punch-through potential.  
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The approach comprised several phases. Initially the punch-through incident was back-analysed, and 
a relationship was developed between ground conditions and punch-through risk. A method was then 
developed by which the relationship could be projected over the entire site. The results were 
packaged into an interactive tool which was used to influence the investigation strategy, and to 
assess risk in the field.  
 

2 PUNCH-THROUGH 
 
A punch-through is defined as the situation whereby: 
 

i. The JUB legs are loaded or are in the process of being loaded (i.e. the JUB is being jacked 
up, or is at working height). The legs rest on seabed material that is strong enough to support 
them, but which is underlain by weaker material; 

ii. The supporting material fails beneath one or more legs, causing any affected legs to 
penetrate further into the seabed, often suddenly; 

iii. The JUB may list or otherwise become unstable. 
 
Two incidents occurred during the 2010 nearshore site investigation campaign. The first was 
described as an abnormal penetration incident, whereby one of the JUB legs penetrated 4 m further 
than the others during jacking. This incident did not affect the works. 
 
The second incident was a punch-through incident. The JUB had been jacked-up for approximately 
12 hours when one of its legs sank approximately 4 m into the sea bed without warning. This caused 
the JUB to list so that its bow was at the waterline. Equipment and samples were lost overboard, and 
personnel sustained minor injuries. The incident was classified by the Client as a high potential 
incident. 

 
 
 
Following the 2010 incidents the Client revised their risk management strategy and introduced 
additional risk controls. The aim of the risk management strategy was to ensure that the risk of punch-
through was reduced to a level deemed to be as low as practically possible – a common industry aim. 
The strategy comprised three control areas, which when implemented together would reduce the risk 
of punch-through. The control areas were derived following consideration of the commonly adopted 
hierarchy of risk controls. The hierarchy of risk controls and the three control areas adopted are 
shown on the left and right of Figure 1 respectively. The Assessment of Punch-through Potential was 
one of the three areas of control. 

Figure 1. Risk controls and risk management strategy 

248



3 GROUND CONDITIONS 
 
Little previous ground investigation had been undertaken at the site. By the date of commencement of 
work on the Assessment of Punch-through Potential, ground investigation information obtained during 
the early campaigns was available.  
 
Intrusive investigation information available comprised borehole and Cone Penetration Test (CPT) 
logs. CPT and boreholes were usually undertaken in complementary pairs at locations less than 5 m 
apart. Geophysical investigations including a Seismic Refraction Survey and an Ultra High Resolution 
Seismic Survey were completed as part of the early ground investigation campaigns. The geophysical 
information provided detailed sea-bed contours and a three-dimensional representation of the sub-
surface geology. Aerial photography also permitted additional assessment of the shoreline geology. 
 
The results of Uniaxial Compressive Strength (UCS) testing and Point Load testing on intact samples 
of Calcarenite allowed the characterisation of the strength of the material. It was noted that generally 
testing was undertaken on intact core samples, possibly skewing the strength results towards stronger 
materials. All strength test results were therefore correlated to sample quality and strength notations 
recorded on borehole logs, and to strength results recorded in CPT results. This permitted the 
derivation of a relationship between lower bound logged strengths, qc (CPT cone strength) and UCS 
over the range of AS 1726 (Standards Australia, 1993) soil strength descriptions. 
 
The ground model for the site was built up through interpretation of the various information sources. 
The nearshore geology of the region in which the study was based generally comprises Marine 
sands, underlain by Calcarenite, underlain by Pindan sands, as described in Table 1.  
 
Calcarenite is commonly encountered on Australia’s northwest shelf, and is described as a cemented 
material comprising sand and greater than 50% calcium carbonate. The strength and thickness of 
Calcarenite is known to vary significantly, and depends on the carbonate content, degree of 
cementation, and the impact of weathering. 
 
Table 1:  Ground conditions 

 Material  Description 

 Marine Sands A loose sand layer, up to 5 m thick but generally <2 m thick.  

 Calcarenite 
A cemented material comprising sand and >50% calcium carbonate. Thicknesses vary 
between 0 and 8.0 m, but are generally between 0.1 and 2 m. 

 Pindan Sands 
A material comprising layers of loose sands, soft clays and dense silts. This is the soft 
material generally encountered beneath the Calcarenite. 

 

4 BACK-ANALYSIS 
 
The first stage of the project comprised the back analysis of the 2010 punch-through incident. During 
the early campaigns the JUB legs did not have spudcans attached, and were used as configured in 
Figure 2. The ends of the legs were broadly conical, with a 240 mm diameter sphere at the tip. 
 
An attempt was made to use the SNAME guidelines (SNAME, 2002) to calculate the bearing capacity 
of two and three layered systems. These guidelines present procedures for assessing the stability and 
penetration of JUB footings. Having reviewed the calculations it was decided that using this method 
introduced too many assumptions to be of practical use in this situation. In particular, the method is 
designed for stronger clay or sand layers underlain by weaker clay layers, and it does not sufficiently 
address the characteristics of carbonates. Since the material on which the JUB legs were likely to rest 
was a highly variable rock, it was considered appropriate to take an alternative approach. 
It was assumed that the ground conditions presenting a risk of punch-through would be similar to 
those at the location of the punch-through incident. As such, the most likely ground condition scenario 
at punch-through was Calcarenite underlain by a softer material (Pindan sands), ignoring the thin 
layer of Marine sand. 
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It was then assumed that the system was in equilibrium immediately prior to the 2010 punch-through 
incident, and therefore that the Factor of Safety (FoS) against punch-through was 1.0 at this time. 
This is justified by the fact that the JUB was stable on the location for some 12 hours prior to the 
punch-through. 
 
The assumption of equilibrium permitted the derivation of an expression linking the strength and 
thickness of the Calcarenite and the size and weight of the JUB leg, whilst assigning a generic 
strength for the soft material beneath the Calcarenite. The expression derived is: 
 

	 	   
 
The parameters are defined in Table 2. 
 
Table 2:  Punch-through assessment parameters  

Parameter Description Unit 

P Leg load kN 

τf Shear strength of Calcarenite kPa 

d Diameter (effective) of leg m 

f Depth to soft layer m 

Nc Bearing capacity factor - 

su Shear strength of soft layer kPa 

A Cross sectional area (effective) of leg m2 

 
The expression assumes that a plug failure of the same diameter as the leg will occur in the rock. A 
contribution to bearing capacity by the underlying soft layer is added to the plug capacity. 
 
Effective (flat ended) leg diameters and leg pre-load weights were calculated for each JUB, as 
required by the expression. The expression was then validated by conducting sensitivity studies and 
assessing other borehole locations. 
 
Code was developed that would calculate a weighted average UCS based on the strength 
descriptions and thicknesses of logged Calcarenite sub-layers as obtained from borehole logs. Lower 
bound strength values for each strength description were taken from AS 1726 (Standards Australia, 
1993), and correlated with our experience of similar materials. 
 
The shear strength of the Calcarenite back calculated using the above expression was compared to 
the shear strength derived using CPT data, and found to be consistent. The leg diameter at 
equilibrium using the cone strength data was back calculated and compared to the effective leg 
diameter; they were also found to be comparable. 
 

Figure 2. Jack-up barge leg configuration (Image © Client) 
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Having derived the expression relating Calcarenite properties and JUB properties it was possible to 
assess the bearing capacity and FoS against punch-through for any given combination of Calcarenite 
strength and thickness. 

5 THE ASSESSMENT OF PUNCH-THROUGH POTENTIAL 

5.1 GEOLOGICAL MODEL 
 
A three-dimensional geological model of the site was created using GIS. The model was defined 
through interpretation of all of the available geotechnical, geological, and geophysical information. 
The model was built in such a way that it would be possible to update it with the addition of future 
ground investigation information. 
 
Within the geological model the site was split into domains of similar geological properties based on 
the geologists’ interpretation of the available information. Interpreted default values of calcarenite 
thickness and strength were established for each domain. 
 
An assessment of confidence in the geological definition of each domain was undertaken as part of 
the interpretation, based on the amount of ground investigation undertaken within the domain. It was 
of critical importance that the confidence rating was considered when understanding the geological 
definition and the results of the punch-through assessment for each domain. 
 
Where sufficient site investigation information was present, isopachs (surfaces) of calcarenite 
thickness and surface reduced level were generated by using interpolation functions between known 
points. The geological domains are shown in Figure 3. 
 

 
 
 
Within the geological model the site was discretised into 5100 sample points on a 100 m square grid, 
the properties of which could be exported to a data file from GIS. The data file provided the inputs to 
the Punch-through Assessment Program. 

5.2 PUNCH-THROUGH ASSESSMENT PROGRAM 
 
A punch-through assessment program was created for this study. The program is able to process the 
data file from the geological model, taking in Calcarenite thickness and strength values at each 
sample point, and calculating the allowable bearing capacity and FoS against punch-through across 
the site for a specific JUB.  
 
As the calculations are being completed, the tool tracks the average and the range of the Calcarenite 
thickness and FoS values within each domain. Based on the comparison of these values to boundary 
values, domains are then assigned to one of three groups, A, B or C, as defined in the matrix in 
Figure 4. The three groups correspond to the three likely scenarios for punch-through, also defined in 
Figure 4.  

Figure 3. Geological model 
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The assignment of groups based on Calcarenite thickness and FoS implicitly assigns greater 
influence to thickness than to strength. This is because thickness is an input variable in the FoS 
calculation. This method therefore principally assigns domains to groups based on thickness, but 
allows for the influence of strength. This approach was considered to be justifiably conservative, given 
the variability of the strength and thickness of the Calcarenite and the investigative nature of the 
works. 
 
The assessment tool writes the results of the assessment back into the data file for visualisation in 
GIS, and also writes the results into the interactive flow charts described below.  
 
The automation of the assessment made it easily and quickly repeatable. This allowed it to be 
repeated regularly as information was returned from site and incorporated into the geological model. 
 

Group Definition of Group 

 █ A (Thicker) 
Thicker Calcarenite likely to be present, on which the JUB is likely to 
rest. Karstic features (cavities) within the Calcarenite may result in 
unpredictable penetrations. Calcarenite thickness may vary locally. 

 █ B (Thinner) 
Thin Calcarenite is likely to be/may be present.  
JUB legs likely to pass through. 

 █ C (Marginal) 
JUB legs may rest on Calcarenite. The Calcarenite may not necessarily 
be strong enough to support the JUB; punch-through is therefore more 
likely in Group C domains than in Group A or B domains. 

 
 
 

6 USE AND IMPROVEMENT OF THE ASSESSMENT 

6.1 RESULTS PRESENTATION 
 
Part of the Client’s original scope described the need for risk maps of the site. Having developed the 
assessment tool detailed previously, the use of interactive flow charts was suggested.  
 
The flow charts provided a framework for safe and consistent decision making by geotechnical 
engineers both on site and in the Client’s office. They allowed engineers to enter the co-ordinates of 
the proposed jacking location, and to then immediately see the properties of the geological model and 
the results of the punch-through assessment corresponding to that location. In addition, the flow 
charts displayed site procedures appropriate to the group assignment (A, B or C) of the location, and 
hence appropriate to the assessed risk of punch-through at the location. 
 
The site procedures were developed in close discussion with the Client, and were designed to impose 
the comparison of the near surface ground conditions encountered at each investigation point to 
those predicted by the punch-through assessment. In addition the procedures outlined several 
elevated risk indicators, the occurrence of which would trigger mandatory actions, both physical and 
procedural. The site procedures covered both the jacking phase and the operation phase of the work 
cycle. 

6.2 UPDATING THE ASSESSMENT 
 
The nature of the punch-through assessment tool and the geological model was such that it was 
feasible to update them as and when the Client required. Packages of new site investigation 
information were sent back periodically for inclusion in the model.  
 
Upon receipt of new ground investigation information the geological model was revised to include the 
new data, the punch-through assessment was re-run, and the site flow charts were re-populated with 
the new results. The updated information was then sent back to the Client for use on site. The cycle of 
updating is shown in Figure 5.  

Figure 4. Assessment group definitions and matrix 
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Additional site investigation information influenced the geologists’ interpretation of the site, which in 
turn affected the results of the punch-through assessment. Changes over the duration of the project 
are shown in Figure 6, which shows the first and last iterations of the model. 

 
 
 

 
 

P
re

 2
01

1 
P

o
st

 2
01

2 

Figure 6. Geological domains (left) and example contours of allowable bearing capacity (right) 
before 2011 campaign (top) and after 2012 campaign (bottom). Note evolution of domain boundaries
and calculated bearing capacity values. 

Figure 5. (Above) The assessment updating cycle 
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7 CONCLUSIONS 
 
The Assessment of Punch-through Potential provided a method by which the risk of punch-through 
could be assessed based on the interpretation of the available information at any given location within 
the site boundaries. The assessed confidence in the information was an important indicator, and 
influenced the assignment of risk. 
 
The available information varied from just geophysical data in some areas of the site, to geophysical 
data plus several borehole and CPT investigation points in other areas. The assessment methodology 
was designed to make use of varying levels of information across the site. 
The method of delivery of the results of the assessment was designed to provide engineers in the 
office and on JUBs with as much information as possible, to allow them to make informed decisions 
within the pre-determined framework of procedures.  
 
The system embedded the geological interpretation, with its spatial variance, into a dynamic risk 
reduction application that was applied with rigour, following safety procedures.  
 
The Assessment of Punch-through Potential significantly improved on the traditional methods of 
assessing punch-through risk, namely reviewing on a case by case basis, or estimating assuming a 
single design profile. The assessment made the work safer, its primary aim, but also improved the 
efficiency of the investigations by influencing the sequencing of the works. 
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ABSTRACT 
 
This paper presents the results of an experimental study of coal-fouled ballast reinforced with geogrid, 
at various degrees of fouling and subjected to cyclic loading. A novel Track Process Simulation 
Testing Apparatus was used to realistically simulate fouled rail track conditions. The laboratory results 
demonstrated that coal fines acted as a lubricant, causing ballast aggregates to displace and rotate, 
and as a result, increase the deformation of ballast. However, coal fines also reduced ballast breakage 
somewhat because they fill the voids between the ballast particles and coat surface of ballast 
aggregates which reduce the inter-particle attrition. The placement of a geogrid at the interface 
between the ballast and sub-ballast layers provides extra internal confinement and interlocks the 
grains of ballast in its apertures, which also reduces ballast deformation. Based on laboratory results, 
a threshold value of VCI=40% is proposed to assist practitioners in conducting track maintenance as if 
fouling beyond this threshold significantly reduces the reinforcement effect of geogrid such that  fouled 
ballast experiences premature dilation leading to track instability. A novel equation incorporating the 
Void Contaminant Index and number of load cycles is also introduced to predict the deformation of 
fouled ballast, improve the design of rail tracks, and help make the correct decisions with regards to 
track maintenance. 
 
Keywords: ballast, fouling, coal fines, geogrid, cyclic loading 
 
 
INTRODUCTION 
 
Ballast is a free draining granular material used as a load bearing platform in railway tracks to transmit 
and distribute the wheel load to the underlying sub-ballast and subgrade at a reduced stress level 
(Selig and Waters 1994). During track operations, ballast progressively deteriorates and becomes 
fouled due to breakage and the infiltration of external fine particles (e.g., clay, coal fines). Fouling has 
traditionally been considered as an unfavourable condition for the track structure (Indraratna et al. 
2011). In a given typical Australian coal freight tracks, Feldman and Nissen (2002) presented that dry 
coal fines constitute 70-95% of the fouling materials in ballasted rail tracks. Budiono et al. (2004) 
stated that coal fines adversely affect the deformation and shear strength of the track. Dombrow et al. 
(2009) and Huang et al. (2009) conducted direct shear tests for fouled ballast at different levels of 
fouling and showed that the shear strength steadily decreases with an increased level of fouling. 
 
Geogrids have been widely used to stabilise ballast and increase the duration of track serviceability 
because it provides additional internal confining pressure (Bathurst and Raymond 1987; Raymond 
2002; Brown et al. 2006; Fernandes et al. 2008; Indraratna et al. 2011; Ngo et al. 2014). The ability of 
geogrid to constrain railway ballast comes through the non-horizontal displacement boundary that 
restrains the ballast by interlocking between itself and the ballast grains. 
 
When ballast is fouled by breakage or the infiltration of fine particles, the interaction between the 
geogrid and ballast grains may change considerably as fine particles accumulate within the ballast 
voids and reduce the mechanical interlocking and friction between the geogrid and ballast (Indraratna 
et al. 2014). There have only been limited studies conducted for coal-fouled ballast reinforced by 
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geogrid. Indraratna et al. (2011) conducted series of large-scale direct shear tests to investigate how 
the interface between ballast and geogrid copes with coal fouling, but this study does not represent 
actual field condition where the composite ballast-geogrid system is subjected to cyclic train loadings 
at low confining pressures. This paper presents a study of the deformation of coal-fouled ballast 
reinforced with geogrid subjected to cyclic loading.  
 
MATERIAL TESTED 
 
Samples of ballast were collected from Bombo quarry, New South Wales, Australia, and then cleaned 
and sieved according to the Australian Standard (AS 2758.7, 1996). In Australia, the vast majority of 
coal lines are mainly fouled by coal falling off the wagons during the passage of coal freight trains. Dry 
coal fines were provided by Queensland Rail and used as fouling material in this study, and the Void 
Contamination Index (VCI) introduced earlier by Indraratna et al. (2010) was adopted to quantify 
ballast fouling. The advantage of VCI is that it considers different fouling material by incorporating their 
respective specific gravities, as given below: 
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where  = void ratio of fouling material, = the void ratio of fresh ballast, =  the specific gravity of 
ballast, = the specific gravity of fouling material, = the dry mass of fouling material, = the dry 
mass of fresh ballast. 
The particle size distributions of ballast and coal fines adopted in this study are shown in Figure 1. The 
grain size characteristics of the ballast and sub-ballast, and the engineering properties of coal fines 
used in this study are presented in Table 1 and Table 2, respectively. Polypropylene bi-axial geogrid 
with 40 mm x 40 mm size apertures was provided by Polyfabric Australia Pty Ltd. The tensile strength 
of the geogrid is 30 kN/m. It is commonly used in Australian railway tracks and was adopted in this 
study.  
 

 
 

Figure 1. Particle size distributions of ballast sub-ballast and coal fines  
 
 
Table 1. Grain size characteristics of ballast and sub-ballast 
 

Material Particle shape  
dmax

(mm)
d10 

(mm)
d30 

(mm)
d50 

(mm)
d60 

(mm)
Cu Cc Size ratio

Ballast  Highly angular 53  16  28  35 39 2.4 1.3      11.3 

Sub-ballast Angular to rounded 19 0.23 0.45 0.61 0.8 3.5 1.1     31.6 

Note: dmax : maximum size ballast used in this study; d10: diameter in  millimetres at which 10% by weight of 
ballast passes through the sieve; d30, d50, d60: diameters in millimetres at which 30% , 50%, and 60% by weight of 
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ballast passes through the sieve; Cu: coefficient of uniform, defined by:  Cu=d60/d10; Cc: coefficient of curvature, 
defined by: Cc=(d30)

2/d10/ d60; Size ratio: ratio of  apparatus dimension divided by maximum particle size;  
 
Table 2. Engineering properties of coal fines 

 Specific 
gravity 

Liquid 
limit (%) 

Plastic 
limit (%) 

Optimum 
moisture 
content, 

OMC (%) 

Maximum 
dry density 

(kg/m3) 

Mean 
particle 
size d50 
(mm) 

Coal 
fines 1.28 91 50    35 874 0.28 

 
 
TRACK PROCESS SIMULATION APPARATUS  
 
 

 
Figure 2. Primary components of TPSA: (a) general view of the equipment; (b) confining pressure 

control unit; (c) hydraulic jack, potentiometers and clamps; (d) placement of sleeper on ballast layer; 
(e) spreading coal fines 

 
A novel Rail Process Simulation Testing Apparatus (TPSA) was modified based on an original design 
by Indraratna and Salim (2003). It has four main parts: a prismoidal triaxial tank, an axial loading 
system, a confining pressure control unit, and horizontal and vertical displacement recording 
equipment. The general view and typical components of the TPSA are shown in Figure 2. The TPSA 
can simulate a ballast assembly 800-mm long x 600-mm wide x 600-mm high. A system of hinges and 
ball bearings was lubricated to allow the vertical walls to move horizontally with minimum friction. Steel 
pegs were placed at each of the sleeper/ballast and ballast/sub-ballast interfaces to capture 
settlement of the ballast layer. Cyclic loading was generated by a servo hydraulic actuator and applied 
through the ballast via a wooden sleeper connected to a steel rail. The lateral confining pressures 
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applied in two horizontal directions (perpendicular and parallel to the sleeper) were generated by 
hydraulic jacks, to which load cells were connected, as shown in Figure 2c. The applied confining 
pressures were selected based on the lateral confinement provided by the weight of crib and shoulder 
ballast, along with particle frictional interlock Typically, for NSW ballast gradations, the initial stresses 
were kept constant around 6-7 kPa in the transverse direction (parallel to sleeper), and about 10-12 
kPa along the longitudinal direction for which the lateral strains have to be kept as small as possible. 
The applied confining pressures adopted in this study are justified by field measurements from 
Singleton and Bulli tracks in NSW. Horizontal displacement of the vertical walls was recorded using 16 
electronic potentiometers. All the tests were carried out at a frequency of 15 Hz with a maximum 
applied cyclic stress of 420 kPa (Figure 3), and subjected to up to 500,000 load cycles. The frequency 
and cyclic loading were determined for freight trains travelling at close to 90 km/h in Australia 
(Indraratna et al. 2011). Every instrument was calibrated before being connected to an electronic 
DT800 data logger that was controlled by a host computer supported by Labview software to 
accurately record settlement, pressures, and horizontal movement of the associated walls at pre-
determined time intervals. 

 
EXPERIMENTAL PROGRAM  
 
A total of 10 tests were carried out for coal-fouled ballast with and without the inclusion of geogrid, and 
with a VCI between 0% and 70%. The experimental program and weight of materials used for each 
test are shown in Table 1. All the side walls of the TPSA were fastened to prevent any displacement 
while the ballast sample was being compacted. Layers of subgrade and sub-ballast were prepared to 
the desired unit weights using a vibratory compactor, as mentioned previously. A pressure plate, 
settlement pegs, and geogrid were then placed onto the layer of sub-ballast. The ballast was placed in 
the TPSA and compacted into five layers by a vibratory compactor to a dry density of 1530kg/m3. A 
rubber pad was placed beneath the vibrator to prevent particle breakage during compaction. To 
simulate fouling, a predetermined amount of coal fines were sprayed over each layer to meet the 
desired VCI. These coal fines then migrated and accumulated into voids between the particles of 
ballast under gravity and vibration. The remaining ballast was then added until the ballast attained its 
final height of 300 mm and was then compacted further to achieve the desired unit dry bulk density. A 
wooden sleeper was then placed on top of the ballast and connected to a hydraulic actuator via a steel 
ram. Eight settlement pegs were placed on top of the ballast, and then more ballast was placed onto 
the top level of the sleeper to represent the crib and shoulder ballast. 
 
Table 1. Experimental program and weight of materials used in each test 

VCI 
(%) 

Without 
geogrid 

With biaxial geogrid 
40 mm x 40 mm 

Weight of ballast
(kg) 

Weight of 
coal fines 

(kg) 
0 X X 220 0 

10 X X 220 5.20 

20 X X 220 10.40 

40 X X 220 20.80 
70 X X 220 36.40 

 

 
Figure 3. Typical cyclic loading applied in the study 
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After the ballast sample was prepared, the clamps were removed and lateral pressures ( =10 kPa 
and =7 kPa) corresponding to confining pressures typically provided by crib and shoulder ballast in 
the real track were applied (Figure 2c). An initial vertical stress of 45 kPa was then applied to the 
sleeper to stabilise the ballast assembly and act as a reference for all horizontal movement and 
settlement recordings. A cyclic load was then applied through a servo hydraulic actuator to simulate 
the loading pattern shown in Figure 3. This loading pattern generated an approximately average 
pressure of 233 kPa onto the sleeper and ballast interface, which represented a 20 tonne/axle train 
running at around 90 km/h under typical Australian track conditions. A total of 500,000 load cycles was 
simulated in every test, but this was stopped at predetermined cycles to take readings of the 
settlement pegs and capture the resilience of ballast at the end of these cycles. Horizontal 
displacements and vertical stresses were automatically recorded by an automated DT800 data logger.  

 
RESULTS AND DISCUSSION 

  
Deformation of Coal-fouled Ballast 
 

 
 Figure 4. Deformation of coal-fouled ballast with and without geogrid at varying VCIs: (a) lateral 
displacement (perpendicular to sleeper); (b) lateral displacement (parallel to sleeper); (c) vertical 

settlement (modified after Indraratna et al. 2013) 
 
 
 Figure 4a and 4b show the lateral displacement and vertical settlement of coal-fouled ballast with and 
without geogrid reinforcement. It can be seen that the geogrid decreased the lateral displacement of 
fresh and fouled ballast quite considerably because the ballast created a strong mechanical interlock 
with the geogrid due to interlocking. This interlocking effect enabled the geogrid to act as a fixed 
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boundary which reduced deformation. This is in good agreement with previous studies conducted by 
McDowell et al. (2006), where the discrete element method (DEM) was adopted to study the 
interaction between geogrid and ballast. They reported that the geogrid acts like an efficient interlock 
by forming a stiffened zone inside the ballast assembly. An increased VCI leads to a remarkably 
higher horizontal displacement and larger settlement. Indeed, when fouling increases, the coal fines 
would act as a lubricant which assists the particles to slide and/or roll over each other, which in turn, 
would increase deformation. However, the ability of geogrid to decrease ballast deformation also 
reduces when the VCI increases because at the end of every test, coal fines had accumulated in the 
apertures of the geogrids which decreased the effective size of the geogrid aperture. 
 
The settlement of fouled ballast with and without the inclusion of geogrid at various VCIs is also 
presented in Figure 4c. It was observed that the geogrid-reinforced ballast exhibited less settlement 
than the unreinforced ballast assembly for any given VCI. All the samples experienced an identical 
initial rapid settlement up to 100,000 cycles, followed by gradually increasing settlement within 
300,000 cycles, and then remained relatively stable thereafter. This was mainly because ballast 
undergoes significant rearrangement and densification within the initial loading cycles, but after 
achieving a threshold compression, any further loading would withstand subsequent settlement. It was 
also noted that a larger VCI-fouled sample of ballast exhibited a higher settlement. This increased 
settlement is associated with coal fines which would act as a lubricant assisting the ballast grains to 
slide and/or roll over each other, which in turn, would increase settlement.  
  
The observed data are best presented by Figure 5, which shows the final values of deformation and 
the relatively deformation factor at N=500,000 with varying VCIs. The relatively deformation factor (R) 
can be described as follows: 
 

Vertical settlement (%) :    R 		100              (2) 

Lateral deformation (%):  	Rh 		100              (3) 

Lateral deformation (%):  	Rh 		100              (4) 

 
The ability of geogrid to reduce the deformation of ballast is elucidated by the values of R shown in 
Figure 5. The benefit of geogrid became marginal if the VCI went beyond 40%.  Indeed, the geogrid 
performed best when placed in a fresh ballast assembly (approximately 52% and 32% reduction for 
lateral and vertical deformation, respectively), but it’s performed decreased significantly with an 
increase of VCI (approximately 5% and 12% reduction for lateral and vertical deformation for 
VCI=40%). This result was justified by the fact that where VCI=40% or beyond, coal fines coat the 
ballast grains and clog the openings of the geogrid, preventing inter-particle friction mobilisation and 
effectively interlocking with the geogrid. Based on this observation, it is possible to propose a 
threshold value of VCI=40%, where the benefits of geogrid become marginal and track maintenance is 
needed. 
Based on the data measured experimentally, this study is a first attempt to propose an empirical 
equation to predict track settlement, (S) considering the degree of fouling, (VCI) as defined by: 
 

    S a log N                                      (5) 

 
Where, S is the settlement, VCI is the Void Contaminant Index (0 VCI 1 ,  a and b are empirical 
coefficients depending on VCI, and N  is the number of load cycles.  
 
A comparison of ballast settlement with and without geogrid at varying VCI, compared to the results 
based on Equation (5), is presented in Figure 6. The calculated settlements match with data measured 
from laboratory. The empirical values a and b at differrent VCIs were also given in Figure 6 which are 
applicable for test set up condition and the common ballast type (latite basalt) and the coal fouling 
material in Australian freight tracks. From a practical perspective, the proposed Equation 7 can help 
practicing engineers predict track settlement and simultaneously consider ballast fouling 
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Figure 5. Variations of final deformation of fresh and fouled ballast with and without geogrid, with VCI: 

(a) lateral displacement S2; (b) lateral displacement S3; (c) settlement S; (d) ballast deformation 
factor, R (modified after Indraratna et al. 2013) 

 

 
 

Figure 6. Comparisons of ballast settlement at varying VCI with/without geogrid inclusion measured 
experimentally and predicted (modified after Indraratna et al. 2013) 

 
CONCLUSIONS 
 
Ten tests of fresh and coal-fouled ballast at different VCIs with and without geogrid were carried out to 
investigate the deformation behaviour of ballast using a novel TPSA. The TPSA was used to simulate 
more realistic Australian track conditions. The results show that all the ballast samples experienced a 
considerable amount of deformation within 100,000 cycles, followed by a gradual increase in 
settlement up to 300,000 cycles, and then remained relatively stable. The study found that while the 
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geogrid decreased deformation due to the interlocking effect, coal fines increased deformation 
because of the lubricant effect. Geogrid provides the most benefit in terms of reducing deformation 
with fresh ballast (providing about 52% and 32% reduction for lateral and vertical deformation, 
respectively), but this effect  decreased  with an increase of VCI (providing about 5% and 12% 
reduction for lateral and vertical deformation where VCI=40%). Based on this study, it is possible to 
propose a threshold value of VCI=40%, where the benefit of geogrid becomes marginal and track 
maintenance is required. A novel equation was proposed to predict ballast settlement while 
considering the level of fouling. 
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ABSTRACT 
 
As trains become longer, heavier and quicker, ballast shows signs of distress and degradation, 
leading to deterioration of the track geometry. Appropriate stabilisation techniques using artificial 
inclusions such as polymeric geosynthetics and energy-absorbing shock mats are needed to improve 
track stability and longevity. Large-scale laboratory tests at University of Wollongong revealed that the 
geogrids with an optimum aperture governed the effectiveness of the reinforcement mechanism. The 
use of shock mats was influenced by their placement position and the type of subgrade (e.g. estuarine 
soil, rock etc.). In these studies, different types of geosynthetics and shock mats were placed beneath 
the ballast embankment constructed on varying subgrade conditions. Traffic induced stresses, ballast 
breakage, transient and permanent deformations of the substructure were routinely monitored using 
precise instrumentation schemes. The findings from the Bulli Study verified that the discarded 
aggregates could be reused in track construction, if reinforced with geogrids with appropriate 
apertures. The results of the Singleton Study also showed that geogrids could significantly reduce 
track deformation especially when subgrade was soft. In contrast, shock mats were more effective in 
reducing ballast degradation when placed above a concrete deck (i.e. rail bridges). 
 
Keywords: ballast, geosynthetics, shock mats, deformation, degradation  
 
 
1 INTRODUCTION 
 
The ballasted rail track is one of the most demanded and widely used modes of urban and freight 
transportation in Australia. In order to support track superstructure, the use of a ballast layer is 
prioritized for several reasons, including economy (availability and abundance), rapid drainage, high 
bearing capacity and resiliency to the repeated wheel loads. However, recent use of longer and 
heavier freight wagons and faster passenger trains has led to excessive deformation and degradation 
in ballast, leading to deterioration of the track geometry (Indraratna et al. 2011a, Le Pen and Powrie 
2011). The rail industry spends hundreds of millions of dollars in ballast cleaning and replacement. 
The use of polymeric geosynthetics (geogrids, geotextiles, geocomposites) and shock mats (under-
ballast mats and under-sleeper pads) can improve the stability and longevity of track reducing 
maintenance costs. 
 
Geosynthetics have been widely and successfully used in new tracks and in track rehabilitation 
schemes for almost three decades. The use of geosynthetics can improve track confinement, and 
separation between the ballast and subballast under cyclic loading. Geogrids can reduce the lateral 
spreading of ballast, as well as its degradation (Selig and Waters 1994, Indraratna and Salim 2003, 
McDowell et al. 2006, Indraratna and Nimbalkar 2013, Indraratna et al. 2014a,b). A layer of 
geocomposite stabilises recycled ballast, and also prevents the ballast from being fouled due to fines 
migrating from the underlying layers of subballast and subgrade (Indraratna et al. 2010a,b, 2012, 
2014c,d). 
 
The wheel and rail irregularities cause severe repeated impact loads. Two types of peak forces are 
observed during impact loading, namely, an instantaneous sharp peak (P1) with very high frequency, 
and a gradual peak (P2) of smaller magnitude with relatively lower frequency (Jenkins et al. 1974). P1 
occurs when a vibration mode between the wheel and rail is excited, while P2 occurs when the 
coupled wheel-rail vibrates in phase on the ballast (Rochard and Schmid 2004). The P2 force leads to 
an increased magnitude of sleeper-ballast contact stress and rapid ballast degradation. Installing 
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shock mats in rail tracks can attenuate the P2 force and mitigate ballast breakage substantially 
(Nimbalkar et al. 2012). 
 
However, only a few studies have assessed the relative merits of geosynthetics and shock mats under 
in situ track conditions (e.g. Rose et al. 2004, Li et al. 2010, Indraratna et al. 2010a, 2014a). In order 
to gain more insight into performance verification of these artificial inclusions, comprehensive field 
trials were carried out on two rail lines in Bulli and Singleton in New South Wales supported by Sydney 
Trains (previously, RailCorp) and Australian Rail Track Corporation (ARTC), respectively. The 
effectiveness of geosynthetics and shock mats were also assessed in controlled laboratory 
environment under cyclic and impact loads, respectively. This paper discusses the details of 
instrumentation, monitoring processes and results of these field studies along with the findings of 
large-scale laboratory tests at the University of Wollongong. 
 
 
2      SELECTION OF SUITABLE GEOGRIDS 
 
2.1 Laboratory Testing 
 
In order to investigate the effect of the geogrid aperture on the ballast-geogrid interface strength, a 
series of laboratory tests were conducted using large-scale direct shear apparatus (Figure 1). It 
consists of two square boxes (upper immovable box with dimensions of 300  300  100 mm and 
lower movable box with 300  300  90 mm in size). Fresh latite basalt with a mean particle size (d50 = 
35 mm) and uniformity coefficient (Cu = 1.87) in accordance with industry recommended particle size 
distribution (PSD) (AS 2758.7, 1996) and seven geogrids with aperture sizes (A) ranging from 21 to 88 
mm were considered. Their physical characteristics and technical specifications are given elsewhere 
(Indraratna et al. 2011b). Ballast sample was compacted in three layers to achieve the desired field 
density () of 1550 kg/m3. A geogrid was placed at the interface of the upper and lower sections of the 
shear box. Tests were conducted at normal pressures of about 26, 38, 52, and 61 kPa, using a strain 
rate of about 10-4 /min. All tests were conducted to a maximum strain of 12 %. 
 

 
Figure 1. Large-scale direct shear apparatus at 
University of Wollongong 

Figure 2. Variation of interface efficient factor () 
with A/D50 ratio (data sourced from Indraratna et 
al., 2011b)

 
2.2 Results and discussion 
 
An improved behaviour of the ballast-geogrid interface could be determined in terms of the interface 
efficiency factor () which is defined as the ratio of the shear strength of the interface to the shear 
strength of the ballast. A normalised aperture ratio is defined as the ratio of the geogrid aperture size 
(A) to the mean particle size of ballast (D50). Figure 2 shows the variation of  with A/D50 ratio. It is 
shown that  showed an increasing trend until it attained a maximum value of 1.16 at A/D50 of 1.21, 
and then decreased as A/D50 approached 2.5. Based on this variation of , the ratio A/D50 was 
classified into three distinct zones: (i) Feeble Interlock (FI) zone, (ii) Optimum Interlock (OI) zone and 
(iii) Diminishing Interlock (DI) zone. In the FI zone, the particle-grid interlock was weaker than the 
inter-particle interaction achieved without geogrid, because, the particle-grid interlock was only 

FI: Feeble Interlock Zone 

OI: Optimum Interlock Zone 

DI: Dimishing Interlock Zone  

FI OI DI 
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attributed to smaller particles (<0.95D50) compared to the particle-particle interlock with respect to all 
sizes. An insignificant particle breakage occurred during shearing, which suggests that the interface 
failure originated from a loss of particle-grid interlock. 
  
In the OI zone, the interlocking of relatively larger particles occurred, which contributed to values of  
exceeding unity. The value of  attained a maximum of 1.16 at an optimum A/D50 ratio of about 1.20. 
Significant amount of particle breakage was observed at the interface, which resulted in the interface 
failure. In the DI zone, the values of  were greater than unity, but the degree of interlocking 
decreased rapidly, leading to a reduction in  with an increasing A/D50 ratio. The minimum and 
maximum size apertures of geogrid required to achieve maximum efficiency were 0.95D50 and 
2.50D50, respectively. For all practical purposes, the optimum aperture of geogrid could be considered 
as 1.15-1.3D50. 
 
3      USE OF SHOCK MATS FOR MITIGATING BALLAST BREAKAGE 
 
3.1         Laboratory Testing 
 
In order to evaluate the effects of impact loads and mitigation of ballast degradation using shock mats, 
a series of laboratory tests were carried out using large scale drop-weight impact testing equipment 
(Figure 3). The impact testing equipment consists of a free-fall hammer of 5.81 kN weight that can be 
dropped from a maximum height of 6 m. An isolated concrete foundation (5  3  2.5 m) was designed 
to withstand a significantly higher fundamental frequency than the equipment to eliminate surrounding 
noise and ground motion. A thin layer of compacted sand was used to simulate a typical ‘weak’ 
subgrade. The 10 mm thick shock mat used in the study was made of recycled rubber granulates of 1-
3 mm size particles, bounded by a polyurethane elastomer compound. 
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Figure 3. Drop weight impact testing 
equipment at UOW 

Figure 4. Variation of impact force (P2) with number of 
blows (data sourced from Nimbalkar et al. 2012). 

 
The ballast specimens (d50 = 35 mm, Cu = 1.6) were compacted in several layers to simulate the field 
densities of heavy haul tracks. The drop hammer was raised mechanically to the required height and 
then swiftly released by an electronic system to simulate impact representative of a typical ‘wheel-flat’ 
condition.  
 
3.2         Results and discussion 
 
Two distinct force peaks (P1 and P2) were observed during impact loading which was in agreement 
with a previous study by Jenkins et al. (1974). Figure 4 shows variation of P2 force peak against 
number of impact blows. P2 force showed a gradual increase with an increased number of blows. This 
was because the ballast underwent densification due to reorientation and rearrangement of 
aggregates. A rapid increase of P2 occurred at the initial stages of impact loading, but became almost 
insignificant thereafter. The stabilisation of ballast after a certain number of impact blows resulted into 
development of constant P2. Even without a shock mat, a ballast layer on a weak subgrade led to a 
decreased magnitude of P2 compared to a stiffer subgrade. 
  

Drop weight 
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Particle degradation severely affects the strength and deformation of ballast (Selig and Waters 1994, 
Indraratna et al. 2005, Anderson and Fair 2008, Indraratna and Nimbalkar 2011, Nimbalkar and 
Indraratna 2014). The breakage was measured using the parameter, Ballast Breakage Index (BBI), 
proposed by Indraratna et al. (2005). After each test, ballast sample was sieved to obtain BBI. The BBI 
values are presented in Table 1. 
 
Table 1: Ballast breakage under impact loading (Indraratna et al. 2011b). 
Test No. Base type Shock Mat Details BBI 
1 Stiff Without shock mat 0.170 
2 Stiff Shock mat at top of ballast (under sleeper pad) 0.145 
3 Stiff Shock mat at bottom of ballast (under ballast mat) 0.130 
4 Weak Without shock mat 0.080 
5 Weak Shock mat at top of ballast (under sleeper pad) 0.055 
6 Weak Shock mat at bottom of ballast (under ballast mat) 0.056 
 
An application of just 10 impact blows caused considerable ballast breakage (i.e. BBI = 17%) when a 
stiff subgrade was used (Table 1). However when a shock mat was placed above the ballast bed (i.e. 
under sleeper pad), BBI was reduced by 14.7% for a stiff subgrade and about 23.5% for a relatively 
weak subgrade. Also, when a shock mat was placed below the ballast (i.e. under ballast mat), BBI 
was reduced by 31.3% for a stiff subgrade and about 30% for a relatively weak subgrade. In summary, 
effectiveness of shock mats was influenced by their placement position and the type of subgrade.  
 
 
4 APPLICATIONS OF GEOGRID FOR TRACK STABILISATION: FIELD ASSESSMENT 
 
In order to investigate train induced stresses and associated track deformation, as well as the 
advantages of using geosynthetics, a field trial was undertaken on a section of instrumented track at 
Bulli, NSW (Indraratna et al. 2010a).  
 
4.1       Track construction 
 
The field trial was carried out on a section of instrumented track located between two turnouts at Bulli, 
part of RailCorp’s South Coast Track. The total length of the instrumented track section was 60 m, 
which was divided into four equal sections. Fresh and recycled ballast were used at Sections 1 and 4, 
while the other two sections were built by placing a geocomposite layer between the ballast and 
subballast (Figure 5). The PSDs of fresh ballast (d50 = 35 m, Cu = 1.5) and recycled ballast (d50 = 38 
m, Cu = 1.8) were in accordance with the Industrial Standard (AS 2758.7, 1996; TS 3402, 2001). The 
technical specifications of the geocomposite layer are given in Indraratna et al. (2014d).   
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ballast at Bulli, NSW 

Figure 6. Average vertical deformations of the 
ballast layer plotted against number of load cycles 
(data sourced from Indraratna et al. 2010a) 

 
The performance of each section of track under the repeated loads of moving trains was monitored 
using sophisticated instrumentation. The vertical and horizontal stresses induced in the track 
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substructure due to repeated wheel loads were measured by pressure cells. Vertical deformations of 
the track at different sections were measured by settlement pegs. Lateral deformations were 
measured by electronic displacement transducers connected to a data acquisition system. Pressure 
cells were installed at the sleeper-ballast, ballast-subballast and subballast-subgrade interfaces. The 
settlement pegs and displacement transducers were installed at the sleeper-ballast and ballast-
subballast interfaces, respectively. 
 
4.2         Ballast deformation 
 
Under repeated loading, the ballast layer undergoes compression in the vertical direction and expands 
in the two orthogonal lateral directions. The time-dependent vertical deformations were measured in 
the field. A relationship between the annual traffic tonnage (million gross ton, MGT) and axle load (ton) 
was used to determine the number of load cycles (Selig and Waters 1994). The ballast deformation 
(Sv) was determined by subtracting the displacements of the ballast-capping interface from those at 
the sleeper-ballast interface, and it is plotted against the number of load cycles (N) in Figure 6. The 
vertical deformation is highly non-linear under cyclic loading and the similar trend is observed also in 
the laboratory (Indraratna et al. 2005, 2012, Indraratna and Nimbalkar 2013). Its non-linear variation 
against the number of load cycles is best described by a semi-logarithmic relationship (Indraratna et 
al. 2011a): 
 

 lnvS a b N                      (1) 

 
where, a and b are two empirical constants, depending on the type of ballast, type of geosynthetics 
used, and the initial placement density. The recycled ballast showed less deformations because of its 
moderately graded PSD compared to the very uniform fresh ballast. Recycled ballast often has less 
breakage because the individual aggregates are less angular which prevents corner breakage 
resulting from high contact stresses. The results presented in Figure 6 indicate that a geocomposite 
can reduce vertical deformation of fresh ballast by 33% and that of recycled ballast by 9%. The 
aperture of the geogrid (A = 40  27 mm) was adequate to offer a strong interlock with fresh ballast 
(d50 = 35 m) than with recycled ballast (d50 = 38 m). Thus, the results of the field trial demonstrated the 
potential benefits of using a geocomposite at the base of the ballast layer in track, and the use of 
moderately graded recycled ballast with favourable implications on cost savings. 
 
4.3    Stresses in ballast 
 
The stresses were measured under the rail and at the edge of the sleeper. Figure 7 shows the 
maximum cyclic vertical (v) recorded at Section 1 (i.e. fresh ballast) due to the passage of a coal train 
with 25 tons axle load. It is evident that v decreases significantly with depth. 
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Figure 7. Cyclic stresses induced by coal train 
with 25 tons axle load (data sourced from 
Indraratna et al., 2010a).

Figure 8. Cyclic stresses induced by coal train with 
25 tons axle load (data sourced from Indraratna et 
al., 2010a).

Figure 8 shows transient records of vertical stresses induced at sleeper-ballast interface due to the 
passage of a coal train with 25 tons axle load. This transient data was collected by operating the data 
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acquisition system in high frequency mode. While most of the peak stresses ranged up to 230 kPa, 
one peak stress reached 415 kPa, which was associated with a wheel flat. This proved that large 
dynamic impact loads can be generated by wheel imperfections. The shock mats can be used for 
mitigating damage induced by impact loads. The ‘in-field’ performance of these artificial inclusions are 
described in the following section. 
 
5 APPLICATIONS OF GEOGRID AND SHOCKMAT FOR TRACK STABILISATION: FIELD 

ASSESSMENT 
 
To investigate the performance of different types of inclusions to improve overall track stability, an 
extensive study was undertaken on instrumented track sections near Singleton, NSW.  
 
5.1   Track construction 
 
Eight experimental sections were constructed on subgrades viz. (i) the relatively soft general fill and 
alluvial silty clay deposit, (ii) the stiff reinforced concrete bridge deck, and (iii) the intermediate 
siltstone. The track substructure consisted of a 300 mm thick ballast (d50 = 36 mm, Cu = 1.6) underlain 
by a 150 mm thick layer of subballast. A structural fill with a minimum of 500 mm thickness was placed 
below the subballast. Three commercially available geogrids and one geocomposite were installed at 
the ballast-subballast interface (Figure 9). A layer of shock mat was installed between the ballast and 
bridge deck to minimise any degradation of the ballast. Pressure cells and settlement pegs were 
installed at the sleeper-ballast and ballast-subballast interfaces. Technical specifications of various 
instruments, geosynthetics and shock mat used at the site can be found in Indraratna et al. (2014a,d). 
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Figure 9. Installation of geogrid under the 
ballast at Singleton, NSW 

Figure 10. Average vertical deformations of the 
ballast layer plotted against number of load cycles 
(data sourced from Indraratna et al., 2014a) 

 
5.2   Ballast deformation 
 
The variation of ballast deformations (Sv) against number of load cycles is shown in Figure 10. The 
vertical deformation of the ballast is highly nonlinear under cyclic loading, and is in agreement with the 
laboratory data (Section 3) and field trial (Section 4) discussed earlier. The vertical deformations of 
ballast with reinforcement were generally smaller (10-32%) than those without reinforcement. This 
observation is mainly attributed to interlocking between the ballast particles and geogrid, thus 
indicating larger track confinement as discussed previously. When the results for different subgrades 
are compared, ballast deformations were found to be largest at the soft alluvial deposit. When the 
results for sections with similar geogrids were compared, it was observed that the effectiveness of a 
geogrid to reduce track settlement became higher for softer subgrades. This observation is in 
agreement with the study by Ashmawy and Bourdeau (1995). 
 
5.3   Ballast breakage 
 
Samples were recovered from load bearing ballast beneath the rail seat. Visual inspection revealed 
that fouling of the ballast layer due to spillage of coal from passing trains and 'slurry pumping' of the 
fines from the underlying subgrade had not taken place at this relatively new track. Particle breakage 
was quantified in terms of BBI and its values are shown in Table 2.As expected, the ballast breakage 
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was highest at the top and reduced with depth. The variations in the BBI with depth were found quite 
similar to those observed in stresses and displacements of load bearing ballast layer. Largest values 
of BBI at hard rock revealed that particle breakage was influenced by the type of subgrade. The 
ballast degradation phenomenon was more pronounced for stiff subgrade than that for the relatively 
soft or weak subgrade. This is in agreement with the laboratory study reported in Section 3.   
 
Table 2: Assessment of ballast breakage (data sourced from Indraratna et al. 2014b) 

Sr. 
No. 

 
subgrade 

BBI 

top middle bottom 

1 alluvial silty clay 0.17 0.08 0.06 
2 concrete bridge deck 0.06 0.03 0.02 
3 siltstone 0.21 0.11 0.09 

 
Although the track at concrete bridge deck was much stiffer than that at soft alluvial deposit, larger 
confinement from the barriers of bridge most likely resulted in a significantly smaller value of BBI. 
These results may also suggest the effectiveness of under-ballast mats in reducing particle 
degradation when placed above the concrete deck. However, more data from a similar bridge without 
any shock mat inclusion is vital for further validation.  
 
6 CONCLUSIONS 
 
This paper presented recent advances in railway infrastructure and their implications on track 
performance and stability. The effects of ballast degradation and benefits of geosynthetics (geogrid, 
geotextile, geocomposite) and shock mats (under sleeper pads, under ballast mats) for improved track 
performance were analysed through laboratory studies and field trials. The use of large-scale shear 
apparatus, drop-weight impact testing equipment and precise instrumentation schemes adopted at 
instrumented sections of rail track near Sydney in Australia has advanced the state of the art 
knowledge in railroad transportation geomechanics. 
 
The large-scale direct shear tests revealed that normalised aperture ratio (A/D50) had a profound 
influence on the interface efficiency factor (). An optimum aperture size of geogrid was found to be 
1.20D50 which was able to derive maximum shear strength of ballast-grid interface. The minimum 
aperture required to attain the beneficial effects of geogrids was 0.95D50. The large-scale impact tests 
showed that the shock mat was able to reduce particle breakage as well as attenuate impact force. 
The use of shock mat was influenced by its placement position and the type of subgrade. The impact 
caused considerable ballast breakage (BBI = 17%) in case of stiff subgrade. Due to the use of an 
under-sleeper pad, particle breakage was reduced by 14.7% using a stiff subgrade and by 23.5% for a 
weak subgrade, while the inclusion of an under-ballast mat, particle breakage was reduced by 31.3% 
for a stiff subgrade and by 30% for a weak subgrade. 
 
The findings of the Bulli field study demonstrated that the recycled ballast could be reused in track 
construction, if stabilised using geocomposite reinforcement. The geocomposite was able to minimise 
the deformation and degradation of rail tracks. The results of the Singleton field study showed that 
geogrids with an optimum aperture size could significantly reduce ballast deformation by improving the 
interlock between the particles. The effectiveness of geosynthetics appeared to increase, as the 
subgrade became softer. Results of large scale laboratory tests and field trials demonstrated the 
benefits of using geosynthetics and shock mats for improved performance and stability of track 
substructure. 
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ABSTRACT 
 
In spite of recent advances in track geotechnology, the understanding of the mechanisms of ballast 
degradation is vital for improved design to withstand high speed cyclic loading. The research 
conducted at Centre for Geomechanics and Railway Engineering (CGRE) at University of Wollongong 
(UOW) has shown that ballast degradation is influenced by various factors including the amplitude, 
frequency, number of load cycles, particle size distribution, confining pressure, angularity and fracture 
strength of individual grains. A series of cyclic drained triaxial tests were conducted using a large-
scale cylindrical apparatus designed and built at UOW for frequencies ranging from 10-40 Hz. A low 
range of confining pressures to resemble ‘in-situ’ track conditions was applied. The results showed 
that permanent deformation and degradation of ballast increased with the frequency. Variation of the 
resilient modulus with respect to the degree of degradation is also discussed. Two-dimensional 
discrete element method (DEM) and finite element method (FEM) simulations were also carried out to 
capture the behaviour of ballast and the numerical results were compared with the laboratory and field 
data. These results quantifying the geotechnical behaviour of ballast on the micro and macro scale are 
described in the paper. Practical implications of these findings are discussed through field monitoring 
of full-scale instrumented track sections at Bulli in New South Wales. 
 
Keywords: ballast, particle breakage, deformation, track stability, numerical models 
 
 
1 INTRODUCTION 
 
The advent and success of High Speed Railroads (HSR) in recent years has been crucial for 
sustainable development in passenger and freight transportation. The traditional ballast tracks are still 
preferred in HSR network in most countries. A ballasted rail track is categorized into two components 
viz. superstructure and substructure. The track superstructure consists of rail, fastening devices and 
sleepers. The substructure consists of ballast, subballast (capping and structural-fill) and subgrade. 
The ballast layer supports the track superstructure by: (i) resisting vertical, transverse and longitudinal 
forces from trains, (ii) distributing high stresses to protect underlying track layers and (iii) providing 
resiliency to absorb shock from dynamic loading. However, the ballast layer contributes the most of 
track settlement compared to subbalast and subgrade due to its complex behaviour under train 
loading (Selig and Waters 1994, Indraratna et al. 2011). The complexities associated with the ballast 
are attributed to the effects of angularity (Hossain et al. 2007, Sun et al. 2014), particle degradation 
(Indraratna et al. 2005, 2014d), in-situ confining pressure (Anderson & Fair 2008, Indraratna et al. 
2010a, 2012, Altuhafi & Coop 2011), frequency of applied load cycles (Luo et al. 1996, Indraratna et 
al. 2011), as well as impact loads (Nimbalkar et al. 2012). The large lateral deformations of ballast due 
to insufficient track confinement, fouling of ballast by coal from freight trains and by clay due to 
pumping of soft formation soils, as well as ballast breakage, are the primary causes of track 
deterioration (Indraratna et al. 2013, 2014a,c, Tennakoon & Indraratna 2014). 
Over many years, the design of railway tracks has focused mainly on the track superstructure often 
neglecting the substructure. Poor track geometry, differential settlement and large lateral displacement 
stems from poor performance of track substructure and inherent assumptions of available methods of 
design and analysis. In the past, several analytical and empirical methods have been proposed for the 
design of rail track (Selig & Waters 1994, Li & Selig 1998, Esveld 2001). However, these methods are 
based on the assumption of a homogeneous elastic half-space. Several numerical models have been 
developed for analysing stresses and deformations in the track (Talbot 1934, Heath et al. 1972, Chang 
et al. 1980, Huang et al. 1984, Dahlberg 2002). However, these studies assume elastic behaviour of 
track substructure, which is a serious drawback. In this paper, the salient aspects of ballast 
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deformations are discussed through the use of two-dimensional discrete element method (DEM) and 
finite element method (FEM). DEM simulations have been carried out on an assembly of irregular 
shaped particles. The ballast layer as a single unit is simulated in DEM while FEM analysis is 
performed on an integrated track model. Advanced elasto-plastic constitutive models are then 
implemented in FEM. Subsequently, incorporating the interaction between track components through 
the definition of suitable boundary conditions and load transfer mechanism, multilayered track models 
are simulated to capture the behaviour observed through large-scale laboratory tests and field data. 
This paper presents stability implications of rail track due to particle degradation under high speed 
cyclic loading through numerical modelling and field applications. 
 
 
2      INFLUENCE OF CYCLIC LOADING IN TRIAXIAL STRESS STATE 
 
2.1 Laboratory Testing 
 
The influence of cyclic loading and frequency (train speed) on the deformation and degradation of 
ballast during cyclic loading was studied using a large-scale cyclic triaxial equipment designed and 
built at the University of Wollongong (Figure 1). The dynamic stresses imparted to the ballast which 
correspond to different frequencies were estimated in accordance with Esveld (2001). Cyclic load 
frequencies of 10, 20, 30 and 40 Hz were applied to simulate train speeds of 73, 145, 218 and 291 
km/h, respectively (Indraratna et al., 2010c). Latite ballast was thoroughly cleaned, dried, and sieved 
through a set of sieves (53, 45, 37.5, 31.5, 26.5 and 19 mm). Ballast specimens were placed inside a 
5 mm thick rubber membrane in four separate layers and were compacted to a density of 1530 kg/m3. 
These specimens were then isotropically consolidated to a confining pressure of 60 kPa. The optimum 
confining pressure causing least breakage ranged from 30-90 kPa for a cyclic deviatoric stress of 500 
kPa (Indraratna et al. 2005). 
 

  
Figure 1. Cylindrical triaxial apparatus at 
University of Wollongong 

Figure 2. Discrete element model of a large-scale 
cylindrical triaxial test for ballast (data sourced 
from Indraratna et al. 2010c)  

  
2.2 Numerical modeling using discrete element approach 
 
In order to gain a microscopic insight into progressive failure and breakage mechanism, DEM was 
used. Two-dimensional numerical model was developed in DEM using PFC2D (Itasca 2003) to apply a 
stress controlled cyclic biaxial test at the desired frequency (f) and amplitude of cyclic loading. The 
ballast particles were separated into different sieve sizes similar to those used during laboratory 
testing as described earlier. The photographs of each of the selected ballast particles were taken. 
These images were then filled with tangential circles and every circle was given an identification 
number (ID) in AutoCAD. Subroutines using built-in programming language (FISH) were developed in 
PFC2D after gathering the ID, radius, and coordinates of the center of each circular particle 
representing irregular ballast particles. More details on bonding can be found in Itasca (2003). A 300 
mm wide and 600 mm high biaxial cell was simulated in PFC2D as shown in Figure 2. A subroutine 
was developed to apply a stress-controlled cyclic biaxial test at the desired frequency and amplitude of 
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cyclic loading. In order to save computation run time, the DEM simulations were conducted at values 
of N up to 1,000. 
  
2.3 Results and discussion 
 
Figure 3 presents the variation of accumulated permanent axial strain (a) with the number of cycles 
(N) for different frequencies (f) of cyclic loading. A significant increase in a with f was observed. For a 
particular value of f, a rapidly increased to maximum value in the initial cycles, after which it attained a 
stable value at large N. This sudden increase in a at low values of N could be attributed to the particle 
re-arrangement and breakage of asperities where high stresses had accumulated. In addition, it is 
evident that with an increase in f, higher values of N were required to stabilise a. 
The influence of f and N on particle breakage can be analysed in terms of the cumulative bond 
breakage (Br) which is defined as a percentage of bonds broken compared to the total number of 
bonds. Figure 4 shows the variation of Br at different f and N. It is evident that Br increased with 
increase in f and N. Most of the bond breakages occurred during the initial cycles of loading, causing a 
higher permanent a. Once the bond breakage ceased, there was an insignificant increase in a. This 
clearly highlights that particle breakage is one of the major sources leading to permanent deformation. 

 

  
Figure 3. Comparison of axial strain (εa) predicted 
by DEM with experiment results (data sourced 
from Indraratna et al. 2010c) 

Figure 4. Effects of frequency (f) on  bond 
breakage (Br) with number of cycles (N) (data 
sourced from Indraratna et al. 2010c) 

 
 
3 INFLUENCE OF CYCLIC LOADING IN THREE DIMENSIONAL STRESS STATE 
 
3.1    Laboratory testing 
 
A series of isotropically consolidated drained triaxial tests were conducted using the large-scale 
Process Simulation Apparatus (PSA) (Figure 5). PSA can accommodate a ballast specimen 800 mm 
in length, 600 mm in width and 600 mm in height. A cyclic load was applied by a servo-dynamic 
hydraulic actuator at a frequency of 15 Hz with a maximum cyclic stress of 447 kPa as per AREA 
method (Indraratna & Nimbalkar 2013). The hydraulic jacks mounted on the sides of the apparatus 
were used to provide confining pressures in two horizontal directions (perpendicular and parallel to the 
sleeper). The load cells connected to hydraulic jacks were used to apply the confining pressures to a 
prescribed range. The initial stresses were kept constant as about 7 kPa in the transverse direction 
(parallel to sleeper), and about 10 kPa along the longitudinal direction (perpendicular to sleeper). 
Numerical modeling was conducted to simulate this triaxial laboratory process and to gain more 
insight to the behaviour of ballast. In the following section, these numerical modeling techniques are 
discussed. 
 
3.2 Numerical modeling using finite element approach 
 
A multi-layered track model, which includes sleeper, ballast, subballast and subgrade, is simulated in 
a plane strain FEM using PLAXIS (version 2D 8.6, 2006) as shown in Figure 6. Elastoplastic 
constitutive models for ballast, subballast and subgrade are used while sleeper is simulated using 
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linear elastic model. An elasto-plastic hardening soil model is considered appropriate for simulating 
behaviour of ballast. More details on hardening soil model are given in Schanz et al. (1999). The FE 
model is used to capture the ballast particle degradation during the loading/reloading stage. It is 
assumed that only elastic deformations occur during unloading. Due to the symmetry, only half the 
section of model track is considered. The left and bottom boundaries are restrained in the horizontal 
and vertical directions, respectively, in order to simulate laboratory test conditions. The top and right 
boundaries are unrestrained. Small lateral pressure (′

3 = 7 kPa) and sinusoidal cyclic stress 
amplitude (′

cyc) of magnitude same as that measured during actual testing were applied to the FEM 
model. In order to save computation run time, the FEM simulations were conducted at values of N up 
to 10,000. 
 

  
Figure 5. Process simulation testing apparatus at 
University of Wollongong 

Figure 6. Finite element model of a large-scale 
prismoidal triaxial test for ballast (data sourced 
from Indraratna & Nimbalkar 2013) 

 
The deformation of ballast is characterised by three phases. The first phase is the immediate 
deformation under first loading cycle. The second phase is unstable zone where the rapid deformation 
occurs, which is attributed to reorientation and rearrangement of particles along with significant 
breakage. The third phase is often termed as ‘stable shakedown’ during which, the rate of increase of 
deformation is insignificant. Thus, the ballast deformation during cyclic loading can be determined as 
(Indraratna & Nimbalkar 2013): 
 

 2
1 1 ln 0.5 lnv vS S a N b N                    (1) 

 
where, first term refers to deformation due to first cycle, second to a unstable zone, N < 104 cycles, 
and the third term to a stable zone, N > 104 cycles. The long term elastic response of materials 
subjected to cyclic loading is often characterized in terms of the resilient modulus, Mr. In order to 
capture the hardening of Mr observed in triaxial tests, following equation is used (Uzan 1985): 
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where,  is the bulk stress, oct is the octahedral shear stress, Pat is the atmospheric pressure, and  k1, 
k2 and k3 are coefficients obtained by regression analysis. Equation (1) is differentiated with respect to 
loading cycle (N) to give: 
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where, v1

p

 represents vertical plastic strain after the first loading cycle, and a and b are two empirical 
constants. For axi-symmetric (

2 = 
3, d2

p = d3
p) and plane strain (d2

p = 0) testing conditions, 
Equation (3) is expressed as (Indraratna & Nimbalkar 2013): 
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In the above, f is basic friction angle of ballast and  is an empirical coefficient ( = 175.8). The 
mobilised dilatancy angle m during loading/reloading phase is expressed as: 
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By incorporating the effect of particle breakage in equation (5), m can be expressed as: 
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It is interesting to know that the proposed modified stress-dilatancy relationship reduces to Rowe’s 
stress-dilatancy relationship when particle breakage is ignored. Table 1 shows the material 
parameters used in the FE analysis. More details on the FE techniques and material parameters for 
other track layers are given in Indraratna & Nimbalkar (2013). 
 
Table 1: Typical parameters used for simulation of Hardening Soil model for ballast 
Parameter Unit Value 

Confining pressure (
3) kPa 7 

Secant modulus (E50
ref) for primary stress path (=Mr) MPa 292.7 

Tangent modulus (Eoed
ref) for primary oedometer stress path (=Mr) MPa 292.7 

Stiffness modulus (Eur
ref) for unloading-reloading stress path (=3Mr) MPa 878.0 

Friction angle () degree 64.3 
Dilation angle ()  degree 16.4 
Rate of change of BBI at failure (dBBI/d1

p)f - 1.45 
   

3.3 Results and discussion 
 
The performance of ballast in this physical model subjected to cyclic loading, which represents a 
typical in-situ track situation, was evaluated in terms of vertical and lateral deformations. The results 
are summarized below. The variation of vertical (Sv) and lateral deformation (Sh) of ballast with 
number of loading cycles (N) is presented in Figures 7 and 8, respectively. The vertical deformation of 
ballast (Sv) is calculated by differentiating the vertical displacements between the sleeper-ballast and 
ballast-subballast interfaces, respectively. The values of vertical displacements (Sv) and lateral 
displacements (Sh) predicted by the FEM model showed a slight deviation from the laboratory data 
(Figures 7 and 8). This was possibly attributed to the fact that particle breakage was only assessed at 
the end of the test. Thus, 2D elasto-plastic FE analysis was able to capture the non-linear variation of 
Sv and Sh with number of load cycles with reasonable accuracy. The 2D (plane strain) PLAXIS 
analysis is adopted because the 3D analysis in PLAXIS could not accommodate cyclic loading. The 
experimental set up was not 2D plane strain, because the strains in the longitudinal direction could not 
always be maintained at zero. The comparison between the PLAXIS 2D numerical data and the 
experimental observations clearly elucidates this discrepancy. If a proper 3D analysis could be done 
with cyclic loads, then this discrepancy would be much less. The general stress condition in a three-
dimensional case may affect the performance of the track system, and the current model may be 
potentially improved to account for this by transforming three-dimensional case into quasi two-
dimensional state with adoption of appropriate boundary conditions and relevant material parameters. 
In the following section, FE implementation of actual track model and results are discussed. 
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Figure 7. Variation of vertical deformation (Sv) 
with number of load cycles (N): FE predictions 
vs. test results (data sourced from Indraratna & 
Nimbalkar 2013) 
 

Figure 8. Variation of lateral deformation (Sh) with 
number of load cycles (N): FE predictions vs. test 
results (data sourced from Indraratna & Nimbalkar 
2013) 

 
 
4 FIELD TESTS ON INSTRUMENTED TRACK AT BULLI 
 
4.1 Field investigation 
 
In order to investigate vertical and lateral track deformations, a field trial was carried out on a real 
instrumented track at Bulli along the New South Coast (Figure 9). The total length of the instrumented 
track section was 60 m and was equally divided into four sections. The depths of ballast and 
subballast layer were 300 mm and 150 mm, respectively. The fresh ballast represents sharp angular 
coarse aggregates of crushed latite basalt. The subballast material was comprised of sand-gravel 
mixture. The particle size distribution of fresh ballast, subballast and other materials are given in 
Indraratna et al.  2010b. The performance of each section under the cyclic load of moving trains was 
observed by using sophisticated instruments. Vertical deformations at different sections of 
instrumented track were measured by settlement pegs and the lateral deformations were measured by 
electronic displacement transducers connected to a computer controlled data acquisition system. The 
settlement pegs and displacement transducers were installed beneath the rail and at the end of the 
sleeper at sleeper-ballast and ballast-subballast interfaces, respectively.  
 
4.2 Numerical modeling using finite element approach 
 
A composite multi-layered track model is simulated in a 2D plane strain FEM using PLAXIS2D as 
shown in Figure 10. Elastoplastic constitutive models for ballast, subballast and subgrade were used 
while rail and sleeper were simulated as elastic materials as described in Section 2.5. In this study, 3 
m high and 6 m wide plane strain finite element mesh was adopted. The nodes along the bottom 
boundary of the section were considered as pinned supports. The left and right boundaries were 
restrained in the horizontal directions, representing smooth contact vertically. The vertical dynamic 
wheel load was simulated as a line load representing an axle load of 25 tons with a Dynamic 
Amplification Factor (DAF) of 1.4, in order to incorporate the effect of train speed as traditionally used 
in practice (Li and Selig, 1998). The gauge length of the track was 1.68 m. The shoulder width of 
ballast was 0.35 m and the side slope of the railroad embankment was 1:2. 
 
4.3 Results and discussion 
 
In order to validate the findings of this finite element analysis, a comparison was made between the 
elasto-plastic analyses and the field data at the unreinforced section of track. It can be seen that the 
2D FE model predicts lower values of vertical stress along the depth than those obtained in the actual 
field data as shown in Figure 11. One possible reason is that the real cyclic nature of wheel loading 
was not considered in this section and it was approximated by an equivalent dynamic loading using 
DAF as discussed in Section 4.2. The values of vertical displacement predicted by the elasto-plastic 
plane-strain analysis shows a slight deviation from the field data (Figure 12). The simulation of train 
wheel load as a line load and neglecting sleeper spacing may affect the stress attenuation in the 
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longitudinal direction of the track. Furthermore, the analysis is based on static loading rather than true 
dynamic repeated (cyclic) loading. These assumptions may lead to some discrepancy between the 
measured and predicted results. However, FE simulation of straight railway track as 2D plane strain is 
well established practice. Considering the limitations of the elasticity based approaches, this prediction 
is still acceptable for preliminary design practices.  

  

Figure 9. Instrumented track at Bulli Figure 10. Finite element model of a rail track 
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Figure 11. Vertical stresses (v) under the rail: 
field data vs. FE predictions 

Figure 12. Vertical displacement (Sv) under the 
rail: field data vs. FE predictions 

 
 
5 CONCLUSIONS 
 
This paper presented the effects of particle degradation under cyclic loading on stability of ballasted 
rail track. Numerical simulations were performed using discrete element and finite element models. 
The experimental results highlighted that high frequency cyclic loading had a significant influence on 
the permanent deformation and degradation of ballast layer. DEM simulations captured the ballast 
behaviour during cyclic loading similar to the models tested in large-scale laboratory triaixial tests. The 
DEM based micromechanical investigation showed that most particles underwent considerable 
breakage during the initial stage of cyclic loading which in turn resulted into substantial axial strains. In 
FEM simulations, the strain-hardening behaviour of ballast was accurately simulated by using a 
hardening soil model. A modified flow rule could capture the effects of particle breakage and confining 
pressure. The results indicated that the 2D (plane strain) FEM could predict the stress-strain-
degradation of both large-scale and full-scale multi-layered track model with reasonable accuracy. The 
advantages of the proposed DEM and FEM approaches in correctly simulating the stress-strain 
response of ballast were successfully demonstrated. 
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ABSTRACT 
 
A geocell is a geosynthetic material developed to reinforce soils and aggregates. Similar to the 
configuration of a honeycomb, a geocell panel is designed to encompass consecutive confined cells 
where soils and aggregates are placed. The cellular confinement system of the geocell is beneficial in 
the reinforcement of track ballast, which helps restrain lateral movement and minimise vertical 
subsidence of a trackbed. To gain an understanding of the reinforcement, a numerical study has been 
conducted. The study uses the discrete element method to simulate the interaction between the 
geocell and the discrete particles of ballast. Both static and cyclic loading environments are 
considered. Displacements and stresses at both micro- and macro-scales are assessed for control 
and reinforced scenarios. The outcomes of this study seek to encourage likely reduction in trackbed 
thickness and width, to save construction cost and improve the sustainability of the railway trackbed. 
 
Keywords: DEM, PFC, railway, ballast, geocell 
 
 
1. INTRODUCTION 
 
Rail transport is one of the major means of conveyance of passengers and goods worldwide. Due to 
the cyclic impact of trains, breakage and rearrangement occurs to the ballast in the trackbed of a 
railway. As a result, the trackbed is prone to lateral creep and subsidence, which is deemed to 
undermine the serviceability of rail tracks, and likely cause catastrophic failure of the tracks. To gauge 
the serviceability of the tracks, a significant amount of expense is spent annually to maintain the 
serviceability of rail tracks. To minimise this expense, a variety of engineered methods has been 
suggested and attempted to reinforce the ballast of the trackbed, such as embedment of 
geosynthetics (Indraratna et al. 2010, Chen et al. 2012) into the regime of ballast. Of these 
geosynthetics options, geocells are an emerging and promising means of reinforcing railway ballast. 
 
Geocells are a cellular confinement system created by the U.S. Army Corps of Engineers to reinforce 
cohesionless soils. Through developments and applications over the past decades, geocells have 
been deployed in a variety of infrastructure situations such as foundations, slopes and retaining 
structures. Both experimental and numerical studies, such as Yang (2010), and Dash (2012), have 
shown that geocell embedment improves performance of the infrastructure by reinforcing granular infill 
materials. More recently, a study by Leshchinsky and Ling (2013) was conducted to use geocell to 
reinforce railway ballast. The study employed the finite element (FE) method to model the mechanical 
response of the geocellreinforced ballast. The FE method, however, is not an ideal tool in regard to 
representing ballast in that the ballast is comprised of discrete aggregate which violates the condition 
of continuum media when applying the FE method. In addition, most commercially-available FE 
software packages incorporate constitutive models valid for fine-grained soils and sands, which are 
generally unsuitable to model accurately the stressstrain behaviour of ballast. In contrast, an 
alternative numerical method is employed to model the mechanical response of geocellreinforced 
ballast.  
 
The discrete element method (DEM) possesses the capability to replicate, within engineering accuracy, 
distinct ballast aggregates, and to simulate the motion of the aggregate. Not only are the particles 
modelled by discrete geometric assemblages, but the mechanical parameters, such as stiffness and 
friction of the aggregate, are also calibrated against laboratory test results describing the major 
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stressstrain relationship of the aggregate. More importantly, 3D modelling can be achieved, which 
involves replicating a volume of ballast in the form of a trackbed embankment. Subjected to geocell 
reinforcement and various loading conditions, the 3D modelling is able to predict the mechanical 
response of the trackbed at both the macro- and micro-scales and the prediction offers a complete 
assessment in regard to the performance of the ballast trackbed. In this context, this study adopts the 
commercial DEM software package, PFC3D  (ITASCA 2008), to simulate the geocell-reinforced ballast 
trackbed subjected to both static and cyclic loading. A control model is also established to evaluate the 
effectiveness of introducing a geocell into the trackbed. 
 
 
2. DISCRETE ELEMENT MODELLING 
 
2.1 Simulations of geocell 
 
As PFC3D is able only to consider modelling spheres, the geocell is simulated by bonding individual 
spheres into a continuous medium, as shown in Figure 1. The spheres have a diameter of 5 mm, 
which is equivalent to the thickness of a real cell wall. Each cell is configured to honour the 
dimensions of the actual cell: 75 mm depth and 175 mm  175 mm in side width. A total of 8 cells are 
generated and combined to form a section of geocell panel, being 742 mm  495 mm from edge-to-
edge. The short side (495 mm) aligns with the transverse plane of the trackbed and represents the 
dimensions of a geocell panel used in practice. Given the geometry of the geocell panel, the entire 
panel is composed of 12,762 parallel bonded spheres.  
 

 
Figure 1. Simulation of geocell panel 

 
The adopted input parameters for the spheres and their parallel bonds are shown in Table 1. Some of 
the parameters are obtained from the material supplier, such as density and friction coefficient. The 
remainder were evaluated from calibrations conducted against laboratory tensile strength tests, as 
well as from the relationship proposed by Potyondy and Cundall (2004). The displacementstress 
calibration is summarised in Figure 2. As the parallel bond is not designed to model plastic 
deformation, there is a disparity between the simulation and test results. Nevertheless, the numerical 
simulation reproduces the peak tensile strength of the geocell specimen and reflects an appropriate 
trend of the displacementstress relationship.  
 
Table 1: Parameters for spheres used to simulate geocell  
Parameter Value 
Parallel bond normal stiffness (N/m) 2.8  107 
Parallel bond shear stiffness (N/m) 4.5  106 
Parallel bond normal strength (N) 6.8  107 
Parallel bond shear strength (N) 6.5  107 
Parallel bond radius (mm) 2.5 
Normal contact bond strength (N) 2.4  103 
Shear contact bond strength (N) 2.4  103 
Normal stiffness (N/m) 3.2  103 
Shear stiffness (N/m) 3.2  103 
Density (kg/m3) 950 
Frictional coefficient 0.5 

175 mm 

175 mm 

75 mm 
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Figure 2. Tensile strength of geocell specimen 

 
2.2 Simulations of ballast 
 
Trackbed ballast is usually obtained by blasting and fragmenting a rock mass. Therefore, ballast is 
generally angular and irregular. To model effectively this angularity, the ballast is simulated as a clump 
of spheres, instead of a single sphere. Such a clump-based replication has been attempted recently, 
such as by Le Pen et al. (2013), which has shown that it outperforms spherical-based simulations. On 
account of the major shapes and angularity of ballast, 4 clump templates are developed to represent 
the general geometric configuration of ballast: trapozoidal, triangular, rectangular, and hexagonal. The 
shapes and sphere numbers for each clump are summarised in Table 2. In this study, the bonding 
force within a clump was set high enough to avoid particle fracture under normal loading conditions. 
 
Table 2: Clump templates developed to simulate ballast 

Shape of clump 
    

Trapozoidal Triangular Rectangular Hexagonal 
Number of spheres 

for one clump 
10 10 12 14 

 
Similar to the method adopted to determine the input parameters for the geocell, stressstrain 
relationships under triaxial compression test conditions were used to calibrate the parameters for the 
ballast. Test data presented by Indraratna et al. (1998) were used in this calibration. A cylindrical 
mould of similar size to that of the test data (300 mm diameter x 600 mm height), was established 
using PFC3D. The mould was initially loaded with a number of spheres of varying diameters, 20 mm 
to 50 mm, as shown in Figure 3(a). The diameter was determined in accordance with the grading 
characteristics of the ballast presented by Indraratna et al. (1998). The spheres were then replaced, at 
equal volume, with the clump templates shown in Table 2. The replacement was conducted in equal 
allocations between the 4 templates. PFC3D assigned the templates to the existing spheres 
automatically so that the clumps were distributed within the mould randomly. The process of assigning 
clump templates, however, caused non-negligible inter-clump contact forces which are incompatible 
with subsequent loading scenarios. To negate these forces, the method developed by Lu and 
McDowell (2006) was employed. The wall of the mould was allowed to move outward at an extremely 
slow rate of 0.1 mm/time step until an equilibrium of zero contact force was achieved, as shown in 
Figure 3(b). Then, gravity was applied to the individual clumps. The final porosity of the volume of 
clumps in the mould was 0.39. A total of 632 clumps (7,584 spheres), were used to generate the 
triaxial compression test specimen. 
 
Specimens were subjected to standard triaxial compression tests. A series of confining pressures 
were examined: 15, 30, 60, 90, 120 and 240 kPa, which are consistent with the pressures adopted by 
the data presented by Indraratna et al. (1998). The axial loading rate was set at 0.045 mm/s. This rate 
is low enough to capture the appropriate stress-strain relationship of each specimen. The loading was 
continued until an axial strain of 20% was reached. The servo-control mechanism (Itasca 2008) was 
applied to ensure the confining pressure the specimen was subjected to remained constant throughout 
the loading phase.  
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An iterative approach was adopted to determine the input parameters for the geocell. Figure 4 shows 
the simulated results compared with the test data presented by Indraratna et al. (1998) in terms of 
deviator stress vs. axial strain and volumetric strain vs. axial strain. The adopted input parameters 
used for the simulations are summarised in Table 3. As can be seen from Figure 4, very good 
agreement is obtained, which confirms the input parameters are validated with respect to simulating 
ballast aggregates using sphere clumps. These parameters are used for both static and cyclic loading 
cases.  
 
2.3 Simulations of railway trackbed and loading 
 
The railway trackbed was simulated in accordance with design guidelines published by the Australian 
Rail Track Corporation (ARTC) (2011). Figure 5(a) shows the geometry of the simulated 3D trackbed 
embankment, 480 mm wide at the crest, 930 mm wide at the base, 150 mm high and 1,000 mm long.  
 

 
(a) (b) 

Figure 3. Ballast simulated by clumps in a triaxial test specimen: (a) assembly before, and  
(b) assembly after replacing spheres with clump templates 

 

     
(a)       (b) 

Figure 4. Triaxial results: (a) deviator stress vs. axial strain, and (b) volumetric strain vs. axial strain 
 
Table 3: Parameters for clumps used to simulate ballast 
Parameters Value 
Parallel bond normal stiffness (N/m) 1.8  105 
Parallel bond shear stiffness (N/m) 1.8  105 
Parallel bond normal strength (N) 6  1010 
Parallel bond shear strength (N) 6  1010 
Frictional coefficient 1 
Density (kg/m3) 2,500 
Normal stiffness (N/m) 5  109 
Shear stiffness (N/m) 1  109 
Clump size (mm) 20  50 
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(a) (b) (c) 

 Figure 5. Simulation of railway trackbed: (a) geometric model, (b) in-place geocell, and  
(c) geocell-reinforced ballast trackbed 

 
The base of the embankment is wider than the short side of the geocell panel configured in preceding 
part (495 mm). This is so that both margins at the base are free from the geocell reinforcement which 
optimises material usage. In longitudinal direction, the length of 1,000 mm is sufficient in relation to the 
long side (742 mm) of the geocell panel. On account of the two-dimensional nature of the trackbed (i.e. 
no longitudinal ballast movement), the front and rear cross-sectional planes are simulated with fixed 
walls, respectively. The normal stiffness and shear stiffness of both walls are 1  1010 N/m, which is 
much higher than those of the clumps. In order to reflect trackbed subsidence caused by the 
underlying subgrade, the subgrade is represented by a ‘soft’ wall that has lower stiffness (1×108 N/m 
for normal and shear stiffness) than the ballast clumps. 
 
Figures 5(b) and (c) shows the simulations of the geocell reinforcement and ballast infill. Both are 
generated using the same circumstances as those for calibration purposes. Regarding the ballast infill, 
temporary walls were used on the slope and upper surfaces of the trackbed to confine the clumps. To 
negate the inter-clump contact forces, the temporary walls were allowed to move outwards slightly and 
slowly. Once the clumps were established, with no preloaded forces, the temporary walls were 
removed. A surcharge pressure of 1 kPa was applied to the upper surface of the trackbed to account 
for the weight of the rail tracks and sleepers. As a result of the simulation, a total of 32,096 spheres 
were used for the trackbed, inclusive of 12,758 spheres for the geocell panel, and 19,338 spheres 
(equally 1,612 clumps) for the ballast. In the case of control trackbed simulation, it involved similar 
quantities of spheres (20,248) or clumps (1,687) for the ballast infill, but saved spheres for the geocell 
panel. 
 
Two loading scenarios were assessed: static and cyclic. Similar to plate loading tests developed for 
soil layers or piling foundations, the static loading aims to determine the ultimate bearing capacity of 
the ballast trackbed, as well as elastoplastic subsidence due to constant loading. The static loading 
scenario was achieved by compressing the complete upper surface of the trackbed using a wall. The 
wall was configured to move downwards at a constant rate of 0.1 mm/s until an axial strain of 20% 
was achieved. The limiting value of 20% is consistent with those set for calibration purposes, and 
reflects extreme subsidence occurring in practice. Cyclic loading is of further importance in regard to 
the assessment of the trackbed. The trackbed is designed to be subjected to cyclic impact of passing 
trains. Cyclic impact causes trackbed subsidence due to the cumulative plastic deformation (such as 
ballast rearrangement and track shoulder movement), which compromises serviceability of the 
trackbed. To assess these, a load of 294 kPa was applied to the wall through loading-unloading-
reloading cycle. The load of 294 kPa was designed to be higher than the standard pressure generated 
by a train wagon travelling at a speed of 60 km/h (ARTC 2011). This was trialled in order to amplify the 
loading conditions and expedite the simulation process. In this study, a total of 50 cycle were 
accomplished as a preliminary assessment of the motion of the ballast. Implementation of additional 
cycle is achievable depending upon research needs and computational efficiency. 
 
 
3. RESULTS AND DISCUSSION 
 
Figure 6 presents simulation results of trackbed subsidence under both static and cyclic loading 
scenarios. Figure 6(a) shows the curves of vertical load vs. vertical strain for trackbeds subjected to 
static loading. Two trackbeds are examined: unreinforced (control) and geocell-reinforced. 
Comparison between the curves is facilitated when the loading curves are divided into three zones: A, 
B and C. Zone A, within a vertical load of 150 kPa, involves a linear relationship for both trackbeds. In 
this zone, both trackbeds settle to a similar extent and exhibit identical gradients, i.e. equal stiffness of 

Unit: mm 
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the trackbeds. This implies that the skeleton of the ballast bears the majority of the static load when 
the trackbed is subjected to a relatively low load or in the early stages of displacement-controlled 
loading. In zone A, the subsidence strain is up to 4%.  
 

     
(a)                                                                             (b) 

Figure 6. Simulation results of trackbed subsidence: (a) static loading, and (b) cyclic loading 
 
Zone B involves the range of loading from 150 to 340 kPa, and a vertical strain of up to 9.7%. This 
range of load covers the working load of a train wagon and is acknowledged as a critical section in the 
assessment of trackbed performance. In this zone, the curve for the unreinforced trackbed starts to 
deviate from the linear trendline observed in Zone A, whereas the geocell-reinforced trackbed 
maintains this linear trendline, i.e. with a constant stiffness of the trackbed. The constant stiffness is 
expected to be associated with load-enhancing capability of the embedded geocell panel. Zone C is 
defined as the ‘high loading’ zone, which helps gain an understanding of the trackbed performance 
under extreme loading conditions. The improvement resulted from using geocell is particularly evident 
in this zone. For instance, at the same axial strain, the corresponding applied stress on the reinforced 
embankment is much higher than that of the unreinforced case, which implies the geocell-reinforced 
model can withstand much higher load. In addition, with the unreinforced trackbed, the stiffness 
continues to decrease and eventually levels off. For the reinforced trackbed, on the other hand, the 
stiffness remains largely constant until the limiting strain is achieved. This further confirms the load-
enhancing capability of the geocell panel under high loading conditions. 
 
Figure 6(b) shows the curves of settlement vs. number of cycles for the reinforced and unreinforced 
trackbeds subjected to cyclic loading. There is no discernible discrepancy between the two curves 
until the 11th cycle takes place when a settlement of 13 mm occurs in both trackbeds. From the 12th 
cycle onwards, the efficacy of the geocell to minimise settlement is observed. The curve for the 
geocell-reinforced trackbed exhibits a much smaller settlement rate than the unreinforced trackbed. As 
a result, the settlements differ significantly at the end of 50 cycles; 29 mm for the reinforced trackbed 
and 42 mm for the unreinforced trackbed, which amounts to a 30% reduction in trackbed subsidence 
owning to the embedment of geocell panel in ballast trackbed.  
 
In addition to the above macro-mechanical response of the trackbeds, micro-mechanical 
characteristics of the ballast and geocell panel are observed from the front of the embankment, in 
Figure 7, which shows the distribution of contact forces for the unreinforced and reinforced trackbeds, 
respectively, under cyclic loading. It is observed that the contact forces develop in different patterns 
within the two trackbeds. The unreinforced trackbed has an uneven distribution of contact forces. The 
forces at the base of the trackbed are higher (a darker strip) than elsewhere in the trackbed. In 
contrast, the contact forces for the geocell-reinforced trackbed are more evenly distributed. Such an 
even distribution of contact forces is preferable in order to reduce the likelihood of localised failure, 
and thus improve the resilience of the trackbed.  
 
Figure 8 shows perspectives of displacement vectors indicative of the motion of the particles. It can be 
seen that the lateral movement is less significant for the reinforced trackbed [Figure 8(a)] than for the 
unreinforced trackbed [Figure 8(b)]. In addition, the strip of ballast reinforced by the geocell panel [at 
the base of Figure 8(b)] show more active displacement in relation to the particles in the same location 
as those in the unreinforced trackbed. That is, the lateral ballast movement is partially offset by the 
motion of the particles restricted within the geocell strip. This is consistent with the distribution of 
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contact forces shown in Figure 7, which suggests that the higher the contact forces, the more likely the 
particles are prone to displace outward. The motion of the ballast confined within the geocell panel is 
reflected by the displacement vectors of the geocell spheres, as shown in Figure 8(c). It can be seen 
that the geocell undergoes deformation and, in some locations, translation. This relatively modest 
movement of the geocell helps to accommodate the motion of the ballast and reduce some of the 
ballast contact forces, while confining the ballast largely in its original location. 
 

 
(a) 

 
(b) 

Figure 7. Perspectives of contact forces after the 20th cycle : (a) unreinforced, and (b) reinforced  
 

 
(a) 

 
(b) 

 
(c) 

Figure 8. Perspectives of displacement vectors of spheres after the 20th cycle: (a) unreinforced (ballast 
spheres), (b) reinforced (ballast spheres), and (c) reinforced (geocell spheres) 
 
4. CONCLUSION 
 
This study has assessed the performance of a geocell-reinforced ballast trackbed. To achieve this, 
discrete element modelling was conducted to assess the mechanical response of the trackbed under 
static and cyclic loading conditions. Sphere clumps were developed to mimic real track ballast. Input 
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parameters for all spheres involved in the simulation were calibrated against laboratory test results. 
Modelling showed that embedment of geocell into the trackbed enhances stiffness of the trackbed 
under the static loading. The reinforced trackbed exhibited reduced subsidence and lateral 
displacement when compared with the unreinforced trackbed. This rises from the capacity of the 
geocell panel to reduce the motion of the ballast, offset localised contact forces and more evenly 
distribute the movement of the entire trackbed. The results of this preliminary study suggest that the 
incorporation of geocell reinforcement in rail trackbeds provides great potential for reducing their 
capital and maintenance costs. 
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ABSTRACT 
 
A simplified “screen analysis” method for estimating the seismic stability of soil slopes is discussed. 
The analysis method incorporates a risk-based probabilistic assessment philosophy that allows for the 
reduction of the NZS 1170 peak ground acceleration by feq and allowing limited slope deformations to 
occur as a the design seismic event. The magnitudes of the allowable slope deformations can be in 
accordance with the tolerance level of the proposed development. This assessment approach can find 
useful application hillside developments within New Zealand where the subsoils are not considered 
susceptible to weakening instabilities (e.g. flow liquefaction and cyclic mobility) and where brittle rock 
slope failures are not anticipated. 
 
Keywords: seismic, slope stability, earthquake, risk-base, analysis, design 
 
 
1 INTRODUCTION 
 
The modelling and analysis of the response of natural and man-made earthfill slopes to seismic 
loading, together with subsequent design, is important because the catastrophic failure of such slopes 
can result in significant loss of human life, financial repercussions and environmental impacts. This is 
especially important in New Zealand, which is located within one of the most seismically active regions 
of the world and where many new developments are being constructed on soil slopes. 
 
Many engineering practitioners within New Zealand assess seismic slope stability performance 
utilising pseudo-static methods to approximate seismic loading in conventional limit-equilibrium 
numerical analyses. Often for these assessments, New Zealand practitioners assume an equivalent 
seismic horizontal load (keq) equal to the peak soil horizontal acceleration (PGAS) at the ground 
surface. A minimum acceptable factor of safety (FS) equal to 1.0 or 1.1 is often adopted by New 
Zealand practitioners for these assessments. When the assessed FS is less than the specified 
minimum acceptable FS, the slope is considered unstable and must be re-designed or mitigated. 
 
Whilst acceptable for some low-risk projects, such black-and-white stable/unstable assessments 
utilising a keq equal to the PGA fail either to capture the complex and non-linear nature of the dynamic 
response of soil slopes or to consider probabilistic seismic displacement. Utilising simplified methods 
developed recently by pre-eminent researches in the field of seismic slope stability, it is possible to 
incorporate both these considerations into seismic slope stability assessments and to develop a risk-
based design for slopes within New Zealand. This paper presents such a simplified method and looks 
at its application in a case study of a recent development within Hawke’s Bay, New Zealand. 
 
 
2 RISK-BASED PROBABILISTIC SLOPE STABILITY ASSESSMENT METHOD 
 
2.1 Site Seismicity Factor and Equivalent Seismic Load 
 
For soil slopes (i.e. not “brittle” slopes like rock slopes) not subject to significant strength loss due (e.g. 
flow liquefaction or cyclic softening) to seismic shaking, inertial seismic slope stability analyses 
utilising the pseudo-static method (refer to the likes of Seed and Martin, 1966; Seed, 1979; Makdisi 
and Seed, 1979; Hynes-Griffin and Franklin, 1984) are considered appropriate. The pseudo-static 
method can be further utilised to estimate the Newmark-type sliding block displacements (Newmark, 
1965) resulting from the design seismic event. However, Newmark-type analyses can be time-
consuming and can require the input of earthquake time-histories. 
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As an alternative to conducting a Newmark-type displacement analysis of slopes, a simplified screen 
analysis procedure can be adopted. When utilised appropriately, simplified screen analysis 
procedures can allow geotechnical practitioners to incorporate risk-based seismic slope assessments 
by designing for probable design seismic loads whilst allowing slopes to undergo some deformation 
during the Ultimate Limit State (ULS) event, with the allowable deformation thresholds established in 
conformance with the project’s risk tolerance. 
 
In the absence of specific guidance on the use of the simplified screen analysis procedure within New 
Zealand, the “screen analysis procedure” presented in SP117A (California Geological Survey, 2008) 
was utilised as a best practice basis for which to develop appropriate a site seismicity factor (feq), by 
which the input horizontal acceleration can be multiplied to develop a keq whose magnitude 
incorporates risk-based design principles. This method was originally formulated to identify geographic 
areas that are potentially susceptible to earthquake-induced landslides (Blake, Hollingsworth and 
Stewart, 2002; Stewart, Blake and Hollingsworth, 2003). The Stewart, Blake and Hollingsworth (2003) 
equation, which was developed utilising regression models of full Newmark-type displacement slope 
analyses, for feq is  
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where MHAr/g = maximum horizontal acceleration of base rock; NRF = nonlinear response factor to 
correlate MHAr/g to the spatially averaged peak amplitude of shaking within the soil slide mass (since 
earthquake shaking is often amplified or de-amplified by the soil overlying the bedrock); u = 5 or 15 
cm; and D

5-95,m
 = median duration from Abrahamson and Silva (1996) relationship.  

 
Refer to Stewart, Blake and Hollingsworth (2003) for the equations for NRF and D5-95,m. These 
equations require values for expected magnitude (M) and distance to the source (r). 
 
For New Zealand, it is reasonable to assume that a site-specific peak ground acceleration (PGA) 
calculated utilising NZS 1170:2002 for a development’s specific application (e.g. residential dwellings 
with a 50-year design life would be an Importance Level II site) and a Site Subsoil Class of Class A 
or B (depending on the specific underlying rock type at the site) can be utilised in lieu of MHAr for 
Equation 1. 
 
2.2 Risk-Based Probabilistic Slope Displacement Considerations 
 
As mentioned in Section 1, it is common practice in some areas of New Zealand for geotechnical 
practitioners to undertake seismic slope stability assessments utilising a keq equal to the PGA 
established for the site. In such assessments, the slope is typically considered to be “stable” in the 
Serviceability Limit State (SLS) and ULS design events only if the computed FS is ≥ the target FS (of 
say 1.0 or 1.1). If we put aside the question of the applicability of utilising a keq equal to the site PGA, 
the author notes that this assessment approach, in effect, says that the considered slope is only 
“stable” if no deformation of the slope is allowed to occur during a design seismic event. 
 
It is widely understood, however, that slopes in ductile materials (such as soil) are capable of 
accommodating a limited amount of displacement (up to about 1 to 3 m) before complete mobilisation 
of the basal rupture surface and catastrophic failure occurs (Murphy and Mankelow, 2004). A true risk-
based approach to seismic slope stability assessments would, therefore, assume that some slope 
displacement can be allowed to occur as a result of a ULS design event. In other words, since slopes 
are capable of accommodating some deformation without catastrophic collapse, it is permissible for 
the geotechnical practitioner to reduce the keq in accordance with the acceptable risk tolerance level of 
the project. 
 
Bray, et al. (1998) discuss seismic slope displacements as being either “small” (< 25 to 50 mm), 
“moderate” (< 150 to 300 mm) or “large” (> 300 mm to 1000 mm). Correspondingly, Stewart, Blake 
and Hollingsworth (2003) define index “threshold” slope displacement (u) values of 50 mm and 150 
mm. A u of 50 mm distinguishes conditions in which “very little displacement” slope displacement is 
likely to occur from conditions in which “moderate” slope displacement is likely to occur. Similarly, a u 
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of 150 mm distinguishes conditions in which ““moderate” slope displacement is likely to occur from 
those in which considerable or “large” slope displacement is likely to occur.  
 
Thus, for a specific design application, geotechnical practitioners can set a project’s allowable u in 
accordance with the acceptable risk tolerance level of the project. For projects with a higher 
acceptable risk tolerance level, u can be set at 150 mm. In contrast, for projects with a lower 
acceptable risk tolerance level, u can be set at 50 mm. Subsequent utilisation Equation 1 to determine 
feq thus enables the practitioner to establish risk-based probabilistic values of keq for utilisation in the 
project seismic slope stability assessments. 
 
Stewart, Blake and Hollingsworth (2003) note that if the results of the seismic slope stability “screen 
analysis” indicate that a slope’s stability does not meet the specified minimum acceptable FS, then a 
Newmark-type analysis can be conducted utilising the maximum design seismic load (kmax) to estimate 
the likely slope displacements resulting from the design seismic event. 
 
2.3 Undrained Loading and Dynamic Degradation of Soil Strength 
 
As earthquake loadings are generally applied so rapidly that all but the most permeable of soils (e.g. 
coarse gravels and/or cobbles) are loaded in an undrained manner (Seed, 1979; Kramer, 1996; 
Duncan and Wright, 2002), it can be assumed that a slope’s sub-surface soils will not drain 
appreciably during earthquake loading. Thus, undrained shear strengths should be used when 
assessing a slope’s seismic stability. Numerical modelling (Gerbrandt, 2014) indicates that modern 
slope stability software packages are capable of using drained soil strength parameters to accurately 
simulate the undrained loading of slopes whilst not allowing the additional dynamic force to increase 
the slice base shear strength. 
 
It is also widely accepted that degradation of soil strength occurs during the dynamic (e.g. earthquake) 
loading of a slope (Makdisi and Seed, 1977; Makdisi and Seed, 1979; Seed, 1979; Kramer, 1996; 
Duncan and Wright, 2002; Murphy and Mankelow, 2004) and that a “dynamic yield strength” may be 
utilised to represent such strength degradation when complete mobilisation of the basal rupture 
surface does not occur (Makdisi and Seed, 1977; Seed, 1979). However, modelling a slope utilising 
soil “dynamic yield strengths” would require lengthy iterative computations. Gerbrandt (2014) showed 
that increasing the minimum acceptable FS to about 1.1 to 1.3 is an effective method for 
approximating soil dynamic strength degradation within a slope stability assessment. 
 
Utilising Equation 1 together with NZS 1170 to estimate MHAr, therefore, a keq can be determined to 
enable a risk-based and probabilistic pseudo-static modelling of a slope. Depending on the u index 
value employed during the computation of feq, the assessment results can be compared the minimum 
acceptable FS to estimate whether the slope is likely to experience seismic slope displacements that 
are in excess of the specified site-specific “threshold” value. 
 
 
3 CASE STUDY 
 
To illustrate the suggested simplified slope stability assessment, a recently slope stability assessment 
and design is referenced as an example. The particular project was the subject of a recent paper by 
the author (Gerbrandt, 2014). 
 
3.1 Introduction: Tauroa Subdivision 
 
The Tauroa subdivision is located at the southern end of the Havelock North township in the Hawke’s 
Bay region of New Zealand. Stage 7 of the subdivision comprises approximately 10 ha of generally 
hilly terrain between Tauroa Road and the Mangarau Stream. The hills at the site are moderately 
steep, with slope angles generally of the order of 12 to 20 degrees to the horizontal, and are dissected 
by the ephemeral gullies.  
 
Several incised ephemeral gullies and two significant landslides are located within the area. A larger 
landslide (“Landslide 1”) is approximately 7 ha in size and abuts the site to the northwest. A smaller 
landslide (“Landslide 2”, hereafter referred to as LS2) is located in the northern half of the site and is 
approximately 0.2 ha in size. LS2 is moderately deep (i.e. < 10 m to the failure surface) and is 
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characterised by classic translational movement within a locally weak layer of estuarine mudstone. 
The triggering mechanism of LS2 is likely attributed to a combination of rainfall infiltration and of 
downcutting and lateral erosion of the toe by the Mangarau Stream (Bell, 1991; Gray and Jowett, 
1998). Seismic movement may also be a contributing factor. Refer to Figure 1 for the locations of 
these landslides and for a presentation of the site topography in relation to the development proposal. 
 

 
Figure 1. 1950 aerial photograph and LiDAR topography showing key features within the site vicinity. 

 
Figure 2. Tauroa residential subdivision, Stage 7 development proposal. 

 
The development proposal for Stage 7 of the Tauroa subdivision includes subdividing the property in 
order to construct 12 new residential building platforms and associated infrastructure. Due to the hilly 
nature of the existing site topography, some moderately significant earthworks are to be carried out to 
form the roads and building platforms. This includes removing LS2 and replacing it with an engineered 
fill slope. Refer to Figure 2 for the current development proposal. 
 
3.2 Site Seismicity 
 
The Hawke’s Bay region is one of the most earthquake prone in New Zealand. Oblique subduction of 
the Pacific plate beneath the Australian plate dominates the tectonic activity of the region, which hosts 
a minimum of 22 known active faults and folds that are capable of producing very strong earthquake 
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shaking. As strong earthquake shaking (i.e. maximum felt intensities of ≥ 7 on the Modified Mercalli 
Intensity scale) has been felt in Hawke’s Bay on at least 19 occasions during the last approximately 
150 years (Begg, Hull and Downes, 1994), earthquake shaking must be considered when assessing 
the slope stability hazard of developments. 
 
A 7.5 M event on either the Poukawa Fault Zone or the Mohaka Fault is considered the likely design 
event for the site (Berryman, McVerry and Villamor, 1997; Hengesh et al., 1998; Hawke’s Bay 
Engineering Lifelines Project, 2001). Gerbrandt (2014) considered the Mohaka Fault, which is located 
about 48 km from the site, to be the worst-case origin of a design earthquake for the site. 
 
3.3 Seismic Slope Stability Assessment 
 
Gerbrandt (2014) relates that geotechnical data that was available for the site from previous and 
current site investigations was utilised to prepare an interpretive sub-surface ground model for the 
proposed engineered fill. Figure 3 presents the interpretive ground model, which formed the basis of 
the seismic slope stability assessment. The assessment was conducted utilising numerical analysis 
using the computer programme SLOPE/W (GEO-SLOPE, 2012). 
   
For the analysis, the ULS PGA was calculated utilising NZS 1170:2002 for residential dwellings with a 
50-year design life and a Site Subsoil Class of Class B (“Rock”) and was determined to be equal to 
0.39 g. The ULS condition corresponds to a 500-year return period.  
 
The engineered fill slope is to support a residential building platform on one side, while the other side 
is to support an access road for the development. Therefore, several cross-sections of the slope 
design were assessed, and different threshold u values were utilised based on the relative 
consequence of a slope failure. For the portions of the slope supporting the residential building 
platform, a u of 50 mm was utilised, while a u of 150 mm was utilised for the portions of the slope 
supporting the access road. These values were adopted due to the following considerations: slope 
deformations in excess of about 50 mm would likely result in catastrophic human life-safety 
consequences for building structures, while “moderate” slope deformations would likely not result in 
catastrophic human life-safety consequences for the access road. 
 

 
Figure 3. LS2 ground model for SLOPE/W (refer to Fig. 2 for location) 

 
Using an MHAr equivalent to the calculated PGA, an M of 7.5, an r of 48 km and an NRF computed 
using equation (11.3) of Stewart, Blake and Hollingsworth (2003), Equation 1 was used to calculate feq 
values of 0.60 and 0.47 for a u of 50 mm and a u of 150 mm, respectively. Multiplying the PGA by the 
feq values produced keq values of 0.23 g and 0.18 g for use in the analyses for allowable threshold 
deformations of 50 and 150 mm, respectively. A minimum acceptable FS of 1.2 was adopted for the 
assessment. 
 
Save for the failure surfaces initiating from the north-western half of the residential building platform 
and extending north across the engineered fill slope, the FS values returned from the slope stability 
analyses all met or exceeded the target FS value. In order to mitigate the potential for a slope failure 
resulting in moderate displacements to occur, the driveway for Lot 12 was shifted slightly north and the 
toe elevation at this location was raised by 2 m. When re-assessed, these changes resulted in a slope 
stability FS value that exceeded 1.2.  
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Therefore, it was considered that the engineered fill slope at the site would result in a suitable and 
stable development that would meet the serviceability and human life-safety design criteria. The risk-
based probabilistic approach met the design requirements whilst saving potentially costly construction 
works in the area of the engineered fill slope that is to support the access road. 
 
3.4 Comparison of Assessment Results with Previous Studies 
 
As discussed by Gerbrandt (2014), previous work by Bell (1991) included extensive assessment of 
numerous landslides in the vicinity of LS2. Together with subsequent investigations, Bell’s work 
included extensive subsurface site investigations within landslide features, laboratory testing to obtain 
shear strength parameters for undisturbed and sheared-colluvium soil samples, and back-analysis of 
landside failure planes.  
 
Review of the LS2 slope stability assessment results confirms that large slope displacements (such as 
those observed at LS2) could occur at the site when Bell’s undisturbed soil strength parameters are 
utilised in the analyses. These analyses took into account risk-based keq values together with removal 
of landslide toe support due to down-cutting of adjacent stream/gully features.  
 
In contrast, when the analyses were assessed utilising more competent soil strength parameters (as 
observed through testing of adjacent slope features) and excluded removal of toe support, the slopes 
were stable when assessed utilising the same risk-based keq values. 
 
 
4 SUMMARY AND CONCLUSIONS 
 
The simplified seismic slope stability assessment approach described in this paper can find useful 
application hillside developments within New Zealand where the subsoils are not considered 
susceptible to weakening instabilities (e.g. flow liquefaction and cyclic mobility) and where brittle rock 
slope failures are not anticipated. Allowable slope displacement thresholds can be adopted in such 
assessments to reflect that landslides are capable of accommodating a limited amount of 
displacement before complete mobilisation of the basal rupture surface and catastrophic ground 
failure occurs (Murphy and Mankelow, 2004). Displacement thresholds consistent with the Stewart, 
Blake and Hollingsworth (2003) method and appropriate for the importance level of the development 
are recommended. This can result in a risk-based probabilistic design, where the risk level is 
considered appropriate for the importance level of the proposed development. 
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Figure 1. Sandy Slip, March 2012 
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ABSTRACT 
Large landslides along transport routes can result in significant disruption to road users and to 
regional economies.  One such event occurred in March 2012 in the Waioeka Gorge, Eastern Bay of 
Plenty, which resulted in closure of the State Highway 2 for 5 weeks, with a cost to the economy of 
many $M’s. A slope hazard assessment study in the Waioeka Gorge was commissioned by the New 
Zealand Transport Agency to identify slopes with a high risk of causing significant road closure. The 
study aims were to characterise the nature of the slopes and to deduce likely failure mechanisms 
such that areas of major landslide could be identified, providing early detection and management of 
major slope failures in future.  The gorge is 48km long, characterised by very steep bush covered 
slopes up to 500m high, and with regular rock fall events.  The study involved two stages of 
assessment.  Stage 1 involved assessment of published geological data, GoogleEarth imagery and 
historical road slip data followed by a rapid inspection of slopes from the highway using two risk 
assessment tools.  Stage 2 involved more detailed assessment of high risk slopes prioritised during 
Stage 1. Stage 2 involved the use of both remote techniques including LiDAR and aerial photo 
interpretation, as well as helicopter reconnaissance and field inspections of selected accessible 
slopes. This paper outlines the methodologies used in the assessment of major slope failure risk in 
the gorge. A key aspect of the study area was the steep and inaccessible terrain. This paper presents 
examples of the value obtained by use of remote sensing techniques to safely identify the nature of 
specific slope areas in an effort to characterise and predict slope behaviour and risk.  
 
Keywords: Waioeka Gorge, landslides, slope hazards, risk assessment, remote sensing, LiDAR  
 
 
1. INTRODUCTION 
 
The State Highway 2 Waioeka Gorge is an arterial supply freight route connecting the Gisborne and 
Hawkes Bay regions with the Bay of Plenty. Steep 
topography combined with fractured greywacke rock and 
high rainfall predisposes this area to frequent landslides.  
Records kept by the New Zealand Transport Agency (‘The 
Agency’) indicate that since July 2008 at least 88 individual 
slips have been recorded in the Waioeka Gorge. The almost 
daily occurrence of rock fall in the gorge has necessitated a 
continuous programme of road maintenance activities with 
contractors located at both ends of the gorge sweeping the 
gorge twice daily. In addition, an annual rockfall hazard 
study is carried out by Opus International Consultants 
(Opus). The nature of the recorded slope failure typically 
comprises small localised rock falls which inundate the road 
verges with debris volumes averaging <5 m3. Larger slips 
with debris volumes ≤1000 m3 are common.  Records of 
larger slope failures ≥10,000 – 100,000m3+ are rare but are 
anecdotally reported.  In March 2012 a major landslide 
occurred within the Waioeka Gorge which closed SH2, 
inundating the road and adjacent Opatu Stream with 
approximately 100,000m3 of slip debris in less than 2 

minutes (Read, 2013). “Sandy Slip” as it was named, 
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closed SH2 for 5 weeks and resulted in significant costs to the local economy. Months of remedial 
works were required to remove unstable slip debris from the slope face and to clear the road and 
Opatu Stream, at a cost to The Agency of $NZ10 million. As a result of the slip The Agency engaged 
Aurecon to undertake a slope hazard assessment of a 48km section of the gorge to identify and 
assess the risk to SH2 from large scale landslide events. This paper outlines the methodologies used 
to identify areas of large scale landslide and to assess the risk of such areas to SH2.  A key aspect of 
the study area was the steep and inaccessible terrain. This paper describes how remote techniques 
were used in combination with routine methods of assessment to safely identify the nature of specific 
slope areas in order to characterise slope behaviour and risk.  
 
 
2. SITE LOCATION AND GEOLOGICAL SETTING  

 
The Waioeka Gorge is situated in the Eastern Bay of Plenty region between Opotiki and Gisborne. 
State Highway 2 (SH2) traverses 48km along the eastern side of the Waioeka Gorge between the 
Gisborne/Bay of Plenty Boundary and 8km south of Opotiki. The geology of the Waioeka Gorge area 
is described in the 1:250,000 scale geological maps of the Rotorua (Leonard, Begg and Wilson, 2010) 
and Raukumara (Mazengarb and Speden, 2000) areas. The majority of the Waioeka Gorge is 
mapped as Cretaceous age Pahau Terrane (Torlesse Supergroup) which comprises greywacke, 
argillite and conglomerates. Waimana Sandstone and Oponae Mélange are also mapped within the 
gorge. The active Koranga Fault is mapped as passing through SH2 and the Waioeka Gorge at 
RS/RP 0334/9.73 approximately. A number of north to northeast trending inactive faults are also 
mapped dissecting SH2 and the Waioeka Gorge associated with the Koranga Fault.  
 
 
3. BACKGROUND TO THE NATURE OF SLOPE HAZARDS IN WAIOEKA GORGE 
 
SH2 has been largely formed in cut at the toe of the eastern side slope of the Waioeka Gorge. The 
terrain above SH2 typically comprises steep to very steep sloping ground with slope heights up to 500 
metres, and slope angles ranging between 30° to 80°. The slopes are heavily vegetated with limited 
surface exposures. Many sections of SH2 have been formed below steep cut batters and rock bluffs. 
SH2 is typically characterised by narrow shoulder areas on the upslope side of the road with limited 
capacity to act as catch areas for slip debris. 
The Waioeka Gorge contains many large steep slopes which have weathered and eroded over time.  
Several of these slopes present geomorphological characteristics of relic large landslides including 
evacuated slopes and large debris deposits. In some cases evidence is visible in the landscape 
where historic failures have blocked or even permanently diverted the Waioeka River. Typically, large 
slope failure events are activated by discrete triggers such as large earthquakes, intensive rainstorms, 
cutting into the toe of the slopes by man.  
Some of the slopes within the gorge may be in a marginally stable’ state, eg (i) the rock mass having 
been progressively weakened or undermined, or (ii) debris accumulations from previous events still 
being in a marginally stable state eg scree deposits (as following the Sandy Slip event in Figure 1).   
In this state a landslide can occur with little apparent warning.   Tilted trees or localised failures 
around the margins particularly in the front of a moving mass may provide discrete tell-tale signs that 
larger scale movement is under way.  Distinguishing incipient large scale movement from local 
movement can be difficult in such terrain. 
 
 
4. SLOPE HAZARD ASSESSMENT  
 
4.1 Purpose 

The slope hazard assessment study was commissioned by The Agency to identify and risk assess 
areas of major slope instability which have the potential to result in landslides causing road blockage 
and disruptions like Sandy Slip. This information is required by The Agency to help improve their 
understanding of the risk and to inform the preparation of risk management plans that would deliver 
early warning of the type and scale of large slips enabling planning for rapid and efficient response to 
future major landslide events.  
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Figure 2. Qualitative Risk Assessment Framework (AGS, 2000) 

4.2 Assessment Criteria 

A key aim of the study was to identify ‘high risk’ slopes within the Waioeka Gorge which were defined 
to have a Possible to Almost Certain likelihood of slope failure, which could result in Disastrous to 
Catastrophic consequences (Figure 2). The likelihood and consequence criteria were adopted from 
the Australian Geomechanics Society ‘Landslide Risk Management Concepts and Guidelines’ (AGS, 
2000). The consequence criterion was developed specifically from the client’s brief.  ‘Disastrous’ was 
defined as a total road blockage for an extended length of time (1+ days) causing major traffic delays 
and resulting in major emergency work with the potential for the roadway to be inundated by 100’s - 
1,000m3 of cubic meters of slip debris.  ‘Catastrophic’ was defined as a total road blockage for many 
days resulting in significant impact to communities for extended periods (weeks) with the potential for 
the roadway to be inundated by 1,000’s – 100,000m3 of cubic meters of slip debris. 

 

 

4.3 Staging 

The study was split into two stages. The initial stage (Stage 1) was designed as an initial screening 
stage to provide rapid identification and assessment of ‘high risk’ slope hazard areas. Stage 1 used 
both qualitative and quantitative risk assessment tools to identify sixteen ‘high risk’ sites within the 
gorge. Stage 2 of the study involved detailed investigations for three of these sites selected by The 
Agency after a review by Aurecon and Opus. The detailed investigations used a combination of 
remote and field based investigation techniques in an effort to determine the nature of the slopes and 
their likely failure mechanisms such that the risks at these sites could be refined.  
 
4.4 Risk Assessment Tools 

Two independent risk assessment tools were used for the study. Firstly a qualitative assessment tool 
was selected for initial screening work and was developed based on the AGS 2000 guidelines.  The 
second tool was a Slope Hazard Rating System (SHRS) developed by KiwiRail for the NZ rail network 
and adapted for this study. This SHRS is a point’s based system which assesses a series of slope 
attribute, likelihood and consequence criteria against slope failure to determine a slope rating value 
(Justice, 2013). The SHRS was developed as a software application installed on an Android Tablet for 
direct field data capture.   
For the purposes of this pilot study the SHRS was adapted to enable the assessment of slope hazard 
and risk for a State Highway road corridor. The likelihood factors directly apply to road however some 
of the consequence factors are specific to rail such as derailment consequence, and these were not 
incorporated into the overall slope ratings.  
 
 
5. STAGE ONE  
 
5.1 Desktop Information Review 

Prior to undertaking the Stage 1 field work a desktop study was undertaken which reviewed the 
following information: 
 
 Maintenance records from the network maintenance contractor and Network Consultant 
 Road Runner video footage along SH2, within the Waioeka Gorge, provided by The Agency 
 NZTA Highway Information Sheets 
 Available online aerial photographs  
 Published geological maps  

Risk scores of interest to pilot study 
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Figure 5. Location of the 16 High (orange) and very High (red) risk sites identified in Stage 1 
illustrating an even spread of sites along the 48km section of the gorge. 

 
Based on the desk study, a series of preliminary site identification maps were prepared for use during 
the Stage 1 field work.  

 

 

5.2 Risk assessment procedure 
A 48km section of SH2 in the gorge was assessed over a 3 day period using the site identification 
maps prepared during the initial desk study. A qualitative risk assessment was carried out initially for 
each site identified during the desk study. The results of the qualitative assessment were used as a 
basis for determining whether a quantitative assessment was to be undertaken using the SHRS. By 
following this process the number of sites selected for quantitative assessment was reduced from an 
initial desk top selection of 45 sites to 16 sites. The field data and results of the SHRS were recorded 
on an android tablet for later data processing and presentation using GIS. A total of sixteen sites were 
quantitatively assessed using the SHRS, 7 of which were assessed as having a Very High Risk, and 9 
assessed to be High Risk.  
 

 

 
6. STAGE 2 INVESTIGATIONS 
Following completion of the above studies, a review of the Stage 1 pilot study results was undertaken 
by The Agency, Aurecon and the Network Consultant (Opus) in order to select three sites for detailed 
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Figure 7. View north of planar and wedge 
shaped 300m high slopes in the southern and 
central section of Site 3c (500m south of 
Sandy slip).  2012 Aerial photo draped over 
LiDAR DTM. 

Figure 6. Comparison of the study data (by Aurecon) with data obtained by the national rock fall 
hazard study (prepared by Opus) 

investigation during Stage 2. As part of this review, the sites identified in Stage 1 were compared with 
high risk sites identified by the annual rockfall hazard study data prepared by Opus. Although it was 
acknowledged that different methods of risk assessment were used by the two studies, the review of 
the two studies was considered to provide a valuable means of comparison, highlighting common 
areas of risk that could be prioritised and targeted for further investigation during Stage 2.   
 
 
 
 
 
 
 
 
 
 

Following the moderation stage three sites were selected by The Agency for detailed Stage 2 
investigation, one of which comprised a large section of road incorporating Sandy Slip and adjacent 
slopes. Stage 2 involved collection of data to identify: (i) evidence of previous large scale landslide 
features in the vicinity of the three study areas, and (ii) signs of incipient large scale instability or (iii) 
conditions that may be conducive to large scale instability. 
The steep terrain, dense vegetation and inaccessibility of the selected sites lent themselves toward 
selection of LiDAR as a remote data collection technique to attempt to ‘see’ through the bush and 
model the steep terrain under the bush in areas inaccessible by foot. The investigations carried out 
during Stage 2 involved a combination of assessment of the aerial photography and other desk top 
information; digital terrain models; helicopter inspections and then road and limited slope based 
inspections.  
 
6.1 Aerial Photograph Interpretation 
Review of aerial photographs allowed a coarse 
picture of the geomorphic terrain to be assessed.  
Reviewing historic photos taken at regular time 
intervals over a 60 year period allowed 
identification of specific landslide events and 
development of a slip history for each site, adding 
to slip history data maintained by The Agency.  
 
6.2 LiDAR 
LiDAR data was obtained for the southern 10km of 
the Waioeka Gorge to enable a digital terrain 
model to be developed that accurately displayed 
the ground surface profile below the bush. LiDAR 
was considered to provide better value than wholly 
ground based field excursions in bush with limited 
visibility and site access constraints. NZ Aerial 
Mapping were engaged to fly the route in April 
2013 and to prepare models of the ground surface 
Digital Terrain Model (DTM) and bush surface.  
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Comparison of both models provided a ‘height of bush’ model to be developed which enabled 
identification of areas of potential landslide – with the inference that a low bush height may indicate 
rejuvenating vegetation following historic landslide events. The 3D ground models generated from the 
LiDAR data were viewed using Navisworks 3D viewer.  3D imagery was obtained by draping 
orthorectified vertical photographs flown immediately after the March 2012 slip over the ground DTM 
obtained from the LiDAR (Figure 7).  
 
6.3 Helicopter Inspections 
Following the desk study and review of the LiDAR DTM, a brief helicopter inspection was carried out 
along the gorge. A planned route schedule was developed to ensure the flight time was optimised and 
that each location was inspected. The helicopter survey provided valuable observations of the slopes 
to be made which would have otherwise not been possible or indeed accessible from land. The 
helicopter inspection covered all of the 16 sites identified during Stage 1 of the study.  Our visual 
observations resulted in the risk rating of one of the three proposed Stage 2 sites being lowered as a 
previously interpreted head scarp feature was confirmed to be a shallow erosion feature high on the 
slope face. Numerous high quality digital aerial photographs were collected during the helicopter flight 
which provided added value for post field work assessment.  
 
6.4 Field Inspections 
The equivalent of four days was spent in the field during Stage 2. The scope of off-road field work 
activities were restricted following an injury to one of the field staff in a fall high on a slope that 
occurred at the end of the second field day. This incident highlighted the real risks involved when 
undertaking field assessment in this type of terrain. The incident is presented by Stewart and 
O’Loughlin, 2015. The subsequent field days involved only road based inspections.  The slopes 
inspected from off the road were those on either side of Sandy Slip.  All other slopes were inspected 
from the safety of the road verge. Many of the slopes were not visible even by helicopter inspection, 
due to the dense bush cover and therefore more emphasis was placed on the use of remote sensing 
techniques to provide key information for the Stage 2 assessment. 
 
6.5 Stage 2 Findings 
The purpose of the Stage 2 fieldwork was to undertake detailed assessment of the three priority sites 
selected to provide further information to interpret the nature of the slopes and their likely failure 
mechanisms such that the risks could be refined. The site topography and dense vegetation 
significantly limited traditional methods of aerial photography interpretation and geomorphological field 
based mapping. The use of LiDAR enabled a detailed geomorphic assessment of slopes to be carried 
out despite the dense vegetation and steep inaccessible terrain. Oblique shaded ground models, 
slope angle maps and bush height models were some of the techniques used to develop preliminary 
geomorphic models that could be ground truthed to test their accuracy. Examples of the techniques 
used to interpret the LiDar data are illustrated in the following figures.  
 

 
  Figure 8. 3D shaded Ground model, Area 1.  Figure 9. Digital Terrain Model, slope angle 

map, Area 1 
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Figure 10. Area 1 vegetation height model from 2013 LiDAR data with 1962 aerial photograph (right).  The 
varying colour and shading represent variation in bush height.  Note debris chutes not visible on photo are 
visible on bush model from high on north face, and road cut at bluffs lower right (visible in photo). 1962 
aerial photo showing recent cuttings/failures probably associated with road building and, a large landslide 
(A) which can be correlated with areas of low of negligible bush in upper figure. A moderate size landslide 
(B) has largely overgrown by 1962 photo but is visible as low bush in the bush height model. 
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Figure 11. Near vertical view of LiDAR shaded ground model of Area 1. This figure shows geomorphic 
features including a number of lineaments which may be associated with structural features in the rock 
mass. The trend of these lineaments is consistent with the release point of previous failures (ie above 
point B).  Point A and C show slips likely associated with original road construction. D represents a 
potential risk area for future landslides. Black line is vertical N-S line 
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7. CONCLUSIONS 
 
The methodology implemented for Stage 1 using slope risk assessment tools provided an effective 
means for the rapid identification and assessment of slope hazards in the Waioeka Gorge. Within a 
short period of time 16 sites were identified as either very high or high risk from major landslide 
affecting SH2. Comparison of the Stage 1 results against existing NZTA national rockfall hazard rating 
data provided a valuable means of comparison, highlighting common areas of risk that could be 
prioritised for detailed investigation. Stage 2 of the study comprised investigations and refined risk 
assessment at three very high risk locations. The steep terrain, dense vegetation and inaccessibility 
of slopes presented significant logistical, cost and safety challenges and precluded routine slope 
inspection methods. This was best highlighted by the incident that occurred during the field mapping. 
Detailed desk studies together with remote sensing techniques (LiDAR), helicopter access and mainly 
road based inspections provided the basis of information to improve the understanding of the nature 
of slopes, to deduce possible failure mechanisms, and in doing so refine the risk to SH2 from future 
landslides. The study highlighted the value of remote sensing techniques in such terrain.  Additional 
value was realised by The Agency in providing a more complete picture of the landslide risks along 
the SH2 corridor. In future it is hoped that the understanding of slope failure mechanisms gained from 
the study can be used to design a network of slope monitoring instruments with the view that this will 
form part of a risk management tool providing The Agency with early warning of slope movement. 
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Figure 12. LiDAR 
shaded ground 
model of site 3b in 
April 2013, showing 
Sandy Slip in 
foreground.  
Potential scarp 
identified on the 
LiDAR model 
extending to west of 
slip site was located 
on site during field 
mapping, with an 
open tension crack 
traced for approx. 50 
m to west (dashed 
line). 
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ABSTRACT 
 
Risk based criteria have been used to define the scope of remedial works for cut batter slopes where 
landslides and rock falls occurred during significant rainfall events in 2011 and 2013.  Criteria were 
based on a risk assessment system developed for slopes by Roads and Maritime Services, NSW 
which allows both likelihood and consequence to be considered in relation to design options for 
remedial works.  Initially devised to enable prioritisation of sites for risk reduction works over a 
transport network, the system was used in Queensland to identify sites with intolerable risks that 
resulted from the 2011 and 2013 natural disaster events for remediation.  For a number of sites on the 
Warrego Highway - Toowoomba Range crossing where the need for restoration works was identified, 
the use of the risk assessment system was extended to define the scope of work to reduce landslide 
and rock fall risk to tolerable levels.  On that project, the use of a risk based criteria for design has 
provided a practical and effective means of defining the scope of remedial works, allowing for existing 
site conditions and project constraints to be accommodated.  An example of the use of the approach 
from that project is provided to demonstrate the design process adopted and the outcomes of ongoing 
review of the works during construction to provide confidence that the intended risk criteria were 
achieved. 
 
Keywords: slope remediation, risk, design criteria 
 
1 INTRODUCTION 
 
Following significant rainfall events in 2011 and 2013 in Queensland, Natural Disasters were declared 
and a programme of works was implemented to repair damaged road infrastructure with funding 
provided by both State and Federal Governments.  The works were delivered under the National 
Disaster Relief and Recovery Arrangements (NDRRA), administered at a local level by Queensland’s 
Department of Transport and Main Roads (TMR).  The intent of the works was to reinstate the 
functionality of the road and, if possible, enhance resilience of the infrastructure at no additional cost.   
 
After a programme of emergency works to enable roads to be re-opened to traffic, TMR undertook 
risk assessments for slopes within its road network using a risk assessment system developed by 
Roads and Maritime Services, NSW (RMS) for slopes and described in Stewart et al (2002).  The 
system is semi-quantitative and was developed to provide a structured process for assessment of 
slope instability risks for road infrastructure.  Slopes assessed as having intolerable risks were 
earmarked for restoration under the NDRRA programme.   
 
For most sites, restoration works to meet design criteria typically adopted for new engineering works 
would have exceeded the available funding and the intent of the overall programme.  In many cases, 
other physical constraints such as the road corridor extents provide limits for the scale of restoration 
works that can be accommodated.  By considering the consequences of each hazard rather than 
focussing on likelihood as is typical using a traditional factor of safety approach, a risk based criteria 
provided the opportunity for to achieve better value for money outcomes for remedial works under the 
funding scheme. 
 
2 RMS SLOPE RISK ASSESSMENT METHODOLOGY 
 
The RMS Guide to Slope Risk Analysis (Stewart et al 2002) was developed to provide a framework 
for experienced geotechnical practitioners to assess the risk to road users by a process of hazard 
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identification, likelihood and consequence assessment using both judgement and historical slope 
performance information.  The RMS slope risk assessment system (RMS System) is applied to slopes 
with identifiable physical boundaries and/or unique characteristics.  For each hazard, judgements are 
made about the likelihood of occurrence and consequence.  The likelihood and consequence are 
considered independently and combined using matrices to give an Assessed Risk Level (ARL).  Risk 
levels are defined from ARL1 (highest risk) to ARL5 (lowest risk).  The likelihood assessment for each 
hazard must consider triggers for initiation, detachment probability and travel distance, together with 
the inferred failure dynamics, including size and velocity of failure.  The consequence assessment 
considers temporal probabilities and vulnerabilities of road users to each identified hazard.  The 
system process is presented as a flowchart presented as Figure 1, together with TMR’s interpretation 
acceptance criteria for roads within its network.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 1. Process of risk assessment for an identified hazard, reproduced from Stewart et al (2002) 
and TMR acceptability criteria for slopes 
 
3 NDRRA SCHEME IMPLEMENTATION IN QUEENSLAND 
 
Queensland’s Disaster Management Act allows the declaration of disaster events once set triggers 
are initiated, which in turn initiates State disaster management processes and Australian Government 
financial assistance.  The NDRRA is a joint funding initiative of the Commonwealth and State 
Governments to provide disaster relief, recovery payments and restore infrastructure affected by 
natural disasters. Relief measures under NDRRA are funded 75% and 25% by the Commonwealth 
and Queensland Governments respectively. Natural disaster declarations were made after the events 
January 2011 and January 2013.  As a response to the 2011 flood events TMR established the 
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Transport Network Reconstruction Program (TNRP) to deliver the massive reconstruction programme.  
TNRP works were delivered by regions with expanded resources from the private sector.  TMR 
established a Statewide Programme Office (SPO) to centrally overview the task and Regional 
Programme Offices (RPOs) to manage and coordinate the damage assessments, investigations, 
design, documentation, procurement, contract management and finalisation for the works associated 
with the multiple flood events. 
 
To be eligible for NDRRA funding the asset must have been damaged directly by the eligible event 
and be restored to their pre-disaster standard. This restoration may be in accordance with current 
engineering standards or requirements and building codes or guidelines if required by legislation. This 
includes activities undertaken to restore essential assets where legislation requires current building 
and engineering standards, codes and guidelines be followed, while maintaining the same asset 
class. Assets should be restored to pre-disaster standard unless it is essential due to legislation or 
exceptional issues where reconstruction cannot occur without adhering to current standards. 
 
The Design Guidelines for TNRP, (Figure 11.1) outline TMR's intent in identifying and managing the 
cut batter, fill embankment and natural slopes >1.5m high. The Guide notes that "Slopes classified as 
ARL1 or 2 should be remediated by appropriate stabilisation works to reduce the level of risk to ARL3 
or lower. Slopes classified as ARL3 require further evaluation to determine the cost-benefit of 
treatment or risk management and as a minimum should undergo regular re-inspection".   
 
4 APPROACH TO DESIGN 
 
Typically, design criteria for new slopes comprise minimum factors of safety (FoS) against instability 
for defined circumstances.  For example, in Queensland, a minimum FoS of 1.5 is required for slopes 
designed for long term groundwater conditions.  A FoS is adopted to allow for uncertainties in the 
analytical model, (e.g. material parameters, groundwater conditions geometry and external loads) and 
variability in the actual site conditions.  The safety margin provided is intended to allow for both the 
variability in the model inputs and differences between the model and the site actual conditions.  In 
most cases, the actual safety margin against instability for the slope will remain unknown.  FoS 
relates to the likelihood side of the risk equation, which for most new infrastructure may be a desirable 
approach.  Managing issues such as cost, time, traffic disruption, public perception and asset design 
life in the event of a failure are difficult, and most often the best approach is to limit the potential for a 
failure to occur in the first instance.   
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
Figure 2. Process flow for design of slopes using a risk based approach 
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For restoration or repair of existing assets, particularly those that do not conform to current 
specifications, the cost of meeting criteria such as FoS is likely to be high and potentially prohibitive.  
Given the limitations on funding due to the number of sites requiring repair under the NDRRA 
scheme, the alternative risk based approach was developed for the Toowoomba Range for the 
evaluation and definition of the scope of remedial works.  A simple flowchart indicating the adopted 
approach is presented as Figure 2.  The process is iterative, with review of the impacts of each risk 
mitigation measure on the ARL made before the need for additional risk mitigation measures is 
considered.   

 
The defined approach follows the principles of the RMS System, by requiring that each potential 
hazard is considered in principle based on known and/or inferred information about the slope, likely 
triggers for hazards and evaluation of the consequences to road users.  The designer is required to 
make judgements about the condition of the slope after earthworks and how the conditions will affect 
the ARL.  To manage the risk of unanticipated conditions, an observational approach during 
construction should be considered.  A risk assessment of the final arrangement is necessary for both 
confirmation of design outcomes and documentation of the site conditions for future assessments.  
 
5 CASE STUDY – SLOPE 4320 
 
5.1 Toowoomba Range Crossing 
 
Located immediately east of the city of Toowoomba, the Toowoomba Range forms the upper slopes 
of the Great Dividing Range, which extends from north to south over the entire Australian east-coast.  
Locally, the range crossing itself rises about 400m over 5km, 330m of which occurs over the upper 
3.3km.  The original range crossing was formed in the 1850’s, portions of which still form the current 
alignment.  The crossing has been widened and upgraded several times since the 1930’s, with grade 
separated carriageways provided in the 1960’s.  The current road includes sections with grades up to 
10%.  The Warrego Highway forms the primary transport link between Brisbane and the agricultural 
and mining regions of the Darling Downs and Surat Basin respectively.  It carries an average annual 
average daily traffic (2010 data) of 11,000 vehicles in each direction, including 15% heavy vehicles. 
 
The upper range slopes and plateau on which the city of Toowoomba is sited comprises Tertiary aged 
basalt from the Main Range Volcanics.  Typically, the basalt derived materials forming the upper 
slopes are variably weathered and are formed from a number of successive lava flows.   
 
Cuttings within the weathered basalt for the range crossing comprised steep slopes standing at up to 
65° and 24m in height.  The natural ground slope between the cutting crest and the top of the range is 
also steep, at between 15° and 35°.  The combination of steep slopes and variable strength and 
weathering of basalt has resulted in the cut slopes degrading over the life of the road due to 
landslides and rock falls generally associated with extreme weather events.  The most recent event 
causing severe damage to cut slopes and embankments occurred in January 2011; the event which 
triggered both an emergency works phase to enable the re-opening of critical infrastructure and 
ultimately the NDRRA programme.   
 
5.2 Need for Improvement and Design Criteria 
 
The Darling Downs Regional Programme Office (RPO7) led programme of restoration works for the 
Toowoomba Range Crossing was instigated following risk assessment of cut slopes undertaken on 
behalf of TMR.  The need for slope improvement works was highlighted by eight of the 13 identified 
cut slopes of the range crossing having a risk rating that was in the very high (ARL1) or high risk 
(ARL2) category, a further two slopes rated in the medium risk category  (ARL3) and only three rated 
as low (ARL4) or very low risk (ARL5). 
 
Design criteria were proposed and adopted for the existing slopes forming the range crossing such 
that the final arrangement will have an Assessed Risk Level of ARL3 or better and a minimum 20 year 
design life.  As a guide for design, simple earthworks solutions were preferred over retention systems 
and design solutions that retain or support slopes were preferred to those that catch debris (i.e. a 
preference to reduce likelihood over reducing consequences). 
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5.3 Slope 4320 Conditions 
 
Slope 4320 is located on the westbound (uphill) lanes of the Warrego Highway, within the upper 
portion of the range crossing.  The site extends over a length of about 220m and comprises three 
relatively distinct sections of slope.  Figure 3 shows one section of Slope 4320 prior to remediation.  
An irregular slope surface and what is remaining of a draped mesh installation are evidence of active 
slope stability mechanisms.   
 
Materials exposed in the slope face comprised extremely weathered (XW) material / residual soil in 
the upper 3m, overlying XW / highly weathered (HW) basalt down to about two thirds slope height.  
The declared event caused landslides involving the upper section of the slope, resulting in regression 
of the crest and over-steepening of the slope immediately below.  The XW/HW zone was 
characterised by frequent corestones typically about 0.5m in size, but some up to 1m, within a 
weathered material matrix.  Highly to moderately weathered (MW) basalt was exposed in the lower 
portion of the cutting, with a greater proportion of the exposure containing high strength rock and 
larger corestones.   
 
Hazards identified by the initial risk assessment comprised landslides primarily associated with the 
upper section of the slope and more weathered zones in the face, and rock falls as a result of 
landslides or erosion of the matrix material.  Triggering mechanisms primarily comprised extreme 
weather events and, to a lesser extent, root jacking of boulders.  Specifically, from the initial risk 
assessment, identified hazards for Slope 4320 were: 
 

 Small rock fall: boulders with a minimum dimension of 0.2m. 
 Medium rock fall: boulders with a minimum dimension of between 0.2.m and 0.5m. 
 Large rock fall: boulders with a minimum dimension of greater than 0.5m. 
 Translational slides typically originate near the crest of the cuts and involve small volumes of 

composite material of less than 25m3. 
 
5.4 Design Process Implementation 
 
Several design options were considered for Slope 4320 including: 
 

 Minor slope regrades to remove steepened sections near the crest and either pinned high 
tensile mesh or draped mesh over the remainder of the slope. 

 A high energy catch wall to arrest the landslide/rockfill debris before it can enter traffic lanes 
and pose a hazard with no slope modification. 

 Major slope regrades, the impacts of which would likely extend beyond the road corridor. 
 
Each of the above options could be designed to meet the ARL criteria, however not all were 
consistent with the design guidance philosophies.  During concept assessment, high tensile mesh 
was rejected on the basis of cost and construction practicality and draped mesh was not preferred 
due to the ongoing costs of maintenance and repair.  A catch wall option offered confidence that the 
design landslide or rock fall would not reach the road, but the high impact energy and required wall 
height for the design event (1800kJ and 3m respectively) presented aesthetic and long term 
maintenance issues (including the need to rebuild or repair if damaged), and construction risk for 
workers.  In addition to being inconsistent with the design philosophies, the catch wall option also 
carried the uncertainty associated with the potential for changes to the design impact energy resulting 
from continued degradation of the slope, potentially rendering the wall capacity insufficient over time. 
 
A slope regrade solution met both the design criteria and philosophy, but was constrained by the 
available corridor space.  Standard TMR criteria was used as starting point for the regrade design, 
which for the materials evident, comprised 2H:1V batter slopes within the XW and residual soil, with 
steeper slopes possible within the better quality basalt in the lower section.  TMR standards nominate 
maximum 10m vertical intervals between 4m wide benches for drainage and to reduce the risk of 
individual bench instability and rock fall extending beyond one bench level.  Application of these 
criteria to the slope resulted in the crest extending significantly beyond the site boundary 
necessitating property acquisition, a cost which was beyond the funding criteria for the NDRRA work.  
To fit within the corridor, slope angles of 2H:1V within the soil strength section, then 1H:1V over the 
remainder were required, with only one intermediate bench possible within the available space.     
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Figure 3. Section of Slope 4320 prior to remediation. 
 
In principle, it was judged that, whilst the slope had continued to regress over time with near surface 
sloughing, erosion and rock fall, those events involved multiple smaller scale landslides occurring as a 
result of groundwater rise due to extreme weather events.  No large scale instability of the slope had 
been observed over the operational life of the road, indicating that gross instability was of low 
likelihood at the current slope angles and heights.  With this as a basis, it was judged that achieving a 
slope angle that was flatter than the initial geometry would reduce the likelihood of instability in both 
long and short term / higher groundwater scenarios.   
 
Figure 4 shows the geometry of the regrade for Slope 4320.  Table 1 shows the risk assessment 
outcomes for the slope regrade option, without any additional risk mitigation measures.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 4. Schematic of Slope 4320 regrade geometry 
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Table 1:  Summary of Risk Outcomes from Slope - Regrade Only 
Case Hazard 

Small Rock Fall Medium Rock Fall Large Rock Fall Translational Slide 
Original Slope ARL2 ARL2 ARL1 ARL2 
Regraded Slope ARL3 ARL3 ARL1 ARL2 

 
The slope regrade alone reduced the risk associated with small and medium rock fall, but the risk 
associated with large rock falls and translational landslides was unchanged.  The driver for the 
unchanged risk for a translational landslide is the relatively steep (1H:1V) batter slope within low 
strength basalt materials, whilst for the large rock fall hazard, the mechanism was erosion leading to 
release of corestones that could reach a high velocity at road level.  These hazards became the focus 
of the second design iteration.   
 
Pinned high mesh tensile was adopted to reduce the risk of shallow translational landslides from the 
upper portion of the slope where lower strength basalt is evident and the potential for detachment of 
boulders from the upper slope.  Given the higher cost and slow rate of construction for mesh 
installation as the excavation proceeded, the extent of the pinned mesh was to be limited as far as 
possible.  Therefore, the design nominated the pinned mesh extend down the slope for a sufficient 
distance, beyond which the risk posed by boulders detaching below that height could be managed by 
catch fences or walls.   
 
To manage cost and enhance construction practicality, catch structures comprised off-the-shelf and/or 
simple to construct systems.  Catch structures were adopted on both the bench and at the toe of the 
slope to reduce the potential for small landslides and rock fall reaching the traffic lanes.  Through a 
process of iteration, a balance was achieved between the extent of the pinned mesh and the capacity 
of a proprietary post and wire 35kJ energy catch fence for the bench.  The outcome was the mesh 
extending to within 10m vertically above the bench level.  By a similar process, a reinforced concrete 
wall was nominated at the toe of the slope, with a clear distance of 4m between the toe of the slope 
and the inner edge of the wall.  As a further risk management measure, a series of horizontal 
borehole drains were installed at both bench and toe levels to reduce the risk of high groundwater 
levels close to the face of the slope that may trigger instability. 
 
Figure 5 shows the slope regrade arrangement of the slope, including the additional risk mitigation 
measures.  Table 2 shows the incremental impact on the assessed risk level of the regrade resulting 
from the additional risk management measures. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 5. Schematic of Slope 4320 regrade plus additional risk management measures 
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Table 2:  Summary of Risk Outcomes from Slope - Regrade and Additional Risk Mitigation 
Measures 

Case Hazard 
Small Rock Fall Medium Rock Fall Large Rock Fall Translational Slide 

Original Slope ARL2 ARL2 ARL1 ARL2 
Regraded Slope 
plus Additional 
Measures 

ARL5 ARL4 ARL3 ARL3 

 
6 CONSTRUCTION OBSERVATIONS AND MONITORING 

 
Construction sequencing was developed in parallel with the design and influenced the design 
outcomes.  Bulk excavation for the regrade was undertaken top-down, followed by trimming to the 
design lines.  Construction monitoring involved geological mapping of the exposed rock faces as the 
excavation proceeded to assess the exposed materials for consistency with the design assumptions.  
The size of corestone that could form rock falls were as anticipated in the design, as was the general 
nature of the weathered basalt mass.  A relatively thin intermediate airfall deposit between basalt 
flows within the upper third of the slope and some overbreak areas were identified by the mapping, 
both of which required attention in the form of shotcrete and dowels to reduce the risk of erosion and 
potential undercutting of the basalt materials above.  An erosion matting product was fixed to the 
excavated face and sprayed with a vegetation mix in an effort to reduce the erosion risk.  Quality 
control processes were applied to the installation of the pinned high tensile mesh, catch fence and 
wall, and drainage elements to enable confirmation that the design requirements had been met.  
Figure 6 shows the final regraded slope. 
 

 
 
Figure 6. Final regraded Slope 4320 
 

7 CONCLUSION 
 
The adoption of a risk based design approach that considers both likelihood and consequences of 
identified slope risk hazards has been successfully implemented for slope restoration works at a high 
risk site near Toowoomba, Queensland. The method has allowed an atypical slope geometry to be 
adopted that fits within the available road corridor and meets the nominated design criteria, and 
achieves a tolerable risk level as defined by TMR.  An increased focus on consequences compared 
with the typical design approach of providing defined safety margins on the likelihood of instability has 
resulted in a cost effective design solution for this site.  The example provided demonstrates the 
effectiveness of the method in relation to restoration works for existing slopes. 
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ABSTRACT 
 
Assessment of potential seismic damage and repair costs for ten Greater Wellington Regional 
Council’s (GWRC) water tunnels has been carried out. The assessment included inspections of the 
tunnels by an Opus geologist to characterise the tunnel construction type and condition, the ground 
type and its susceptibility to seismic damage. Analysis of the transient and permanent ground 
deformations and accelerations imposed on the tunnels from ground waves, fault rupture and 
landslide was performed. 
Tunnel damage models have been developed and used for the assessment of seismic damage. Loss 
analysis was carried out using @RISK Monte Carlo simulation and taking account of uncertainties 
reflected in the probability distributions of the earthquake ground motion, structural response and cost 
variables, to find the deterministic repair costs under various earthquake scenarios. The probable 
maximum loss for earthquakes insurance purposes was taken as the 90th percentile loss and varied 
from $0.15M to a few million dollars for individual tunnels. In case of the Wellington Fault rupture, the 
Karori Raroa tunnel is expected to experience major damage and would need to be rebuilt. 
 
 
Keywords: tunnel, earthquake, damage, Wellington greywacke, cost, seismic stress  
 
 
1 INTRODUCTION 
 
Assessments have been made of the expected level of seismic damage and costs of repairing 
earthquake damage to the GWRC wholesale water supply network tunnels.  
 
For this study more engineering-based assessments of damage and repair costs have been made as 
follows: 
 

 The tunnels were inspected by a geologist to characterise the tunnel construction type, 
condition, the ground type and its susceptibility to damage. 

 The transient ground and permanent ground deformations and accelerations imposed on the 
tunnels from ground waves, fault rupture and landslide were analysed.  

 Damage models for lined and unlined tunnels have been developed based on these analyses. 
 The damage models were compared with the empirically-derived models published by the 

American Lifelines Alliance (ALA 2001). 
 Expected level of seismic damage and costs of repairing earthquake damage have been 

assessed based on the adopted damage models. 
 

This assessment covered ten tunnels through the Wellington region, these being: Karori Raroa, 
Maldive Street, Rocky Point, New Wainuiomata Tunnel, Hutt North 3, Hutt North 4, Orongorongo 1, 
Orongorongo 2, Kaitoke 1 and Kaitoke 2 tunnels. 
 
The locations of these tunnels range from Karori to Kaitoke and Wainuiomata as shown in Figure 1. 
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Figure 1. Tunnel locations and active faults 

 
2 TUNNELS 
 
Typical shafts of a lined and unlined tunnels and tunnel portals are shown on Figure 2. 
 

           
 

            
 
Figure 2. Typical lined tunnel, roof of an unlined tunnel, and tunnel portals 
 
As-built drawings for the tunnels were reviewed. The tunnels were inspected by an Opus geotechnical 
engineer who walked through the tunnels with a GWRC representative, observed and assessed the 
quality of the rock exposed in the roof and the walls of the tunnels (for unlined tunnels) and of the 
concrete linings (for lined tunnels). The portals of the tunnels were also inspected and the potential for 
seismic slope failures at the portals was assessed. To enable quantitative assessment of seismic 
damage to the tunnels, the rock quality was assessed in terms of the Rock Mass Rating (RMR) after 
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Bieniawski (1989).  All tunnels are formed in rock comprising weathered Wellington Greywacke 
sandstone of variable quality. Therefore, wide range of rock parameters was used for the assessment 
of the potential earthquake damage. Some information about the tunnels is summarised in Table 1. 
 
Table 1:  Tunnel parameters 

Location Tunnel 
Shaft 

Size, m 

Tunnel 
Length, 

m 

Embedment of 
tunnels below 

ground surface, m 

Lining RMR Assessed Shear 
Wave Velocity 
for Rock Mass, 

m/s 

Hutt 3 1.7 x 1.7 430 5 to 33 Lined N/A 600-1000 

Hutt 4 1.7 x 1.7 220 1 to 2 Lined N/A 600-1000 

Karori Raroa 1.8 x 1.8 360 2 to 67 Partial 26-36 500-1000 

Maldive St 1.7 x 1.7 350 6 to 40 Lined N/A 400-1000 

Kaitoke 1 1.8 x 1.8 690 2 to 141 Partial 45.5 600-1000 

Kaitoke 2 1.8 x 1.8 2,780 3 to 275 Partial 45.5 600-1000 

New 
Wainuiomata 
(3 sections) 

7 x 3.6 
 3.9 x 2.7  
2.4x 2.4 

880 3 to 130 Lined N/A 200-1000 

Orongorongo 
1 

2 x 2 3,150 7 to 526 Partial 35-46 700 - 3500 

Orongorongo 
2 

2 x 2 100 44 to 50 Partial 35-46 700 - 3500 

Rocky Point 2.5 x 2 230 6 to 27 Lined N/A 600-1000 

 

The ranges of the shear wave velocities for the rock mass were assessed based on observed rock 
quality for unlined tunnels and on site geologies and limited rock exposures for unlined tunnels in 
accordance with the correlations developed by Perrin et al. (2010). The unconfined compressive 
strength of intact rock was estimated based on the quality of exposed rock. Strength data for the 
concrete linings was not available. Therefore, based on our observations during the inspections of the 
tunnels, the following properties have been adopted for the analysis of seismic damage: compressive 
strength of 25 MPa, tensile strength of 3.5 MPa, Young’s modulus of 25,000 MPa and Poisson’s Ratio 
of 0.2. 

3 SEISMIC HAZARD 
 
Available analytical and numerical analyses methods for estimating the earthquake induced stresses 
in the tunnel lining require information on the intensity of the ground shaking in terms of the peak 
ground acceleration (PGA) and the peak particle velocity (PPV). For any particular site, these 
parameters can be determined by a conventional seismic hazard study which involves identifying the 
earthquake sources within the region, determining the frequency and magnitude of the earthquakes 
arising on each source and establishing the attenuation of the earthquake waves as they travel from 
the source to the site.  Results from a New Zealand wide seismic hazard study have been published 
by GNS (Stirling, 2002). In this document PGA’s are presented as a function of earthquake return 
period for any location. While the hazard model involves a degree of averaging on a moderately 
coarse area grid and does not necessarily give precise ground motion predictions for all specific sites, 
the results of the study are considered to be appropriate for the assessment of the earthquake 
damage to the tunnels. 
Our assessment of PPV was based on empirical relationships between PGA and PPV published by 
American Lifelines Alliance (ALA, 2001). ALA proposes that the ratio of peak ground velocity in m/s to 
peak ground acceleration in g units is about 1.0 for rock sites located within about 50 km of the source 
of earthquakes of magnitude between 6.8 and 7.7.  
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The seismic hazard that the tunnels are exposed to is dominated by the Wellington and Wairarapa 
Faults. The Wellington fault is in close proximity to the all but Orongorongo tunnels which are close to 
the Wairarapa Fault. The Wellington and Wairarapa faults have relatively short recurrence intervals of 
600 years and 1500 years respectively. The PGA’s at the tunnels calculated in accordance with the 
McVerry et al (2006) seismic wave attenuation relationship for the Wellington and Wairarapa faults are 
shown in Table 2.  
 
Table 2:  Site PGA’s from Wellington and Wairarapa Faults 

Location 

Peak Ground Acceleration (g) 

Wellington Fault Wairarapa Fault 

Median 84%ile Median 84%ile 

Karori-Raroa  0.50 0.72 0.26 0.38 

Maldive Street  0.48 0.69 0.28 0.40 

Rocky Point  0.49 0.72 0.30 0.43 

New Wainuiomata  0.43 0.63 0.36 0.53 

Hutt North 3 0.40 0.58 0.28 0.40 

Hutt North 4 0.40 0.58 0.28 0.40 

Orongorongo 1 0.31 0.44 0.51 0.73 

Orongorongo  2 0.31 0.44 0.53 0.78 

Kaitoke 1 0.46 0.67 0.37 0.53 

Kaitoke 2 0.49 0.72 0.37 0.53 
 
It should be noted that the Wellington Fault passes through the Karori - Raroa tunnel. Displacements 
in the order of 4m are anticipated on this fault. Therefore, the Karori - Raroa tunnel would need to be 
re-built if this part of the fault ruptures. 
 
4 DAMAGE TO TUNNEL PORTALS DUE TO SEISMIC SLOPE FAILURES 
 
The tunnels portals are located in generally steep terrain (Figure 2) and are potentially prone to 
damage from landslides induced by earthquakes. The potential damage due to slope failures from a 
Wellington Fault or similar earthquake has been assessed based on a previous study by GNS that 
gave recommendations on the assessment of slope failures as a function of slope steepness, rock 
quality and intensity of seismic shaking (Hancox et. al, 2002). For most of the tunnels the risks of 
deep-seated slope failures that would cause major damage at the portals is assessed to be low. For 
most of the tunnels portals the expected damage is relatively small amounts of ground slumping and 
rock fall (less than 5 m3). The Rocky Point tunnel is within 100 m distance of a very large landslide 
triggered by the 1885 Wairarapa earthquake. A similar event at the site of the tunnel could cause 
substantial damage. Also, a high risk of a landslide at the south portal of the Kaitoke 2 tunnel has 
been identified. 
 
5 CALLIBRATION OF DAMAGE MODELS 
 
Analytical damage models for lined and unlined tunnels were developed by Opus specifically for this 
study as described in Sections 6 and 7 of this paper. The models were then calibrated by comparing 
the assessed level of tunnel damage using the models with the level of damage observed and 
recorded in previous earthquakes in New Zealand and elsewhere. The American Lifelines Alliance 
(ALA, 2001) has developed empirical earthquake damage models (also known as fragility models) for 
tunnels from the analysis of a database of 217 tunnels that have experienced strong earthquake 
ground motions. Some of the data used by ALA is presented in Figure 3. 
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Figure 3. Earthquake Damage Data for Tunnels (adapted from ALA, 2001) 

The ALA models use the following damage states: slight damage (small cracks in liners and minor 
rock falls that will not generally impact directly on the flow of water through the tunnel); moderate 
damage 
(large cracks that could lead to dropouts into the water channel or damage the pipeline); major 
damage (major cracking and dropouts causing pipeline damage and restricting access to tunnels).  
 
From these data the median PGAs causing damage equal to or greater than the specified damage 
state were assessed. The probability distribution of the PGAs is lognormal with a dispersion of 0.5. 
The damage state median PGAs for the lined tunnels of good quality construction and in good 
condition are shown in Table 3 along with the maximum concrete stresses in the concrete lining of the 
typical water tunnel section corresponding to the median PGAs. These can be compared to likely 
compressive strengths in the 20MPa to 30MPa range and tensile strengths in the 3MPa to 5MPa 
range. 
 
Table 3:  Lined tunnel damage state median PGAs compared to analytically estimated lining 
stresses 

Type of Tunnel Slight Damage 
State 

Moderate Damage 
State 

Major Damage State 

ALA median PGA (g) 0.61 0.82 - 
Maximum concrete stress 
(MPa) 

9.0 13.0 - 

 
The damage state median PGAs for lined tunnels of poor quality construction are shown in Table 4 
along with the maximum concrete stresses in the concrete lining of the typical water tunnel section 
corresponding to the median PGAs. 
 
Table 4:  Damage state median PGA's for poor quality lined and unlined tunnels compared to 
analytically estimated lining stresses 
Type of Tunnel Slight Damage 

State 
Moderate 

Damage State 
Major Damage 

State 
ALA median PGA (g) 0.35 0.55 1.10 
Maximum concrete stress (MPa) 5.0 8.0 17.0 
 
It is expected that these PGA – damage relationships will give reasonable estimates of the maximum 
damage, but conservative estimates of the average damage.  
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6 EARTHQUAKE DAMAGE TO UNLINED TUNNELS 
 
Currently there is no commonly accepted methodology for the assessment of earthquake damage to 
unlined tunnels. Therefore, the following methodology described below has been developed for this 
project.  The damage to unlined tunnels has been quantified by estimating the volume of spalling 
(volume of rock failures) per 1 m length of the tunnel due to seismic shaking as follows: 
 

1. PGA was assessed based on the considered earthquake scenarios. 
2. The PGA was factored down based on the depth of the tunnel measured from the ground 

surface level. The factors recommended by FHWA (2009) were adopted for this purpose. 
3. The unconfined compressive strength of the rock mass (this includes effects of rock defects) 

was calculated a function of the unconfined compressive strength of intact rock and RMR 
using a relationship given by Van & Vasarhelyi (2012). 

4. The effective propagation shear wave velocity in the rock mass was calculated based on 
available correlations between the quality of the rock mass and the shear wave velocity given 
by GNS Science (Perrin et al., 2010). 

5. The maximum axial strain generated by earthquake shaking was assessed as function of the 
effective propagation shear wave velocity as recommended by Wang (1993). 

6. The seismic stress increment in the rock mass was calculated based on the maximum axial 
strain generated by earthquake shaking and the assessed rock stiffness. 

7. The total stress in the rock mass was assessed as a sum of static stress and the seismic 
stress increment. 

8. The volume of spalling (volumes of rock failures) per 1 m length of the tunnel due to seismic 
shaking was assessed as function of the maximum shear stress generated in the rock mass 
based on empirical correlations given in Martin et al. (1999). 

9. Parameters in the developed model were also correlated against previous case studies 
(Section 5) and the observed volumes of failure in the Orongorongo tunnel in 2013 Seddon 
earthquakes. 

 
Table 5 presents a summary of the 500 and 2500 year return period earthquake results for a 
representative section of unlined tunnel.  

Table 5:  Analysis Results for Representative Unlined Tunnel Section 
 Parameter  Value 

Effective radius (m) 1.0 

Tunnel depth (m) 200 

Ground surface shear wave velocity (m/sec) 1000 
Rock unconfined compressive strength (MPa) 30 

Rock mass rating 40 

500 year return period 
Peak ground acceleration (g) 0.4 
Volume of spalling (m3/m) 0.05 

2500 year return period 

Peak ground acceleration (g) 0.72 
Volume of spalling (m3/m) 0.17 
 
7 EARTHQUAKE DAMAGE TO LINED TUNNELS 
 
Analytical procedures described by Wang (1993) were used to estimate the longitudinal stresses 
(tunnel axis direction) in the tunnel lining from the earthquake induced axial and curvature 
deformations. Two different methods can be used. A simplified procedure is to assume that the 
structure experiences the same strains as the ground in the free-field. A more complex and correct 
procedure is to consider tunnel-ground interaction effects. When the tunnel is stiff in the longitudinal 
direction relative to the surrounding soil or rock, it tends to resist rather than conform to the 
deformations imposed by the ground. The free-field simplified approach gives an upper-bound 
assessment of the tunnel response and has been adopted for this analysis. Wang (1993) also 
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presents both free-field and lining-ground interaction solutions for circular tunnel sections subjected to 
earthquake induced ovaling deformations. For this study the more conservative free field method was 
used. 
 
Table 6 presents a summary of the 500 and 2500 year return period earthquake results for longitudinal 
and ovaling strains and corresponding stresses calculated in a typical section of lining using the 
simplified free-field approaches. The imposed strains are inversely proportional to the rock stiffness, 
represent by the shear wave velocity. The expected value of the estimated shear wave velocity range 
has been used in this analysis. The predicted longitudinal compressive stresses from deformations 
associated with the 500 and 2500 year return period ground shaking are significantly less than the 
compressive strength, so concrete crushing and spalling is unlikely to occur in competent lining. 
Longitudinal axial strains are predicted to exceed the tensile strength of the concrete so concrete 
cracking is likely to occur. However, this cracking will be transitory and will close up as the ground 
wave passes along or across the tunnel leaving only fine hair-line cracks. The ovaling flexural stresses 
are unlikely to exceed the tensile strength given the significant compressive stresses in the lining from 
overburden pressures. Our analysis indicated that damage to lined tunnels is only likely to occur if 
there are sections of defective lining that are marginally stable under static loads requiring relatively 
small increases in stress to trigger a failure. 
 
Table 6:  Analysis Results for Typical Lined Tunnel Section 

Parameter Value 

Effective radius (m) 1.0 

Lining thickness (mm) 200 

Ground surface shear wave velocity (m/sec) 800 

500 year return period 

Peak ground acceleration (g) 0.4 
Longitudinal axial strain 0.00024 

Longitudinal curvature strain 0.000009 
Diametric (ovaling) strain 0.00062 

Max. longitudinal concrete stress (MPa) 6.0 

Max. ovaling flexural stress (MPa) 1.0 

2500 year return period 

Peak ground acceleration (g) 0.72 
Longitudinal axial strain 0.00043 
Longitudinal curvature strain 0.000017 
Diametric (ovaling) strain 0.0011 

Max. longitudinal concrete stress (MPa) 11.0 

Max. ovaling flexural stress (MPa) 2.0 
 
8 LOSS ANALYSIS 
 
Based on the described methodology of damage assessment, two loss estimation models were 
developed - a lined and an unlined models. Generally the tunnels were assessed using either a single 
model or a combination of the two models in different sections. To account for risk and uncertainties 
reflected in the probability distributions of the earthquake ground motion, rock quality, structural 
response and cost variables, Monte Carlo Simulation was carried out for the loss estimation analysis 
using @Risk simulation software. The Monte Carlo simulations calculated 10,000 iteration of each 
considered earthquake scenario. @Risk simulation was applied to the following input parameters of 
the model: 

 Earthquake event magnitude: this allowed earthquake Magnitudes to be entered as a range, 
e.g. a M7.5 event was presented as M7.3 – M7.7. 

 Repair cost rates: ranges of repair cost rates from recent projects were used. 
 Rock parameters: a geologist made an assessment of the rock quality during tunnel 

inspections; ranges of rock parameters were developed based on the observed variability of 
the rock. 
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The outputs of the simulations included: 
 

 Volume of spalling for unlined tunnels or tunnel sections 
 Damage states for lined tunnels or tunnel sections 
 Distribution curves of repair cost for each tunnel and all tunnels  

 
The assessed 90%ile repair costs for individual tunnels for the considered earthquake scenarios 
varied from $0.15M to a few million dollars. In case of the Wellington Fault rupture, the Karori Raroa 
tunnel is expected to experience major damage and would need to be rebuilt. 
 
9 CONCLUSIONS 
 
In this study, models for seismic damage to lined and unlined GWRC water tunnels have been 
developed. The available information, inspections, engineering analysis and judgement have been 
used to assess earthquake damage to the tunnels.  Monte Carlo simulations for both lined and unlined 
tunnels have been used to estimate the cost to repair earthquake damage to the assets. The probable 
maximum loss for earthquakes insurance purposes was taken as the 90th percentile loss and varied 
from $0.15M to a few million dollars for individual tunnels. In case of the Wellington Fault rupture, the 
Karori Raroa tunnel is expected to experience major damage and would need to be rebuilt. 
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ABSTRACT 
 
Recent earthquakes have shown that liquefaction and associated ground deformations are major 
geotechnical hazards to civil engineering infrastructures, such as pipelines. In particular, sewer pipes 
have been damaged in many areas in Christchurch as a result of liquefaction-induced lateral 
spreading near waterways and ground oscillation induced by seismic shaking. In this paper, the 
addition of a flexible AM liner as a potential countermeasure to increase sewer pipe capacity was 
investigated. Physical testing through 4-point loading test was undertaken to characterise material 
properties and the response of both unlined pipe and its lined counterpart. Next, numerical models 
were created using SAP2000 and ABAQUS to analyse buried pipeline response to transverse 
permanent ground displacement and to quantify, over a range of pipe segment lengths and soil 
parameters, the effectiveness of the AM liner in increasing displacement capacity. The numerical 
results suggest that the addition of the AM liner increases the deformation capacity of the unlined 
sewer pipe by as much as 50 times. The results confirmed that AM liner is an effective 
countermeasure for sewer pipes in liquefied ground not only in terms of increased deformation 
capacity but also the fact that AM-Liner can prevent influx of sand and water through broken pipes, 
making sewer pipes with liner remaining serviceable even under severe liquefaction condition. 
 
Keywords: liquefaction, ground displacement, pipelines, liner, physical test, numerical simulation 
 
 
1 INTRODUCTION 
 
The September 2010 and February 2011 earthquakes in Christchurch have shown that liquefaction 
and associated ground deformations are major geotechnical hazards to engineering infrastructures, 
such as pipelines, during earthquakes. In particular, sewer pipes have been damaged in many areas 
in Christchurch as a result of liquefaction-induced lateral spreading near waterways and ground 
oscillation induced by seismic shaking. Although most of the damaged sewer and water pipes in 
Christchurch were in sections made of asbestos cement (AC), several segments of polyvinyl chloride 
(PVC), concrete and polyethylene (PE) pipes were also sheared, pulled out or compressed at various 
levels, and these damages affected the function of the sewer network in many places (Giovinazzi & 
Wilson 2012). An example of a typical damage observed to sewer pipe is shown in Figure 1(a).  
 
Conventionally, pipe re-lining has been used to rehabilitate cracked or damaged portions of pipes as a 
means of completely trenchless form of restoration. Polymeric linings are remotely inserted in the 
pipes and the new composite layer provides secure continuity of pipe flow. The refurbished pipe 
generally has increased service life and enhanced hydraulic properties; however, the liners 
performance as countermeasure to earthquake-proof sewer pipes has never been established. 
  
This paper presents the results of the investigation conducted to examine the performance of sewer 
pipes with AM liner during earthquakes and establish its performance as structural retrofitting measure 
to earthquake-proof sewer pipes. AM-Liner II is a PVC fold-and-form, thermoplastic, seamless liner 
conventionally used for trenchless rehabilitation of pipes 150 - 300mm in diameter (see Figure 1b). 
The liner is heated, pulled into the host pipe and re-formed with steam and air. As a result, a 
seamless, chemically-resistant PVC pipe is formed tightly to the interior of the existing host pipe. With 
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its smooth seamless interior, the reduced friction loss more than compensates for the internal 
diameter change. It is an environmentally friendly way to rehabilitate damaged pipes, negating the 
need for costly and time consuming excavation (PipeTech 2012). 
 
For this purpose, physical model tests were conducted on lined and unlined sewer pipe segments 
using 4-point loading apparatus. The observations were then used to numerically simulate the 
response of lined and unlined sewer pipes when subjected to liquefaction-induced lateral spreading 
through parametric analyses. From the results obtained, more comprehensive performance criteria 
were then formulated for the specified pipe and ground conditions.  
 
 
2 METHODOLOGY 
 
2.1 Physical model tests 
 
Firstly, physical model tests were conducted to investigate the performance of sewer pipes equipped 
with AM-liner when subjected to transverse loads. For this purpose, four-point loading tests were 
performed on two specimens of 150mm nominal bore vitrified clay pipe with an average wall thickness 
of 20mm. Sample 1 was a single section of unlined vitrified clay pipe which was approximately 1.5m in 
length. On the other hand, Sample 2 was made up of two sections of vitrified clay pipe joined together 
and continuously lined by the AM-liner. The joint was sealed using a rubber gasket. The outside 
diameter of the AM-liner was practically the same as the inside diameter of the host pipe. The AM-
Liner had an average wall thickness of 5.87mm which results in the inside diameter of the AM-liner 
being 138.26mm. All the pipes used had a standard socket and spigot ends.  
 

   
                                         (a)                                                                 (b) 
Figure 1. (a) Example of damaged sewer pipe as a result of 2011 Christchurch Earthquake 
(ProjectMax 2012); (b) Coil of AM-Liner (American Pipe & Plastics Inc 2005) 

   
                                    (a)                                                                    (b) 
Figure 2. (a) Test set-up for the 4-point load test (Sample 1); and (b) location of sensors (Sample 2). 
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For the four-point load test, the pipe surface was first prepared by sand blasting and de-greasing to 
provide a good bonding surface for the strain gauges which were installed at pre-defined locations. 
The pipe specimen was then placed on wooden cradles which rested on the support stands of the 
MTS test machine. A thin rubber material was placed between the pipe and wooden cradle to prevent 
line failure along support sections.  
 
The centre of the pipe was approximately aligned below the force actuator of the MTS, with the load 
spreaders adjusted so that all four supports were at the middle-thirds of the pipe length (see Figure 
2a). Linear variable displacement transducers (LVDT) were also installed at pre-defined locations (see 
Figure 2b). All sensors were connected to the data acquisition control unit. The downward deflection 
was applied at a controlled rate, and the test was stopped when the maximum deflection limit of 
300mm was reached or when the pipe or AM-liner had completely failed, whichever came first. Video 
recording with grid references were also used for visual representation of the pipe deflection. 
 
2.2 Numerical analyses 
 
To simulate the response of the pipes both in the model tests as well as to liquefaction-induced 
permanent ground displacements (PGD) (see Figures 3a and 3b), numerical analysis was performed 
using the computer program SAP2000 and ABAQUS. SAP2000 is a software package for structural 
analysis of linear and nonlinear problems and is capable of conducting static and dynamic analysis. 
Nonlinear pushover static analysis was used to analyse the pipe and liner and made use of material 
nonlinearity tools to address inelastic structural responses where the behaviour of the system deviates 
from the initial stiffness tangent characteristic of linear-elastic behaviour. The inelastic behaviour of the 
material is represented using a monotonic curve (or backbone curve) whose characteristics are based 
on moment-curvature relationships for the structure (CSI 2008). The numerical model used in 
SAP2000 is shown in Figure 3(c). 

 

   
(a)                                                                    (b) 

 
Figure 3. (a) Schematic diagram of pipeline subjected to transverse lateral spreading; (b) location 
of pipeline in laterally-spreading liquefied ground; and (c) numerical model for SAP2000 analysis. 
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To supplement the results, a 3-D finite element (FE) model was created in ABAQUS (version 6.12-3) 
with the intention of replicating a buried pipeline subjected to transverse PGD. The numerical 
modelling was aimed at exploring the possible increase in capacity with the addition of the AM liner. 
Figure 4(a) shows the replica of the ABAQUS model for the physical model test with 4-point loading, 
while the numerical model for the buried pipe under transverse PGD (vis-à-vis Figure 3b) is depicted 
in Figure 4(b). 
 
 
3 RESULTS AND ANALYSES 
 
3.1 Physical model tests 
 
In four-point loading tests, the bending moment is constant over the outer sections of the pipe (i.e. 
between the ends and the loads); this type of loading provides a way not only to characterise the 
material properties of the unlined pipe and its AM-lined counterpart, such as the Young’s Modulus (E) 
and yield strain (εy), but also to have a better idea (in terms of modelling) on the interaction between 
the pipe and the liner and their overall response as composite structure. 
 
3.1.1 Unlined pipe 
 
As expected, the loading test on the unlined vitrified clay pipe showed an initial elastic response; the 
records from the strain gauges showed that the stress-strain curve prior to yielding indicate an elastic 
modulus of E = 56 GPa, approximately 12% higher than the manufacturer’s quoted value of 50 GPa. 
There was no plastic behaviour observed; in fact a brittle failure occurred when the mid-span 
displacement was about 6 mm, representing a strain εy = 0.02% at the outer ends.  
 
3.1.2 AM-lined pipe 
 
The relationship between the displacement (as monitored by the LVDTs) and resistance provided by 
the AM-lined pipe is shown in Figure 5. It is clear that during the initial stage of loading, the response 
is elastic; recordings from strain gauges indicate an equivalent modulus of E=66.7 GPa. With further 
loading, some cracks occurred mostly at the spigot and socket joints. However, longitudinal cracks 
developed at the top and bottom of the pipe when the force was about 3 kN, which resulted in a small 
drop in the resistance. With further application of the load, the elastic response continued until another 
crack developed and the force dropped. Each drop in the force-displacement relation actually 
indicated formation of large crack. The test was terminated when the displacement at the centre was 
268 mm; at this point, the resistance dropped to 0.93KN.  
 
Taking a closer look at the force-displacement curve, three regions can be observed. The first can be 
called the “pipe-dominant region” where the pipe mostly failed as shown by random cracks. With 
further loading, the liner started to become effective and the “composite region” was mobilised; at this 

   
                                         (a)                                                                    (b) 
Figure 4. Model in ABAQUS: (a) computer model of the 4-point load test; and (b) model for the pipe 
subjected to lateral spreading. 
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region, only a few cracks were noticed. The curve in this region is smoother as would be expected for 
a ductile material, indicating that the AM-liner was absorbing some of the strains as it elongated. Once 
the pipe became totally ineffective, the third zone is mobilised, called “liner region” where only the AM-
liner was absorbing the load. Note that there was no abrupt drop in resistance in this region, showing 
that the AM-liner was getting displaced and buckled as the load was being applied. When the test was 
terminated, the elongated AM-liner had completely collapsed, closing the space for possible 
wastewater flow. The before and after test photos are shown in Figure 6. Based on these results, it 
can be concluded that the AM-liner aids in maintaining the serviceability of the pipe during four-point 
bending test. 
 
It should be mentioned that the quality of results may have been compromised due to debonding of 
the AM-liner from the pipe walls. During testing, the AM-liner had slipped with respect to the pipe wall 
by about 80mm.This would have also decreased the amount of strain experienced by the AM-liner and 
it may have failed earlier if debonding had not occurred. 
. 

 
3.2 Numerical analyses 
 
3.2.1. Physical test validation 
 
As discussed above, on testing the AM-lined pipe, once yielding of the vitrified clay pipe had occurred, 
the stress was transferred to the liner. The AM liner was able to sustain deformation so large that it 
reached the capacity of the testing machine before yielding of the liner was observed. For the purpose 

   
Figure 5. Force-displacement curve for the AM-lined pipe subjected to 4-point loading. 

      
                                        (a)                                                                    (b) 
Figure 6. Photos of load test for AM-lined sewer pipe: (a) before the test; and (b) after the test 
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of numerical modelling, the transfer of the strain to the AM-liner on yielding of the pipe was simplified; 
the drop in stress when the host pipe yielded (formation of cracks) and the AM-liner taking over is 
illustrated in Figure 7. With this approach, the pipe and the AM-liner were not treated as independent 
structure, but rather as composite one; hence, possible slippage of the liner was not considered. The 
moduli recorded in the tests were used to represent the response of the composite section and liner.  

 
For the purpose of validating the 4-point loading test for use in the succeeding simulation, ABAQUS 
was used initially with the numerical model shown in Figure 4(a). The pipe consisted of a solid extrude 
and used an elastic modulus of 56 GPa for the unlined one and 66.7 GPa for the lined one as 
established through physical testing. Its geometry resembled the unlined test specimen, 1.6 m in 
length with an ID of 150 mm and wall thickness of 20 mm. When analysing the lined pipe, the 
thickness was changed to consider the effect of the AM-liner. 
 
The results of the simulation for both tests on lined and unlined pipes showed good agreement with 
the tests at small strain levels. Comparison of recorded strains (as recorded by gauges) and those 
calculated by ABAQUS at various stages of loading indicated good correlations; however, once the 
host pipe in Sample 2 yielded and cracked, the simulation was not as good because the model did not 
capture the slippage on the AM-liner inside the pipe as well as the progressive formation of cracks, 
which affected the transfer of stresses from the host pipe to the AM-liner. Nevertheless, the stress-
strain relation of the composite pipe appeared to represent the overall behaviour after yielding of the 
host pipe. 
 
3.2.2. Simulation of pipe subjected to transverse lateral spreading 
 
Next, the response of both lined and unlined pipes under transverse lateral spreading due to soil 
liquefaction is investigated. The schematic diagrams of the scenario investigated are shown in Figures 
3(a) and 3(b). Initially, the nonlinear static pushover tool in SAP2000 software was used to examine 
the moment-curvature capacity of the pipes. Both constant amplitude and triangular profiles of lateral 
spreading displacement was considered to act on pipes with different lengths (L=8, 16m) exposed to 
the movement. Both continuous and segmented pipes (with joints) were considered. The soil springs 
were assumed to have linear elastic stiffness and were calculated based on correlation with Standard 
Penetration Test (SPT) blow count value, as proposed by the Architectural Institute of Japan (2001). 
For the purpose of the analysis, (N1)60=5 and 10 were considered, as these values represent surface 
ground conditions near Avon River in Christchurch, where many sewer pipes were damaged.  
 
The bending moment at pipe failure for 8m pipe length is shown in Figure 8(a). When the pipe was 
modelled as a continuous pipe, the pipe failed at the fixed ends when bending moment capacity was 
reached. For pipes with joints, the central pipe joint located at the centre of the pipe length failed first. 
Pipes with joints required less shear force and bending moment to reach failure point than those with 
no joints. The profile of the PGD applied did not have much influence on the location of failure points 
along the pipe length, but it mostly influenced the magnitude of lateral displacement at which the pipe 
or AM-liner failed. 
 

 
Figure 7. Simplified stress-strain relation for the vitrified clay pipe with AM-liner. 
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After the pipe had failed, further lateral spreading was applied until the AM-liner reached its ultimate 
moment capacity. The bending moment at AM-liner failure for 8m pipe length is shown in Figure 8(b). 
As was the case earlier, for continuous pipes, the AM-liner failed at the fixed ends and for segmented 
pipes with joints, the AM-liner failed at the central joint. The flattening of bending moment at the centre 
of the figure is due to the closure of gaps in left side springs (see Figure 3c). When the gaps close, the 
spring stiffens and tries to resist any further displacement. This reaction was expected by the left side 
gap element springs. When lateral spreading ceases, the pipeline would try to continue deforming in a 
parabolic shape. This attempt to deform as a parabola would be resisted by the surrounding soil. The 
shape of bending moment diagram depends on several factors, such as the pipe length, the location 
of initial pipe failure, the amount of lateral displacement applied, the gap in the left hand springs, and 
the location of joints, to mention some. Similar trend was observed for the L=16m long model. 

To summarise, the following was observed regarding the initial failure location in majority of the 
scenarios modelled: (1) for continuous pipes, the pipe and AM-liner failed at the ends while for 
segmented pipes, most failures were at the central joint; and (2) The lateral spreading profile did not 
have much influence on the location of failure points. A summary of the results for the case of SPT 
(N1)60=5 are shown in Table 1. 
 
Table 1: Results of SAP2000 pushover analysis 

Pipe Length 
(m) 

PGD Profile Scenario 
Magnitude of displacement 

applied (mm) 
No Joints With Joints

8 
 

Constant 
When pipe failed 46 35 
When liner failed 117 95 

Triangular 
When pipe failed 71 45 
When liner failed 175 115 

16 
Constant 

When pipe failed 25 12 
When liner failed 141 147 

Triangular 
When pipe failed 45 20 
When liner failed 280 201 

 
Segmented pipelines generally had the pipe and AM-liner failed at a lower lateral displacement than 
continuous pipelines; on average, the latter had 67% more displacement capacity than segmented 
pipes. Pipelines subjected to constant PGD profile failed at a lower lateral displacement than pipelines 
subjected to triangular PGD profile. Pipelines subjected to triangular PGD profile required 1.2 to 2 
times more lateral displacement to reach failure point when compared with constant PGD profile. 
When the lengths of pipelines were compared, it was observed that AM-liners in longer pipelines 
maintain higher serviceability. This implies that longer AM-liners will have higher lateral displacement 
capacity. 16m AM-lined segmented pipeline subjected to triangular PGD profile had the highest 
increase in tolerance to lateral displacement, with the AM-liner increasing the displacement capacity 
by more than 900%. 
 
ABAQUS was also employed to analyse the response of buried lined and unlined pipes subjected to 
transverse lateral spreading. The model is shown in Figure 4(b). Based on the model tests, the yield 

  
                                       (a)                                                                          (b) 
Figure 8. Bending moment distribtution of the 8m long pipe: (a) at failure for the unlined pipe; and 
(b) at failure for the lined pipe. 
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stress (σy) was taken as 11.25 MPa for the host pipe and 28 MPa for the AM-liner. The deformations 
required to reach these yield conditions are shown Table 2, for different lengths of pipe segment. Also 
shown, are the magnitudes of the PGD able to be withstood by unlined pipes, for comparison. The 
results are based on constant PGD profile, and SPT N-value (N1)60=5. It can be increased that the 
capacity of the unlined pipe is increased by more than 50 times with the installation of the AM-liner. 
  

Table 2: Results of ABAQUS simulation (constant PGD profile) 
Segment Length 

(m) 
Scenario 

Magnitude of displacement 
applied (mm) 

1.6 
When pipe failed 2 
When liner failed 101 

2.0 
When pipe failed 2.5 
When liner failed 120 

2.5 
When pipe failed 3 
When liner failed 137 

 
 
4 CONCLUSIONS 
 
Physical model tests and numerical simulation using SAP2000 and ABAQUS were conducted to 
examine the performance of vitrified clay sewer pipe with AM-liner. The major conclusions obtained 
are as follows: 

 Four-point loading tests performed on unlined sewer pipe showed brittle behaviour and 
minimum deformation capacity. However, with AM-liner, the overall behaviour of the 
composite pipe showed ductile response, with the AM-liner taking over the strain when the 
host pipe cracked and yielded, resulting in larger deformation capacity. 

 SAP2000 pushover analyses indicated that segmented pipelines generally had the pipe and 
AM-liner fail at a lower lateral displacement than continuous pipelines. Continuous pipes, on 
average, had 67% more displacement capacity than segmented pipes.  

 Pipelines subjected to constant lateral spreading profile failed at a lower lateral displacement 
than pipelines subjected to triangular profile. When the lengths of pipelines were compared, it 
was observed that AM-liners in longer pipelines maintain higher serviceability. This implies 
that longer AM-lined pipelines will have higher lateral displacement capacity.  

 ABAQUS 3D analysis confirmed the pipe with AM-liner performed better than unlined pipe 
under the same magnitude of PGD, geometry and soil conditions. The liner was still 
serviceable after the failure of the vitrified clay pipe, with the AM-lined pipe having 50 times 
the deformation capacity of the unlined one. 

Thus, these results confirmed that AM liner is an effective countermeasure which can increase the 
deformation capacity of sewer pipes in liquefied ground. Moreover, during liquefaction, AM-Liner can 
prevent influx of sand and water through broken pipes and the pipes can remain serviceable. As a 
result, restoration of damaged sewer pipes can be delayed and, instead, much needed attention can 
be provided to more important services or facilities. 
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ABSTRACT 
 
This paper summarizes the development of a region-wide surficial shear wave velocity model based 
on the combination of the large high-spatial-density database of cone penetration test (CPT) logs in 
and around Christchurch, New Zealand and a recently-developed Christchurch-specific empirical 
correlation between soil shear wave velocity and CPT. The ongoing development of this near-surface 
shear wave velocity model has applications for site characterization efforts via the development of 
maps of time-averaged shear wave velocities over specific depths, and the identification of regional 
similarities and differences in soil shear stiffness. 
 
Keywords: shear wave velocity, cone penetration test (CPT), site characterization 
 
1 INTRODUCTION 
 
The 2010-2011 Canterbury earthquake sequence resulted in widespread damage to the infrastructure 
of the greater Christchurch urban area (Bradley 2012a, 2012b; Bradley and Cubrinovski 2011; 
Cubrinovski et al. 2010, 2011a, 2011b). Much of the incurred damage was geotechnical in nature, and 
as a result, a significant portion of the post-earthquake recovery efforts in Christchurch have involved 
the characterisation of the near-surface (depth < 30 m) soil conditions in the region. Thousands of 
subsurface exploration logs obtained through these ongoing recovery efforts have been made 
available for research purposes through the Canterbury Geotechnical Database project, providing an 
unparalleled resource in terms of the scope and spatial density of available subsurface data. In this 
study, the available cone penetration test (CPT) data (> 15000 individual records as of 1 February 
2014) is used together with the Christchurch-specific CPT-Vs model of McGann et al. (2014a, 2014b) 
to develop a set of regional near-surface shear wave velocity (Vs) models that describe the spatial and 
depth-wise variation of Vs in terms of travel time-averaged shear wave velocities (Vsz) for profile 
depths of z = 5, 30 m. This paper represents a summary of work in this area; interested readers are 
referred to McGann et al. (2014c) for further details. 
 
2 DEVELOPMENT OF REGIONAL SHEAR WAVE VELOCITY MODELS 
 
2.1 Data and assumptions 
 
The CPT data referenced in this report includes 15364 individual CPT records extracted from the 
Canterbury Geotechnical Database as at 1 February 2014 for sites located throughout Christchurch 
and the surrounding towns and suburbs. The CPT records in this dataset generally cover the range of 
depths extending from the ground surface to the upper surface of the Riccarton Gravel that exists 
beneath Christchurch (Brown and Weeber, 1992) though a large portion of the CPT tests were 
terminated at a pre-defined target depth (typically 20 m) or upon effective refusal above the Riccarton 
Gravel. The raw CPT measurement data from the adopted dataset was evaluated for suitability using 
a series of filters and exclusion criteria to ensure that only sites with consistent and useful data are 
used in the subsequent analysis and development steps. After the application of these criteria, a total 
of 10550 CPT sites were retained, i.e., 4818 CPT records were excluded (McGann et al. 2014c). 
 
Shear wave velocity profiles are estimated for each CPT record using the Christchurch-specific CPT-
Vs correlation of McGann et al. (2014a, 2014b). These Vs profiles are used to develop surfaces 
describing the distribution of time-averaged shear wave velocity (Vsz) across the Christchurch area. 
Target profile depths of z = 5 and 30 m are presented here to allow for an assessment of soils that are 
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important in phenomena such as liquefaction (Vs5) and an overall assessment of the near-surface 
zone (Vs30) that is commonly used for building-code based site characterization (e.g., BSSC 2003; 
ASCE 2013). Vsz values are computed for each profile depth as 
 
Vsz = Σ(di) / Σ(di/Vsi) (1) 
 
where di are CPT depth measurement increments up to the target depth, Vsi are the mean shear wave 
velocities over each increment, and Σ indicates the sum over all increments. 
 
Due to the nature of the stratigraphy beneath the Christchurch region, the computation of Vs30 (time 
averaged shear wave velocity to 30 m) requires the estimation of the depth to the upper surface of the 
Riccarton Gravel and volcanic rock surfaces that underlie the surficial sediments (Brown and Weeber, 
1992), along with the estimation of the Vs values within these materials. A pair of interpolated surfaces 
describing the upper boundaries of the Riccarton Gravel and volcanic rock layers have been 
developed using well log data from about 530 sites in the Canterbury region (Lee et al., 2014) and, for 
the Riccarton Gravel, the western outcrop of this surface per the GNS QMAP data for the Christchurch 
area (Forsyth et al., 2008). These surfaces are used to estimate the depth to the top of the Riccarton 
Gravel or volcanic rock layers at each CPT site. For sites where the CPT termination depth is deeper 
than the estimated depth to these surfaces, the termination depth is used. Shear wave velocities for 
the Riccarton Gravel are estimated using the dense gravel reference Vs profile suggested by Lin et al. 
(2014) and Vs for the volcanic rock is assumed to be a constant 750 m/s. For CPT sites where the 
depth to one of these surfaces is < 30 m, these assumed gravel and rock velocities are appended to 
the CPT-Vs profile to get the 30 m deep Vs profiles necessary for the Vs30 model. 
 
2.2 Spatial interpolation for Vsz surfaces 
 
Smooth surfaces of Vsz that approximate the CPT-based Vsz data points determined using equation (1) 
were fit to 200 m x 200 m grids. If no CPT record was within 300 metres of a single grid point, then no 
estimate of Vsz was computed at that point. This 300 m boundary distance was selected based on an 
examination of the spatial variability in the soil profiles, and was enforced to ensure the resulting 
surfaces focus only on well-constrained estimates as opposed to estimates over the full urban region. 
Each grid is subdivided according to the surficial geologic units (QMAP units) indicated on the 
1:250,000 scale geologic map of Christchurch (Forsyth et al., 2008), and for each target depth, z, the 
full Vsz surface is compiled from separate surfaces fit to the CPT results located in the alluvium, 
marine/dune, estuarine, and peat/swamp QMAP units to avoid interpolation or extrapolation across 
surficial geologic boundaries. The surface-fitting procedure uses a modified ridge estimator (Khalaf et 
al., 2013) that is biased towards smoothness to achieve surfaces that are representative of the trends 
in the CPT-based results without necessarily representing Vsz at any particular site. Vsz values on the 
edges of the interpolated surfaces are naturally less constrained by existing CPT data, and are often 
based on extrapolation (up to the predefined 300 m boundary distance), thus, such values should be 
interpreted with a greater degree of uncertainty than values in the middle of the surfaces that are 
better constrained. 
 
3 REGIONAL VS30 MODEL 
 
Figure 1 shows the Vs30 surface model developed from the aforementioned methodology. Major roads 
are indicated as black lines and the horizontal and vertical axes indicate the distance in kilometres 
from the lower-left datum noted in the figure caption. As shown, there is a large degree of spatial 
variability in Vs30, with values varying by about 100-120 m/s across the region. With the exception of 
some western sites with shallow gravels, there is a general trend of increasing Vs30 from west to east 
in CPT-penetrable soils, as the values within the marine/dune QMAP unit located in the east tend to 
be higher than those in the alluvial, peat/swamp, and estuarine units located further west. The 
increased velocities in the marine/dune deposits may be due a combination of densification due to 
wave-action during deposition and the relative lack of fines and plastic soils in these deposits in 
comparison to the other surficial units. The general band of softer (i.e., low Vs30) alluvial sites located 
between Belfast in the north and the Port Hills in the south in particular have an increased amount of 
silty and clayey soil relative to the rest of the region. The eastern edge of this soft band, extending 
southeast from about (17, 20) to (22, 14) in the coordinates noted in Figure 1, roughly corresponds 
with the coastline that existed approximately 3000 years ago (see Fig. 7, Brown and Weeber, 1992). 
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Figure 1. Vs30 (in m/s) surface on uniform 200 m x 200 m grid. NZMG projection; horizontal and vertical 
axes indicate km from lower left corner of map. Latitude/Longitude (WGS84) bounds for the map are (-
43.6811°, 172.4418°) and (-43.2773°, 172.8151°). Predictions are only provided in each grid cell if 
there is one or more CPT record within 300 m. The numbered boxes represent specific sub-regions 
that are examined in more detail in McGann et al. (2014c). 
 
The sites located at the toe of the Port Hills to the south of Christchurch city display some of the 
highest Vs30 values for the region, as these sites are generally underlain by volcanic rock at shallow 
depths (z < 30 m), as opposed to the Riccarton Gravels below the remainder of the sites. Other areas 
that have notably increased values of Vs30 include the surficial dune sands in the east, which are 
clearly visible on the coast and the immediate western side of the estuary near Aranui, and some of 
the Springston Formation over-bank deposit `lobes' in the western part of the city (Brown and Weeber, 
1992). One such lobe is visible as the blue path between Ilam, Merivale, and Bryndwr, while others 
are notable for their absence from the model (i.e., no CPT data for sites with surficial gravels). 
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3.1 Site classification from Vs30 
 
Vs30 is widely used for site characterization purposes through the definition of Vs30-based site classes, 
e.g., the United States National Earthquake Hazards Reduction Program (NEHRP) site classes 
(BSSC, 2003; ASCE, 2013), that dictate various seismic design requirements in building codes. Figure 
2 shows the NEHRP site classes inferred from the Vs30 surface of Figure 1 (without regard for the 
special conditions for site class F). As shown, the Christchurch sites are characterized as either 
NEHRP site class D (blue markers) or class E (red markers). The class E sites primarily correspond to 
known areas of silty, clayey, or swampy soils such as Papanui and Sydenham. There are also a few 
sporadic zones of class E soils along the path of the Avon river through the eastern suburbs of the 
city. Because only those CPT sites that penetrated to a useful depth were utilized, and because sites 
in the loess deposits were omitted during model development, the results of Figure 2 do not depict stiff 
sites in the Port Hills or western suburbs which may be characterized as NEHRP site classes B or C. It 
is noted that NZS1170.5 (2004) defines site classes on the basis of Vs30 as well as other site 
conditions (site period, compressive strength) and therefore an “NZS1170.5-based map” is not trivial 
to derive directly from the Vs30 map developed here. 
 

 
Figure 2. NEHRP site classes for Christchurch Vs30 surface model. Red markers indicate site class E 
(Vs30 < 180 m/s) and blue markers indicate site class D (180 < Vs30 < 360 m/s). 
 
4 REGIONAL VS5 MODEL  
 
Figure 3 shows the surface model developed for Vs5. While the Vs30 surface map shown in Figure 1 
provides general insights on overall site response and can be used for rough site classification 
purposes, surfaces for shallower target profile depths such as Vs5 can provide insights into different 
aspects of the expected site response at a given location. Because Vs5 provides a description of the 
soils in the range of depths at which liquefaction commonly occurs, one such aspect that is of 
particular interest in Christchurch is insight into the liquefaction response of a given location or a 
particular region, especially when interpreted in the context of known features of the soil composition, 
behaviour type, or geologic history. 
 
The strong shaking associated with the events of the 2010-2011 Canterbury earthquake sequence 
triggered extensive liquefaction in the Christchurch area. As shown in the residential liquefaction-
induced land damage map in Figure 4 (van Ballegooy et al., 2014), the surface manifestations and 
damage associated with this liquefaction were particularly severe in the suburbs to the east and 
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immediate north of the central business district (CBD) near the present-day route of the Avon river. 
The Vs5 model shown in Figure 3 corresponds well with the liquefaction damage map, with areas 
where liquefaction occurred typically displaying lower Vs5 values than surrounding areas where 
liquefaction was not observed. For example, the boundary between the yellow and yellow-green 
markers (Vs5 ≤ 105 m/s) and the light blue markers (Vs5 ≥ 115 m/s) in the eastern suburbs near the 
Avon river roughly approximate the damage/no damage boundaries reported by van Ballegooy et al. 
(2014) and shown in Figure 4, and delineates the liquefaction-susceptible alluvial soils that follow the 
path of the Avon river from the marine/dune deposits in which severe liquefaction was more rarely 
observed. 
 

 
Figure 3. Vs5 (in m/s) surface on uniform 200 m x 200 m grid. NZMG projection; horizontal and vertical 
axes indicate km from lower left corner of map. Latitude/Longitude (WGS84) bounds for the map are (-
43.6811°, 172.4418°) and (-43.2773°, 172.8151°). Predictions are only provided in each grid cell if 
there is one or more CPT record within 300 m. 
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Figure 4. Liquefaction-induced land damage map for central and eastern areas of Christchurch 
following the February 2011 earthquake after van Ballegooy et al, (2014).  
 
The very soft locations indicated in Figure 3 (orange and red with Vs5 ≤ 85 m/s) are, perhaps counter-
intuitively, primarily areas where liquefaction was not observed following the 2010-2011 earthquakes. 
This is likely due to the nature of the soils in these regions. For example, in the soft zones located in 
the Papanui/Mairehau and Sydenham areas, soils in the upper 5-10 m are comprised primarily of silts, 
clays, and silty sands. While the predominance of these types of soils at shallow depths results in low 
values of Vs5 (and even Vs30), these areas do not correspond to liquefaction observations, as these 
types of soils are either less susceptible to liquefaction or not liquefiable because of their composition. 
These regions of low Vs5 values are highly correlated with locations of in-filled swamps, lagoons, and 
other current or formerly wet areas depicted in Figure 5 as inferred from the 1856 `black maps' of 
Christchurch (Wilson, 1989). 
 

 
Figure 5. Locations of wet areas inferred from 1856 black maps of Christchurch after Lucas 
Associates (2014). 
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As mentioned in the previous discussion of the Vs30 model results, the areas of higher Vs5 (and areas 
of missing CPT data) correlate well with overbank gravel lobes of the Springston Formation. Figure 6 
shows a map Christchurch that indicates the dominant surficial geology of the region (Brown and 
Weeber, 1992). As shown, the overbank gravel deposits (areas with gravel ≤ 1 m below the surface) 
are prevalent to the west of Christchurch, and there are several lobes that extend east to 
approximately the western edge of Hagley park. The northern-most overbank gravel lobe (labelled as 
a in Figure 6) corresponds well with the Vs5 model; in the area of Bryndwr the Vs5 values are notably 
higher than the surrounding regions. The remaining gravel lobes indicated by Figure 6 (b, at the 
southwest corner of the CBD; and c extending towards the Port Hills between Halswell and Hoon Hay) 
correspond reasonably well with areas not represented by the Vs5 model due to lack of available CPT 
data (i.e., no CPT penetration possible, or very shallow termination depth in gravel-dominated soils). 
The other areas in which there is a distinct lack of CPT data likely correspond to soils that are similarly 
dominated by gravels at shallow depths, or rural areas where no critical damage was observed 
following the 2010-2011 earthquakes due to a lack of infrastructure. 
 

 
Figure 6. Dominant surficial geologic deposits in Christchurch area after Brown and Weeber (1992). 
 
5 CONCLUSION 
 
The Christchurch-specific CPT-Vs correlation of McGann et al. (2014a, 2014b) was applied to the 
large, high-spatial density CPT dataset (> 15000 considered CPT logs), made available through the 
Canterbury Geotechnical Database, to create regional models of time-averaged shear wave velocity 
for profile depths of 5 and 30 metres (Vs5 and Vs30, respectively). These regional shear wave velocity 
models provide well-constrained estimates of Vs5 and Vs30 on uniform 200 x 200 metre grids in which 
edge extrapolation is not permitted further than 300 m from a single CPT location. The variation in Vs5 
and Vs30 observed in these models demonstrates the variety of near-surface soil conditions present in 
the Christchurch area. Much of this regional variation is consistent with several known historical and 
geological features. The portions of the model surfaces with the lowest Vs5 and Vs30 values correlate 
well with current and former wet or swampy regions where the near-surface soil profiles are 
characterized by silts, clays, and peats. The portions of the models with the highest Vsz values, as well 
as many western portions of the models where no CPT data was available, correlate well with known 
areas of gravel-dominated shallows soils. When compared with post-earthquake liquefaction-induced 
damage observations, the Vs5 model demonstrated a marked difference in inferred soil shear stiffness 
in the upper 5 metres for areas which incurred significant damage as compared to adjacent regions 
with less severe liquefaction-related damage. Despite this apparent correlation, it is important to note 
that the Vs5 model alone cannot be used for the identification of liquefaction-susceptible soils as the 
soil composition is an important factor not captured by shear wave velocity. Further details on this 
study are provided in McGann et al. (2014c). 
 
 

a 

b 

c 
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ABSTRACT 
 
The dozens of gabion Terramesh® retaining walls (mesh reinforced retaining walls) across the 
Christchurch Port Hills have generally performed well during the 2010/2011 Canterbury Earthquake 
sequence. The damage observed was consistent and usually involved translation and rotation of the 
top rows of baskets. These reinforced earth walls are often backed by loess soils which, provided the 
material remains dry, are considered to exert little or no lateral pressure on the walls. This paper 
presents the results of the analysis completed for a number of mesh reinforced retaining walls around 
the Port Hills using methods developed for mechanically stabilised earth (MSE) walls. Seismic loading 
was incorporated into the assessment. The walls around the Port Hills were built with reinforcement 
panels spaced vertically at 1m centres. The geotechnical analysis presented in this paper indicates 
that 1m spacings may be insufficient to prevent deformation during significant seismic events, such as 
the 2010/2011 Canterbury earthquakes. Further analysis suggests that reducing the spacing of 
reinforcement panels to a half a metre increases the resilience of the wall and may prevent 
deformation of the upper portion of the wall.  
 
Keywords: terramesh, loess, retaining walls, Canterbury earthquake, gabion wall, SCIRT 
 
1 INTRODUCTION 
 
The investigations, assessment and analysis detailed in this paper were completed during the author’s 
secondment from GHD Ltd to the Stronger Christchurch Infrastructure Rebuild Team (SCIRT) from 
2012 to 2014.  
 
SCIRT was established to rebuild government owned infrastructure following the devastating February 
2011 Christchurch earthquake. At its peak, the SCIRT professional services team was made up of 
around 200 designers and scientists from a number of local and global consultancy firms including 
Aurecon and GHD. The author and 13 other geotechnical engineers were tasked with assessing and 
designing repair and rebuild works for the Christchurch City Council (CCC) and NZTA owned retaining 
walls. The vast majority of the retaining walls were located in the hilly suburban areas of the Port Hills 
and Lyttelton. The focus of this paper is the Maccaferri Terramesh® gabion walls which will be 
referred to as mesh reinforced gabion walls for the purpose of this paper.  
 
Mesh reinforced gabion walls were commonly used during subdivision works in the Port Hills. The 
SCIRT team was involved in the assessment of over 50 of these wall types and the damage sustained 
by these walls varied but in general the walls performed quite well. This paper outlines the inspection 
and assessment process for these walls and some of the outcomes from the assessment.  
 
2 LOCATION, GEOMETRY AND SETTING 
 
2.1 Location 
 
The majority of the mesh reinforced gabion walls investigated by SCIRT were built in the 1990s to 
early 2000s and are located across the Port Hills area about 5km south of the Christchurch central 
city. The walls assessed by SCIRT were typical in the Port Hills suburbs of Cashmere, Huntsbury and 
Mt Pleasant.  
 
A map showing the Christchurch CBD and Port Hills area is shown below. 
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Figure 1. Map of south Christchurch and Port Hills area (source: LINZ) 
 
 
2.2 Wall Geometry and Layout   
 
The mesh reinforced gabion walls assessed by SCIRT varied in length, height and width and were 
generally constructed to support the roads around the Port Hills.  
 
The following provides a summary of the mesh reinforced walls included in SCIRT’s scope of work 
(i.e. Council or NZTA owned):  
 Over 50 mesh reinforced gabion walls were visited for the purpose of assessing the damage, 

geometry and other characteristics. 
 The height of the walls ranged from about one metre to a maximum of around 6m with the length 

of the walls ranging from several meters to over 200m, although typically the length did not exceed 
50m.  

 Almost every wall assessed was downslope of the road and built for the purpose of supporting the 
roadway during subdivision work.  

 
The mesh reinforced walls are formed by pre-assembled gabion units (facing or front units) and 
double twisted, plastic coated wire mesh. The mesh panels are fixed to the underside of the gabion 
basket with high tensile clips to form a single unit and continuity between the gabion facing and mesh 
reinforcing.  
The Maccaferri produced unit is shown below as Figure 2. 

 
Figure 2. Mesh reinforced gabion unit (courtesy: Maccaferri NZ) 

 

Christchurch CBD 

Port Hills Area 

Port Hills Area 
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The gabion facing units were usually filled with locally sourced rounded greywacke cobbles and 
boulders or angular basalt fragments sourced from nearby quarries. The reinforced zone was formed 
using a gravelly soil such as the commonly used AP65 (all passing 65mm sieve) dug from the braided 
river channels of the Canterbury plains.  
 
Units were placed one on top of the other to build the height of the wall. A typical wall detail is 
provided below as Figure 3. 

 
Figure 3. Typical mesh reinforced gabion wall detail (courtesy: geotech consulting limited) 
 
 
2.3 Regional Geology 
 
The geology of the Port Hills area is predominantly loess and loess colluvium soils overlying the 
variable rock profile of the Lyttelton and Mt Pleasant volcanic units. The loess soils of the Port Hills are 
generally sandy silt and silt, are highly erodible and vary in thickness across the hilly areas with the 
lower slopes usually having a greater thickness. The underlying volcanic rock was well incised and 
eroded prior to the windblown deposition and is formed by both pyroclastic and lava deposits. The 
geological and engineering properties of the loess soils have been well researched and documented 
by numerous authors.  
 
The walls investigated were constructed to provide width for road construction and were usually 
supporting loess and loess colluvium soils. One of the favourable characteristics of the loess is its 
ability to stand vertical without support. However this phenomenon is likely a product of the soils 
suction and cementation and is easily reduced and even destroyed by increasing moisture in the soil. 
Examples of near vertical loess faces are shown below in Figure 4. 
 

 
Figure 4. Near vertical loess faces, Alderson Avenue, Christchurch 
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3 OBSERVATION OF SEISMIC PERFORMANCE 
 
3.1 SCIRT Work  
 
The Christchurch area has been subjected to a number of large, violent earthquakes and thousands of 
aftershocks commencing with the 7.1 magnitude Darfield earthquake on 4 September 2010. The city 
had been quite lucky with the location and timing of the Darfield earthquake. The shallow magnitude 
6.3 22 February 2011 earthquake struck at lunchtime within 10km of the city centre and caused injury, 
death and widespread damage. Shaking intensity in the city and surrounding areas was much greater 
than the September 2010 earthquake. The Christchurch strong motion sensor network recorded the 
ground motions during the events with some of the strongest motions ever recorded anywhere, 
including over twice the acceleration of gravity at the Heathcote Valley School at the base of the Port 
Hills area.  
 
In the Port Hills area the presence of shallow rock can result in seismic waves which are largely 
unattenuated. The effects of ridges and other topographic features in the Port Hills can result in 
concentration of energy and more intense shaking and it is therefore quite difficult in the hilly areas to 
estimate the level of shaking which has occurred.  
 
The concept phase at SCIRT required an assessment of the retaining walls including the level of 
damage and expected repair or rebuild methodology. The retaining walls were inspected by SCIRT 
geotechnical and structural engineers. The types of walls inspected varied and included timber king 
post walls, concrete crib walls and various gravity type structures. The following provides a general 
summary of the damage observed across the number of mesh reinforced walls inspected:  
 All observations are of the external damage to the wall. The internal damage was not investigated.  
 The damage commonly observed was translation and rotation of the upper row or rows of baskets. 

The amount of translation or rotation was generally proportional to the overall height of the wall, 
with up to about 500mm of translation observed in some cases. The bottom row or rows of 
baskets did not translate forward but often showed signs of bulging. 

 The gabion facing baskets often displayed signs of distress including bulging and vertical 
compression of the baskets.   

 The pavement, kerbing and landscaping above the wall was commonly damaged with the 
formation of tension cracks and separation of kerbing from the pavement.  

 The horizontal offset between baskets was reduced and often the walls become vertical.  
 Complete failure and rupturing of the gabion baskets was rare.  
 
Several post-earthquake photos are shown in Figure 5 and Figure 6. 
 
3.2 Previous Work  
 
John Wood of John Wood Consulting assessed approximately 160 retaining walls around the Port 
Hills and flat urban areas of Christchurch following the 2010/2011 Canterbury Earthquakes (Wood 
2012) – including 47 gabion type walls with no distinction between gabion gravity walls and gabion 
Terramesh® walls. The assessment concluded that the gabion walls performed poorly with 83% 
assigned to average or poor performance noting that the outward movement was caused by stretching 
of the baskets and rotation about the base of the wall. The paper discusses the contributions of the 
mass and flexibility of the wall to the deformations observed during the recent seismicity and also 
highlights that none of the gabion walls assessed had collapsed.  
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Figure 5. Damage of mesh gabion wall – Yelverton Place, Huntsbury 

 
Figure 6. Damage of mesh gabion wall 
 
4 WALL ANALYSIS 
 
4.1 General  
 
At SCIRT, each retaining wall required an assessment of the damage and a proposal for the level of 
repair through an understanding of the walls current stability. The results of the analysis were reported 
to the Client body and a decision was made as to whether the proposed works would be undertaken.  
 
The method of assessing the wall stability of the mesh reinforced walls was similar to the methods 
available for Mechanically Stabilised Earth (MSE) walls and included an estimate of the external, 
internal and global stability.  
 
The following sections outline the soil and seismic parameters used and provide a general description 
of the methods of analysis. A summary of the results is provided at the end of the section.  
 
4.2 Soil Parameters  
 
The mesh reinforced walls around the Port Hills typically retain cohesive soils of the Bank Peninsula 
loess. The soil parameters adopted are based on extensive work done by industry and Canterbury 
University. The table below summarises the soil parameters adopted for the loess soils for analysis.  
 
Table 1:  Adopted Soil Parameters for Port Hills loess 
Parameter  Value (range) Unit 
Bulk unit weight 18 kN/m3 
Drained friction angle (ɸ’) 30 ° 
Drained cohesion (c’)  10 – 30 kPa 
Undrained cohesion (cu) 50+ kPa 
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The drained and undrained cohesion is highly dependent on the moisture content of the soil. The 
introduction of water to a mass of loess can drastically reduce the soils ‘cohesion’ and cause instability 
as commonly seen around the hills after prolonged rainfall. Work completed by a University of 
Canterbury Masters student in 1989 (McDowell 1989) shows the trend of cohesion and moisture 
content and is reproduced as Figure 7 below.  
 
As shown in Figure 7 the dry, friable loess can exhibit ‘cohesion’ in excess of 150kPa. Once water is 
introduced the cohesion steadily drops to near saturation where the ‘cohesion’ becomes close to zero. 
Fortunately the soils retained by the mesh reinforced walls around the Port Hills are often protected by 
pavement and vegetation and excessive water infiltration into the soil is quite uncommon.  
 

 
Figure 7. Cohesion and Friction Angle Trends (original: McDowell 1989, reproduced: M Lazzaro 2014) 
 
4.3 Seismic Loading 
 
The seismic case requires a design Peak Ground Acceleration (PGA) during an Ultimate Limit State 
(ULS) earthquake event. The PGA is derived from an assessment of seismicity at the site and is 
derived from the elastic site hazard spectrum for horizontal loading in accordance with 
NZS1170.5:2004. 
 
Following the earthquake sequence of 2010/2011 the Christchurch City Council (CCC) prepared a 
design brief for the repair and rebuild of CCC owned retaining walls. The brief provided the Annual 
Probability of Exceedance (APE) for ULS for walls on various road types. The table is reproduced 
below. 
 
Table 2:  Seismic Design Annual Probabilities of Exceedance 
Wall Type Annual Probability of 

Exceedance (APE) for 
ULS  

Walls located on Arterial Roads 1/1500 
Wall located on Collector Roads 1/1000 
Walls located on Local Roads 1/500 
Walls located on Local Roads with less than 250vpd and less than 3m high 1/250 
 
Using the APE values above and the method outlined in NZS1170.5:2004 the ULS elastic site hazard 
spectrum or PGA ranges from 0.4g for local road to 0.52g for collector roads in the Port Hills area.  
 
Current design methods for MSE walls use a horizontal seismic co-efficient (kh) to derive the seismic 
earth and inertia forces on the wall. The horizontal seismic co-efficient is related to the site PGA and is 
usually about 0.5 to 0.7 of the site PGA. A seismic co-efficient of between 0.3 and 0.4 was commonly 
used for the sites around the Port Hills.  
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4.4 External Stability 
 
The purpose of the external stability check was to verify if under current conditions the wall was 
seismically stable. The results of this assessment would determine if any stabilising works would be 
required.  
 
The external stability of a mesh reinforced gabion wall was undertaken using conventional methods 
developed for MSE walls. The stability assessment provides a Factor of Safety (FoS) against sliding, 
overturning and bearing capacity.  
 
The seismic soils forces on the reinforced wall were estimated using the method of Mononobe-Okabe 
which is an extension of static Coulomb theory. The M-O method increases the static active force by 
applying an inertia force and flattening the critical failure surface of the active wedge. The M-O 
equation has been developed for purely cohesionless soils such as sands and gravels. An extension 
to the M-O equation to include the effects of cohesion has been developed by a number of 
researchers. In addition to the modified M-O equations, the use of General Limit Equilibrium (GLE) 
methods, such as Slope/W or SLIDE, can overcome some of the limitations of the standard M-O 
equation. The use of the GLE method for seismic active forces is detailed in the National Cooperative 
Highway Research Program (NCHRP) report number 611 (Transport Research Board 2008).  
 
The extended M-O equation for c-ɸ soils and GLE method show that adding cohesion to the soil 
properties significantly reduces the seismic soil forces. Even for small cohesion values the seismic 
soils force can reduce to nothing for walls of heights of 4m or less. Adopting a small or even no 
seismic soil force is not unreasonable in the Port Hills loess considering the number of vertical loess 
slopes that remained vertical following the recent seismic shaking.  
 
4.5 Internal Stability 
 
A standard method for assessing the internal stability of mesh reinforced gabion walls is not available 
and the methods developed for MSE walls are most applicable for the analysis. The internal stability 
checks completed include pullout and reinforcement rupture. A pullout failure in a mesh reinforced wall 
will occur when the forces applied to the mesh exceed the resistance provided between the mesh and 
backfill (gravel in this case). A reinforcement rupture occurs when the applied mesh forces exceed the 
ultimate tensile capacity of the mesh reinforcement.  
 
The figure below shows the two internal failure mechanisms for mesh reinforced walls.  

 
Figure 8. Internal Stability Modes of Failure (source: Transfund NZ Research Report 239 2003) 
 
The interaction between the mesh panels and the backfill is dependent on the manufacturing of the 
mesh and its mechanical properties. Manufactures of the reinforcement material should be able to 
supply the mechanical and interaction parameters. The supplier of the mesh panels commonly used 
around the Port Hills (Maccaferri) provides the parameters through a technical notes series.  
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4.6 Summary of Analysis  
 
Several of the key aspects of the analysis are detailed above and some of the key outcomes from 
analysing the mesh reinforced walls are as follows: 
 The reinforced walls were assessed as being externally stable. This is based on adopting a 

cohesion value and having a reduced earth force behind the wall. 
 Internal stability calculations (using methods for MSE walls) indicated the walls were either 

marginally or not internally stable and the walls were vulnerable to mesh pullout or reinforcement 
rupture. MSE walls are commonly built using vertical spacings between reinforcement of 0.5m or 
less. Reducing the mesh reinforcement to 0.5m increases the stability and may prevent or limit 
seismic deformations.   

 
5 CONCLUSIONS 
 
Mesh reinforced walls around the Port Hills typically performed quite well with only a small fraction 
showing significant deformation and displacement. Considering the level of shaking experienced 
around the Port Hills the walls appear to demonstrate a good resistance to earthquake activity, 
possibly do to the lack of earth force behind the wall and its flexibility.  
 
Work by John Wood (Wood 2012) indicates that majority of the 47 walls assessed performed poorly 
with large deformations measured. However, the paper does mention that none of the walls assessed 
collapsed and that the deformation is due to the mass and flexibility of the structure and not the failure 
of elements of the wall (i.e. baskets or mesh panels).  
 
The analysis completed indicates that the mesh reinforced walls are generally seismically stable and 
that walls constructed in the future may benefit from the reduction of spacing between mesh panels 
from 1m to 0.5m. This will increase the internal stability which is indicated to be lacking under seismic 
loading.  
 
The majority of walls assessed were not upgraded with only the pavement, footpath and handrails 
repaired. In cases where repair of the wall was proposed one of the more cost effective methods for 
repair was to install ground anchors in the upper portion of the wall to provide resistance to future 
deformation.  
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ABSTRACT 
 
Proof load tests measure the capacity of piles and are commonly used to confirm the design capacity 
of the piles has been achieved. The Australian Standard allows a lower factor of safety to be used in 
the design stage depending on how many proof load tests will be conducted.  The statistical reliability 
of the pile foundations can also be updated based on these test results.  Research has been 
previously conducted on updating the reliability of single piles. This paper develops new methods for 
updating the system reliability of a pile group. The method updates the reliability of the tested pile 
group directly. It provides at the same time the updated population parameters, which can be used to 
predict the reliability of another pile group in the same site.   
 
Keywords: Bayesian updating, system reliability, pile groups, load tests 
 
 
1 INTRODUCTION 
 
Generally speaking, geotechnical engineers use two methods to assess the capacity of pile 
foundations, namely, indirect estimation and direct load tests. There are uncertainties that contribute 
to both the predicted and tested pile capacity, for example, the inherent in-situ uncertain conditions 
and the uncertainties involved in construction. Some uncertainties are involved however, only in 
estimation. The first one is the accuracy of prediction methods. Prediction methods range from simple 
prediction methods (e.g., static and dynamic methods) to more advanced finite element methods. 
Although predictions based on static and dynamic formulas are approximate, they are still commonly 
used in practice because they are quick and cheap. Another uncertainty in the prediction lies in how 
much site investigation and laboratory test information can be obtained. Due to constraints on budget, 
engineers usually need to do prediction based on limited amounts of information, and this introduces 
additional uncertainty in the predictions. Results from load tests not only suggest a more realistic pile 
capacity value, but also greatly reduce the uncertainty of the pile capacity since the error associated 
with load test measurements is much smaller than that associated with predictions. For these reasons, 
the ultimate pile capacity determined from load testing are usually used to confirm that the design load 
be adequately supported by the planned pile foundation. 
  
Although direct load tests can provide a wealth of information for design and construction of pile 
foundations and are the most accurate method of determining pile capacity, the pile load test itself 
involves some degree of uncertainty too. For example, although static load tests are believed to be 
more accurate than dynamic load tests, there are still uncertainties associated with the interpretation 
of load-displacement relationships (e.g., Paikowsky 2004). In addition, pile capacity obtained from a 
static load test cannot be accepted as a unique standard because the static load test yields the pile 
capacity at the time of test only, due to the consolidation phenomenon. 
 
Nevertheless, confirmation of pile-soil capacity through static load testing is considerably more reliable 
than capacity estimates from static capacity analyses and dynamic formulas (e.g., Poulus and Davis 
1980). By using direct load tests as part of the design process, an improved knowledge of pile-soil 
behaviour is obtained that may allow a reduction in pile lengths or an increase in the pile design load, 
either of which may result in potential savings in foundation costs. With the improved knowledge of 
pile-soil behaviour, a lower factor of safety (FS) may be used on the pile design load.  
 
Calculations of pile and pile group reliability based on load test results have been reported by Kay 
(1978), Baecher and Rackwitz (1982), Zhang et al. (2001), Zhang (2004), Zhang et al. (2005) and 
Zhang et al. (2006). The reliability of large pile groups has been shown to be greater than the reliability 
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of individual piles due to redundancy in the system (e.g., Huang et al. 2013; Zhang et al. 2001). Zhang 
et al. (2001) used single pile analyses to assess group reliability by adopting a redundancy factor. 
Paikowsky (2004) suggested that the target reliability for a pile group can be reduced to 2.0-2.5 
compared to 3.0 for single piles. Pile groups may be able to support the design load when one or more 
piles are defective (Poulos 1997). If the reliability of the pile group with defective piles can be 
quantified, it may be possible to use the defective pile rather than install a replacement pile and 
increase the size of the pile cap. 
  
In this study we propose a rigorous framework for updating the reliability of single piles and pile 
groups. In contrast to previous work, we assume that load tests are subject to uncertainty. The 
proposed framework can be used to assess the reliability of single piles and pile groups subject to 
general loadings and stratigraphic conditions. The method can be used to assess the reliability of 
groups where pile tests have been conducted to the ultimate capacity, to below the ultimate capacity 
but exceeding specified capacity, and where pile tests fail to achieve the specified capacity (or are 
unknown). In the latter case, the method allows decisions to be made as to whether the reliability of 
the entire pile group is satisfactory or whether additional piles need to be installed.  
 
2 RELIABILITY OF PILE GROUPS PRIOR TO TESTING 
 

Suppose a group has N  piles. The capacity of individual piles  y  is assumed to be a lognomally 

distributed random variable with mean   and standard deviation  . The correlation coefficient 

between the capacities of piles is  . The joint probability density function of N  piles is  
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where C is an N  by N  covariance matrix with diagonal terms equal to 2
ln y  and off-diagonal terms 

equal to 2
ln y .  

A rigorous reliability analysis for the pile group may be performed using a 3D finite-element method. 
However, we use the concept of group efficiency for simplicity. We restrict our analysis to a vertically 
loaded group of piles identically constructed. Using a coefficient of group efficiency, the capacity of the 
pile group is assumed to be 
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where   is the coefficient of group efficiency.  

 
A limit state function for the capacity of the pile group can be defined as: 
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where FS  is the factor of safety.  
 
Suppose the mean pile capacity ( ) is 1.0. The standard deviation of pile capacity is 0.5. The applied 

load on the pile is 0.5. The factor of safety of a single pile is thus 2.0. The probability of failure of single 
pile is 
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where   is the cumulative distribution function of the standard normal distribution. 
The probability of failure of a group of piles cannot be obtained analytically. In this study, Monte-Carlo 
simulations were conducted to calculate the probability of failure of pile groups. The correlation 
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coefficient of individual pile capacities is varied over the range of (0.0,  0.25, 0.5, 0.75, 1.0) . The number 

of piles in the group is varied in the range of 2-9. The calculated probability of failure is shown in 
Figure 1. It can be seen from Figure 1 that the probability of failure of the pile group increases as the 
correlation between the capacities of individual piles increases. When there is no correlation between 
the capacities of individual piles, weak piles may be compensated by strong piles. 
 

 
Figure 1. Probability of failure of pile groups 

 
The system redundancy factor is defined as the ratio of the probability of single pile failure to the 
probability of system failure. For the pile groups considered, the system redundancy factors are shown 
in Table 1. It can be seen from Table 1 that system redundancy increases as the number of piles 
increases, and decreases as the correlation of the capacities of individual piles increases. 
 
 
Table 1:  System redundancy factor of pile groups 

N ρ=0 ρ=0.25 ρ=0.5 ρ=0.75 ρ=1.0

2 1.82 1.28 0.99 0.81 0.70 
3 4.29 1.87 1.17 0.87 0.70 
4 9.91 2.48 1.31 0.90 0.70 
5 22.71 3.03 1.40 0.92 0.70 
6 49.55 3.52 1.45 0.92 0.70 
7 109.00 3.89 1.54 0.94 0.70 
8 235.93 4.36 1.56 0.94 0.70 
9 539.60 4.78 1.59 0.94 0.70 

 
 

 
3 RELIABILITY OF PILE GROUPS UPDATED BY LOAD TESTS 
 
Suppose a group has N  piles. To be general, suppose n  out of N piles are tested up to load T , m
piles have failed to achieve T with known capacities ,  1,...iy i m . The Bayesian posterior 

distribution of the pile capacity  y  is  
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If the capacities of failed piles are not known, the Bayesian posterior distribution is 
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The posterior distribution cannot be obtained analytically.  One method of determining the posterior 
distribution is to sample it many times.  The Markov Chain Monte Carlo (MCMC) method is commonly 
used to sample the posterior distribution. A Markov chain is a series of samples that current sample 
only depends on the previous sample. A Markov chain is formulated so that it converges to an 
invariant distribution which is the posterior distribution. The chain is also formulated so that it is 
irreducible and aperiodic to guarantee convergence. One advantage of the MCMC method is that the 
normalizing constant in Bayes’ formula for the posterior distribution is not required. The basic idea 
goes back to Metropolis et al. (1953) and was extended by Hastings (1970).  
 
3.1 Unknown pile capacity   
 
A pile group presented in Section 2 is used again to illustrate how the probability of failure is updated 
by load tests. The group has 5 piles with mean individual pile capacity of 1.0 and individual standard 
deviation of 0.5. The applied load to the group is 2.5 so that the factor of safety is 2.0. It is assumed 
that the individual pile load tests are conducted to mean capacity, i.e., 1.0T   . It is further 

assumed that the mean test error 0.0err   and the standard deviation of test error 0.1err  . The 

capacities of piles that failed to achieve T are assumed to be unknown and, in this case, Eq. (6) is 
applicable. The updated probability of failure will depend on the number of tests and the number of 
tests that failed to achieve T . The number of tests is varied in the range of 1-5. The MCMC method 
was used and one million simulations were conducted. The results are shown in Figure 2 and Figure 
3. It can be seen from Figure 2 and Figure 3 that the probability of failure of pile groups increases as 
the number of failed tests increases. It is noted however, that the probability of failure is larger than the 
prior probability of failure only when all tested piles fail regardless how many tests are conducted. This 
is because that the piles that pass the test increase the mean posterior capacity. Comparing Figure 2 

and Figure 3, it can be seen that the fp  of the pile group is significantly higher if the capacities of 

piles are positively correlated.  
  
The results in Figure 2 and Figure 3 are useful for assessing the reliability of pile groups with defective 
piles. There are usually two options when there are defective piles, one is to replace the piles and 
another is to do more tests. For the group shown in Figure 2 and 0.5  , suppose the target 

reliability index is at least 3 ( fp <0.0014).  If the first load test failed, according to Figure 2, fp

=0.1279, which is unacceptable. If one more test is conducted is positive, fp  is reduced to 0.002. One 

more test performed immediately after finding the first test failed, to avoid remobilising a pile driving 
rig, may be less expensive than replacing the first defective pile.  
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3.2 Known pile capacity 
The capacities of the failed piles are usually known to a degree of accuracy. This information can be 

further utilized to reduce uncertainties. In this case, Eq. (5) is applicable. The updated fp  of a group 

will depend on the number of tests, the number of failed piles and the capacities of the failed piles.  
Suppose 3 out of 5 piles were tested and 3 piles failed. To investigate the effects of the capacities of 
failed piles on the updated probability of failure of pile group, the mean capacities of the three failed 
piles are varied from 0.4 to 0.8. For each cases considered, the capacities of the other two failed piles 

are 0.1 above and below the mean capacity of failed piles. The updated fp  of the group is shown in 

Figure 4. The corresponding probability of failure when the capacities of failed piles are not known is 
also shown in Figure 4. It can be seen that the probability of failure increases as the mean capacity of 
failed piles decrease. The results also show that by incorporating more information in the updating, 
more accurate estimation of the performance of pile group will be obtained.  
 
 
 

 
Figure 2. Probability of failure verse the number of failed tests ( 5N  , 0.5  , prior probability of 

failure is 0.078) 

 

 
Figure 3. Probability of failure verse the number of failed tests ( 5N  , 0.0  , prior probability of 

failure is 0.0048) 
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Figure 4. The influence of the capacities of failed piles on the probability of failure 

 
 
 
4 CONCLUDING REMARKS 
 
The reliability of pile groups updated by load tests is assessed by Bayesian updating and MCMC. It is 
shown that the system reliability of a pile group is significantly smaller if the individual capacities are 
positively correlated rather than uncorrelated. The method presented in this paper can be used to both 
refine and validate the initial design of a pile group by load tests. In the case where load tests on 
individual piles are not favorable, additional load tests may be conducted. If these results are 
favorable, the reliability of the pile group may be sufficient even when defective piles are found. It is 
also shown that incorporating more information in Bayesian updating, more accurate prediction can be 
obtained.  
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ABSTRACT 
 
In March 2012 Brian Perry Civil was awarded the contract to undertake construction of access tracks, 
environmental controls and 105 power pylon foundations for Transpower. This work was undertaken 
over a 42 km section as part of the Wairakei to Whakamaru C Line project. The geology of the area is 
predominantly pumice and ash as a result of the numerous volcanic eruptions in the central North 
Island. Pile testing was required to ascertain more accurate properties of these local soils. The 
Contractor and Designer developed a pile testing methodology to accurately assess the ultimate 
capacities of piles in pumice soils. Due to the susceptibility of these soils to “tomos” there were 
constraints on the pile construction methodology; permanent casings were not permissible and 
vibrations were to be kept to a minimum. Following a risk assessment, the construction team 
developed a methodology that not only mitigated the geotechnical risks but also reduced construction 
time and cost. With the more efficient pile construction methodology and results of the pile testing, the 
Client, Designers and Contractor opted to significantly change the scope of the project from 18 piled 
foundations to 91 piled foundations with the remaining 14 as pad and pedestals. This provided a cost 
saving and also significantly reduced the construction period. This paper will summarise the pile 
testing methodology. It will detail the geotechnical risks involved and the construction methodology 
that overcame them. It will show how the Client, Designer and Contractor collaborated to make this 
project a shared success. 
 
Keywords: construction, piling, pumice, tomos, pile testing, collaboration 
 
1 INTRODUCTION 
 
In March 2012, construction was commenced on a transmission line in the central North Island, New 
Zealand. The line runs from Wairakei to Whakamaru and was constructed to upgrade the existing 
transmission capacity with a double circuit line to replace the existing single circuit B line. 
 
The project involved the construction of 105 new power pylons over a distance of approximately 42 
kilometres.  
 
This paper presents a case study of the construction of the piled transmission towers. It discusses the 
pile testing methodology, construction constraints, construction methodology and the benefits gained 
from the use of a collaborative approach between the Client, Designers and Contractor.  
 
2 GEOLOGY 
 
The South Eastern end of the line is generally underlain by the Taupo Pumice formation and Rhyolite 
Lavas of the Taupo Group.  The North Western end of the line is constructed mostly in the 
Whakamaru Group soils.  
 
3 PILE TESTING 
 
3.1 Requirements 
 
With limited information available on pile performance in the local soils full scale foundation testing 
was proposed to confirm assumptions used during design. Skin friction was of particular interest as 
the critical load case for a transmission tower foundation is uplift capacity. 
 
The original testing regime called for testing of full scale piles. However, the cost of undertaking a full 
scale pile test was prohibitive and with design loads for the some towers up to 2,300 kN, testing a pile 
to failure would have required over 7,000 kN of testing capacity.  

357



 
The practicality and cost of constructing a testing frame capable of withstanding such loads and 1,500 
mm diameter testing and reaction piles was well in excess of the budget allowed for pile testing by the 
Client.  The Designers and Contractor collaborated to produce a testing specification that used scaled 
down piles and electronically monitored strain gauges and extensometers. This testing methodology 
allowed the Designers to accurately measure the characteristics of particular layers of the local 
geology as they required. Using the scaled test down piles, the expected required testing capacity was 
reduced to 3,400 kN 
 
3.2 Methodology 
 
The final methodology involved tension testing two 750 mm diameter piles, 10.5 m and 17.0 m long, to 
failure. The length of the piles was determined by the Designer and were chosen based on the known 
geology at the two test sites.  
 
At this early stage in the contract, the risks around keeping the pile excavation supported during 
boring were not fully understood. This is discussed later in Section 4. The Contractor proposed to use 
polymer to keep the pile excavation from collapsing during boring. The collaboration in the design of 
the pile testing allowed polymer to be included in the pile testing regime. One test pile was constructed 
with a short casing and open excavation while the other was constructed under a polymer support 
fluid. 
 
The scaled down loads allowed the testing to be undertaken using testing frames that the Contractor 
had built for use in previous pile tests. The only piece of the frame that had to be specifically designed 
and built for the test was a flange plate to connect the test pile reinforcing to the frame.  
 

 
Figure 1. Photo of the pile testing frame set up for the first pile test 
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Figure 2. Schematic of the pile testing system 
 
The loading programme was specified by the Designer and stressed the piles to 100% of their 
designed factored ultimate limit state load capacity before returning to zero load and then stressing to 
150% of the designed ultimate geotechnical capacity. It was not expected that the piles would 
withstand more than 150% of their design ultimate (un-factored) geotechnical capacity.  
 
3.3 Results  
 
The final failure loads of the test piles were significantly higher than anticipated.  The 17 m long pile 
proved a design capacity in the order of 4,000 kN compared to a predicted design capacity of 3,400 
kN and the  10 m long pile proved a design capacity in the order of 2,700 kN compared to a predicted 
design capacity of 1,100 kN. 
 
The results of the pile testing and their effect of the final pile design are discussed in a paper by 
Clendon (2013). 
 
The most significant outcome for the project was that pile lengths could be reduced significantly which 
reduced both construction cost and time. The reduction of the length of the piles was significant as it 
allowed the drilling and concreting of multiple piles to be carried out in a single day.  
 
4 CONSTRUCTION 
 
4.1 Constraints  
 
The construction of the production piles presented difficulties due to a number of factors as follows: 
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 The susceptibility of the pumice soils to sub-surface erosion causing voids (tomos) that are not 
detectable from the surface meant strict conditions were placed on the Contractor’s 
methodology.  

 
 When assessing the borehole logs provided at tower locations it was assumed that, given the 

sandy nature of the soil, the pile excavation would need to be supported during boring.  
 

 Using a temporary casing installed with a vibrating piling hammer was not permitted as the 
vibrations could cause enlargement of tomos.  

 
 The requirement to install a stub member to later attach the tower to the pile made extraction 

of a temporary casing by jacking or direct pull with a crane problematic. This stub was to be 
set to very tight tolerances and hence needed to be held securely in place during curing. 
Tolerances for the stub were in +/-5 mm in height across all four stubs and +/-0.1% of the 
distance in plan between stubs. 

 

 
Figure 3. The pile stub leg required to be cast into every pile 
 

 Permanent casings were permitted but they have been known to concentrate surface runoff to 
one point around a pile which in turn runs down the casing, causing piping, and leading to 
tomos. To counter this, the specification called for grouting around the outside of any 
permanent casings to limit the concentration of water runoff. The cost of the permanent casing 
itself with the added cost of the grouting operation made this methodology uneconomical.  

 
 The project was spread over a distance an alignment of 42 km with the majority of the tower 

locations on private farm land. The final methodology needed to be repeatable and to limit the 
number of movements to and from the piling platform to minimise disturbance to live stock and 
farm operations.  

 
4.2 Proposed Methodology 
 
Following discussion with local earthworks contractors it was determined that, while the pumice soils 
appear sandy, they do exhibit cohesion. This can be seen in road cuttings in the area which have 
remained standing for many years.  
 
With this in mind the Contractor investigated a methodology that used a short casing embedded 
around 500 mm below ground level. This could be left in place which would allow the stub to be fixed 
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during curing. The piles would generally be bored with no support to the excavation. While this would 
not be suitable for deep piles that take a number of days to drill, the site soils were generally easy to 
excavate with ground water at sufficient depth so as not to interfere with the excavation. The drilling 
and pouring of the four piles required for each tower could be undertaken in a single day where the 
piles were generally less than 15 m long and the concrete was poured by free-falling through a short 
pipe to ensure concrete was directed away from the reinforcing.  
 
Further refinement lead to use of pre-cast manhole risers as sacrificial formwork. The manhole risers 
could be set in place long before the piling construction team mobilised to site and as such served as 
a guide for locating the pile hole. Guide frames for the stub setting bolted directly to the manhole riser 
that was concreted into the ground which provided sufficient restraint to allow accurate stub setting. 
 
It was assumed that not all the tower locations would have soil and ground water conditions suitable 
for drilling with no form of excavation support. As temporary casings were considered unfeasible the 
option of using a drilling fluid was investigated.  Polymer drilling fluid was determined to be suitable as 
it does not require de-sanding and is broken down by ultra violet light and hence can be discarded to 
pasture once used.  
 
The Contractor developed and constructed a containerised polymer plant which could be lifted (when 
empty) by a hiab truck. If water or loose, collapsing soil was encountered, the pile excavation was to 
be backfilled and the polymer units mobilised to site. The piling construction team would move on to 
the next available tower location and begin pile construction there while the polymer unit was filled and 
polymer mixed. When this was ready and the piling construction team was available the piling would 
be completed under polymer and the pile poured with a tremmie tube.  
 
The proposed methodology was discussed with the Client and Designers. They were generally 
satisfied with the methodology with the exception of the proposal to free fall concrete. Following 
discussion with the concrete supplier’s engineers it was decided that high slump concrete (between 
180 and 220 mm) would be used and this would result in sufficient compaction at depth. Concrete in 
the upper 6 m of the pile would be vibrated during placement.  
 
The Designers also insisted on an approved method statement to be implemented should the tremmie 
pipe lose embedment during a concrete pour. This was required as the tower location was fixed and 
there was no scope to move a pile or replace with one either side (as can usually be done in normal 
building or bridge piles). The Client and Designer needed confidence that there was a procedure in 
place to mitigate the risk of not completing a pile in the event of an issue with the tremmie pour.  
 
4.3 Advantages of the Proposed Methodology 
 
The key advantage in the proposed methodology was the speed at which the piles could be drilled and 
poured. The original foundation schedule specified 18 tower locations that were to be constructed 
using a piled foundation. The remaining tower foundations were to be constructed using a pad and 
pedestal foundation which involved a significant volume of earthworks and much longer construction 
period. The obvious benefit of a reduced construction period to both Contractor and Client resulted in 
a variation to the foundation schedule with 91 of the final tower foundations being constructed with 
piles. The benefits of this were shared between the Client and Contractor. 
 
The critical task in the piling programme was the drilling and pouring of the pile. The manhole riser 
formwork could be set in place well before the pile construction crew mobilised to site and in some 
cases was completed months in advance of piling. The riser was surveyed into location both in plan 
and level and concreted in place so that the construction crew was no longer reliant on pegged 
locations which can susceptible to movement by wandering livestock. This strategy reduced the 
reliance on a surveyor, who was only required at the time of setting the stub leg, and moved more of 
the work away from the critical path.  
 
The manhole risers also created an effective fall protection barrier. Where the reduced level of the top 
of the pile was less than 1 m above the existing ground, a spare manhole riser could be placed on top 
of the sacrificial riser to temporarily increase the height of the fall protection. 
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Where the reduced level of the pile top was significantly higher than ground level a shorter riser could 
be installed and the pile drilled from this lower level. When boring was complete the second riser could 
be placed on top and the stub set for pouring.  
 
With the location of the pile being so critical the manhole riser forms also allowed for a second survey 
check on position prior to drilling.  
 
4.4 Methodology Refinement 
 
4.4.1 Tomo management  
 
While tomos were a recognised risk prior to mobilising to site, the Contractor did not initially fully 
comprehend the size these tomos could grow to. An incident early on in the construction programme 
forced the contractor to re-assess this risk.  
 
In this incident a pile was drilled and the reinforcing placed without any issues. The first truck load of 
concrete was placed using the free fall method. As per standard procedure the concrete level in pile 
was measured and found to have filled the pile slightly less than expected. The site team assumed 
this was due to overbreak in the pile excavation and proceeded to pour the second truck. This entire 
truck was emptied into the pile with no increase in the concrete height. At this point the site team 
assumed they had encountered a tomo and that they were filling a finite void. Inspection of the pile 
excavation with closed circuit television camera confirmed a tomo at the current concrete level. The 
opening in the side of the pile excavation was estimated to be approximately 500 mm high and 200 
mm wide. The site team continued to pour concrete into the pile and measure the rise in concrete 
level. 
 
When approximately 30 m3 of concrete had been placed for a rise in concrete level of just over 3 m in 
height (1500 mm diameter pile, approximate theoretical volume for 3 m length is 5.3 m3) it was 
decided to attempt to plug the tomo rather than fill it. This was eventually completed using a low slump 
microsilica concrete mix. 
 
Fortunately this pile was constructed early on in the programme and the reduction in pile lengths due 
to the results of the pile testing had not been fully implemented. The tomo and concrete plug was 
below the actual required toe of the pile and as such the pile pour could be continued with the 
construction joint not reducing the pile capacity below the required design capacity. 
 
The incident instigated the development of a Tomo Management Plan which was developed 
collaboratively with the Designers and Clients Engineers. The Tomo Management Plan detailed 
indications to watch for during pile excavation to attempt to identify a tomo before concrete placement. 
It also added some quick and easy inspections to the piling methodology such as inspection of the pile 
excavation using a torch and insisted on the availability of a CCTV camera should further inspection 
be required. The management plan also laid out a methodology to be followed should a tomo not be 
identified until the concrete pour had begun.  
 
The plan was approved and signed off by the Designers and Client, and could be implemented without 
delay if a tomo was found at any point in the construction methodology. 
 
4.4.2 Supporting the pile excavation 
 
The decision to drill the pile bore unsupported significantly reduced the length of time required to drill 
and pour each pile which allowed many of the tower locations to be drilled and poured in a single day. 
The Client recognised the benefits of this approach and was supportive of the Contractor speeding up 
the process as much as possible.  
 
While polymer could be used to support the pile excavation where it would not stand up unsupported, 
the site team noted that often it was only a relatively thin (less than 1.5 m thick) soil layer that would 
compromise the stability of the pile excavation. The time and cost involved in mobilising the polymer 
units for this thin layer seemed excessive so the Client and Contractor agreed that where only a thin 
layer of potentially unstable soil was thought to exist the pile could be bored through this layer and 
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flowable fill used to stabilise the excavation. The Client agreed to pay for this flowable fill as a variation 
as it represented a significant time saving to the project.  
 
This method was used extensively at the North Western end of the line where boulders dropping out 
of the side of the excavation were causing problems with advancing the pile. The flowable fill held the 
boulders steady and in the side of the excavation so they could be cored or drilled through.  
 

 
Figure 4. A tower site ready for pile construction to commence 
 

 
Figure 5. A completed tower site with tower erected on the cast in sub members 
 
5 COLLABORATION 
 
The contract was completed under NZS 3915:2005. Right from the start of the project the Client 
indicated that they were looking for a collaborative approach from everyone involved. The general idea 
was for there to be open communication between all parties to collectively work through any issues in 
a whiteboard session style. Once outcomes had been agreed these would then be formalised as 
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Contractor Advice (CA) or a Notice to Contractor (NTC). This significantly reduced the amount of 
contractual communication and brought about resolution far quicker than would normally be expected.  
 
The location of the Client and Contractors offices less than 50 m apart made informal meetings 
common place. 
 
6 CONCLUSION 
 
The successful completion of the foundation construction on the Wairakei to Whakamaru C Line 
project came from a combination of good engineering, sound planning and risk management. The 
open communication and collaboration between the Client, Designers and Contractor was integral as 
it allowed all parties to have input when plans were first being drafted..  The completion of pile tension 
testing allowed pile lengths to be reduced, and taking advantage of the slightly cohesive nature of the 
soils to drill dry pile holes both significantly reduced construction time and costs.  Use of precast 
manhole risers as permanent formwork at the top of pile foundations was also an innovative option to 
reduce time and costs plus provided health and safety benefits during construction. 
 
While the contract was officially managed under NZS3915 it was carried out with an alliancing 
approach where risk and reward were generally shared by both Contractor and Client. It was this 
collaboration that made the project a shared success.  
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ABSTRACT 
 
An integral bridge has no movement joints over its span and a long-spanning integral bridge subjects 
its foundation piles to large lateral loads as the bridge deck expands and contracts. This is especially 
true when these piles are founded in very stiff materials at shallow depths, such as the basalt and 
sandstones encountered at the Great North Road Interchange (GNRI) of the NZ Transport Agency’s 
Waterview Connection project in Auckland, New Zealand. Construction of bridges at the GNRI 
included 51 reinforced concrete pile foundations up to 2.1m in diameter. The sensitivity of the pile to 
the depth of stiff material was found to be in the order of plus or minus one pile diameter although this 
is dependent on the structural model subgrade reaction spring spacing. Installation of steel casings to 
create annuluses was required at several pile locations to relieve excessive loads due to soil 
interaction. Estimating rock levels at the likely maximum depth may be unconservative for integral 
bridges due to larger bending moments and shear forces attracted by the pile if the rock level is later 
proved to be shallower. This paper describes the pile foundation design, construction methodology 
and the related construction issues of integral bridge foundations at the Great North Road 
Interchange.   
 
Keywords: Integral bridges, bridge pile foundation, pile lateral load, pile sleeves 
 
 
1 INTRODUCTION 
 
Integral bridges are generally bridges without expansion joints or bearings over its span. Stresses 
arising from thermal expansion and contraction must therefore be transferred from the superstructure 
to the substructure. The Great North Road Interchange (GNRI) – part of the Waterview Connection 
project in Auckland, New Zealand - consists of four integral bridges ranging from 200m to 500m in 
length. The bridges form two motorway on-ramps and two off-ramps that span across the existing 
motorway (SH16) as well as the coastal outlet of Oakley Creek (Coastal Marine Area). Bridge 
construction generally comprises precast, prestressed super-T beams supported on cross-heads with 
single piers supported by single pile foundations. The deck structures generally span between 25m 
and 36m.  The integral bridge design was chosen in part because the removal of bearings at each 
intermediate support structure reduces the on-going maintenance costs associated with the joints over 
the lifetime of the structures. Figure 1 below shows a typical section for Ramp 1, the shortest of the 
four bridges constructed at the GNRI. 

 
Figure 1. Ramp 1 Typical Section 

 
In addition to gravity and live vertical loads, the long bridge spans of the GNRI subject the foundation 
piles to large lateral stresses through thermal expansion and contraction, particularly near the 
abutments. The structural pile actions are further exacerbated by the presence of alternating layers of 
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soft soil and very strong rock which attract large bending moments when lateral loads are applied to 
the pile head. Vertical down-drag loads on the piles due to liquefaction induced settlement and fill 
induced consolidation settlement were also significant in terms of pile foundation design. 
 
At the time of writing, the bridge foundation piles have been successfully constructed and construction 
is still ongoing for the bridge superstructures. 
 
Presented here is the design methodology adopted and construction considerations for the design of 
pile foundations for the GNRI integral bridges. Issues encountered during construction and design 
outcomes are also discussed. 
 
2 GEOLOGY AND GEOTECHNICAL PARAMETERS 
 
The geology encountered in the GNRI area generally comprises alluvium of the Tauranga Group 
overlying East Coast Bays Formation (ECBF) soils, and weak to very weak ECBF sandstones and 
mudstones. Basalt of varying thickness was encountered at relatively shallow depths over parts of the 
GNRI area. Existing engineered fill and uncontrolled fill is also present along areas of pre-existing 
state highway (State Highway 16). Additional engineered fill was required to form the bridge abutment 
embankments. Summaries of the soil descriptions and parameters are presented in Table 1 and Table 
2 below. 
 
Table 1: Summary of Material Descriptions 

Type Description 
Engineered Fill Existing cohesive engineered fill of the SH16 embankment 
Uncontrolled Fill Existing uncontrolled fill 
Basalt Very strong rock of variable vesicularity, columnar jointed. 

Unconfined compressive strength (UCS) of up to 250 MPa. A lower 
bound UCS of 27 MPa was adopted 

Tauranga Group Alluviums 
(A1 and A2) 

Alluvium material that generally comprises silty clay or clayey silt 
(A1) overlying layers of pumiceous sands and silts (A2) 

Residual East Coast Bays 
Formation (ECBF) 

Firm to very stiff silts and clays 

Highly & Moderately 
Weathered ECBF 

Very stiff to hard silt and clay, and dense to very dense sands  

Unweathered ECBF Extremely weak to weak interbedded sandstones and siltstones 
 
Table 2: Summary of Material Parameters Used in Pile Design 

Type Unit 
Weight γ 
(kN/m3) 

Effective 
Angle of 
Internal 

Friction φ’ 

Effective 
Cohesion, 

c’ (kPa) 

Youngs 
Modulus, 
E (MPa) 

Undrained 
Shear 

Strength, 
Su (kPa) 

UCSa, σci 
(MPa) 

Engineered Fill 19 30 5 25 140 - 
Uncontrolled Fill 19 26 3 30 - - 
Basalt 28.5 - - 1500 - 27 to 250 

Tauranga Group 
Alluviums (A1) 

18.5 26 3 5 – 20 40 - 

Tauranga Group 
Alluviums (A2) 

18.5 29 2 5 – 20 60 - 

Residual East 
Coast Bays 
Formation 
(ECBF) 

18.5 30 5 25 - 40 100 - 

Highly & 
Moderately 
Weathered ECBF 

19 30 10 40 120 - 

Unweathered 
ECBF 

20.5 34 - 40 100 - 140 130 - 320 - 0.6 - 6 

a Unconfined Compressive Strength. 
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3 FOUNDATION DESIGN LOADS 
 
3.1 Bridge Foundation Loads 
 
The lateral reaction loads due to the expansion and contraction of the bridges vary significantly 
between individual piles. Vertical, lateral and moment loads on the bridge piles are summarised in 
Table 3 below.  
 
Table 3: Summary of Bridge Foundation Loads Acting at Top of Pile 

Load Type SLS Vertical 
(kN) 

ULS Vertical 
(kN) 

ULS Lateral 
(kN) 

ULS Moment 
(kNm) 

Pile Head 
Displacement 

(mm) 
Range 8000 - 26000 15600 - 37500 1000 - 5800 5000 – 14000 1 - 100 
Typical 13500 18000 1500 10000  35 

 
3.2 Negative Skin Friction 
 
Liquefaction assessment of the Tauranga Group alluvium based on EERC’s liquefaction assessment 
report (Seed et al. 2003) showed some potentially liquefiable lenses of material underlying the basalt. 
These lenses were relatively deep and while material displacement is unlikely to occur through the 
thick crust, possible liquefaction induced settlement and subsequent negative skin friction (NSF) of up 
to 4000kN were conservatively allowed for in the vertical pile design. NSF loads due to the predicted 
settlement of the alluvium underlying the Engineered Fill applied at the bridge abutment embankments 
were also considered for piles experiencing soil surcharging. The neutral plane for NSF has been 
assumed to be between the settling and non-settling material interface (i.e. at the soil and the ECBF 
rock interface). The unfactored NSF loads calculated for the abutments were typically between 
2500kN and 5000kN, which were distributed between three abutment piles.  
 
4 FOUNDATION DESIGN APPROACH 

 
4.1 Foundation Options 
 
Three foundation options were considered for the four bridge designs; shallow ‘raft’ foundations on 
basalt rock, piled foundations founded in basalt rock and piled foundations in ECBF rock where the 
basalt layer is of insufficient thickness.  
 
Initially, several shallow ‘raft’ foundations over sufficiently thick layers of basalt rock were proposed. 
However, due to the presence of overlying fill and space constraints, the raft foundations were 
considered to be impractical to construct.  
 
Piled foundations embedded within the basalt were adopted where the basalt was proven to be 
sufficiently thick to enable toe fixity of the pile against lateral loads and spread the vertical load to the 
underlying layer of alluvium or residual soils so as not to cause excessive pile settlement or 
‘punching’. Also considered is the interaction between the pile and very stiff basalt rock which may 
produce excessive structural actions when the pile head is subjected to large lateral loads. Due to 
these requirements and the relatively thinness of the basalt encountered, most piles were not founded 
in basalt. Instead, piles were taken down through the basalt, alluvium, residual soils and weathered 
ECBF soil and socketed into the unweathered ECBF rock below.  
 
4.2 Vertical Capacity 
  
The foundation pile vertical capacity must accommodate the applied vertical loads. Only the pile 
socket into the underlying rock was considered for vertical capacity and the soil contribution to pile 
friction capacity was conservatively ignored. The pile rock socket capacities were calculated in 
accordance with methods as described in Sinclair and Every 2006. The ultimate skin friction and 
ultimate end bearing capacities were assessed based on the following equations: 
 
fus/Pa = bβ(σci/Pa)0.5          (1) 
 
qub/Pa= 22β(σci/Pa)0.5          (2) 

367



 
Where: 
fus = Ultimate Pile Skin Friction Capacity 
qub = Ultimate Pile End Bearing Capacity 
b (the roughness factor) 
β (the rock quality factor) = 0.35+0.0065RQD 
σci (UCS of the rock) 
Pa is atmospheric pressure (100kPa)  
 
The serviceability limit state (SLS) vertical loads were designed to be taken in pile skin friction only 
while the ultimate limit state (ULS) vertical loads were designed to be resisted by a combination of pile 
skin friction and end bearing capacity. A geotechnical strength reduction factor of Φ = 0.55 was 
applied to the calculated Geotechnical Ultimate skin friction and bearing capacities when compared to 
factored structural vertical loads. 
 
A minimum embedment of three pile diameters was adopted for piles founded in ECBF rock. 
Settlement under SLS vertical loading has been assessed using the method described in Sinclair and 
Every 2006 and checked using the Rowe & Armitage 1987 method as described in CIRIA 181 
(Gannon et al. 1999). Differential settlements were limited to 15mm between adjacent piers and/or 
abutments due to the integral bridges’ low structural tolerance for differential settlement.  
  
2100mm diameter bored, cast in-situ reinforced concrete piles in ‘grooved’ rock sockets were 
considered to be suitable to accommodate the required vertical loads based on the vertical design 
calculations described above. The pile rock sockets were specified as grooved in order to meet the 
required roughness factor for skin friction calculation.   
 
4.3 Lateral Capacity 
 
The pile lateral capacity must accommodate the moment and lateral load applied to the pile head and 
the structural actions on the pile due to soil-structure interaction at depth. The pile embedment length 
must also be sufficient to maintain toe fixity against lateral loads.  
 
A geotechnical lateral pile load model was created in addition to the structural bridge model in order to 
model the moment continuity between the bridge support columns and the foundation piles; and the 
non-linear load-displacement relationship between the piles and the subgrade. 
  
Geotechnical inputs required by the structural bridge model consist of spring stiffness values 
(horizontal subgrade reaction moduli) and ultimate soil passive limits in order to calculate the pile 
reactions to lateral load. The structural inputs required by the geotechnical pile models were the 
moment loads and lateral loads at the pile head in order to assess pile displacements and provide the 
corresponding springs stiffness values. The structural loads transferred to the pile head are influenced 
by the degree of displacement at the pile head, which in turn is determined by the strength and 
stiffness of the surrounding soil. Therefore, several iterations were required in order to calibrate the 
two models and finalise the input loads from the structural design model, and the spring stiffness 
values from the geotechnical design model. 
 
The geotechnical model consisted of single piles modelled in the commercial lateral load pile analysis 
software program, LPile. The pile is modelled as an elastic material surrounded by horizontal soil 
layers with load reactions calculated using non-linear lateral load transfer curves (p-y curves). The p-y 
curves were generated by the geotechnical model using a combination of user input values and pre-
programed relationships based on recommendations discussed in the LPile technical manual 
(Isenhower and Wang 2012). A representative number of piles for each ramp were analysed to 
estimate a range of horizontal subgrade reaction moduli and ultimate geotechnical passive strength 
limits for the soil and rock. The following models representing a particular material type were adopted 
in the LPile analysis. 
 
• ‘Modified Stiff Clay without Free Water’ model for the existing engineered fill, uncontrolled fill and           

Tauranga Group Alluviums under static conditions outside of the Coastal Marine Area 
• ‘Soft Clay’ represents the liquefied Tauranga Group Alluviums under seismic conditions 
• ‘Stiff Clay without Free Water’ represents highly Weathered ECBF 
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• ‘Weak Rock’ represents the unweathered ECBF rock 
• ‘Vuggy Limestone (Strong Rock)’ represents the Basalt 
 
The horizontal subgrade reaction moduli (springs) inputs for the structural model were assessed 
based on the p-y curve outputs from the geotechnical model, i.e. as an average value of load divided 
by displacement across the layers analysed. The non-linear load-displacement relationship of soil 
could not be modelled using the linear springs of the structural model. Instead, a range of linear elastic 
springs were adapted to the non-linear p-y curve as illustrated in Figure 2 below. Different spring 
values were assessed for each layer, with the geotechnical ultimate passive strength limit set as the 
yield point as summarised in Table 4 below. An appropriate spring value was assigned to the 
structural model based on the assessed pile displacement from the LPile model at the corresponding 
depth. The geotechnical passive strength limits for soil are assessed from LPile with the values taken 
at the passive failure load at the top of the soil layer. The unconfined compressive strengths of 
unweathered ECBF and basalt have been used as the passive strength limit for the respective rock 
layers. 
 

 
Figure 2. Example of Spring Stiffness Approximation from Soil p-y Curves for a Given Displacement  

 
Table 4: Summary of Subgrade Reaction Moduli Based on Design Pile Diameter 

Soil Type Range of Modulus of Horizontal Sub-grade Reaction 
(MN/m2) for Pile Deflection (δ) 

Geotechnical 
Ultimate Passive 

Strength Limit 
(kN/m) 

δ = 10mm δ = 20mm δ = 30mm δ = 50mm 

Engineered Fill 30 - 55 18 - 35 13 – 25 9 – 18 400 
Uncontrolled Fill 3 – 12 2 - 8 2 - 6 1 - 4 300 
Basalt N/A N/A N/A N/A 28000 
Tauranga Group 
Alluvium 

7 - 20 4 - 13 4 - 11 3 - 8 250  

Residual East 
Coast Bays 
Formation (ECBF) 

22 - 40 18 – 25 11 - 15 7 - 10 600  

Highly & 
Moderately 
Weathered ECBF 

24 - 50 18 - 29 11 - 25 7 - 15 600  

Unweathered ECBF 300 - 1200 N/A N/A N/A 800 -16500a 
a Range used for sensitivity analysis 

 
Once structural loads were obtained, L-Pile analyses at representative pile locations were rerun in 
order to verify and calibrate the structural model. A moment load, shear load and axial load generated 
by the structural model for the top of each pile were then applied to the corresponding L-Pile model 
and the output compared with the structural model output. Through an iterative process, the spring 
stiffnesses’ in the structural model were adjusted until the results from the two models converged. The 
lateral loads provided by the structural designers were analysed in LPile and the rotation about the toe 
of the pile checked. The design pile embedment was increased where excessive displacement was 
observed at the pile toe. 
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4.4 Effect of Alternating Layers of Stiff and Soft Materials on Pile Design 
 
The combination of very strong basalt rock at relatively shallow depths and the large lateral loads 
applied at the pile head tends to attract extremely large pile bending moments and shear forces down 
the pile.  The relatively soft materials above rock level provide very little resistance and the abrupt 
change in stiffness from soil to rock creates ‘pinch points’ which result in large bending moments as 
illustrated in Figure 3. At some pile locations where rock levels are relatively shallow and the pile head 
is not allowed to displace with the lateral loads, the bending moments due to rock exceed the pile 
capacity. In order to accommodate this phenomenon, an annular space created by a larger diameter 
steel tube was specified for the piles with excessive calculated structural actions due to the presence 
of shallow rock. This is illustrated in Figure 4.  
 
Where an annulus is necessary the pile model is re-analysed using the structural model and soil 
spring outputs, ignoring lateral soil resistance over the length of the annulus to produce revised 
structural pile design actions. The calculated pile displacement over the annular length is also checked 
to ensure it is not greater than the specified annular space. 

 

 
Figure 3. Example of Pile Behaviour with Lateral and Moment Loading 

  

 
Figure 4. Typical Pile Details and Annular Sleeve Details 

 
5 SENSITIVITY ANALYSIS 
 
Borehole drilling to investigate ground conditions was not conducted at every pile location prior to 
design. This was due to either access difficulties or changes to bridge alignment after the geological 
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site investigations. At several pile locations, the geology was inferred based on adjacent boreholes. 
Generally when geological models are formed for bridge pile design, the top of rock level is 
conservatively estimated at the likely maximum depth to ensure adequate design socket lengths are 
achieved during construction. However, for the integral bridges of the GNRI it was found that the pile 
reactions to lateral loads generally became more critical with shallower rock levels. Therefore 
sensitivity analyses were required to assess the influence of the variability in rock levels. 
 
Sensitivity analyses showed that structural pile actions generally remained within an acceptable range 
if actual rock levels encountered were within one pile diameter of the design rock depth. It should be 
noted that this sensitivity to rock level was influenced by the spring spacing down the pile in the 
structural design model. It is therefore important that the spring locations are chosen so that there is a 
good degree of resolution in the output, (i.e. a larger spacing results in a more rounded peak load on 
the pile). A minimum spring spacing was automatically determined in the LPile model, and typically 
ranged from 100mm to 200mm. Spring spacing equivalent to one pile diameter was used in the 
structural pile model in order to eliminate sharp peak moment loads which were considered to be un-
realistic.    
  
Sensitivity to soil and rock stiffness were also considered in the lateral pile capacity analysis. In 
general, the most critical structural design actions resulted from a combination of reduced soil stiffness 
and increased rock stiffness. Therefore, reducing the subgrade strength parameters uniformly to 
model ‘weaker’ soil over the pile length does not necessarily produce conservative results. A 25th 
percentile rock stiffness and 75th percentile rock stiffness were used in the sensitivity analysis. The 
spring stiffnesses of the soil were also doubled for the seismic load case in order to reflect the stiffer 
soil response to dynamic loading. 
 
6 PILE CONSTRUCTION DESIGN CONSIDERATIONS 
 
For foundation piles that did not require an annulus, the pile construction consisted of boring to pile toe 
level followed by the grooving of the rock socket for piles founded in unweathered East Coast Bays 
Formation. Piles requiring an annulus were overdrilled to accommodate the wider annulus diameter. 
Temporary pile casings were used to control groundwater inflow in areas with basalt. Permanent 
casings were installed for piles founded in the Coastal Marine Area to prevent possible scour. 
Substantial temporary works platforms and temporary staging were required to install piles across the 
Coastal Marine Area.  
 
7 QUALITY CONTROL AND CONSTRUCTION CHALLENGES 
 
A representative number of piles were inspected with a remote controlled camera lowered into the 
excavated hole so that the rock socket grooving and the cleanliness of the pile base could be checked 
prior to the pouring concrete. Sonic logging tubes were also installed in all piles in order to check the 
pile integrity following construction. 
 
A construction phase support geotechnical engineer was onsite full-time to observe the pile excavation 
and construction process, as well as to log the excavated spoil material for comparison against the 
design ground assumptions. The materials encountered across the site were generally consistent with 
ground conditions assumed for design. However, the unweathered ECBF bedrock was up to 2m 
deeper than expected at several locations adjacent to the coastal marine area where access for 
investigation was not possible. A contingency of 1.0m to 1.5m length of additional steel cage was 
allowed for during construction. However, this standard cage extension was not sufficient to make up 
for the additional excavation required to reach the required design rock socket length. A reduction of 
0.5m to 1.0m to the rock socket for the specific piles affected was reanalysed for vertical capacity and 
toe fixity and was found to be acceptable. 
 
The unweathered ECBF bedrock was found to be up to 2m shallower than assumed at two pile 
locations during construction. A reanalysis of these piles showed that the structural actions on the 
piles increased significantly for the shallower rock levels, which exceeded the pile structural design 
capacity. The solution adopted was to drill a number of overlapping small diameter holes around the 
already formed pile to create an annular space which was then filled with soft bentonite. This allowed 
the pile to deform laterally and reduce the structural pile actions. 
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Drilling through the basalt was very slow and hard wearing on the drill-rigs. Several techniques were 
trialled including: (1) using the full sized core barrel (up to 2100mm diameter), (2) drilling a series of 
small percussion holes around the outside of the pile followed by large core barrel, and (3) drilling 
three smaller core barrel holes of 900mm diameter and then following through with the larger core 
barrel. Technique No.3 was generally shown to be the best technique. Knowing the thickness of the 
basalt layers accurately became critical to the cost and timing of construction. Accordingly, additional 
boreholes were put down at pile locations to refine the geological model at the time of construction. 
This was necessary as drilling the basalt had significant time and cost implications so an accurate 
understanding of the thickness and condition was required prior to mobilising the drill rig. 
 
8 CONCLUSION AND RECOMMENDATIONS 
 
Four integral bridge foundations were designed and constructed at the Great North Road Interchange 
as part of the NZ Transport Agency’s Waterview Connection project. The length of the integral bridges 
at the interchange means the lateral reaction loads due to expansion and contraction are significant. In 
order to resist vertical, lateral and moment loads at the pile head, 2100mm diameter bored, cast in-situ 
reinforced concrete piles with a minimum embedment of three pile diameters were adopted for piles 
founded in ECBF rock. At certain pile locations, the combination of very strong rock at relatively 
shallow depths and the large lateral loads applied at the pile head attracted extremely large pile 
bending moments and shear forces down along the pile. In order to accommodate this, steel casing 
annuluses were specified for these piles. General design challenges included the variability of rock 
levels. Structural pile actions were found to remain within the acceptable range if actual rock levels 
varied by less than one pile diameter from the design depth. 
 
Where possible, a cored borehole at each pier location is recommended for the design of integral 
bridge foundations with consideration given to soil stiffness testing. Where subgrade-pile interaction is 
expected to cause significant structural actions on the pile, an annulus around the pile can be used to 
avoid pinch points of high bending moments and shear forces. Communication between structural 
designers and geotechnical designers is especially important during the design of structural-subgrade 
interface elements such as foundation piles. Contractors should be made aware of the implications of 
encountering variations in subsurface materials and have contingency options ready if ground 
conditions have not been proved at pile locations. The cost of sleeving the piles with annuluses to 
avoid structure-soil interaction forces and the additional pile embedment required to achieve toe fixity 
against lateral loads should be considered during the tender process. Estimating required pile lengths 
based on vertical capacity alone and providing rock level estimates at the likely maximum depth may 
be unconservative for integral bridges due to larger bending moments and shear forces attracted by 
the pile if the rock level is later shown to be shallower. Due to the pile sensitivity to rock depths that 
are too shallow (for lateral loading) as well as too deep (for vertical loading), verification of rock levels 
during construction is necessary.  
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ABSTRACT 
 
Various rock socket design procedures rely on the adoption of ‘characteristic’ modulus parameters to 
estimate pile settlement. However, significantly different settlement magnitudes can be calculated from 
the same modulus value applied within various common pile design procedures. Although all common 
design procedures are derived from comprehensive data by their authors, limited opportunity exists to 
confirm which procedure is most relevant to any specific region. The Gateway Bridge duplication was 
the largest bridge project in the history of Queensland, Australia. Two (2) test piles embedded with 
Osterberg Cells were constructed to investigate the rock socket behaviour under high loads prior to 
construction of the two (2) river piers. It is the only known local calibration site for the various 
“universal” rock socket analysis models typically adopted in Queensland. Rather than develop a site 
specific approach, this paper used the pile load test data to back-calculate the required modulus 
values to be input into common pile design procedures in order to replicate the observed settlements. 
It assumed four (4) different pile design procedures were equally valid, but the ‘characteristic’ modulus 
required to be adopted by the various approaches may differ. Thus the selection of significantly 
different ‘characteristic’ values is shown to be required by each design procedure in order to produce a 
convergent estimate of pile settlement. In addition, as modulus values are frequently estimated from 
rock strength information, this study also assessed the ‘percentile’ of the rock strength dataset that 
would provide the required ‘characteristic’ modulus for each considered design procedure. 
 
 
Keywords: Characteristic design value, modulus, rock socket, Osterberg pile tests, sedimentary rocks 
 
 

1 INTRODUCTION 
 
Look and Lacey (2013) back-analysed data from two (2) large-scale pile load tests fitted with 
Osterberg Cells (O-Cell®) completed for the Gateway Upgrade Project (GUP) in Queensland, 
Australia, and assessed the “characteristic” values of rock strength that were required to be input in a 
variety of rock socket design methods in order to reproduce the ultimate shaft capacity exhibited by 
the load tests. However, this 2013 study only considered the rock strength required to be input into 
established rock socket design methods, and did not consider pile settlement or moduli parameters.  
 
Due to the type of large scale testing completed from which the back analyses have been completed, 
additional data relating to the rockmass into which the rock socket was installed can also be directly 
back-calculated. This paper extends the analysis completed by Look and Lacey (2013) and assesses 
the modulus values for the material comprising the rock socket of the tested piles and, via a number of 
design methods, evaluates the effect that selection of various “characteristic” rock strength and 
deformation values has on the resultant calculated pile capacities. Specifically, this paper investigates 
the range of moduli that can be derived from the available data (e.g. Young’s modulus, E; intact rock 
modulus, Ei or ER; and rock socket rockmass, Em) and an assessment of which derived modulus value 
would be most appropriate for use in conjunction with various pile rock socket design methodologies. 
 
 

2 STUDY METHODOLOGY 
 
The methodology adopted was to initially estimate Em parameters based upon available information 
relating to the condition of the material within the pile rock socket (e.g. rock strength test results, 
engineering descriptions of rock materials included in borehole logs), as would be typically completed 
during a project’s design phase. Independently, in situ rockmass modulus values were back-calculated 
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from the test piles’ observed load / deformation curves and, via a number of common rock socket 
design methods, Em values were determined. If adopted for design, these Em values would result in 
the predicted pile settlements replicating the deformations observed during field tests. These two (2) 
calculated Em parameters were then compared to assess how well the range of calculated moduli 
parameters aligned. Figure 1 conceptually shows the methodology adopted. 
 

 
 

Figure 1. Flowchart showing primary steps adopted for study methodology  
 
 

3 SITE DETAILS AND GEOLOGICAL SETTING 
 
The GUP site from which the data analysed by this study was obtained was the largest road and 
bridge infrastructure project ever undertaken in Queensland, Australia. The six (6) lane bridge 
structure spans 1.6 km between abutments with a main river span structure of 520 metres. The two (2) 
pile load tests were completed on sacrificial land-based piles constructed to investigate the rock 
socket behaviour under high loads and identify any constructability issues prior to construction of the 
two (2) river bridge piers. The key geological features of the founding materials were: 
 
 Basement rock consisted of interbedded layers of Triassic aged (220 to 180mya) sandstone, 

siltstone, mudstone and low grade coal. The material was not observed to have any significant 
folding, but is known to have faulting as a consequence of crustal tension in the Tertiary period.  

 Deposition of Quaternary Alluvium occurred in the recent past. This site is located close to the 
mouth of the Brisbane River and generally has Holocene (young) overlying the Pleistocene 
(older) Alluvium. 

 
Further details regarding the GUP project, foundation design and subsurface material parameters can 
be found in Look and Wijeyakulasuriya (2009) and Look and Lacey (2013).  
 
 

4 ROCK SOCKET DATA AND ESTIMATION OF ROCK MODULUS 
 

4.1 Relevant Geotechnical Investigation Data 
 
The geotechnical site investigation completed at the location of each test pile involved the drilling of a 
borehole to below the depth of the toe of each test pile (denoted TP-01 and TP-02). Both rock sockets 
were comprised of interbedded mudstone, siltstone and sandstone; moderately to slightly weathered, 
medium to high strength.  Look and Wijeyakulasuriya (2009) and Look and Lacey (2013) further 
analysed and discussed the rock strength data relevant to each test pile rock socket, and the basic 
statistical data of the inferred Uniaxial Compressive Strength (UCS) rock strength results has been 
reproduced in Table 1. Note that these statistical values have been derived from non-normal 
distribution function fitting as per the recommendations of the identified historical studies (2009, 2013).  
 
Logged material units, descriptors of the in situ state of the rockmass (weathering, fracture spacing) 
and Rock Quality Designation (RQD) values for each rock socket (the length of drilled socket between 
load cell location and pile toe, refer Section 5) have also been extracted, with relevant data presented 
in Table 2. Data included in Tables 1 and 2 was considered representative of the overall rockmass of 
the rock socket, and formed the basis of moduli estimation via generic correlations. 
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Table 1:  Basic non-normal statistical data of rock strength within test pile rock sockets 
Test Pile 

ID 
Percentiles of Uniaxial Compressive Strength (UCS) data distribution (MPa) 

5th  25th 50th  (Median) Average 75th 95th 
TP-01 3.3 7.2 14.4 32.1 35.2 201.8 
TP-02 14.0 21.3 34.3 58.2 63.2 175.8 

 
Table 2:  Selected details regarding rock condition of identified lengths of test pile rock sockets 

Test Pile 
ID 

Socket Geological 
Makeup 

Logged Weathering 
State 

RQD (%) 
Average Fracture 

Spacing (m) 

TP-01 
Sandstone (27%) / 
Mudstone (65%) / 

Siltstone (8%) 

Slightly Weathered 
(100%) 

70 0.25 

TP-02 
Sandstone (99%) / 

Mudstone (1%) 
Highly Weathered (6%) / 
Slightly Weathered (94%) 

57 0.20 

 
4.2 Direct estimation of in situ rock modulus (Em) values  

 
As identified by previous authors (e.g. Prakoso, 2002) the cost of obtaining in situ rockmass moduli is 
generally prohibitive, and thus Em values are typically inferred from results of UCS testing. It has also 
been demonstrated (e.g. Hobbs, 1974; Bieniawski, 1984; O’Neill and Reese, 1999) that the Em is a 
reduced value of the intact rock modulus (Ei), with the magnitude of reduction based on site-specific 
rockmass properties; such as discontinuity spacing, confining stress and rock structure. The use of Em 
values for rock socket pile design is considered preferential over the simple adoption of Ei values, 
which would likely overestimate the stiffness of the deformation response to pile loading. 
 
Various studies suggest adopting a linear transformation, via a modular ratio (MR), to estimate Ei 
values from known rock strength (UCS), and then applying a reduction factor (j) to transform Ei to Em 
values. The reduction factor can be estimated based on rock quality, as reflected in the RQD or 
fracture spacing of the rockmass. In such studies, MR values are commonly nominated by rock type or 
material origin. For sedimentary rocks similar to those encountered at the GUP site, previous MR 
estimates range from 150 for weak (mudstone) materials and 275 to 300 for higher strength 
(sandstone) materials (Hobbs, 1974). Weighting such MR values by the rock composition detailed in 
Table 2 would result in UCS:Ei of 200 and 295 for TP-01 and TP-02’s rock sockets respectively. 
 
Previously published reduction factors based on RQD assessments can be used to convert Ei to Em. 
With the identification from borehole logs that only tight joints were present within the GUP test pile’s 
sockets, the range of applicable rockmass factors (j) for TP-01 (RQD = 70%) ranged between 0.30 
and 0.70. For TP-02 (RQD = 57%), j values varied between 0.24 and 0.35. In both cases the minimum 
j values were allocated by Bieniawski (1984) correlations, with the maximum value being assigned by 
O’Neill and Reese (1999) relationship. Resultant ranges of linear qu:Em relationships – 60 to 140 for 
TP-01 and 60 to 105 for TP-02 – were thus produced to provide upper and lower bounds for Em 
estimation from rock strength (UCS) data. 
 
Other studies have derived non-linear relationships for the same UCS:Em transformation. Rowe and 
Armitage (1987) suggested the adoption of Equation 1, whilst Prakoso (2002) completed a review of 
88 case studies and determined the in situ rockmass modulus could be best estimated via Equation 2.  
 

Em = 215 x (qu)
0.5        (1) 

 
Log10(Em / qu) = 2.73 – 0.49 x Log10(qu / pa)

  (R2 = 0.48)   (2) 
 
Additional material parameters to enhance correlation between rock strength data and Em values can 
also be incorporated. This could include the use of the Geological Strength Index (GSI), RQD or Rock 
Mass Rating (RMR) parameters. In situ modulus values derived after an assessment of GSI from the 
existing geotechnical information was completed, as per Equation 3 (Hoek and Brown, 1997). GSI 
values applicable to the subsurface conditions of each test pile were determined as 50 for TP-01 and 
42 for TP-02, based on the methodology and descriptions provided by Hoek and Brown (1997). 
 

Em (GPa) = (qu / 100)0.5 x 10[(GSI-10)/40]  (for qu ≤ 100 MPa)   (3) 
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Table 3 summarises the resultant Em values by adoption of the identified qu:Em relationships and the 
characteristic rock socket data relevant to each of the test piles (from Tables 1 and 2). From this data 
it is observed that for the same rock strength (qu) input values, the Prakoso (2002) relationship 
consistently produced the lowest Em values, followed by the Rowe and Armitage (1987) relationship. 
Significantly higher Em estimates were produced when the UCS values were submitted to the ‘upper 
bound’ linear relationship or combined with the test pile’s GSI, as per Hoek and Brown (1997). 
 
Table 3: In situ modulus (Em) inferred by rock strength (UCS) data and generic relationships 

UCS:Em Reference 

Pile ID TP-01 TP-02 
Distribution 
Percentile 

5th  25th  50th Ave. 5th  25th  50th Ave. 

UCS (MPa) 3.3 7.2 14.4 32.1 14.0 21.3 34.3 58.2 
Linear qu:Em 
Relationships  

Lower Bound 196 429 866 1926 839 1278 2059 3251 
Upper Bound 457 1001 2022 4494 1469 2236 3603 5689 

Rowe and Armitage (1987)   (Eq. 1) 388 575 817 1218 804 992 1260 1583 
Prakoso (2002)                     (Eq. 2) 322 480 688 1034 677 839 1070 1401 
Hoek and Brown (1997)        (Eq. 3) 1806 2674 3800 5666 2360 2912 3696 4644 

 
 

5 RESULTS OF PILE TESTING 
 

5.1 Pile Load Tests 
 
Two (2) full scale test piles (1.5m diameter) with drilled rock sockets were constructed at the GUP site, 
each fitted with a single O-Cell® to allow controlled pile loading. Each test pile was fitted with encased 
tell-tale rods and strain sensors, and information regarding the total compressive load applied by the 
O-Cell® and the associated observed pile displacements was recorded during each loading stage 
contained within three (3) loading–unloading cycles. Accordingly, as per the methodology detailed by 
Osterberg (1998), the load components carried by the instrumented pile shaft and pile base could be 
calculated and correlated with displacement observations (refer Figure 2).  
 
This study has isolated the load components carried by the pile base and the length of pile shaft 
between the location of the O-Cell® and pile toe. Table 4 details the geometric characteristics relating 
to this section of rock socket within the drilled shafts of TP-01 and TP-02.  
 
Table 4: Geometric characteristics of isolated section of test pile rock sockets 
Pile ID (both 1.5m diameter, D) TP-01 TP-02 
Length of Rock Socket between O-Cell® and pile toe (L, m) 2.66 5.24 
Ratio of Rock Socket Length / Pile Diameter (L/D, m) 1.77 3.49 

 
5.2 Results of Pile Load Testing 

 
As per Carter and Kulhawy (1988), and as shown in Figure 2(a), a pile’s displacement response to 
axial load application can be generalised into three components; ‘linear elastic’, ‘progressive slip’ and 
‘full slip’ components. The ‘linear elastic’ phase occurs upon initial loading and continues whilst the 
pile demonstrates behaviour as if it is fully contained within an elastic half space. Non-linear behaviour 
is considered to be any load response beyond ‘linear-elastic’ loading, as defined by Point ‘A’ in Figure 
2(a) (i.e. ‘progressive slip’ and ‘full slip’ zones). Figure 2(b) and (c) show the load versus displacement 
curves for TP-01 and TP-02 respectively, overlaid with interpretations of their ‘linear-elastic’ and non-
linear response phases. By observation, both test piles followed the expected load-deformation 
response, and both tests were concluded immediately after the pile entered the ‘full slip’ phase. 
 
The point at which the ‘linear-elastic’ phase of the pile was exceeded was identified to occur once total 
pile displacements of approximately 0.32% and 0.17% of the pile diameter (1.5m) were observed for 
TP-01 and TP-02 respectively. Maximum unit side shear resistance (and ‘full slip’ of the pile) was 
observed once total pile displacements were 1.5% (TP-01) and 1.6% (TP-02) of the pile diameter. 
These displacement values correspond well to those previously published for large scale pile tests 
(Zhang and Einstein, 1998). For each step of load testing of both test piles, further analysis of the 
recorded data also allowed the calculation of the pile load distribution within the isolated pile shaft 
section and pile base, as shown in Figure 3 for TP-01. 
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(a)        (b)           (c) 

Figure 2. (a) Idealised pile loading versus displacement behaviour (after Carter and Kulhawy, 1988); 
(b) load versus deformation curve for TP-01; and load versus deformation curve for TP-02 

.  

 
Figure 3. Pile load distribution for TP-01, highlighting area of "elastic" and "full slip" displacement 
 

5.3 Separation of ‘linear-elastic’ and ‘non-linear’ phase response data 
 
As identified by Zhang (1997), pile design procedures can be considered to fall into two (2) distinct 
groups; (a) procedures that provide estimates of pile displacements within the ‘linear elastic’ phase 
(i.e. considers the displacement of pile acts fully within an elastic half space); and (b) procedures that 
provide estimates of pile displacements that incorporate the non-linear movement of the rock socket 
(i.e. account for material yielding). Carter and Kulhawy (1988) identify that whilst non-linear design 
methods are only technically applicable to the ‘full slip’ phase, most practical cases can consider pile 
behaviour to be bilinear with only ‘linear elastic’ and ‘full slip’ linear relationships being definable.  
 
To allow the use of the pile design procedures that assume only an elastic half space, the test pile 
results were reviewed and limited to the phase of observed ‘linear-elastic’ behaviour. By inspection of 
the pile load distribution curves (Figure 2 and 3) the maximum shear resistance and base load 
associated with the ‘linear-elastic’ loading phase was isolated from the full test record.  
 
In addition, as the maximum applied load to each test pile was observed to have fully mobilised the 
shaft capacity of the isolated section of the drilled rock socket, the ultimate side shear resistance 
(PEAK) of this identifiable section of the rock socket could be calculated. As described by Zhang 
(1997), this value corresponds to Point ‘B’ as defined by Figure 2(a). 
 
Table 5 details the maximum side shear resistance () and associated displacement values associated 
with the ‘linear-elastic’ loading phase of each test pile, along with the PEAK and corresponding 
displacement values observed during the non-linear loading phase. The parameters presented in 
Table 5 became the basis for the in situ rockmass modulus back-calculations completed by this study. 
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Table 5:  Pile Loading Tests – Details of for both ‘Linear-Elastic’ and Non-linear Phases 

Load-Displacement Type 
TP-01 TP-02 

Linear- 
Elastic 

Non-
Linear 

Linear- 
Elastic 

Non-
Linear 

Maximum / Peak Unit Shaft Load (PEAK, kPa ) 710 1,640 640 1,490 
Shaft displacement at PEAK  (SHAFT, mm) 2.53 12.34 1.67 11.74 
Base Load carried at PEAK (QBASE, kN) 5,520 20,690 1,665 7,850 
Displacement of Base at PEAK  (BASE, mm) 2.28 11.77 0.96 10.28 
Total Applied Load at PEAK  (QTOTAL, kN) 14,420 42,625 17,470 44,605 

 
 

6 BACK-CALCULATION OF IN SITU MODULUS 
 
A number of commonly used rock socket design procedures allow the estimation of pile shaft or full 
rock socket (shaft and pile base) displacement in response to an applied axial load. Based on the 
observed results from the completed pile load tests four (4) common rock socket pile design 
methodologies were used to back-calculate the input rock modulus value required to replicate the 
observed pile displacements. Table 6 lists the rock socket design procedures that have been 
assessed as part of this study, and identifies the grouping to which they apply. Note that although the 
Carter and Kulhawy (1988) design method is able to consider the pile during ‘non-linear’ deformation, 
this study did not consider this aspect of design as estimation of additional parameters would have 
been required (e.g. Poisson’s ratio and strength parameters that were not directly tested). 
 
Table 6: Details of rock socket bored pile design methodologies considered 

Rock Socket Design Method Linear-Elastic Phase Full Slip (Non-Linear) Phase 
Pells and Turner (1979)   

Williams, Johnson and Donald (1980)   
Rowe and Armitage (1987)   

Carter and Kulhawy (1988)  
  

(but not analysed by this study) 
 
For all rock socket design procedures considered by this study, the generalised form of equation used 
to estimate deflection is presented in Equation 4.  
 

Displacement () =  Applied Load (P) x Settlement Influence Factor (Ip) (4) 
   Pile Diameter (D) x In situ Rock Modulus (Em) 

 
The “Settlement Influence Factor” (Ip or Id) is applied by all design procedures to the pile load. The 
applicable Ip value is selected via graphical solutions in which the Ip is influenced by the pile geometry 
(rock socket length versus pile width) and ratio between the in situ pile modulus (EP) and in situ rock 
modulus (Em). For this analysis EP was approximated by the adoption of the design concrete modulus 
(EC), as calculated the American Concrete Institute’s (ACI) formula (1995) presented in Equation 5. 
 

EC = 4700(f’c)
0.5         (5) 

 
As the characteristic strength of the test pile’s concrete was known (50MPa), EP was estimated to be 
in the order of 33 GPa. Thus, by combining the observed load distribution (base versus shaft) for the 
end of the conclusion of the ‘linear-elastic’ phase of loading and design charts included in Pells and 
Turner (1979) and Rowe and Armitage (1987), an initial estimation of EP / EM of 250 and 10 was made 
for TP-01 and TP-02 respectively. Such an EP / EM result was also found to be consistent when the 
observed shaft / base load distributions shown for the ‘linear-elastic’ interface when plotted on Rowe 
and Armitage (1987) design charts for complete socketed piers. 
 
Using the relevant design charts for each pile design method, corresponding influence factors (Ip or Id) 
were determined. Table 7 details the Ip considered applicable to each rock socket design method, 
based on known rock socket geometry, and presents the Em values required for each design 
methodology to reproduce the displacement values observed under the considered loading scenarios 
(‘linear-elastic’ and ultimate shear resistance). The Em values resultant from the back-calculation as 
shown in Table 7 can be directly compared with those derived by generic correlations (refer Table 3). 
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Table 7:  Back-calculated in situ rockmass modulus (Em) to replicate pile deformations  

Design Procedure 

Influence Factor (Ip or Id) 

TP-01 (EP / EM = 250) TP-02 (EP / EM = 10) 

Linear-Elastic Non-Linear Linear-Elastic Non-Linear 

Pells and Turner 
(1979) 

EM = 760 MPa 
(Ip = 0.19) 

– 
EM = 1,640 MPa 

 (Ip = 0.19) 
– 

Williams, Johnson 
and Donald (1980) 

EM = 780 MPa 
(Ip = 0.39) 

– 
EM = 1,775 MPa 

 (Ip = 0.40) 
– 

Rowe and Armitage 
(1987)* 

EM = 1,000 MPa 
(Ip = 0.35) 

EM = 860 MPa 
 (Ip = 0.51) 

EM = 2,535 MPa 
(Ip = 0.40) 

EM = 885 MPa 
(Ip = 0.46) 

Carter and Kulhawy 
(1988) 

EM = 680 MPa 
(Ip = 0.17) 

Not Analysed 
EM = 1,685 MPa 

(Ip = 0.19) 
Not Analysed 

*Partial factor of 0.7 applied, as per design methodology author’s recommendation. 
 
From inspection of Table 7, three (3) of the four (4) design procedures required input Em values that 
were within 10% of their average. The exception, the Rowe and Armitage (1987) methodology, 
produced significantly higher input Em values due to the recommendation by the authors that a partial 
factor be applied to Em values based on their own statistical analysis of available data. A reduction 
factor of 0.7 was recommended by Rowe and Armitage (1987), and was adopted by this study.  This 
analysis also demonstrated that for the non-linear phase of loading significantly lower Em values 
(compared to those back-calculated for the ‘linear-elastic’ phase) were required such that the test 
piles’ load-deformation behaviour could be replicated through the considered design methodologies. 
 
 

7 REQUIRED ‘CHARACTERISTIC’ ROCK STRENGTHS FOR DESIGN 
 
‘Characteristic’ rock strength values that would be appropriate for use to produce the back-calculated 
Em values were determined. Table 8 and 9 present the required UCS value to produce the back-
calculated Em value for each considered design methodology for TP-01 and TP-02 respectively, based 
on each of the relationships between rock strength and Em (presented in Section 4). This analysis also 
identifies the closest 5th percentile of the non-normal distributions fitted by Look and Lacey (2013). 
 
Table 8:          ‘Characteristic’ UCS Value (MPa) to be adopted to result in applicable Em value – TP-01 

                       Pile Design 
                               Method 
    UCS to Em 

  Relationship 

Required UCS Value (MPa) to reproduce back-calculated Em 

Pells and 
Turner 

Williams, 
Johnson 

and Donald 

Rowe and Armitage Carter and 
Kulhawy Elastic Non-Linear 

Linear qu:Em 
Relationships  

MR = 60 12.7 (45%) 13.0 (45%) 16.7 (55%) 14.3 (50%) 11.5 (40%) 

MR = 105 5.4 (15%) 5.5 (15%) 7.1 (25%) 6.1 (20%) 4.9 (15%) 
Rowe and Armitage (1987)  12.5 (45%) 13.2 (45%) 21.6 (65%) 16.0 (55%) 10.3 (40%) 

Prakoso (2002) 17.6 (55%) 18.5 (60%) 30.1 (75%) 22.4 (65%) 14.1 (50%) 
Hoek and Brown (1997) 0.6 (<5%) 0.6 (<5%) 1.0 (<5%) 0.7 (<5%) 0.5  (<5%) 

 
Table 9:        ‘Characteristic’ UCS Value (MPa) to be adopted to result in applicable Em value – TP-02 

                       Pile Design 
                               Method 
    UCS to Em 

  Relationship 

Required UCS Value (MPa) to reproduce back-calculated Em  

Pells and 
Turner 

Williams, 
Johnson 

and Donald 

Rowe and Armitage  Carter and 
Kulhawy Elastic Non-Linear 

Linear qu:Em 
Relationships  

MR = 60 27.3 (40%) 29.6 (40%) 42.3 (60%) 29.6 (40%) 28.1 (40%) 

MR = 105 15.6 (10%) 16.9 (15%) 24.1 (30%) 8.4 (5%) 16.0 (10%) 
Rowe and Armitage (1987)  58.2 (70%) 68.2 (75%) 139 (90%) 16.9 (15%) 61.4 (75%) 

Prakoso (2002) 79.2 (80%) 92.3 (85%) 186 (95%) 23.7 (30%) 83.6 (85%) 
Hoek and Brown (1997) 6.8 (<5%) 7.9 (<5%) 16.1 (<5%) 2.0 (<5%) 7.1 (<5%) 

 
The results of the ‘characteristic’ rock strength back-calculation indicate that for the site-specific fitted 
non-normal distributions (Look and Lacey, 2013), the use of the Hoek and Brown (1997) correlation to 
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determine Em required the adoption of very low input UCS values (<5th percentile). Contrastingly, both 
the Rowe and Armitage (1987) and Prakoso (2002) methods suggest values at, or above, the median 
(50th percentile) UCS value should be used. Adoption of the highest MR for a linear qu:Em relationship 
results in a requirement for UCS values of between the 10th and 25th percentile (i.e lower quartile or 
below), whilst the lowest MR suggests UCS values within 10% of the median are most appropriate.  
 
Resolving the required UCS values back to the equivalent normal distributions, the results suggest 
that for all linear qu:Em relationships a UCS value with within the 20th to 30th range would provide 
appropriate ‘characteristic’ rock strength. A slightly lower, 15th to 20th percentile, value would be 
appropriate if the Hoek and Brown (1997) procedure was used (although this would also be affected 
by the GSI adopted), whilst higher (30th to 50th percentile) value would be appropriate for both Rowe 
and Armitage (1987) and Prakoso (2002) methodologies. For the non-linear pile behaviour 
considered, all qu:Em correlation methodologies suggest values of between the 20th and 30th percentile 
(normal distribution) would best calculate an Em that would produce the observed pile deformation. 
 
 

8 CONCLUSIONS 
 
An estimate of the magnitude of in situ rockmass modulus required for input into four (4) methods of 
rock socket design was made from data of two (2) large-scale instrumented bored piles. This back-
calculation suggests all design methods required input Em values of similar magnitudes to reproduce 
the load-deformation response observed in field testing. A single design method (Rowe and Armitage, 
1987) – recommended higher Em values be adopted to account for inherent rockmass variability, and 
also required comparatively lower Em values to be input once non-linear pile behaviour was observed. 
 
The selection of the qu:Em correlation method resulted in greater variability than the subsequent choice 
of pile design methodology. Varied relationships between UCS and Em were assessed and the 
required ‘characteristic’ UCS value found to vary between very low (<5th percentile) and high (above 
median) values. Thus, the accuracy of any rock socket design method is dependent on its 
characteristic (design) Em value, which in turn requires both appropriate qu:Em correlations and rock 
strength distribution functions to be adopted.    
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ABSTRACT 
 
The Memorial Park Alliance was formed in 2012 to design and build the National War Memorial Park 
in Wellington.  The project includes a ‘cut and cover’ tunnel for the under-grounding of a section of 
SH1 to provide space for the new park.  750mm diameter tension piles up to 30m deep are required to 
resist liquefaction induced floatation and settlement of the underpass during the design earthquake.   
Full scale pile testing to confirm geotechnical design parameters, optimise the design and reduce the 
number of piles required.  Testing was undertaken during detailed design on both straight shaft and 
bell shaped piles.   
 
Initial testing was on straight shaft piles.  It is expected that during excavation of the piles the auger 
smeared the side walls of the shaft reducing the uplift capacity to less than was expected.  The peak 
and residual shear strengths were similar and less than 20% of the design requirements.  A custom 
made belling tool was developed for the project and full scale testing was undertaken on a 10m long 
bell pile in the residual greywacke.  The Alliance framework assisted in this successful example of 
problem solving, involving design, construction and commercial risk. 
 
This paper presents the different design methodologies available, test results and summarises 
construction issues with piles through Wellington alluvium and residual soil.   The relationship between 
the pile tension load and deformation is assessed for tension pile capacity in residual greywacke soil. 
 
Keywords: tension piles, shaft pile, bell pile, Wellington greywacke 
 
1 INTRODUCTION 
 
This paper presents the results of three pile tests in weathered greywacke rock. They were 
undertaken for the ‘cut and cover’ National War Memorial Underpass on Buckle Street, between 
Sussex and Taranaki Streets, Wellington, New Zealand. The underpass was constructed by the 
Memorial Park Alliance from 2012 to 2014. 
 
The piles are to resist buoyancy forces on the underpass caused by the potential liquefaction of the 
alluvium and colluvium materials, overlying the founding greywacke. The piles are 750mm in diameter 
and up to 30m deep. Originally they were proposed to be straight shafts, socketed into the greywacke, 
however, the capacities achieved in the first two pile tests were insufficient. Belled piles were 
developed as a solution and a further pile test undertaken, which achieves the design load.   
 
This paper discusses the pile load test results and compares to calculated estimates using published 
methods.  
 
Belled piles while they have been used in Wellington in greywacke, are not common.  The 
practicalities and success of belling in weathered greywacke is discussed.  
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2 SITE CHARACTERISTICS 
 
2.1 Geology 
 
The underpass is constructed through a buried greywacke ridge. Each end of the underpass exits 
through alluvium and colluvium deposits. Figure 1 shows the greywacke ridge dropping away steeply 
at each end of the underpass.  The alluvium and colluvium deposits are of Pleistocene age and 
consist of silty/sandy gravel, sand and silt layers. The greywacke is deeply weathered.  From the unit 
surface it grades from a residual soil to highly weathered rock. The residual soil is 0.5m to 4m thick, 
overlying the completely weathered to highly weathered greywacke. The greywacke was generally 
made up of sand and silt, with few mudstone or quartz veins. The rock mass is highly fractured. 
Groundwater is approximately 3-4m below the ground surface. Grose et al (2015) discuss the 
geological characteristics of the site. 
 
The approximate location of the test piles 1, 2 and 3 (TP1 to TP3) are shown in Figure 1. 
 

 
Figure 1. Simplified geological long section showing underpass, piles and test pile locations 
 
2.2 Greywacke Strength and Stiffness 
 
At the site the greywacke generally increases in strength with depth. Logged using the NZGS (2005) 
classifications it is extremely weak (<1MPa) to very weak (1-5MPa). The defect spacing is extremely 
close (<20mm) to very close (20-60mm).  
 
Insitu CPT, SPT and shearwave velocity testing (by sCPT, seismic-CPT), and laboratory UCS 
(Unconfined compressive strength) and triaxial testing, was undertaken. Insitu test results are shown 
in Figure 2 and laboratory tests in Table 1. The CPT and SPT traces start from the greywacke residual 
soil surface.  The approximate position of the test piles within the greywacke profile is shown on the 
plots. 
 
Test pile 1 was on the west side of the ridge.  The test locations CPT7 and SCPT3 were 
approximately 10-15m from this test pile.  Borehole BH719 was 45m away, located in the centre of the 
greywacke ridge. Test Pile 3, 15m from test pile 2, is further west of the ridge.  CPT8 and SCPT4A 
was approximately 10-20m from this test pile, with borehole BH719 approximately 60m away. Test pile 
2 was located on the east side of the ridge.  CPT4, CPT5 and SCPT2 was approximately 10-25m from 
the test pile.  BH1 and BH2 was approximately 10-20m from the test pile. 
 
The CPT values on the west shows qc values on average for test pile 1 between 1 to 5MPa. For the 
east the qc is between 3 and 8MPa on average. 
 
Table 1: Laboratory testing results 

Test  Sample  Sample Description Results 

Triaxial 1 (CUP) BH719, 5.0m 
Completely weathered, 
extremely weak, extremely 
close defects 

c’ = 9 kPa, Φ‘ = 31.6° 

Triaxial 2 (CUP)  BH719, 8.0m c’ = 13 kPa, Φ ‘ = 35.1° 

UCS BH719, 8.4m UCS = 189kPa, E = 16MPa 

     
 

TP1 TP2
TP3 

West East
Production piles
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Figure 2. CPT, SPT and shear wave velocity results split by west (left) and east (right) sides of the 
greywacke ridge 
 
3 PILE CAPACITIES CALCULATED USING PUBLISHED METHODS 
 
Sinclair & Every (2006) summarises design methods for rock socket design. We have used these to 
estimate the rock socket design values that may be calculated. The completely weathered greywacke 
strength is clearly at the lower end of the recommended material strengths for these design methods.  
We have also used the soil method by Berezantzev et al. (1961).  The calculated shaft friction 
capacities are summarised in Table 2. 
 
Table 2: Calculated shaft friction published design capacities 

Method Rock or soil method 
Socket reduction factor (α) 
or roughness factor (b) 

Skin 
friction 

Rosenberg & Journeaux (1976) Rock (UCS=189kPa) 0.73 (α) 138 kPa 

CGS (1985) Rock (UCS=189kPa) 0.63 (b) (assume smeared) 87 kPa 

Berezantzev et al. (1961) 
Soil (clay assuming 
Su = 300 kPa) 

0.5 (α) 150 kPa 

Berezantzev et al. (1961) 
Soil (sand assuming 
σ’h =100 kPa) 

N/A 65 kPa 

 
The variation in calculated thrust end bearing design strength is summarised in Table 3. 
 
Table 3: Calculated thrust end bearing published design capacities 
Method Rock or soil method (and assumptions) End bearing 

Zhang & Einstein (1998) Rock (socket reduction factor (α) =4.8) 2,087 kPa 

Berezantzev et al. (1961) Soil (clay assuming Su = 300 kPa) 2,700 kPa 

Berezantzev et al. (1961) Soil (sand assuming σ’vb =100 kPa) 5,000 kPa 

Reese & O’Neill (1989) Soil (cohesionless with SPT(N60)=50) 2,872 kPa 

TP1 TP2

TP3 
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4 TEST PILES 
 
Three test piles were completed on site, two straight shaft piles and one belled pile. 
 
4.1 Testing Setup 
 
The straight shaft test piles were installed in the completely weathered greywacke/residual soil at 
approximately 9.1m (test pile 1) and 7.95m (test pile 2) below ground level.  The hole was bored dry 
and the concrete was poured in from the surface.  Each consisted of a 3m length of reinforced 
concrete pile with multiple high capacity Williams 46mm solid anchor bars connected to a 360 ton jack 
(area of 0.073m2) to pull off.  The jack was sitting on a custom made 1.2m high steel I beam that 
transferred the load to two shallow concrete reaction piles.  (Figure 3). 
 
The belled test pile was installed in a production pile location on the west side of the underpass, the 
base of the bell was 10m below the underpass (approximately 17m below original ground level).  The 
test pile was installed using the production pile methodology outlined in section 7.2.  The full length 
production pile was installed with multiple high capacity Williams 46mm solid anchor bars connected 
to a 600 ton jack (area of 0.088m2) to pull off.  The jack was sitting on the same 1.2m high steel I 
beam (with extra steel reinforcement) that transferred the load onto a large spread footing. (Figure 4). 
 
The displacements were measured using two independent steel bars (tied into the concrete pile 
reinforcement) that finished at ground level. The measuring points were monitored with two digital 
micrometers connected to independent measuring beams that were outside of the zone of influence of 
the reaction pad/piles. 
 

 
 
Figure 3. Test pile 1 & 2, straight shaft setup diagram 

 
 
Figure 4. Test pile 3, belled pile setup diagram 
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4.2 Test Pile Results 
 
The test piles were loaded at regular intervals up to target design level.  The straight shaft piles failed 
very early on in the loading sequence and was reloaded when it exceeded the displacement of the 
jack (2A is first loading sequence, 2B is reloaded after the jack was reset).  The bell test pile (test pile 
3) was loaded to the maximum I beam safe working load of 5,000kN with only 12mm of movement. 

 
Figure 5. Pile test 1, 2A and 2B load and displacement results and interpretation 

 
Figure 6. Pile test 3 load and displacement results and interpretation 
 
4.3 Shaft Friction Results 
 
The straight shaft test piles (Figure 5) showed that the tests failed at a similar load for both peak and 
residual strength.  This suggests that the pile walls had been smeared during construction.  The 
ultimate peak and residual load was approximately 240kN for the test piles, the ultimate skin friction in 
the completely weathered greywacke is 34kPa. 
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4.4 End Bearing Results 
 
The bell end test piles (Figure 6) showed that they were able to withstand 5,000kN tension load and 
only displace a maximum of 12mm.  This suggests there was significantly more capacity available out 
of the bell piles than the limit reached with the testing equipment.  To estimate the ultimate bearing 
capacity comparison has been made to available estimates of axial compression displacements in full 
scale shaft piles (Chen & Kulhawy, 2002).  This was used to estimate the P-z curve beyond 5,000kN.  
The lower bound is for an estimate based on cohesive soil and the upper bound is an estimate based 
on granular soil failure mechanisms. 
 
To estimate the ultimate tension bearing capacity of the completely weathered greywacke, estimates 
have been made based on the worst case (20kPa), mid estimate (34kPa) and best case (70kPa) skin 
friction in comparison to the worst case (6,000kN), mid estimate (7,500kN) and best case (9,000kN) 
total ultimate test load (Table 4). 
 
Table 4: Ultimate tension bearing estimate 

Total ultimate test load 
Ultimate tension bearing capacity (with variable skin friction) 

Worst case (20kPa) Mid estimate (34kPa) Best case (70kPa) 
Worst case (6,000kN) 4,207 kPa 3,983 kPa 3,407 kPa 
Mid estimate (7,500kN) 5,339 kPa 5,115 kPa 4,539 kPa 
Best case (9,000kN) 6,471 kPa 6,247 kPa 5,671 kPa 
 
Therefore the ultimate tension bearing capacity of the completely weathered greywacke is likely to be 
3,400kPa to 6,400kPa. 
 
5 COMPARISON BETWEEN TEST RESULTS AND PUBLISHED DESIGN METHODS 
 
The test results showed that the published design methods generally overestimate the ultimate skin 
friction and underestimate the ultimate bearing capacity in completely weathered greywacke 
compared to full scale testing.  (Table 5). 
 
Table 5: Comparison between test results and published design methods 
Design item Method Minimum Mid estimate Maximum 

Ultimate skin friction 
Published design 65 kPa 100kPa 150kPa 
Full scale test 20 kPa 34 kPa 70 kPa 

Ultimate bearing 
capacity 

Published design (thrust) 2,000 kPa 2,700 kPa 5,000 kPa 
Full scale test (tension) 3,400 kPa 5,100 kPa 6,400 kPa 

 
The reduction in the ultimate skin friction with the full scale testing is generally contributed to the 
smearing of the completely weathered greywacke in the augering process.  The greywacke on site is a 
borderline material (between soil and rock) and therefore the published methods do not readily apply 
to this site. 
 
Generally the skin friction results suggest the completely weathered greywacke behaves more like a 
poor quality silt/clay when disturbed, whereas the thrust bearing capacity results suggest that when 
the rock mass is loaded, significantly higher strengths can be obtained (more like a higher quality 
rock).  Care should be taken during design in borderline completely weathered greywacke soils and 
skin friction should not be relied upon to provide significant tension and compression resistance. 
 
6 COMPARISON OF SHAFT BOND CAPACITY FROM ANCHOR TESTING 
 
The anchor testing completed in the completely weathered greywacke (Christie, et al. 2015) 
suggested significantly higher skin friction strengths than the full scale pile tests.  The anchor tests 
ranged from 110 kPa to 183 kPa in the colluvium/residual soil (injection grouted) and 172 kPa to 283 
kPa in the completely weathered greywacke (gravity grouted). 
 
Upscaling the anchor bond strengths for pile design would have overestimated the true pile skin 
friction by a factor of 5.  This would have meant that even with standard strength reduction factors the 
tension piles would not have performed as expected in a large earthquake.  
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7 CONSTRUCTION OF BELLS IN WELLINGTON GREYWACKE 
 
Bells may not generally be used in Wellington greywacke as the rock quality is sufficient to achieve 
enough capacity in shaft alone. Belling may be difficult if higher strength material is encountered. 
Avoiding issues associated with bell collapse during construction is preferable. At this site the 
greywacke has weathered to a residual soil (completely weathered rock).  As a result of the lower 
material strength smearing of the socket side walls resulted, however, belling was possible.  
 
7.1 Consequences for MPA Design 
 
The results of the bell and straight shaft test piles had the following effects on the underpass pile 
design: 
 

 Due to the increased tension capacity of the bell pile, the number of piles could be reduced 
from 160 straight shaft piles to 94 bell end piles.  This resulted in significant cost and time 
saving to project. 

 Predicted seismic vertical displacement (from liquefaction induced uplift and post-liquefaction 
settlement) of underpass is less than 25mm in a 1 in 2500 year return period earthquake. 

 
7.2 Construction Issues 
 
All 94 bell piles were constructed by January 2014, two months ahead of schedule.  Multiple issues 
were encountered during construction of the bells, this included a highly variable rock profile, limited 
soil return in the belling bucket and minor hole collapses during belling. 
 
The completely weathered greywacke in the area had relatively low permeability but a high hydrostatic 
pressure head.  The ground was saturated with high groundwater but the holes were very slow to fill 
with water due to low permeability.  The dewatering of the pile holes is likely to have created a very 
steep hydraulic gradient around the sides of the piles.  It is thought this contributed to softening and 
smearing of the sides of the pile excavation (tests 1 and 2) with consequent low skin friction.   
 
The piling methodology changed and the following methods were used to reduce the risk of hole 
collapse during belling: 
 

 Temporary steel casing to 1m above the bell location. 
 Flooding the hole with water to ground level before belling the hole to maintain positive 

hydraulic gradient, i.e. water pressure pushing onto excavation wall rather than high pressure 
in soil pushing into open excavation. 

 Belling hole and cleaning base of hole right before pouring concrete. 
 Pouring concrete with a tremie pipe. 
 Removing steel casing after pouring concrete. 

 
The rock profile could vary significantly over very short distances.  The greatest variation measured 
was a 10m drop in the rock profile over a 5m length between piles.  The greywacke ridge is expected 
to have many incised gullies across the site that have been in filled with alluvium.  (Grose et al. 2015) 
 
In some areas the belling bucket return was limited, the majority of the material would have been 
broken down to a silt/sand sized particles and suspended in the water.  In some holes, significant 
amounts of sediment could settle out between belling and pouring concrete.  The base of the hole was 
cleaned out immediately before pouring with a suction bailer. 
 
Significant collapse of the bell was not an issue during construction due to flooding the hole and 
careful belling methodology.  Occasionally a few deposits of greywacke was recorded on the base of 
the hole that required clearing out post belling.  Careful monitoring was undertaken during belling to 
ensure the belling tool was returning to the same point between cleanouts, this included physically 
measuring the depth of the base between cleanouts and monitoring the depth of the belling tool on the 
Soilmec on-board measuring equipment.  All holes were checked and high velocity tremie used to 
flush silt fines out of the hole.   
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8 CONCLUSION 
 
Straight shaft test piles identified that large diameter augers will generally smear the sides of hole, 
significantly reducing the skin friction mobilised in completely weathered greywacke.  Peak and 
residual skin friction in completely weathered greywacke was the same at a best estimate of 34kPa.  
The site specific issues that lead to the low pile skin friction are the completely weathered nature of 
the greywacke and the groundwater seepages in the side of the auger holes during construction. 
 
1.5m diameter belled piles increased the ultimate strength of the tension pile beyond 5,000kN.  
Testing suggests that significantly higher ultimate tension strength of 6,000kN to 9,000kN could be 
obtained if tested further.  The ultimate tension bearing capacity of the completely weathered 
greywacke is approximately 3,400kPa to 6,400kPa. 
 
To construct bell piles in completely weathered greywacke the following construction controls are 
recommended: 
 

 Temporary steel casing to just above the bell depth and hole is flooded prior to belling. 
 Have flexible pile lengths that can be adjusted on site for a variable rock profile. 
 Clean out belled holes immediately prior to pouring concrete, a significant amount of sediment 

can settle out of the water after belling the hole. 
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ABSTRACT 

Static pile load tests have traditionally been considered the gold standard test, and if well executed 
provide the reference load-movement response of the pile. Setting aside any difficulties with proper 
execution of static pile load tests, their primary deficiency is in the statistically insignificant rates at 
which they are undertaken — typically 0.5 to 2.0%. Furthermore, static pile load tests cannot be 
directly related to installation parameters and are therefore not well suited to development of driven 
pile acceptance criteria.  If well executed, dynamic pile tests provide a rapid and generally reasonable 
estimate of pile load-movement response. The primary issue is that the static response is inferred 
from a dynamic response using simplistic models of complex dynamic pile-soil behaviour. However 
the advantages of dynamic testing are that it is generally performed on a statistically meaningful 
sample size - 5 to 15% in many cases - and it is concurrent with installation, which allows dynamic 
testing to be the basis for construction control and development of pile acceptance criteria. The 
remaining 85% to 95% of piles are necessarily installed using simple set criteria, or dynamic formula 
approaches which of themselves have significant deficiencies and represent project risk. Given that 
the foundation system will only be as good as the pile installed with the least confidence, 
improvements in foundation quality will be most effectively achieved by improvements in the 
monitoring and assessment of untested piles.  This paper discusses a state-of-the art approach to 
reduction of overall foundation risk. 

 
Keywords: Foundations, Driven piles, Static testing, Dynamic testing, Dynamic Formulas 
 
 

1 INTRODUCTION 
 
The design of deep foundations is a complex soil-structure interaction problem.  Common to most 
geotechnical design problems, predicting pile capacity is highly dependent on the site variability and 
the intensity and quality of the site investigation including the insitu and laboratory testing which is 
undertaken.  Overlaid on these general issues of the quality of information, are the issues of the 
uncertainty of insitu horizontal stress conditions, and the effect of pile installation itself on the virgin 
stress state.  Ground stresses will be relieved by removal of soils in drilled piles to varying degrees 
depending on the particulars of the drilling process and the temporary soil support mechanism.  
Conversely ground stresses will increase to varying degrees due to installation of displacement pile 
systems such as open steel pipe or full-section prestressed concrete piles.  Further complications 
arise at the interface due to disturbance of the insitu pore pressure regime, smearing due to the 
installation process, pile plugging, and effects such as friction fatigue, setup and relaxation. 
 
The risk and uncertainty associated with pile design is reflected time and again in various pile capacity 
prediction exercises which have been arranged at previous conferences.  Fellenius (2013) 
summarizes the results of such a prediction exercise for a continuous flight auger (CFA) pile installed 
in clay till with sand and gravel lenses.  The predicted load-movement responses from 41 invited 
foundation engineers are shown in Figure 1 with the actual load test results.  The test had to be 
terminated prematurely for safety reasons, nevertheless, the diversity of both capacity and stiffness 
predictions is starkly indicated.  The average capacity prediction was 1920kN, with the range of 
predictions between 830 and 3600kN.  A pile capacity prediction exercise associated with the 2nd 
International Conference on Site Characterization (ICS2) in Lisbon in 2004 was also reported by 
Fellenius and others (Fellenius et al. 2007).  Amongst the piles tested was a precast concrete pile 
driven into the residual clay soils at the test site.  Figure 2 compares the ultimate capacity predictions 
of 32 participants.  Again, there is a wide range of predictions – from 500kN to 2700kN, although in 
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this case, some participants based their estimates on the results of dynamic pile testing rather than 
the site investigation results.  Failure with large plastic displacements occurred at 1500kN. 

 
Figure 1. Load-movement predictions from Fellenius (2013) 

 

Figure 2. Load-movement curve and capacity predictions from Fellenius (2007) 
 
It is clear from these two examples (which are typical of other similar prediction exercises) that there is 
significant uncertainty associated with pile design.  It should be particularly noted that these 
predictions were based on site investigation information (boreholes and CPTs) in the direct vicinity of 
the tested piles.  The uncertainty in capacity prediction will be multiplied in engineering projects where 
ground information from the site investigation must be interpolated or extrapolated from often distant 
site investigation information. 
 
To put some context to the extrapolation process inherent in design, it is worth noting that a site 
investigation with 100mm diameter boreholes on a 20m x 20m grid and SPTs at depth intervals of 
1.5m samples only 0.0006% of the foundation materials. 
 

2 PILE TESTING 
 
Given the evident risks in pile capacity prediction based on design, there are compelling reasons to 
use either installation records, pile monitoring or pile tests to provide pile-specific information to better 
assess the installed capacity of piles. 
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Driven piles are the foundation type which provides the widest range of monitoring and testing 
opportunities.  Apart from static load testing, dynamic load testing and rapid load testing have been 
developed, as practical alternatives to static load testing  In addition, the installation process itself 
provides the opportunity to assess pile capacity based on the pile response to the energy delivered by 
the driving hammer.  This paper will review the testing and assessment of driven pile foundations. 
 
2.1 Static Load Testing 
 
The prediction examples shown in the Introduction section use static load testing as the reference test 
for the load-movement response of the piles.  It is self-evident that static load testing, correctly 
undertaken, should be considered to provide the most reliable assessment of individual pile 
performance. 
 
2.1.1 Load Measurement 
 
Fellenius, who has been an important contributor to the literature on pile testing and performance, has 
written a number of key papers on the reliability and assessment of static load tests (e.g. Fellenius, 
1980).  Fellenius found that the interpretation of applied load from the hydraulic pressure in the test 
jacks can be in error by 25% or more, as shown in Figure 3.  Fellenius concluded that based on many 
similar measurement results, that a load cell must be used if one wants to ensure an imprecision of 
load measurement of less than 20% - a requirement also in Australian Standard AS2159-2009 Piling – 
Design and Installation. 
 

 
Figure 3. Errors in Jack Loads from Fellenius (1980) 

 
2.1.2 Capacity Interpretation 
 
In many cases static load tests may not be loaded to geotechnical failure.  Various graphical 
interpretations have been proposed to infer ultimate pile capacity.  Fellenius highlighted the significant 
variations in predicted ultimate pile capacity which result from these different methods (see Figure 4).  
Depending on the selected definition, static pile capacity for this data set could be reported as 
between 1610 and 2090 kN, a range of 470 kN or 25% of the average value. 
 
In some cases, the interpretation of ultimate capacity will be unequivocal, however, without access to 
the load-movement curve, and an understanding of the interpretation method adopted, a single 
reported value of static ultimate pile capacity may lie anywhere within a range of possible values. 
 
2.1.3 Capacity Mobilization and Proof Tests 
 
As noted in the previous section, static load tests are not always loaded to geotechnical failure, 
despite the technical benefits of such a test.  The reality of many projects is that static load tests are 
only undertaken to a proof load nominated in the specification which satisfy contractual capacity 
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obligations.  It is noted that proof load tests will also provide the important benefit of establishing pile 
movements at service loads. 
 
If the proof test is reasonably close to full mobilization, then the various interpretations (as shown in 
Figure 3) may be applied to estimate the ultimate capacity, albeit that a wide range may still result.  
However, if the test terminates before substantial mobilization has occurred, then it is unlikely that the 
failure load can be interpreted with any reliability.  This devalues the use of static load tests to 
establish credible criteria for control of driven pile installations. 

 
Figure 4. Range of interpretations of ultimate pile capacity from Fellenius (1980) 

 
The ultimate capacity of piles subjected to proof tests should be extrapolated with caution.  There are 
various methods in the literature available to infer ultimate capacity by various assumptions – but the 
success of these methods depends on the degree to which the full capacity has been mobilized.  The 
value of static load testing is diminished as a reference test for other methods if the ultimate capacity 
must be estimated by extrapolation. 
 
2.1.4 Low statistical representation 
 
Due to cost and time factors, even for land-based piling, static load tests are typically conducted at a 
rate of only 0.5% to 1.0% or 1 pile for every 100 to 200 piles, if undertaken at all.  Figure 5 
summarizes the capacities for 16 piles on a single pile cap on a large bridge project.  Capacities were 
determined from dynamic formula correlated to dynamic pile tests.  The cap measures 5m x 12.6m in 
plan.  Figure 5 shows that there is in excess of 30% variation of interpreted capacity in the installed 
piles at this pier, despite a maximum variation in toe level of less than 0.3m or 1% of pile length.  The 
piles are installed in an alluvial flood plain and resistance is predominantly frictional. 

 
Figure 5. Individual pile capacities in a single pile cap 
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The bridge site is some 1500m in length, and testing at a rate of 0.5% to 1% implies a static test every 
6 to 12 piers or at 150m to 300m centres.  Given the demonstrated 31% variation in capacity over a 
distance of only 10m, to extrapolate the results of even a static test to failure to the intervening piles 
would be subject to considerable uncertainty. 
 
2.1.5 Time-dependent capacity changes 
 
Control of a driven pile project requires the development of clear acceptance criteria which reduce to a 
nominated pile movements for each blow under a given impact energy.  This may be implemented in a 
blow count criterion based on Wave Equation analysis, or it may be by application of one of a number 
of available pile driving formulas. 
 
Because static load testing, is an involved process, it can only realistically be performed days (say 3 to 
30 days) after driving of a pile is completed.  As previously discussed, pile installation causes ground 
disturbance that can result in transient changes in pore pressure conditions, or other short-term 
effects.  After installation, pile capacities commonly increase (set-up) or decrease (relax) due to any 
number of possible mechanisms.  Therefore testing after a delay period provides a progressively 
better estimate of long term capacity. 
 
However, despite the benefits of post-installation testing, practical pile driving requires some clear 
termination criteria (eg energy and set) that relate to the installation phase and therefore the 
installation capacity.  Static testing does not measure the capacity at the end of driving, and hence 
cannot be directly related to installation termination criteria. 
 
The particular risk of relating static load testing to installation parameters is an underlying assumption 
that post-installation changes in capacity are consistent and reliable.  In reality these changes will vary 
considerably depending on very localized stratigraphic variations, pile lengths and layering.  The only 
way to reliably incorporate setup effects into the determination of target installation capacities is by a 
series of tests both at the moment of driving and subsequent to driving.  Such test pairs must be 
undertaken across the site, and must be capable of evaluating the distribution of resistance, as setup 
effects will be both material-dependent and layer-dependent. 
 
2.2 High Strain Dynamic Pile Testing 
 
High strain dynamic pile testing is an alternative pile testing method which has been in use in Australia 
and New Zealand since the 1980s.  It is a technique which has been codified in two Australian Piling 
Standards (AS 2159, 1995; AS2159, 2009), and has become a standard technique on many driven 
piling projects either independent of or in collaboration with static load testing.  From a commercial 
perspective, dynamic testing is attractive because it is rapid and significantly less expensive than 
static load testing.  This provides the opportunity to undertake many dynamic tests for the cost of a 
single static load test. 
 
This cost advantage provides a unique opportunity to conduct comprehensive testing programs across 
the site and over the duration of the works, incorporating different stratigraphic zones, pile types and 
sizes, and piling hammers.  Dynamic testing therefore allows testing to be performed at a statistically 
significant rate, which can provide distributed and meaningful pile capacity assessments, if undertaken 
and analysed appropriately. 
 
In respect of capacity assessment it is significant that dynamic tests can be performed both during the 
installation phase and subsequent to driving (restrike). 
 
Driving tests allow a direct relationship to be established between pile capacity, hammer energy and 
pile movements (i.e. pile set and temporary compression).  These relationships may be used for 
correlation of wave equation driveability analyses, or dynamic formulas so that the installation and 
acceptance of untested piles can have a sound engineering basis. 
 
On the other hand, restrike tests provide better assessments of long term pile capacities.  A detailed 
comparison between driving and restrike tests allow changes in the distribution of capacity over time 
(setup or relaxation) to be evaluated. 
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2.2.1 Reliability of Dynamic Pile Tests 
 
It is important to understand that dynamic pile tests do not measure the pile static capacity, but infer 
the static capacity from an analysis of a single dynamic impact event.  The quality of that inference is 
fundamentally based on the suitability of the static and dynamic soil models in the analysis program, 
but also to an extent on the quality of the individual wave matching analysis. 
 
There are broadly 3 possible outcomes of the analyses. 
 

- Type A. The wave match is clear and there are tight bounds to the possible solutions.  The 
quality of the match and the tightness of the bounding solutions suggest that the 
models are appropriate and the evaluation is relatively reliable. This represents the 
majority of cases. 

- Type B. The wave match is clear, but there are wide bounds to the possible credible solutions.  
In this case, there is a risk of an incorrect assessment of capacity.  Either the lower 
bound solution should be adopted, or clarification of the appropriate modelling is 
required – for instance by correlation with static load testing.  This represents a 
minority of cases. 

- Type C. The wave match is poor.  In this case, the pile-soil interaction is more complex than 
the analytical models, and the reliability of the dynamic analysis is compromised.  It 
may still be possible to be confident of a lower bound solution, but again, reference to 
static load testing may be required.  This case is relatively infrequent. 

 
AS 2159-2009 recognizes that the reliability of dynamic testing of a single pile is lower than static load 
testing by virtue of the lower capacity reduction factor range which is applied to dynamic pile testing. 
The intrinsic factors, tf, which have been assigned to static load testing and dynamic load testing on 
preformed piles are 0.90 and 0.80 respectively, which reflects the suggested relative reliability of the 
two tests on a single pile.  A factor of 0.80 implies that a capacity estimate by dynamic testing should 
not be more than 125% (or 1.0/0.8) of the true pile capacity.  These intrinsic factors were adopted on 
the basis of historical practice.  A testing benefit factor, K, modifies the intrinsic factor to establish a 
project-wide factor based on the percentage of piles tested.  For 5%, 10% and 15% of piles 
dynamically tested, and a moderate to high project average risk rating the computed geotechnical 
reduction factors are 0.69, 0.75 and 0.77 respectively. 
 
Figure 6 shows the cumulative distribution functions for the ratio of dynamic to static load tests from 
two studies (Likins and Rausche, 2008 and Chambers and Lehane, 2011) in which the tests were 
compared for 197 and 92 piles respectively.  The study by Likins and Rausche suggest only 1.1% of 
tests overpredicted static capacity by more than 25%, whereas Chambers and Lehane found as much 
as 15.3% of tests were overpredicted by 25% or more.  In practice, assuming that testing is 
undertaken on 5% of project piles, a capacity reduction factor of 0.69 is applied to estimated 
capacities, which implies that the actual capacity will still exceed the ultimate load if there is less than 
a 45% overprediction.  According to the two sets of analyses, this could occur with a 0% or 7% 
probability. 
 
These are significant differences between the two sets of analyses, but without detailed evaluation of 
each case in each study, the reasons for the differences could arise from any of the following : 
 

 whether the static load was measured by manometer or load cell (see 2.1.1) 
 the definition of static capacity adopted for each data set (see 2.1.2) 
 whether the static load test was a proof or ultimate capacity test (see 2.1.3) 
 the relative timing of the static and dynamic tests (see 2.1.5) 
 the quality of execution of the dynamic pile testing and wave matching 
 whether the pile-soil interaction was amenable to analysis and therefore whether the wave 

matching was a Type A, B or C analysis 
 
Given the potential sources of error, such statistical evaluations should be accepted with caution.  
Rigorous individual case studies which are extensive in their details provide a more significant basis 
for comparison of static and dynamic test methods. 
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Figure 6. Cumulative Distribution Functions for the ratio of dynamic to static testing after Likins and 
Rausche (2008) and Chambers and Lehane (2011) 
 
Nevertheless, both studies suggest that in the significant majority of cases, a program of dynamic pile 
tests will provide capacity estimates which, in combination with specified capacity reduction factors will 
still lead to safe estimates of pile capacity. 
 
It is also noted that testing programs may be targeted rather than random, so that the piles likely to 
have the least capacity based on installation characteristics are assessed – resulting in yet higher 
confidence.  
 
3 PILE MONITORING 
 
It remains that even with dynamic testing being applied at 5% to 15% of project piles, 85% to 95% of 
piles are untested.  Despite being untested, the structural importance of these piles is no less than the 
tested piles.  Therefore, it is necessary that methods for their approval be informed by and correlated 
with the specific testing undertaken.  As these untested piles will be approved based on driving 
parameters, they must of necessity be correlated against a driving test – the dynamic pile test. 
 
Evaluation of the capacity of every pile on the project must be necessarily simple and provide real-
time confirmation.  Normal approaches used include bearing graphs and dynamic formulae, however 
these approaches are simplistic, and can only provide valid capacity estimates if they are correlated to 
load tests.  Furthermore, all capacity estimates rely directly and critically on a knowledge of the energy 
transmitted to the pile. 

 
Figure 7. Individual peak pile velocities in a single pile cap 
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On the project described previously, and for which the individual pile capacities were shown in Figure 
5, a longitudinal study of delivered energy varied from 42 to 84kJ for the same hammer, with a 
constant hammer stroke.  This is a 33% variation about the median energy.  The variable 
performance of the hammer is highlighted in Figure 7 which summarizes the variations in peak pile 
velocity recorded across only a single pier.  These were recorded using a Pile Driving Monitor (PDM) 
which makes non-contact measurements of pile movements and velocities.  There is a measured 
range of 18% in peak pile velocities, which translates to a 39% variation in delivered energy to piles on 
this one pier alone.  Energy variations are random and unsystematic.  The capacities shown in Figure 
5 are derived from a correlated dynamic formula which incorporates the variations in energy. 
 
Longitudinal studies of dynamic testing on other projects demonstrate that these large variations in 
energy, although not universal, are the rule rather than the exception.  Unless these variations in 
hammer energy are captured and incorporated in the acceptance criteria, pile capacity estimates for 
untested piles will be in error by the same amount as the error in energy. 
 
In order to achieve effective quality control on driven pile projects, the PDA testing program should be 
supplemented with PDM monitoring of every pile so that the substantial variations in energy delivered 
to piles can be captured and properly incorporated in the pile capacity assessments. 
 
4 SUMMARY 
 
Prediction of pile capacity is a significantly uncertain process, due to variability of ground conditions 
and the effects of pile installation on pile-soil or pile-rock interaction. Although piling codes such as 
AS2159-2009 allow in some cases that foundations may be installed without testing, pile testing is 
recognized as a desirable way of reducing foundation risk, and encouraged by assigning meaningfully 
higher capacity reduction factors for tested foundations. 
 
Static load testing, when conducted to geotechnical failure and when accurately measured provides a 
reference capacity estimate.  The primary use of this test for driven pile projects is to provide a 
correlation for dynamic load tests, which have particular benefit when conducted across a site over the 
duration of a project. 
 
Dynamic tests infer rather than measure static capacity, and can be correlated against static tests, but 
statistical studies indicate that in the significant majority of cases, even standalone estimates will in 
combination with codified capacity reduction factors, provide safe estimates of ultimate pile capacity.   
 
The acceptance of untested piles requires simple real-time approaches which must in turn be 
correlated against dynamic pile tests.  The proper implementation of such acceptance methods 
requires measurement of not only pile response (set and temporary compression) but also hammer 
performance, which often varies significantly and unsystematically.. Transferred energies can be 
inferred from monitoring pile velocities. 
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ABSTRACT 
 

Over the past 30 years, dynamic pile testing (PDA) has become a generally accepted technique for 
verification of driven pile capacities in many western countries, Australia and New Zealand included. In 
the vast majority of projects, the technique is specified as a quick, inexpensive and generally reliable 
method for proof load testing for contractual reasons.  PDA testing can also be used to measure and 
monitor piling hammer performance, measure and allow control of driving stresses, and provide the 
basis for rational pile acceptance criteria. However, its abilities as a quality control tool are often 
insufficiently utilized.  A risk associated with PDA testing is interpretation which is not geotechnically 
credible due to insufficient consideration of geotechnical base information by practitioners and the 
automatic wave matching optimization routines they may employ.  The outcome may be disinformation 
and confusion.  The effective use of PDA testing should always be guided by a sound geotechnical 
understanding. In this case, PDA testing can be used not only for quality assurance and control but 
also for design verification and guidance, and for providing insights into the dynamic interaction of 
hammers, piles and soils.  This paper highlights the risks of injudicious use of PDA testing, and will 
demonstrate by example the importance of a systems approach, and the potential benefits of careful 
geotechnically-referenced interpretation. 

Keywords: dynamic pile testing, PDA, Capwap, foundation verification 
 

1 INTRODUCTION 
 
Dynamic pile testing has a primary function in the implementation of quality assurance and quality 
control processes on most infrastructure and commercial building projects founded on driven piles 
since the introduction of this testing method in Australia in the early 1980s.  Although the technique 
was specifically developed for use on preformed driven piles, the technique continues to be used on 
some cast-in-situ piling projects as a quality control tool although such use requires additional 
information and carries an implied lower certainty.  The use of dynamic testing for both driven and 
cast-in-situ piles is codified in the Australian Standard AS2159-2009. 
 
The particular role, importance, limitation and reliability of dynamic pile testing in driven piling projects 
is described in principle in a companion paper to this conference (Seidel, 2015).  The same principles 
broadly apply for its implementation in cast-in-situ piling projects.  In the significant majority of projects, 
the predominant use of dynamic pile testing is to infer the axial compression capacity of piles, and this 
paper will focus on this use.  These capacity estimates are most reliably determined for dynamic 
testing using one of a number of proprietary wave-matching algorithms in which the static and 
dynamic pile-soil interaction to a hammer impact are modelled.  Progressive adjustment of the models 
to achieve the best correlation between measured and predicted responses to the impact are 
assumed to define the most appropriate static and dynamic soil models and hence the most likely 
static capacity mobilized during the dynamic event. 
 
Wave matching is not a unique process (Rausche et al., 2008), and therefore it is incumbent on the 
analyst to apply sound principles and due care during the matching process.  If this is not applied, the 
value of the analysis, and the fundamental intent of the analysis in the QA/QC process is degraded, 
with a range of negative consequences.  This paper outlines some important principles which should 
be considered in the implementation of the wave matching process on all projects. 
 
This paper is based on the premise that dynamic pile testing and its associated wave matching 
analysis, when undertaken appropriately and in conjunction with reduction factors such as those in 
AS2159-2009 provides a factored capacity estimate which will be conservative in all but a small 
number of cases, as discussed in Seidel (2015). 
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2 INFERENCE OF CAPACITY FROM INPUT AND RESPONSE 
 
Pile capacity is inferred from all tests by the interplay between input energy and pile response.  For a 
static load test, the input energy is derived from the applied pile head force, and the response is the 
measured deflection of the pile-soil system.  The capacity is determined from the load-movement 
response (Fellenius, 1980).  For dynamic tests, the input energy is the downward travelling wave from 
the hammer, and the pile response is the reflected upward travelling wave, which is the reference for 
the wave matching process.  For the majority untested piles, the input energy is assumed or pre-
calculated as in the Hiley Formula (1925), predicted as in Wave Equation studies or referenced to 
available dynamic tests.  The pile response is the measured set, blow count or in some instances also 
the temporary compression. 
 
3 THE NEXUS BETWEEN ENERGY, CAPACITY AND PILE MOVEMENT 
 
In order that piles can be installed and accepted without testing, there is always an implied Energy-
Capacity-Movement relationship that underlies the acceptance process.  Without such a relationship, it 
would not be possible to install driven pile foundations without testing each and every pile.  This 
Energy-Capacity-Movement relationship is expressed in dynamic formulas, bearing graphs or target 
sets.  For any given (measured or assumed) energy, there is a relationship between capacity and pile 
movement.  Any change in energy transferred to the pile correspondingly affects the capacity-
movement relationship.  Measurement of pile movement, such as set or blow count is therefore an 
incomplete acceptance criterion unless energy is also measured or assumed. 
 
Just as static load testing is the golden reference for the evaluation of a single pile capacity, the 
Energy-Capacity-Movement relationship which is intrinsic to the particular combination of piling 
hammer, driving system, pile and stratigraphy should be considered the golden reference for the 
determination of the capacity of the hammer-pile-foundation system.  Naturally, if the stratigraphy 
changes and piles are significantly longer or shorter, or founded in different strata, the reference 
relationship will change accordingly. 
 
Just as dynamic testing is subservient to properly performed static load testing for correlation 
purposes, so dynamic testing is also subservient to the Energy-Capacity-Movement relationship for 
evaluation of the capacity of the foundation system as a whole.  Each dynamic test and analysis 
provides an estimate of this underlying relationship, and the relationship is discovered by undertaking 
a holistic assessment of the set of dynamic test results.  The individual dynamic test results must form 
a credible suite of results from which the relationship can be established to inform further piling. 

 
Figure 1. Unsystematic suite of dynamic test analyses 

 
By undertaking dynamic pile tests in isolation and without undertaking a holistic assessment, the risk 
is that the tests will be disparate and incoherent.  They will not provide clear guidance to the project on 
an appropriate acceptance criterion.  The consequence may be a higher rate of testing, and even 
100% pile testing because of the resulting confusion.  Figure 1 shows an example of a suite of such 
incoherent tests.  The piles were all of one size and driven into similar ground conditions. The 
delivered energies also varied less than 10%.  These tests suggest that a pile capacity of 9,500 kN 
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may be achieved at pile sets of between 2 and 10 mm, or that capacity is effectively independent of 
pile set.  Conversely it could be interpreted that at sets of between 1.3 and 2.0 mm, the achieved 
capacity could be between 9700 and 14600 kN, suggesting extreme variability and sensitivity to pile 
set.  Neither proposition is reasonable or helpful to the assessment and acceptance of untested piles. 
 
Figure 2 shows the corresponding wave equation capacity-set relationships which were presented for 
each pile.  The inconsistency of the results is highlighted by the diversity of these curves which 
suggest that at an 8 mm set, the capacity would be any value between 3800 kN and 9800 kN. 
 

 
Figure 2. Inconsistent capacity-set relationships 

 
The diversity and inconsistency of these results could arise from a combination of (a) poor data 
acquisition (b) poor quality analysis (c) inconsistent modelling of data in cases where the range of 
potential solutions is wide.  It is very unlikely that the diversity is due to actual differences in the 
underlying hammer-pile-ground response.  If this were true, then the consequence would naturally be 
a requirement for testing of 100% of piles, but this is much less likely than inconsistent or incorrect 
analysis. 
 
4 RELIABILITY THROUGH SOLUTION CONSISTENCY 
 
As noted, wave match analysis does not provide a unique solution to the interpretation of dynamic pile 
testing results.  The more appropriately the static and dynamic soil models capture the true pile-soil 
interaction, the lower the range of possible solutions and the narrower the range of credible soil 
parameters.  In ideal cases, the capacity range may be as low as 5%, but less commonly the range 
may be as much as 25% for a single analysis.  However, if a consistent set of dynamic and static soil 
parameters can be applied generally across a suite of tests, that modelling solution gains greater 
credibility through the universality of its application. 
 
This is not to say that parameters must be identical from pile to pile, as clearly ground conditions are 
variable, however, a consistent set of analyses will display tight ranges of parameters and modelling 
solutions.  A database approach to summarizing all dynamic testing data including analysis 
parameters, and resistance distributions is paramount to ensuring that analyses form a consistent and 
credible suite of solutions. 
 
5 GEOTECHNICALLY CREDIBLE SOLUTIONS 
 
Wave matching analysis is an iterative process in which static and dynamic soil models are 
progressively modified with the objective of producing the optimum correspondence between the 
measured soil response (upward wave-time) and the computed response from the wave equation 
algorithm using the hammer input (downward wave-time) as the boundary condition.  Each match, and 
the differences between the measured and computed responses allows the model to be refined. The 
analysis can be performed both manually and automatically.  The automatic routines are based on 
numerical optimization techniques, and utilize inbuilt match quality assessment routines which allow 
the calculation engine to determine whether or not speculative model changes are beneficial. 
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As noted by Rausche et al (2008) there are two schools of thought in relation to the approach to the 
matching analysis process.  The first school of thought is that automatic analysis removes subjective 
operator bias from the solution, and is therefore justified and preferable because of its independence.  
This is not completely correct, because the automatic process is only allowed to commence after 
manual analysis has generated a match of minimum acceptable quality.  Initiating the automatic 
matching process from different manual seed solutions does not result in a unique final solution. 
 
The alternative school of thought is that ceding control of the matching process to a mathematical 
algorithm, which is not informed by any knowledge of the geotechnical conditions or what constitutes a 
physically credible solution is fundamentally risky.  It also excludes from consideration key reference 
information which may allow the range of credible solutions to be narrowed and invalid solutions to be 
excluded. 
 
As will be discussed further, there are significant pressures and therefore great temptations for 
analysis to be done using the automatic analysis approach.  It is the author’s experience that this path 
leads to inconsistent solutions and resistance distributions which could only be described as 
geotechnical nonsense.  For instance, solutions with layers of no shaft resistance for several metres 
sandwiched between competent layers have been attributed to “underground rivers”.  Solutions with 
shaft resistances above the toe equivalent to loose sand frictions, but paired with end bearings in 
excess of 20MPa are not credible and even result in such high end bearings being considered as 
orthodoxy, when they actually result from an optimized mathematical process. 
 
The difference between solutions generated by an automatic matching process and one in which the 
geotechnical conditions are considered are shown in Figure 3.  The 6 piles were installed through a 
suction cutter dredged berth pocket into underlying variably weathered rock.  Testing appeared to 
indicate that the rock below the dredged bed was significantly disturbed by the dredging process.  
Figure 4 compares the mobilized shaft and end bearing resistances reported in the automatic and 
manual wave match analyses. 
 
These figures show that the automatic analysis approach generated resistance distributions which 
were both grossly inconsistent and not geotechnically credible in the prevailing subsurface conditions.  
The automatic analysis for P19, for instance suggests zero shaft resistance for the element of shaft 
immediately above the pile toe, and 19m below rock head.  The same analysis indicated an end 
bearing of 5647 kN.  Not only is the resistance distribution not credible, but the analysis is internally 
inconsistent.  Generally the shaft resistance distributions show no discernible pattern, and the shaft 
resistances, which were critical for assessment of tension capacity, range from 3030 to 11313 kN – a 
range of +53%/-59% about the mean of 7375 kN. 
 
The resulting interpretation was that the ground conditions were so variable, that the critical tension 
capacity of these projects piles could not be inferred without increasing the testing rate to 100% of all 
piles.  The credibility of the solutions was apparently not questioned by any of the project team. 
 
The manual distributions shown in Figure 3 also vary, but show generally increasing shaft resistance 
with depth, which seems more geotechnically credible.  Figure 4 also indicates that the total shaft 
resistances were more consistent, with shaft resistances ranging from 8150 to 11313 kN – a range of 
+21%/-22% about the mean of 10387 kN. 
 
Subsequent testing and analysis for a further stage of the project was undertaken using a manual 
approach to analysis, and based on the development of geotechnical models and acceptance criteria 
derived from the testing so that the testing rate resumed at the original 20% of piles. 
 
Another example of the difference between automatic and geotechnically referenced analyses can be 
seen in Table 1.  The table shows the unit shaft and toe resistances for the lower sections of a 56 m 
long 800 mm diameter closed-ended steel tube pile.  The lower section of the pile is in dense sands 
with SPT N>50.  The automatically generated shaft resistance of only 10.3 kPa in the lowest shaft 
element (at 56 m) is difficult to reconcile with both the high SPT value, and the computed end bearing 
of 14.9 MPa (which is a ratio of 1452).  By contrast, the manual analysis, which infers a final element 
shaft resistance of 134.5 kPa and an end bearing of 12.8 MPa shows a ratio of 95, which is consistent 
with typical design recommendations. 
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Figure 3. Resistance Distributions for 6 piles using automatic wave matching (LHS) and manual 
analysis (RHS) 
 

 
Figure 4. Comparative Shaft Resistance and End Bearing for 6 piles using automatic wave matching 
(LHS) and manual analysis (RHS) 
 
 
Table 1: Comparative Unit Shaft and End Bearing for automatic and manual wave matching  

It should be emphasized that although automatic analysis may result in similar estimates of total pile 
compression capacity as a manual analysis, the distributions of resistance computed by a numerical 
optimization analysis cannot be assumed to lead to a credible geotechnical model.  From the 
perspective of design review, where the tests are only required to evaluate compression capacity, the 
consequence may be no more than a reduced confidence in the reliability of the analysis – which 
ultimately reflects negatively on the method itself. 
 
However, for projects in which the testing is undertaken not only for compression capacity 
assessment, but also tension capacity evaluation and even assessment of lateral stability, 
development of a geotechnically credible and consistent pile resistance model is paramount.  With 
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such an approach, a rational methodology can be developed in regard to pile sign off based on a 
global or system approach to the foundations. 
 
6 THE ISOLATED TEST APPROACH AND QUICK TURNAROUND ANALYSIS 
 
In the project discussed in relation to Figures 3 and 4, there was a requirement in the specification that 
wave matching analyses was required to be completed in a specific timeframe with the 
understandable intention that such quick turnaround would minimize delays to the project.  For tested 
piles (ultimately all piles on the project) sign-off was only possible after the data had been downloaded 
and analysed, and then independently reviewed.  This requirement placed both the tester/analyst and 
the independent reviewer who had to sign off each pile under extreme time pressure, as the contractor 
could not commence pile cut-off and barge relocation until final approval was given.  Despite good 
intentions, such stipulations are based on and encourage a blinkered vision approach. 
 
A tester/analyst, under such time pressure is not encouraged to evaluate the dynamic testing data in a 
broader sense or to reference geotechnical borelogs, to review the internal consistency of analyses, or 
to consider upper or lower bound solutions – i.e. to apply sound quality assurance processes and 
engineering judgement and review to the analysis process.  The expedient solution is automatic 
analysis which can generate solutions faster and with less effort than a considered manual approach.  
Automatic analysis does not provide this sound engineering approach which leads to consistent and 
credible models.  The diverse and significant results and the consequences to construction and design 
risk have been described. 
 
This approach is effectively premised on the assumption that each pile test is an independent, unique 
and unrelated ‘event’ which will be designated here as the ‘isolated test’ (IT) approach.  In general, 
this is not true - as in a consistent or gradually transitioning stratigraphy, individual pile tests are 
related by the commonality of the pile-ground interaction process, and should rather be considered a 
set of diverse but connected expressions of the underlying ‘global’ Energy-Capacity-Movement (ECM) 
relationship. 
 
The implication of the IT approach, which is encouraged by the requirements for fast turnaround 
analysis, is that a set of unconnected ECM relationships can result – as shown in the widely different 
bearing graphs in Figure 2.  Each ECM relationship is assumed to be relevant for the pile installations 
subsequent to each test – at least until the next test is performed and a new ECM relationship is 
computed.  Although the motivation for this IT approach is to generate least delays to the contract, the 
result is a poor technical outcome, and a foundation installed to potentially very inconsistent 
standards.  As noted in relation to Figure 2, a set of 8mm could generate a capacity of anywhere 
between 3800 and 9800kN, depending on the particular bearing graph or ECM adopted.  All things be 
equal, especially the delivered hammer energy, this proposition is clearly nonsense. 
 
7 A SYSTEM APPROACH USING A UNIFYING ENERGY-CAPACITY-MOVEMENT 

RELATIONSHIP  
 
A system approach is necessary – and it happens that a system approach not only results in a 
technically superior foundation delivered to a consistent standard, but it also results in less, if any, 
delay to the piling process.  In a system approach it is first necessary to establish or determine a 
unifying ECM relationship.  Normally this would be developed over the first 5 or 6 piles tested, or over 
a smaller number of piles, but tested at different stages of driving which encompass a range of 
hammer energies and pile capacities.  Given that wave matching of any dynamic test does not provide 
a unique solution, the initial wave matching solutions should be considered draft, for subsequent 
review during the development of the unifying ECM relationship. 
 
The aim then is to develop a set of wave matching analyses which are geotechnically credible, 
internally consistent, and which together define this unifying ECM relationship.  Perfection cannot be 
expected, so a variability of 5 to 10% about the solution must be expected.  As noted before, the ECM 
relationship may be expressed in several ways – for instance as a correlated dynamic formula, a suite 
of bearing graphs for different hammer energies, or in general any numerical or graphical solution 
which encapsulates the nexus between energy, capacity and movement for the hammer, pile and 
ground combination. 
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Having established this unifying ECM relationship, thereafter, all piles – both tested and untested 
should be installed and accepted according to this standard.  This is no different to normal practice for 
untested piles, except that the ECM relationship to which they are installed is rather constant, and is 
only modified on an ‘as needs’ basis as determined by subsequent testing. 
 
The significant difference is that the tested piles are also accepted using the same ECM relationship 
determined in advance of the test, not based on the specific wave matching results for that pile.  The 
underlying philosophy is that piles are not tested to provide contractual verification of isolated piles, 
but rather to provide an opportunity to review and if necessary amend the predetermined ECM 
relationship which underlies the whole foundation system. 
 
It is important to understand this philosophy in the context of the following principles: 
 

1. From a foundation system perspective, there is no particular significance of tested piles, as all 
piles should be installed with the same level of quality and risk to support the designated loads 

2. The approval of piles should be on the basis of an integrated assessment in which the 
installation of untested piles is informed by the suite of test results, not segregated into piles 
which are approved according to different, unrelated and uncorrelated groups of piles 
separately verified by static testing, dynamic testing and dynamic formula approaches.  Such 
an uncoordinated approach would result in piles being installed to different standards. 

3. The vast majority of piles will be untested (typically 90 to 95%), and hence tested piles 
represent a relatively minor portion of the foundation system. 

4. The highest priority should be given to establishing the unifying ECM relationship, and then 
ensuring that untested piles can be effectively monitored to ensure compliance of the whole 
foundation system. 

 
Wave matching is still performed on the tested pile, but the analysis is undertaken in a timely manner, 
conducive to proper assessment of the data and with proper engineering judgement.  As noted, the 
expectation is that the analysis will support the continuation of the ECM relationship being used to 
install piles generally, however, if the data indicates a distinct change in pile-soil interaction because of 
stratigraphic changes, the ECM relationship is revised accordingly.  This approach results in a 
measured and holistic approach to the foundation system verification, and provides more consistent, 
stable and reliable pile acceptance criteria. 
 
8 IMPLEMENTATION OF A SYSTEM APPROACH 
 
Having established the unifying Energy-Capacity-Movement relationship, it is necessary to implement 
this rigorously to determine capacity.  That requires accurate assessment of pile movements (set and 
rebound as necessary depending on the relationship being used), and accurate measurement of 
energies being transferred to the pile. 
 
Traditional pile driving formulae such as the Hiley Formula assume constant energy is delivered, 
based on a flawed model of the hammer-pile impact event.  Dynamic pile testing is able to compute 
energy delivered to the pile (generally designated EMX) based on strain and acceleration 
measurements.  Dynamic formulae can be modified to include energy measured  by PDA in place of 
the traditional assumptions of transferred energy.  However, longitudinal studies of piling projects with 
dynamic testing measurements generally show that energy delivery varies considerably and 
unsystematically. 
 
Figures 5 and 6 show measurements of transferred energy from well-controlled projects with hydraulic 
hammers, and uniform hammer stroke requirement.  Even in these ideal conditions, energy transfers 
varied by -16%/+20% about the average for the steel piles, and -37%/+27% for the concrete piles.  
Under less controlled conditions and with other hammers, even greater variations are possible.  The 
capacity estimate for untested piles will vary by the same percentages.  The importance of verifying 
the energy delivered to each individual pile is demonstrated to be a necessary part of an effective QA 
system for driven pile foundations.  Non-contact monitoring of piles using the Pile Driving Monitor 
(Seidel 2015) is an ideal way to measure both hammer performance and pile movements for 
implementation into the Energy-Capacity-Movement relationship. 
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Figure 5. Measured Energy transfers for hydraulic hammer and steel piles 

 

 
Figure 6. Measured Energy transfers for hydraulic hammer and concrete piles 

 
9 CONCLUSIONS 
 
For driven pile foundations, a system approach is needed to ensure that piles are driven to a 
consistent and reliable standard.  The matter of primary importance is to establish a unified Energy-
Capacity-Movement relationship, which can be used to reliably install the 90 to 95% of piles which will 
not be tested.  This relationship must be calibrated against and developed from dynamic pile testing, 
which provides the reference assessment of the dynamic pile driving event.  Sound and geotechnically 
informed analysis techniques are required.  The dynamic pile testing may be referenced with care to 
static load testing, which provides the ultimate reference of single pile capacity.  The importance of 
monitoring the energy delivered to each pile, and accurately measuring pile movements is critical to 
effective implementation of driven foundation quality assurance. 
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ABSTRACT 
 
This paper presents the results of a study of the morphology of weathering profiles of Bunya Phyllite, 
located in Western Brisbane, Australia. Several cut slopes located in the suburbs of St. Lucia, Taringa 
and Indooroopilly were analysed in order to provide accurate knowledge of their morphological 
characteristics. From these, six outcrops were selected for a more detailed description of their 
physical, geological, structural and geotechnical parameters, focusing on weathered rock materials, 
including several characteristics of the rock matrix (fabric, mineralogy, degree of weathering, etc.) and 
rock mass (rock:soil ratio, discontinuity characteristics, JRC, JCS etc.). Samples from the upper 
portion of the profiles, into the transition zone between rock and soil, were collected in order to 
determine physical indices, preparation and description of thin sections, and point load tests (the last 
two are not included in the present paper). The results show that phyllite weathering profiles are 
relatively thin and the contacts between different material layers are sharp. A strong structural 
conditioning of weathering can be noted in all outcrops. Soil-like material is present only in portions of 
the rock mass close to the ground surface or along structural discontinuities (foliation and fractures). A 
remarkable and specific characteristic of the studied weathering profiles is the presence of stress relief 
joints parallel to the foliation, which plays an important role in the differentiation of the rock mass 
layers and weathering. 
 
Keywords: mineralogy, morphology, phyllites, physical characteristics, weathering profiles. 
 
 
1 INTRODUCTION 
 
The significance of the study of weathering profiles is closely related to the presence of several 
transitional materials between rock and soil, that present different geotechnical parameters and, as a 
consequence, different geotechnical behaviour. The presence of these weathering profiles on a 
geotechnical work site such as cut slopes, foundations and open and underground excavations 
dictates stability, as weathering produces material with extremely different mechanical parameters 
(Anonymous 1995; Beavis 1985; Beavis et al. 1982; Gupta & Rao 2001; and Marques et al. 2010). 
Add to this scenario the presence of structural discontinuities that, besides influencing underground 
water circulation and hence weathering, introduces great variations in mechanical behaviour. This 
context presents an important and complex instability mechanism of rock masses that has been 
responsible by many geotechnical problems in different weathering (climatic) conditions. 
 
The main purpose of the present paper is to present the results of a detailed morphological, structural, 
physical and mineralogical characterisation of the transitional zone between rock and soil in Bunya 
phyllite weathering profiles commonly found at South-East Queensland, Australia. These profiles were 
developed under sub-tropical climatic conditions and the study is part of more general research that 
involves two other rock types (basalts and sandstones) developed under two different climatic 
conditions, sub-tropical (South-East Queensland) and tropical (South-East Brazil). 
 
The Bunya Phyllite forms a 10 km wide, north-northwest trending belt in the core of the South 
D’Aguilar Sub-province (Bryan & Jones 1951). These rocks originated from fine-grained to muddy 
sediments, with more recrystallised and medium-grained portions also occurring (GSA 2012). Some 
inter-bedded quartzite and greenstone layers can be seen on Indooroopilly area. Bunya phyllite is 
commonly found in the western Brisbane suburbs, mainly in Indooroopilly, Taringa and St. Lucia. 
According to GSA (op. cit.), the Bunya phillite is an intensely crumpled and deformed metamorphic 
rock, light to medium grey in colour, and banded with layers of mica and quartz. Platy mica 
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recrystallization has generated a thin foliation. Quartz veins are present and vary from parallel to 
foliation to strongly folded and contorted. The main geological structures are a well-developed slaty 
cleavage and some families of tectonic fractures. 
 
According to Marques et al. (2010), foliation, in particular, plays an important role in the development 
of weathering profiles in high grade metamorphic rocks (gneisses) and when this structure is parallel 
to the surface, contacts between different weathering materials are abrupt. This seems to occur in 
Bunya phyllite as well, as is latter discussed. 
 
 
2 PROFILES STUDIED 
 
Sixteen phyllite weathering profiles were visited in order to describe the morphology of the weathering 
profile and its variations. From these, six points (labelled PHY01 to PHY06 in Figure 1 and Table 1), 
were described in detail and were used for field tests and sample collection for laboratory tests. All 
selected profiles are located in western Brisbane, specifically in the suburbs of Indooroopilly, Taringa 
and St. Lucia. 
 

 
Figure 1. Locations of Bunya phyllite weathering profiles studied. 
 
Table 1:  Address and geographic coordinates of the weathering profiles described and 
sampled. 

Profile 
Id 

Address 
UTM Coordinates 

(56J - WGS84) 
N E 

PHY01 Swann Road in front of number 180 – 190, Indooroopilly 6.958.419 498.597 

PHY02 
McCaul St in front of Indooroopilly Secondary State High 
School, between Kobada St & Darvall St, Indooroopilly 

6.958.230 498.610 

PHY03 Indooroopilly Road in front of 159, Indooroopilly 6.958.064 499.052 
PHY04a McCaul St, in front of #18, Indooroopilly 6.958.380 499. 157 
PHY05 Gailey Road, in front of #157, Taringa 6.958.499 499.076 
PHY06 Corner of Ryan Road and Bellevue Terrace, St. Lucia 6.958.765 499.728 

a PHY04 was located on a construction site and because of that, only the description of the morphology and 
sampling for physical tests and thin section preparation and analysis could be carried out as the cut was latter 
hidden by a rock block wall. 
 
Several weathering classification schemes have been proposed, such as Anonymous (1995), IAEG 
(1981), Beavis (1985) and ISRM (2007); this last one being one of the most widely used (Table 2), and 
which was adopted in the present study. Additionally, some practical tests such as strength under a 
geological hammer/pocket knife/hand pressure, and discolouration were used. Physical parameters 
(dry/wet density, porosity and water absorption capacity) and Schmidt hammer tests were performed 
in accordance with ISRM (2007) suggested methods. Mineralogy was identified based on visualisation 

The University of 
Queensland – St. Lucia 

Campus 

To Brisbane 
CBD 

Brisbane River 
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through a pocket magnifier by an experienced geologist. Table 3 lists all characteristics, descriptions 
and parameters evaluated for each weathering profile, for the rock mass and rock matrix, separately. 
The results of physical parameter testing were based on samples from all six weathering profiles, 
while detailed field characterisation was based on five weathering profiles, as PHY04 could not be 
accessed. 
 
Table 2: ISRM (2007) suggestion for classification and description of rock masses. 

Term Description Class 

Sound Rock (SR) 
No visible sign of matrix weathering; some rock discoloration may be 

present along main discontinuities. 
I 

Slightly 
Weathered Rock 

(SW) 

Discoloration of rock indicates beginning of rock matrix weathering 
and along discontinuities surfaces. All rock matrix can be discoloured 

by weathering and can be slightly softer externally than in sound 
condition. 

 
II 

Moderately 
Weathered Rock 

(MW) 

Lower than half of rock matrix is decomposed or disintegrated to soil 
condition. Sound or discoloured rock is present forming discontinue 

zones or as corestones. 

 
III 

Highly Weathered 
Rock (HW) 

More than half of rock matrix is decomposed or disintegrated to soil 
condition. Sound or discoloured rock is present forming discontinue 

zones or as corestones. 

 
IV 

Completely 
Weathered Rock 

(CW) 

All rock matrix is decomposed or disintegrated to soil condition. 
Original structure of rock mass is commonly preserved. 

V 

Residual Soil 
(RS) 

All rock is transformed into soil. Geological structure of rock mass is 
destroyed. There is a great volume variation, but no soil significant 

soil transport is present. 

 
VI 

 
Table 3: Parameters evaluated for each layer identified in the weathering profiles. 

Rock Mass Characteristics Rock Matrix Characteristics 
- Soil or rock behaviour 
- Rock: Soil ratio 
- Type and attitude of geological structures 
- Volumetric joint counting Jv, as defined by 
(Palmstrom, 2005) 
- RQD (based on Jv) 
- Characteristics of discontinuities (spacing, 
persistence, aperture, presence and type of filling 
material, JRC) 
- JCS 

- Name and genetic type of rock 
- Texture (grain size, colour, signs of weathering, 
fabric, presence of orientation, etc.) 
- Weathering grades (based on ISRM, 2007) 
- Physical properties (dry and saturated density, 
porosity, water absorption capacity) 
- Microscopic indexes (microfracturing and 
micropetrographic) a 
- Point loada 

a Results from microscopic indexes and point load tests are not presented in this paper. 
 
 
3 RESULTS 
 
Some of the general results obtained for all studied weathering profiles of Bunya phyllite are detailed 
in this section. Specific characteristics are highlighted. 
 

3.1 Typical Morphology of Bunya Phyllite Weathering Profiles 
 
A thorough inspection of the weathering profiles of Bunya phyllite has allowed a consistent knowledge 
of its mains characteristics and controls. Figures 2 and 3 present some examples of important aspects 
of Bunya phyllite weathering profiles. 
 
Two key remarkable aspects were the abrupt contact between soil and rock material and the small 
thickness of the soil material layers, which were frequently thinner than 0.7 m. Thicker superficial soil 
layers can also be found, but this is not the predominant occurrence and is related to some specific 
conditions such as the presence of faults, intense fracturing, groundwater, etc. 
 
 

414



 

(a)  (b)  

 
 (c) 

Figure 2. Weathering patterns observed in Bunya phyllite. Fracturing along foliation increases in more 
weathered materials. (a) PHY06, (b) PHY05 and (c) one of the sixteen outcrops initially visited. 

Stress-relief fractures along foliation plans

Tectonic fractures 

Class II 

Class III

Class IV

Class V

Superficial soil 

Tectonic fractures

Class IV

Class IV/V 

Class III 

Class IV 
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The transition zone between slightly, moderately and highly weathered rock and residual soil is usually 
very thin and commonly not all degrees of weathering (Table 2) are present. Contacts between 
weathering classes are usually abrupt and, in the case of Bunya phyllite, this behaviour was found to 
be mainly due to structural controls, as is discussed latter. 
 
Foliation is the most prevalent structure and its dip is usually low (varying from 0 to 150); the 
exceptions being some portions of PHY05 (values of 400 can be found, mainly related to folds, but the 
average dip is around 30 to 100) and PHY06 (foliation is more steep then other and varies from 170 to 
290). Because of these low dip angles, stress relief caused by erosion and tectonic uplift on the Bunya 
phyllite layers result in an increase of fracturing along foliation, and also larger foliation opening with 
increasing weathering. Figures 2b and 2c show the effect of stress relief on weathering, as the most 
noticeable difference between Class III and Class II (Figure 2b) and between Class III and Class IV 
(Figure 2c) materials is the increase in rock fracturing parallel to foliation. The stress relief processes 
play an important role in the development of weathering profiles of Bunya phyllite and also in the 
boundaries between weathering classes. 
 
Figures 2a and 2b show the importance of tectonic fractures (vertical and inclined) to the erratic 
contacts between weathering classes, as these structures allow greater weathering along their planes, 
resulting in an irregular surface between weathering classes. Figure 3a shows the outcrop at PHY01 
and the effect of weathering along these fractures, which is responsible for the undulation of contacts 
between the different weathering classes. Figure 3b shows opening on fractures parallel to the 
foliation in the more weathered classes, while Figure 3c shows an increase in rock fracturing parallel 
to foliation. Both processes were interpreted as a response to stress relief, and they control 
weathering. The assumption of increasing fracturing due to stress relief and not in response to 
weathering is based on the increase in rock fracturing parallel to foliation in the vicinity of the ground 
surface and on the fact that fractures in the more sound classes do not present weathering material 
along these fractures. 
 

 
(a)  

(b) (c) 
Figure 3. Aspects of weathering profile observed at PHY01, showing the undulation of weathering 
class contacts (3a) fracture parallel to foliation opening (3b) and presence of high frequency fracturing 
parallel to foliation on highly weathered material (3c). 
 

Class IV

Class IV/V 

Residual Soil

Increase fracturing // foliation 

416



3.2 Macroscopic Mineralogy and Fabric 
 
Bunya phyllite occurs as a very well foliated rock with quartz veins and layers parallel to foliation. The 
rock matrix has alternating layers of micaceous bands and very small quartz-rich layers and quartz 
veins. Mineralogy was determined by using a pocket magnifier, and is mainly composed of quartz and 
a weathered micaceous mineral (biotite/chlorite). Some feldspar grains can also be seen as minor 
minerals. Clay minerals and iron oxides are present and characterise the main result of chemical 
weathering of the primary minerals. Table 4 presents the average macroscopic characteristics 
(mineralogical, structural and fabric) of all weathering classes observed in the Bunya phyllite. 
 
Table 4: Average macroscopic characteristics of rock matrix and rock mass for different 
weathering classes of Bunya Phyllite. 

Rock 
Weathering 

Class 
Description 

II 

Rock matrix mainly composed of slightly weathered phyllite. Only few fractures are 
present, all sealed and showing slight weathering, with some iron oxide stains. Sound 
rock is present, easily identified by the “bell sound” when hit by a geological hammer. 
This layer was only observed in the PHY05 profile. Several quartz layers, lenses and 
veins are present and their presence must be related to a quartzite layer outcropping 
nearby. 

III 

Rock matrix predominately moderately weathered (III). Highly weathered (IV) and soil 
portions are present only along some fractures parallel to foliation (aperture = 3 mm). 
Rock mass is very fractured with aperture of up to 5 mm, some of them filled with 
residual soil. Rock matrix presents weathering signs such as stains, points and layers 
with mottled colour. Foliation is prevalent. Iron oxides are present. Mineralogy is mainly 
composed of feldspar, quartz, biotite and clay minerals (as a result of weathering). 
Contact with class II is very sharp and marked by an increase of rock fracturing parallel 
to foliation. 

IV 

Rock matrix mainly composed of moderately weathered material with highly to 
completely weathered material along fractures and foliation planes throughout outcrop. 
Rock mass is highly fractured. Some very fractured quartz layers exist parallel to 
foliation, with slightly to moderately weathered material also present. Some rock matrix 
can be broken by hand pressure, while other rock matrix requires a geology hammer. 
Soil and weathered material have a thickness varying from 2 cm up to 10 cm inside 
fractures. Foliation is prevalent and clearly observed. Oxidation and discoloration occurs 
along fractures and foliation. Clay mineral formation can be observed on much of the 
rock material. Mineralogy is mainly composed of quartz, feldspar, biotite, chlorite and 
clay minerals (newly formed). Feldspar, biotite and chlorite crystals can show 
weathering. Signs of iron oxide (stains and stain spots) are present throughout outcrop. 
Fractures are common and mainly parallel to foliation. Contacts with Class III and Class 
V or IV/V are usually sharp. 

IV/V 
Highly weathered rock material (IV) is predominant, with very small amounts of 
moderately weathered (III) and soil. Mottled colour. Foliation is prevalent and well 
preserved in rock. 

V 
Young residual soil, with several phyllite fragments of moderately (III) to highly 
weathered rock (IV). Some blocks present intact rock. Mottled (yellow, red and orange 
variations). Texture is silty-clayey-sandy. 

 
3.3 Physical Characterisation 

 
Porosity, dry and wet densities, and water absorption capacity were measured for all layers and all 
profiles. Table 5 shows the results obtained and it can be seen that physical parameters can only can 
be used as an index for weathering of the Bunya phyllite, as they show an erratic pattern from one 
class to another. Care must be especially taken when comparing samples from class III to class IV 
and from class IV to class IV/V materials as iron released from the weathering of micaceous minerals 
can precipitate on the rock matrix and fractures, reducing its porosity and increasing its density. This 
happens because the test procedures for transitional materials require the washing of samples. 
Washing leads to the elimination of the more weathered material present on rock samples and thus, to 
some unreliable results. It must be pointed that all ISRM (2007) suggested methods imply an initial 
brushing of samples. The suggested method for rock that can disintegrate on wetting involves the use 
of mercury displacement, is very laborious and implies the need for grinding. Table 6 presents the 
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average results and standard deviations (SD) for each rock weathering class. Results for class II 
materials are in line with the results obtained by other researchers for similar rocks (Ramamurthy et al. 
1993). 
 
Table 5:  Physical parameters of each weathering class of studied profiles. 

Profile Id 
Weathering 

Class 
Density (kg/m3) Porosity 

(%) 
Water Absorption Capacity 

(%) Dry Wet 

PHY 01 
IV/V 2411 2521 11.1 4.6 
IV 2330 2465 13.5 5.8 

PHY 02 
IV/V 2460 2568 10.7 4.4 
IV 2510 2593 8.2 3.3 

PHY 03 
IV 2491 2589 9.8 3.9 
III 2488 2581 9.2 3.7 

PHY 04 
IV/V 2486 2548 6.2 2.5 
IV 2421 2525 10.4 4.3 

PHY05 
IV 2482 2574 9.2 3.7 
III 2592 2646 5.4 2.1 
II 2643 2676 3.3 1.1 

PHY 06 
IV/V 2377 2513 13.6 5.7 
IV 2353 2490 13.7 5.8 

 
Table 6:  Average results of physical parameters of each weathering class. 

Weathering 
Class 

Density (kg/m3) 
Porosity (%) Water Absorption Capacity (%)

Dry Wet 
Aver. SD Aver. SD Aver. SD Aver. SD 

PHY II 2643 ----b 2676 ----b 3.4 ----b 1.2 ---- b 
PHY III 2540 74 2614 46 7.3 2.7 2.9 1.2
PHY IV 2431 76 2539 54 10.8 2.3 4.5 1.1 

PHY IV/V 2434 49 2538 25 10.4 3.1 4.3 1.3 
a SD = Standard deviation; Aver. Average; b As only one test was performed, there is no SD. 

 
 

3.4 Geotechnical Characterisation Based on Field Tests 
 
As listed in Table 3, several field parameters were determined both for the rock matrix as for the rock 
mass. Table 7 presents these results. The fracture space index (If) was determined according to 
Beavis (1985), while the rock quality designation (RQD) was determined based on volumetric joint 
count (Jv) value, according to Palmstrom (2005). 
 
Table 7:  Results of field measurements for each weathering class. 

Profile 
Id 

Weathering 
Class 

Rock:Soil 
Ratio (%) 

If 
(m) 

RQD 
(%) 

JCS 
(MPa) 

Fracture 

JRC 
Opena 

(mm) 
Persb 

(m) 
Fillingc 

PHY01 
IV/V 40 - 50 0.10 98 < 10 Fo - 10-

12 
Fr - 4-6 

10 - 50 Fod = 4-
5 

Fre = 2 

Soil or 
No 

filling IV 10 1.5 – 2.0 100 < 10 2 

PHY02 
IV/V 

10 - 20 0.05 – 0.10 98 < 10 Fo - 10-
12 

Fr - 4-
12 

Up to 
20 Fo = 4-5 

Fr = 0.5 

Soil or 
Iron 

oxide 
IV 

5 - 10 1.2 – 1.3 100 < 10 
Up to 

10 

PHY03 IV 
10 - 20 ≤ 0.10 97 < 10 Fo - 6-8 

Fr - 10-
12 

Up to 
50 Fo = 4-5 

Fr = 2 

Soil or 
Iron 

oxide III 0 > 1.2 100 11 - 13 4 

PHY05 

IV 20 - 30 0.05 – 0.10 93 < 10 Fo - 10-
14 

Fr - 10-
12 

10 Fo = 
>10 
Fr = 
0.5-1 

Soil or 
Some 
iron 

Oxide 

III 5 0.05 – 0.20 99 21 - 32 2 

II 0 > 1.5 100 42 - 45 Sealed 

PHY06 
IV/V 5 - 10 0.05 – 0.10 93 < 10 Fo - 14-

16 
Fr - 4-8 

20 
Fo = 5 
Fr = 1 

Soil or 
Iron 

oxide IV 1 - 2 > 1.2 99 < 10 2 
a Open = Average Opening, b Average Persistence, c Filling material, d Foliation, e Fracture. 
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4 CONCLUSION 
 
From the results presented, the following conclusions can be drawn: 

 the weathering profile of Bunya phyllite presents distinct morphological characteristics that 
allow the recognition of different weathering layers; 

 contacts between soil and rock materials are sharp and soil thickness is small; 
 tectonic (foliation and fractures) and stress relief structures play an important role in the 

morphology of weathering class contacts. Low dip foliation is particularly affected by stress 
relief and controls the engineering behaviour of weathering materials; 

 physical parameters (porosity, density and water absorption capacity) can be related to 
weathering, but care should be taken as iron oxide liberation from micaceous minerals can 
precipitate, especially on the more weathered materials (class IV and IV/V). Nevertheless, if 
these parameters are properly analysed together with mineralogical analysis, a relationship 
with weathering can be established; 

 Rock:Soil ratio, If value and fracture opening were the field parameters described showing the 
best relationship with weathering; 

 The JCS could be used as a indication of rock matrix strength for profiles with more sound 
material, but it could not be used to differentiate class IV and class V materials as their 
strengths are too low to be measured by the hammer; 

 RQD, JRC, persistence and filling material did not show significant changes with weathering. 
The problem with RQD was that the Palmstrom method does not take into account the 
presence of filling material and the opening of fractures in the determination of RQD values. 
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ABSTRACT 
 
Today, geotechnical designs are facing more stringent and challenging criteria. Parameters like the 
small-strain stiffness and damping ratio of soil are now deemed necessary for design. While 
determination of small strain stiffness using wave propagation techniques are well established, 
determination of damping ratio remains largely elusive. This paper aims to investigate the effect of 
varying water content and stiffness on the wave velocities and damping ratio of soil. Experiments were 
conducted in a modified triaxial test setup. Variation in water content was achieved by using the axis-
translation technique to apply matric suction on the soil specimen following the water retention curve 
of the soil. Upon equilibrium at the respective water contents, P and S waves were transmitted and 
received using the bender/extender elements located at both ends of the specimens. Wave velocities 
were calculated from the travel time while the damping ratios were derived using the Hilbert transform 
method. The experiment was repeated on similar soil specimens at different confining pressures. 
These experimental results were further verified with finite element modelling using the viscoelastic 
model in LS-DYNA. Successful implementation and verification of the technique using S waves not 
only allows more accurate determination of small-strain parameters on relatively undisturbed 
specimens, it also enables the determination of these parameters in-situ using seismic survey 
methods such as P-S logging.   
 
Keywords: Damping ratio, P-wave, S-wave, Hilbert transform, Bender element 
 
 
1 INTRODUCTION 
 
Today, the prevalence of challenging construction coupled with more stringent design criteria meant 
that conventional parameters like the friction angle and cohesion intercept are no longer sufficient for 
geotechnical design. Engineers now need to account for transient and seismic loadings thereby 
requiring design parameters like small-strain soil stiffness and damping ratio. This explains the 
prevalence of advanced geotechnical testing using the resonant column test, cyclic triaxial, dynamic 
simple shear and the bender element tests. Except for the bender element tests, most of the 
mentioned advanced geotechnical tests are able to obtain both small-strain soil stiffness and damping 
ratio although at different range of small strains. 
 
The bender element test has gained popularity rapidly in recent years due to its versatility and 
compact size. By incorporating bender elements into commonly available geotechnical testing 
equipment like the triaxial apparatus, small-strain soil stiffness can be obtained through the wave 
travel-time method. Meanwhile, conventional testing can still be conducted in the process thereby 
more information can be obtained from a single soil specimen. By altering the wiring configuration, 
both P and S-wave signals can be obtained from the bender elements (Lings and Greenings 2001, 
Leong et al. 2009) to give the small-strain bulk and shear moduli. Despite the above-mentioned 
advantages, one major short-coming of the bender element test is its inability to provide the material 
damping ratio.  
 
Cheng and Leong (2014) attempted to use the Logarthmic Decrement method (ASTM D4015-07 
2007) and the Spectral Ratio Method (Toksöz et al., 1979) in the bender element tests to obtain the 
material damping ratio. The Logarithmic Decrement Method (LDM) requires high quality signals 
unaffected by interference from reflected waves. However, the interference from reflected waves is 
dependent on the excitation frequency and high quality signals are difficult to obtain. The Spectral 
Ratio Method (SRM) compares the amplitudes of the signals from identical specimens of different 
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lengths i.e. different distance of wave propagation. However it is difficult to obtain two identical 
specimens in practice. Furthermore, SRM assumes that the contact conditions in the two tests are 
identical which are most often not the case. As such, values of damping ratio obtained were 
inconsistent and showed great amount of scatter. 
 
The objective of this paper is study the relationship of water retention, stiffness and damping ratio of 
soils through bender element tests. The Hilbert transform method is introduced as a better alternative 
to LDM and SRM to obtain the material damping ratio from the bender element tests. Primary (P) and 
shear (S) waves are studied. Variation of the damping ratio and wave velocities with varying water 
content and soil stiffness are studied. The finite-element program LS-DYNA was used to verify the 
Hilbert Transform method to obtain the material damping ratio. 
 
 
2 THE HILBERT TRANSFORM METHOD 
 
The Hilbert transform is an operator which convolutes a signal by 1/πx. In other words, it is a filter 
which transforms the signal by shifting their phases by ±π/2 while maintaining the magnitudes of their 
respective spectral components. It was first used by Agneni and Balis-Crema (1986) to derive 
damping ratio in composite materials. However, most signals by nature consist of numerous frequency 
components which can affect the Hilbert transform of the time signal. Huang et al. (1998) later 
incorporated the ‘empirical mode decomposition’ method which helps to decompose complicated 
signals into their respective modal component to yield well-behaved Hilbert transforms. This method 
was later employed by Salvino (2000), Zhang and Tamura (2003), Yang et al. (2004) to investigate 
damping in structures like tall building from forced vibration responses like wind loading. This method 
is suitable for bender element tests as the signals generated by the bender elements are transient in 
nature and therefore are expected to decay in a free-vibration manner. For completeness, the 
derivation of material damping using the Hilbert transform (Salvino 2000, Iglesias 2000) is reproduced 
below. 
 
If x(t) is the signal in the time domain (Equation 1a) and xH(t) is the Hilbert transform of the time 
domain signal (Equation 1b), the  combination will give the analytic signal xa(t) as shown below 
 

)1sin()( 2   tAetx n
tn  (1a) 

)1cos()( 2   tAetx n
tH n  (1b) 

)()()( tixtxtx H
a   (1c) 

where A is the amplitude of the signal, ξ is the damping ratio, ωn is the natural radian frequency, t is 
the time in seconds and i is the imaginary number 
 
The magnitude of the analytic signal gives the envelope of the time signal xa(t) (Equation 2) i.e., 
eliminating the oscillatory components. By taking natural logarithm on both sides of Equation (2), the 
damping ratio ξ can be separated as shown in Equation (3) 
   

t
a

nAetx )(  (2) 

   tAtx na  )ln()(ln  (3) 

 

Equation (3) shows that the gradient used to derive the damping ratio from the plot of )ln( txa  with 

time has to be downwards sloping.  The damping ratio can be derived from the gradient as shown in 
Equation (4). Further information on the procedures to process the received signal is elaborated later.  
 

nn f

mm




2
  (4) 

 
where m is the gradient and fn is the natural frequency of the signal.  
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3 EXPERIMENT SETUP AND PROCEDURES 
 
River sand was used in this study. The sand has a specific gravity of 2.65, maximum void ratio of 0.89 
and minimum void ratio of 0.5. Relative density of the sand specimens was around 80%. The grain 
size distribution curve is shown in Figure 1.  
 

 
Figure 1. Grain size distribution curve of river sand 

 
Sand specimens with height and diameter of 50 mm were reconstituted using the moist tamping 
method. Moist sand at 15% water content was prepared and then placed in lifts of 10 mm into a brass 
split mould with an internal diameter of 50 mm.  Each lift was tamped 50 times using a 25 mm 
diameter metal rod. The top surface of each lift was lightly scarified to ensure good bonding between 
lifts. The specimens prepared have a void ratio ranging from 0.51 to 0.55.   
 
The sand specimens were tested at net normal stresses (σ3-ua) of 200 and 400 kPa where σ3 is 
confining pressure and ua is pore-air pressure. Specimen tags for the respective specimens are RS-
US_200 and RS-US_400. The experiment set-up is similar to that illustrated in Cheng & Leong (2013) 
except that the ultrasonic platens were replaced with bender elements. The sand specimens were 
initially saturated with application of a back pressure. Saturation was deemed completed when the B-
value was greater than 0.95 or when P wave velocity (Vp) was about 1500 m/s. Once the sand 
specimen was fully saturated, matric suction was applied. Different matric suction (ua-uw) conditions 
were achieved by maintaining the pore-air pressure (ua) constant while reducing the pore-water 
pressure (uw). The water retention curve was obtained by monitoring the water content of the soil 
specimen during the test. 
 
At each matric suction, the bender element was excited with a single sinusoidal pulse of 3, 5, 10, 20 
and 50 kHz in both flexure and extender modes.  Signals were recorded at a sampling frequency of 2 
MHz and for a duration of 5 ms. The wave velocity was computed by dividing the tip-to-tip distance of 
the bender elements by the travel time. Generally the S-wave signals were stronger when excited at 
lower frequencies of 3, 5, 10, 20 kHz while P-wave signals were stronger when excited at higher 
frequencies of 10, 20 and 50 kHz. Signal strength of the bender elements was also affected by 
excitation voltage, contact condition and net confining stress (e.g. Leong et al. 2009). Only S-wave 
signals were analysed for material damping. 
 
A MATLAB script was written to process the signals for different excitation frequencies. Signals were 
first passed through a fourth order Butterworth band-pass with lower and upper frequencies of 0.5 and 
100 kHz, respectively. This is to remove any low frequency electrical drift which will affect the 
derivation of the damping ratio. The signals at various frequencies and matric suctions were studied to 
determine the natural frequency of the S wave. It was found that regardless of the net normal stress, 
matric suction and excitation frequency, the S-wave signal shows a peak at 2 kHz (Figure 2). This 
peak was the strongest when the specimen was excited at 3 kHz and its intensity reduced when 
excitation frequency increases beyond 3 kHz. The higher frequencies present in the signals were a 
result of the excitation pulse and the reflected waves.  
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Figure 2. Typical frequency domain of S wave signals at different excitation frequencies (ua-uw=10kPa) 
 
The natural frequency of the bender element system at 2 kHz was confirmed with the help of the finite 
element program, LS-DYNA. A specimen of identical dimensions was simulated using implicit 
eigenvalue analysis to derive the natural frequency at the various modes of vibration. Bulk and shear 
stiffnesses derived from the P- and S-wave velocities (Vp and Vs) together with the bulk density were 
input into the elastic material model. The natural frequencies in the bending mode for the fixed-free 
and fixed-fixed mode of a cylindrical soil specimen were found to be 1 and 2.6 kHz, respectively. Since 
the boundary condition of the specimen lies between those of fixed-free and fixed-fixed condition, it 
was expected to fall between 1 and 2.6 kHz and thus, the experimental results gave good agreement.  
 
With the natural frequency of the bender element system determined, a time window was applied to 
the filtered signal to retain only values from 2 to 5 ms so as to eliminate the effect of the excitation 
pulse and the reflected waves. The windowed signal was the then passed through another fourth 
order Butterworth low-pass filter with an upper frequency of 3.5 kHz. Hilbert transform was then 
applied to obtain the plot described in Equation (3).  A best-fit line was then constructed through a 
smaller time window (2.5 – 4.5 ms) in order to obtain the gradient used for calculating the damping 
ratio.  
 
 
4 DISCUSSIONS AND RESULTS 
 
4.1 Water retention curves 
 
The water retention curves for the soil at net normal stresses of 200 and 400 kPa are shown in Figure 
3. Air-entry value for RS-US_200 and RS-US_400 are at 6.7 kPa and 9.6 kPa, respectively.  
 

 
Figure 3. Water retention curve of soil specimens 

 
4.2 Vp and Vs 

 
P-wave velocity (Vp) was obtained as the specimen desaturates from full saturation as shown in Figure 
4. At full saturation, Vp of the soil specimens was about 1600 m/s (≈ Vp of water) and remained 
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constant up to the air-entry value. It started to decrease sharply after the air-entry value, demarcated 
by the dotted lines in Figure 4. After which, changes in Vp were minimal, varying within 2% of the 
mean (463 m/s). The degree of saturation corresponding to the drop in Vp values were at 
approximately 90%. This suggests that while Vp is sensitive to the degree of saturation, the effect is 
only observed around the air-entry value.  
 

 
Figure 4. Variation of Vp with matric suction 

 
On the other hand, S-wave velocity (Vs) was shown to increase as the soil specimens stiffened with 
increasing matric suction upon drying. The extent of increase was smaller for RS-US_400 due to the 
higher net normal stress.  

 
Figure 5. Variation of Vs with matric suction 
 
4.3 Damping ratio 
 
4.3.1 Simulation 
 
Finite-element program, LS-DYNA, was used to model the bender element tests. LS-DYNA was used 
due to its ability to simulate both explicit and implicit analysis of transient dynamic problems. The soil 
specimen was modeled as a 3D cylinder with 35000 elements (Figure 6). An explicit time integration 
mode was used. A row of five nodes, corresponding to 5.3 mm, situated in the middle of the cross-
section and at the top surface of the numerical model were chosen to excite in the transverse mode. 
The response was picked up at a node lying in the middle of the cross-section, 4 mm from the bottom 
end. The bottom end of the model was fixed from translational and rotational movement. 
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Figure 6.(a) Top and (b) front view of finite element model 
 
Excitation frequencies of 5 and 10 kHz were used. Using the viscoelastic model, damping ratios of 
0.03 and 0.07 were assigned to the model for each of the excitation frequency. Figure 7a shows the 
raw and processed S-wave signals in the time domain for the simulation excited at 5 kHz with a 
material damping of 0.03. They are then plotted in the frequency domain to ascertain that the signal 
processing did not filter out the natural frequency (Figure 7b). The magnitude of the simulated S-wave 
signal with time together with the best-fit line was shown in Figure 7c. The input damping ratios are 
compared with those derived from the Hilbert transform method in Table 1.  
 

Figure 7. (a) Time domain, (b) frequency domain and (c) Hilbert transform of the simulated signal 
  

Differences between the input damping ratio and those derived from Hilbert transform method are 
within ±10%. The procedures described have proven to be feasible in deriving the damping ratio from 
a pulse excitation.  

 
 
 

-0.006

-0.004

-0.002

0

0.002

0.004

0.006

0 0.001 0.002 0.003 0.004 0.005

Y
-D

is
 (

m
m

)

Time (seconds)

Raw Signal

Processed Signal

(a)

0

1

2

3

4

5

0 5 10 15 20

In
te

ns
it

y

Frequency (kHz)

Raw Signal

Processed Signal

(b)

Natural frequency = 1 kHz

-12

-10

-8

-6

-4

0 0.001 0.002 0.003 0.004 0.005

ln
(A

m
p

li
tu

d
e)

Time (seconds)

Gradient = -175.38 (1/s)

(c)

425



Table 1:  Comparison between input damping ratio and those derived from HTM 

Excitation 
Frequency (kHz) 

Input ξ  ξ from HTM  Difference (%) 

3 
0.03  0.0279  6.96 

0.07  0.0760  ‐8.51 

10 
0.03  0.0312  ‐4.15 

0.07  0.0735  ‐5.03 

 
4.3.2 Experiment results 
 
The Hilbert transform method was applied on S-wave signals obtained for different excitation 
frequencies (3, 5, 10 and 20 kHz) and the damping ratios are shown in Figures 8 and 9 for specimens 
RS_US_200 and RS_US_400, respectively. Range of the damping ratio is approximately similar for 
both specimens. As the specimens stiffen during desaturation, the damping ratio is seen to decrease 
as the stiffer specimen is a better medium for wave propagation. The trend was especially evident in 
Figures 8. Figure 9 shows that the damping ratio increases slightly back up after the initial drop before 
plateauing.  
 
Although it seems that the excitation frequency does not affect the damping ratios in Figures 8 and 9, 
it does to a great extent affect the quality of signal. It can be observed, upon close scrutiny, that the 
scatter of the damping ratio is larger when excitation frequency deviates from the natural frequency of 
the system. In Figure 8, damping ratios from excitation frequency of 10 kHz were seen to scatter 
around the trend line drawn. The damping ratios at excitation frequency of 20 kHz showed some 
negative values and hence were not plotted in Figure 8. The scatter in damping ratios is due to the 
decrease in intensity of the vibration at 2 kHz as excitation frequency increases (see Figure 2). The 
extent of scattering at higher excitation frequencies was much lesser in Figure 9 since the stiffer 
specimen allows for better transmission of wave signals. 
 
The above observations suggest that while damping ratios can be obtained from bender element tests 
using the Hilbert transform method, a range of excitation frequency should be used to determine the 
optimal frequency for high quality signals. A rough estimate of the optimal frequency could be obtained 
by determining the flexure mode natural frequency for the specimen. 
 

 
Figure 8. Variation of S-wave damping ratio with matric suction for RS-US_200 
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Figure 9. Variation of S-wave damping ratio with matric suction for RS-US_400 
 
 
5 CONCLUSION 
 
In this paper, variation of P and S-wave velocities and damping ratios with water content for a 
reconstituted sand were investigated. The P-wave velocity was shown to decrease abruptly after the 
air-entry value (Sr ≈ 90%). The S-wave velocity was shown to increase linearly as matric suction 
increases i.e, as degree of saturation decreases. The Hilbert transform method was introduced as an 
alternative means to obtain damping ratio from S-wave signals. The Hilbert transform method was 
shown to provide reliable estimates of the damping ratio.  
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ABSTRACT 
 
An experimental investigation was carried out on the Hawkesbury sandstone to study the mechanical 
rock behaviour (i.e. strength and deformability) during uniaxial and triaxial cyclic compressive testing. 
Axial load, confining pressures and axial and lateral deformations were measured continuously from 
start of loading until post-peak state. Cyclic tests were carried out at different confining pressures, 
stress levels and unloading amplitudes. Results indicate that damage increases with an increase in 
unloading stress level and unloading amplitude. It was observed that fatigue life of a confined 
specimen is longer than fatigue life of a sample without confinement. In addition, in cyclic loading 
tests, a relatively uniform accumulation in axial, lateral and volumetric strain follows by a rapid 
increase in strain as the sample headed towards failure. Moreover, during cyclic loading a continuous 
degradation in the tangent Young’s modulus until beginning of large plastic deformation was observed 
and then it decreased rapidly within few cycles before the failure. Poisson’s ratio increased during 
cyclic loading. This trend became very significant when unstable cracks begin to initiate inside the 
sample.  
 
Keywords: Cyclic loading, Hawkesbury sandstone, strength, deformability  
 
 
INTRODUCTION 
 
The underground excavation of rock results in the disturbance and redistribution of the in situ stress 
field. As a result, the surrounding undisturbed rock compensates for the excavated rock by supporting 
the redistributed stresses. With continuous mining activity, the burdened rock mass experiences 
further loading and unloading in the form of cyclic loading due to drilling and blasting, train and truck 
haulage vibrations and seismic events. In many engineering applications, particularly at shallow 
depths, jointed rock masses are common, and the rock mass strength is significantly lower than the 
intact rock strength. However, in the mining (and petroleum) industry, excavations can exist at much 
greater depths where the rock mass becomes tightly interlocked and essentially behaves as intact 
rock (Martin and Chandler 1994).  
 
Effects of cyclic loading on mechanical properties of geomaterials have been studied by several 
researchers. Taheri and Tatsuoka (2014) conducted a study on the effects of cyclic pre-shearing on 
the stress-strain behaviour of cement-mixed gravel. It was concluded that the decrease in peak 
strength by several relatively large unload/reload pre-cycles is insignificant. Koseki et al. (2003) 
conducted a series of cyclic triaxial tests to analyse residual deformation and small strain properties of 
soft rocks (mudstone and silt-sandstone). Only minor discrepancies between peak strengths were 
observed and were attributed to variation in specimen conditions including different extents of sample 
disturbance. Along with this, Singh (1989) discusses, however, that in some cases the applied stress 
level in cyclic loading does not cause rock failure during a very large number of cycles. Instead, the 
rock can become 'strain hardened' and in turn increases its uniaxial compressive strength. In contrast 
to the previous studies, the cyclic loading testing procedure can often also cause rock to fail at a 
stress lower than its determined compressive strength (Haimson 1978). Xiao et al. (2010) discussed 
that during cyclic loading rocks always fail at a stress level lower than their determined strength under 
monotonic loading. Badge and Petros (2005) also investigated the fatigue behaviour of intact 
sandstones samples under dynamic uniaxial cyclic loading. They concluded that rock strength 
decreases with dynamic loading due to progressive degradation of material strength. Taheri and Tani 
(2013) and Ray et al. (1999) also found that rock peak strength can be reduced by successive cyclic 
loading.     
  

428



Apart from peak strength Young’s modulus, E, and Poisson’s ratio, , behave differently depending on 
what compressive stress cyclic loading is initiated (Eberhardt et al. 1999). The effects of cyclic loading 
on the tangent Young’s modulus, Etan, can become significant and quite complicated (Taheri and 
Tatsuoka 2014). When considering the rate at which axial and lateral strain develops with respect to 
cyclic triaxial loading, Zhenyu & Haihong (1990) found that the lateral deformation of the specimen 
developed more rapidly than axial deformation. Zhenyu & Haihong (1990) observed that the higher the 
stress level or the larger the cyclic amplitude, the more obvious this behaviour became. Eberhardt et 
al. (1999) also looked at how E and  are effected as a result of initiating cyclic loading at different 
stages of crack damage. For cyclic loading above the crack damage threshold, E and  progressively 
decrease and increase respectively.  
 
The progressive deterioration properties of damaged rock can be highlighted by performing cyclic 
loading tests (Gatelier et al. 2002). Cyclic loading methods vary significantly depending on what rock 
properties and damage levels are of interest. This study aims to assess the effect of cyclic loading on 
the peak strength and deformability of Hawkesbury sandstone for comparison and further prediction of 
mechanical properties of the rock.  
 
 
1 TESTING SET-UP 
 
1.1 Sample Preparation 
 
Hawkesbury sandstone samples were cored and prepared according to ISRM (International Society 
for Rock Mechanics) standards with approximate dimensions of 100 mm in height and 42 mm in 
diameter. The axial and lateral strains were measured with pairs of axial and lateral strain gauges 
pasted on the centre of the specimens in axial and lateral directions. To prevent the strain gauges 
from being damaged different strain gauge protection methods were practiced. Figure 1 shows strain 
gauged specimen and Hoek cell testing set-up.  
 

a)                             b)  
Figure 1. a) Instrumented Hawkesbury sandstone b) Hoek cell testing set-up 

 
1.2 Loading Method 
 
A closed-loop servo-controlled testing machine with a loading capacity of 250 kN was used for the 
Hawkesbury sandstone specimens. The machine has a loading rate capability in the range of 0.001 – 
10 mm/s. To determine the peak strength of the Hawkesbury sandstone, monotonic tests were 
completed prior to commencing cyclic loading testing. All monotonic tests were performed in 
displacement controlled mode and loading rate was 0.05 mm/min.  
 
For the triaxial tests, a high pressure Hoek cell and hydraulic pressure system were used to apply and 
control the confining pressure. The machine has a LVDT to measure axial displacements and control 
axial loading. A ramp waveform was used to control the cyclic compressive tests. A ramp wave shape 
generates a triangular waveform, which is representative of an advancing tunnel face (Bagde & Petroš 
2005). 
 
Systematic cyclic loading was simulated by applying a number of identical cycles to Hawkesbury 
sandstone specimens until failure.  The loading and unloading rates during cyclic tests were 1 and 3 
mm/min respectively. Tests were performed at 0 and 4 MPa confining pressure, σ3. To study the effect 
of stress level on progressive damage, the deviator stress at which cyclic loading was initiated, qun, 
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was varied and it was set at 0.80-0.95 of peak strength during monotonic loading, qf. In addition, the 
cyclic loading amplitude, qb, was set at 0.5qun, 0.75qun, 0.8qun and 1.0qun. 
 
In addition, to study the degradation of rock stiffness after a systematic cyclic loading, one different 
uniaxial and one different triaxial cyclic loading tests were completed. The loading cycles involve 1 
slow cycle, followed by 50 fast cycles and repeated 4 times. The tests are referred to as interval cyclic 
loading tests due to the repeated intervals of 1 slow cycle followed by 50 fast cycles. qun was chosen 
to be significantly lower than the qf, in order to apply over two hundred cyclic loads without failing the 
specimen. If the rock had not failed after 4 intervals the rock was then loaded until failure under the 
slow loading rate. 
 

 
2 TESTS RESULTS 
 
A total of 24 tests were conducted for this study. This consisted of 12 uniaxial tests (3 monotonic, 9 
cyclic) and 12 triaxial tests (4 monotonic, 8 cyclic). The test results were compiled to plot graphs of the 
applied deviator stress (q) against the axial strain measured by the LVDT, the axial (εax) and lateral 
strain (εlat) recorded by strain gauges and the volumetric strain (εvol). 
 

            
Figure 2. Example of uniaxial monotonic test results  

 

          
Figure 3. Example of triaxial monotonic test results  

 
2.1 Monotonic Tests 
 
Figure 2 displays uniaxial monotonic testing results for samples HS1 and HS3. Monotonic testing was 
used to obtain the failure strength, qf, of an unconfined specimen to determine the stress level at 
which cyclic loading should be initiated, qun. The average peak monotonic strength for uniaxial loading 
was 47.1 MPa. The amount of axial strain measured by the axial external LVDT is larger than that 
recorded by strain gauges. This is because of the bedding errors and also deformations in loading 
piston, cap, and axial loading system, which were included in the recorded displacements by the axial 
external LVDT.  
 
Figure 3 displays triaxial monotonic testing results for samples HS15 and HS18. These tests were 
used to obtain the failure strength, qf, of a specimen confined at confining pressure (σ3) = 4MPa to 
determine the stress level at which cyclic loading should be initiated, qun. Due to sample variability a 

a) 

a) 

b) 

b) 
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wide range of monotonic strengths were measured, ranging between 61 MPa and 82 MPa. The 
average peak monotonic strength for triaxial loading was 69.2 MPa. 

 

          

           
Figure 4. Examples of uniaxial cyclic loading test results for HS4 & HS7 

 

          

           
Figure 5. Examples of triaxial cyclic loading test results  
 

a) b) 

c) d) 

a) b) 

c) d) 
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Figure 6. Examples of Interval cyclic loading tests results  
 
2.2 Cyclic Tests 
 
Figure 4 summarises results for uniaxial cyclic loading tests HS4 and HS7. Both tests were conducted 
under the full unloading (100% unloading amplitude) cyclic testing regime, requiring 70 and 106 cycles 
to failure respectively. Cyclic loading was initiated at 42.6 MPa and 40.3 MPa respectively causing a 
failure of the samples at 87% and 82% of the peak monotonic strength. 
 
Figure 5 demonstrates sample results for triaxial cyclic loading tests. Stress-strain relations for test 
HS12 and test HS16 are shown in this figure. Test HS12 was conducted with unloading amplitude of 
80% and HS16 conducted under full unloading (100%). Cyclic loading was initiated at 74.6 MPa and 
68.8 MPa, requiring 42 and 129 cycles until failure respectively. In addition, Figure 6 shows results of 
test HS21 which is an interval cyclic loading test.  
 
 
3 PROGRESSIVE ROCK DAMAGE 
 
4.1 Cumulative Strain Variations 
 
When a sample experiences the load that exceeds the elastic limit of the sample, it will incur a 
permanent strain. This permanent strain is accumulated incrementally with each cycle. That is, the 
incremental accumulation of strain increases as the stress approaches the crack damage threshold. 
Cumulative strain can be used to represent the non-visible damage incurred on a specimen. The 
cumulative strain at each damage increment is the difference in strain value from the peak of each 
successive loading cycle to the peak of the primary loading curve as shown in Figure 7. In order to 
study the behaviour of this cumulative strain the axial, lateral and volumetric strain (ωax, ωlat, ωvol) for 
the two full unloading tests were plotted against damage increments as shown in Figures 8 and 9.   
 

 
Figure 7. Cumulative strain measurement during systematic cyclic loading 
 

a) 

 

b) 
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Figure 8. Cumulative strain versus damage increment for specimen HS4 
 

 
 
Figure 9. Cumulative strain versus damage increment for specimen HS7 
 
Sample HS4 and HS7 show a relatively uniform accumulation in strain followed by a rapid strain 
increase as it heads towards failure. This trend is seen with the axial and lateral, as well as the 
volumetric strain graphs. The damage increment at which the accumulated strain rate changes is 55 
and 69 for samples HS4 and HS7, respectively. Borth HS4 and HS7 tests were uniaxial tests, however 
sample HS4 was cycled with an upper bound of 43 MPa, with HS7 cycled with an upper bound of 40 
MPa. The testing showed that the increment at which rapid strain accumulation occurred was greater 
in HS4 suggesting that a higher loading level leads to greater damage and, therefore, shorter fatigue 
life. 
 
4.1 Deformability Variations 
 
To quantify the effects of cyclic loading on the deformability of Hawkesbury sandstone, Tangent 
Young’s modulus, Etan, and Poisson’s ratio, , were calculated. Etan, and , were determined at 50% of 
qun for each damage increment. The measurement of Etan is an accurate method of assessing 
progressive damage of the rock in the form of plastic deformation and the development of unstable 
cracks. 
 

          
 
Figure 10. Gradual degradation in tangent Young’s modulus and Poisson’s ratio a) a uniaxial cyclic 
test (sample HS4) and b) a triaxial cyclic test (sample HS13) 

 

a) b) 
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In all tests there was a continuous degradation in the tangent Young’s modulus until beginning of large 
plastic deformation, after which there is a rapid decrease in stiffness until failure. Figure 10 show an 
example of results for a cyclic uniaxial and a cyclic triaxial test. Poisson’s ratio initially increases 
rapidly, followed by a stage of slower accumulation. During this second stage, the rate of increase 
remains relatively constant as shown by the linearity of graphs in the middle cycles. As the sample 
approaches failure, Poisson’s ratio begins to rapidly increase until failure. 

 
Figure 11 summarise the variations of Etan for interval cyclic loading tests presented in Figure 1. More 
specifically the figure shows the breakdown of the individual fast cycle sets. For both uniaxial and 
triaxial cyclic loading tests it is evident that there is a constant degradation of the tangent modulus 
even when cyclic loading is interrupted by a very slow loading cycle. The uniaxial loading caused a 
more significant decrease in Etan per set of 50 cycles in comparison with the triaxial test, which could 
be attributed to a higher stress level at initiation of cyclic loading with respect to the peak strength. 

         
 
Figure 11. Tangent Young's modulus vs. fast cycle number for: a) uniaxial interval cyclic loading test 
(sample HS21) and b) triaxial interval cyclic loading test (sample HS20) 
 

 
4 EFFECT OF DIFFERENT PARAMETERS ON PEAK STRENGTH 
 
5.1 Unloading Amplitude  
 
The results for qun/qf (stress at the beginning of unloading/peak stress in monotonic test) plotted 
against unloading amplitude are shown in Figure 12 for both uniaxial and triaxial cyclic tests. As can 
be seen in this figure, rock damage increases with an increase in unloading amplitude. This shows 
that the extent of damage experienced by a specimen is dependent of the amplitude of unloading. The 
linear lines show trend of change in normalized deviator stress at unloading with unloading amplitude.  

                               
Figure 12. Normalised deviator stress at unloading vs. (a) unloading amplitude for triaxial tests (b) 
unloading amplitude for uniaxial tests (each point is labelled according to which test it corresponds to). 
 
 
5.2 Confining Pressure  
 
Results presented in Figure 13 show that for an increase in confining pressure a higher stress level at 
start of cyclic loading required to fail the sample. As well as this, it was found that for rock specimens 
under the same unloading amplitude the one at higher confinement required a greater amount of 
cycles for failure to occur. In other words fatigue life of a confined specimen is longer than fatigue life 

a) b) 

a) b) 
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of an unconfined specimen. Note that in this study only cyclic triaxial tests at σ3=4 MPa were 
performed; more tests at different confining pressures are required to completely validate this 
conclusion. 

 
Figure 13. Normalised deviator stress at unloading vs. damage increment at failure for triaxial and 
uniaxial (each point is labelled according to which test it corresponds to). 

 
5 CONCLUSION 
 
An experimental investigation was carried out on the Hawkesbury sandstone to identify and predict the 
change in mechanical properties of the rock during uniaxial and triaxial cyclic compressive testing. 
Cyclic tests were completed at different stress levels and unloading amplitudes. In cyclic loading tests 
a relatively uniform accumulation in axial, lateral and volumetric strain follows by a rapid strain 
increase as it heads towards failure. In addition, during cyclic loading a continuous degradation in the 
tangent Young’s modulus until beginning of large plastic deformation was observed. Stiffness 
decreases rapidly during few cycles before the failure. Poisson’s ratio generally increases during cyclic 
loading and increases significantly when the sample approaches to failure. Moreover, damage 
increased with an increase in unloading stress level and unloading amplitude. Finally, it was 
concluded that fatigue life of a confined specimen is longer than a sample without confinement.  
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ABSTRACT 

A new park facility is under construction on the Harbour foreshore near Sydney’s CBD.  The park aims to 
re-create the former natural shoreline, and will provide an iconic venue for leisure and cultural activities.  
The architectural design of the park required a sandstone block foreshore that matches existing 
sandstone outcrops throughout the harbour areas.  The sandstone used to construct the foreshore is site-
won Hawkesbury Sandstone extracted from an excavation near the centre of the site. This paper presents 
a summary of the approach used by the geotechnical team to advise the main contractor on the quality of 
the quarried sandstone.  The assessments formed part of a quality control process specifically developed 
for the sandstone blocks. The use of simple field and laboratory tests is described and the site-specific 
correlations developed for intact rock strength are presented.  The findings from durability testing, as well 
as historical information on sandstone use in marine environments in the Sydney area, are also 
discussed. 

Keywords: geotechnical testing, durability, sandstone, quality control, classification 

1 INTRODUCTION 

In September 2012, construction work began on the development of the Barangaroo Headland Park at 
the site of the former container wharves on the Sydney Harbour foreshore west of Sydney’s CBD.   The 
project entails construction of a 6 hectare, naturalistic park that aims to re-create the former natural 
headland shoreline around The Rocks area of Sydney. The design of the park includes two key 
architectural features: (i) a large, enclosed Cultural Space bounded by an existing sandstone vertical 
cutting (landward side) and a new counterfort wall structure (seaward side), inclusive of two basement car 
parking levels; and (ii) a foreshore constructed of rectangular sandstone blocks arranged in a stepped 
manner to form a graded slope.  A site location plan is shown below. 

The architectural design of the foreshore revetment required 
that sandstone be employed, ideally matching the 
Hawkesbury Sandstone formation that is exposed on the 
headlands around much of Sydney.  Indeed, the project site 
is underlain by Hawkesbury Sandstone, and it is also 
exposed along the historic, vertical cutting that defines the 
eastern boundary of the project site.  There was thus 
opportunity for the main contractor to use site-won 
Hawkesbury Sandstone extracted from the Cultural Space 
excavation. 

The park development, including the foreshore, has a design 
life of 100 years.  This requirement raised some concerns as 
to the use of sandstone rock, specifically, as a foreshore 
revetment in a marine environment.  Although there are a 
number of historical, harbour-facing seawalls constucted of 
sandstone around Sydney’s harbour that are still in 
reasonably good shape, there is a lack of in-depth study on 
the general durability of sandstone (and in particular 
Hawkesbury Sandstone) in a marine foreshore environment.                                                                                         

In view of the above, a project-specific sandstone block 
quality specification was developed by the contractor with the 

                                                                                                        Figure 1.  Site location plan 
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support of the geotechnical advisor team that aimed to provide a practical means of assessing the likely 
long-term durability of the sandstone blocks.  This paper describes the process adopted for this purpose 
during construction and the test methods and index parameters employed to derive a quality control block 
classification, or grading, in terms of optimum placement along the foreshore.                                                                   

2 SANDSTONE BLOCK REQUIREMENTS AND SPECIFICATION 

2.1 Sandstone Block Requirements 

The sandstone block foreshore was designed using 3D modelling software, with each block individually 
assigned an identification number.  The typical block dimensions and numbers obtained from the 
excavation works and subsequent processing are as indicated in Table 1 below. 

Table 1:  Typical sandstone block dimensions and numbers 
Block Type Typical Block Dimensions Final Quantities 

Primary (or Birthing) Block      
(as extracted from excavation) 

Length: up to 6m 
Width:  750mm and 1000mm 
Depth: 1300 to 1400mm (determined by 
saw size) 

3897 primary blocks 

Processed Blocks              
(many primary blocks were cut 
lengthwise to increase yield) 

Length: up to 4m 
Width: 750mm and 1000mm (not changed) 
Depth: 400mm to 1300mm  

7564 processed blocks 

 

2.2 Sandstone Quality Specification 

A Sandstone Quality Specification was developed by the main contractor with input from various 
specialists, including the contractor’s geotechnical advisor, the quarrying contractor, the stonemasons, 
and the client’s advisors.  The Specification presented a flow chart process that resulted in a final grading 
for the individual primary blocks, before final processing (saw-cutting and trimming) by the stonemasons.  
The grading classification adopted is a simple, two-code, grading based on final placement: N or S (for 
North or South zones); and Dry (for land placement above the Highest Astronomical Tide (HAT) level, or 
Wet (for submerged blocks below Lowest Astronomical Tide (LAT)), or Tidal (placed between LAT and 
HAT).  A summary of the flow chart process is presented in Table 2 below. 

Table 2:  Flow chart process for sandstone block grading 
Flow Chart 

Process 
Verification Methods Grading Assessment Secondary Processes and 

Testing 

Step 1 Random testing of primary 
block using Schmidt Hammer     
(correlated UCS strength) 

Visual inspection (spot checks) 
by geotechnical consultant 

For UCS < 15 MPa: DRY 
grading 

For UCS ≥ 15 MPa: apply 
secondary processes prior to 
final grading 

Check of correlated UCS 
values with laboratory UCS 
and Point Load Index tests 
on recovered core samples 

Step 2 For blocks with UCS ≥ 15 
MPa. Determine appropriate 
secondary process that will 
help improve durability. 

For blocks containing defects  
that can be improved 
significantly by secondary 
process >  WET or DRY grading 
(assessed depending on volume 
requirements) 

For blocks with no defects, 
assign TIDAL grading 

These include trimming to 
remove: 

- weak seams 
- open bedding planes 
- jointing (split block at joint) 
- removal of shale inclusions 

Step 3 - - Final cutting and trimming by 
Stonemasons 

 

2.3  Approach to Durability Assessment 

The assessment of durability, in terms of placement on the foreshore, as defined in the Specification 
relies primarily on the assessment of intact rock strength and whether or not an individual block can be 
improved by trimming and removal of significant defects. 
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Due to construction program constraints, assessment of durability by laboratory test methods did not 
provide an input to the grading process. Nevertheless, the Specification did include durability testing as a 
means of validating the grading process as well as previous durability testing reported in a previous 
geotechnical report. Table 3 below lists the tests specified for this purpose. 

Table 3:  Durability test methods adopted for validation purpose 
Test Type Test Method Sample Procedure 

Sodium Sulphate 
Soundness    (salt-
attack) 

AS 1141.24:  this is an aggregate test 
that involves submitting the 53mm minus 
crushed fraction to 5 cycles of wetting-
drying in 35% anhydrous sodium 
sulphate solution to measure % loss 

Approximate 2-3kg of rock sample 
required (this was trimmed from selected 
blocks) 

Point Load Index ASTM standard method on cylindrical 
cores obtained from selected primary 
blocks 

50mm diameter cores, 50 to 60mm 
length.  Tests were carried out on both 
soaked and dry samples. 

UCS rock strength AS 4133.4.2 On 50mm diameter cores. 

Dry Bulk Density and 
Moisture Content 

AS 4133.2.1.1 50mm diameter cores, 50 to 60mm 
length 

Particle Density and 
Mean Water Absorption 

AS 1141.6.1 2-3kg of rock sample (trimmed from 
selected blocks) 

 

The Sodium Sulphate Soundness test method (AS 1141.24) was specified because the Australian 
Standard for armourstone (AS 2758.6-2008) recommends this particular test method for assessing the 
risk to saltwater attack for water-facing, armourstone applications.  However, the Standard was not 
specified for the sandstone block revetment (its primary function is not protective, but aesthetic).  As a 
guide, it does provide some useful recommendations for assessing durability: 

 Based on an Exposure Risk Classification of Low / Moderate / High (where any salt water 
exposure is either Moderate or High), sedimentary rock (which includes sandstone) is considered 
unsuitable (as armourstone) for any risk category other than Low;  

 In terms of Sodium Sulphate Soundness test, in a High Risk situation the % Loss should be ≤ 6% 
and for Moderate Risk situations it should be ≤ 9%; and 

 In terms of durability, AS2758.6 recommends the Wet/Dry Strength Variation test (AS1141.24) as 
the best index test to assess durability.  Based on this test, the following limits are suggested: 

- High Risk:  Wet/Dry variation < 25% and the Wet Strength should be > 150 kN 
- Moderate Risk:  Wet/Dry variation < 30% and Wet Strength should be > 100 kN 
 

where the variation is defined as (Ddry –Dwet)/Ddry , as a percentage, with D being a load in kN.  The 
variation is the approximate reciprocal (allowing for differences in test methods) of the Wet/Dry strength 
ratio, defined as the ratio of Wet strength/Dry strength.  Pells (2004) reported that the Wet/Dry strength 
ratio of sandstone samples obtained from a number of breakwaters around Sydney typically range 
between 25% and 50%.  These values imply a Wet/Dry variation of 50% to 75%.  These results generally 
support the AS2758.6 assertion that sandstone is unsuitable as armourstone in marine applications. 

Although recommended as a durability test, the Wet/Dry variation test was not specified in the Sandstone 
Quality Specification (due to the time required to conduct the test).  Nevertheless, a total of 5 tests were 
carried out during the early works stage to obtain indicative values for the sandstone.  For general 
durability assessment, a project-specific method was adopted to obtain indicative Wet/Dry strength ratios 
based on Point Load Index testing of core samples tested dry and wet after soaking overnight. 

3 SANDSTONE EXTRACTION PIT 

3.1 Overall Dimensions of Main Excavation 

The main part of the basement excavation (excluding access ramps) is approximately rectangular in plan 
with overall dimensions of 117m by 36m and designed to accommodate two basement car park levels as 
well as sub-excavations for water storage and pump rooms.  The design base of the excavation at the 
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lower basement floor is approximately 7.2m below original surface level.  The original ground elevation 
across the site was +3.2 m AHD.  Allowing for about 0.5m of fill above the existing bedrock surface, the 
anticipated rock volume from the main excavation was approximately 37,000 m3.  

3.2 Extraction Pit Ground Model 

The findings from previous geotechnical investigation reports formed the basis for the preliminary ground 
model of the Cultural Space excavations.  A total of 21 boreholes evenly spread out across the 
excavation footprint were used to develop the ground model of the extraction pit.  The preliminary ground 
model sub-divided the Hawkesbury Sandstone formation, over the full depth of the excavation, into 3 
main units (identified as Units 1A/B; Unit 2 and Unit 3), based on differences in fabric and composition. 

An approximate 3D model was generated through a series of 2D cross-sections cut through the 
excavation.  Inferred layer boundaries were shown for the 3 main Hawkesbury Sandstone rock units 
identified in previous studies.  One such cross-section, aligned N-S near the western edge of the 
excavation, is shown in Figure 2 below. 

 

Figure 2.  N-S ground model cross-section for excavation area 

The characteristics of the 3 main Hawkesbury Sandstone units, as defined in previous geotechnical 
reports and from examination of available borehole rock core samples, are described in Table 4 below. 

Table 4:  Sub-division of Hawkesbury Sandstone formation adopted for project site 
Unit General Description Petrographic features Sandstone Class a 

1 1A (upper 3-5m):  yellow-brown to red-
brown, medium to coarse grained, 
banded and cross-bedded, with shale 
interlayers up to 1m thick.  Typically iron-
stained.  

1B (lower 1-2m): becoming grey to buff 
coloured, iron staining less evident 
(except along sub-vertical joints) 

Quartz-rich sandstone with significant 
secondary quartz overgrowth.    
Clay/Illite/Mica content 3-11%;       
Siderite content < 1.5% 

 

Class III to II 

2 Yellow to off-white, generally massive, 
fine to medium grained. Colloquially 
known as “Yellow Block” (used in building 
industry as dimension stone) 

Quartz-rich, argillaceous sandstone 
with moderate quartz overgrowth. 
Clay/Illite/Mica content 19-20%;   
Siderite content 5-6% 

Class II to I 

3 Grey to buff coloured, cross-bedded, 
medium grained (similar to sub-Unit 1B) 

Quartz-rich, argillaceous sandstone 
with significant secondary quartz 
overgrowth. Clay/Illite/Mica content 
16-17%;       Siderite content  2-3% 

Class II to I 

a based on Bertuzzi and Pells (2002) 
 
Based on the ground model and the design depth of the excavation, it was expected that the bulk of the 
excavation would be in Unit 1, with a few metres penetration into Unit 2 near the base.  
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4 EXCAVATION PROCESS 

4.1 Pre-cut Trenches and Mapping 

The geological ground model of the extraction pit was continuously checked and updated as the 
excavation progressed, achieved by regular inspection and mapping of both the vertical side cuts and the 
floor of the excavation.  The information obtained by this mapping exercise was also used to advise the 
quarrying contractor on the optimum block width (and 
depth) that could be extracted from the current floor 
level. At each extraction level, a few narrow trench cuts 
were sawed across the floor of the excavation to permit 
visual inspection of the rock profile down the depth of the 
cut.  In this way, it was possible to optimise the depth of 
cut to account for any weak seams or bedding joints that 
could naturally split during lifting of the blocks.   

Each extraction layer was quarried in batches of 50 to 
100 primary blocks in a sweep fashion across the floor of 
the excavation.  On extraction, each block was assigned 
a unique identification number for tracking purposes.  
The system thus ensured complete traceability from 
extraction to final placement. 

Six extraction levels were ultimately required to reach 
the base of the excavation.  Extraction levels were 
identified by the designation EL-1 to EL-6.  Subsequent 
mapping showed that extraction levels EL-1 to EL-4 
were in Unit 1 sandstone, with Unit 2 sandstone 
intersected in extraction levels EL-5/6. 

4.2 Spot Checking and Preliminary Grading 

A preliminary placement grading was assigned by the 
quarry contractor during the extraction process when the 
blocks were individually assigned a tracking number.                  Figure 3. View of extraction pit 

The quarrymen’s assessment was based on factors such as wear rate on saw blades, cutting production 
rate, as well as visual assessment of the general extraction layer rock fabric.  The primary blocks were 
then moved from the extraction pit to a temporary stockpile yard.  Whilst the blocks were in stockpile, spot 
checking of individual blocks was carried out by a geotechnical engineer.  The spot checks were done in 
batches with the aim of visually checking around 10% of primary blocks obtained from each extraction 
level.  A detailed geotechnical inspection report was produced for each batch, where notes were included 
for the attention of the stonemasons highlighting any weak zones, seams or jointing that should be 
trimmed off during the secondary processing.  At this point in the process, core samples were obtained 
from individual blocks (for subsequent laboratory strength testing) in addition to random rock strength of 
checked blocks using a Schmidt Hammer tool.  Based on the results of the spot checking, the 
geotechnical engineer determined a placement grading for each block inspected, and this grading was 
entered into the contractor’s quality control register.                                                                                                           

The main contractor ultimately decided the appropriate placement grading for all the blocks in any batch 
based on the spot check reports from the geotechnical engineer, and the quarrying contractor and 
stonemason’s assessments.  All blocks were individually marked with the assigned placement grading by 
the stonemasons following the secondary processing (at end of Step 2 in Table 2 above). 

5 SANDSTONE BLOCK TESTING 

5.1 Schmidt Hammer testing 

An L-type Schmidt Hammer was used during spot checking of primary blocks for the purpose of obtaining 
a quick, on-site estimate of the sandstone intact strength.  For this project, a site-specific correlation 
between UCS strength and the dimensionless Schmidt Rebound Hardness index (“Rh”) was adopted 
based on the results of Schmidt Hammer testing of recovered rock cores obtained during spot checking of 
blocks from the first four extraction layers.  Furthermore, a project-specific methodology was adopted for 
determination of the Rh index from a single test.   A single Schmidt Hammer test consisted of 10 
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consecutive readings from the same spot on the rock core or block face. Analysis of the test data 
revealed that measurements became uniform after the first 2 to 4 readings.  In view of this, for 
consistency, only the last 6 readings were used to obtain an average.  In addition, for each test dataset, a 
mean (averaged) value as well as an upper-bound and lower-bound (averaged) value was derived using 
statistical analysis.  Tests were done both axially and diametrically on the core samples. 

The correlation was obtained by comparing the results of 12 no. UCS tests on individual cores against the 
statistically analysed results of Schmidt Hammer tests on the same corresponding cores.  From this 
correlation the following general relationship was derived for the site-won sandstone: 

UCS = [Rh – 24] in MPa  (valid for Rh range 35 to 60) 

In total, 407 sets of Schmidt Hammer tests were carried out on sample blocks from all six extraction 
levels. The correlated UCS values obtained from these tests, using the correlation described above, 
ranged from 5 to 32 MPa with a mean value of 22 MPa.  The mean UCS strength corresponds 
approximately to medium to high strength rock using the AS1726 rock strength classification.  Of the total 
407 results, only a small number (about 14%) produced values of 15 MPa or less.  The above UCS 
strengths are generally typical of the range attributed to Class III sandstone (or better) from Pells (2002) 
classification, where weathering is generally limited to discontinuities in the rock mass.  The Schmidt 
Hammer data was entered into a separate QC database that was used by the contractor to adjust the final 
grading of individual blocks (in terms of Dry, Wet or Tidal placement). 

5.2 Point Load Index testing and laboratory UCS testing 

As with the empirical, site-specific correlation obtained for the Schmidt Hammer Rh index, a similar 
correlation was derived between the laboratory UCS rock strength and the Point Load index (axial 
readings).  A total of 11 sets of results were analysed and these revealed a wide scatter in the UCS/Is(50) 
ratio of between 8 and 22.  The mean value is 13 and this was adopted for the site-won sandstone.  This 
ratio is somewhat lower than the widely used indicative value of 20 suggested by Pells (2004) and others 
for Hawkesbury Sandstone, although these also vary significantly.  The lower range derived from the 
sandstone at this site may be attributed to the weathering grade of the Unit 1 layer (Class III sandstone, 
generally, with much evidence of oxidation), from which most of the UCS test data was obtained. 

The Point Load Index test was used primarily to assess the Wet/Dry strength ratios from testing rock core 
samples recovered during spot checking.  The samples were tested generally dry (not oven-dried, but at 
natural moisture content typically < 2.7%), and also after immersion in water for a minimum period of 12 
hours (saturated). 

Figure 4 shows the distribution of Wet/Dry strength ratios obtained from testing of rock core samples from 
the six extraction levels.  The trendlines show the ratio varies between 60% and 90% for the Unit 1 
sandstone recovered from levels 1 to 4, reducing to between 30% and 50% in levels 5 and 6 (in Unit 2, or 
“Yellow Block” sandstone).  This range is higher than that quoted by Pells (2004) for Sydney sandstones, 
but is better aligned with the estimated range of 60% to70% for cemented medium strength rocks 
suggested by Romana & Vásárhelyi (2007).  

 

Figure 4.  Wet/Dry strength ratios from Point Load Index tests on core samples. 
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5.3 Durability suite of tests 

A limited number of durability suite of tests were carried out primarily for validating the strength and visual 
inspection approach to block grading adopted for quality control. 

The rock strength test data has been discussed in the preceding sections.  A summary of the remaining 
tests carried out is presented in Table 5 below. 

Table 5:  Summary of durability suite of tests (excluding rock strength testing) 

Extraction 
Level 

Particle Density 
(t/m3) 

Mean Water 
Absorption 

(%) 

Sodium Sulphate 
Soundness Loss (%) 

Bulk 
Density  
(t/m3) b 

Natural 
Moisture 
Content 

(%) 

Wet/Dry 
Variation 

(%) Dry SSD a 

1 to 6 2.15 
to 

2.37 

2.27     
to     

2.47 

4.0 to 5.9 Level 1: 14.8             
Level 2: 48.1; 2.5       
Level 3: 20.5              
Level 4: 31.0; 3.0      
Level 5: 8.3               
Level 6: 28.8; 26.0; 45.3 

1.04 to 
1.25 

1.7 to 2.7 51 to 80 

a refers to surface-dry saturated density after 24hrs immersion;   b uncompacted, obtained after crushing sample. 
 
The density and moisture content data obtained is typical of relatively unweathered sandstones in the 
Sydney area.  For armourstone applications, AS 2756.8 recommends that the dry particle density should 
be greater than 2.6 t/m3 and the mean water absorption not exceed 1.5%.   The results show that, as 
expected, sandstone is generally not a suitable armourstone rock type.  The mean water absorption of 
sandstone reflects a relatively high porosity and thus susceptibility to salt penetration in marine 
environments. The Wet/Dry variation percentages are in the 50% to 80% range, which are high values, 
although again not unexpected for sandstone.  As stated in section 2.3, the AS2756.8 armourstone 
specification recommends that this value should not exceed 35% even in a low risk situation. 

The results of the sodium sulphate soundness tests (using the AS 1124 method) are shown graphically in 
Figure 5 below, together with data from previous reports (using the AS/NZS 5546 method).  As can be 
seen, there is a wide scatter in the data, with most results exceeding 10% loss.  Nominal upper-bound 
threshold values of 1% and 5% were assumed for low and high risk environments, respectively, based on 
the AS 2756.8 armourstone specification recommendations.        

 

Figure 5.  Sulphate Soundness tests per extraction level (historical and current data) 

 

6 COMMENTS ON DURABILITY ASSESSMENT 

The results from the durability suite of tests described above generally confirm that Hawkesbury 
sandstone is not a preferred rock type for marine, armourstone applications.  However, the data itself is 
not an accurate predictor of the rate and form of deterioration that can be expected in a marine and/or 
salt-rich environment.  There is ample practical evidence of the resilience of Sydney sandstone from 
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existing seawalls around Sydney Harbour that are over a century old and still in reasonable good 
condition.  Furthermore, Hawkesbury Sandstone and in particular the “Yellow Block” formation, has been 
used historically since the 19th century as a desirable building stone in many Sydney historic buildings. 

In a recent publication, E. McSkimming (2011) presented an overview on durability of sandstone as a 
building stone, as well as the results of a study on two exterior samples of “Yellow Block” extracted from 
the Australian Museum in Sydney (founded in 1827).  The study highlights the following observations: 

 Degree of saturation and porosity (the latter being related to mean water absorption) are poor 
indicators of durability;  

 Repeated wetting and drying with saline water, as would occur in the Tidal zone, has the most 
pronounced effect on erosion and deterioration; 

 Rock density is a poor indicator of durability; 

 The sodium sulphate soundness test, although a useful indicator of susceptibility to salt attack is 
not a conclusive indicator of durability, as other factors can have a contributing effect to 
deterioration; 

 The UCS strength (dry) and the Wet/Dry strength ratio are considered to be the most useful and 
practical indicators of long-term durability. 

In conclusion, the results of the durability suite of tests undertaken on a selection of samples of the site-
won Hawkesbury Sandstone are comparable with similar, but limited data from previous studies and 
confirm that the sandstone is not particularly suited for marine, armourstone applications.  However, the 
requirement for this project was for a sandstone foreshore that matches the existing façade of the 
Hawkesbury Sandstone rock cuttings and exposures in the area.  A key premise of the design is that, 
although some deterioration of the sandstone block foreshore would be expected over the 100-year 
design life, this should not be to the extent that the functionality of the foreshore revetment is comprised. 

Anticipating from the onset the known durability properties of sandstone, a Quality Control process was 
developed and implemented during the sandstone block extraction operations that aimed to quantitatively 
and qualitatively assess and screen every batch of blocks extracted and apply a grading in terms of final 
placement.  As part of this, simple and practical geotechnical field and laboratory test methods were 
applied, supplemented by visual inspection of individual blocks to assess zones of weaknesses and/or 
defects. The process relied on UCS rock strength as the key geotechnical indicator and helped to ensure 
that the best quality blocks were selected for placement in the Tidal zone of the foreshore, this being the 
most aggressive zone.  
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ABSTRACT 
 
The Tauranga Eastern Link project is a 22km length of Road of National Significance from Te Maunga 
to Paengaroa.  The project included over 13km of embankments constructed on very soft, highly 
compressible peats and estuarine silt alluvium within the Tauranga/Maketu Basin with up to 4.5m 
recorded settlement.  The embankments were surcharged to reduce the residual long-term settlement 
to an acceptable level.  It is one of the most extensive use of surcharged embankments over peats for 
motorway projects in New Zealand.  The Tauranga/Maketu Basin peats geologically are normally 
consolidated, however soil behaviour shows that they are slightly over-consolidated.  This over-
consolidation is most likely due to secondary compression and aging effects.  This paper presents the 
design procedures for determining the depositional age based on embankment settlement data.  
Effects of depositional rate, stress history and ground water level fluctuation are considered. 
 
Keywords: Peat, creep, secondary consolidation, delayed compression, pre-consolidation pressure, 
over-consolidation ratio. 
 
 
1 INTRODUCTION 
 
The Tauranga Eastern Link (TEL) design-construct project is a 22km length of Road of National 
Significance from Te Maunga to Paengaroa which was awarded to the Fulton Hogan HEB 
Construction Alliance by New Zealand Transport Agency. 
 
The site is situated in between Te Maunga to Paengaroa and bypasses Te Puke town centre to the 
northeast.  The motorway is designed to carry 4 lanes of traffic at a design speed of 110km/hr.  The 
site is underlain by an alluvial deposit including up to 9m of highly compressible peats and 15m of 
very soft estuarine silts. 
 
Fulton Hogan HEB Construction Alliance, on the advice of Gaia Engineers Ltd (formerly Peters and 
Cheung Ltd) acting as specialist geotechnical consultant to the lead consultant, URS, made the 
decision to preload and surcharge the alluvium to reduce residual settlements to an acceptable level.  
Six trial embankments were constructed and monitored to establish settlement design parameters.  
Based on the information gained from the trial embankments, ground improvement including 
surcharging up to 5m thick was employed.  A typical cross section of the TEL embankment is shown 
in Figure 1. 

 
Figure 1. Typical Cross Section of Surcharge Embankment at TEL 
 
Surcharging was found to be effective and economical for the ground conditions along the proposed 
motorway.  13km of the 22km motorway was preloaded and surcharged with surcharge periods 
generally around 9 months.  Preload settlement up to 4.5m was recorded but generally smaller 
settlements between 1m to 2m were recorded.   
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During the construction of the embankments, an apparent over-consolidation of both peats and silts 
was observed.  This paper presents the settlement back-analysis for the embankments specifically 
focused on the apparent over-consolidation ratio of the highly compressible, very soft alluvial peats. 
 
2 GEOLOGICAL SETTING 
 
With reference to the published geology it can be seen that the wider Maketu Basin consists of a 
Pleistocene Age, predominantly alluvial or estuarine basin which has in-filled during a period of rapid 
tectonic subsidence.  The basin infill consists of a series of reworked terrestrial/volcanogenic and 
estuarine deposits, non-welded distal ignimbrites and airfall Tephra.  During the late Pleistocene and 
Holocene, coastal and alluvial sedimentation has resulted in a series of low terraces, coastal and 
sand dune complexes and associated back-dune swampy environments. 
 
This study is concerned with the upper 20m of relatively recent, very loose sands, firm alluvial silt, 
very soft estuarine silts and surficial highly compressible fibrous peat.  Ground water level across the 
site is generally about 1.0m to 1.5m below the ground surface in summer, lifting to within 0.5m of the 
surface in winter. 

 
Figure 2. Published geological map of the Tauranga to Te Puke region (modified from NZGS Sheet 5 
Rotorua Geological Map of New Zealand 1:250,000) 
 
3 DESIGN PHILOSOPHY 
 
Back-analysis was undertaken with a one-dimensional analysis of the centre-line conditions.  Given 
the relatively large embankment platform compared to the shallow depth of compressible deposits, a 
one-dimensional elastic visco-plastic model was considered appropriate. 
 
The classical expression for strain due to an increase in effective stress for normally consolidated 
soils is given by: 
 

∆
c log

∆
         (1) 

 
where c  ; cc, compression index ; e0, initial void ratio ; and H0, initial soil layer thickness. 

 
The expression for strain due to delayed compression at a constant effective stress is: 
 

∆
c log

∆
          (2) 

where c  , where cα represents the secondary compression index. 

 
All consolidation and creep settlement has been normalised to compressional strain based on the 
initial soil thickness of the layer. 
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In practice, it is often difficult to obtain undisturbed sampling to determine the void ratio of soils, 
especially peats.  As such it was found determining settlements based on strains is much more 
effective as the initial layer thickness can easily be determined through CPT soundings and the 
change in settlement can be easily measured by settlement plate monitoring. 
 
3.1 Compression Index of Large Strain Soils 
 
Compression index is the slope of the strain versus logarithmic effective stress plot.  As demonstrated 
by Bjerrum (1967), if different effective stress points of a soil are allowed to creep for the same set 
time, they will each undergo the same amount and rate of additional strain, irrespective of their 
effective stress states.  This additional strain at constant effective stress is referred to as delayed 
compression. 
 
Typically in determining the compression index, the strain to determine this slope is selected at the 
end of primary consolidation, or when the average degree of consolidation reaches 90%.  Contrary to 
Terzaghi’s theory of 1-D consolidation, for peats, there is a marked reduction in permeability as the 
soil compresses, therefore the time to reach end of primary consolidation increases significantly as 
the soil undergoes strain.  Therefore if two identical peat samples are subjected to different loads, the 
sample subjected to the lesser load will reach end of primary consolidation before the sample 
subjected to the greater load.   
 
There is much debate over exactly when delayed compression commences, however it is generally 
agreed that this it is independent of permeability and that a significant portion of the delayed 
compression strain occurs concurrently with consolidation settlement due to dissipation of excess 
pore water pressure.  Therefore if two identical peat samples are subjected to different loads, the 
sample subjected to the lesser load will reach end of primary consolidation before the sample 
subjected to the greater load.  However, delayed compression will have commenced at the same time 
and rate for both samples.  This means that for the sample subjected to the greater load, a longer 
time will have elapsed to reach end of primary and therefore it will have also undergone more delayed 
compression within the primary consolidation period. 
 
In other words, for peat, the normally consolidated line is not parallel to the creep isotaches for large 
strain soils because of the inclusion of delayed compression during the primary consolidation period.  
This phenomenon is demonstrated in Figure 3. 

 
Figure 3. Site Office Trial Embankment Compression Index of Peat 
 
Therefore in determination of the compression index, the strain selected should be at a consistent 
time which is after the excess pore water pressure has dissipated for the sample which had the 
greatest time to reach end of primary.  
 
Another consideration which should be given for large strain soils is whether to use the initial soil layer 
thickness or the corrected soil layer thickness after compression has taken place.  The peats 
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measured at this site show better correlation using the initial soil layer thickness for fitting the 
compression index. 
 
3.2 Secondary Compression Index of Large Strain Soils 
 
The secondary compression index is the slope of the straight line portion of the strain versus 
logarithmic time plot.  For practical purposes this is generally taken after 90% of the average degree 
of consolidation is reached.  In creep oedometer tests, load is applied instantaneously and the 
logarithmic time is plotted from this moment.  For physical embankments, often a significant amount 
of time has elapsed before the full embankment load is applied.  In determining the secondary 
compression index, it is important for consistency to restart the time to the moment when the 
embankment was completed.  If not corrected, then the slope of the data will be flattened for about 2 
logarithmic time cycles until the data will eventually asymptote to the true secondary compression 
index. 
 
As discussed for determining the compression index for large strain soils, the same consideration 
should be given whether to use the initial soil layer thickness or the corrected soil layer thickness after 
compression has taken place.  The peats measured at this site show better correlation using the initial 
soil layer thickness for fitting the secondary compression index. 
 
3.3 OCR Due to Aging 
 
The process of over-consolidation leading to delayed compression was first formulated by Bjerrum 
(1967) and subsequently developed by Yin and Graham (1989) and Nash and Ryde (2001).  Their 
idea’s express delayed compression settlement as a series of parallel lines on a strain vs. log σ’ plot 
and the equation is given in the form: 
 

	 ∆
         (3) 

 
The over-consolidation ratio due to delayed compression stems from two main concepts, ‘apparent 
time’ and ‘equivalent stress’. 
 
To illustrate these concepts the following example is given.  An embankment is constructed over a 
soil which increases the effective stress state from σ0’ to σ1’.  This embankment, left for a time ∆t, 
undergoes further strain in the form of delayed compression which commences after the creep 
reference time for the soil. 
 

ε 	 c 	. log c 	. log
∆

       (4) 

 
The strain from the delayed compression portion is equal to the consolidation strain that would occur 
if an equivalent stress was placed in addition to σ1’.  The soil becomes over-consolidated with time by 
the same amount as if it had experienced an equivalent stress. 
 

ε 	 	 c 	. 	log
∆

c 	. 	log
∆

	   (5) 

 
Conversely, suppose an embankment with surcharge is constructed over the same soil.  The 
embankment is left for a time t1 and the soil effective stress increases from σ0’ to σ2’ resulting in strain. 
 

ε 	 c 	. log           (6) 

 
The surcharge portion, ∆σ is then released so the soil now has an effective stress of σ1’. 
 

σ1’ = σ2’ – ∆σ          (7) 
 
The strain from the additional surcharge component is equal to the strain if the embankment was 
allowed to undergo delayed compression for an apparent time.  The rate of delayed compression after 
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surcharge removal is the same as if the embankment was allowed to undergo delayed compression 
for an apparent time. 
 

ε 	 c 	. 	log
∆

	 c 	. 	log 	 	. 	log
∆

   (8) 

 
This apparent time can be expressed in the form: 
 

t 	 t 	.
	

	

        (9) 

 
It is this relationship between strain, stress and time which makes it possible to determine the age of a 
soil based on the apparent over-consolidation ratio as given in Equation 3. 
 
4 SELECTION OF SETTLEMENT DESIGN PARAMETERS 
 
Design parameters were based on laboratory tests and field trial embankments.  Due to difficulty in 
sampling peat, emphasis was placed on the back-analysis of the trial embankment settlement data.  
Five trial embankments were constructed in advance of the main motorway embankment construction 
and monitored for 1 year.  These trial embankments were instrumented with settlement plates, anchor 
extensometers and piezometers.  The surficial peat settlement was differentiated from the lower 
estuarine silt and sand settlement.  A cross section of the instrumentation used to monitor the Site 
Office Trial Embankment is shown in Figure 4.  This paper focuses on the data recorded and back-
analysed from the Site Office Trial Embankment. 

 
Figure 4. Site Office Trial Embankment Instrumentation Cross Section 

 
5 SITE OFFICE TRIAL EMBANKMENT 
 
The site office trial embankment comprised the following key features: 

- Three 13m by 17m cells construction with 2m, 3m and 4m thick of material γbulk = 21.3kN/m3; 
- Surficial fibrous peat 2.7m thick beneath a 0.3m thick stiff topsoil crust; 
- Loose alluvial sand underlain by deep, slightly over-consolidated estuarine silts; 

 
5.1 Settlement Monitoring Data 
 
In the peat, primary consolidation settlements of 0.71m, 0.98m and 1.20m were recorded respectively 
for the 2m, 3m and 4m cells. 
 
In the peat, creep settlements of 0.060m, 0.065m and 0.060m were recorded respectively for the 2m, 
3m and 4m cells between the period 200 days until 500 days after construction.  
 
5.2 Parameter Back-Analyses 
 
A compression index, ccε of 0.59 to 0.63 was determined from the straight line portion on the strain 
versus log effective stress plot.  
 
To determine the ccε, strain for each cell was select 200 days after the embankment was completed to 
ensure the majority of excess pore water pressure had dissipated.  This was also cross-checked with 
the strain after 500 days which gave a parallel line indicating its correctness.  In addition, the 
preconsolidation point has been included which indicates a recompression index, crε of 0.07. 
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To determine the secondary compression index, cαε the difference in strain from day 200 until day 500 
was measured.  This recorded the same difference in strains for each cell.  A cαε of 0.05 was selected 
based on Figure 5. 

  
Figure 5. Site Office Trial Embankment Secondary Compression Index of Peat 

 
5.3 Determination of OCR 
 
From the excess pore water pressure and settlement monitoring data, a significant change was only 
noted once the embankment fill exceeded 0.5m thick, or when the effective stress at the centre of the 
peat exceeded 22.7kPa.  This equates to an OCR of 1.8 based on initial effective stress of 12.5kPa. 
 
Nine CPTs and four hand augers with vane shear testing were carried out across the site and used to 
determine the undrained shear strength of the peats as shown in Figure 6a.  For a normally 
consolidated soil, its undrained shear strength increases proportionally with increasing effective stress 
at depth.  This fundamental concept is discussed in detail by Bjerrum (1967): 
 

≅ 0.22	OCR          (10) 

 
Based on this undrained shear strength to effective stress relationship, an OCR in the order of 1.8 to 
2.2 was determined for the peats as shown in Figure 6b.  This matched very well with the OCR 
determined through settlement and excess pore water pressure measurements. 

 
Figure 6. Site Office Trial Embankment a) Undrained Shear Strength of Peats and b) Inferred Over-
Consolidation Ratio of Peats. 

 
5.4 Settlement Monitoring Curve Fit and Reference Time 
 
In order to curve fit the monitored settlement presented in Figure 7 in keeping with the terminology 
used by Bjerrum (1967), we have added the recompression settlement, instant compression 
settlement and delayed compression settlement. 
 
Recompression settlement of 50mm was measured from the initial stage of loading which made up 
the initial settlement portion up until the preconsolidation pressure. 
 
Instant compression settlement (similar to primary consolidation) is purely a function of effective 
stress and the compression index.  Continuous pore water pressure measurements enabled the 
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effective stress to be known at each moment in time.  This eliminated the uncertainty of the cv 
changing with strain and a soil not conforming with Terzaghi’s degree of consolidation assumptions. 
 
Delayed compression is based on the secondary compression index, logarithmic time and the 
reference time.  The only unknown was the reference time and this was adjusted to curve fit the data.  
Based on a reference time between 30 to 100 days, a reasonable curve fit, shown in Figure 7, was 
established. 

 
Figure 7. Site Office Trial Embankment Settlement Curve Fit 
 
Although the curve fit was reasonable, it was quite sensitive to the parameters selected.  In 
determining the settlement predictions for the 13km of Tauranga Eastern Link embankments over soft 
ground, an excellent curve fit was established using a simplified approach which ignored the pre-
consolidation pressure and linked the reference time to degree of consolidation.  This indicates there 
is further research to be carried out on the most appropriate settlement prediction method for large 
scale projects involving embankments on soft ground. 
 
5.5 Age Determined By OCR 
 
Based on the reference time established through curve fitting and OCR, the age of a deposit is able to 
be determined.  The age of the soil is given by: 

Age 	 t 	. OCR
	

        (11) 
 
An age of between 1600 years to 3100 years was calculated for the peat based on its back-analysed 
soil parameters. 
 
In cases where the ground water table used in back-analyses is abnormally low, this would alter the 
results as follows:   

A) The soil would have a higher initial effective stress than measured; 
B) The apparent over-consolidation ratio would be lower; 
C) The reference time, cαε, crε and ccε parameters would remain the same; 
D) The back-analysed age of the soil would be younger.  

 
In this instance, the back-analysed age, would represent then duration that the soil has been exposed 
to the higher initial effective stress.   
 
For deeper, older deposits, the back-analysed age, would represent the time of the most recent 
significant increase in effective stress; often due to a subsequent deposition. 
 
6 RADIO-CARBON DATED VERIFICATION 
 
Remnant wood fragments from peat deposits were radio-carbon dated at the University of Waikato. 
Results of the radio-carbon dating are as follows: 

- Peat sampled 1.0m deep at the Site Office Trial Embankment site: 3300 years old; 
- Peat sampled 0.6m deep adjacent the Kaituna River Trial Embankment site: 2000 years old; 
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- Peat sampled 1.2m deep adjacent the Parton Road Trial Embankment site: 3400 years old. 
- Peat sampled from a spoil stockpile of 3m deep excavation near the Domain Road Trial 

Embankment site: 1600 years old. 
 
These measured ages agree well with the predicted age based on the over-consolidation ratio which 
demonstrates that Bjerrum’s theory (1967) is valid.  However, there is a high degree of sensitivity in 
the result, which indicates there is further research to be carried out on the theoretical reference time 
soil parameter. 
 
7 DISCUSSION & CONCLUSIONS 
 
Key findings from the project are discussed below: 

- Superimposed instant compression and delayed compression settlement provide a 
reasonable curve fit where settlement parameters are known. 

- In practice, settlement normalised to strain and initial soil layer thickness rather than the initial 
void ratio are more easily measured. 

- Aged normally consolidated deposits display an apparent over-consolidation ratio. 
- The apparent over-consolidation ratio can be calculated from the undrained strength and 

effective stress relationship. 
- In highly compressible soils, cv changes significantly with strain therefore the calculated cc 

should be based on strains measured at consistent times which are beyond the end of 
primary for each stress-strain point. 

- Reference time can be back-calculated where the effective stress with time is monitored and 
other settlement parameters are known. 

- There is further research to be carried out on the reference time to enable better curve fitting 
of monitored data. 

- The age of the most recent significant soil deposit, or increase in effective stress, can be 
calculated based on the over-consolidation ratio of the soil. 
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ABSTRACT 
 
The Memorial Park Alliance was formed in 2012 to design and build the Pukeahu National War 
Memorial Park in Wellington.  The project includes a ‘cut and cover’ tunnel for the under-grounding of 
a section of SH1 to provide space for the new park. 
 
At the investigation stage of the project, a geological model was developed. The subsurface geology 
consist of a deeply weathered greywacke rock ridge with two valleys either side. The valleys are in 
filled with Pleistocene age alluvium. Construction of the underpass uncovered several non-typical 
geological features and materials that had implications on the tunnel design. These included localised 
soft soils on the rock alluvium boundary, deep weathering of the greywacke rock and aligned clay/silt 
filled cracks within the surficial alluvium. 
 
The purpose of this paper is to describe the geological materials and features encountered at the site. 
The paper has been produced to support the geological aspects of associated papers presented by 
Christie et al. 2015 and Glue et al. 2015. 
 
Keywords: geology, greywacke, investigations, memorial park 
 
1 INTRODUCTION 
 
The Pukeahu National War Memorial Park in Wellington will be created as the Government’s key 
project to acknowledge the Centenary of the First World War. The project includes the undergrounding 
of Buckle Street, to remove the traffic that currently separates Memorial Park from the National War 
Memorial. The park is due to open in April 2015. 
 
A detailed geotechnical site investigation programme was undertaken in order to develop a ground 
model to support the design. During construction, the geological ground model was verified and 
refined by way of systematically logging and recording the excavation as it progressed. The geological 
ground model interpreted from investigations was generally consistent with the conditions encountered 
during excavation. However, construction observations revealed localised features and materials that 
had a significant effect on the overall design of the underpass. These features are discussed in this 
paper. 
 
2 GEOLOGICAL GROUND MODEL 

The geological ground model was developed by a combination of a desk top review of existing 
information, and a detailed site investigation programme. 
 
The published geology by Begg & Mazengarb 1996 and also work by Semmens 2010 were reviewed 
prior to scoping an investigation programme. Borehole data from previous investigations in the 
immediate vicinity of the site was also reviewed. The geology of the site is shown in Figure 1 (taken 
from Semmens 2010).  
 
Previous investigations at the site included work completed in 1991 as part of the Tunnel Link for the 
Wellington Motorway Extension, Terrace Tunnel to Mt Victoria Tunnel (Works 1991). New 
investigations undertaken for the Memorial Park project built on all the existing data. 
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Figure 1. Geological Plan (Semmens 2010)  

Following a review of this information, targeted investigations aimed to fill gaps across the site, and to 
develop a ground model under critical buildings (i.e. the old Police Barracks on the corner of Buckle 
Street and Tasman Street). Specific investigation techniques included cored boreholes, sonic 
boreholes, CPTs and Seismic CPTs, test pits and extensive laboratory testing.  
 
Based on our investigations, the ground model comprises a deeply weathered Greywacke Sandstone 
ridge across the middle of the site (dipping to the north at 10 to 20°). On either side of the rock ridge 
are paleo valleys that have been progressively filled with alluvial deposits. There is a mantle of 
weathered colluvium/regolith on top of deeply weathered Greywacke and the site is then topped by 
variable thicknesses of manmade fills. A long section of the geology along the tunnel length is shown 
in Figure 2. 
 

 
Figure 2. Simplified geologic ground model (long section) 

By drawing geological sections through the investigation data, the model in Figure 2 infers that the 
greywacke slopes are relatively uniform in shape and profile. In reality, the greywacke slopes comprise 
a series of ridges and valleys that without intense and concentrated investigations, are difficult to 
identify.   
 
3 GEOLOGICAL MATERIALS 
 
Assorted geological materials were encountered during the investigations and construction phase. 
These are summarised below. 
 
3.1 Manmade Fill  
 
Manmade fill soils are widespread across the site. They are typically sandy or silty gravels. They vary 
in depth ranging from 0.2m to 2.4m. Historic images, publications and construction observations 
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identified various human activities have occurred across the site to create these fill soils. Some of 
these activities include building construction and basement infilling after buildings have been 
demolished, the installation of buried tanks, the construction of brick culverts over stream channels 
and the Buckle Street road and War Memorial construction.  
 
3.2 Colluvium  
 
Thick colluvium deposits are present in localised gullies, one example being between the Buckle 
Street police barracks and the War Memorial. These deposits are typically medium dense, brown 
sandy or silty weathered gravels.  
 
More widespread, is a mantle of colluvium located on the very top and on the western slope of the 
ridge that is extremely weathered and pink in colour (Figure 3). Te Punga 1964 suggests that pink 
weathering is likely to be the result of a paleo environment much warmer and wetter than that of today 
with the pink colour attributed to hematite created by the oxidation of metals in the soil.  
 

 
Figure 3. Soil profile on the top of the rock ridge including the pink weathered colluvium 

3.3 Pleistocene alluvium 

The valleys on either side of the Greywacke ridge have been progressively filled with Pleistocene age 
alluvium (Begg & Mazengarb 1996). For simplicity, the alluvium has been divided into upper and lower 
alluvium. These deposits are separated by age and colour.  

3.3.1 Upper Pleistocene alluvium 

The upper Pleistocene deposits are interbedded yellow-brown low to high plasticity silts, medium 
dense and dense sands and beds of dense silty gravels. They are normally to slightly over 
consolidated. The deposits are typically 2 to 5m thick. Based on carbon dating, their age varies 
between 10,000 to 30,000 years old, indicating they were deposited around the time of the last 
glaciation (Pillans et al. 1993).  

The carbon dating indicates there has been large breaks in time between the deposition of the 
different beds in this deposit. The layers have a shallow dip of less than 5° away from the ridge (i.e. to 
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the NE and NW). As these materials were deposited at a time when the climate was colder and sea 
levels lower, they are likely to represent a mixture of alluvial and lacustrine (lake type) deposits. Within 
these deposits are aligned clay filled cracks that penetrate down into the layers below (refer Section 
4.1). 

3.3.2 Lower Pleistocene alluvium 

Below these yellow-brown silts and gravels are blue grey inter bedded stiff-very stiff/hard, over 
consolidated silts, medium dense to dense sands and very dense weathered gravel beds. Localised 
beds of soft plastic brown grey silt with organics are also present at the top of the sequence adjacent 
to the greywacke ridge.  

The lower Pleistocene alluvium deposits are in excess of 45,000 years old (based on carbon dating 
testing). Individual beds within the alluvium could not be traced across the site. They are likely to have 
been deposited in a mixture of depositional environments, i.e. flood plains, lakes, channels, sand bars 
etc.  

The silt layers throughout the lower Pleistocene alluvium are typically slightly sandy and/or clayey. 
They are typically 0.3m to 2m thick and encountered at variable depths. The silts are typically stiff 
when exposed but they smeared and softened easily when worked.  

The boundary between yellowish brown upper alluvium, and bluish grey lower alluvium does not 
coincide with the current ground water level (approximately 4m depth). This indicates that the colour 
change is not a function of groundwater level but depositional conditions. 

3.4 Greywacke  
 
The top of the Greywacke comprises residual soil that is typically a medium dense or stiff yellowish 
brown clayey silt or clayey silty sand. The residual soil is thin (approximately 0.5m thick) and it grades 
gradually into completely weathered sandstone. The completely weathered Greywacke is extremely 
weak. There are no rock clasts left but the rock mass does contain visible traces of joints. Across the 
centre of the ridge, the completely weathered profile extends to a depth of 12m before grading 
gradually into highly weathered greywacke sandstone. A CPT pushed in the centre of the ridge 
extended to a depth of 12m before refusing which provides an indication of the soil like nature of the 
weathered Greywacke. On the flanks of the ridge the completely weathered Greywacke is much 
thinner or not present at all. 
 
4 IMPLICATIONS OF GEOLOGY ON THE UNDERPASS DESIGN 
 
The site geology played an important role in the design of the underpass. A number of features were 
uncovered that required specific design considerations. The geological model and encountered soils 
was reviewed in detail by the design team and contractors in terms of typical design and construction 
issues. Such issues included excavatability of the Greywacke, temporary cut stability, potential for 
settlement of surrounding buildings as a result of lowering the local groundwater levels, liquefaction 
potential of the alluvial soils, erosion and sediment control, retaining wall and temporary wall stability 
and embedments etc.  
 
There were also a number of geological features that are not typically encountered during design and 
construction works on Wellington Greywacke ridges and alluvial deposits. A brief summary of these 
less typical features are provided below. 
 
4.1 Aligned cracking 
 
Construction of the underpass required Buckle Street to be temporarily diverted to an alternate route 
to the north of its original location. During construction of the Buckle Street diversion, the surface fill 
soils at the eastern end of the tunnel were stripped down to the upper Pleistocene deposits. These 
deposits revealed several parallel aligned in-filled “cracks” or sub vertical discolouration’s. Figure 4 
indicates the locations of some of these features.  
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Figure 4. Plan and extent of aligned cracks 

The top of these “cracks” were located in a fine sandy layer within the upper Pleistocene deposits. The 
cracks were characterised by iron staining on the crack walls with either, light grey silt or clay infill, or 
simply just a discolouration within the sandy layer (but no actual clay infill). The cracks were 
predominantly orientated in an east west direction (265° to 295°), varied in size from 10mm to 30mm 
in width and ranged between 2m to 20m long. They penetrated the fine sand layer through an 
underlying 1m thick gravel layer and down to the top of a silt layer below (Figure 5a and 5b).  
 

   
Figure 5.  Aligned cracks. a) Top of crack in sandy layer. b) Side profile of crack 

Carbon dating of the crack infill was dated between 5,000 to 8,000 years before present. Organics in 
the silt layers adjacent and below the cracks are dated at 10,000 to 30,000 years old. 
 
The aligned cracks are similar in shape and size to those that develop by lateral spread during 
earthquakes (Rauch 1997). This is where lateral displacement of gently sloping ground occurs as a 
result of pore pressure build-up or liquefaction in a shallow underlying deposit during an earthquake 
(Rauch 1997).   
 
It is possible that these cracks developed along a free edge adjacent to the lower lying basin reserve 
resulting in lateral spread of some of these layers towards a lake or lower river terrace.  
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These cracks provide an indication of past seismic performance of the site. The presence of cracks 
reinforced the need for lateral spread to be considered in the design and the possibility of future large 
earthquakes affecting the underpass. It also provided an opportunity to be able to assess the amount 
of past movement that occurred at the site, and get an understanding of timing of historical events. 
  
4.2 Pleistocene alluvium – weathered rock boundary 
 
Thick (up to 2m) localised deposits of low strength, highly plastic white silts were encountered on the 
boundary between the Greywacke and the lower Pleistocene alluvium. These were concentrated on 
the western side of the ridge predominantly and were not encountered in the geotechnical 
investigations. These silts were inferred to be a combination of loess, residual soil and fine grained 
alluvium sitting in depressions abutting the side of the ridge.  
 
Although loess, residual soil and colluvium are typical deposits mantling greywacke rock in Wellington, 
these localised deposits were much softer, wetter and more plastic than other mantling deposits in the 
site area.  The silt was sensitive and lost strength when disturbed. 
 
A series of anchors drilled for the underpass temporary retaining wall encountered these white silts. 
Some of the affected anchors did not reach design capacity (refer Christie et al. 2015) due to the low 
strength material. A majority of the affected anchors were on the north side of the excavation where 
the anchors, drilled at an angle of 10°, were sub-parallel to the dip of the rock interface. This highlights 
an increased risk where anchors are installed sub parallel to dip, a single weak layer can have a more 
pronounced effect on the anchor performance.  
 
During construction the ground model was revisited in this area. Capacity was made up on anchors 
that did not meet the required design capacity by installing additional anchors, and increasing the 
anchor inclination to avoid known weak layers.  
 
4.3 Completely weathered rock  
 
The construction of the underpass through the deep weathered profile of the Greywacke created 
challenges for pile design and construction. The greywacke encountered in the boreholes was 
essentially a clayey silt (an extremely weak sandstone). Although described as a rock, it had soil like 
behaviour and was described as such. 
 
The weathering and plasticity of the rock was far greater with lower permeability than is typically 
encountered in weathered Wellington Greywacke. While there was still visual evidence of joint fabric 
the material behaved as a soil in the pile drilling process. The sides of the hole, subject to high 
porewater pressure gradients (due to dewatering the excavated hole), are likely to have smeared 
during augering. These properties resulted in very low pile skin friction.   
 
Straight shafted piles were tested during the design phase. The test piles did not reach their expected 
capacity (Glue et al. 2015). The piles were re-designed as bell piles, which proved to be highly 
effective. These were constructed with significant programme and cost savings over the original 
straight shafted concept design.  
 
For future projects in completely weathered rock, where augering is unlikely to break out the rock 
along the joint fabric, and where smearing may occur, designers should be cautious when estimating 
likely skin friction. 
 
5 GROUND MODEL COMPARED WITH ACTUAL CONDITIONS 
 
Construction of the 10.5m deep cut for the underpass allowed the actual ground conditions to be 
compared with the ground model developed from the investigation phase. Actual conditions compared 
well to the ground model on a large scale. However, on the localised smaller scale, specific features 
and variations to the model were encountered that would have been difficult to locate by standard 
investigation techniques. 
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Across the site there were variations in depth to bedrock as a result of old valleys and gullies that 
would have been created on the edges of the rock ridge in a past paleo environment (Figure 6). These 
old valleys and gullies have since been backfilled with the Pleistocene age deposits and reworked by 
streams and human activities to the contour that is seen today. This resulted in localised variability to 
the top of rock profile over short distances. 
 

 
Figure 6. Geological ground model after construction (compare to Figure 2) 

The variability across such short distances was expected. The expected variably was judged with an 
understanding of the geomorphology and past erosion and depositional sequences. The engineering 
designs and construction methods were then developed with provisions to account for expected local 
variability.  
 
The bell piles below the underpass were installed into both the rock and Pleistocene alluvium. 
Although there was variation to the rock profile from the investigations model, the pile design was 
flexible and not overly sensitive to variations in the model. Variations were foreseen in the pile design 
and additional investigations were undertaken in advance of pile installation so that changes to pile 
reinforcing cage lengths could be fabricated prior to installation. The pile construction sequence was 
developed such that a pile was often drilled ahead of sequence and remaining piles infilled. This 
allowed the steel cages to be prefabricated with reduced risk of significant length changes, with no 
consequent effect on programme. At the end of construction, the piling work finished significantly 
ahead of programme and budget. 
 
Anchors for the temporary retaining wall of the underpass had been designed using the developed 
geological ground model. Although there was local variation from the original model, the design was 
deliberately flexible and could be amended to suit actual conditions.  Anchor lengths and volumes 
generally conformed to the original design. The white silt mantling the weathered rock interface 
caused a reduction in anchor load capacity of affected anchors. The design/construction methodology 
did allow for provision of additional anchors so this was overcome with no adverse effect on 
programme. 
 
6 CONCLUSIONS 
 
The investigation phase of the underpass provided a good understanding of the geological materials 
and geomorphology at the site. This enabled a sound geological model to be produced to aid the 
design and cost estimating.  
 
During construction of the underpass, the spatial variability of these materials at the small scale and 
the variability of material properties were observed. There is always a trade between the amount of 
investigations completed and an acceptable level of model accuracy. Where a detailed model cannot 
be produced, and unknown conditions may still be present, sufficient contingency should be allowed 
for in construction to accommodate the small scale variability.  
 
However, on the MPA project, good collaboration between the engineering geologists, the 
geotechnical design team and constructors meant that the geotechnical and geological risks were 
reasonably understood, and the design and construction methodologies were then developed to be 
able to deal with the expected variability.  
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Some of the variability included uncommon materials or features such as cracking at the eastern end 
of the scheme inferring historical lateral spreading, and the presence of local white silts on the top of 
the ridge. Although not considered at initial design stage, when these features were encountered, they 
were able to be incorporated quickly into the detailed design. The design was flexible and robust 
enough to allow construction to continue on time and on budget.  
 
The papers of Glue et al (2015) and Christie et al (2015) discuss in more detail how geological 
materials and features issues were overcome in the design and construction of the anchors and piles.  
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