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Welcome from the 2021 Symposium Convenor

I am delighted to welcome you to Dunedin and the 21st Symposium  

of the New Zealand Geotechnical Society.  

NZGS and the Symposium Committee have planned this event to be  

a unique get-together of the geotechnical professionals in Aotearoa. 

I
n this Symposium we will explore together the challenges and opportunities of 
our future, by learning from the achievements and failures of our past. The theme 
“Good grounds for the future” is inspired by the profound changes that the world is 
experiencing in Aotearoa and internationally, which create pressing challenges but also 

great opportunities for our profession. 

The Symposium includes a 2-day intensive program of keynote lectures, plenary 
interactive sessions and special sessions, and oral and poster presentations. The most 
recent developments and state-of-the-art techniques in a variety of aspects of the 
geotechnical profession will be discussed, including foundation design, numerical 
modelling, soil structure interaction, ground improvement, site characterisation, 
liquefaction assessment and mitigation, slope stability, remote sensing and monitoring, 
sustainability etc. We will also discuss guidance and regulation and how this can 
contribute to shaping a thriving future. A pre-Symposium workshop and field study 
through Otago spectacular country aimed to explore the engineering value and current 
and future practices of monitoring unstable slopes posing high risk to our infrastructure 
resilience. 

Year 2020 and the first months of year 2021 leading to the Symposium, have been marked 
by the impacts of the COVID-19 pandemic and the unprecedented changes that it has 
brought to our personal and professional lives and our day-to-day activities. The pandemic 
has disrupted our Symposium, which had to be postponed from its original date. During 
this long and bumpy ride, the Symposium Committee has been honoured by the support 
of the NZGS Management Committee and the entire geotechnical industry. 

The side-effects of the pandemic made travel for our internationally renowned keynote 
speakers to Aotearoa impossible. On behalf of NZGS and the Symposium Committee 
I would like to warmly acknowledge the ongoing commitment and contribution of our 
keynote speakers Dr. Sissy Nikolaou, Professor Ross Boulanger, Emeritus Professor 
Dr. George Gazetas and Dr. Chris Haberfield. We value our keynote speakers for their 
willingness and efforts to join the Symposium and share their knowledge with us online. 
We renew our invitation to them for a future visit and look forward to welcoming them 
again in Aotearoa in person. 

I also wish to acknowledge the support provided by the Symposium Sponsors. Particularly 
in uncertain times like the ones we were asked to organise and deliver this event, it would 
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Organising Committee

have been impossible without the Sponsors ongoing kind understanding, commitment, 
and support. The Symposium Committee has been humbled by the thrilling engagement 
of the Sponsors and would like to thank them for this on behalf of NZGS.  

Finally, I would like to thank Philip Robins, Doug Mason, Ayoub Riman, Helen Hendrickson, 
Nathan Schumacher and Chris Sandoval, members of the Symposium Committee, for the 
incredible amount of time they have put into organising this event and their devotion and 
resilience. This Committee has not just organised one event, but a number of alternative 
concepts, trying to navigate through this unprecedent situation of the pandemic and 
deliver this event for you. In our efforts, we have been supported and guided by Kerry 
South of Conference and Events. With Kerry’s hard work, professionalism, experience, and 
perseverance we achieved to deliver a hopefully worthwhile and enjoyable event. 

Once again, welcome to Dunedin and thank you for your contribution in developing 
“Good grounds for the future”

On behalf of NZGS and the Organising Committee

Eleni Gkeli 
Convenor of NZGS 21st Symposium

Philip Robins Ayoub Riman Christopher Sandoval

Nathan Schumacher

Eleni Gkeli

Helen Hendrickson Doug Mason Kerry South
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Better buildings for 
New Zealanders

Learn more about our  
Geotechnical guidance  
at building.govt.nz/ 
geotechguidance
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Welcome from NZGS Chair

I
t is my pleasure to welcome you to the 21st NZGS Symposium. Since the first event 52 
years ago in Christchurch the Symposium has visited many centres in New Zealand. 
Despite being held every four years it has never been to the same location twice, and it 
is with great delight that we now come for the first time to Dunedin.

A symposium differs from a conference in that it is defined as an event to discuss a 
specific topic. Our topic is encapsulated in the theme “Good Grounds for the Future”, 
inspired by the opportunities and challenges posed by our changing world. We are facing, 
among other things, accelerating climate change, increasing exposure to natural hazards, 
and rapidly changing technology. Resilience is a key concept running through all these 
topics, but none of us foresaw how much resilience the organising committee would need 
to run a symposium in a year dominated by pandemic. Originally scheduled for October 
2020, it is a testament to their tenacity and resilience that we have been able to host this 
symposium in March 2021. Their efforts have been outstanding, and I commend them for 
their efforts.

Dunedin is the ideal venue to discuss such an important topic. With hazards ranging from 
landslides (notably the Abbotsford landslide of 1979), land settlement causing coastal 
inundation, and a history of flooding highlighted by the great flood of Leith in 1929, 
Dunedin faces many challenges. The geotechnical profession will play a pivotal part in 
managing these problems by sharing our understanding of the hazards and by designing 
the adaptations needed to make our communities more resilient. 

My thanks go to our sponsors, who’s support throughout the preparation for this 
symposium has been unwavering. Deciding to continue sponsoring an event like this 
in such uncertain times is brave. It was the confidence expressed by our sponsors that 
convinced us that going ahead, even with a delay, was the right choice. I encourage all 
our delegates to personally thank all the sponsors. Without their strong support and 
encouragement this symposium would have been cancelled.

Finally I must thank you, the delegates, who registered for this event despite all the 
uncertainty. There could be no symposium without you. Another definition of symposium, 
in the original ancient Greek meaning, is “a drinking party or convivial discussion”. Again, 
Dunedin seems the ideal choice. I look forward to many convivial discussions with you all 
as we make this event the new start we all need after a challenging 2020.

Ross Roberts 
NZGS Chair
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Tuesday, 23 March  
Pre-Symposium Offerings 

Wednesday, 24 March 

QUEENSTOWN

12.30 Arrival tea & coffee
Copthorne Hotel 

and Resort 
Queenstown 

Lakefront

13.00 Workshop: Engineering value from the monitoring of slopes  
– current practice and the future

Sponsored by GNS Science

17.40 Workshop concludes

QUEENSTOWN

8.00 Field Study
(2 options) between Queenstown & Dunedin

Sponsored by GNS Science
Detailed itinerary provided by email.

Departs by bus 
from Copthorne 
Hotel and Resort 

Queenstown

DUNEDIN

14.45 - 
18.15

 Train: Dunedin Station to Hindon Station Return  
Join in the fun as the train goes to Hindon Station to pickup  

Field Study guests. Snacks, a drink and commentary provided.  
Train departs at 3pm and sign up is required.

18.30 - 
20.30

Symposium Welcome Reception 
Sponsored by Terra MDC

Join us for a fun and informal start to the Symposium!

Toitū Otago 
Settlers Museum
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Thursday, 25 March 
Symposium Day 1

DUNEDIN CONFERENCE CENTRE

7.30 Check in desk opens (Foyer)
Exhibition open w/ ENGEO Sponsored Coffee Cart (Town Hall)

8.30 Opening Ceremony - Eleni Gkeli, 2021 Convenor & Ross Roberts, NZGS Chair 
(Glenroy Auditorium)

9.00 Virtual Keynote: Dr Sissy Nikolaou 
Functional Recovery: Design Utopia or Elective Reality?

Chaired by Eleni Gkeli

9.45 Address from MBIE Chief Engineer Mike Kerr
The balance of regulation between community risk and community impact

Update on current and future MBIE projects
Sponsored by MBIE – Chaired by Eleni Gkeli

10.15 MORNING TEA (Town Hall)
Sponsored by Abseil Access

10.45 Misko Cubrinovski & Mike Stannard
Update on Finalisation of the MBIE / NZGS Geotechnical Guidelines

Sponsored by MBIE – Chaired by Ross Roberts

11.45 Move to next session

Session 1A - Analysis and 
Classification of 

Problematic Soils 
Conf Rm 1

1B - Liquefaction 
Assessment and Mapping 

 
Conf Rm 2

1C - NCTIR Special Session
 
 

Glenroy Auditorium

Chair Rolando Orense John Scott Ioannis Antonopoulos

11.50 Identifying and classifying 
expansive soils in New 
Zealand – time to find a 

better way?
Joshua Teal

Tauranga’s Western 
Zone: A regional-scale 
liquefaction case study

Miles Buob

Kaikoura Earthquake 
Transport Infrastructure 

Recovery 
Greg Saul

Kaikoura Earthquake 
Marina Recovery 
Tony Fairclough 

12.02 The identification and 
characterisation of 

collapsible soils: a brief 
review of current practice

George Brink

Liquefaction exposure 
and impacts across New 
Zealand State Highways

Amelia Lin

12.14 Settlement performance of 
dwellings constructed on 

Takanini peats
James Beaumont

Regional-scale liquefaction 
susceptibility assessment 

for the Otago region,  
New Zealand
David Barrell
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Thursday, 25 March continued

12.26 LUNCH & POSTER SESSION (Town Hall)
Poster presenters (odd #’s to stand with posters 12.56-13.26)

13.26 Virtual Keynote: Prof Ross Boulanger
 Modeling slope instability due to undrained creep in clays and plastic silts

Introduced by Major Sponsor Ground Investigation (Marco Holtrigter)  
Chaired by Philip Robins

14.08 Move to next session

Session 2A - Foundation  
Design and SSI

 
Conf Rm 1

2B - Advances in Site 
Investigation Practices 

and Interpretation
Conf Rm 2

2C - Kaikōura  
Earthquake Special

 
Glenroy Auditorium

Chair Nathan Schumacher Sally Hargraves Tony Fairclough

14.12 Direct design of driven 
timber piles using CPT: A 

case study
Marco Holtrigter

Standard penetration test 
and shear wave velocity 

correlation for Wellington, 
NZ

Ayoub Riman

The resilience context of 
transportation routes and 

recovery after the 2016 
Kaikōura  

earthquake in New 
Zealand

Doug Mason

14.24 Design of pump station 
foundations by numerical 

modelling – Part I
Ioannis Antonopoulos

Applicability of empirical 
SPT-CPT correlations for 

New Zealand soils
Hui Zhou

Application of the New 
South Wales RMS “Guide 

to Slope Risk Analysis” 
for Waka Kotahi, the NZ 

Transport Agency, Projects
Richard Phillips

14.36 Case study: Seismic 
foundation design for the 
new Wellington Children's 

Hospital
Nicholas Clendon

DEM simulation of 1-D 
compression test on 

pumice sand
Sayed Hessam Bahmani

Presenter Ronaldo Orense

Kaikoura Earthquake 2016 
– implementation of site-
specific slope instability 

mitigation solutions
James Byron

14.48 Designing timber 
compaction piles to 
achieve a target soil 

density using CPTu data
Nick Barounis

Assessing the quality 
and uncertainty of in-situ 

seismic investigation 
methods

Liam Wotherspoon

Jacobs Ladder – A Case-
History of Debris Flow in a 
Post-Seismic Environment

Richard Justice

15.00 AFTERNOON TEA (Town Hall)
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Thursday, 25 March continued

Session 3A - Large Ground 
Deformations and 

Liquefaction
Conf Rm 1

3B - Site Characterisation 
for Natural Hazard Risk 

Reduction
Conf Rm 2

3C - Kaikōura Earthquake 
Special (cont’d)

 
Glenroy Auditorium

Chair Misko Cubrinovski Pathmanathan Brabhaharan Greg Saul

15.30 Time-history validation of 
simplified design procedure 

for shear piles subject to 
liquefaction induced lateral 

spread with evacuation
Tzin Lai

Characterising subsurface 
South Dunedin to better 
define multiple natural 

hazards
Phil Glassey

An analysis of sacrificial 
anchor tests and 

geological conditions 
across the NCTIR project

Andrew Hills

15.42 Design of pile foundations 
at site prone to liquefaction 

and lateral spreading
Alexei Murashev

Case studies to support 
stability assessments for 
resilient development in 

Northland
David Buxton

A case study in earthquake 
recovery and resilient 

design, Slip NRP5, Kaikōura
J.R. Grindley

15.54 Lateral deformations of a 
pile group due to soft soil 

consolidation
Adrian Short

How much may the 
precision of site conditions 

modelling affect seismic 
risk assessment at large 
urban scale? The case of 

Thessaloniki, Greece.
Kostas Lontzetidis

Innovation under pressure 
- Ohau Point slope 

stabilisation
Mat Avery

16.06 System response 
liquefaction analysis – 
application of a “base 

Isolation” effect"
Hayden Bowen

Managing ground risk for 
Auckland’s City Rail Link 

project: concept design to 
procurement 

Philip Kirk

The thought process and 
reasoning for the seismic 

design of NCTIR structures
Ioannis Antonopoulos

16.18 Validation of performance 
of polymeric geogrid in 

reinforced wall application
Gordon Stevens

Shallow groundwater 
monitoring: exemplars from 
Christchurch and Dunedin

Simon Cox

NCTIR Project lessons 
learnt

Greg Saul, Richard Justice  
& Tony Fairclough

16.35 Public Lecture: Hugh Cowan (Fullwood Room)
Natural Hazard Risk - Treatment Options for Resilience

Sponsored by EQC– Chaired by Chris Sandoval 

18.15 Gala Dinner (Glenroy Auditorium)
Sponsored by Geofabrics NZ Ltd. – MC: Eleni Gkeli
Dinner speaker Vaughan Robertson will speak on  

“Are robots really scary or the best friend we never had?”
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Friday, 26 March 
Symposium Day 2

DUNEDIN CONFERENCE CENTRE

7.00 Check in desk open

7.15  Breakfast with Young Geotechnical Professionals (Glenroy Auditorium)
Enjoy a networking breakfast followed by four presentations by the  

Best Paper winners of the NZGS YGP mini-Symposia

7.50 Tauranga Liquefaction Study – Geomorphological Mapping  
Jesse Beetham

Designing a breakwater in Apia: results, challenges and recommendations  
Christoph Kraus

Empathy in Design  
David Rowland

Why Geotechnical Engineers need to understand perched groundwater  
Michelle Willis

Chaired by Helen Hendrickson

8.00 Exhibition open

8.30 Day 2 Welcome

8.35 Virtual Keynote: Dr George Gazetas
Seismic Performance of Caisson & Multi-Block Gravity Quay-Walls

Introduced by Major Sponsor Stantec (Ioannis Antonopoulos)  
– Chaired by Sally Dellow

9.20 MORNING TEA
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Friday, 26 March continued

Session 4A - Slip Remediation
 

Conf Rm 1

4B - Remote Sensing and 
Monitoring
Conf Rm 2

4C - Designing for 
Resilience

Glenroy Auditorium

Chair Robert Haskell Phil Glassey Liam Wotherspoon

9.50 Bulli Point SH1 
Realignment - Stuck 

between a rock and a lake
Jordan Craig 

(Presenter Jay 
Doddaballapur)

Underground void 
detection by applying 

the electrical resistivity 
tomography (ERT) method 

for a limestone quarry in 
Northland, NZ 
Nick Barounis

New resilient bridge on 
liquefiable ground over the 

Ōpaoa River, Blenheim
Helen Hendrickson

10.02 Design and construction 
of an MSE wall for the 

repair of a washout site at 
Taupō waterfront – case 

study
Mladen Sigurnjak

Responses to three 2017 
landslide events affecting 

road networks in the 
lower North Island of New 

Zealand
David Stewart

Rebuilding with Resilience: 
The Story of the Fire 
Station Rebuilds in 

Christchurch
James Muirson

10.16 Landslide typology in 
the Eastern Bay of Plenty 

– implications for risk 
management of road 

infrastructure
Pedro Martins

Mapping and monitoring 
landslides in New Zealand 

using Sentinel-1 InSAR 
data: A case study from 

Gisborne
Matthew Cook

Resilience based design in 
geotechnical engineering

Pathmanathan 
Brabhaharan

10.28 Move to next session

10.30 Panel Discussion: Soil / Structure Interaction & Collaboration  
between Geotechnical and Structural Engineers

(Glenroy Auditorium) 
Sponsored by EQC – Chaired by Ayoub Riman

Introduction by Jo Horrocks (EQC)

11:40 LUNCH & POSTER SESSION
Poster presenters (even #’s to stand with posters 12.10 - 12.40)

12.40 Virtual Keynote: Dr Chris Haberfield
Temporary Support of Deep Basement Excavations in Rock

(Glenroy Auditorium)
Chaired by Martin Larisch

13.22 Move to next session
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Friday, 26 March continued

Session 5A - Ground Improvement
 

Conf Rm 1

5B - Slope Risk Mitigation
 

Conf Rm 2

5C - Sustainable Practice 
and Guidance

Glenroy Auditorium

Chair Nathan Schumacher Elliot Duke Kiran Saligame

13.25 The use of hydrofraise 
cutter technology to 

construct diaphragm walls 
in Auckland

Nick Wharmby

Prototype Timber Catch 
Fence

Alan Wightman

Use of tremie concrete 
in New Zealand deep 

foundations
Aiden Thorp &  
Alistair Briffett

13.37 A Case Study: Trench 
Stabilization Using Cutter 

Soil Mixing 
Nicola Ridgley

Diana Falls - Then and now, 
moving from innovation to 

improvement
Robert Bond

How to integrate 
sustainability into 

geotechnical practice
Laura Villoria & Dan 

Sandilands

13.49 Numerical simulation of 
the effect of laponite on 

saturated sandy ground in 
re-liquefaction events

Gislaine Tobar

The Sumner Road 
Reopening Project – 

rockfall mitigation and 
road repair of an important 

route between Lyttelton 
and Christchurch

Matt Howard

Temporary working 
platforms - technical 

guidance on New Zealand 
Good Practice
Martin Larisch

14.01 Response of gravel-
rubber mixtures under 

direct shear testing: 
experimental and DEM 

numerical investigations
Kevin Chew

A mining approach to a 
civil engineering problem – 
Sumner Road Re-opening, 
Christchurch, New Zealand

Dave Green

CETANZ Best practice for 
CPT testing in NZ
Marco Holtrigter

14.13 Numerical simulation 
of inclined piles under 
liquefaction-induced 

lateral spreading
Rolando Orense

Kaikoura slope research
Pathmanathan 
Brabhaharan

Understanding soil-
module system behaviour 

to provide sustainable 
solutions in pavement 

engineering
Jessica Dalton
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Friday, 26 March continued

14.25 AFTERNOON TEA (Town Hall)
Last opportunity to connect with exhibitors!

14.55 Chris Massey (Glenroy Auditorium)
Geomechanical characterisation of greywacke rock masses for  

dynamic slope-stability analysis, Wellington
Chaired by Doug Mason

15.15 Ross Roberts 
Workshop - revision of the NZGS soil and rock field description guidelines

15.35 Closing Address by Tony Fairclough – concludes by 3.45pm
Chaired by Eleni Gkeli

*See check in desk regarding any bus to airport immediately after closing.

Thank you to our NZGS Members who reviewed the technical papers, including:

Clive Anderson
Kevin Anderson
David Anstiss
Dali Argyriadi
Pathmanathan Brabhaharan
Brendon Bradley
James Burr
Neil Charters
C Y Chin
Richard Cole
Katy Cottingham
Jim Dabkowski
Sally Dellow
Elliot Duke
Pedro Espinosa
Geoffrey Farquhar
Stuart Finlan
Ben Follett
Sian France
Marcus Gibson
Eleni Gkeli

Sally Hargraves
Bahareh Heidarzadeh
Bevan Hill
Paul Horrey
Mike Jacka
Richard Justice
Campbell Keepa
Jan Kupec
Andrew Langbein
Martin Larisch
Stu Mason
Trevor Matuschka
Nathan McKenzie
Alexei Murashev
Wataru Okada
Darrell Oosterbeek
Rolando Orense
Stuart Palmer
Christine Parkes
Ross Paterson
Timothy Pervan

Stuart Read
Nicola Ridgley
Philip Robins
Kiran Saligame
Greg Saul
Lars Schmidt
Nathan Schumacher
Michael Sorenson
Gordon Stevens
David Teague
Mike Thorley
Susan Tilsley
Eric Torvelainen
Sjoerd Van Ballegooy
Harry Wahab
Nick Wharmby
Hadley Wick
Alan Wightman
Liam Wotherspoon
Richard Young
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Proceedings
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Grant Support
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The New Zealand Geotechnical Society (NZGS) is the affiliated organisation in New 
Zealand of the International Societies representing practitioners in Soil mechanics, 
Rock mechanics and Engineering geology. The New Zealand Geotechnical Society 
Symposium was last held in Napier in 2017.

Exhibitors



 

1 

 

Design of pump station foundations by 

numerical modelling – Part 1 

M.J. Burrows & I. Antonopoulos 
Stantec New Zealand, Christchurch. 

ABSTRACT 

The Jeffreys water supply pump station comprises replacement of the earthquake-damaged 200m3 concrete 

suction tank with a new 500m3 tank. Ground conditions at the site predominately comprise interbedded 

alluvial silt and sand in the surficial 8.75m, underlain by dense sandy gravel. Surficial soils are susceptible to 

liquefaction triggering during earthquake shaking and the site is bounded to the south by a small stream. 

Preliminary design of the suction tank foundation utilises machine borehole and CPT investigation data to 

inform a simplified 1D liquefaction triggering assessment, and selection of suitable foundation options. This 

concludes that ground improvement by installation of cement grout columns is a suitable foundation solution 

of the suction tank. Detailed design proceeds based on material properties and liquefaction triggering from 

the 1D assessment and utilizes PLAXIS 2D to arrange an interlocking lattice-wall arrangement beneath the 

pump station. PLAXIS 2D is used to assess the performance of the proposed suction tank and soil at the site. 

Analysis concludes that the proposed ground improvement is suitable for the structures at the site, and 

discusses the limitations of simplified liquefaction triggering methods, and the potential for soil kinematic 

loads affecting structural elements.  

1 INTRODUCTION 

Providing resilient foundations and robust geotechnical design has become a key aspect of water supply 

infrastructure in the Canterbury area. This paper reviews the geotechnical assessment and foundation design 

for a 500m3 suction tank and associated infrastructure located in Fendalton, Christchurch. Various design 

scenarios are considered during the assessment, the critical case emerges that the tank must remain in service 

after any significant future seismic events. As such, this paper will focus on the assessment of seismic 

ground performance at the site, and the subsequent design methodologies that are applied to ensure a resilient 

foundation design. 

For clarity, this review is divided into two papers. The intent is to present results and conclusions of two 

industry accepted design solutions as follows: 
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1. An assessment based on a simplified liquefaction triggering analysis and pseudo-static ground 

conditions utilising the finite-element software PLAXIS 2D (Bentley Systems Inc, 2019), and; 

2. An assessment based on calibrated plasticity soil constitutive models that account for liquefaction 

and strain-softening, and an appropriate time-history earthquake record utilising the finite-difference 

software FLAC (Itasca Consulting Group, 2019). 

Part 1 of this assessment is presented herein. 

1.1 Project Details 

The Jeffreys water supply pump station is located at the southern end of Jeffreys reserve, an existing 200m3 

capacity suction tank was damaged during the February 2011 earthquake and is currently offline. The 

purpose of the project is to replace the suction tank with a rectangular (15.2m x 11.5m), reinforced concrete 

500m3 capacity tank and carry out all necessary works to ensure secure water supply from the pump station 

during the design life.  

A preliminary geotechnical assessment identified that soil strata at the site are susceptible to liquefaction 

triggering, and a foundation solution comprising ground improvement by installation of cement grout 

columns in a rectangular lattice beneath the suction tank is preferred. 

1.2 Site and Ground Conditions 

The pump station is located at the southern end of Jeffreys Reserve and bounded by residential property to 

the west and east, and the Wairarapa Stream to the south, as shown in Figure 1.  

 

 

Figure 1: Site location (Google Earth, 2019) 
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An investigation programme comprising six cone penetration tests (CPT) and one machine borehole, located 

at various locations across the site consistently shows interbedded alluvial silt and sand in the upper 8.75m, 

underlain by dense sandy gravel greater than 10m in thickness. A generalised soil model and representative 

(N1)60 values are presented in Table 1. (N1)60 values are included to give perspective on soil density and have 

been interpreted from the available CPT trace files using commercially available software CPeT-IT v2.0.1.61 

(Geologismiki, 2007). Groundwater has been assessed at approximately 1.0m below ground surface. 

Table 1: Generalised ground conditions 

Layer No. Depth to Base (m) Thickness (m) Description Representative (N1)60 

1 1.25 1.25 Silt and clay 5 

2 3.40 2.15 Dense sand and gravel 49 

3 4.70 1.30 Silt and clay 4 

4 6.05 1.35 Loose sand 19 

5 6.35 0.30 Silt and clay 6 

6 7.05 0.70 Loose sand 18 

7 7.45 0.40 Silt and clay 6 

8 8.10 0.65 Loose sand 15 

9 20.00 11.90 Dense sand and gravel 50 

1.3 Ground Performance During Historic Earthquakes 

The New Zealand Geotechnical Database (NZGD) comprises ground deformation mapping observed during 

the Canterbury Earthquake Sequence (CES). Figure 2 shows a graphic representation of total vertical ground 

settlement associated with all events of the CES.  

 

Figure 2: Vertical ground movements at the Jeffreys Reserve and surrounding area after all events 

associated with the CES (Canterbury Geotechnical Database, 2012) 
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The average approximate settlement after all events at the site is approximately 0.15m and is considered 

indicative of the free field settlement after all events. No evidence of lateral spread or ground cracking 

adjacent to the Wairarapa Stream were noted during inspection after significant earthquake events 

(Canterbury Geotechnical Database, 2012 and 2013). Inspection of the damaged suction tank after the 

earthquake event in February 2011 showed the tank settled by approximately 0.09m. 

2 METHODOLOGY 

2.1 Liquefaction Triggering Assessment 

A simplified, one-dimensional (1D) assessment of liquefaction triggering and calculation of associated free-

field liquefaction induced settlements are undertaken utilising the commercially available software CLiq 

(Geologismiki, 2006) and the methodologies set out by Idriss & Boulanger (2014) and Zhang et al. (2002). 

The ground water table is set at 1.0m below ground surface for the assessment. 

The assessment identifies liquefaction triggering in layers 4, 6, and 8, corresponding to the loose sand layers 

situated below the ground water table, and calculates total settlements of 110 – 140mm during a ULS 

earthquake event (PGA = 0.61, Mw = 7.5). 

2.2 Soil Parameters 

Soil parameters are assessed using CPeT-IT, various published correlations, and the authors professional 

experience with similar soils and ground conditions to use with the Mohr-Coulomb constitutive model.  

Table 2: Soil parameters and response to liquefaction triggering 

Layer 

No. 

Sat. Unit 

Weight (kN/m3) 

 Effective Friction 

Angle (°) 

Effective Cohesion 

 (kPa) 

Average Young’s 

Modulus (kPa) 

Liquefaction 

Triggering 

1 16.6 28 10 5,000 No 

2 19.0 38 - 38,500 No 

3 16.2 28 10 12,400 No 

4 17.9 31 - 30,400 Yes 

5 16.7 28 10 17,200 No 

6 17.6 31 - 31,700 Yes 

7 16.8 28 10 19,100 No 

8 17.5 31 - 31,400 Yes 

9 19.0 38 - 75,000 No 

 

2.3 Numerical Model 

The intent of the numerical model is to simulate the site response (including structures) to earthquake 

shaking by employing a staged analysis to replicate (1) static ground conditions prior to earthquake shaking, 

and (2) those present at the onset of liquefaction. The primary damage mechanism to the existing tank at the 

Jeffreys Pump Station site was a differential settlement of approximately 90 mm across the foundation. In 

order to capture the damaging effects of liquefaction, stage 2 of the numerical model assumes that 
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liquefaction has already triggered, and the deposit is allowed to undergo post-liquefaction deformations. The 

calibration of constitutive soil models to realistic residual soil strengths is outlined below. 

A drained Mohr-Coulomb type analysis is utilised in PLAXIS 2D and soil layers are applied as per Tables 1 

& 2. In order to capture topographical effects, in particular the presence of the Wairarapa Stream, two 

sections are analysed one running approximately north-south and one east-west. A staged construction model 

allows for assessment of free-field conditions and after installation of the ground improvements. 

In order to define appropriate Mohr-Coulomb material parameters for layers that are identified as liquefiable, 

the model is calibrated using the observed tank and ground performance during the CES, and according to 

guidance set out in “Seismic effective stress analysis: modelling and application” (Cubrinovski, 2011). 

Residual soil parameters are selected that concur with a settlement of approximately 0.1m at the ground 

surface, based on calculated and observed ground displacement during historic earthquake events. Soil 

permeabilities and groundwater flow conditions are assessed by the PLAXIS 2D standard function which 

allows for selection of the most common soil types and is based on the Hypres classification series (Wosten 

et. al., 1999). The fine-grained soil model was selected for silt and clay layers, and coarse for sand and 

gravel. 

 

Structural elements are introduced to the calibrated ground model including 0.6m thick cement grout walls, 

extending to the layer of dense gravel and spaced at approximately 5.0m centres (based on the work of 

Nguyen et al, 2013). A 1.25m thick geogrid reinforced gravel raft is introduced to replace the surficial weak 

silt and clay material, on which suction tank foundations directly bear. Structural inertial loads are applied 

corresponding to a ULS design earthquake, magnitude of the load is assessed to be maximum 80 kPa and is 

distributed across the foundation plate element accordingly. As the load from the tank during earthquake 

loading is cyclical, a pseudo static worst-case is shown where the load is concentrated towards the perimeter 

footing. Model geometry, soil layers, and structural elements are shown in Figure 3. 

 

Figure 3: Finite-element model representing the north-south section (PLAXIS 2D, 2019) 

Structural elements shown in Figure 3 above are itemised as follows: 

Purple horizontal foundation   Engineered gravel fill 

Yellow strip within purple foundation  High strength geogrid 

Blue vertical foundation    Grout lattice walls 

Beige perimeter on lattice walls   Soil-structure interface elements 
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3 RESULTS AND DISCUSSION 

The model is run to completion for both the north-south and east-west sections and interrogated to show 

performance of soil and structural elements. Figures 4 & 5 present vertical settlements, showing anticipated 

free-field settlement of 0.1m while mitigating settlements at the location of the pump station to less than 

0.025m.  

 

Figure 4: Vertical ground displacements through north-south section (PLAXIS 2D, 2019). Note load on right 

of figure represents the adjacent stream and water load. 

 

Figure 5: Vertical ground displacements through east-west section (PLAXIS 2D, 2019).  

The model is further interrogated to confirm integrity of the cement grout lattice walls and shows that these 

remain intact after earthquake structural inertial loads and pseudo-static soil conditions are applied. Detailed 

deflection of the plate foundation shows differential settlements are less than 0.015m. Horizontal 

displacements at all points on the models are less than 0.020m, this includes any lateral movement of the 

stream bank towards the free face. 

Based on pseudo-static assessment utilising PLAXIS 2D, the design forms a reasonable foundation solution 

where vertical and lateral deflections are within structural tolerance, and all structural element remain sound. 

However, it is important to note the limitations of this assessment, firstly, simplified liquefaction methods 

only allow for post-liquefaction reconsolidation settlements in level ground free-field deposits. There is 

pronounced non-uniformity of liquefaction effects and consequent ground deformation, so it is rational to 

consider the calculated settlements based on the simplified methods only as a proxy for the damaging effects 
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of liquefaction rather than a reliable estimate of ground settlement (NZGS, 2019). As such, calibrating the 

model to settlements assessed by empirical estimates may be considered a proxy only. 

Secondly, a pseudo-static approach does not allow for the cyclic earthquake actions to impart kinematic soil 

loads on structural elements. Kinematic actions from liquefied soils, and importantly non-liquefied soils that 

retain significant shear strength during and after earthquake shaking may attribute considerable lateral forces 

on vertical elements such as the cement grout walls. The unreinforced cement grout walls have limited 

capacity to cope with shear forces generated by kinematic soil loads. This is considered a key risk for the 

suitability of the ground improvement to function through multiple earthquake events at this site. 

4 CONCLUSIONS 

Considering the PLAXIS 2D results we conclude that this type of modelling is not addressing the kinematic 

behaviour of the ground during earthquake shaking for this particular site. As such, the results obtained 

reflect a case which exists only when the worst-case load combinations and residual soil characteristics align. 

In addition, this may be considered intrinsically unrealistic because it does not show the interaction between 

the improved and green-field (unimproved) areas, or it doesn’t account for kinematic variability during an 

earthquake event and soil reconsolidation after the significant duration of that event.  

As such, the authors have undertaken a further assessment based on calibrated plasticity soil constitutive 

models that account for liquefaction and strain-softening, and an appropriate time-history earthquake record 

utilising the finite-difference software FLAC and is presented in Part 2 of this paper. 
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Design of pump station foundations by 

numerical modelling – Part 2 

I. Antonopoulos & M.J. Burrows  
Stantec New Zealand, Christchurch. 

ABSTRACT 

The Jeffreys water supply pump station comprises replacement of the earthquake-damaged 200m3 concrete 

suction tank with a new 500m3 tank. Ground conditions at the site predominately comprise interbedded 

alluvial silt and sand in the surficial 8.75m, underlain by dense sandy gravel. Surficial soils are susceptible to 

liquefaction triggering during earthquake shaking and the site is bounded to the south by a small stream. 

Subsequent to the quasi-static advanced design incorporating residual properties for the liquefied materials 

(using PLAXIS 2D), a more advanced numerical modelling approach is undertaken with FLAC 2D and the 

PM4Sand & PM4Silt constitutive models. The plasticity models are calibrated at a soil element level using 

data from the existing CPT and boreholes. Time-history analyses considering a Christchurch CBD Class D 

strong motion event from 22 February 2011, deconvoluted to the site stratigraphy is undertaken with and 

without ground improvement/ support elements in place, and results of soil and structural performance are 

presented. The more advanced analysis concludes that the proposed interlocking lattice-wall ground 

improvement is compromised during a similar to the February 2011 earthquake event by lateral 

displacements of the soils at the site. Further foundation options are considered and conclude that large-

diameter pile elements provide superior resilience for water supply infrastructure at the site. 

1 INTRODUCTION 

Providing resilient foundations and robust geotechnical design has become a key aspect of water supply 

infrastructure in the Canterbury area. This paper reviews the geotechnical assessment and foundation design 

for a rectangular 500m3 suction tank and associated infrastructure located in Fendalton, Christchurch. 

Various design scenarios are considered during the assessment, the critical case emerges that the tank must 

remain in service after any significant future seismic events. As such, this paper will focus on the assessment 

of seismic ground performance at the site, and the subsequent design methodologies that are applied to 

ensure a resilient foundation design. 

For clarity, this review is divided into two papers. The intent is to present results and conclusions of two 

industry accepted design solutions as follows: 
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1. An assessment based on a simplified liquefaction triggering analysis and pusedo-static ground 

conditions utilising the finite-element software PLAXIS 2D (Bentley Systems, 2019), and; 

2. An assessment based on calibrated plasticity soil constitutive models that account for liquefaction 

and strain-softening, and an appropriate time-history earthquake record utilising the finite-difference 

software FLAC (Itasca Consulting Group, 2019). 

Part 2 of this assessment is presented herein. 

1.1 Project Details 

The Jeffreys Pump Station is located at the southern end of Jeffreys reserve, an existing 200m3 capacity 

suction tank was damaged during the February 2011 earthquake and is currently offline. The purpose of the 

project is to replace the suction tank with a rectangular (15.2m x 11.5m) reinforced concrete 500m3 capacity 

suction tank and carry out all necessary works to ensure secure water supply from the pump station during 

the design life.  

A preliminary geotechnical assessment identified that soil strata at the site are susceptible to liquefaction 

triggering, and a foundation solution comprising ground improvement by installation of cement grout 

columns in a rectangular lattice beneath the suction tank is preferred. 

1.2 Site and Ground Conditions 

The pump station is located at the southern end of Jeffreys Reserve and bounded by residential property to 

the west and east, and the Wairarapa Stream to the south, as shown in Figure 1.  

 

Figure 1. Site location (Google Earth, 2019) 

An investigation programme comprising six cone penetration tests (CPT) and one machine borehole, located 

at various locations across the site consistently shows interbedded alluvial silt and sand in the upper 8.75m, 
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underlain by dense sandy gravel greater than 10m in thickness. The ground water table is set at 1.0m below 

ground surface for the assessment. A generalised soil model and basic soil parameters based on CPT 

assessment and interpretation by commercially available software CPeT-IT (Geologismiki, 2006) are 

presented in Table 1. The qc values are related to (N1)60 using the relationship suggested by Robertson 

(2012). The (N1)60 values are preferably used to calibrate and set up the plasticity models for sand and silt 

discussed in the following section. 

Table 1: Generalised ground conditions 

Layer No. Depth to Base (m) Thickness (m) Description Representative (N1)60 

1 1.25 1.25 Silt and clay 5 

2 3.40 2.15 Dense sand and gravel 49 

3 4.70 1.30 Silt and clay 4 

4 6.05 1.35 Loose sand 19 

5 6.35 0.30 Silt and clay 6 

6 7.05 0.70 Loose sand 18 

7 7.45 0.40 Silt and clay 6 

8 8.10 0.65 Loose sand 15 

9 20.00 11.90 Dense sand and gravel 50 

2 METHODOLOGY 

2.1 2D Time History Modelling 

Fast Lagrangian Analysis of Continua (FLAC) is a finite difference formulaic model that can model complex 

soil, rock, groundwater, and ground support in 2D. The most informative site cross-section has been selected, 

in terms of structures of interest, and comprises a section approximately North-South through the location of 

the suction tank and adjacent Wairarapa Stream. The soil layers that were found as prone to liquefaction and 

strain softening have been modelled using the PM4Sand and PM4Silt constitutive models respectively 

(version 3.1 and 1.0, Boulanger & Ziotopoulou, 2018) as outlined in the below methodology.  

• Calibration of the PM4Sand and PM4Silt constitutive models for all soil elements to their appropriate 

stiffness and strength to allow for liquefaction and strain softening respectively; 

• Application of the calibrated constitutive model per soil layer; 

• Application of the tank loads; 

• Application of the Christchurch Botanic Gardens (CBGS) February 2011 earthquake Class D record as a 

realistic time history at the base of the model; 

• Run the model without the proposed ground improvement/foundation solution; 

• Assessment of the kinematic effects against the proposed ground improvement solution (CFA lattice); 

• Selection of suitability reinforced pile element to withstand the assessed kinematic demand; and 

• Run the model with a reinforced pile arrangement. 
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The non-liquefiable layers (layer 1, 2, and 9) were modelled with the Mohr-Coulomb constitutive model in 

terms of shear strength and hysteretic damping to simulate the cyclic modulus – strain changes and damping.  

FLAC was selected in lieu of PLAXIS because the latter does not yet have the capability to allow for a user 

defined hysteretic damping. PLAXIS manual stipulates that as the Hardening Soil model with small-strain 

stiffness (HSsmall) incorporates the loading history of the soil and a strain-dependent stiffness, it can, to 

some extent, be used to model cyclic loading. However, it does not incorporate a gradual softening during 

cyclic loading, so is not suitable for cyclic loading problems in which softening plays a role. In fact, just as in 

the Hardening Soil model, softening due to soil dilatancy and debonding effects are not taken into account. 

Moreover, the HSsmall does not incorporate the accumulation of irreversible volumetric straining nor 

liquefaction behaviour with cyclic loading. 

The model runs produce ground deformations and the soil-structure-interaction is monitored in terms of 

deformations, strains, forces, bending moments, etc.  

2.2 Soil Parameters - Calibration 

The plasticity models for sand and silt require a series of parameters. These are grouped in two categories; a 

primary set that requires proper calibration, and a secondary set that are usually not modified. The sand and 

silt layers were assessed, and special calibrations were carried out to populate the first set of parameters 

using the guidelines and the driver programs provided by the model authors. These primary properties are: 

• Apparent relative density, DR: Primary variable controlling dilatancy and stress-strain response 

characteristics. 

• Shear modulus coefficient, G0: Primary variable controlling the small strain shear modulus, Gmax. 

• Contraction rate parameter, hp0: Primary variable that adjusts contraction rates and hence can be 

adjusted to obtain a target cyclic resistance ratio, as commonly estimated based on CPT or SPT 

penetration resistances and liquefaction correlations. 

• Undrained shear strength ratio, su,cs,eq/σ'vc that is used to compute su,cs,eq from the σ'vc at "consolidation" 

(i.e., at the time of model initialization). The undrained shear strength, su,cs,eq, is specified undrained 

shear strength at critical state for the current void ratio. 

The calibrated primary set of plasticity model properties per soil layer where they were applied are presented 

in the below Table 2. 

Table 2: Primary soil parameters for the PM4Sand and PM4Silt plasticity models 

Layer 

No. 

Apparent 

Relative 

Density DR 

 Shear Modulus 

Coefficient G0 

Contraction Rate 

Parameter hp0 

Undrained Shear 

Strength Ratio 

su,cs,eq/σ’vc 

Plasticity Model 

3  404 60 0.73 PM4Silt 

4 0.44 530 0.65  PM4Sand 

5  453 60 0.71 PM4Silt 

6 0.43 515 0.65  PM4Sand 

7  455 50 0.63 PM4Silt 

8 0.43 506 0.60  PM4Sand 
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2.3 Strong Motion Record 

The Christchurch Botanic Gardens (CBGS) February 2011 earthquake Class D record was selected as a 

realistic time history to be applied at the base of the model. The record was deconvoluted as an outcrop 

motion to the base of the model and baseline corrected. A 1.25 numerical scaling factor was applied. The 

unscaled record’s plot is shown in the below Figure 2. 

 

Figure 2: Christchurch Botanic Gardens (CBGS) February 2011 earthquake Class D record, deconvoluted 

and baseline corrected 

3 RESULTS 

Running of the calibrated constitutive model with the February 2011 earthquake CBGS time history record 

indicates liquefaction being triggered in loose sandy soil strata from 4.70m to 8.75m below existing ground 

surface and partial strain softening of the in-between silt layers. The phenomenon is present under all loading 

cases, i.e. free field, with imposed structural loads with and without piles. 

The kinematic effects (soil displacement) for a no ground improvement option are such that a horizontal soil 

displacement component is developed in the order of over 0.30m (Figure 3). With the addition of the 

reinforced concrete shaft piles this behaviour is damped but it concentrates to the lower sand layers 6 and 8 

(Figure 4). 

It is important to notice that in all cases examined a permanent differential horizontal displacement develops 

within the liquefied/strain softened zone which is about 0.20m. This is not expected to be visible on ground 

surface as it is capped by a dense sand layer (approximately 4m thick). This displacement pushes any non-

reinforced concrete element to failure. Hence, piles with adequate shear and bending capacity are selected as 

the updated foundation solution as a result of the numerical analysis. These are expected to tilt within 

tolerance under a similar event and to be functional in the future. 

We have also undertaken an additional FLAC model simulating a minor earthquake time history (by 

applying a numerical scaling of 0.8 to mimic ground response close to a SLS event. While lateral ground 



 

6 

 

displacements were reduced, the magnitude of the displacement and corresponding kinematic soil load on 

unreinforced vertical elements pushes them to failure. 

 

Figure 3: Finite-difference model representing the end of the time history analysis without ground 

improvement over the North-South section (FLAC, 2019) 

 

Figure 4: Finite-difference model representing the end of the time history analysis with load bearing shaft 

piles over the North-South section (FLAC, 2019) 
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The layers that liquefied during the time history simulation were Layer 4, Layer 6, and Layer 8. The layers 

that exhibited strain-softening effects were Layer 5 and Layer 7. Their stress-strain traces for the shaft pile 

case are plotted in Figures 5 and 6 respectively. 

   

(a)    (b)     (c) 

Figure 5: Liquefied layers - plots of shear strain vs. shear stress for Layer 4 (a), Layer 6 (b), and Layer 8 (c) 

  

(a)    (b) 

Figure 6: Strain-softened layers - plots of shear strain vs. shear stress for Layer 5 (a), and Layer 7 (b) 

4 DISCUSSION – CONCLUSIONS 

It is important to note that that lateral ground movements at the site are not the result of the phenomenon 

widely known as lateral spreading or lateral stretch. Lateral deformations are the result of the site-specific 

layering of liquefiable and non-liquefiable soil strata, and their performance during cyclic earthquake 

shaking. Lateral movement between these layers create a situation where any vertical structural elements 

embedded in the soil become subject to large shear forces from the kinematic soil loads.  

By distinction, lateral spreading as defined by Rauch, 1997 comprises the finite, lateral displacement of 

gently sloping ground, or ground adjacent to a free face because of pore pressure build-up or liquefaction in a 

shallow underlying deposit during an earthquake. This phenomenon typically results in cracking and 

significant localised lateral movement at the ground surface. No observations of lateral spreading were 

recorded at the Jeffreys Pump Station site during historic earthquakes and this is confirmed by the FLAC 

time history plastic modelling. 
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The magnitude and location of lateral ground movement are such that an un-reinforced concrete-based lattice 

ground improvement is unlikely to provide the requisite resilience for the structures at the site. Primary 

concerns are that at least the external walls will not survive a design earthquake event, this in turn would 

render the ground improvement ineffective in any future event and any remediation would be inhibited by 

the presence of the damaged lattice walls below the structures. 

It is also important to note that a the pseudo-static 2D finite element analysis discussed in Part 1has not 

identified lateral displacement and associated kinematic loading of soil at depth during earthquake shaking. 

Furthermore, the piles were assessed to have adequate shear and bending capacity to withstand lateral ground 

movements and associated kinematic loads. Piles are expected to tilt within tolerance during a ULS 

earthquake event and to be functional in the future. 

A review of both sets of assessments i.e. Parts 1 & 2 of this review, a reinforced concrete bored (shaft) pile 

foundation solution, socketed a minimum of 2.00m into the dense sandy gravel at approximately 9.00m 

below ground surface, was recommended to be adopted. We believe this provides the greatest level of 

resilience during future earthquake events while meeting other project requirements such as speed of 

construction, non-impact or non-vibratory installation techniques, and cost. It also has the benefit of being 

well understood foundation construction method by local contractors and robust QA procedures can be put in 

place to ensure piles meet all design criteria.  
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Innovation Under Pressure – Ohau Point 
Slope Stabilisation 
M.B. Avery,  
GeoStabilization NZ Ltd, Auckland  

C. Barrett,  
GeoStabilization International, Grand Junction, CO USA  

 

ABSTRACT 
 

Following the M7.8 Kaikoura Earthquake GeoStabilization NZ Ltd (formerly Hiway 

GeoStabilization Ltd) were awarded the North Face Ohau Point Scaling and High Tensile Mesh 

Installation contract.  The original design to mitigate rockfall hazards included a pinned high tensile 

steel wire mesh.  The ground conditions encountered were some of the worst in the region as the 

slope was highly affected by ground shaking and ridge amplification. 

Subsequently the original programme was delayed by the condition of the slope.  In order to 

accelerate access for road construction crews below Ohau Point a re-evaluation of the original 

efforts was required and a value engineered ring net drape solution was proposed by GSI to cover 

the highly unstable upper section of the bluff.  The design, using WASHDOT and FHWA 

guidelines, incorporated innovative tools and techniques that were “outside-the-box” & different 

from traditional methods.  GSI focused on an international best practice approach to the design and 

construction methodology which allowed us to complete the design and have it approved (by 

NCTIR) in less than a week. 

The temporary works included coverage of approximately 5,500 m2 of 40˚ to 80˚ slopes. Key 

components of the design were the use of a 6on1 ring net to optimise coverage and minimise 

choking during helicopter installation, and the consideration of the frictional resistance (interface 

friction) provided by the ring net on the shallower upper slopes.  The project exhausted the global 

supply of 6on1 ring net with materials airfreighted from suppliers in Western Europe and North 

America. 

1. INTRODUCTION 

Shortly after midnight on Monday 14th November, a large magnitude 7.8 quake struck the small South 

Island settlement of Waiau in North Canterbury, 100km north of Christchurch.  The quake was the largest 

in New Zealand since the magnitude 7.8 Dusky Sound earthquake in 2009 (GNS 2016).  While shaking was 

widespread with over 15,000 recorded ‘felt reports’, the worst shaking occurred about 50 seconds after the 
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quake rupturing started.  The energy of the tremor progressed north over several minutes with surface rupture 

recorded on a total of 21 faults.  The length of all the fault ruptures combined is close to 100km (GNS 2016). 

The degree of ground shaking was high, recorded as Modified Mercalli Intensity Scale (MMI) Level 8 – 

Severe.  This level of shaking causes considerable damage in ordinary buildings with partial collapse 

including fall of chimneys, factory stacks, columns, monuments, walls, etc.  At a human level, people 

experience difficulty standing; while furniture and appliances shift.  Geologically the damage depends on 

the geological setting.  In Kaikoura and the surrounding area, especially the coastal highway State Highway 

1, north and south of the town, many of the slopes consist of over steepened weathered, fractured greywacke.  

During the quake, the shaking caused significant and widespread damage with a total of 26 major slips (and 

many smaller slips); closing both State Highway 1 and the Main North Rail Line between Picton and 

Christchurch. 

The earthquake most severely impacted the coastal road and rail which hugs the coastline along a stretch of 

some 20 km north and south of the coastal tourist town of Kaikoura. These links serve as the South Island’s 

primary rail and state highway routes. The transport corridor follows the coastal alignment and is situated 

on a very narrow bench at sea level. The coastal mountain range rises from sea level up to some 500 meters 

of elevation. The earthquake triggered a significant series of rockfall landslides with some 40 major slides 

reportedly dislodging some 750,000 m3 of rockslide debris which buried many sections of the transport 

corridor. The town of Kaikoura was completely isolated for over a month until access south was re-

established via an alternative inland route.  During November and December, the initial recovery effort 

involved helicopter support to service Kaikoura and this effort was primarily supported by the coincidental 

presence of an international Navy operation which provided airlift and marine support from USA, Canada, 

Australia, and New Zealand. 

The highway and rail north arteries were closed for 12 months and a reconstruction team, North Canterbury 

Transport Infrastructure Recovery (NCTIR), was quickly established as a government led alliance, tasked 

with the rebuild.  A deadline of 12 months was established to have the full length of the alignment (southern 

and northern road and rail corridor) opened by Christmas 2017.  The monumental task of the design-build 

recovery at an initial value of $1.5 billion and a workforce of up to 3000 personnel began in earnest in 

January 2017.  

2. INITIAL REMEDIATION ATTEMPTS 

Immediately following the earthquake, it was imperative to get an understanding of the situation; what 

damage had occurred to what infrastructure.  Representatives from the two main transport networks, New 

Zealand Transport Agency (NZTA) (road) and KiwiRail (rail), and their respective engineers inspected the 

main routes by helicopter.  At the same time, geologists and earthquake specialists from the Institute of 

Geological and Nuclear Sciences (GNS) and around the world were undertaking more specific scientific 

inspections.  It soon became very apparent that the severity of this quake was far worse than initially thought, 

and the damage to infrastructure was significant. 

Geotech engineers identified over 85 slope failures affecting the road alone, while GNS scientists reported 

21 faults (later expanded to nearly 30 separate fault surface ruptures).  The slope failures affecting the road 

were categorized into primary, secondary and tertiary failures depending on the level of effect to the road.  

Primary failures, over 40 in total, were those directly affecting the highway, i.e., presenting an immediate 

hazard such as debris on the highway, or debris subject to imminent failure.  Secondary and tertiary failures 
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would likely affect the highway at some point (following future trigger events) but weren’t immediately of 

concern. 

Engineers quickly determined that treatment of the failed primary slopes was going to be non-conventional.  

The slopes were too steep and surrounded by inaccessible terrain to allow treatment using excavators and 

bulldozers, as would normally be used in such circumstances.  The slopes were also too active, and the area 

was at high risk of further ground shaking events through the expected typical aftershock sequences. 

Heli-sluicing was quickly identified as the most appropriate primary means of treating the slopes while the 

ground shaking activity subsided; this would also allow time to consider more direct, permanent treatment 

options.  Heli-sluicing involves the use of helicopters fitted with firefighting ‘monsoon’ buckets dropping 

around 1000 liters of water at a time directly onto the slope.  In the case of Kaikoura, the buckets were filled 

from the ocean and water washed onto the slopes in a targeted manner.  Geotech engineers monitored the 

sluicing operations directing the helicopter pilots to target areas. 

At the peak of operations, thirteen helicopters were in use, and in some cases up to seven machines focusing 

on single areas.  This repeated washing of the slopes released significant volumes of material.  While not as 

effective as manual scaling or blasting activities in the case of Kaikoura it was deemed the only suitable 

(safe) option in the short term.  Adding to reduced effectiveness was the fact that the slopes were dry with 

very little rainfall in the weeks preceding the quake (heli-sluicing is most effective on already saturated 

slopes where even small volumes of additional water can mobilize, or keep mobilized, failed slopes).  This 

being said the total volume of water exceeded 152M litres which had a profound effect on the slopes. 

Sluice cannons were proposed initially but considered by NCTIR to be too ineffective and the decision was 

made to use helicopters.  The benefit of using cannons is the delivery of high pressure and high volume.  

Heli-sluicing provides high volume, but only low pressure water delivery.  To improve the effectiveness of 

the heli operations, some operators, especially those from the Central Otago region of the South Island where 

heli-sluicing is quite common, used modified buckets with a funnel at the outlet to concentrate the flow of 

water. 

After some weeks of heli-sluicing, several of the sites were able to be treated through more traditional 

manual scaling operations using rope access techniques.  The slopes were treated from the top down and 

typically work only focused on the head scarp area of the failures.  This was to reduce the risk to the rope 

access technicians by limiting their exposure to rockfall further down the slopes, while still managing to 

create safer work areas at the base of the slopes for protected machinery to operate. 

Extensive manual scaling and blasting began in 

earnest initially in the southern zone (the area of 

State Highway 1 south of Kaikoura) where NCTIR 

saw an opportunity to be able to reopen this section 

of the road before Christmas 2016.  Rope access 

technicians were flown to the top of the slips and 

began clearing all large debris from the top down.  

Blasting was common on hard-to-move blocks, but 

airbags were more commonly used as a fast and 

highly effective way to dislodge blocks weighing 

more than 20 tonnes. 

Shortly prior to Christmas 2016 the first heavy 

machinery was used to clear slip material from the 
Figure 1: Kaikoura heli-sluicing operations 
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road.  The initial efforts used remote-controlled excavators, which were originally developed following the 

2011 Christchurch earthquakes.  This technique provided heavy machinery access into areas where ongoing 

rockfall presented too high a risk for human-operated machines, even with the most heavily armoured 

equipment.  These efforts, clearing hundreds of thousands of cubic meters of slip material from the road, led 

to the southern zone reopening for the busy Christmas holiday traffic.  Traffic resumption allowed a degree 

of normality to return to Kaikoura and boosted the local economy which is dependent upon on tourism and 

holidaymakers. 

Heli-sluicing continued at various locations around Kaikoura through until May 2017 dropping over 

152,000,000 liters of water with an estimated cost of USD 1.2M per week.  Manual scaling activity reduced 

during September and October 2017 with no further large-scale work undertaken by Christmas of that year.  

Earthworks were all but complete by Christmas 2017. 

3. REEVALUATING THE ORIGINAL EFFORTS 

Following the Christmas of 2016, the focus moved onto designing and constructing more permanent 

stabilization solutions, as well as focusing on reopening the road in the northern zone (SH1 north of 

Kaikoura).  The first durable design, for Slip 6 North Ohau Point, was released to invited tenderers in 

February 2017.  This site was identified as the largest, most hazardous site on the network, and a potential 

choke point for rebuilding the road north of Kaikoura;  due to its sheer size, the significant area requiring 

treatment, and the high degree of exposure from out-sized rockfall. 

Hiway GeoStabilization (HGS), a joint venture between GeoStabilization International and the Hiway Group 

from New Zealand, (now operating as GSI) were the successful tender winners with work starting mid-

March.  The solution for this slope was typical for almost all the remainder of slope treatments throughout 

the Kaikoura region and included pattern bolting and meshing of affected areas.  Due to durability 

requirements, most of the slopes, including Ohau Point, were treated with high tensile steel wire TECCO 

mesh from Geobrugg which has a superior protective coating. 

Completion of the installation at Ohau Point would allow safe access to the lower reaches of the slope that 

required additional remedial work, as well as significant debris clearance on the highway platform below.  

Before the meshes' and anchors' installation, significant manual scaling was needed to prepare the slopes 

and make them safe for access.  Again this was typical of all sites in the rebuild.  The total area of treatment 

Figure 2: Before and after extensive heli-sluicing (and some earthworks) on Slip 3 North 
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on the upper slope at Ohau Point was in the order of 5,600 m2.  The lower face, requiring manual scaling 

and localized rock bolting, had an area of around 12,500 m2.  The total area of slopes treated with this same 

or similar solution exceeded 50,000 m2. 

For Ohau Point, GSI proposed the use of a low 

carbon, low phosphorous steel hollow bar product 

as an alternative to the proposed standard 

galvanized steel hollow bar.  The reduced carbon 

content bar improves both the durability and 

ductility of the steel, which is critical in a coastal, 

high seismic environment. 

Other sites throughout the rebuild involved very 

similar designs with local variations in dowel/nail 

depth and spacing.  High angle, high risk, unstable 

slopes were predominantly treated with 

dowels/nails and high tensile steel wire mesh while 

low angle, lower risk sites used dowels/nails and 

mild steel wire double twist mesh.  No sites were 

treated with dowels alone although several sites 

were treated with various drape solutions. 

Figure 3: Ohau Point, December 2016 (photo courtesy Opus) 

Figure 4: Rockfall barrier adjacent Raramai Tunnels 



6 

 

In addition to the slope treatments extensive rockfall and debris flow barrier installations were completed in 

the south with several long, moderate capacity (2000 to 3000 kJ) systems planned for construction in the 

north zone during 2018.  The majority of the systems have been installed at or slightly above road level 

which reduced installation time and costs.  In areas where space was available, rockfall and debris flow 

bunds were constructed.  All these systems have already been proven effective with several requiring 

emptying and repair following recent (early 2018) rainfall-triggered slope failures.  At these specific sites, 

no material reached the highway. 

4. THINKING OUTSIDE THE BOX 

Several sites were remediated with unique solutions considered outside-the-box in terms of traditional slope 

remediation techniques.  One of these is Site 14 South where treatment of the source area was deemed not 

to be cost-effective.  A bespoke rockfall attenuator was designed for the site in combination with the early 

massive scaling and heli-sluicing operations.  A sluice cannon was also used at this site, with great effect, to 

remove more unstable surficial material. 

The installed rockfall attenuator is a modification of a Geobrugg rockfall barrier.  The structure of the barrier 

is the same in regards to posts, base plates, and upslope anchors, but varies with a reduced number of lateral 

wire ropes (no bottom rope is used).  The mesh and ring net of the main system is not attached at the bottom 

and is left to hang down the slope beyond the base of the normal rockfall barrier structure.  This provides 

similar energy absorbing capacity of the original barrier, but allows the captured material to continue 

downslope to an area where it can be easily removed.  These systems are ideal for sites where a  high volume 

of material is expected to impact the system, or where access for future cleaning and maintenance is difficult. 

This is the second installation of these high energy attenuators in New Zealand with two Geobrugg 3000 kJ 

and one 5000 kJ system installed on SH6 at Diana Falls (Haast Pass) following a significant landslide event 

in 2013.  While these systems have required ongoing maintenance due to a very high energy environment, 

the road has not yet been affected by rockfall since the installation was completed. 

Ohau Point was another site where non-traditional 

solutions were employed.  During the early stages 

of the rebuilding process, the New Zealand 

Government pledged that up to NZ $2B would be 

spent to open this vital road and rail link.  In 

addition to this funding pledge, the government 

pledge that the road would be open by December 

15, 2017.  The original programme for Ohau Point 

allowed for approximately three months of 

construction time including manual scaling, pattern 

bolting, and mesh installation.  Understandably, the 

client required access to the road and beach 

platform below in the shortest timeframe possible 

to enable construction of a new seawall and 

highway. 

Along with this increased pressure from the 

government and now the people of New Zealand, 

significant weather delays, unfavourable winter Figure 5: Rockfall/debris flow bund at Mangamaunu 
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conditions, and challenging & dangerous ground conditions were causing delays in completing the original 

design work.  To accelerate access below Ohau Point, NCTIR requested GSI provide an alternative 

methodology/solution.   

Some options to accelerate the programme for the original solution were proposed; however, after lengthy 

consideration, all were deemed to be unsuitable for various (mainly safety) reasons.  GSI then started to 

think outside-the-box and suggested some alternative solutions including polypropylene reinforced Gunite 

treatment of the entire slope. 

After careful consideration including material availability and overall programme,  the client accepted a ring 

net drape option to be installed as an addition to the existing permanent pinned mesh solution.  Sequencing 

involved installing the drape system immediately and in its entirety, with tensioned wire ropes across the 

bottom of the drape creating a closed system allowing access to the beach platform below  Then the pinned 

mesh solution would be constructed.  The drape's design included perimeter anchors connected with wire 

rope, a primary ring net drape over the full 5,600 m2, followed by a secondary high tensile mesh drape over 

the top of the ring net.  Lastly, wire ropes were installed across the base of the system and tensioned. 

While in many situations the original high tensile mesh could be installed to act as a drape and no further 

work would be required, the size of potential rock failures behind the mesh would risk compromising the 

system.  The ring net was chosen to protect against more significant potential failures, and the high tensile 

secondary mesh installed to contain the smaller material.  A 6-on-1 ring net was chosen as it maintains its 

width when lifted (doesn’t choke in the middle) – which is critical when installation is via helicopter.  The 

ring net was installed first as it conforms to the slope better than the high tensile mesh.  At the completion 

of the drape, the pattern bolts of the original design were installed directly through the drape with all 

components (ring net and high tensile mesh) now forming part of the permanent system.  

Figure 6: Installing the drape on Ohau Point 
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5. LOGISTICS & PLANNING 

Undertaking construction work of this nature is challenging at the best of times, even when resources, 

services, and transport options are abundant.  Add to the mix the remoteness of the Kaikoura area, combined 

with severely restricted services following a major earthquake (including limited transport routes and 

essential emergency services), and it is easy to imagine the significant logistical exercise these projects 

became. 

Planning for replenishment of materials and consumables required careful consideration of numerous 

factors, none the least the weather.  With construction continuing through the winter, an average week saw 

the loss of 2-3 work days.  The steepness of the terrain in the region means that the majority of the slip sites 

have only helicopter access to and from the work site.  This predestined air delivery of all staff, materials, 

tools, plant & equipment, and regular replenishing of consumables (such as water and fuel for grouting 

operations) - a very laborious effort. 

While helicopters are great tools in this industry, they have considerable downsides.  They are highly 

dependent on weather for example, and the Kaikoura region is subject to regular low sea fog which inundates 

the coastal cliffs; as well as strong coastal winds.  For safety reasons, work is cancelled for the day if either 

of these conditions set in since the only emergency rescue option available is via helicopter and being left 

stranded on the top of the site overnight is not very appealing, nor safe. 

With such irregular and uncontrollable delays inflicted on the construction programme, daily and weekly 

planning takes considerable time and effort.  Coordination with local and national providers is essential.  

Even with the significant improvements to the slip sites, the road south of Kaikoura was regularly closed 

due to fresh activation of slips.  This led to considerable delivery delays and local providers had only limited 

stock that needed to be continuously replenished. 

For the redesign of Ohau Point, considerable 

challenges needed to be overcome.  The design (by 

GSI) and review process were completed within 

one week, and perimeter anchor installation began 

immediately following.  Sourcing of the 6-on-1 

ring net resulted in a worldwide search, and 

eventually, the global supply was exhausted.  

Suppliers were found in North America and 

Western Europe, and due to the significant pressure 

from Government, the ring net was flown into New 

Zealand on specially chartered aircraft.  The ring 

net installation began three weeks after the start of 

the perimeter anchor installation. 

Further logistical issues arose with New Zealand's 

supply of shackles, required to connect the ring 

nets, being exhausted before even the first order 

was completed.  The remainder of the product 

came from as far away as Europe as Australian 

suppliers scrambled to maintain stock.  This 

replenishment in itself became a daily struggle, 
Figure 7: Installing the drape on Ohau Point 
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balancing daily quantities of ring net installation with urgent courier deliveries of bags of shackles. 

While Ohau Point had significant challenges, these were combined with logistical problems from 40 other 

rockfall construction projects, over 60 km of road reconstruction, over 1 million cubic meters of earthworks, 

and rebuilding of 100 km of rail including collapsed bridges and damaged tunnels.   

6. SUMMARY 

The rebuild of the road and rail networks damaged after the Kaikoura earthquakes has been the largest such 

undertaking ever in the history of New Zealand.  With four of the largest contracting firms in the country 

combining their resources to form the NCTIR alliance, and a plethora of sub-contractors ranging from bridge 

experts to rockfall specialists, at times up to 3000 workers have been involved in the rebuild.   

Remedial measures have at times been somewhat rudimentary and at others entirely left field from more 

traditional solutions.  During the initial response many decisions were made on the fly in order to simply 

make the area safe for restricted access, and while longer term, permanent solutions were being designed.  

Add to this political pressures requiring significant design changes only further complicated the already 

incredibly challenging task of working in this environment.   

While work will be ongoing through 2018 and beyond, the target to get the road open on December 15th 

2018 was achieved to the relief of the nation. 

Major project milestones: 

• 19th November 2016 - Inland Road into Kaikoura open, 5 days after quake 

• 12th December 2016 - SH1 south into Kaikoura open (restricted) 

• 9th June 2017 - First rail into Kaikoura (from south) 

• 8th September 2017 - SH1 north into Kaikoura, safe route under Ohau Point established 

• 15th September 2017 - Rail open north and south of Kaikoura 

• 15th December 2017 - SH1 Road Open. One year, one month, one day on from the earthquake 

7. ACKNOWLEDGEMENTS 

Matt Hayes Photography - www.matthayes.co.nz, for the use of photos. 

NCTIR for access to work sites throughout the rebuild zones. 

South Pacific Helicopters for ongoing helicopter support. 

8. REFERENCES 

GNS Science, 2016. M7.8 Kaikoura quake the biggest since the Dusky Sound jolt in 2009 - 15/11/2016, 

GNS media release, 14/11/2016 7:49am 

FHWA, 2009. Use of Ring Nets for Slope Protection for Rockfall: End-of-Construction Report.  

Experimental Feature Study, Geotechnical Report C-7540, SR 28, Rock Island – Rock Slope Nettings. 

NCTIR, 2017.  SH1- Ohau Point, the last slip in the red zone.  September-November 2017 - milestones 

achieved.  NCTIR Newsletter, online release. 

http://www.matthayes.co.nz/


 

1 

 

Kaikoura Earthquake 2016: Case Study for the 

design and installation of a 2000kJ rockfall 

barrier at Ohau Point 

P. Aynsley 
Riley Consultants Ltd (NCTIR Geotechnical Engineer), Christchurch. 

M. McCallion 
WSP (NCTIR Engineering Geologist), Christchurch. 

E. Ewe 
Geofabrics NZ Ltd, Auckland. 

ABSTRACT 

Significant damage was caused to the upper South Islands main transport corridor along the 

Kaikoura Coastline by the Mw 7.8 Kaikoura Earthquake on 14 November 2016. Both the State 

Highway (SH1) and Main North Rail Line (MNL) were impacted by landslides, fault displacement 

and rockfall leading to extensive disruption and closure of both critical transport links. One of the 

largest landslides developed at Ohau Point, 23 km north of the Kaikoura township, where over 

130,000 m3 of debris inundated the transport corridor. Waka Kotahi Transport Agency (Waka 

Kotahi) and KiwiRail established the North Canterbury Transport Infrastructure Recovery (NCTIR) 

alliance with the goal of re-opening the infrastructure links along the Kaikoura Coast as quickly as 

practically possible. 

Reviews of the unstable slopes above the road following the earthquake, lead to the decision to 

relocate SH1 onto a Mechanically Stabilised Earth (MSE) embankment and concrete seawall 

around the base of Ohau Point. To mitigate rockfall and landslide hazards at Ohau Point slope 

protection works were installed above the new road alignment. These included anchors and mesh 

high upslope, repurposing the old SH1 road as a catch bench, and the installation of a 2000 kJ rock 

fall barrier adjacent to the new road. This paper outlines the design and construction challenges of 

installing a 600 m long 2000 kJ rockfall barrier on reprofiled landslide debris and the need to work 
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with the barrier manufacturer during installation to ensure the ETAG 027 certification requirements 

were met. 

1 INTRODUCTION 

Ohau Point is a coastal promontory at the eastern end of an east-west trending ridge, cresting up to 180m 

above sea level. At Ohau Point Pahau Terrane greywacke is overlain by various thicknesses of colluvium 

(Rattenbury et al., 2006). The greywacke is typically highly fractured and blocky often with open jointing, 

that was significantly dilated by shaking associated with the Kaikoura earthquake. Site [P6S] is located on 

the southern face of Ohau Point and comprises three distinct debris chutes (P6A, P6B and P6C). [P6N] is 

located on the northern face of Ohau Point. Figure 1.  

 

Figure 1 Site overview plan, [P6N] and [P6S] Ohau Point (post-earthquake image) 

Landslide clearance and slope stabilisation works now constructed at Ohau Point have been designed to 

reduce the risk to the road and rail corridors from the identified geo-hazards (rockfall, debris avalanches, and 

shallow to deep-seated landslides), and to allow reinstatement of the transport corridor. The overarching 

objective of the design process has been to reduce the likelihood of the geo-hazards affecting the 

transportation corridor to acceptable levels utilising an “As Low As Reasonably Practicable” (ALARP) 

approach. Also, NSW RTS ARL and a KiwiRail risk rating schemes have been applied to the site to inform 

remediation design. 

2 PROJECT WIDE DESIGN CONSIDERATIONS AND LIMITATIONS 

The NCTIR programme of works is a disaster recovery effort and as such decisions were required to be made 

at an early stage without the level of supporting information or investigation which would normally be 

undertaken on the projects if they were pre-planned and constructed in isolation. The key constraints and 

limitations for the site were. 

• Early procurement requirements ahead of design which dictated standardised design approaches. 

• Limited timeframes for design and construction in order to meet planned rail and road opening dates. 
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• Proposed design limited to resources and materials readily available. 

• Limited investigations or scoping of works prior to works commencing. 

• Consideration of adjacent and conflicting construction works restricting access and/or constructability. 

• Culturally sensitive areas within the site. 

It is considered that downslope mobilisation of a large single mass (exceeding 500m3) is unlikely to occur in 

anything other than extreme rainfall or earthquake events (>1/500 annual probability of exceedance). 

Mitigation works were not designed prevent a debris avalanche of this volume from intruding into the new 

highway corridor as this was not considered to be “reasonably practicable” in accordance with the ALARP 

principle given the anticipated low probability of the triggering event. 

A critical aspect of the scope to be managed and delivered by NCTIR was that designs used in the restoration 

of the transport corridor needed to meet the requirements of KiwiRail and the Waka Kotahi. With the rail 

entering a tunnel at the southern end of the site and exiting well to the north, it passes behind much of the 

landslide affected area, and therefore required minimal consideration for the P6N and P6S design process. 

Section 2.1.5 of the NZTA Bridge Manual (Third Edition Amendment 2, May 2016) outlines the working 

life requirements for bridges or earth retaining structures. While rockfall/debris flow barriers are not 

specifically mentioned NZTA has indicated that their desired design life is also 100 years. Section 2.1.6 also 

states that “Structures shall be sufficiently durable to ensure that, without reconstruction or major renovation, 

they continue to fulfil their intended function throughout their design life.”. NCTIR sought departures from 

the Bridge Manual to reduce the design life from 100 years to 50 years for the European Testing Agency 

Guideline for rockfall protection kits (ETAG 027) certified barriers and also for the drilled ground anchors to 

be used for the barrier foundations. 

2.1 Departures 

Certification to the ETAG 027 provides an assumed working life of 25 years without rock impact under 

normal environmental conditions and 10 years under aggressive conditions provided that the barrier is 

regularly maintained. 

To extend the design life of rockfall barriers beyond the ETAG 027 25 year certification, regular inspection, 

maintenance and replacement of components needs to be undertaken. It is considered likely that the rockfall 

fence will be impacted by debris well within the 50 year design life and major maintenance will be required 

following these events. 

2.1.1 ETAG 027 

The European Organization for Technical Approvals (EOTA) endorses the European Technical Approval 

Guideline “Falling rock protection kits” (ETAG 027), where a testing procedure for CE marking of a net 

fence has been defined (Peila and Ronco 2009). It is noted that ETAG 027 was superseded by European 

Assessment Document EAD 340059-00-0106 in July 2018, after the barrier design phase was complete.   

3 UPSLOPE WORKS – THE TOP DOWN APPROACH 

Following the iterative and systematic design optioneering process (Saul and Anderson 2019) and (Horrey 

and Saul 2020) slope remediation commenced. Works completed at the [P6S] and [P6N] zones followed a 

‘top down’ approach, where slope instability was mitigated before work directly below commenced.  

Extensive slope treatment of upper source areas by helicopter sluicing and roped access scaling was initiated 

first. At the steeper [P6N] zone a draped ring net and high tensile mesh wrapped over the upper north face to 

stabilise the area and facilitate roped access to the lower slopes. Once that access was established, remote 

monitoring and rock dowel stabilisation of specific features below the meshed area were installed.  
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Removal of landslide debris by armoured excavator once ALARP risk mitigation was achieved in the upper 

source areas. As debris removal continued, a realignment of the highway away from the slopes onto a 

bedrock shore platform (raised by the earthquake) was undertaken to reduce the rockfall risk to traffic. The 

road realignment was progressively routed over the MSE embankment and concrete seawall around the base 

of Ohau Point as lifts progressed. Unearthing of the old road bench and establishment of a continuous earth 

bund along its outer edge, effectively re-purposed the old road as a rockfall and debris catch bench. 

Reprofiling of remnant colluvium and landslide debris below the old road bench to provide a uniform grade, 

acts as a retarding zone to any material bypassing the catch bench. These works were completed by 

December 2018. Figure 2. 

 

Figure 2 Works completed prior to commencement of 2000kJ barrier construction (Dec 2018) 

Localised scaling and rock dowels were installed where slopes below the old road bench comprise in-situ 

rock not suitable for reprofiling. With the upslope rockfall protection structures in place and the final 

alignment of the new SH1 defined, installation of a high resistance rockfall barrier (fence) between the 

highway corridor and the toe of the profiled slope could commence. 

4 HIGH RESISTANCE ROCKFALL BARRIER (HRRB) DESIGN 

The HRRB fence is the final line of defence and will intercept any rockfall arriving at the inside edge of the 

new SH1 road corridor. This type of fence has been chosen because: 

• Observations during storm events while upslope works were in progress indicated that material could 

bypass the catch bench and bund if it becomes overwhelmed in extreme events These were noted to 

occur at a variety of locations along the [P6S] and [P6N] zones.  

• Flexibility to position the fence on a variable slope adjacent the road  
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• The rockfall fence does not require any additional footprint. To accommodate any alternative structure 

(wall or bund) the slopes above would need to be steepened to an unacceptable angle. 

• The deflection zone required on the downslope side of the fence (1.2 x fence height) is provided by the 

swale drain included in the SH1 road corridor design, so no additional space is required. 

• Good construction and maintenance access is available from the new SH1 road corridor. Ongoing access 

behind (upslope of) the fence is not required as debris clearance can be achieved by releasing individual 

fence panels and removing debris from the new SH1. 

4.1 Rockfall Modelling 

Two dimensional rockfall modelling was carried out to inform design of the fence, details of the 

methodology are provided in Colgan (2018). Rockfall modelling proved a particularly useful tool in the 

design of rockfall interception structures (Figure 3), when calibrated against rockfall trajectories determined 

from field trials of varying dimensioned boulders released from likely source areas (Horrey and Saul 2020). 

 

Figure 3 Example rockfall simulation showing the effect of the proposed rockfall protection measures, [P6N] 

2D Rockfall modelling results from identified preferential rockfall paths are summarised in Table 1, with 

those preferential trajectories shown on the 3D rockfall trajectory analyses of Figure 4. Block size 

distributions were refined based on field observations and vary across the site. Modelling indicates that < 1% 

of 95 percentile size boulders will pass the fence if they have bypassed the catch bench, bund and profiled 

uniform slope above. 

 

 

 

 

Table 1: Summary of the f individual rockfall analyses results at site P6. 
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Section* 
% passing 

bund 

95% bounce 

height at bund 

(m) 

95% kinetic 

energy on 

bund (kJ)** 

% passing 

fence 

95% bounce 

height at fence 

(m) 

95% kinetic 

energy on 

fence (kJ)** 

A1 < 1% 0.5 200 < 1% < 1 < 10 

B 1% 4 100 < 1% < 1 < 10 

D1 10% 7 155 < 1% < 1 < 50 

G*** 12% 10-21 650-1000 < 1% 0.2-3.0 65-1105 

H 16% 10 100 < 1% 1.9 115 

J 25% 15 100 < 1% 3.25 145 

*Section matches Figure 4 trajectories. ** Translational kinetic energy *** Multiple sources considered 

 

 

Figure 4 Rockfall hazard heatmap showing preferential rockfall paths (after Colgan 2018) 

4.2 HRRB Design Matched Bounce Height and Impact Loads 

The 4 m high, 2000 kJ Maccaferri RMC 200/A HRRB was adopted early in the design process to allow for 

procurement lead times and leveraged benefits of providing a standardised product being deployed at 

similarly impacted sites along the NCTIR project corridor. The Maccaferri RMC 200/A will accommodate 

the modelled impact energy and bounce heights from individual rockfall (95th percentile block size) 

assuming this as representative of the MEL (analogous to a ULS impact). MBIE guidelines (“Design 
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considerations for passive protection structures”, 2016) suggest a serviceability energy limit (SEL, analogous 

to an SLS impact) of 0.33 x MEL. The fence readily complies with this in all but the most extreme design 

case for rockfall path G (Table 1). 

 

Figure 5 Maccaferri RMC 200/A configuration elements (Maccaferri 2013) 

4.3 Fence Anchor Loads 

Loads for the anchors and foundations are sourced from manufacturers documentation (Maccaferri 2014). 

These reference loads are unfactored loads based on MEL testing of the fences as part of ETAG 027. 

The design criteria used to calculate the required minimum bond length for the anchors is based upon Table 2 

of  BS8081:2015, a minimum Factor of Safety (FoS) of 2.0 has been used for the ultimate grout/ground bond 

capacity of the anchors. Anticipated ground conditions were interpreted from ground investigation boreholes, 

site specific investigation anchor testing, and anchor testing results from other sites in the NCTIR project. 

5 MACCAFERRI RMC 200/A 2000KJ HRRB CONSTRUCTION 

The Maccaferri RMC 200/A HRRB is a modular system that can be adapted to suit the site requirements and 

is provided in a standardised kitset form to facilitate ease of construction. Variations can be incorporated into 

the system to maintain performance where obstructions or slope geometry prevent the use of standard 

components. The Ohau Point 2000kJ fence used standard supplied component kits provided in 50m long 

sections. The barrier was installed with an intermediate post between the adjacent 50m sections allowing the 

barrier to extend the required 600 m and provide a near continuous barrier adjacent the road.    

5.1 RMC200A Setout 

The proposed fence alignment covered the entirety of the [P6S] and [P6N] footprint, immediately upslope of 

the new SH1 road alignment drainage swale. A 5 m minimum offset from the edge-of-seal for the alignment 
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was used where the swale drain geometry changed along its length. Natural and adjacent project construction 

features that needed to be accommodated in the alignment were: 

• At the southern end of [P6S] the fence needs to overlap the northern end of an upslope Terramesh 

rockfall bund. In this location the swale drain terminated against the northern end of a raised pile wall 

embankment. 

• At the junction between [P6S] and [P6N] is a sub vertical rock bluff (Figure 1) which pinches out the 

swale drain immediately north and south of its location. At this location, the fence was terminated on 

both the southern side and northern side of the bluff, leaving a 25 m section with no fence. 

• Mid way along the [P6N] a rehabilitated crib wall encroaches to within 1800 mm of the new SH1 road 

alignment. At this location, the drainage swale terminated into a catch pit which is also fed by subsoil 

drainage pipe running along the edge-of-seal to the north. 

• At the northern end of [P6N] a maintenance ramp accessing the new upslope catch bench meets road 

level, open access to this by off road haul truck is required.  

Incorporating the outline features meant the 2000kJ fence alignment would be constructed in 3 sections: B1 - 

all of [P6S] between the southern terra mesh bund and the central rock bluff; B2 - southern part of [P6N] 

between the central rock bluff and the rehabilitated crib wall; B4 - the remaining northern part of [P6N] 

between the rehabilitated crib wall and the northern access ramp for the new catch bench. A redundant 

alternative alignment section B3 parallel to B4 but slightly upslope on the edge of the new catch bench was 

initially considered but had lower performance identified in the rockfall modelling.   

Maximum elevation change between adjacent posts is suggested to be within +/- 0.5 m. Elevations of each 

post along the alignment were confirmed and where required iteratively adjusted using an optical level. 

5.2 Anchor Drilling 

Anchor drilling was completed with two excavator mounted top hammer hydraulic rigs, which facilitated 

ease of positioning setup for the various anchor installation geometries required. 

 

Figure 6: Excavator mounted drill rig installing self-drilling foundation micro-piles at Ohau Point 
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5.2.1 Bracing and Lateral Anchors 

Lateral and bracing anchor bars were predominantly installed into landslide debris using a self-drilling  

method under grout flush, with the locations directly into  rock drilled by an open-hole drilling method. The 

anchor bars used were Ischebeck Titan 40/16 bar with a Maccaferri flexible anchor heads used to enable 

attachment of the barrier support cables.  

5.2.2 Post Foundation Anchors 

Barrier post foundations were located predominantly in landslide debris and comprised a reinforced concrete 

plinth anchored to the ground by one vertical micropile (compressive forces) and two splayed upslope 

anchors (tensile forces). The same bar type Titan 40/16, was used in both cases. Baseplates for the posts are 

connected to the plinth foundation by four Reid RB32 bars embedded in the reinforced concrete plinth.  

For the few post foundations located on rock, four 1.5 m long anchor bars were installed perpendicular to the 

slope into competent rock. A reinforced concrete plinth was used to provide a level surface for installation of 

the post bearing plate which was connected directly to the anchor bars. 

5.2.3 Anchor Acceptance Testing 

The objective of the anchor acceptance testing is to demonstrate the anchor can sustain the design loading. 

As part of the final works, 10% of installed anchors were subjected to testing in accordance with BS EN 

8081:2015 Section G.4. Additional anchors with construction issues or had previously failed were also 

selected for acceptance testing. Selection of the anchors to be tested was carried out by reviewing the drilling 

logs and assessing the ground conditions that may impact the grout ground the bond capacity, where the 

ground was assessed to be poor the anchors were tested. 

5.3 Post Plinth Construction 

Plinths were constructed inclined to match the slope geometry, facilitating load transfer from fence post 

baseplate to ground bonded anchors, typical examples of plinths under construction shown in Figure 7. 

 

Figure 7 Plinth construction, note the variable particle sizes in the excavations. A) Landslide debris plinth 

detail B) Rock plinth detail C) Poured plinth awaiting backfill D) Bracing anchor flexhed plinth detail. 
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5.4 RMC200/A Assembly 

As sections of bracing anchors and plinths were completed, construction of the HRRB fence could begin. 

This allowed construction personnel to be installing the barrier posts, associated cables, mesh and energy 

dissipating elements while anchor drilling continued for another section of the HRRB fence.   

 

Figure 8: Partially constructed barrier, posts, foundations and bracing cables in place 

5.5 Construction Challenges 

Construction challenges for the project can be broadly separated into two categories, issues with drilling 

conditions or issues with geometry. 

5.5.1 Drilling challenges 

At Ohau Point the landslide debris is generally comprised of loose non-cohesive material with a wide variety 

of particle sizes, from very large boulders (sometimes several metres in diameter) to sands and silts, there 

was also present  large voids within the material. Using open hole drilling methods were not considered 

feasible in this material due to potential hole collapse prior to installation of the bar and grouting. Self-

drilling was the preferred method by the specialist installers, however the ground conditions created issues 

with the self-drilling technique and there were challenges achieving grout return. This became evident early 

into the project. with volumes of grout greatly exceeding  the theoretical grout volume  To mitigate this issue 

identified early in the construction phase, all anchors were drilled under grout flush to target depth with a 

Water Cement ratio (W/C)  = 0.7 “runny mix”, the self-drilling anchor bar retrieved and grout in the hole 

allowed to “cure” for 24 hrs. After the 24 hr period re-drilling attempted to get return with a 300% maximum 

of the theoretical grout volume using a thicker grout with a W/C = 0.4 ratio. This was attempted twice and if 

grout return could not be achieved the anchor was left in place and subject to acceptance testing to verify 

their load carrying capacity,  any that failed the acceptance testing were rejected and a replacement  anchor 

installed. 

Over a 40m portion of the 2000kJ fence B1 section a subsurface obstruction was encountered, potentially 

metallic and possibly a displaced remnant of Armco traffic barrier which prevented the vertical plinth 
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anchors achieving their target depth. Given the upslope anchors for all affected plinths had already been 

successfully installed in this location the concrete plinth dimensions were increased to provide adequate 

vertical load carrying capacity for the post foundations and no vertical micropile anchor installed. 

5.5.2 Geometry challenges 

Apart from the southernmost 30 m, at Ohau Point the fence alignment is on a convex geometry for its entire 

600 m length.  The recommended fence layout (Maccaferri 2013) is a straight horizontal line, offsets can be 

accommodated, but usually requiring additional bracing anchors and cabling to be constructed on 

intermediate post positions. As the 2000 kJ fence was supplied in a series of standardised 50m long kits, 

where possible the alignment was ‘straight-lined’ into 50 m runs with all orientation changes accommodated 

at the shared end posts of each run. With this principle the alignment was able to be constructed requiring 

only two additional downslope bracing anchors/ropes on the intermediate posts. The use of shared end post, 

with lateral anchors on both sides of the shared post enabled the continuous long length of fence. A benefit of 

using shared end posts is to minimize and contain the maintenance or repair to the particular section of the 

fence that has been impacted by rocks. 

While the 2000kJ fence alignment accommodated the prominent features outlined in 5.1, the lateral and in 

particular the upslope bracing cables encountered more discrete features that necessitated modified anchor 

set out locations. Resolution was achieved by separating the single shared upslope anchor into two 

independent upslope anchors located where the projection of a standard bracing cable geometry intercepts 

the obstruction, thereby maintaining the geometry of any applied loads. This technique was utilised nine 

times across the three fence segments, an example of one shown in Figure 9. 

 

Figure 9 Southern end of 2000kJ B2 segment with modified upslope bracing cable geometry 
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Figure 10: Looking north along an upslope portion of the completed barrier B1 

6 CONCLUSIONS 

In conclusion, the scale of the damage caused by the Mw 7.8 earthquake combined with the compressed 

timeframe to reopen the transport corridor lead the design team to adopt an innovative multi-faceted top-

down rockfall protection system design. These include multiple ‘at source control’ measures on the slopes 

and moving the road away from the rockfall and landslide threat by constructing the MSE sea wall. A key 

facet of the system is the 4 m high 2000kJ Maccaferri High Resistance Rockfall Barrier RMC 200/A 

constructed adjacent to the new SH1 road alignment, being the final passive rock fall protection structure to 

catch any material that may bypass or overwhelm the upslope protection measures. 

Using a pragmatic approach to deal with the grout loss into the landslide debris during anchor installation, 

supported by a rigorous acceptance testing regime where grout return was not achieved, has meant the design 

objectives could be met while managing the time/cost impact to the project. 

The modularity and inherent flexibility afforded by the 2000kJ fence system meant that geometric alignment 

issues could be readily mitigated without the need for sourcing customised componentry, achieve the design 

intent, and maintain the ETAG 027 certification of the product.     

Collaboration across several teams including the NCTIR Design Team, NCTIR Delivery Team, Maccaferri, 

and Geovert, enabled the successful construction of the Maccaferri RMC 200/A HRRB at Ohau Point. 



 

13 

 

 

Figure 11: Ohau Point with the completed rockfall mitigation works in place. 
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DEM simulation of 1-D compression test on 

pumice sand 

S.H. Bahmani & R.P. Orense 
Department of Civil & Environmental Engineering, University of Auckland, Auckland. 

ABSTRACT 

Previous studies have shown that pumice particles are highly crushable, compressible and lightweight as a 

result of their vesicular nature. Hence, they are problematic from an engineering viewpoint. Currently, there 

is limited information on the geotechnical characteristics of pumice deposits. To address this, empirical 

observations and laboratory tests have been conducted with the aim of characterising the behaviour of 

crushable pumice sands. However, such tests are generally time-consuming and expensive. These drawbacks 

have motivated attempts to study the effects of particle breakage of pumice sand through Discrete Element 

Method (DEM). DEM is a promising solution as it provides insights into the behaviour of granular materials 

at both a micro- and macro-level. To better understand the effect of particle crushing in pumice sand 

specimens, DEM has been used in this study to simulate the behaviour of pumice sand during 1-D 

compression tests using the open-source code YADE. Results indicate the importance of incorporating 

particle crushing in pumice characterisation. The DEM simulation conducted to simulate 1D compression 

test on pumice sand can mimic the evolution of the particle size distribution post-testing. 

1 INTRODUCTION 

Due to the tectonic location of New Zealand, it is important for engineers to understand the properties of 

local soils when they are designing and building structures (Fieldes, 1968; Orense et al. 2013). Pumice sand 

deposits, which are particularly problematic from an engineering perspective, have been found in a number 

of locations in the North Island (Orense & Pender 2013; Wesley et al. 1999). Pumice particles are 

problematic due to their distinctive properties (Orense et al. 2013); they are highly crushable, have irregular 

surfaces and are lightweight as a result of their vesicular nature (Wesley et al. 1999) . The information 

currently available on the geotechnical characteristics of pumice sands is limited. This can be attributed to 

the time-consuming and expensive nature of laboratory testing which have been implemented to characterise 

its behaviour. Due to these drawbacks, Discrete Element Method (DEM) has been employed by some 

researchers (Ciantia et al. 2015; Ciantia et al. 2019; de Bono & McDowell 2014) to study the effects of 

particle breakage on sand behaviour. These studies have provided valuable insights into the role of crushing 

of the granular material at both a micro- and macro-level. 
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DEM, originally proposed by Cundall & Strack (1979), is considered to be an effective tool for studying the 

micromechanical behaviour of granular materials. Recently, it has been extended to model particle crushing 

of granular materials. Using the software PFC3D, Robertson & Bolton (2001) simulated crushable 

aggregates by modelling each particle as an agglomerate made up of elementary balls held together by 

contact bonds in hexagonal close packing (HCP). They discovered that by randomly removing some balls in 

the agglomerate, a Weibull distribution of crushing strength could be produced. Harireche & McDowell 

(2003) furthered Robertson & Bolton’s approach by reproducing the particle size effect on crushing strength 

while simulating a normal compression test on crushable sand. Cheng et al. (2004) also drew upon Robertson 

& Bolton’s method to model the statistical strength of silica sand in which they simulated both isotropic 

compression and conventional triaxial compression tests. Based on the theory proposed by Russell & Muir 

Wood (2009), Ciantia et al. (2015) studied the micro and macro-mechanical behaviour of crushable sand. 

Thus, in order to supplement existing laboratory test results, DEM was used to provide better insights on the 

micro- and macro-response of crushable NZ pumice sands. In this paper, the open source software YADE 

(Šmilauer et al. 2015) was used to conduct the DEM simulations. A pumice particle is represented by a 

multi-sphere particle which can split upon reaching the limiting stress condition. Initially, the results of a 

series of single particle crushing test on 2 mm diameter pumice particles were simulated and the results were 

represented statistically using the Weibull distribution to characterise the variation of the particle strength 

with particle size. Next, model specimens consisting of thousands of discrete elements assembled with 

different relative densities were subjected to 1D compression tests to simulate the results reported by Wesley 

et al. (1999). The impact of particle crushing behaviour of pumice sands when subjected to 1D compression 

was analysed and the evolution of particle size distributions after the tests was discussed. 

2 PARTICLE CRUSHING CRITERIA 

As particle crushing criteria, a linear elastic formulation was used following the approach of Ciantia et al. 

(2015). In this criterion, a particle breaks if the force (F), at any of its contacts, is such that: 

𝐹 =  𝜎𝑙𝑖𝑚 ∙  𝐴𝐹                                                                                                                                     (1) 

where 𝜎𝑙𝑖𝑚 is the limit strength value which is dependent on material parameters, and the contact area is 𝐴𝐹. 

The clear separation of the two aspects of grain failure, namely strength criterion and elastic stress 

distribution, is one attractive aspect of this criterion, as properties governing contact area can take on very 

different values in single particle tests and granular assemblies. The limit strength factor, �̅�𝑙𝑖𝑚, depends on 

the particle diameter, d, as follows:  

�̅�𝑙𝑖𝑚 = 𝜎𝑙𝑖𝑚0 . (
𝑑

𝑑0
)−3/𝑚                                                                                                                        (2) 

where 𝜎𝑙𝑖𝑚0 is the mean limit strength of a particle with diameter d0, which is the reference diameter (here 

chosen as 2 mm), m is the Weibull modulus, and 𝐴𝐹 depends on the elastic properties and the contact force 

of a particle. The following expression can be obtained by using the linear contact theory in the breakage 

criterion (Ciantia et al. 2019): 
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where r1 and r2 are the radii of the contacting spheres, and Ei and vi are, respectively, the Young’s moduli 

and Poisson’s ratios. Note that this breakage test does not only apply to the highest particulate force, but the 

properties of the interacting particles also have a closely interconnected dependency. Once the limit 

condition is reached, a particle, modelled with a sphere in YADE, will split into smaller, inscribed tangent 
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spheres. Ciantia et al. (2015) detailed this procedure and compared alternative splitting configurations of the 

particle. They concluded that the 14-ball splitting configuration, shown in Figure 1(b), is accurate enough to 

simulate the macroscopic behaviour. After crushing, exemplified by the splitting of the smaller spheres, the 

daughter fragments assume the velocity and material parameters of the mother particle, except for the 

intrinsic strength (𝜎𝑙𝑖𝑚0), which is randomly distributed among the particles.  

 

Figure 1: (a) Initial particle; (b) Particle splitting configuration 

3 SAMPLE PREPARATION FOR 1D COMPRESSION TEST 

In the DEM simulation, a 12 mm cubic specimen was used for the 1D compression test; it consisted of 

10,000 spheres, as displayed in Figure 2. The specimen consisted of sand with the same particle size 

distribution as that reported by Pender et al. (2006), as shown in Figure 3. Two types of pumice sand 

specimens were considered having different relative densities, Dr (15% and 68%). Note that these models 

were scaled-down versions of the original specimens used in the 1D compression test with rigid boundaries. 

While the specimen size (12×12×12 mm) was small, it was deemed large enough to permit a sufficient 

number of force chains to develop between the top and bottom platens during the 1D compression test. 

Larger model specimen sizes would require more particles, and much longer computational time.   

 

Figure 2: 1D compression test specimen at initial state with 10,000 particles. 

 

Figure 3: Experimental and numerical particle size distributions (PSD) of pumice sand. 
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The particles in the cubic DEM specimen were first created using the Radius Expansion method (REM) 

(Ciantia et al. 2015). In this study, two different contact models were adopted and compared: Linear and 

Hertz-Mindlin. These models require the generation of a wide range of particle sizes during the simulation 

and are able to describe the interaction between the discrete spherical elements. The Linear contact model 

obeys the Coulomb friction law, which can be expressed by a linear relationship between the normal force  

and the allowable shear force. It describes the constitutive behaviour in normal and tangential directions 

between particles at their contact interface by adopting linear springs with normal and shear stiffnesses 

(Cundall & Strack, 1979). A rolling resistance model, based on the formulation of Iwashita & Oda (1998), 

was incorporated to simulate the surface roughness of pumice particles. On the other hand, the Hertz-Mindlin 

(no-slip) contact model makes use of nonlinear force-displacement formulations to calculate the normal and 

shear forces during analysis. It considers the variation of stiffness as a function of the elastic constants of the 

two contacting particles, the overlap and the normal force.  

The density of the particles was set as 2000 kg/m3, reflecting the measured average value for pumice sand, 

with a particle friction coefficient of 40 degrees (Orense et al. 2012). Also, values of 30.1 MPa and 0.25 were 

used to represent the Young modulus and Poisson’s ratio of pumice sand. The calibration of the parameters 

of the DEM contact model are summarised in Table 1. After REM application was finished, the particle 

velocities were set to zero and an isotropic compression stress of 5 kPa was applied in order to bound the 

particles without crushing them, mimicking the experimental sample preparation procedure. The sample was 

then loaded vertically so that the top platen moved downwards, with the maximum platen velocity set at 0.01 

m/s, consistent with the loading rate used in the actual tests. 

 

Table 1: Summary of DEM parameters for the 1D compression test simulation. 

Physical parameters Value 

Friction coefficient (rad) 0.7 

Young’s modulus (MPa) 30.1 

Rolling stiffness coefficient 0.125 

Rolling strength coefficient 0.1 

Poisson’s ratio 0.25 

Density (kg/m3) 2000 

Friction coefficient of wall 0  

Young’s modulus (MPa) of wall 80 

Poisson’s ratio for wall 0.35 
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4 MODELLING PARTICLE STRENGTH-SIZE RELATION 

Many researchers (e.g. Cheng et al. 2004; McDowell & Harireche 2002) have reported that there is a strong 

relationship between particle crushing strength and particle size. One of the best methods for identifying such 

relationship is via statistical analysis (McDowell & Harireche 2002). Among the statistical distribution 

functions, the Weibull (1951) distribution is the most widely used to analyse strength measurements and 

lifetime predictions of sand particles. McDowell & Amon (2000) explained this phenomenon mathematically 

based on different particle sizes. Orense et al. (2013) had confirmed that crushing strength is an induced 

characteristic stress for a single particle of initial height h0 loaded under a maximum load F as follows: 

𝝈 =
𝑭

𝐡𝟎
𝟐
  (1) 

The data for crushing stress at failure for each set of tests (consisting of particles with roughly 2 mm 

diameter) were first ranked in ascending order to compute the survival probability (𝑃𝑠) of each particle based 

on its mean rank position in the order: 𝑃𝑠 = 1 − 𝑖/(𝑁 + 1) where 𝑖 is the 𝑖𝑡ℎ ranked sample from a total of N 

samples (Cheng et al. 2004). The pumice particle and variation of strength in each set of tests were quantified 

using Weibull (1951) analysis, such that the survival probability of a particle size d under a crushing stress 𝜎 

is given by:  

𝑷𝒔(𝒅) = 𝒆𝒙𝒑 [−(
𝝈

𝝈𝟎
)𝒎]                            (2) 

where 𝜎0 is the value of the characteristic stress 𝜎 =
𝐹

h0
2 for particles of size 𝑑 such that 37% of the particles 

survive; and m is the Weibull modulus, which decreases with increasing strength variability (McDowell & 

Harireche 2002). Equation (5) can then be rewritten as: 

𝒍𝒏 [𝒍𝒏 (
𝟏

𝑷𝒔
)] = 𝒎𝒍𝒏 (

𝝈

𝝈𝟎
)    (6) 

In the current study, the above equation was used to estimate the Weibull modulus for pumice sand particles 

with 2 mm diameter based on actual and simulated single particle crushing tests. Figure 4(a) shows that a 

similarly shaped survival probability curve was achieved in the DEM simulation as that in actual crushing 

strength tests on pumice sand particles. Moreover, Figure 4(b), which illustrates the Weibull probability 

distributions obtained from the laboratory experiments and the DEM simulations, shows a good level of  

 

 

Figure 4: (a) Survival distribution curve from single particle crushing for simulated particles; (b) 

Determination of Weibull modulus. 
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agreement. From the slope of the fitted lines in Figure 4(b), the values of the Weibull modulus are 1.8 and 

2.0 for the actual test and simulation, respectively; hence, the Weibull modulus can be taken to be roughly 

equal to 1.9; this was taken as a guide to establish a normalised particle size strength dependency for pumice 

sand, as expressed by Equations (1) and (2). 

5 RESULTS 

Using the pumice sand characteristics obtained as obtained above, a simulation of 1D compression tests on 

pumice sand specimen is next conducted. Here, the effects of two different modelling characteristics were 

investigated: (1) contact stiffness description (Linear or Hertz-Mindlin); and (2) crushing behaviour. In the 

results presented below, the code for the numerical simulations identifies the contact law adopted (i.e. “Lin” 

stands for linear, and “Hertz” for Hertz-Mindlin). Similar to the actual experiments, the numerical tests were 

conducted under load control. For illustration purposes, Figure 5 shows the results of 1D compression test on 

non-crushable particles and it clearly illustrates that there is a huge difference between the experimental 

results with those using either Linear or Hertz-Mindlin contact models. As expected, without grain crushing, 

both models are not able to replicate the experimental behaviour of pumice sand specimen.  

Next, Figure 6 shows the results of 1-D compression tests on pumice sand where particle crushing is 

allowed. Compared with Figure 5, it is clear that the behaviour of pumice sand specimen under compression 

is dominated by particle crushing. From the 1D compression test simulation results, the non-linear Hertzian 

contact model resulted in larger deformation than the linear contact model, possibly the result of excessive 

particle overlap at high pressure, leading to overestimation of the change in porosity. Another possible 

reason that may have contributed to the difference in the results is the effect of surface roughness of particles 

during contact, which cannot be accurately simulated by the Hertz contact model. On the other hand, the 

linear contact model, which incorporates the rolling resistance of the particles, is able to simulate well the 

experimental results reported by Wesley et al. (1999). This suggests that the DEM simulation using linear 

contact model, which can consider both crushing potential and surface roughness of pumice particles, can 

mimic the micro-mechanical behaviour of pumice sands. It is worthy to mention that the computational cost 

can also be reduced significantly by using the linear contact model when simulating irregular particles.  

Finally, Figure 7 illustrates the evolution of the PSD of loose and medium dense pumice sand specimens 

before and after the tests. Clearly, the loose specimen underwent less particle crushing because there are a lot 

of voids in the specimen, allowing the particles to rotate and rearrange readily, without being crushed. On the 

other hand, the rotation and movement of particles in the medium dense specimen are restricted by the 

adjacent particles due to less voids available, resulting in more crushing in these specimens. Moreover, the 

overall number of contacts between particles in a denser specimen is higher than a loose specimen. 

Therefore, the greater number of contacts results in greater possibility of a particle being crushed.  

 

Figure 5: DEM simulation of 1D compression test without crushing of particles: (a) loose specimen (Dr=15%); 

and (b) medium dense specimen (Dr=68%). 
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Figure 6: DEM simulation of 1D compression test with crushing of particles: Relation between porosity and 

vertical stress for: (a) loose specimen (Dr=15%); and (b) medium dense specimen (Dr=68%). 

 

Figure 7: Evolution of particle size distribution from the simulations of pumice sand using linear contact 

model. 

6 CONCLUSIONS 

In this paper, the discrete element method (DEM) was used to simulate single particle crushing test and 1D 

compression test on specimens consisting of crushable pumice sands in order to investigate the effect of 

accounting for particle crushing and the evolution of particle size distribution. The results of the simulations 

demonstrated a method for capturing the occurrence of particle crushing by taking into account the variations 

in strength of the particles with its size. The results showed that, by incorporating the strong dependency of 

crushing strength on the particle size, the behaviour of the specimen during 1D compression tests was well-

simulated as this controlled the behaviour of particles. Significantly, it has been shown during the simulation 

that crushing of the particles, complemented by the use of linear contact model which rolling resistance 

incorporated, enabled a more realistic volumetric strain to be observed; that is, highly crushable granular 

materials exhibit overall contraction in DEM simulations. The overall results showed encouraging 

similarities with the reported physical behaviour of highly crushable pumice sand during 1D compression 

tests. 

ACKNOWLEDGEMENTS 

The authors wish to acknowledge the use of New Zealand eScience Infrastructure (NeSI) high-performance 

computing facilities, as well as for consulting support and/or training services as part of this research. New 

Zealand's national facilities are provided by NeSI and funded jointly by NeSI's collaborator institutions and 

0.3

0.35

0.4

0.45

0.5

0.55

0.6

10 100 1000 10000 100000

P
o

ro
si

ty
 (

n
)

Vertical stress (kPa)

Experiment
Lin
Hertz

a

0.3

0.35

0.4

0.45

0.5

0.55

10 100 1000 10000 100000

P
o
ro

si
ty

 (
n
)

Vertical stress (kPa)

Experiment
Hertz
Lin

b

0

20

40

60

80

100

120

0.1 1

P
er

ce
n
ta

g
e 

p
as

si
n
g
 b

y
 w

ei
g
h
t 

(%
)

Particle size (mm)

PSD - Actual
PSD - DEM
PSD - after simulation - loose
PSD - after simulation - med dense



 

8 

 

through the Ministry of Business, Innovation & Employment's Research Infrastructure programme 

(https://www.nesi.org.nz). 

REFERENCES 

Cheng, Y., Bolton, M., & Nakata, Y. 2004. Crushing and plastic deformation of soils simulated using DEM. 
Géotechnique, 54(2), 131-141.  

Ciantia, M., Arroyo, M., Calvetti, F., & Gens, A. 2015. An approach to enhance efficiency of DEM modelling of soils 
with crushable grains. Géotechnique, 65(2), 91-110.  

Ciantia, M. O., Arroyo, M., O’Sullivan, C., & Gens, A. 2019. Micromechanical inspection of incremental behaviour of 
crushable soils. Acta Geotechnica, 14(5), 1337-1356.  

Cundall, P. A., & Strack, O. D. 1979. A discrete numerical model for granular assemblies. Géotechnique, 29(1), 47-65.  

Fieldes, M. 1968. Soils of New Zealand, Part 2. New Zealand Soil Bureau Bulletin 26 (2).  

Harireche, O., & McDowell, G. 2003. Discrete element modelling of cyclic loading of crushable aggreates. Granular 
Matter, 5(3), 147-151.  

Iwashita, K. & Oda, M. 1998. Rolling resistance at contacts in simulation of shear band development by DEM. Journal 
of engineering mechanics, 124(3), 285–292. 

McDowell, G., & Amon, A. 2000. The application of Weibull statistics to the fracture of soil particles. Soils and 
Foundations, 40(5), 133-141.  

McDowell, G., & Harireche, O. 2002. Discrete element modelling of soil particle fracture. Géotechnique, 52(2), 131-135.  

Orense, R., Pender, M., & O'Sullivan, A. 2012. Liquefaction characteristics of pumice sands. EQC Project Report 10/589, 
Earthquake Commission.  

Orense, R. P., Pender, M., Hyodo, M., & Nakata, Y. 2013. Micro-mechanical properties of crushable pumice sands. 
Géotechnique Letters, 3(2), 67-71.  

Robertson, D., & Bolton, M. 2001. DEM simulations of crushable grains and soils. Proceedings of the 4th International 
Conference on Micromechanics of Granular Media, Sendai, Japan, 623-626.  

Russell, A. R., & Muir Wood, D. 2009. Point load tests and strength measurements for brittle spheres. International 
Journal of Rock Mechanics and Mining Sciences, 46(2), 272-280.  

Šmilauer, V., Catalano, E., Chareyre, B., Dorofeenko, S., Duriez, J., Dyck, N., & Gladky, A. 2015. Yade Documentation 
2nd ed.. The Yade Project. In: DOI. 

Weibull, W. 1951. A statistical distribution function of wide applicability. Journal of Applied Mechanics, 18, 290-293.  

Wesley, L., Meyer, V., Pranyoto, S., Pender, M., Larkin, T., & Duske, G. 1999. Engineering properties of a pumice sand. 
Proceedings of the 8th Australia New Zealand Conference on Geomechanics, 2, 901-908.  



 

1 

 

Designing timber compaction piles to achieve a 

target soil density using CPTu data 

N. Barounis & J. Philpot 
Cook Costello, Christchurch. 

ABSTRACT 

For sites with shallow soil layers consisting of loose sand and/or potentially liquefiable soil, timber 

compaction piles (TCP) can be driven into the ground to improve the geotechnical performance of 

the site, particularly for land supporting residential and lightweight commercial or industrial 

buildings. The TCP are driven into the ground to increase the density and stiffness of shallow soil 

layers; however, there are limited design methods available for determining an efficient and 

effective pile layout that produces desirable ground conditions prior to the construction phase 

commencing. 

This paper proposes a simplified methodology for designing the TCP arrangement to achieve a 

target soil density. The proposed method relies on the Barounis et al (2017) methodology for 

estimating the in-situ void ratio of saturated sands using CPTu data. Key assumptions and 

limitations of the method are discussed. Design charts are presented to demonstrate the key 

applications of the method during the conceptual design phase. 

The method is retrospectively applied to a site in Christchurch where TCP were constructed to 

improve the geotechnical performance of the site. The change in soil density estimated by the 

proposed methodology is compared against the change in soil density and stiffness that was 

measured based on pre-improvement and post-improvement CPTu data. 

1 INTRODUCTION 

Timber compaction piles (TCP) are commonly used in New Zealand as a ground improvement method to 

increase the density and stiffness of shallow soil layers, particularly for land supporting residential and 

lightweight commercial or industrial buildings. Current methods for designing the ground improvement 

layout utilise an area replacement ratio (ARR) approach with an aim of increasing the post-improvement 

cone tip resistance qc (or qc1Ncs) to meet or exceed the target tip resistance. Unfortunately, if the required 

increase in the cone tip resistance is not achieved after the TCP have been constructed then the geotechnical 
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engineer is in the difficult position of requiring additional improvement, which could result in delays for the 

project and potentially increase the cost of the ground improvement work. 

This paper proposes a methodology for designing TCP based on pre-improvement CPTu data, with the aim of 

achieving a target soil density once the TCP have been introduced. The design approach relies on the 

Barounis et al. (2017) method for estimating the in-situ void ratio using CPTu data. The proposed method 

may be useful for assessing the feasibility of utilising TCP as a ground improvement early in the project, 

certainly prior to the TCP being constructed. However, there are many limitations to the method and 

simplifying assumptions have been made which are discussed in more detail in the following paragraphs. 

2 THEORETICAL BACKGROUND OF THE PROPOSED METHOD 

2.1 Estimating the void ratio using CPTu data 

A methodology for estimating the void ratio for fully saturated soil using CPTu data was proposed by 

Barounis et al. in 2017. For soil that is permanently located below the groundwater table (Sr = 1.0), the in-

situ void ratio can be estimated using Equation 1: 

𝑒 =  
𝐺𝑠𝑤−

−𝑤
            (1) 

where: e = in-situ void ratio; Gs = specific gravity; w = unit weight of water = 9.81kN/m3;  = soil unit 

weight (kN/m3). Gs can either be measured in the laboratory or estimated based on the soil conditions. The 

soil unit weight can be estimated using published correlations based on the CPTu data. 

2.2 Fundamental definitions and volume relationships 

Equation 2 presents the fundamental definition of the void ratio: 

𝑒 =  
𝑉𝑣

𝑉𝑠
             (2) 

where: Vv = volume of voids (m3); and Vs = volume of soil solids (m3). The total soil volume is given by: 

𝑉𝑇 = 𝑉𝑠 + 𝑉𝑤 + 𝑉𝑎           (3) 

where: VT = total soil volume (m3); Vw = volume of water (m3); and Va = volume of air (m3). For fully 

saturated soil conditions, the soil becomes a two-phase medium (i.e. the soil contains no air), such that: 

𝑉𝑣 = 𝑉𝑤             (4) 

Substituting (4) into (2) produces: 

𝑒 =  
𝑉𝑤

𝑉𝑠
             (5) 

The total saturated soil volume then simplifies to: 

𝑉𝑇 = 𝑉𝑠 + 𝑉𝑤            (6) 

VT is known as this only requires knowledge of the extent (area and depth) of ground which is intended to be 

improved; therefore, it is necessary to solve for Vs and Vw both before and after the TCP have been 

constructed.  By rearranging (5), it can be noted that:  

𝑉𝑤 = 𝑒𝑉𝑠            (7) 

Substituting this result into (6) and simplifying yields: 

𝑉𝑇 = 𝑉𝑠(1 + 𝑒)            (8) 
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Equation 8 can be rearranged to solve explicitly for Vs: 

𝑉𝑠 =
𝑉𝑇

(1+𝑒)
                      (9) 

Substituting (9) into Equation 7, it can be noted that: 

𝑉𝑤 =
𝑒

(1+𝑒)
𝑉𝑇                      (10) 

3 ESTIMATING THE CHANGE IN SOIL DENSITY BY CONSTRUCTING INCLUSION 
OF TCP 

3.1 Total soil volume 

The pre-improvement VT can be determined for each depth interval throughout the CPTu sounding (typically 

CPTu data is obtained at 10mm or 20mm depth intervals) from the following relationship: 

𝑉𝑇 =  𝐴𝑖𝑚𝑝𝑧𝐶𝑃𝑇                     (11) 

where: Aimp = area of improvement (m2); zCPT = the depth interval between data measurements during the 

CPTu sounding (m). By assuming that all soil solids that were in the zone of improvement remain within the 

zone of improvement during the construction process (i.e. no soil solids have displaced beyond the extent of 

improvement), the post-improvement total soil volume can be determined from the following relationship: 

𝑉𝑇,𝑓 =  𝑉𝑇 − 𝑉𝑝                      (12) 

where: VT,f = post-improvement total soil volume (m3); and Vp = volume of piles installed. The total volume 

of soil reduces by an amount that is equivalent to the total volume of piles that are installed with no loss of 

soil solids occurring. This simplifying assumption is likely to be least accurate near the boundaries of the 

improved area and near the base of the piles where some soil losses may occur during the construction of 

TCP. The pile volume is defined as the total area of piles multiplied by the CPTu data depth interval: 

𝑉𝑝 = 𝑛𝑝
𝜋𝐷𝑝

2

4
𝑧𝐶𝑃𝑇                     (13) 

where: np = total number of piles; and Dp = pile diameter (m). Substituting (11) and (13) into (12) and 

simplifying yields: 

𝑉𝑇,𝑓 =  (𝐴𝑖𝑚𝑝 − 𝑛𝑝
𝜋𝐷𝑝

2

4
)𝑧𝐶𝑃𝑇                    (14) 

3.2 Change in soil density resulting from TCP inclusions 

Due to the assumption of no soil solid losses occurring, the only potential for soil volume change is through 

a reduction in the volume of water in the saturated soil. It is also assumed that the introduction of the TCP 

has not resulted in any desaturation of the soil, such that the soil that is permanently located below the 

groundwater table remains fully saturated (Sr = 1.0). The final volume of water can therefore be defined as: 

𝑉𝑤,𝑓 = 𝑉𝑇,𝑓 − 𝑉𝑠,𝑓                     (15) 

where: Vw,f = post-improvement volume of water (m3); and Vs,f = post-improvement volume of soil solids. It 

is assumed that Vs,f = Vs; therefore, incorporating this assumption and substituting (14) into (15) produces: 

𝑉𝑤,𝑓 = (𝐴𝑖𝑚𝑝 − 𝑛𝑝
𝜋𝐷𝑝

2

4
)𝑧𝐶𝑃𝑇 − 𝑉𝑠                   (16) 

The post-improvement bulk soil density can be estimated using the following relationship: 
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𝑓

=  
𝑤𝑉𝑤,𝑓+𝑠𝑉𝑠

𝑉𝑇,𝑓
                     (17) 

where: f = post-improvement soil density (kg/m3); w = density of water = 1000kg/m3; and s = density of 

soil solids (kg/m3). Substituting (14) and (16) into (17) yields: 


𝑓

=  
𝑤[𝑧𝐶𝑃𝑇(𝐴𝑖𝑚𝑝−𝑛𝑝

𝜋𝐷𝑝
2

4
)−𝑉𝑠]+𝑠𝑉𝑠

𝑧𝐶𝑃𝑇(𝐴𝑖𝑚𝑝−𝑛𝑝
𝜋𝐷𝑝

2

4
)

                   (18) 

Substituting (9) and (11) into (18) results in: 


𝑓

=  
𝑤[𝑧𝐶𝑃𝑇(𝐴𝑖𝑚𝑝−𝑛𝑝

𝜋𝐷𝑝
2

4
)−

𝑧𝐶𝑃𝑇𝐴𝑖𝑚𝑝
(1+𝑒)

]+𝑠

𝑧𝐶𝑃𝑇𝐴𝑖𝑚𝑝
(1+𝑒)

𝑧𝐶𝑃𝑇(𝐴𝑖𝑚𝑝−𝑛𝑝
𝜋𝐷𝑝

2

4
)

                 (19) 

Noting that s = Gsw and that zCPT cancels out, Equation 19 can be simplified to: 


𝑓

=  
𝑤(𝐴𝑖𝑚𝑝(1+

𝐺𝑠−1

1+𝑒
)−𝑛𝑝

𝜋𝐷𝑝
2

4
)

(𝐴𝑖𝑚𝑝−𝑛𝑝
𝜋𝐷𝑝

2

4
)

                    (20) 

3.3 Number of piles required to achieve a target soil density 

It will generally be more useful to estimate how many piles are required to achieve a target soil density. 

Therefore, rearranging (20) to solve explicitly for np produces: 

𝑛𝑝= 
4(𝑤(𝐴𝑖𝑚𝑝(1+

𝐺𝑠−1

(1+𝑒)
))−𝑡𝑎𝑟𝐴𝑖𝑚𝑝)

𝜋𝐷𝑝
2(𝑤−𝑡𝑎𝑟)

                   (21) 

where: tar = target soil density (kg/m3). 

4 DESIGN CHARTS 

By separating out the parameters in Equation 21 so that all those relating to the TCP ground improvement 

are on the LHS of the equation, and all other parameters are on the RHS, a design chart can be produced for a 

range of initial and target soil densities using Equation 22: 

𝑛𝑝𝐷𝑝
2

𝐴𝑖𝑚𝑝
= 

4𝑤(1+
𝐺𝑠−1

(1+𝑒)
−
𝑡𝑎𝑟
𝑤

)

𝜋(𝑤−𝑡𝑎𝑟)
                     (22) 

It should be noted that the initial soil density is captured through the void ratio parameter in Equation 22 and 

the normalised parameter on the LHS is closely related to the total pile area normalised by the soil 

improvement area and will henceforth be referred to as the pile-to-soil area ratio. Figure 1 below shows there 

is an approximately linear relationship between the pile-to-soil area ratio and the resulting change in soil 

densities. As the difference between the initial and target soil density increases, a larger number of piles 

and/or larger diameter piles will be required to achieve the desired increase in density.  

Once the target density for the shallow soil layer has been determined, the normalised chart can be used to 

estimate the number of piles required to achieve that increase in density by comparing the difference between 

the initial and target soil densities and then multiplying the resulting pile-to-soil area ratio by the area of 

improvement (Aimp) and dividing by the square of the pile diameter (Dp). It should be noted that, to produce 

Figure 1, it has been assumed that Gs = 2.65 to represent a typical sandy material. With reference to Figure 1 
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below, if the initial soil density is 1650kg/m3 and the target soil density is 1850kg/m3, then the normalised 

ground improvement factor equals approximately 0.3. 

 

Figure 1: Design chart for TCP ground improvement layout based on the change in soil density. 

Figure 2 shows a simple design chart that can be used to estimate the total number of piles required for a 

range of pile diameters, the area of improvement has been assumed to be 300m2. It is estimated that 

approximately 1000 0.30m diameter piles would need to be installed to achieve the desired increase in soil 

density; whereas, approximately 440 0.45m diameter piles are required to achieve the same increase. 

 

Figure 2: Design chart for number of piles required for the given area of improvement for a range of pile 

diameters. 

By following a similar design process, the method can assist at the conceptual design phase to check the 

feasibility of the ground improvement option, and to select the most cost effective and efficient TCP layout 

for achieving the target soil density. 

5 APPLICATION OF THE METHOD TO A SITE IN CHRISTCHURCH 

The method has been retrospectively applied to a site in Christchurch, New Zealand where TCP were utilised 

and both pre-improvement and post-improvement CPTu data is available. The results from the proposed 

method are compared against the measured change in soil density and stiffness. 
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5.1 Site characteristics 

The site has surficial loose, potentially liquefiable sands and silts overlying denser sands and sandy gravels at 

approximately 3-4m depth across the site. The site has a shallow groundwater table which was measured at 

approximately 1.3m depth during the CPTu soundings. The new structure is a relatively long and narrow, 

lightweight commercial building. As a result, the TCP layout consisted of 21 rows of piles, with six piles in 

each row across the width of the structure. Key parameters related to the ground improvement works are Aimp 

= 192m2, np = 126 piles and Dp = 0.35m (i.e. a pile-to-soil area ratio of approximately 0.08).  

It should be noted that three of the pre-improvement CPTu soundings (CPT-01 to CPT-03) were carried out 

prior to the demolition of the original structure (outside the building footprint) and the final pre-improvement 

CPTu (CPT-04) was carried out close to the centre of the new building footprint just prior to the construction 

of the TCP. CPT-05 to CPT-09 were carried out within the area of improvement after the installation of the 

TCP. 

Figure 3 shows the indicative pre-improvement SBTn profile and a breakdown of the pre-improvement CPTu 

data, including the median values for , qc and qc1Ncs to around 5m depth. There is a surficial layer of silty 

sand and sandy silt overlying a layer of sands and silty sands to approximately 4m depth. The CPT refused in 

the underlying denser sands and sandy gravels. The soil density is variable across the site; however, below 

the groundwater table the median soil density gradually increases with depth ranging from 1700-1850kg/m3
 

in the sand and silty sand layer. The median qc values are approximately 2MPa in the surficial sandy silt 

layer and 8MPa in the sand and silty sand layer. 

Indicative SBTn Plot 

 
   

Figure 3: Pre-improvement SBTn (left), soil density (centre-left), qc (centre-right), and qc1N, cs (right). 

5.2 Post-improvement analysis 

The post-improvement CPTu data has been analysed and compared to the pre-improvement CPTu data to 

determine the changes that have occurred due to the inclusion of TCP. Figure 4 below summarises the 

median pre-improvement and post-improvement , qc and qc1Ncs values, with e estimated as per Barounis et 

al. 2017. The soil density consistently increases throughout the soil profile and the void ratio reduces 

accordingly. The qc and qc1Nc,cs values have increased significantly and exceed the target values included in 

the MBIE Guidelines throughout the majority of the improved soil layers. 
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Figure 4: Comparisons between median values of pre-improvement and post-improvement soil 

density (left), void ratio (centre-left), qc (centre-right), and qc1N, cs (right). 

Figure 5 shows the absolute change in the median values for ρ, e, qc and qc1NCS due to the inclusion of CTP. 

The soil density increased by approximately 50-100kg/m3 throughout the sand and silty sand layer. Slightly 

larger increases in density occurred in the denser sands and sandy gravels at 3.5-4.0m depth. Similarly, the 

void ratio reduces in the range of 0.1-0.2 throughout the sand and silty sand layer with larger reductions 

occurring in denser sands and sandy gravels. The increase in the measured qc is in the range of 1-3MPa in the 

sand and silty sand layer; however, the sandy silts above the groundwater table show a negligible increase in 

the measured qc. The qc1N,cs values increased by approximately 20-50 in the sand and silty sand layer, and the 

dense sands and sandy gravels increased in the range of 75-100. Changes in qc1N,cs values were highly 

variable above the groundwater table. 

    

Figure 5: Absolute change in the median values of soil density (left), void ratio (centre-left), qc 

(centre-right), and qc1N, cs (right) due to the installation of TCP. 
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5.3 Estimating the change in soil density using pre-improvement CPTu data 

By applying the proposed method, the post improvement soil density can be estimated from Equation 20 

using pre-improvement CPTu data. These results can then be compared to the post-improvement 

measurements for the given site. Figure 6 shows the measured median soil density, both before and after the 

TCP inclusion, as well as the estimated soil density from equation 20. The deviation between the measured 

and estimated soil densities, is also plotted in Figure 6. For the error plot, a positive value indicates the 

method is underpredicting the change in soil density. The proposed method is producing a reasonable 

estimate of the post-improvement soil density in the sand and silty sand layer. There are some under 

predictions occurring at shallow depths and in the denser sands and sandy gravels near the base of the piles.  

  

Figure 6: Estimated and measured soil densities (left) and the error produced by using the proposed 

method (right – a positive error means the soil density has been underestimated by the method). 

6 DISCUSSION AND CONCLUSION 

The proposed method has been applied to a site in Christchurch with results showing a reasonable estimation 

of the change in soil density occurring in the saturated sand and silty sand layer. The method is 

underestimating the degree of improvement achieved above 1.7m as this soil layer may not be completely 

saturated (Sr < 1.0) and therefore the relationships used may not be reliable in the partially saturated soil. The 

method appears to be under predicting the density increase in the denser sand and sandy gravel layer. Many 

of the TCP refused when being driven into the denser gravel layers, which may have resulted in some 

additional densification of material near the base of the piles. 

The method may be useful for assessing the feasibility of using TCP as a ground improvement technique 

prior to constructing the piles; therefore, reducing the likelihood of the ground improvements not achieving 

the target density or post-installation stiffness requirements. There are many limitations to the method which 

need to be taken into consideration when applying the proposed method. More research is recommended to 

check the validity of the method for a wider range of soil conditions where TCP may be useful to improve 

the stiffness and density of the soil. 
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Regional-scale liquefaction susceptibility 

assessment for the Otago region, New Zealand 
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ABSTRACT 

Regional-scale liquefaction susceptibility assessments have been completed for the Otago region. 

The assessment used an office-based evaluation of existing information, equating to a ‘Level A’ 

basic desktop assessment as per MBIE guidelines for liquefaction-prone land. Information sources 

included geological maps, landform and soil maps, topographic information from maps, lidar 

surveys, aerial and ground photography, geological information from borehole records, and 

measurements of depths to groundwater. A GIS map-dataset of liquefaction-susceptibility was 

compiled. The project methodology utilised geotechnical specialists with expert knowledge from 

site investigations at numerous locations in Otago to review and provide advice on drafts of the 

liquefaction-susceptibility map. 

The map applies a three-fold liquefaction-susceptibility classification. Domain A is underlain by 

rock or firm sediments and liquefaction damage is unlikely. Domain B represents poorly 

consolidated river or stream sediments with a shallow groundwater table; there may be localised 

areas of liquefaction-susceptible materials and liquefaction damage is possible. Domain C is 

underlain by poorly consolidated marine or estuarine sediments with a shallow groundwater table; it 

is moderately to highly likely that at least some areas of liquefaction-susceptible materials are 

present and liquefaction damage is possible. 

By area, more than 95% of the Otago region is classified as Domain A – terrain that has little or no 

liquefaction susceptibility. Domains B and C are ‘liquefaction awareness areas’. They are not 

hazard zones but rather highlight areas where liquefaction is a potential hazard to consider. Land 

classified as domains B or C respectively occupy 3% and 1% by area of the region. 
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1 INTRODUCTION 

Earthquake-induced liquefaction arises from cyclic shaking during an earthquake, whereby poorly 

consolidated, groundwater-saturated, sediments lose strength and stiffness, due to increased groundwater 

pore pressure in the material. Common effects of the liquefaction of near-surface sediments are the expulsion 

of water, sand and silt from the ground, and associated cracking and subsidence of the ground. The closely 

allied phenomenon of lateral spreading involves fissuring and horizontal movement and relaxation of ground 

close to banks, such as the edge of a stream channel or a lake margin. 

Earthquake-induced liquefaction is a potential hazard in parts of New Zealand where susceptible sediments 

are present and development has occurred. The hazardous effects include breakage of foundations, 

differential settlement of buildings, fracturing of pipes and the buoyant rise of light buried structures such as 

tanks. Extensive liquefaction damage occurred in the Christchurch area during the earthquakes of 2010–2011 

(Brackley 2012). Media publicity and readily accessible images have resulted in most New Zealanders now 

having an awareness of the nature and effects of liquefaction. 

In 2014, Otago Regional Council (ORC) contracted GNS Science to provide an assessment of liquefaction 

hazards for the Dunedin City district (Barrell et al. 2014). Subsequently, ORC commissioned a similar 

assessment for the other territorial authority areas in the Otago region (Queenstown Lakes District, Central 

Otago District, Clutha District and Waitaki District (Barrell 2019). A location map is presented in Figure 1. 

This paper describes the approach used for the assessments and summarises the findings. 

2 PURPOSE AND APPROACH 

The primary motivation for commissioning liquefaction-susceptibility assessments for Otago was to enable 

ORC to provide up-to-date advice on liquefaction to the territorial authorities of the region. The previous 

regional-scale assessment for Otago was undertaken in the mid-2000s (Murashev & Davey 2005). 

The empirical observations from the Canterbury earthquake sequence provided many insights into the 

relative importance of the various factors that influence the occurrence of liquefaction in a New Zealand 

setting. Using methods developed for liquefaction hazard evaluation in Canterbury following the 2010–2011 

earthquakes (Brackley 2012), the approach applied in the Otago liquefaction-susceptibility assessments 

differentiates areas underlain by rock or firm sediments that are too strong to experience liquefaction, from 

areas underlain by weak geological materials that may be susceptible to liquefaction if strong shaking were 

to occur. For liquefaction to occur, the materials close to the ground surface need to be poorly consolidated, 

fine-grained (between coarse silt and fine sand) and water-saturated. 

The liquefaction-susceptibility assessments for Otago were office-based evaluations of existing available 

information. These equate to basic desktop assessments as defined in planning and engineering guidelines for 

liquefaction-prone land (MBIE 2017). The information sources used for the Otago work included geological 

maps, landform and soil maps, topographic information from maps, lidar surveys, aerial and ground 

photography, geological information from bore hole records, and measurements of depths to groundwater. 

Using those sources on information, liquefaction-susceptibility maps were compiled in a Geographic 

Information System (GIS) and the GIS datasets accompanied the reports submitted by GNS Science to ORC. 

Although not part of the Dunedin district assessment, a feature of the subsequent work was the subcontracted 

engagement of geotechnical specialists with expert knowledge from site investigations at numerous locations 

in Otago to review and provide advice on draft versions of the liquefaction-susceptibility map.   
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Figure 1: Territorial districts of the Otago region, and the distribution of Quaternary-age sediments from 

the Edbrooke et al. (2014) dataset. Only those areas underlain by Quaternary sediments have any potential 

for liquefaction, and then only if the sediments are of a certain type and groundwater is close to the surface. 
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3 METHODOLOGY 

The liquefaction-susceptibility mapping described here was principally based on geomorphology. The form 

and origin of the ground surface generally reflects the nature of underlying geological materials, whether 

solid rock ranging through to a variety of poorly consolidated or loose sediments. Although records from the 

drilling of water bores, geotechnical probes or excavations provide direct information on subsurface 

materials, each of these points of information may lie a considerable distance apart (Fig. 2). Geomorphologic 

information provides an area-wide, general indication of what lies beneath the near-surface, e.g., down to 10 

m depth, along with insights into the processes such as erosion and deposition that have shaped the land 

surface. The mapping aimed to delineate areas where there is a possibility of liquefaction-susceptible 

materials being present. Areas assessed as having liquefaction susceptibility are also considered to have 

lateral spreading susceptibility in areas close to ‘free-faces’, such as river bank edges or lake shore cliffs. 

The mapping began with a region-wide clip-out of the GNS Science 1:250 000-scale geological database 

(QMAP; Heron 2014). Although highly generalised, the QMAP polygons provide a starting point for 

refinement, using other information sources to delineate more detailed interpreted extents of potentially 

liquefaction-susceptibility ground. The mapping was done directly with a computer using Geographic 

Information System (GIS) software (ArcGIS). Geological map polygons were re-shaped on-screen by cutting 

and re-merging, based on expert interpretation of landform features from various underlying basemap layers 

(e.g., topographic maps, high-resolution aerial orthophotos and, where available, lidar elevation models or 

hillshade relief models). In addition, a digital database of borehole information made available by ORC for 

the work, which provided insights into subsurface materials and depths to groundwater. Of additional benefit 

to the work, especially for areas outside lidar coverage, was archival printed black and white aerial 

photograph sets held by GNS Science for localised areas, generally dating from the period between the late 

1940s and mid-1980s. Erasable pencil interpretations were drawn on photos, which were scanned and 

georeferenced in ArcGIS, to aid the drawing of polygon boundaries. Other valuable resources used to aid 

mapping included Google Street View which provides ground photography along all sealed roads, and 

publicly available reports or maps on topics including geology, geomorphology and groundwater. 

A standard practice in reporting the work was to include an appendix giving a written commentary on the 

bases of interpretation, and reasoning for some classifications, at the various localities across the assessment 

areas, especially in urban areas. 

4 CLASSIFICATION 

In the context of the MBIE (2017) guidelines, the methodology described here equates to a “Level A” basic 

desktop assessment, that is aimed at distinguishing between areas where liquefaction damage is unlikely to 

occur versus areas where liquefaction damage is possible. This approach differs from more comprehensive 

classes of liquefaction evaluation listed in the MBIE (2017) guidelines (Level B – calibrated desktop 

assessment; Level C – detailed area-wide assessment; and Level D – site-specific assessment). These more 

comprehensive classes of liquefaction assessment require detailed information on the geotechnical properties 

of near-surface sediments. To make a firmer assessment of liquefaction risks, it would be necessary to have 

site-specific geotechnical investigation data, from drilling and down-hole testing of the ground. In most of 

Otago, there is insufficient information for more quantitative assessments, as are described in the MBIE 

(2017) guidelines, although some areas do have better data (e.g. Wanaka, Queenstown). 

The mapping does not define hazard zones as such, but rather identifies what are termed ‘liquefaction-

susceptibility domains’, that distinguish between areas where liquefaction damage is unlikely to occur 

(Domain A) versus areas where liquefaction damage is possible (domains B, B1 and C). Collectively, these 

latter three domains are regarded as ‘liquefaction awareness areas’ (Barrell et al. 2014, Barrell 2019). 
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Figure 2: Example of information sources for liquefaction-susceptibility mapping in Central Otago. Most 

bore records are close to larger population centres (qualitatively illustrated by the sizes of blue circles). 

Quaternary sediment distribution is a composite of the Heron (2014) and Edbrooke et al. (2014) datasets. 

By this approach, any type of strong to weak rock geological unit, all Early to Mid-Quaternary-age 

sediments, which are relatively firm, and any areas of Late Quaternary sediments with an estimated 

groundwater table deeper than 5 m, making them firm, were placed in Domain A. This depth criterion aligns 

with the MBIE (2017) guidelines, which identify a groundwater depth of more than 4 to 6 m indicating that 

liquefaction damage is unlikely. The liquefaction-susceptibility domains (see Fig. 3) are defined as follows: 

• Domain A. The ground is predominantly underlain by rock or firm sediments. There is little or no 

likelihood of damaging liquefaction occurring. In MBIE (2017) terms, liquefaction damage is unlikely; 

• Domain B. The ground is predominantly underlain by poorly consolidated river or stream sediments with 

a shallow groundwater table. There is considered to be a low to moderate likelihood of liquefaction-

susceptible materials being present in some parts of the areas classified as Domain B. In MBIE (2017) 

terms, liquefaction damage is possible; 
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• Domain B1. As for Domain B, but there is limited and generally sparse geotechnical evidence for the 

presence of liquefaction-susceptible materials at least in some locations in the subsurface;  

• Domain C. The ground is predominantly underlain by poorly consolidated marine or estuarine sediments 

with a shallow groundwater table. There is considered to be a moderate to high likelihood of 

liquefaction-susceptible materials being present in some parts of the areas classified as Domain C. In 

MBIE (2017) terms, liquefaction damage is possible. 

For domains B and C, the level of information is not sufficient to assign liquefaction vulnerability categories, 

which is a step that requires investigations at Level C or D classes (MBIE 2017). For that reason, both 

domains equate to the ‘liquefaction damage is possible’ category. Nonetheless, it was considered useful to 

distinguish areas that have relatively lesser (domain B) and greater (domain C) probabilities of liquefaction 

susceptible ground being present. 

The reporting emphasized that the liquefaction-susceptibility domains highlight areas where liquefaction is a 

potential hazard that should be considered in future planning and development activities, but that the 

mapping represents generalised inferences and should not be used in isolation for any site-specific purposes. 

 

Figure 3: An example of liquefaction-susceptibility domain mapping in the Owaka area, southeast Otago 

(see Fig. 4 for location). The map key is generic to the dataset and not all units are present on this map. 
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5 RESULTS AND DISCUSSION 

GIS analysis shows that Quaternary sediments underlie 15% of the land area of Otago (Fig. 1). In previous 

liquefaction assessment of Otago, all areas of Quaternary sediment were identified as having possible 

susceptibility. In contrast, the 2014 and 2019 assessments have taken a more targeted approach, by only 

identifying possible liquefaction susceptibility within the younger parts of the Quaternary sedimentary 

sequence, and only then where the depth to the groundwater table is assessed as being shallow than 5 m. 

More than 95% of the Otago region land area is classified as Domain A – terrain that has little or no 

liquefaction susceptibility. Domains B, B1 and C are liquefaction awareness areas. Land classified as 

domains B/B1 or C respectively occupy 3% and 1% by area of the region (Fig. 4). 

 

Figure 4: Overall liquefaction-susceptibility map for the Central Otago, Clutha, Queenstown Lakes and 

Waitaki districts of the Otago region, with the locations of detailed inset maps for population localities, 

provided in the appendix to the Barrell (2019) report. Illustration from Barrell (2019). 
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The results reflect Otago’s geological and geomorphological environment. Range and basin terrain 

developed on hard schist or greywacke basement rock dominates the Otago landscape. During ice-ages, 

Southern Alps glaciers occupied the headwater valleys of northwestern Otago, and lakes Wakatipu, Wanaka 

and Hawea lie in former glacial troughs. Post-glacial river and stream valleys and deltas around these lakes 

are classified as Domain B. In Central Otago, low-gradient stream valley floors are classified as Domain B. 

Near the Otago coast, natural sea level changes have strongly influenced the geomorphology. Glacial low sea 

levels saw the Otago coast shift between 30 and 45 km seaward of where it is today, with extensive fluvial 

plains formed across what is now the continental shelf. The shelf is narrowest offshore from the Clutha and 

Dunedin districts, and lowstand sea level considerably steepened river and stream gradients there, causing 

them to incise. Post-glacial sea level rise drowned those former incised fluvial valleys and is the reason why 

so many estuaries, inlets and harbours indent the Otago coast. The estuarine to shallow marine sediments 

infilling these drowned valleys are classified as Domain C, and are areas regarded as having a greater 

likelihood of liquefaction-susceptibility being present, compared to areas of Domain B farther inland. 

6 CONCLUSIONS 

Liquefaction susceptibility assessments recently completed for Otago are based on office evaluations of 

existing information. Emphasis was placed on geomorphological considerations and assessed depths to 

groundwater to develop a consistent, region-wide, liquefaction-susceptibility map. Post-2014, an amended 

approach included review of draft mapping by geotechnical specialists with local site investigation expertise. 

The liquefaction-susceptibility map differentiates areas underlain by rock or firm sediments where 

liquefaction damage is unlikely (Domain A), areas of poorly consolidated river or stream sediments with a 

shallow groundwater table (Domain B) and areas of poorly consolidated marine or estuarine sediments with 

a shallow groundwater table (Domain C). Collectively, domains B and C are ‘liquefaction awareness areas’, 

where liquefaction damage is considered a possibility. Most of Otago region is classified as Domain A, with 

land classified as domains B or C respectively occupying 3% and 1% by area of the region. 
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ABSTRACT 

 

Historical records indicate that consequential liquefaction has occurred during upwards of 11 earthquakes in 

New Zealand since European settlement and prior to 2010. Post-event observations of land damage have been 

collated into an online geospatial database that is now publicly available. The dataset outlines areas that have 

historically liquefied, and thus are susceptible to liquefaction during future events, and may be used to 

supplement Level A (Desktop) and Level B (Calibrated Desktop) liquefaction hazard assessments as per the 

MBIE (2017) guidelines. Interrogation of the dataset indicates that liquefaction has primarily occurred in low 

elevation areas proximal to waterways with 80 percent of the collated reports within 500 m of a river or stream. 

Comparison of CPT traces in areas where liquefaction was and was not reported following the 2016 Kaikoura 

earthquake show that liquefaction predominantly manifested in areas containing comparatively thick layers of 

low relative density silty sands under PGA in excess of ~0.1g. The collated dataset enables calibration of 

liquefaction triggering assessments against actual observations when combined with estimated ground shaking 

intensities of the causative earthquake. Comparison of the predicted liquefaction hazard in Whakatane with 

that observed following the 1987 Edgecumbe earthquake outlines areas of inconsistent prediction. Potential 

reasons for the over-predictions include interlayering of soil types within distal floodplains and/or back swamp 

environments, and/or the presence of pumice. It is anticipated that this work will help to characterize settings, 

and/or geomorphic conditions where liquefaction typically manifests. The collated dataset provides a valuable 

tool for desktop hazard studies and in the verification of liquefaction hazards as interpreted from simplified 

analyses. 
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1 INTRODUCTION 

Earthquake-induced liquefaction and associated lateral spreading pose a significant hazard to the built 

environment. Heightened awareness of the consequences of liquefaction following the 2010-2011 Canterbury 

earthquake sequence (CES) resulted in a series of guidelines for practicing engineers (i.e NZGS, 2016). 

Subsequent recommendations made by the Royal Commission of Inquiry into Building Failure caused by the 

Canterbury Earthquakes resulted in guidance to manage liquefaction related risk in land use planning with a 

focus on regulatory framework (MBIE, 2017). The guidance outlines approaches for assessing liquefaction 

hazards at range of scales based on the availability of geotechnical data ranging from a high-level regional 

assessment down to site-specific analysis. Recommendations for Level A (Desktop) and Level B (Calibrated 

Desktop) studies involve consideration of geology/ geomorphology, groundwater and seismic hazard, with a 

qualitative assessment of some geotechnical data required for Level B. Both approaches may be supplemented 

by historical records of liquefaction however these records are scattered throughout post-event literature so are 

rarely considered.  

Historical records indicate that consequential liquefaction has occurred during upwards of 11 earthquakes in 

New Zealand since European settlement and prior to the 2010 Darfield earthquake (indicated in Figure 1). 

Records of ‘ground cracking’ and ‘quicksand’ are often included in newspaper articles, photographs, and 

diaries following historical earthquakes (i.e. pre-1850’s). These reports are typically held in museum archives 

and in some cases have been collated and geospatially located to infer distributions of liquefaction (i.e. Fairless 

and Berrill (1984) and Elkortbawi, (2017). Maps outlining distributions of liquefaction manifestations are 

available following more recent events, however these are typically scattered throughout post-event 

publications and technical reports. Fairless and Berrill (1984) previously collated pre-1984 records of 

liquefaction into a tabular format and produced a New Zealand scale map outlining the spatial distribution of 

the historical reports. The collated reports indicate that the liquefaction had generally been confined to 

localized areas proximal to waterways however the map scale does not allow for site-specific interrogation and 

subsequently the data cannot be readily incorporated into liquefaction hazard assessments.  

 

Figure 1: Distribution of earthquakes since European settlement within New Zealand for which liquefaction 

has previously triggered been reported. 
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Reports of liquefaction collated by Fairless and Berrill (1984), and mapped extents for events post-1984, 

provide a general overview of the distributions of liquefaction manifestations following historical 

earthquakes. Online geospatial software provides a platform where previous records of liquefaction can be 

presented, thus allowing for quick interrogation of areas that have previously liquefied. As part of this study, 

historical records of liquefaction  have been collated and mapped into an online ArcGIS-based database that 

is publicly available on the QuakeCoRE Wiki Page at https://wiki.canterbury.ac.nz/display/QuakeCore/FP2 

%3A+Liquefaction+Impacts+on+Land+and+Infrastructure. The collated observations provide insights into 

the settings and soil types that have previously liquefied, while estimation of the shaking intensities of the 

causative events enables liquefaction triggering analyses to be calibrated against the actual observations.  

2 METHODOLOGY 

2.1 Collating historical records 

Records of liquefaction were collated from Fairless and Berrill (1984) along with post-event publications and 

technical reports following more recent events (i.e. QuakeCoRE-GEER (2017)). Distributions of liquefaction 

in Whakatane following the 1987 Edgecumbe earthquake and in Napier following the 1931 Hawkes Bay 

earthquake were assessed by Masters students who examined post-event photographs and archives held 

within museums (see Mellsop (2017) and Elkortbawi (2017)). Records of liquefaction were subsequently 

digitised using simplified geometries into an online GIS-based dataset. Each record was given a separate 

datapoint outlining the affected area. Records were subsequently tagged with the reference, earthquake event, 

and type of observation (i.e. water ejection or lateral spreading). The inferred severity of liquefaction was 

assigned based on the land damage classification of None, Minor, Moderate, Major or Severe, generally 

following the definitions outlined by MBIE (2017). The level of confidence in the location and that the 

observation relates to liquefaction were additionally documented for each point. Locations where 

liquefaction was well documented have low levels of uncertainty whereas reports loosely tied to a person’s 

property or region have a higher level of uncertainty.  

3 COLLATED LIQUEFACTION OBSERVATIONS  

Records of liquefaction currently included in the historical liquefaction database are shown in Figure 2 and 

are summarised in Table 1. The database will continue to be updated as new reports of liquefaction are 

identified, along with distributions of liquefaction in future events. It is important to note that non-

observations do not necessitate a lack of liquefaction triggering. Liquefaction manifestations may have gone 

unreported in areas that were not visited during post-event reconnaissance, particularly for historical events.  
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Figure 2: Spatial distribution of previous reports of liquefaction that are included in the online database. 

 

Table 1: Summary of events included in the historical liquefaction database 

Event Report 

1848 

Marlborough 

Mw ~7.4-7.5 

• Subsidence, sand craters releasing ground water observed along the lower 

Wairau River in Blenheim. 

• Localized liquefaction additionally reported along the west coast of the North 

Island as far north as Wanganui however no specific locations are listed. 

1855 Wairarapa 

Mw ~8.1 

• Expulsion of sand and water along the lower Wairau River near Blenheim. 

• Sand cones, fissuring of ground surface, and subsidence reported in downtown 

Wellington, Lower Hutt, Wairarapa, Manawatu Plains, and Ohau. Specific 

localities not provided.  

1901 Cheviot 

Mw ~7.0 

 

• Liquefaction and lateral spreading reported at properties in Sewell Street 

adjacent to the Kaiapoi River in Kaiapoi.  

• Localised liquefaction likely across the wider region based on observed damage 

but specific records not located.  

1929 Murchison 

M7.3 

• Liquefaction observed across the wider Westport, Karamea, Inangahua, and 

Greymouth areas.  

• Evidence of liquefaction and lateral spreading well documented proximal to 

mouth of the Karamea River and on river flats near Inangahua. 
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1931 Napier  

M ~7.4-7.8 

• Localised liquefaction reported adjacent to waterways and coastal areas within 

Napier and towards Hastings. 

• Cases of no liquefaction inferred from historical photographs in central Napier. 

1968 Inangahua 

Mw 7.1 

• Liquefaction reported near rivers and estuarine settings near river mouths in the 

Inangahua, Westport, and Karamea areas; minor liquefaction reported in 

Greymouth.  

• Many of the sites that liquefied in the 1929 Murchison earthquake re-liquefied. 

1987 

Edgecumbe 

Mw 6.5 

• Liquefaction mapped in recent fluvial deposits on the Rangitaiki Plains near the 

Rangitaiki and Tarawera Rivers. 

•  Liquefaction and lateral spreading observed in recent fluvial deposits adjacent 

to the Whakatane River in Whakatane. 

2010 – 2011 

Canterbury 

Earthquake 

Sequence 

• Widespread severe liquefaction and lateral spreading observed in eastern 

Christchurch. Worst hit areas (red zone) primarily adjacent to meandering rivers 

and the Avon-Heathcote Estuary to the east of the central city. Distributions of 

liquefaction proximal to rivers primarily correspond with areas of point-bar and 

paleo-channel deposition.   

2013 Lake 

Grassmere 

Mw 6.6 

• Localised liquefaction ejecta and lateral spreading mapped in recent fluvial and 

estuarine deposits adjacent to the Opawa River and Big Lagoon.  

• Minor liquefaction in reclamation fill near Wellington Harbour 

2016 Kaikoura 

Mw 7.8 

• Localized liquefaction mapped on alluvial plains proximal to rivers in the wider 

Waiau, Cheviot, Kaikoura, Ward regions.  

• Localised severe liquefaction observed in reclamation fill near Wellington 

waterfront.  

• Localised severe liquefaction and lateral spreading observed proximal to rivers 

to the east in Blenheim. Distribution confined to relatively low-elevation areas 

primarily corresponding with point-bar and paleo-channel deposits.   

4 GEOMORPHIC SETTINGS OF LIQUEFACTION OBSERVATIONS 

The spatial distributions of liquefaction reported following recent and historical events indicates that 

liquefaction has primarily occurred proximal to waterways in areas containing recent (Quaternary) fluvial 

deposits, while localised reports have been made in areas underlain by recent estuarine deposits. The 

geospatial dataset enables interrogation of commonalities in the spatial distributions, extents, and severities 

of liquefaction for different events. Initial comparison of the spatial location of the recorded observations 

with the ‘NZ River Centrelines’ dataset available from LINZ indicates that 80 percent of the reports are 

within 500 m of waterways (Figure 3).  
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Figure 3: Cumulative percentage plot showing the distance of each reported liquefaction observation from 

the most proximal waterway for each historical earthquake included in the database.   

Historical cases of liquefaction may also be paired with geotechnical data from the New Zealand 

Geotechnical Database (NZGD) to examine subsurface soil properties in areas of liquefaction and no 

liquefaction. It is important to note that areas where no liquefaction has been reported should not be treated 

as not liquefying unless this has been confirmed by a post-event site visit.  

The mapped distribution of liquefaction in Blenheim following the 2016 Kaikoura earthquake indicated that 

liquefaction was confined to low elevation areas proximal to rivers and streams to the north and east of the 

township (Figure 4; see Bastin et al., 2018). Collated CPT from sites of known liquefaction indicate that the 

subsurface soils generally comprise a silt-to-clay cap underlain by thick layers of low relative density sands 

to silts (Figure 4). CPT traces in areas of no observed liquefaction generally indicate that the underlying soils 

comprise higher density deposits sands and silts. The qc and Ic traces of these deposits additionally show 

higher variability, possibly due to inter-layering of soil types (Figure 4). Comparisons from Blenheim 

suggest that liquefaction hazard assessments should include consideration of depositional setting, in addition 

to the depth to groundwater and proximity to waterways. Recorded PGA during the Kaikoura earthquake was 

~0.22 g; it is likely that liquefaction would be more widespread under a higher intensity event.   
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Figure 4: Mapped distribution of liquefaction and no liquefaction sites in Blenheim following the 2016 

Kaikoura earthquake shown with collated CPT.  

5 CASE STUDY COMPARISON OF OBSERVED AND PREDICTED LIQUEFACTION 

Collated reports of liquefaction in Whakatane following the 1987 Edgecumbe earthquake show that localized 

liquefaction occurred proximal to the Whakatane River under an estimated PGA of ~0.15 g (Figure 5; 

Christensen, 1995). Recent liquefaction hazard maps developed for Whakatane using current state of practice 

methodologies suggest that the liquefaction hazard is high for much of the township. Comparison of the 

observed extent of liquefaction with that predicted from simplified analysis of existing geotechnical datasets 

using back-calculated PGA and depth to ground water models shows areas of inconsistent prediction (Figure 

5; see Bastin et al., 2020 for discussion on analysis methodologies).  
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Figure 5: Comparison of observed and predicted extents of liquefaction in Whakatane for the 1987 

Edgecumbe earthquake (modified from Bastin et al. 2020). 

Geomorphic mapping indicates that the observed distribution of liquefaction corresponds with areas 

underlain by fluvial deposits comprising point-bar and paleo-channel deposits. Areas of inconsistent 

prediction are generally distal to the Whakatane River (Sites 4-5 in Figure 5). Potential reasoning for the 

variability in observed and predicted liquefaction includes differences in the age of the deposits, thin-scale 

inter-layering within the distal flood-plain, and/or the presence of pumice (see Bastin et al., 2020 for detailed 

discussion). The results highlight the importance of incorporating historical observations and geomorphic 

mapping as a form of ground truthing the assignment of liquefaction hazards.  

6 POTENTIAL INCORPORATION IN LIQUEFACTION HAZARD MAPPING 

The historical liquefaction database identifies areas that have historically exhibited surface manifestations of 

liquefaction for a given earthquake event and PGA. Areas where the earthquake-induced damage was well 

reported and/or photographed, and in which no liquefaction was reported, may be inferred as not exhibiting 

surface manifestations of liquefaction for the given earthquake PGA. Actual observations of liquefaction 

may subsequently be used to calibrate predicted liquefaction severities if simplified liquefaction triggering 

analyses are conducted using estimated shaking intensities of the causative earthquake event. The collated 

dataset therefore provides a valuable tool kit to verify and/or cross-examine the interpreted liquefaction 

hazard from simplified analyses. 

The collated reports indicate that liquefaction has primarily been observed in relatively low elevation areas 

proximal to waterways that are underlain by recent fluvial deposits. The consistency in the geomorphic 

settings of the reported observations suggests that these settings contain deposits with low resistance to 

liquefaction-triggering. Geomorphic mapping may therefore be used as a ‘first-pass’ filter to identify areas 

likely to contain deposits susceptible to liquefaction as part of the Level A (Desktop) and Level B 

(Calibrated Desktop) studies. It is recommended that this be done in conjunction with published geology and 

consultation with shallow groundwater records.  
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7 CONCLUSIONS 

Historical records indicate that consequential liquefaction has occurred during upwards of 11 earthquakes in 

New Zealand since European settlement and prior to the 2010 Darfield earthquake. The historical records have 

been collated and geospatially plotted into an online, open-access ArcGIS database. 

The collated historical records of liquefaction provide an independent methodology by which liquefaction 

hazard assessments may be ‘cross-checked’ and/or supplemented in the absence of geotechnical investigations. 

It is anticipated that the database will assist Level ‘A’ and ‘B’ liquefaction hazard assessments across the 

country. 

The spatial distributions of liquefaction indicate that liquefaction primarily occurs in low elevation areas 

proximal to waterways. Geomorphic mapping indicates that liquefaction manifestations in Whakatane 

following the 1987 Edgecumbe earthquake and in Blenheim following the 2016 Kaikoura earthquake occurred 

within recent point-bar and paleo-channel deposits. Subsurface deposits in these areas generally contain thick 

layers of low relative density sands to silts.  

Predicted liquefaction hazards may be calibrated using actual observations of liquefaction recorded for a 

given earthquake event and associated PGA. Comparisons of observed and predicted liquefaction in parts of 

New Zealand have found that the simplified liquefaction triggering analyses over-predict liquefaction 

hazards in certain soil types, including inter-layered soils and those containing pumice. The collated 

historical liquefaction dataset subsequently provides a valuable tool kit that may be used to verify and/or 

cross-examine the liquefaction hazard interpreted from simplified analyses. 
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Settlement Performance of Dwellings Constructed 

on Takanini Peats  
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ABSTRACT 

Significant portions of land east of Great South Road in Takanini have been progressively rezoned for 

development since approximately 2004.  With the introduction of the Auckland Unitary Plan, additional land 

has been identified for future urban development. This land is typically underlain by soft, compressible 

Holocene age, Tauranga Group peaty soils to varying depths with a typically high groundwater table. These 

characteristics present significant settlement risks to structures due to the application of fill and building loads, 

together with the possibility of groundwater drawdown induced settlement. The Regulatory Authority has 

required monitoring of groundwater levels and fill induced settlements prior to 224C to confirm attenuation of 

settlements to tolerable levels.  Post 224C monitoring of selected dwellings, kerb points and manholes is also 

required for a period between 3 and 5 years. The post construction monitoring periods have been completed 

for a number of developments. This paper reviews and comments on the settlement performance using 

available data from completed developments constructed on the peaty Takanini soils in the last 15 years. It 

compares the expected settlement performance against the actual performance.  Based on the available data, 

back analyses have been carried out to estimate primary and secondary settlement parameters. It also reviews 

the groundwater levels and the potential influence on dwelling settlement. Comments are provided on the 

implications of the recorded performance with respect to future developments on other land underlain by 

Takanini peat. 

1 BACKGROUND 

Since the adoption of the Takanini Structure Plan by the Papakura District Council (PDC, now Auckland 

Council) in November 2000, a number of developments have been completed on the peaty soils in the area. A 

substantial portion of the land bounded by the NIMT rail line in the west, Airfield Road in the north, Mill Road 

& Cosgrave Road in the east, and Old Wairoa Road in the south that was pasture 20 years ago, is now used for 

medium density housing, together with commercial, educational, and recreational type developments. With 

the adoption of the Auckland Unitary Plan – Operative in Part (AUP-OP) (Auckland Council, 2020), additional 

areas of land have been zoned as “Future Urban”. The Future Urban zone in Takanini is predominantly located 



 

 

between Mill Road in the east, Porchester Road in the west, extending north from Airfield Road to beyond 

Ranfurly Road.  

1.1 Geological Setting 

The peaty Takanini soils can be described as organic clays and silts with varying quantities of fibrous peat. 

They are known to extend to depths of up to 20m.  They encompass much of the Takanini area (Edbrooke, 

2001). The peaty soils typically exhibit variable but low undrained shear strengths and high compressibility 

with a variable composition across the area. Groundwater levels are usually within 1-1.5m depth below the 

ground surface during the summer rising to near the surface during winter (Beaumont, et al. 2010). 

Groundwater levels are generally higher in the east and lower in the west. Horizons of pumiceous materials 

are also present at varying depths within the peaty soils, with varying degrees of continuity. Their thicknesses 

have been identified as ranging from 0.5m up to approximately 4m. 

1.2 Core Geotechnical Constraints 

The main geotechnical issues associated with the peaty soils of the Takanini area are the low undrained shear 

strength and high settlement potential under fill and building induced loads. They are also susceptible to 

widespread settlement from drawdown of the groundwater table beyond the historic summer low and 

groundwater recharge is required. 

1.3 Historic Performance Standards 

Developments have been successfully completed in the Takanini area for many years prior to the introduction 

of the AUP-OP. Acceptance criteria were developed by PDC with respect to maintaining groundwater levels 

through recharge, fill and dwelling induced settlements, and long term monitoring requirements (e.g. 3-5 

years). 

PDC required developments to recharge the first 15mm from each rainfall event. This has been adopted in the 

AUP-OP (rule I438.6.1.6) as have the long term monitoring requirements. 

Settlement criteria developed by PDC required fill induced settlements to attenuate to 3mm/month for 3 

consecutive months and for the rate of settlement to have attenuated to less than 20% of the initial settlement 

rate. Engineers were then required to assess alert and alarm levels for dwelling, manhole and kerb settlements 

and changes in the groundwater level for long term monitoring. 

Due to the high compressibility potential it is important to have a good understanding of the likely fill and 

dwelling induced settlements in order to provide appropriate recommendations to support successful 

development. The Addison residential development located immediately to the east of Porchester Road was 

one of the first developments to commence since adoption of the Takanini Structure Plan by PDC. The 

geotechnical engineers for the development carried out a preload trial. From the preload trial they estimated 

fill induced settlements at 10-15mm per 100mm of fill placed, and dwelling induced settlements at 30-50mm 

for lightweight timber framed dwellings supported on stiffened pod raft type foundations applying a uniformly 

distributed load of 10kPa to the peaty soils. These values have been widely adopted for developments across 

the area. 

Since the introduction of the AUP-OP the Auckland Council is now requiring deep investigations and site 

specific settlement assessments to support applications for consent for developments in place of reliance on 

the settlement rates and values assessed by PDC, and derived from the now historic preload trial. Council is 

also no longer prescribing that fill settlements must attenuate to less than 3mm/month for 3 consecutive months 

and be less than 20% of the initial settlement rate. Engineers are required to provide the acceptance criteria. 



 

 

It is against this backdrop of the reconsidered approach of Auckland Council to assessment of settlement 

attenuation requirements that this paper reviews the results of settlement and groundwater monitoring results 

for a number of developments across the Takanini area completed in the last 10 years. This paper is intended 

to compare the expected settlement performance against the actual performance.  Based on available data, back 

analyses have been carried out to estimate primary and secondary settlement parameters. It also reviews the 

groundwater levels and the potential influence on dwelling settlement. Comments are provided on the 

implications of the recorded performance with respect to future developments on other land underlain by 

Takanini peat. 

2 DATA REVIEW & ANALYSIS 

2.1 Available Data & Analyses 

Data for sites in the Takanini area from the RILEY archives has been reviewed as well as information provided 

by Auckland Council. In total  data from 9 sites spread across the Takanini area and underlain by peaty soils 

has been reviewed and analysed. A summary of the reviewed data points is presented in Table 1 below. 

Table 1: Summary of Analysed Points and Monitoring Data Reviewed 

Sites 
Settlement Back 

Analysis Points 

Fill Settlement 

Monitoring Points 

Long Term Dwelling 

Settlement Points 

Piezometer 

Monitoring Points 

9 19 37 24 34 

 

Analyses have been carried out using Settle software by Rocscience to assess corresponding soil 

compressibility characteristics. This has been done for sites where a full electronic data record of settlements 

induced by fill placement was available, together with information on fill depths, monitoring plinth 

construction and sufficient investigation data to assess the thickness of the peaty soils. The corresponding 

compressibility parameters were used to estimate dwelling settlements at 50 years after construction and 

compared the calculated values with those estimated from the historic preload trial. The dwelling settlement 

magnitudes recorded at the end of the Council mandated 3-5 year monitoring period are also compared to the 

estimate for dwelling settlements for the corresponding timeframe. 

A comparison is made between recorded fill induced settlements from monitoring and magnitudes estimated 

using the rate from the preload trial. 

Groundwater levels have been reviewed for visible trends and consideration is given to whether these have 

had any obvious effect on dwelling settlements. 

2.2 Settlement Analysis 

Back analyses were carried out for a single point within Site 1 beneath a 1m high preload. The remaining 18 

points were back analysed for settlement plates installed beneath peaty fill soils placed as part of site 

development works across Sites 2-4.  In all cases, the settlement plates were installed and baseline readings 

were undertaken prior to fill placement. Survey monitoring then proceeded generally on a regular basis at a 

+/-2mm accuracy. The following methodology was utilised for the back analysis: 

1. Plot the data against time and inspect for indications of multiple phases of fill placement, review site 

observations etc; 



 

 

2. Estimate settlement and time for T90 using the Asaoka method. If T90 isn’t clear review settlement vs 

time data in a log scale; 

3. Create the model in Settle using the geotechnical investigation data, fill depths and placement times. 

A unit weight of 15kN/m3 was used for the insitu peaty soils and for the peaty fill. For Site 1 a unit 

weight of 20kN/m3 was used for the hardfill preload. Insitu peaty soil thicknesses ranged from 8m to 

18m for the back analysed sites. Groundwater was set at 1m depth; 

4. Add the dwelling load (12m x 12m footprint with a rigid 10kPa load) either at 1 year after first fill 

placement or at the end of the fill monitoring data, whichever occurs last; 

5. Adjust the cv parameter through iteration until the calculated timeframe for T90 occurs approximately 

coincident with the timeframe estimated from the monitoring results. Two-way drainage is assumed 

in order to account for the presence of preferential drainage paths via sandy/pumiceous horizons and 

fibrous materials; 

6. Adjust the mv value through iteration until the calculated settlement magnitude at T90 is similar to the 

recorded value; 

7. Where the data record is of sufficient length for secondary settlement to be observed, carryout iterative 

analyses to assess Cα. Secondary settlement should be visible on the Asoaka plots as well as in the 

settlement vs time plots;  

8. Check the R2 value for the degree of fit with the recorded data; 

9. Check whether the back analysed parameters are realistic. 

Using the above methodology, soil compressibility parameters were able to be estimated together with 

calculated settlements beneath typical dwellings 50yrs after their construction.  The results are presented in 

Table 2 below together with comparisons of recorded fill and dwelling settlements against the historically 

estimated values. 

Table 2: Summary of Back Analysed Soil Compressibility Parameters, Fill & Dwelling Settlements 

Site No. 
mv 

(m2/MN) 

cv 

(m2/year) 
Cα R2 

Calculated 

Dwelling 

Settlement as % 

of 50mm 

Maximum Recorded 

Fill Settlement as % of 

15mm/100mm Of Fill 

(mm) 

Maximum 

Recorded Dwelling 

Settlements as % 

of 50mm 

1 0.55 40 - 0.99 - -  

2 0.23-1* 40-200 0.001 
0.79-

0.99 
72-170 34-101  

3 
0.35-

1.65* 
90-220 

0.001-

0.005 - 

0.89-

0.98 
104-384 36-177  

4 0.3-0.6 80-200 0.001 
0.39-

0.76 
80-185 31-109  

5      1-79 4-74 

6       0-68 



 

 

7      0-3  

Average 0.55* 136 0.0015 0.86 141 45 24 

Standard 

Deviation 
0.38* 59 0.0011 0.15 80 44 20 

* Site 2 has a single mv value of 1m2/MN, Site 3 has three mv values above 1m2/MN. When these values are 

excluded, the average and standard deviation of mv reduce to 0.38m2/MN and 0.14m2/MN respectively across 

a range from 0.23m2/MN to 0.65m2/MN. 

2.3 Discussion on Analysis & Comparison With Settlement Monitoring Results 

In the back analysis results (Table 2), the average and standard deviation of mv is affected by four values of 

1m2/MN or greater, which appear atypical. However, they are indicative of the variability of the peaty soils. 

When the atypical values are excluded, the calculated volume compressibility values are within a range of 

0.23-0.65m2/MN. This implies the volume compressibility of the peaty soils here are generally confined to a 

reasonably narrow range with areas of higher compressibility interspersed. 

 The cv values range from 40 to 200m2/year. Back analysis returned similar ranges of cv for each of the sites 

indicating relatively high variability of the peaty soil composition and presence of materials that would provide 

preferential drainage. This is further evidence of variability of the materials within individual development 

sites and across the area. 

Coefficients of secondary consolidation were found to be consistent with only three values above 0.001 within 

a single site (Site 3). Secondary consolidation makes up approximately 25-65% of total calculated settlements 

over the dwelling 50-year design life. 

Consistency of the calculated cv ranges on a site by site basis could provide confidence in the timeframes for 

settlements to occur but the back analysed mv values do not provide the same confidence. With 4 out of the 19 

points having mv values of 1m2/MN or greater, there is a risk that settlement magnitudes for some future 

dwellings may be significantly under predicted if areas of higher compressibility are not considered. 

Fill induced settlements were typically less than would be expected using the rate derived from the historic 

preload trial. Only 5 out of 36 points exceeded 100% of the estimated value and only two exceeded it by more 

than 20%. These results show that the preload derived rates provide a reasonably reliable estimate of the upper 

bound of expected fill induced settlement.  This could be due the fact that the settlement rates were derived 

from the results of a hardfill preload whereas the fills considered comprise peaty soils. After adjusting the 

settlement rate for the difference in material unit weights, two further points exceed the estimate.  The success 

of this method is likely due to the degree of inbuilt conservatism given the material unit weight differences 

combined with the length of time that the preload trial was in place (approximately 2 years) whereas most fill 

settlement monitoring results cover a 1-2 year period. 

Fill settlement rates sufficiently attenuated at all points to comply with the historic Council requirements.  In 

all cases compliance with the criteria was achieved at some time after achieving T90. 

The majority of calculated future dwelling settlements (11 out of 18) were greater than 50mm after 50 years 

and 3 exceeded 100mm. This is in stark contrast to the maximum recorded dwelling settlement of 37mm (from 

24 dwellings) at the end of the long-term monitoring period. Coincidentally, this is generally consistent with 

the calculated settlements for the remaining 7 back analysed points for the same timeframe. Further 

interrogation of the back analysis results reveals calculated settlements at 2 years and 5 years after dwelling 

load application exceed 50mm at 6 of the 18 points. These results indicate that even after considering the 



 

 

settlement timeframe over which the preload derived value was developed, the nominated 50mm settlement 

value is not entirely reliable and should be viewed with caution.  However, despite the significant proportion 

of back analysed points that exceeded 50mm at 50 years the effect of this additional settlement is considered 

unlikely to be significant for properly designed dwellings.  This is likely due to the use of stiffened pod raft 

type foundation systems that create an essentially rigid slab in relation to the soft peat (Econcrete=25GPa, Epeat=1-

4MPa typically), resulting in negligible differential settlement, combined with the floorslab being set well 

above minimum floor levels for flooding (with settlement allowances), and the use of flexible service 

connections that can accommodate a level of relative vertical movement.  Problems could arise if settlements 

resulted in floor slabs settling below the design flood levels, where relative movements between the dwellings 

and private services exceeds their tolerances or results in a loss of grade.  These issues can be readily addressed 

through setting appropriate floor levels to accommodate calculated settlements, increasing the tolerance of 

private services to vertical dwelling movement and increasing their gradient.  

It would therefore follow that if the 50mm estimate is to be used to estimate future dwelling settlements, it 

should be used circumspectly, together with provision for the possibility of settlements significantly exceeding 

this value. 

2.4 Groundwater Monitoring 

From the groundwater level monitoring data available we were able to generate graphs of the groundwater 

level with time for five sites.  The results are plotted in Figure 1 below. For clarity we have plotted the average 

recorded groundwater levels for each site. 

 

Figure 1: Average Recorded Groundwater Levels 
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2.5 Discussion on Groundwater Monitoring Results 

Regular seasonal fluctuations in response to rainfall events are visible in Figure 1. Most recorded groundwater 

level readings are between 0.5m and 1.5m depth. 

Sites 1, 3 and 4 show a general cyclical trend of increasing groundwater depths. Further review of the individual 

piezometer data above indicates that Sites 1 and 4 appear to have been affected by abnormally low rainfall 

over the 2019/2020 summer.  Site 3 may also be affected by reduced rainfall, and the presence of the Council 

stormwater channel located approximately 175m to the west that is currently under construction. Site 2 is 

located in the vicinity of Site 3 but has instead experienced relatively consistent seasonal groundwater 

fluctuations.  This could be due to the presence of its own internal stormwater channel that is not yet connected 

to the main Council channel. The water impounded within the internal channel would be acting to reduce 

seasonal groundwater fluctuations. Google Earth photography indicates that there was still significant water 

within the Site 2 channel whereas the water levels within the Council channel under construction are much 

lower and have likely been suppressed to enable construction. 

Unfortunately post 224C (issue of lot titles) settlement monitoring data is not available for Site 3 to comment 

on the possible effects of the lower groundwater levels. 

At the commencement of work on Site 4, there was no stormwater management infrastructure and the site was 

very wet. Site earthworks, installation of stormwater service lines, road under channel drains, and individual 

lot recharge pits are likely to be acting to limit the upper bound groundwater level, while also providing 

recharge when there is rainfall. It is considered that the deeper 2019/2020 summer groundwater levels are 

likely to be the result of the combined effect of the works and very low rainfall. This would normally be of 

concern but in this case there has been no obvious response in the settlement data to these lower groundwater 

levels.  This implies that these levels have occurred previously.  Regular, stabilised seasonal fluctuations would 

be expected to resume after completion of construction and installation of all the individual lot recharge pits. 

Graphical data provided to us for Sites 6 to 9 shows relatively consistent seasonal cycles in the groundwater 

levels with the highs and lows from year to year being approximately the same, indicating a flat groundwater 

level trend.  

3 CONCLUSIONS 

The back analysis results show that while the peat volume compressibility characteristics are generally 

confined within a relatively defined range, they also show that there are areas within individual sites and across 

the Takanini area that exhibit significantly higher compressibility characteristics. For this reason, the calculated 

volume compressibility values should be used with caution and the engineer should consider the potential 

presence of higher compressibility zones within individual developments. 

The rate of consolidation range derived from back analysis could be used to estimate the likely upper and lower 

bound timeframes for settlement attenuation noting that achievement of T90 does not necessarily mean that 

settlement rates have attenuated to less than 3mm/month. 

Secondary consolidation is a significant contributor (25-65%) to overall settlements although the quantum is 

less than anticipated with almost all back analysed Cα values being between 0.001 and 0.002.  Allowance 

should be made for variations in Cα. 

The historic preload derived settlement values have been shown to be a relatively reliable method for 

estimating fill induced settlements up to the end of site development works. However, they have also been 

shown to potentially under predict settlements for a significant proportion of the dwellings over a 50-year 

design life. If it is desired to use an arbitrary value to estimate long term dwelling settlement, then based on 

the back analysis, a value of 100mm would significantly increase the reliability of the approach.  This would 



 

 

still need to be combined with measures such as adjustment of constructed floor levels, and increasing the 

tolerance in the private service connections to dwelling settlement and the gradient of the services to ensure 

that grades do not fall back towards the dwellings. Nevertheless, the geotechnical engineer should still carry 

out site specific assessments to estimate settlements over the dwelling design life to confirm the applicability 

of the arbitrary approach for their specific site and ensure that appropriate recommendations are made. 

The requirement for fill settlements to attenuate to less than 3mm/month and be less than 20% of the initial 

settlement rate prior to dwelling construction has been found to ensure that T90 is reached and that differential 

settlements across site fills are suitably low. The continued use of this criteria needs to be weighed against the 

acceptable calculated future dwelling settlement. If lower long term dwelling settlements are required then fill 

settlements would necessarily need to attenuate to a lower value or other alternative settlement inducing 

measures adopted (e.g. preload). 

Groundwater levels are observed to follow a seasonal cyclical trend across the Takanini area. The results 

presented for some sites appear to be affected by reduced rainfall, site development works and the the Council 

stormwater channel under construction.  Monitoring is continuing on a number of sites and equilibrium levels 

are expected to be re-established for these sites once construction is complete. From the available data there is 

no obvious increase in settlement related to groundwater level effects, indicating that the recorded groundwater 

levels and the resulting induced overburden pressures have occurred previously. Groundwater recharge is an 

important measure to ensure that widespread settlement doesn’t occur and it appears that it has resulted in 

groundwater levels being maintained across the Takanini Area with a few aberrations as mentioned above. 
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Diana Falls – Then and now, moving from 

innovation to improvement. 

R. Bond  
WSP, New Zealand. 

S. Mason 
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1 ABSTRACT 

In September 2013 what was described as one of the most extreme rainfall events in New Zealand, hit the 

West Coast of the South Island.  The storm claimed the lives of two Canadian tourists, closed State Highway 

6 for two weeks and disrupted traffic on the famous West Coast Highway for nearly 12 months.  The largest 

impact on the route was at Diana Falls, where over 4,000 cubic meters of soil, rock and vegetation slipped 

and blocked the road.  The resultant response to the event became one of the most complex and innovative 

rockfall mitigation solutions in Australasia.  The construction of the Diana Falls Rockfall mitigation system 

was also a key milestone in the development of a New Zealand design guide for rockfall mitigation and the 

future design solutions adopted in Kaikoura.  

Since 2013, multiple rockfall and landslide events at the Diana Falls site have been successfully attenuated. 

Diana Falls continues to be a successful and innovative mitigation solution to a complex and extremely 

active site, with no unplanned road closures having occurred at the site due to rockfall or debris slides since 

its construction.  Routine inspections, monitoring and re-assessment of the hybrid system has enabled it to be 

modified and improved to meet the challenging and changing conditions of the slip site, adopt new 

technology and refine its design and operation ensuring its continued effectiveness and efficacy as well as 

providing data for use in new rockfall protection systems, design guides and guidance documents around the 

world.  

2 SITE SETTING  

The Haast Pass in the South Island of New Zealand was converted from a rough track to a passable road by 

the Ministry of Works in the 1960’s but was not sealed until the early 1990’s.  It is one of three mountain 

passes that cut through the Southern Alps alongside Arthurs Pass and the Lewis Pass.  
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The State Highway route is cut into the steep side of the Makarora and Haast River valley and the valley is 

formed of deep incised overly steep mountainous terrain.  The road traverses the pass and reaches a 

maximum altitude of around 563m. As such much of the road is within the densely forested zone.  

Multiple rockfall and landslide events occur along 

the Haast Pass between Makarora and Haast. The 

slips tend to occur as over slips (landslides or 

rockfall) on overly steep valley sides and are 

generally instigated by heavy rainfall and overly 

dense vegetation where little or no colluvium 

cover is present. The majority of the failures are 

typically of the order of 10 to 1000 cubic metres 

of material being deposited on the road.  Road 

closures are common with one to two closures per 

annum being normal, however, these events are 

typically cleared within 24hrs.  There are also 

several slow-moving landslides through the pass, 

as well as multiple rockfall and debris flow sites.  

Figure 1 - Location of Diana Falls 

3 THE DIANA FALLS EVENT 

The initial failure occurred on the 10th September 2013 during what was described as one of the most 

extreme rainfall events to have hit the West Coast of New Zealand in recent times with over 300mm of 

rainfall in 24hrs, with the highest rainfall intensity reaching over 30mm in one hour.   

The failure originated at the crest of a vertical face with a large vegetation collapse. The slip quickly 

regressed upslope by around 100m as a rock and colluvium debris slide.  The initial failure deposited around 

10,000 cubic meters of colluvium and vegetation directly onto the road, bridge and slope over the Diana 

Falls stream. Over the following month the failure regressed up the steep slope by a further 100m with 

subsequent minor failures and slides depositing a total of over 30,000 cubic meters of debris.  The failures 

were mainly associated with periods of heavy rainfall through the months of September and early October. 

The resultant failure feature measured nearly 

250m in height, 50m in width and nearly 5m in 

depth at select locations. The slip face angle 

varied between 35 and 42 degrees.  The site is 

dominated by a steep vertical face some 40m 

high with an upslope above it of around 150m.     

The composition of the failure ranged from 

silty gravel to large schist boulders up to 300t / 

125 m3. 

 

 

 

Figure 2 - Extent of the failure following repeat upslope failures dated November 2013 through to February 

2014.   
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The failure resulted in an initial closure of State 

Highway 6 through the Haast Pass for nearly three 

weeks, further closures occurred throughout November 

to January 2014 and disrupted traffic to the West Coast 

Highway for nearly 12 months.  

 

 

 

 

 

Figure 3 - Example of large boulder. 

4 DEFINITION OF THE PROBLEM  

Dealing with a landslide or rockfall on to a State Highway is not a new issue in New Zealand. However, the 

Diana Falls event presented several additional challenges which complicated the remedial actions and posed 

problems to developing a final remedial solution. 

The location and geomorphology of the slip site posed a significant hurdle to the recovery of the road and the 

installation of the final design.  Being over 2hrs away from the closest urban centre, having no mobile phone 

coverage, limited radio coverage, intermittent satellite coverage and accessed only by a narrow, twisting 

highway through an alpine pass over multiple single lane bridges all created logistical and health & safety 

challenges that needed to be overcome.  The weather varied from warm sunny days to blizzards and white 

outs or intense rainfall and low cloud.  Visibility on the site and in the area restricted helicopter operations 

and the site was impacted by at least two magnitude 5 earthquakes during the construction period.  

Due to the limited number of highways passing from the West Coast to the tourist centres of Wanaka and 

Queenstown the importance of the route became very apparent and the tourism industry of both the West 

Coast (Fox and Franz Josef) and Wanaka/Queenstown were impacted immediately and continued to be 

affected until tour buses and tourists were allowed to pass through the slip site in mid-2014.  

The recovery progress was hampered by ongoing failures and mitigation measures such as targeted scaling 

and sluicing had little or no effect in reducing the number of regression failures or minor slips and rockfalls 

that occurred.  

The shear overhanging face posed multiple hazards to the single lane passing below due to ongoing rockfalls 

and limited visibility to the main slip above.  Constant observation and monitoring of the slip site was 

required to enable slip movements to be identified and early warnings afforded to the work crews below. 

The site attracted a high media profile due to the impact on tourism and as such every element of the work 

was scrutinised by the major stakeholders NZTA, DOC and the local government.  The profile of the site, the 

solutions developed and the programme for delivery was therefore extremely sensitive. In addition, there was 

at the time no New Zealand Standard for the assessment and design of rockfall protection systems as rockfall 

protection in New Zealand had typically followed international standards and adopted conventional rockfall 

barrier designs.    

The Diana Falls site required a quick, bespoke solution that could be constructed in rural New Zealand using 

construction equipment that could be transported to the site from either Greymouth or Wanaka and in a tight 

timeframe driven by the tourist seasons of the South Island.  
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5 CONCEPT DESIGN OPTIONS 

● Do Nothing (not permitted to be considered - abandonment was not considered) 

● Realignment (discounted on the adverse cost of two river crossings - even though consideration had 

previously been given to a new Haast crossing further downstream) 

● Earthworks (this option was considered closely in terms of cutting a bench system into the hillside 

however was abandoned based on the time required to construct a safe bench system.  Contractors 

were invited to site but were surprised by the steepness of the slip and the presence of bedrock in the 

slip face, eventually the option was discounted on basis of complexity, cost and the time required to 

achieve a safe outcome).   

● Rockfall Barrier (large capacity fence was discounted due to the required height and impact energy) 

● Rock Shed/Shield (considered but was discounted due to the time required to construct it and the 

overall cost). 

● Rockfall Barrier (a self-clearing canopy was considered but was discounted as the volume of repeat 

failures combined with debris slides would most likely exceed the capacity of a canopy) 

● Attenuator (option 1 (single) / option 2 (two) / Option 3 (three) considered and then passed to 

detailed design with Geobrugg/WSP and Geovert combining to deliver a workable combination 

solution)    

 

Cost benefit, ease of construction, speed of construction, life expectancy, impact on road accessibility and 

level of ongoing maintenance requirements were all key factors that influenced the final design.      

6 DETAIL DESIGN  

The slip was highly active and geological mapping concluded that further regression of the head scarp was 

almost certain. Ongoing rockfall including large boulders in excess of 3m3 was considered likely to occur on 

an ongoing frequent basis, namely following a significant trigger event and through erosional processes. 

Large volumes of slip debris, boulders, gravel and silt were also present across the slip body which were 

slowly creeping under self-weight, and a waterfall passes through the northern margin bringing debris flow 

debris and tree debris during storm events.    

Drone surveys, topographical mapping as well as periodic prism monitoring of sliding blocks and bedrock 

heave enabled a full three-dimensional model of the slip to be established.  Periodic monitoring of an array 

of prisms installed on large boulders, bedrock and key features within the slip body soon established that the 

upper margins of the slip were toppling and would eventually slide releasing large unstable blocks onto the 

face.  The survey and monitoring of debris movement across the slip also identified multiple trajectory paths 

as well as mass debris slide routes down the slip face.  Visual assessment of rockfall trials and monitoring of 

the slip during periods of heavy rainfall soon identified that the majority of the mobilised materials either 

rolled or slid down slope as large debris masses, with only occasional large boulder rolls achieving full 

predicted bounce heights.  The boulder rolls that did bounce tended to start bouncing high on the slope and, 

due to the steep incline in the centre of the slip face and the exposed bedrock faces, catapulted rocks high 

over the lip and directly toward the State Highway.  

The initial designs followed conventional international rockfall design procedures, considering likely seed 

points, boulder sizes, trajectories and bounce heights. It became apparent through site observations and 

modelling that any remedial solution had to consider: 

a) Large boulders in excess of 3m3 being released at the head of the slope with the potential for large 

bounce heights over 8m at the base of the slip.  

b) Large boulders bouncing over large distances and missing the upper lip of the vertical face and 

directly impacting the road at very high impact energies. 
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c) Large creep movement of boulder/gravel debris generally mobilised through snow melts and heavy 

rainfall.  

d) The remoteness of the location and the need to provide security to the road user during adverse 

weather conditions. 

e) Difficulty in accessing the slip to complete remedial works or effect repairs. 

      

The site data and models of the rockfall were shared with Geobrugg (Switzerland) and it was realised that 

either very large rockfall barriers of significant height and capacity would be required or substantial works 

would be required to lower the potential block energies. This was at the time completed using conventional 

scaling and blasting techniques to reduce the block sizes and lower the overall energy potentials. However, 

through various model iterations and consideration of the other debris slide, maintenance and construction 

issues, it was apparent that a conventional rockfall barrier would not suffice. 

The solution adopted in the final design worked on the principle of being self-managing and energy 

reducing.  It was evident that the slip was going to continue to feed large quantities of material and release 

high energy rock falls over at least the next 5-10 years and the system had to meet the demands of being in a 

remote location where maintenance could only be periodic. 

To achieve this risk reduction a series of hybrid barrier/attenuators were designed to reduce the impact 

energies and channel debris slide material down the slip and over the lip.  There it would be contained 

against the vertical cut face and be restrained at the roadside in a controlled manner. 

Several advantages of the multiple attenuator system became apparent once modelling of the system was 

completed in that it would reduce the rock fall risk to a manageable level, could be installed quickly with a 

top down methodology to reduce construction risk to personnel, required less maintenance than a rockfall 

barrier and provided a large increase in road safety early in the construction phase enabling bridge/culvert 

works and road surfacing to be expedited. 

 

Figure 4 -  Attenuator overview and rope assembly drawing of A3  

To ensure the hybrid attenuator system was tested and capable of withstanding the rockfall and debris loads, 

the rockfall barriers were selected by Geobrugg who advised EAD (formally ETAG 27) category A, 

approved barriers. The barriers were then modified into attenuators by removing the bottom ropes and 

extending the net downslope (table1).   The following rockfall barriers were selected and modified 

accordingly: 
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Table 1 - Modified rockfall barriers. 

The three attenuator systems were at the time recognised as being one of the first complex, innovative hybrid 

systems and are still considered one of the most frequently impacted rockfall mitigation solutions in 

Australasia.  

7 INSTALLATION METHOD 

The installation commenced in 2014. The installation of the three attenuators were carried out by the 

specialist rope access contractor Geovert Ltd with barrier materials being sourced from Geobrugg 

Switzerland, Australia and New Zealand.  The construction required helicopter lifts for the upper two 

attenuators (A1 and A2) and a crane for the lower attenuator (A3). A top down approach was used to 

maximise the safety of the installation crew and to enable additional road level works to be advanced on an 

accelerated programme. 

 

Figure 5 - Helicopter 

and Crane lifting (courtesy Geovert) And A3 under construction. 

The lateral anchors and base plate anchors were installed following a large blasting, scaling and sluicing 

operation. The 6-8m long 32mm grouted bar anchors were installed with onsite abseil crews and site based 

geotechnical staff providing full time supervision and observation of rockfall events. Communication to the 

traffic stop go operators was by radio as no direct line of sight could be achieved. The active monitoring of 

the works and the slip enabled partial and controlled openings of the road throughout construction. Due to 

the nature of the site and the environmental conditions, frequent rain, seismic and snow events created 

rockfall and debris slides throughout the duration of the works. These were managed through a developed 

site management and operations plan with developed site triggers, inspection policies and safety zones 

established for both on the slope and at road level operations. Repeater stations and mobile phone 
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communications were temporarily established and maintained throughout the works to enable quick and 

efficient updates to NZTA, emergency services to be made.    

   

Figure 6 - Extreme working and weather conditions (courtesy Geovert) 

8 MANAGEMENT AND MONITORING 

Like most rockfall protection systems, the performance and maintenance can be optimised from frequent 

inspections and post impact analysis.  As part of the design development it was determined that due to the 

active nature of the slip site a regular inspection regime consisting of periodic and repeat inspections be 

completed including following certain trigger events and that an annual maintenance budget be allocated for 

the design life of the system.   

An annual budget of circa $100,000 was allowed for in the first five years of the design life and this was to 

be re-appraised after year 3.  The design life of the system was established as being less than 50 years with a 

large portion of the components to the upper and middle attenuators likely to be replaced within 3-10 years.  

After replacing several posts due to rockfall damage over the first 3 years the system was modified to remove 

the frequently impacted posts completely.  This design change required re-assessment of rockfall impacts on 

the posts and barriers recorded over the previous 3 years and review of the management of sliding boulders 

above the attenuators.  The accepted re-design allowed for additional top rope sag of 0.5m, reduced the post 

replacement programme and made significant savings on maintenance operations and component 

replacements.  

 

 

Figure 7 - Examples of post impacts and component failures due to static and dynamic loads 
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Figure 8 - Debris catch in A3 following heavy rainfall  

The barrier impact’s and attenuator loads have been monitored annually enabling a full assessment of 

component failures and design alterations to be instigated as the system has been activated.  Examples of 

changes include removing the posts on A1, adapting the bottom rope of A3 to facilitate easier clearing of slip 

debris and replacing the secondary mesh on A3 to reduce puncturing and tearing by tree fall.  This level of 

monitoring and continual improvement is key to developing a successful and economic rockfall protection 

system. 

   

Figure 9 - completed Attenuators A3 left A2 middle A1 Right 

9 IMPROVEMENT AND DEVELOPMENT IN BARRIER DESIGN  

Since the Diana Falls attenuators were constructed, further research, testing and performance evaluations 

have led to an evolution in the attenuator design methodology. When designing an attenuator, the impact 

energy should not be solely used. The attenuator does not completely decelerate the rock at initial impact but 

alters its trajectory and guides it to the bottom. Given this added complexity the forces exerted on the 

structure are very different to a rockfall barrier and can only be accurately determined from 1:1 testing and 

subsequent Finite Element Modelling (FEM).  Given that the attenuator does not completely stop the impact 

block, it should not be designed or classified solely by the Impact energy (kJ) and rather by the rocks mass, 

velocity and shape (puncturing resistance). 

To further understand the forces acting on attenuators, in 2018 Geobrugg completed a 3-year research project 

to develop an attenuator design model. The model is based on over 200, 1:1 instrumented field tests in 

conjunction with Duncan Wyllie, President of Wyllie & Norrish Rock Engineers and considered data 

collected from the Diana Falls rockfall and debris slide events. 

The key learnings from the 1:1 attenuator testing included significantly lower anchor forces with no 

requirement for braking elements or transmission ropes. These simplifications make the new style attenuators 

more economic compared to the equivalent modified EAD rockfall barrier. These findings are in line with 

the performance of the Diana falls attenuators as to date only the top transmission ropes U brakes on 

attenuator 2 (A2) have slightly elongated after many design level impacts.  
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The majority of EAD approved barriers have a maximum post spacing of 10-12m whereas attenuators can 

extend to around 16m spacing (limited by rope sag) this has also been observed at Diana Falls where posts 

have been removed resulting in an up to 18m span. Other learnings conclude that high tensile chain link 

mesh is the most suitable attenuator mesh due to being easier to install than ring nets due to no necking 

(hourglass shape when lifted), being lighter so on shallower slopes it allows debris to pass underneath, 

having a uniform puncturing resistance over the entire mesh 

and due to the aperture size being <80mm so a secondary 

mesh is not required.  Recent remedial repairs at Diana Falls 

also include lacing the mesh panels as opposed to shackling 

and redesign of the upslope stay wires to remove them from 

slip debris aggradation. All these advantages and 

developments continue to reduce overall maintenance costs, 

reduce repairs and maintain an effective RPS which may 

extend the systems design life.  

 

Figure 10 - 400mm elongation of a 3000mm U-brake at Diana Falls. 

10 SIMILAR SYSTEMS ADOPTING THE DIANA FALLS RPS PRINCIPLE  

The Diana Falls approach to energy dissipation and control of debris has enabled several systems to be 

developed and adopted across New Zealand. 

In 2017/2018 two similar attenuator systems were installed in Kaikoura. The Kaikoura systems were based 

on 4m high RXE 2000 EAD class A approved rockfall barriers. The main difference with the Kaikoura 

systems are that the impact block size is smaller than that for Diana Falls (<1m3) and only a single attenuator 

was required. Although likely over engineered the systems are working well. 

   

Figure 11 - Kaikoura Modified RXE2000 Attenuators  

In 2019 a new Style ATT-60 was installed in Kaikoura. The system was selected over an EAD modified 

barrier due to the faster and lower cost installation with no need for a secondary mesh. The ATT-60 also has 

a lighter tail so the frequent low mass high velocity impacts on the shallower ~45 slope can pass through. 

Two ATT-40’s have also been installed in Cobb Valley, NZ the systems utilise a fixed post (no upslope 

ropes) which meant they could be installed from the road with an excavator mounted drill. 
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Figure 12- ATT-60 (left) and ATT-40’s(right) 

In Australia the design approach is much the same as 

New Zealand. A Stainless-steel ATT-40 was recently 

installed (2020) on the Great Ocean Road. Stainless 

steel and galvanised epoxy posts with isolators were 

selected to meet the design life in the aggressive 

coastal environment. Several more ATT systems are in 

the planning and installation stage across Australasia. 

Figure 13 - (left) Stainless steel ATT-40.  

North America likely has the most attenuators in the 

world due to their wide road verges which can easily 

accommodate runout catchment. Their design style slightly differs from that adopted in New Zealand, as 

they rotate the post forward even on the shallower slopes to create a hanging net rather than the drape the tail 

on the slope, however, the design principles are effectively the same. The benefits of a hanging net are that it 

allows the mesh to be extremely flexible which can reduce plastic deformation of the mesh. The hanging net 

also reduces the chance of material getting caught up in the tail and the requirement for future vegetation 

control. The disadvantage of a hanging net is that less energy is absorbed from rock and slope interaction, so 

the exit velocity may be higher. If the catchment is narrow or the exit velocity is too high, then tethers or 

weights can be installed to fine tune the attenuator.  If the attenuator is dimensioned correctly then any 

blocks that exit the attenuator with some residual velocity should have a reverse rotation which will 

encourage the block to roll back towards the slope. Attenuator 3 at Diana Falls adopts the hanging mesh 

principle due to a near vertical slope. The attenuator is frequently impacted with large boulders that are then 

successfully deflected to ground under the mass of the mesh. Frequent material clearance at both Diana Falls 

and Kaikoura has proved to be the most effective method due to limiting road closure durations and 

minimising the time that the material has to consolidate. 

 

Figure 14 - Hanging net (left) and net draped on slope (right) 
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In Switzerland, Germany, Austria and France attenuators are less common over rockfall barriers due to the 

extensive steep mountainous regions, with narrow roads and less space to control the rockfall.  In these 

regions it is also a common and standard procedure for rope access and helicopter work, so maintenance is 

less of a consideration and is a somewhat normalised procedure. The higher populations and settlement 

density also means they are less restrictive and remote than sites such as Diana Falls in New Zealand. 

11  CONCLUSIONS  

The design, development and installation of the Diana Falls Hybrid system was a significant milestone in the 

adoption and development of standard design for Rockfall Protection Systems in New Zealand. With 

constant monitoring and data recording of its performance, the system is an excellent example of building 

network resilience, being innovative, adapting to natural hazards and environmental constraints, adopting 

new and emerging technologies and developing remote construction methodologies.  

The continuous monitoring and improvement of the system has enabled the needs of an ever-changing 

environment to be met as well as provide substantial long-term cost savings to be realised in terms of 

component or system replacement and ongoing maintenance.   

Since its design and development in 2013 and construction in 2014/15 the Diana Fall attenuators have been 

subject to multiple impact events and are performing extremely well with only a modest maintenance budget.   

The Attenuators are likely the most frequently impacted rock fall protection system in New Zealand and 

attract global interest and the system continues to provide reliable rockfall and debris slide data enabling 

constant opportunities for improvement as well providing confidence in the future design and adoption of 

similar Rockfall Protection Systems around the world. 
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System response liquefaction analysis 
– application of a “base Isolation” effect 
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ABSTRACT 

System response using dynamic effective stress modelling can capture the holistic behaviour of a potentially 

liquefiable soil deposit, including interaction between different soil layers. Compared to a conventional 

liquefaction triggering analysis, a system response assessment can either predict more or less damage 

depending on the characteristics of the soil profile. This paper describes a case study where considering the 

system response resulted in a more realistic prediction of liquefaction effects than a simplified CPT based 

triggering assessment.  

The soil profile at the site comprises upper loose to medium dense sand (from 0-9 m depth), overlying silt (9-

12.5 m), and overlying a lower loose sand layer (12.5-19.5 m). A simplified liquefaction triggering analysis 

predicted liquefaction occurring from 2 to 6 m depth and 12.5 m to 19.5 m in an Ultimate Limit State (ULS) 

earthquake event.  

Several large diameter tanks are to be constructed at the site. Using a simplified liquefaction analysis, ground 

improvement was required to 8 m depth to improve bearing capacity and mitigate differential settlements. 

A liquefaction system response analysis was carried out using an effective stress time history analysis of a 

1D soil column. The model was created in FLAC with a PM4Sand constitutive model for the liquefiable 

sand layers. The results showed that liquefaction would first occur in the very loose sand layer from 12 to 

19.5 m depth, reducing accelerations in the soil column above by approximately 50%. Because of this “base 

isolation” effect, liquefaction was not triggered in the loose to medium dense sand above 9 m depth in the 

ULS event. From this result it was concluded that ground improvement is not required to support the tank. 
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1 INTRODUCTION 

Simplified liquefaction triggering analysis using MBIE Module 3 (2016) is common practice in New 

Zealand when completing geotechnical assessments for residential, commercial, industrial and infrastructure 

projects. Boulanger and Idriss (2014) is currently the most common triggering analysis to use, which is based 

on the case history response of soil overall, and the observed liquefaction severity. This analysis assesses 

liquefaction triggering based on soil type and parameters at individual depths. It does not account for the 

interaction between different soil layers, which is often referred to as a system response.   

Cubrinovski, M. et al. (2017) has assessed system response effects at a number of sites from the Canterbury 

earthquake sequence and completed effective stress analyses to demonstrate key system response 

mechanisms. Cubrinovski identifies a response where a loose soil at depth liquefies and reduces the extent 

and severity of liquefaction / softening in the soils above this layer. In this paper we describe this as a natural 

“base isolation” effect. This paper explains the process we went through to evaluate this effect on an industry 

project with the objective of obtaining a more accurate understanding of the seismic performance of the tanks 

at the site, and assess the need for ground improvements.  

This project involved the geotechnical assessment of several 12 m diameter, 15 m height oil storage tanks. 

The soil profile has been simplified into three units for the purposes of this paper as these are considered the 

most important units, which are controlling the system response at the site. An upper loose sand layer exists 

from 0 to 9 m depth, overlying silt at 9 to 12.5 m depth, overlying a lower sand layer which is loose between 

12.5 m and 19.5 m depth. Below this depth the density of sandy deposits increases. A summary of the soil 

profile is provided below in Figure 1 along with a liquefaction triggering plot using Boulanger & Idriss 

(2014). 

 

Figure 1: CPT results, Ic and liquefaction triggering assessment using simplified liquefaction analysis - red 

is where FoSLiq < 1.0 and green is where FoSLiq > 1.0 (when using the CRRPL<15% curve) for Mw = 6 and 

PGA = 0.25g. 
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1.1 Ground model and simplified liquefaction results 

A simplified liquefaction triggering assessment was completed using Boulanger & Idriss (2014) to provide 

an initial understanding of the liquefaction risk and potential damage to the tanks at the site.  

Table 1 (below) summarises the ground model, susceptibility, triggering and consequences as a result of the 

simplified analysis. A median groundwater table of 1.5 m below ground level (bgl) was used. 

The simplified method identified that further analysis and/or liquefaction mitigation will need to consider the 

following geotechnical issues: 

1. Potential for liquefaction of the upper sand resulting in bearing failure of the foundations and large 

differential settlements. 

2. Liquefaction of the lower loose sand layer resulting in large total settlements. However, global bearing 

failure of the tank foundation is unlikely as a result of this lower layer.  

Table 1: Ground model, liquefaction susceptibility and triggering  

 

Depth 

(m bgl) 

Description Susceptibility 
Triggering 

B&I (2014) 

Sv1d 

Contribution 

(mm) 

LSN 

Contribution 
Implications  

 

0 to 9.0 

Upper sand, medium 

dense, fine to coarse 

grained. 

Susceptible 
Triggers at 

0.15 to 0.3g 
100 20 

Large differential 

settlements, 

Bearing capacity 

failure 

 

9.0 to 

12.5 

Silt, soft, low to 

moderate plasticity 

Not susceptible: 

too “clay like” 
No triggering - - - 

 

12.5 to 

19.5 

Sand, Loose, fine to 

medium grained 
Susceptible 

Triggers at  

0.1 to 0.15g 
500 40 

Large global 

settlements 

19.5 to 

40 

Sand, dense to very 

dense, fine to medium 

grained 

Not generally 

susceptible: 

too dense 

No triggering - - - 

Total 600 60 

Liquefaction 

mitigation 

required 

*LSN = Liquefaction Severity Number, ** Sv1d = 1 dimensional free field settlement without tank loading 

1.2 Opportunity identification using a system response approach 

The simplified method described above does not account for a system response (Cubrinovski, M. et al. 

(2017)). In taking this approach, there are three key units expected to control the effects of liquefaction on 

the tank structure at this site: 

• Liquefaction is triggered in the lower loose sand layer at around 0.1 to 0.15g using the simplified 

approach. 
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• The middle unit is a silt, which is expected to provide a “cap” to the lower sand and prevent excess pore 

pressure migration between upper and lower sand layers.  

• Liquefaction is triggered in the upper sand layer at around 0.15 to 0.3g using the simplified approach. 

When considering the system response, the lower loose sand is expected to liquefy at a lower PGA than the 

upper sand and therefore liquefy earlier in the earthquake. As a result of this, the lower loose sand can cause 

a “base isolation” effect, reducing the PGA and the potential of liquefaction triggering within the upper sand 

layers. It was therefore recognised that the simplified approach may be providing a more severe consequence 

than what would be expected if considering the soil layers as a system. This was also consistent with the 

analysis and observations in Cubrinovski, M. et al. (2017). Detailed modelling was needed to justify this 

approach for the project. 

An opportunity was recognised to obtain a more accurate response of the structure by completing more 

detailed numerical modelling which considers a system response (or inter-layer effects). This was considered 

compelling for the client as it would allow them to: 

• Understand more about the seismic performance of their existing tank structures on the site. 

• Reduce the uncertainty and risk in relation to liquefaction at their site. 

• Create an opportunity to reduce or remove ground improvement from the foundation design for future 

tanks.  

2 SYSTEM RESPONSE ANALYSIS 

To simulate the soil system response, numerical simulations were undertaken using FLAC 8.0 (produced by 

Itasca Consulting Group). The model was run seven times with different earthquake time histories scaled to 

meet the target spectra for the site. The following sections discuss the modelling approach and aspects of the 

model which may be refined in future design phases. In general, we consider the model output to be 

sufficiently accurate for a preliminary study. 

 

Figure 2: Geometry and boundary conditions implemented in the FLAC model 
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2.1 Constitutive models 

The soil layers judged most susceptible to liquefaction based on Boulanger and Idriss triggering procedures 

were modelled using the PM4Sand constitutive model developed by Boulanger & Ziotopoulou (2017). 

PM4Sand is a stress-ratio controlled, critical state compatible, bounding surface plasticity model for sand. 

The model was developed and implemented to approximate stress-strain responses of specific importance to 

geotechnical earthquake engineering and liquefaction problems.  

For soil layers less susceptible to liquefaction, Mohr-Coulomb behaviour was assumed. 

2.2 Boundary conditions 

The input ground motion was applied at the base of the model where a viscous boundary was employed to 

avoid the reflection of seismic waves. Input motions were defined through a velocity time-history applied at 

the base in terms of shear stresses. Free-field boundaries were used at the sides of the model to minimize the 

seismic wave reflection. We note that the free-field boundary condition has yet to be validated for the 

PM4Sand model. However, alternative boundary conditions were observed to lead to unrealistic results. 

2.3 Material properties 

Material properties for Mohr-Coulomb materials were developed from the results of geotechnical 

investigations comprising boreholes and CPTs from across the site. Shear wave velocities estimated from 

CPT results were approximately 130 m/s for the lower loose sand layer and 200 m/s for the upper medium 

dense sand layer. 

PM4Sand input parameters were calibrated following the recommendations of Boulanger & Idriss (2014). 

This entailed matching the number of cycles to trigger liquefaction in a simulated cyclic shear test 

(𝐶𝑆𝑅𝑁𝑐,𝜎𝑣
′ ) with 𝐶𝑆𝑅𝑁𝑐,𝜎𝑣

′  predicted from CPT based correlations (Cubrinovski et al., 2017). Calibrations 

were undertaken under the effective stress corresponding to mid-depth of each PM4Sand layer. 

Permeability testing has not been completed at the site. Instead, soil permeability was assumed based on the 

available investigation data. Importantly, the silt layer at approximately 10 m depth was assigned low 

permeability relative to the over- and underlying sand. This effectively prevented the migration of excess 

pore pressures between upper and lower sand layers. 

2.4 Ground motion selection 

Seven earthquake time history records were selected and scaled to be used as input ground motions to the 

FLAC model. These time history records are representative of the design ‘outcrop’ ground motions for the 

reference ground conditions at the base of the FLAC model.  

The target acceleration response spectrum has been determined using the recommended spectrum in 

NZS1170.5:2004 for a ‘Class D – deep soil site’, a 500 year design earthquake return period with Mw 6 and 

PGA 0.25g. This is because the soil layers below the base of the FLAC model are consistent with Class D – 

deep soils. The tank structures are considered to be analogous to Importance Level 2 structures in terms of 

NZS1170.0:2002 (equivalent to seismic use group 1 in API650).  

The selection and scaling of time history records has been carried out in general accordance with the 

recommendations of the PEER (2014) guidelines for Ground Response Analysis (GRA). The selection 

process considered the following factors: 

1. The target acceleration response spectrum for the reference ground conditions underlying the base of the 

GRA model and the ULS level of shaking under consideration. 

2. The period range of importance for the GRA analysis. 
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3. The seismological signature of the site (i.e. likely earthquake magnitude, fault mechanism, source-to-

site distance and duration). 

The time history records have been sourced from the Pacific Earthquake Engineering Research Centre 

(PEER) ground motion database. 

2.5 Results 

For the seven scaled ground motions, the simulated response shows significant variability. This is reflected 

in Figure 3 where maximum acceleration, excess pore pressure and shear strain are shown as a function of 

depth. However, there are several behaviours that are common to all the simulated motions: 

• Liquefaction (Ru = 1) only occurs at the upper extent of the lower sand layer. 

• Excess pore pressures within the upper sand layer are typically less than 0.3𝜎𝑣
′ . 

• Peak horizontal accelerations are generally lower in the upper sand layer compared to the lower sand 

layer. 

• Shear strains are localized close to the interface between the silt and lower sand layers.  

 

Figure 3: Summary of FLAC output (all 7 ground motions) 

    for 

NZS1170 

Class-D site 
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Figure 4: Time histories of acceleration and excess pore pressure ratio for a single ground motion.  

Combined, the simulated ground motions indicate that the upper sand layer is to a large degree isolated due 

to softening / liquefaction of the lower sand layer. More detailed results of a single scaled ground motion are 

presented in Figure 4. 

For the ground motion shown in Figure 4, the base isolation effect is particularly clear with reduced 

horizontal accelerations in the upper sand layer following triggering of liquefaction lower in the soil column. 

3 IMPACT ON THE TANK FOUNDATION 

The response of the structure was analysed using a 2D axisymmetric model in Plaxis (2018). Two models 

were prepared to compare the simplified approach and the system response approach. The differences are 

described below: 

• Model 1: based on the simplified approach, assuming full liquefaction within both upper and lower sand 

layers, with liquefied soil parameters based on Idriss and Boulanger (2008). 

• Model 2: based on the system response approach using the maximum excess pore water pressure ratio 

(Ru) from numerical analysis for soils susceptible to liquefaction. For the upper sand layer, where soil 

was shown to soften, soil stiffness and strength parameters were reduced by a factor Ru corresponding to 

the maximum excess pore pressure ratio from the seven simulations. Liquefied soil parameters for the 

lower sand layer were based on Idriss and Boulanger (2008).  

Table 2 below provides a comparison of effects on the tank foundation between the two approaches.  
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Table 2: Comparison to simplified analysis and system response approach for a ULS Event 

Criteria Model 1: Simplified Analysis  Model 2: System Response Approach 

LSN* 60 40 

Sv1d* 600 mm 500 mm 

Crust thickness (m) 1.6 to 1.8 m 9.0 to 10.0 m 

Settlement calculated in 

Plaxis 

Uncontrolled flow failure 

mechanism likely to occur.  

350 to 650 mm at centre 

200 to 400 mm at edge 

Factor of safety against global 

bearing failure 
< 1.0 1.8 to 2.0 

*LSN = Liquefaction severity number, Sv1d = Free field settlement. Both these values have been obtained from the simplified 

liquefaction analysis. For Model 2 the values have been determined assuming the upper sand layer does not liquefy, taking the 

contribution only from the lower layer.  

As can be seen in the table, with a simplified analysis, the factor of safety is predicted to be less than 1.0 

which is unacceptable. Large uncontrolled displacements are estimated.  

However, with the system response approach, the tank stability (API650, 2012) was considered acceptable 

for a seismic ULS event. Provided the client and structural engineer could accept the predicted settlements, 

ground improvement was not considered necessary. If the settlements were unacceptable, then less ground 

improvement was considered necessary when taking a system response approach, compared to a simplified 

approach.  

4 NEXT STEPS AT FUTURE DESIGN STAGES 

The analysis described above was completed as part of the project concept design phase for the purpose of 

preparation of construction cost estimates. During future design phases it is proposed to complete the 

following analysis in order to refine the accuracy of the settlement predictions:  

1. Introduce tank loading into the FLAC model to better consider soil-structure-interaction.  

2. For preliminary analysis a free-field boundary condition was applied to the vertical boundaries of the 

model. Validation of the PM4Sand model with a free field boundary is yet to be undertaken. 

3. Extension of areas modelled using PM4Sand to greater depths within the lower sand layer. This may 

require extending the base of the model to prevent reflections within Mohr-Coulomb soil.  

4. Consider tank “sloshing” effects with input from the structural engineer on this behaviour.  

5 LIMITATIONS AND UNCERTAINTIES 

When comparing system response analysis with empirical methods it is important to recognise the two 

methods are often complimentary and that one method is not necessarily better than the other.  The system 

response method has a few limitations and uncertainties, including: 

1. System response analysis does not capture the complete picture of the dynamic response of the soil.  For 

example, it only considers vertically propagating horizontal shear waves, and does not incorporate 

aspects such as vertical accelerations and surface waves which may affect the response. 
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2. System response analysis is still subject to significant uncertainties, for example ground motions and soil 

conditions.  The accuracy of the analysis is still dependent on the quality of the seismic hazard 

assessment and the site investigation data. 

3. In the absence of cyclic laboratory testing on undisturbed samples, the system response method is still 

reliant on empirical methods to calibrate liquefaction triggering parameters. 

6 CONCLUSION 

This assessment has drawn the following conclusions and discussion points:  

• This paper has shown the identification of an opportunity and its implementation to obtain a more 

accurate soil to structure interaction response as a result of earthquake induced liquefaction. 

• The simplified method of Boulanger & Idriss (2014) is appropriate as an initial assessment to understand 

the response of individual layers, and it may be appropriate for regional liquefaction assessments or 

assessment of assets of low importance or value. However, consideration should always be given as to 

the potential for system response effects, and more advanced techniques may be more appropriate to 

determine the overall system response. 

• In this case study, consideration of the system response showed reduced demand at the ground surface. 

However, this is unlikely to be the case universally. Analysis of the system response should be 

considered where simplified methods may result in an incorrect response, and the outcome of the 

analysis is critical to the seismic performance of the asset.  

• This study shows the successful application of the system response approach (Cubrinovski, M. et al. 

(2017)) within industry. This approach is not reserved for academic study and should be used more 

regularly for practical application within industry.  

• It would beneficial to form a working group tasked with developing a guide for application of 

liquefaction system response within industry. This guide would provide a consistent approach to be used 

and support our industry in completing this type of assessment.  
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Resilience based design in geotechnical 
engineering 

P. Brabhaharan 
WSP, Wellington. 

ABSTRACT 
Resilience of our built environment is important for our societies faced with a range of natural 
hazards, anthropogenic hazards and climate change.  This requires a fundamental rethink of our 
traditional established and codified design approaches.  A focus on resilience is required from early 
stages of design processes, and a resilience-based design process would make a lot of sense. 

Resilience is a function of robustness and an ability to rapidly return to functionality.  After all 
functionality is why we build our built environment, whether it be infrastructure or buildings. 

The paper illustrates how in geotechnical engineering, we have already been on a journey, gradually 
changing, at least in part, from a factor of safety-based design, displacement-based design, 
performance-based design of retaining walls and embankments, to recently a resilience-based 
design.  A formal resilience-based design approach has recently been proposed for the seismic 
design of cut slopes.  These changes have helped us to move progressively towards better 
performance and economical outcomes.   

A resilience-based design is not just about the design approach but requires a holistic focus and 
change in the design process.  The paper illustrates the evolution of the resilience-based design 
approach through some case studies such as the Transmission Gully expressway, Remutaka Hill 
highway realignment, and the Wellington East Girls College.   

It also looks to the future and outlines a change in the process needed to focus on resilience at early 
stages and an integrated design process to help us achieve resilient infrastructure and buildings and 
ultimately resilient and sustainable communities. 
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1 INTRODUCTION 

New Zealand’s rugged terrain, high seismicity, severe climatic conditions, landslides and the 
potential for tsunami pose a significant risk to our built environment.  Global warming and climate 
change are exacerbating the severity and frequency of climatic events.   

Due to our history, our design standards have been shaped by those developed in more stable 
environments, and in past 85 years by concerns over life safety in earthquake events, particularly 
after the 1931 Napier earthquake.  Consequently, our standards and codes largely focus on life 
safety, and on serviceability under live loads.  New Zealand and other countries with developed 
earthquake design standards, have managed to minimise the collapse of buildings and associated 
loss of life in earthquakes through improved design practice, except in few instances.  Now there is 
an increasing attention on the performance of our built environment in earthquakes and its ability to 
continue to function for the benefit of society. 

There has been an increased focus on lifelines, such as roads, rail, water, electricity, gas, 
wastewater, ports and fuel since the Wellington engineering lifelines study (Centre for Advanced 
Engineering, 1991) in New Zealand.  This and other lifelines studies that followed for our cities and 
districts highlighted the vulnerabilities in our lifelines systems, and the need for action to ensure 
that they perform better.   

As our understanding of the importance of resilience increases, there is a need to focus on achieving 
resilience.  This paper traces the development of displacement-based and performance-based design 
in geotechnical engineering and proposes a resilience-based design approach, where the focus of 
design is to achieve a desirable level of resilience, with a focus on geotechnical engineering. 

2 PERFORMANCE BASED DESIGN IN GEOTECHNICAL ENGINEERING 

The need for displacement-based design was increasingly recognised by geotechnical engineering 
practitioners since the early 1990s.  New Zealand research into the earthquake performance of 
retaining walls during the 1970s and 1980s culminated in the publication of a summary of that 
research in the Road Research Unit Bulletin 84 (Wood and Elms, 1990), which proposed methods 
of design for retaining walls, classified as flexible, stiff or rigid.  Importantly, this also included 
assessment of the displacement of retaining walls based on the Newmark’s sliding block model.  
This was immediately adopted in the in-house design manual for retaining walls of Works 
Consultancy Services (1990) of the Works and Development Services Corporation (which was 
previously part of the Ministry of Works of New Zealand, now part of WSP).  Together with 
statistical analyses of the earthquake displacement of slopes based on a collection of past 
earthquake records and the Newmark sliding block approach (Ambraseys and Menu, 1988), this 
provided a means of assessing earthquake displacement with some level of statistical confidence.  

Publication by the Road Research Unit Bulletin and the adoption of this by Works Consultancy 
Services, together with the increased use of reinforced soil and soil nailed walls, which were well 
suited to design allowing displacement, led to a displacement-based design approach being adopted 
in geotechnical engineering. The increased focus on lifelines provided the opportunity for 
geotechnical designers to design retaining walls to desired levels of maximum displacement rather 
than a design based on achieving a factor of safety. 
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The development of a strategy for Wellington City Council, to assess and prioritise mitigation to 
enhance the performance of the city’s road network (Brabhaharan, 2004), led to the implementation 
of a long-term programme to strengthen vulnerable sections of road – slopes, retaining walls, 
tunnels and bridges.  Given the importance of performance of the roads, rather than achieving a 
factor of safety, Brabhaharan and Saul (2005) adopted a performance-based design approach in the 
strengthening of retaining walls and slopes, limiting displacements to an acceptable level (Table 1). 

Table 1: Performance criteria for Ngaio Gorge road strengthening. 

Performance level Performance Return period Peak ground 
acceleration 

Design level  
(NZ Bridge Manual) 

No more than 150 mm wall displacement, with 
minor damage with cracking of road. 

670 years 0.35g 

Contingency Level 
(Characteristic M7.5 
Wellington Fault 
earthquake) 

No more than 450 mm wall displacement, leading 
to some repairable damage and extensive 
deformation of road acceptable, provided it is able 
to remain open to traffic. 

- 0.47g 

 

Limited displacement was accepted on the basis that the road will still allow emergency vehicles to 
pass, albeit slowly, and the cracking from displacement could be quickly remedied by using fill or 
bitumen to allow full access.  Anchors for soldier pile walls were designed to be ductile to allow 
limited smaller displacements of the walls by using anchor bars with post-yield ductile behaviour. 

This performance-based design approach was also adopted in geotechnical engineering since the 
mid-1990s in many new transportation projects, such as the Wellington Inner-City Bypass 
(Brabhaharan, 2007) as well as for the assessment of existing assets such as the Terrace Tunnel 
approach walls (O’Reily and Brabhaharan, 2006), see Figure 1. 

 

Figure 1: Soil nailed walls - Wellington inner city bypass (left), Terrace tunnel approach walls (right) 

This performance-based approach to geotechnical design was incorporated into the Bridge Manual 
for the design of highway structures in New Zealand (Brabhaharan, 2006).  This performance-based 
design has now become a common established approach for the design of retaining walls, 
embankments and slopes in New Zealand. 
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3 DEFINING RESILIENCE 

Resilience is the ability to continue to remain functional or rapidly return to functionality from 
adverse events. The need for a more systematic approach to manage risks led to research into 
strategies for the management of the risks to transportation networks from natural hazards in the 
period 2001-2006.  The concept of resilience for road networks was developed, together with 
metrics to measure resilience (Brabhaharan, 2004).  From the perspective of transportation 
networks, resilience is defined as the ability to recover quickly to restore the level of service after an 
event, which is shown conceptually in Figure 2.   

 

 

 

 

 

 

Figure 2: Concept of resilience for infrastructure and buildings (after Brabhaharan, 2004) 

This is also applicable to other lifeline infrastructure and buildings which essentially exist to 
provide functionality or service to communities.  Resilience for transportation routes were 
characterised by the metrics of availability state (that represents the reduced level of service) and 
outage state (that represents the time required to restore service).  Similar metrics have been derived 
from this approach for other lifeline utilities and can also be used effectively for buildings. 

4 INSIGHTS FROM TRANSPORTATION RESILIENCE STUDIES 

Research into the systematic management of the resilience risk to transportation networks also led 
to the development of a spatial approach to assess the resilience of transport systems at a network-
wide level (Brabhaharan, 2004).  This led to network wide resilience studies for several individual 
road networks in the Wellington region as well as elsewhere (Brabhaharan, 2010).   

In the Wellington Region, individual resilience risk studies culminated in a region-wide integration 
of network resilience assessments in the Wellington Region through collaboration between the NZ 
Transport Agency, the 5 local authorities of Upper Hutt, Lower Hutt, Wellington, Porirua and 
Kapiti Coast, and Opus (Brabhaharan and Mason, 2012), see Figure 3.  In 2016, the Wellington 
region’s resilience studies were extended to include storm resilience across the region (excluding 
the Wairarapa) and the impact of building damage and collapse (during earthquakes) on transport 
access in the inner-city areas of Wellington (Opus, 2017). 

Transportation access between districts in the region and access into and out of the Wellington 
region is likely to be closed for a long period of several months in the event of a large earthquake in 
the region, jeopardizing response and recovery after the event.  The integrated regional resilience 
study highlighted the critical importance of transport resilience to the survival and functionality of 
society.   
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Figure 3. Resilience of Wellington road transport network in a local large earthquake event. 

Given the terrain, seismicity and climatic conditions in New Zealand, many of our regional 
transportation networks including Wellington, lack redundancy in transport corridors.  This 
understanding of the lack of resilience of the transport links and the lack of redundancy in the 
transport system in the Wellington region has led to a realisation that existing infrastructure assets 
have resilience issues that need to be addressed.  This was critical to bringing a focus on resilience 
in conceiving and designing new infrastructure.  Such focus will help enhance the overall resilience 
of transportation in the region. 

More generally, the resilience expectations can be significantly different depending on the 
resilience context of the asset in the region.  Lifeline systems with very little redundancy will 
require a greater level of robustness (for example in Wellington) compared to networks where there 
is abundant redundancy (for example transport routes in Christchurch). This will apply both to 
existing lifeline infrastructure as well as new infrastructure, including buildings.  Therefore, it 
would be prudent to consider the resilience context and associated resilience expectations in the 
design of infrastructure.   

This raises the question as to whether we should be using resilience as a basis for our design, as 
well as asset management of our built environment including buildings and infrastructure.   
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5 LESSONS FROM PAST EVENTS 

5.1 Observations in past events 

Past natural hazard events have enabled engineers to observe, learn and understand the resilience 
implications and needs for engineered systems.  Such events have provided a valuable opportunity 
to understand the resilience implications, as well as test and calibrate resilience studies. The 2009 
Wenchuan earthquake in China (Yu et al, 2009), the 2010-2011 Canterbury earthquake sequence 
(Wood et.al, 2012; Brabhaharan, 2011, 2012), the 2016 Kumamoto earthquake in Japan (Chiaro et 
al, 2017) and the 2016 Kaikōura earthquake in New Zealand (Mason and Brabhaharan, 2019, 2020), 
as well as many storm events enabled the author to observe and learn from these events.  The 
observations also illustrate the geotechnical nature of many resilience issues. 

5.2 The 2016 Kaikōura earthquake 

The 14 November 2016 magnitude 7.8 Kaikōura earthquake in the upper South Island of New 
Zealand caused failures along the transportation corridor between Picton and Christchurch.  Some 
observations to understand the resilience of our transport network, and the implications for response 
and recovery were made from that event: 

 Both rail and road access (South Island main trunk railway line and State Highway 1S) was closed by the 
earthquake between Ward and Cheviot for 9 and 13 months respectively; 

 Road access was restored quickly in places where there were small to moderate size failures, with limited 
repair and disruption costs; 

 It took over a year to restore limited access where closed by large landslides, see Figure 4.   

 The restoration of limited access by clearing and stabilizing large landslides involved very large costs 
and the disruption of a nationally significant transport corridor. 

 

Figure 4: National transport corridor closed by large landslides in the 2016 Kaikōura earthquake 
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It should be noted that the damage was predominantly of a geotechnical nature with large 
landslides, rockfall, embankment failure, liquefaction and settlement of bridge abutments.  The 
transport routes were further affected by damage from storm events following the earthquake.  The 
earthquake-displaced or loosened hillsides failed, and debris flows from relatively modest storm 
events caused further disruption to transportation access and recovery efforts. This highlights the 
need to consider resilience in geotechnical engineering practice, so that more resilient infrastructure 
can be developed over time. 

5.3 The 2019 West coast storm event 

In New Zealand, storm events regularly cause extensive damage and closure of transportation 
routes, as well as damage to other infrastructure and buildings.  For example, the March 2019 storm 
closed the state highway between Greymouth and Franz Joseph causing collapse of the bridge 
across the Waiho River and many landslides, see Figure 5.  

Figure 5: State highway closed by landslides and bridge collapse in the March 2019 storm event 

These impact on infrastructure in frequent storms, and the increasing frequency and severity of events due to 
climate change highlight the need to consider resilience in our engineering practice. 

6 GEOTECHNICAL DESIGN OF INFRASTRUCTURE FOR RESILIENCE 

6.1 Case Study 1 – Transmission Gully expressway 

Wellington’s transportation network has poor resilience (as discussed earlier), and the resilience 
issues arise predominantly from fault rupture, landslides and liquefaction – all significant 
geotechnical challenges.  Therefore, there was a critical need for measures to enhance the resilience 
of the transport network, and geotechnical engineering needed to play a significant role in this 
response. This understanding of the resilience context led to an early focus on resilience during the 
development of an alternate Transmission Gully route north of Wellington in the 2007 to 2011 
period.  The early focus on resilience enabled the development of a scheme with a preliminary 
design that provided a greater resilience, in this case, at a lower cost (Brabhaharan, 2009).   

The early resilience focus during conceptual design included challenging and modifying the route 
alignment and road form to enhance resilience.  For example, making changes so that the inevitable 
crossing of a major active earthquake fault (the Ohariu Fault) was on earth embankments rather 
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than on viaducts as had been previously proposed.  While both embankments and viaducts would be 
damaged by rupture of the fault, an embankment can be quickly restored by earthmoving machinery 
to provide limited access, reducing the outage time to within a few days, compared to a viaduct, 
which would take many months to years to restore.  The benefits of such an approach was apparent 
during a subsequent reconnaissance visit to China after the 2009 Wenchan earthquake (Yu et al, 
2009), when it was observed that a bridge destroyed by fault rupture remained cut-off six months 
after the event, whereas a road embankment cut-off by fault rupture had been restored to provide 
temporary access within days where, see Figure 6. 

Observations in the Wenchuan earthquake also highlighted the vulnerability of bridges adjacent to 
steep slopes to landslides, and many bridges alongside steep slopes or cuttings had been proposed in 
the early Transmission Gully scheme, see Figure 7.  The road form was improved in 2010-2011 by 
avoiding viaducts or half-bridges at the base of steep slopes or cuttings that are vulnerable to 
landslides in earthquakes and replacing them with reinforced soil embankments.  While both 
bridges and reinforced soil embankments will be closed by debris inundation from landslides, the 
debris on the embankments can be quickly cleared, whereas collapse of bridges due to landslides 
will take months to years to replace. 

 

 

 

 

 

 

Figure 6: Bridge destroyed by fault rupture remains cut off after six months (left), road embankment affected 
by fault rupture quickly restored within days (right) after the 2008 Wenchuan earthquake in China 

 

 

 

 

 

 

Figure 7: Bridge destroyed by landslides in the 2008 Wenchuan earthquake China (left), early Transmission 
Gully scheme with bridges near steep slopes and cuttings (right)  

The quicker recovery possible after an earthquake with an embankment form to replace viaducts 
and bridges subject to fault rupture or landslides, as well as modifications made to cut slopes to 
accept small failures that can be quickly cleared, but avoid large landslides that will close the route 
for long, meant a much greater resilience could be infused in the scheme design for the expressway.  
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This case study illustrates how a focus on the twin metrics of resilience – functionality and time for 
recovery – helped achieve a more resilient scheme design solution developed for the expressway in 
2007-2011.  In contrast, the previous traditional design based on margins of safety, with little 
consideration of resilience, led to a simple selection of a route based on bridges and earthworks cut-
fill balance and poor resilience.  The changes also resulted in much lower costs (a saving of about 
$ 300 Million on the $ 1 billion scheme) due to the change from viaducts to embankments, and 
acceptance of damage where access can be quickly restored (Brabhaharan, 2009).  

Reflecting on this case study, the learnings can be made: 

 Significant enhancements in resilience can be achieved, if there was a focus on design for resilience from 
early stages of projects and cannot be achieved easily once the alignments and road forms are decided. 

 Achievement of significant improvements in resilience does not necessarily have to cost more if there 
was an early focus on resilience.  

There is a need to maintain this focus on resilience throughout project development stages and 
construction, or else benefits gained could be eroded through procurement and detailed design. 

6.2 Case study 2 – State highway 2 Muldoon’s corner realignment 

The upgrade of the Muldoon’s Corner section of SH2 in the Remutaka Hill Range in 2010-2012, 
see Figure 8, also was designed with a focus on resilience.  The highway is in rugged mountainous 
terrain, and the original design proposed large cut slopes, bridges and sidling fill embankments.  An 
early review of the design with a focus on resilience enabled changes to be made to the alignment to 
avoid sidling fill embankments which are prone to failure and instead use of full embankments and 
where necessary reinforced soil embankments (Brabhaharan and Stewart, 2015).  The bridges were 
also eliminated because bridges close to high slopes and cuttings are vulnerable to failure due to 
landslides, as observed in the 2008 Wenchuan earthquake in China (Yu et al, 2009), and would take 
a long time to reinstate.  

 

Figure 8: State highway 2 Muldoon’s corner realignment on the Remutaka Hill Road, north of Wellington  

The cut slopes formed through rock (see Figure 8), considered the defects in the rock mass and their 
orientations were determined through acoustic televiewer surveys in boreholes as well as traditional 



 

10 

 

mapping of rock exposures.  A focus on resilience during the design stages led to the rock cuttings 
being designed to accept small wedge type failures that can be cleared quickly or contained by rock 
fall barriers but to avoid large landslides along outward dipping defect planes by adopting suitable 
cut slope angles.  Along one section, the rock slopes were stabilised with high capacity rock anchors 
to enhance stability, particularly in storm and earthquake events, and avoid large failures that could 
close the route for long periods of time. 

This focus on resilience during design, resulted not only in greater resilience, but also acceptable 
costs of construction, which were lower because of the elimination of bridges.  This case study 
highlights the need to maintain the early focus on resilience through design and construction. 

6.3 Case study 3 – Wellington East Girls College redevelopment 

A seismic assessment of the buildings and facilities as part of the master planning for the school 
identified a number of vulnerabilities associated with the school.  This included the following 
geotechnical resilience risks to the school in the event of a significant earthquake in Wellington 
(Gkeli and Brabhaharan, 2016), see Figure 9: 

 Failure of steep rock cut slopes behind the buildings, which could severely damage 
buildings very close to the cut slope and prevent egress from the buildings by debris 
blocking the escape routes in a fire following the earthquake.  This would not only pose a 
direct risk to the building but also affect the functionality and safe egress. 

 Failure of slopes and retaining walls supporting the car parking structure and driveway 
access to the rear of the school, and potentially affecting Block 2. 

 

Figure 9: Wellington East Girls College resilience risks 
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A focus on the resilience of the school, led to geotechnical engineering measures involving the 
reprofiling the cut slopes on the eastern side of the school buildings to more stable angles, 
stabilisation of some sections with rock bolts and netting, and erection of a safety barrier to ensure 
functionality of the school including safe egress in the event of fires.  The fill from this reprofiling 
was used to buttress the slopes and retaining walls on the western side of the school buildings and 
driveway but accepting some displacement of the buttress and associated cracking and deformation 
of the access, but not loss of access and functionality. This ensured that the school would have 
adequate post-earthquake functionality and egress routes.  The work was carried out in conjunction 
with master planning to cater for roll growth at the school, and together with major reconstruction 
of vulnerable buildings to provide improved capacity, functionality and seismic safety. 

This case study shows that focus on resilience enabled the school to achieve greater resilience and 
post-earthquake functionality at a modest cost, and resilience focussed design can also be used to 
enhance resilience in the buildings sector.  

7 RESILIENCE BASED DESIGN IN GEOTECHNICAL ENGINEERING 

7.1 Key principles 

The key principle of resilience-based design is to enable continued or quick return to functionality 
of the building or infrastructure.  This design approach for infrastructure and buildings based on 
resilience can be illustrated conceptually using the diagram in Figure 10. 

 

Figure 10: Resilience enhancement through reduced reduction and quick return to functionality 

A resilience-based design approach involves adopting a design that helps improve resilience by 
limiting the reduction in functionality in an adverse event and enabling quick restoration of service 
(blue triangle compared to the green triangle).  This approach would help achieve a desired post-
event return to functionality at an optimum cost.  Such an approach has evolved through use of this 
philosophy on several projects as illustrated through the case studies above, and parallel research. 

A resilience-based design can be applied to a broad range of infrastructure and buildings in the 
wider built environment, more than the range of case studies discussed above. 

7.2 Requirements in a resilience-based design approach 

Resilience also needs to be cognisant of the needs of society in different levels of events, such as: 

 In high frequency but lower impact events such as a storm, continued socio-economic 
functionality is important for society, and infrastructure systems need to be able to function 
to the fullest extent possible with quick restoration of functionality with capacity. 

Time for Recovery 
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Difficult
& time 

consuming 
to restore -

protect

Easily & quickly 
repairable – limit 

damage

Low impact – accept 
damage and repair

 In lower frequency, and higher impact events such as a major earthquake (eg. Christchurch 
February 2011), the socio-economy will be less functional, and services for emergency 
response and survival will be critical, followed by quick restoration of functionality in the 
days to weeks to allow return to socio-economic functionality. 

These different dimensions of the functionality needed by society need to be taken into 
consideration in resilience-based designs. 

A resilience-based design approach would require: 

 Understanding the resilience context, and the needs or expectations of different 
infrastructure and their components, depending on criticality and exposure.  This includes 
understanding any inter-dependence between infrastructure networks. 

 Design that provides the necessary level of functionality and time for recovery, depending 
on the identified criticality and resilience expectations. 

 Focus on the hierarchy of actions of resilience-based design as outlined below. 

7.3 Hierarchy of actions in resilience-based design 

In an engineering system, it is also important to consider the hierarchy of components to achieve the 
required level of resilience in a cost-effective manner.  This would enable focus on the most critical 
parts of the system.  Figure 11 shows the key features of characterising components based on their 
ability to be restored quickly and efficiently, in a resilience-based design. 

 

 

 

 

 

 

 

 

 

 

Figure 11:  Hierarchy of needs for a resilience-based design 

Such a hierarchy will facilitate appropriate focus and actions in the resilience-based design: 

a) Difficult – costly – time consuming to repair components . . . minimize damage (eg. bridges 
providing access, trunk utilities sharing transport corridor) 

b) Easily - quickly repairable parts . . . accept limited repairable damage (eg. distributor pipes) 
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c) Low impact on community functionality – low cost . . .  accept damage (eg. low importance 
roads where communities will still have critical services) 

d) Systems and components are flexible and ductile (eg. non-brittle retaining walls, flexible or 
ductile pipes, embankments that can displace) 

e) Infrastructure can perform in a ductile manner albeit with greater damage and is able to be 
restored in events somewhat greater than the design level. 

7.4 Guidance for seismic design of high cut slopes  

Given the lack of guidance for the seismic design of cut slopes in engineering practice, Brabhaharan 
et al (2017) proposed, carried out and reported on research for the New Zealand Transport Agency.  
One of the key recommendations from this research was to use a resilience-based design approach 
for the design of high cut slopes.  The framework developed proposed the following approach: 

 Selection of an Importance Level Category based on NZS 1170.5 (Standards New Zealand, 
2004) and the Bridge Manual (NZ Transport Agency, 2016). 

 Selection of a Resilience Importance Category based on the resilience context of the route 
where the cut slope is located. 

 Use of a Design Approach based on the importance level and the Resilience Importance 
Category, size of cut slopes, complexity of geotechnical conditions and functionality. 

 Development of performance criteria based on the resilience context, criticality and 
expected performance. 

It also provided guidance for the selection of peak ground accelerations, including topographical 
effects, and critical failure mechanisms in earthquakes.  

7.5 Resilience based design in geotechnical engineering 

A formal resilience-based design approach has been proposed for the first time in the high cut slope 
design guidance, although this has developed progressively over 20 years as shown in the case 
studies. 

The ground is inherently variable and poses significant risks to associated buildings and 
infrastructure when exposed to natural hazard events.  Therefore, geotechnical engineering has lent 
itself well to the development of the resilience-based design approach.  However, this requires 
considering the infrastructure holistically with other disciplines to effect resilience-based design. 
Although the development of resilience-based design for geotechnical engineering has been the 
focus of this paper, resilience-based design is also applicable for other engineering disciplines in the 
design of buildings and infrastructure. 

8 CONCLUSIONS 

Design of lifeline infrastructure for earthquakes has evolved from a purely margin of safety-based 
design, to a performance-based design, and the now proposed resilience-based design over the past 
25 years.  Resilience based design will help focus our attention to both functionality and time for 
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recovery and facilitate the achievement of enhanced resilience for our infrastructure and buildings 
in a cost-effective manner. 

Geotechnical engineering deals with significant uncertainty of performance and the impacts of 
natural hazards risks to our built environment.  It is therefore natural that performance-based design 
and now resilience-based design has evolved in geotechnical practice.  However, for an effective 
resilience-based design, it is vital to consider the infrastructure system holistically and for all the 
allied disciplines to work together.  

Our focus needs to be on achieving continued functionality of society albeit at reduced levels and 
facilitate quick recovery after natural hazards such as storms and earthquakes.  There is a need to 
embed resilience-based design in our practice.  A resilience-based design approach is critical to 
enable us to work towards a more resilient built environment, and for a more resilient society.  It is 
important that we embrace this approach and put in place measures to implement this in practice, 
including embedding it in our policies, standards, guidance and procurement processes.   
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The New Zealand Federation of Piling 
Specialists – an introduction 

A. Briffett 
March Construction Ltd, Christchurch 

L. Clark 
Brian Perry Civil Ltd, Auckland 

ABSTRACT 

With the significant growth currently being experienced in the foundations market it has been 

recognized by many of the leading geotechnical contractors that collectively they lacked a voice and 

ability to shape the industry in terms of quality, Health and Safety and general best practice. Taking 

inspiration from the United Kingdom’s construction industry where a trade association group known 

as the Federation of Piling Specialists (FPS) has been representing the geotechnical industry there 

and fostering better standards since its inception in 1963, five leading geotechnical contractors have 

set about establishing a New Zealand equivalent of the FPS.  

 The New Zealand FPS (NZFPS) has been created with the purpose of: 

- maintaining and improving the standards of workmanship, technical competence, safety and 

innovation in carrying out specialist foundation techniques of all types and kinds; 

- promoting the common interests of its members and expressing the views of its members to 

government departments, consulting and civil engineers, architects, contractors, professional 

institutions, public authorities, nationalised industries and other interested parties; and 

- conducting training, setting standards and monitoring work in relation to any of the above. 

The membership registration system sets out a rigorous benchmark to ensure that its members 

maintain highest standards in the above areas in-keeping with the objectives of the NZFPS. 
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1 THE CURRENT STATE OF THE FOUNDATION MARKET IN NEW ZEALAND 

The New Zealand foundation market has experienced significant growth over the past ten years. This has been 

caused by both increased government spending on infrastructure and the increasing price of land making it 

more economical for developers to build up, not out.  

 

Figure 1 - Infrastructure Net Capital Spending (The Treasury, 2019)  

Historically due to our geographical distance from major industrial centres, high import costs and variable 

workload, the foundation market in New Zealand relied on “Kiwi Ingenuity” to deliver geotechnical foundation 

solutions where possible, by utilising readily available resources, and international experience brought in on a 

one-off basis for those projects where necessity dictated it. 

The industry has lacked capital investment as often it was more economical to take longer with less advanced 

methods and equipment, than to invest significant capital costs to establish more efficient methods and 

equipment into the country when there was no guarantee of a sustainable market for their continued utilisation.  

In addition, New Zealand cities have had a tendency to expand out rather than up as consumers favoured 

increased living space and land over proximity to city centres. Between 1996 and 2012 expansion in urban 

areas saw a 10% increase, with nearly 66,000 hectares of tussock, grassland, shrubland and indigenous forests 

cleared for development (Ministry for the Environment & Stats NZ, 2018).  This urban sprawl meant that the 

demands on foundations were not significant, projects rarely needed piles or ground improvement as the 

associated buildings were typically low-rise and low density. Relatively cheap land prices and high vertical 

build construction costs facilitated this trend.  

However increased demand for commercial/office space, a growing population and increased demand for high-

density homes in recent years has seen a significant increase in the number of vertical building projects being 

undertaken in New Zealand. 
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Figure 2: New homes being consented (Stats NZ, 2019).   

This growth in vertical builds and infrastructure spending has increased the demand for larger and more 

technically advanced foundation solutions which require more from contractors both in terms of workmanship 

and technical ability 

The current growth in the construction sector is also challenging the current labour market. Foundation 

contractors are struggling to source new workers to resource these projects.  

The findings of the independent task force on workplace health and safety in April 2013, and the subsequent 

introduction of the Health and Safety at Work Act 2015, have meant that employers in the foundation industry 

are much more discerning in what they require from their workforce from a compliance and safety perspective. 

This has compounded the already significant skills shortage facing the New Zealand foundation industry.  

In response to these challenges the foundation market is starting to invest in people and plant, in the medium 

to long term, rather than responding to these challenges on an ad hoc basis. This is leading to an increase in 

maturity and skill sets in the people market. With the scaling up and skilling up of the industry  it was felt by 

members of some of the larger geotechnical contractors (Brian Perry Civil, CLL, March Construction, Spiral 

Drillers & Fulton Hogan) that, to sustain this growth and ensure quality and safety were not compromised, an 

industry association was needed to provide guidance and foster an environment where contractors could share 

experiences and promote best practice.  

2 INSPIRATION DRAWN FROM THE UNITED KINGDOM 

 

When looking for inspiration on how to structure such an association, the FPS in the United Kingdom was a 

natural choice. It was the inspiration for The Piling and Foundation Specialist Federation of Australia and has 

a long history and established track record of furthering the standards of the industry in the United Kingdom.  

The foundation industry in the UK established a collective voice for their geotechnical contractors very early 

on in 1963 when many four of the leading geotechnical contractors grouped together to provide support and 

ideas on best practice and health and safety initially in an informal capacity. 

Following the revisions to the Restrictive Trade Practice Act in 1976, which set out strict rules for conduct of 

trade representative bodies to ensure commercial competitiveness, the Federation of Piling Specialists was first 

incorporated in 1977. The founding members of Stent Foundations Ltd (now Balfour Beatty Ground 
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Engineering), Pigott Foundations Ltd (now Bachy Soletanche Ltd), Cementation Piling and Foundations Ltd 

(Now Cementation Skanska ltd), and Hercules Piling Ltd (now Balfour Beatty Ground Engineering) came 

together to sign the very first memorandum of association. 

This memorandum of association set out the Federations’ objectives to: 

- Maintain and improve standard of workmanship, technical competence, safety, and innovation in 

carrying out piling work, diaphragm walling and other specialist foundation techniques of all types 

and kinds. 

- Commission, publish, print, and disseminate information in connection to promoting these improved 

standards 

- Promote the common interests of its members and to express the views of its members to government 

departments, consulting and civil engineers, architects, contractors, professional institutions, public 

authorities, and other interested parties. 

- Conduct training, set standards, and monitor work in relation to these objectives. 

Since these early beginnings nearly 60 years ago, the FPS in the UK, has grown into an internationally 

recognised authority in the field of foundation and geotechnical engineering. 

It has helped to shape the industry in the UK, with its tireless work in developing standards such as the Institute 

of Civil Engineers Piling and Embedded Retaining Wall Specification and its’ many revisions.  

In response to a growing number of incidents involving piling rigs and cranes toppling over, the FPS put in 

place minimum standards for working platforms, and with their Building Research Establishment (BRE) 

prepared and released Report-BRE470 in 2004 which is a guide to good practice in relation to working 

platforms for tracked plant.  

Working with the Construction Industry Training Board (CITB) the FPS develops training courses and 

certification to ensure workforces are trained to minimum standards recognised by the industry. It is mandatory 

to have CITB accreditation now to operate certain types of plant (e.g Excavators, Cranes, Piling rigs, etc). This 

has resulted in a highly skilled and competent geotechnical national workforce that is acutely aware of the 

requirements of both quality and safety. 

The FPS’s membership has swelled from the original four founding contractors to twenty, and an additional 

seventeen associate members, spanning the full range from tier one contractors down to tier two and three 

contractors. Regular auditing of its membership’s operational systems against the FPS’ key KPIs ensures their 

membership is made up of only those committed the FPS’s objectives and encourages continual improvement. 

The FPS’s associate members include some of the largest geotechnical engineering consultants, material, and 

equipment suppliers in the UK.  The membership benefits from the association as the FPS regularly publishes 

numerous resources and position papers on geotechnical foundation techniques and best practice. 
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3 THE NEW ZEALAND FEDERATION OF PILING SPECIALISTS 

With the assistance, support and insights from team members from the FPS in the UK, we incorporated the 

New Zealand Federation of Piling Specialists on 28th November 2019.  

As outlined in the Abstract, the objectives of the NZFPS are to: 

- Maintain and improve standards in workmanship, technical competence, safety and innovation in 

carrying out specialist foundation techniques of all types and kinds. 

- Publish and disseminate information in connection to promoting these improved standards, such as 

guidance papers and best practise notes. 

- Promote the common interests of its members and to express their views to Government Departments, 

Consulting and Civil Engineers, Architects, Contractors, Professional institutions, Public Authorities, 

and other interested parties 

- Work with recognised training providers to develop training modules and standards to improve the 

competency and skills of our industry. 

The NZFPS aims to be an encouraging, open, and transparent environment where members share information 

for the greater good of the industry. The Federation’s size, while small, should allow it to be dynamic in its 

response to industry challenges and adopt the learnings from similar associations around the world to benefit 

of the New Zealand foundation industry.   

Our members benefit from access to our resource library, QSE systems and being part of a collaborative 

community that works together to solve common issues and build a better understanding of geotechnical 

engineering techniques. 

 

3.1 Health and Safety 

The 2013 report on workplace health and safety identified inadequate leadership as a key weakness in New 

Zealand’s health and safety management systems (Independent Taskforce on Workplace Health & Safety, 

2013). The formation of the NZFPS is aimed at addressing this weakness by providing guidance and advice 

on Health and Safety standards within our industry. This includes sharing near miss and accident investigations 

findings to ensure that, as an industry, we address risks and hazards to minimise their reoccurrence. It is also 

envisaged that the NZFPS will act on behalf of its members to lobby clients and contractors to address areas 

that present regular health and safety risks to our members’ workforces, such as working platform construction 

and splicing details on pile cages. 

The NZFPS provides a platform for its members to share information and have open discussion on health and 

safety matters, knowing they are in a supportive environment of their peers who share their goals. It provides 

a network for problem solving and advice.  

In addition to the support and guidance, the NZFPS also acts to help members to benchmark, assess and 

improve their current health and safety systems to ensure continual improvement by offering a health and 

safety auditing service. The membership assessment is a starting point for getting companies to assess their 

current health and safety standard and provide targets to aspire to. By undertaking routine (every three years) 

auditing of its members health and safety systems, the NZFPS ensures that its members are truly committed to 

the collective objective of improving the standard of health and safety within the industry. By establishing an 

ever-increasing pass mark (5% higher than previous audit score) it is believed this will also promote continuous 

improvement.  
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Figure 3 - New Zealand Piling Federation industry career path 

3.2 Training  

To meet its objective of improving the standards of training and competency of the industries workforce, the 

NZFPS recognised that there needs to first be a collective standard established. At present there is no training 

qualification for any part of the industry. Currently, competency and training varies from company to company. 

Most training matrices are set by the company (with limited reference to external standards) and are fairly 

rudimentary.  The Federation aims to provide a clear career path and standards of training for every role within 

our industry, from a New Starter to Dogmen/Leading Hand and on to Superintendent and Plant operators, as 

demonstrated in Figure 2.  

At present, the skill level required on entry into the industry is low, which makes it very easy to recruit but 

increases risks around health and safety, quality of workmanship and generally the confidence clients and 

consultants can have in their contractors. An example of this lack of any training requirement within the New 

Zealand market is the lack of qualification or training required before you can operate a 100t piling rig or can 

sign off pile quality records. This exposes us all to significant health and safety risks in a very unforgiving 

environment. 

To address this short coming, the NZFPS is actively working with training bodies to put training and setting a 

‘time in grade’ requirement to all these levels. We believe that this will raise the standards for health and safety, 

workmanship and subsequently boost the confidence of our clients, contractors, and our workforce in the 

foundation sector.  

By providing a clear career path for those working in the foundation industry it is hoped that the FPS will help 

attract and retain skilled workers by giving them clarity on what a future in the foundation industry can provide 

and add value to their roles and self-worth. 

 

 

 

 

 

 

 

 

 

 

 

 

 

Members of the NZFPS will have the benefit of being able to access the training systems and matrices 

developed by the Federation to help them establish their own training systems with the knowledge that they 

are fit for purpose and reflective of the direction in which the industry is heading.    
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3.3 Workmanship 

The NZFPS’ third objective is to promote best practice when it comes to quality and workmanship of their 

members. This will be achieved by ensuring that contractors have good representation within the design 

community and by having an active input in the development of design standards and specifications to ensure 

they are applicable to the New Zealand market. This engagement will help to ensure that engineers are 

producing fit for purpose designs, and contractors work to clear achievable minimum standards that will ensure 

quality workmanship. 

The NZFPS has developed a membership auditing process that goes above and beyond ISO9001. Its auditing 

system is specifically adapted to the foundations market to ensure its members have suitable quality 

management systems in place both in the office and onsite to ensure high standards of workmanship and 

compliance within the industry. Non-conformances issued by the Federation during these audits must be 

rectified should the company wish to maintain their membership.  

Members will benefit from the assistance and guidance provided by the NZFPS in developing robust quality 

systems and practises that will reduce their rework costs and ensure they adequately manage the risks 

associated with poor workmanship. 

4 MEMBERSHIP 

The Federation actively encourage application for membership from anyone who is interested in the objectives 

it aspires to promote and the benefits it brings to its members.   

The NZFPS have structured their membership registration system to ensure that members are fully committed 

to the objectives of the federation and the continued improvement of its members.  

We recognise that we are at a very early juncture in our establishment and that it is not practical to expect all 

prospective members to meet the high standards we aspire to instil. To this end the NZFPS has created two 

categories of membership to foster a greater engagement from contractors looking to join. 

4.1.1 Aspiring members 

On first applying for membership, applicants who meet the minimum standards set out in Table 1 are classified 

as Aspiring Members. All aspiring members must have passed NZFPS’s membership audit within their first 

two years of membership to become a ‘full member.’  Whilst a member has Aspiring Membership status  the 

NZFPS will actively coach it and assist with establishing the minimum standards required to pass the full 

membership audit. Aspiring members will have full access and voting rights of full membership but will 

however not be able to hold positions within the leadership committee or sub-committees. 

4.1.2 Full members 

Having demonstrated a company structure and practices that actively promote the objectives of the Federation 

by achieving a score initially greater than 40% in the membership audit, successful applicants are classified as 

full members. Full members must undergo follow up membership audits every three years, in which they must 

demonstrate continued improvement. To foster this, the passing score is raised by 5% from their previous 

passing grade.  

We encourage full members to actively get involved with the leadership and development of the Federation to 

ensure that it continues to address their needs. Our value comes through our members being active in the 

decision making of our committees.   
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4.1.3 Associate membership 

The foundation industry is influenced by many different entities, not just by the contractors undertaking the 

installation of foundations. The Federation welcomes all and any membership applications of those wishing to 

associate with us and our membership. Those interested parties who do not actively engage in foundation 

techniques but may be influenced by the industry are encouraged to apply for our associate membership. This 

membership guarantees them access to our events, committee meetings and resources but, like aspiring 

members, they are unable to vote on any decisions being made in our committees.  

Interested parties should visit the Federation’s website www.NZFPS.com where they can make contact with 

the membership team who can direct them further on making an application.  

Table 1: Federation of Piling Specialists - Registration System Minimum Standard for Aspiring Members 

  
PREQUALIFICATION SECTION 

  

  QUALITY SYSTEMS 

1.1 Registrations BS EN ISO 9001/CE or suitably demonstrate a quality policy and active procedures are in place and 

being implemented. 

  HEALTH and SAFETY SYSTEMS 

2.1 Registrations ASNZ 4801 

  TRAINING 

3.1 Demonstrate an active training policy and that the skills competency of their workforce is being assessed and recorded 

  TECHNICAL CAPABILITY 

4.1 Has a nominated Chief Engineer with 10 years plus industry experience 

  ENVIRONMENTAL/SUSTAINABILITY SYSTEMS 

5.1 Registrations BS EN ISO 14001 or suitably demonstrate an environmental/sustainability policy is in place and active 

procedures are being implemented. 

  

 

5 CONCLUSION 

"Transformation is not something the government or an industry body can do to a sector, it’s something all 

participants must make happen. We all need to ask ourselves – what can I change and how can we work 

together differently?" 

Peter Reidy, Construction Sector Accord Steering Group co-chair and CE Fletcher Construction. 

The formation of the NZFPS is in direct response to this question of which asks what the foundation industry 

can change and how it can work together differently to effect positive transformation. The benefits that can 

come of this are clear when assessing the success of the United Kingdom’s Federation.  

The Federation’s goals of maintaining and raising standards of workmanship, quality, training, health and 

safety can only be achieved by a group effort. It will require engagement from the industry as a whole and 

assistance in promoting an open and collaborative environment.  

  

http://www.nzfps.com/
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The identification and characterisation of 

collapsible soils: a brief review of current 

practice 

Dr GE Brink 
Tonkin & Taylor, Auckland 

ABSTRACT 

The existing literature contains no shortage of attempts at defining ‘collapsible soils’, all largely focussed on 

outlining the often unique properties and conditions required for collapse settlement to take place. First 

recognised and studied by Jennings and Knight (1957), collapse settlement can, in its simplest form, be 

considered as the radical rearrangement of soil particles upon wetting to result in a significant reduction in 

the total volume of the soil mass. It is this behaviour, and subsequent impact on structures founded within 

such materials, that make the timely identification and accurate characterisation of collapsible soils 

significant to the geotechnical professional.  

This paper provides a brief overview of the collapse settlement phenomenon as documented in the existing 

literature. It includes a discussion of published findings regarding the potential for collapse settlement to 

occur in New Zealand soils, and some of the more widely recognised methods used to:  

 Identify the potential for collapse settlement to occur on site (i.e. recognising materials which may 

have a ‘collapsible’ fabric and which, under particular conditions, may undergo collapse settlement),  

 Assess the potential severity of collapse settlement (qualitative evaluation), and  

 Assess the potential magnitude of collapse settlement (quantitative evaluation). 

The paper concludes with a brief discussion of collapse behaviour from an effective stress perspective and 

why this should be considered when assessing collapse settlement.  
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1 INTRODUCTION 

Partially saturated soils could be dense with a high bearing capacity that will subsequently only suffer small 

amounts of compression under normal foundation loads.  However, when wetted under load many such soils 

undergo a marked and sudden increase in settlement due to collapse at a microstructural level, the 

phenomenon which is known as ‘collapse settlement’.  

Collapse settlement behaviour is associated with a wide range of naturally occurring soil deposits 

internationally, and is often discussed in the same breath as other ‘problematic soil behaviours’ such as 

shrink/swell and soft, compressible soils. Unsaturated soils such as the loess formations of China, Russia and 

Eastern Europe cover enormous areas of those countries and constitute perhaps the classical reference for 

collapsible soils, as do the Kalahari Sands of Southern Africa (Rust et al. 2010). Other examples include 

residual granitic soils from the lowveld of South Africa, sensitive (or ‘quick’) clays of Canada and Northern 

Europe (Derbyshire et al. 1994), as well as compacted soils (Booth 1977). 

The geotechnical professional in New Zealand may however well be excused if ‘collapsible soils’ is not the 

first example of ‘problem soils’ that springs to mind, simply due to the fact that soil deposits which are prone 

to collapse settlement are not dealt with on a daily basis. However, with the growing pressures on land use, 

particularly in urban areas, brownfield sites are being considered more and more for redevelopment 

opportunities. In the case of back-filled and disused mining operations, rehabilitation often leads to 

substantial fill thicknesses, often combined with rising groundwater levels upon cessation of extraction 

pumping operations. The potential for collapse settlement in such scenarios is well-recognised and the 

understanding of which is of critical importance to ensure successful future redevelopment.   

In the early years, much emphasis was placed on identifying soils with a collapse potential and also 

developing methods to estimate foundation settlement, should collapse occur. Very little attempt was made 

to develop a fundamental framework within which the mechanisms that contribute to the collapse of soils can 

be understood. With advances in our understanding and testing of unsaturated soil mechanic principles, it has 

however become apparent that the evaluation of collapse settlement in terms of total stress represents an 

over-simplified approach in attempting to explain such behaviour, and that collapse settlement is best 

considered as a function of the change in the effective stress state of a partially saturated material. 

2 COLLAPSIBLE SOILS  

2.1 Defining soil collapse 

Collapse settlement was first recognised and studied by Jennings and Knight (1957), and the existing 

literature contains no shortage of attempts to define ‘collapsible soils’:  

“...a soil that undergoes an appreciable amount of volume change upon wetting, load application or a 

combination of both” (Sultan, 1969), 

“...any unsaturated soil that goes through a radical rearrangement of particles and a great loss of 

volume upon wetting with or without additional loading” (Dudley, 1970), 

“...additional settlement...due to the wetting of a partially saturated soil, normally without any increase 

in applied pressure” (Jennings and Knight, 1975), 

“...settlement in partially saturated soil due to an increase in the degree of consolidation” (Booth, 

1977), and 

“...a state of underconsolidation related to apparent cohesive strength of unsaturated soils” (Handy, 

1973). 
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Schwartz (1985) defines a collapsible soil as “...a soil which can withstand relatively large imposed stresses 

with small settlements at low in-situ moisture content but will exhibit a decrease in volume and associated 

settlement with no increase in the applied stress if wetting up occurs”.  

Perhaps the most widely accepted interpretation of collapse settlement in partially saturated soils is based on 

the work of Rogers (1995), who defines soils as being collapsible where “…the constituent parts are at a 

meta-stable state and have an open packing, which can collapse to form a closer packed, more stable 

structure of significantly reduced volume”.   

The interparticle forces leading to the development of the initial meta-stable state may comprise any of a 

combination of matric suction forces, cementation, flocculated clay particles and/or silt and clay bridges 

between particles (Figure 1). 

 

Figure 1: Schematic illustration of the mechanism of collapse settlement 

2.2 Distribution 

2.2.1 Naturally occurring collapsible soils in New Zealand 

In the NATO ASI series Derbyshire et al. (1994) identifies the loessial and volcanic ash deposits of New 

Zealand as being prone to collapse settlement. 

Loess of Pleistocene age is predominantly encountered over the southern portion of the North Island and east 

of the Alps in the South Island (Raeside 1964).  The thickness of loess deposits varies geographically, with 

deposits > 1 m covering approximately 10% of the South Island (Figure 2). These deposits have been 

predominantly formed from aeolian transportation and deposition of glacially-derived rock flour, and 

although primarily silty, contain up to 45% clay giving rise to low plasticity clay behaviour (Yates et al. 

2018).  

The available literature contains a relative lack of research or reports on collapse settlement associated with 

New Zealand loess deposits. In their review of the geotechnical characteristics of the loess and loess-derived 

soils of the Canterbury region, Yates et al. (2018) however conclude that these deposits are relatively dense 

(with dry densities of 1.6 t/m3 and 1.8 t/m3), and hence do not display collapse settlement behaviour common 

to some of the other loess deposits mentioned above. This review does not include test results focussed 

specifically on assessing the potential collapse settlement of these deposits, and the conclusion regarding the 

relative absence of collapse settlement appears to be made on the basis of the reported dry densities (and 

perhaps experience in working with these materials).  
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Although a review of the available literature provides every indication for these deposits to generally be of 

low collapse potential, care should be taken to correlate collapse potential to the density of the materials 

alone, which is likely to be a too simplistic assumption in explaining the mechanism through which collapse 

occurs (discussed in Section 3.4 of this paper). Post-depositional reworking will contribute to destroy any 

collapsible soil fabric associated with the original aeolian deposit and, considering these deposits are 

comparatively thin, are likely contribute to the risk of collapse potential (or lack thereof) in New Zealand 

loess deposits.       

The occurrence of collapse settlement in natural soil deposits of other origins (i.e. volcanic ash air fall 

deposits) could not be confirmed from the available published literature. This is either a general indication 

that these soils are either not generally susceptible to collapse settlement, or that this is not a well-recognised 

phenomenon.  

It should be emphasised that the occurrence of surface subsidence in the form of fissures, chasms or ‘tomos’, 

often associated with the pumiceous soil deposits of the central North Island of New Zealand, is not related 

to the mechanism of collapse settlement as the topic of this paper. Such features tend to be associated with 

large-scale internal erosion through the washing out of fines along preferential flow-paths. Subsidence occurs 

when these features daylight at surface once the overlying soil cover ‘collapses’ into the underlying void, and 

as opposed to the particle re-arrangement at a micro-structural level associated with collapse settlement.  

 

Figure 2: Distribution of loess deposits in New Zealand 
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2.2.2 Compacted soils  

Man-made earth structures such as embankments, fills and earth dams often exhibit collapse when 

compacted dry of optimum (Holtz 1948). It is commonly assumed that only sandy or silty soils exhibit 

collapse; however it has been reported that compacted soils in general may exhibit collapse (Barden et al. 

1973; Cox 1978). As settlement characteristics of engineered fills are generally not a significant concern 

where the fill is of limited thickness, emphasis in this paper will be placed on the potential for collapse 

settlement of thicker fill placement, often associated with backfill to quarries or deep shear keys.  

All surface mining methods involve the extraction or stripping of near-surface materials (both waste and 

ore), inherently leading to the disturbance of large surface areas of land over the life cycle of extractive 

operations. In New Zealand, such operations are most widely represented by the aggregate quarrying 

industry (Figure 3). 

 

Figure 3: Location of aggregate quarries and pits with recorded production since 1967 (after the GERM 

database) and pie diagrams of aggregate production in 2000, by region (Christie et al. 2001) 

With growing pressures on land use, such sites are being considered more and more for commercial 

infrastructure and housing development after mine closure (Hills 1994), and where previously the site might 

have been filled with uncontrolled material or left undeveloped. The redevelopment of brownfield sites is 

being increasingly promoted in New Zealand, particularly in the larger and fast-growing urban areas. The 
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Auckland Unitary Plan (UP), which became partly operative in November 2016, rezoned large swathes of 

Auckland for more intensive development and for redevelopment of brownfield sites.  

To enable such future development, any mined-out void needs to be reinstated to some workable final 

surface level through backfilling. The long-term settlement characteristics of such fills, which are typically of 

substantial thickness, therefore becomes an important consideration. 

3 ASSESSMENT OF COLLAPSE SETTLEMENT 

The identification and characterisation of collapsible soils is best considered by following a staged 

investigation approach, with the complexity of evaluation increasing for each stage.  

It should be emphasised that although this proposed guideline holds true for all types of collapsible soils, 

particular relationships and methods of evaluation in the published literature may be more (or less) 

appropriate for different types of collapsible soils, as briefly discussed in the following sections.  

3.1 Identifying potential for collapse settlement 

In its simplest form, the potential for collapse phenomenon may be identified though the existence of a 

collapsible soil fabric, recognisable through the presence of certain conditions in the subsoil structures 

(Rogers 1995): 

• an open soil structure, 

• a high void ratio, 

• a low dry density, 

• a high porosity, 

• a geologically young or recently altered deposit, 

• of high sensitivity; and 

• low interparticle bond strength. 

In turn, Barden et.al (1973) recognised that for appreciable collapse to occur, the material should have a 

collapsible fabric, but also a high enough value of applied stress to exist in a metastable condition and a high 

enough value of soil suction to stabilise intergranular contacts. Reduction of the latter (through wetting) will 

lead to a change in the effective stress of the material and trigger collapse (Section 3.4).  

Collapse settlement in open-cast backfill can be seen as additional settlement under constant total stress 

resulting from an increase in the water content of the backfill. Unlike other settlement mechanisms (e.g. 

consolidation or creep), collapse potential in fill does not automatically reduce with time. This is highly 

dependent on the fill material properties, particularly the density at which the material has been placed and 

the moisture content at time of placement and when collapse first occurs. Charles and Skinner (2001) state 

that for fill placed dry of Optimum Moisture Content (OMC), collapse potential is predominantly a function 

of the ratio of dry density to maximum dry density (i.e. degree of relative compaction), whereas in materials 

placed wet of OMC the percentage air voids predominates collapse potential. Perhaps the most critical point 

is the fact that collapse settlement is possible in fill material compacted either wet or dry of OMC.   

Field observation and research has shown that inundation is a major trigger of fill collapse settlement in 

opencast backfills. An increase in moisture content of the fill may occur as either the result of downward 

water infiltration from the surface, through the old mine highwall, or by cessation of mine void dewatering 

operations, leading to the rise and re-establishment of the at rest groundwater levels within the backfill (Day 

2013; Hills 1994).  
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It is the authors’ experience that, unless a clear post-closure development plan has been agreed on, backfill 

material is often indiscriminately sourced and often placed with insufficient controls with regards to 

sequencing or proper scheduling of placement during the backfill process. Such an approach could lead to 

significant heterogeneity of the backfilled material due to variation in material properties (e.g. different 

mineralogical or chemical compositions, particle sizes, grading, etc.), as well as the degree of engineering or 

modification achieved during placement (e.g. compaction, saturation, etc.).  

Such non-uniformity in material properties complicates the recognition of collapse potential for any 

particular site. It is therefore proposed that, unless it can be conclusively established that the fill does not 

have significant collapse potential, groundwater levels have returned to natural (pre-mining) levels or 

considerable collapse has already occurred; a risk of collapse settlement in the fill during or subsequent to 

building on the site should be assumed. 

3.2 Potential severity of collapse settlement 

There is no shortage of attempts in the existing literature to correlate and predict collapse as a function of 

material characteristics or index properties such as density, clay content, moisture content etc. It is the 

author’s experience however, that such empirical relationships are usually very site-specific and only tend to 

be valid for the environment in which these were developed.  

Collapse is typically evaluated in terms of total stress, as shown in Figure 4, where an unsaturated soil 

sample is placed in an oedometer at natural moisture content (A), loaded in stages to the desired vertical total 

stress (B), before the sample is inundated with water and the vertical strain is recorded (B to C). Such a 

collapse test with the sample inundated at 200 kPa is widely referred to as a Collapse Potential Test, and the 

vertical strain (B to C) during inundation is taken as the Collapse Potential. The sample is then loaded to 

point D and unloaded to point E under saturated or near-saturated conditions.  

 

Figure 4: Collapse Potential Test 

This method is superficially attractive due to its simplicity, and is widely used as an indicator test to allow 

judgement on the severity of possible foundation settlement due to soil collapse, as shown in Table 1 (Brink 

and Heymann 2014). 
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Table 1: Collapse Potential Test categories (after Jennings and Knight 1975) 

Collapse Potential (%) Severity of Problem 

0-1 No problem 

1-5 Moderate trouble 

5-10 Trouble 

10-20 Severe trouble 

>20 Very severe trouble 

It should be emphasised that Jennings and Knight (1975) intended the Collapse Potential Test to be used as 

an indicator of the potential severity of collapse at or near saturation of the material, and not as a method to 

predict the amount of collapse settlement that could occur as part of the engineering design process.  

An obvious reason for this is the fact that collapse is estimated at a single applied pressure (i.e. 200 kPa), 

complicating the estimation of potential volume change due to collapse over a range of pressures typically 

expected throughout a soil profile of any notable depth. Further, the potential influence of bedding and 

confinement errors on any results obtained using this test method could be significant. The inaccuracy due to 

bedding errors becomes particularly more pronounced as the height over which the sample collapse is 

measured becomes smaller, such as in the case of a one-dimensional oedometer (Rust et al. 2010). As an 

example, the protrusion of resistant asperities of only 1 mm at either end of the prepared sample will equate 

to an error of approximately 10% of the oedometer sample height. Such errors could have a significant 

potential effect on the reported test results, potentially resulting in a gross over-prediction of the collapse 

potential of a material. 

High-quality sampling is also required for evaluating the collapse potential of soils in the laboratory. Hight et 

al. (1992) showed that block sampling produces samples of the highest quality, compared with other 

sampling techniques (e.g. push tube sampling). However, Heymann and Clayton (1999) highlighted 

disturbances that may occur as a result of moisture change during storage. Even small changes in moisture 

content can alter the matric suction, and hence the effective stress, relatively much more so than the loading 

due to an engineering structure in the field (Rust et al. 2010).     

Considering the potential differences in properties between fill and natural soil deposits, caution should be 

applied in commenting on the potential severity of collapse across the backfilled void through conventional 

small-scale laboratory tests alone. Such test regimes typically rely on samples collected at discrete point 

locations from a material of highly variable properties.  

Further consideration should be given to the thickness of the collapsible horizon in the case of fill materials 

(typically equal to the thickness of material likely to be saturated). The severity of problem categories 

proposed in Table 1 could therefore be misleading when applied to collapse settlement in thick fill deposits, 

and where collapse potential is typically expressed as a percentage of the thickness of fill material subjected 

to saturation. Hills (1994) gave the following typical values for collapse, expressed as a percentage of the 

thickness of the saturated layer. 
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Table 2: Mean values and standard deviation for collapse settlement (Hills 1994) 

Placement Method 

Collapse Settlement (%) 

Mean Standard Deviation 

Controlled  

Performance 0.25 0.04 

Method 0.40 0.08 

Thick Layer 0.90 0.28 

Uncontrolled 1.20 0.41 

A more suitable approach to evaluate collapse of variable fill deposits is therefore perhaps through a 

combined large-scale field test and targeted laboratory test regime, of which the former are likely to provide 

a better indication of the behaviour of the in-situ material on site.  Examples include long-term flooding 

experiments, which have been successfully carried out at a backfilled site in South Africa (Day 2013), or 

modified plate load tests at various backfill levels.   

3.3 Potential magnitude of collapse settlement 

The double oedometer test described by Jennings and Knight (1957) is perhaps the best known approach to 

quantify the potential of collapse settlement. The test procedure comprises testing of two undisturbed 

samples in the oedometer; one sample at its sampled moisture content and the other saturated prior to testing. 

Allowance is made for different initial void ratios of the two undisturbed samples, as well as the 

consolidation state of the material. Perhaps the biggest advantage of this test procedure is the ability to 

quantify collapse for a range of applied stresses. This method is however also plagued by the same 

uncertainties surrounding bedding errors as discussed for the Collapse Potential Test in Section 3.1, and 

considerable emphasis needs to be placed on ensuring the test results are correctly interpreted. The reader is 

referred to the detailed description of this test procedure in Jennings and Knight (1957), the discussion of 

which is outside the scope of this paper.  

Heymann (2000) and Rust et al (2005) described a test for measuring the collapse settlement of soil in a 

triaxial apparatus. Conducting a collapse test in a triaxial apparatus means a larger specimen is used 

compared to in the oedometer, and the use of local strain instrumentation allows for any errors due to 

bedding to be entirely excluded. In their study, Rust et al. (2005) compared the collapse settlement test 

results from standard oedometer test procedures to the results from triaxial testing for a site in Mozambique, 

with the results from the latter concluded to be considerably more reliable and consistent due to the absence 

of bedding and confinement errors.    

3.4 Collapse in terms of effective stress 

Schwartz (1985) pointed out that the degree of saturation was a vital parameter in assessing collapse 

potential and suggested that it should be used as a determining factor for collapse estimates (i.e. a critical 

degree of saturation exists for collapsible soils above which collapse would not occur). However, it is well 

known that soil behaviour depends on the effective stress, and a fundamental interpretation of the collapse 

phenomenon should be made in terms of effective stresses. This however, requires accurate real-time 

measurement of soil suction to correctly model a collapsible soil in terms of effective stress, which is not 

realistic for the practising engineer or a commercial soils laboratory to adopt (Rust et al 2005).  
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A number of theoretical frameworks have been developed to express the effective stress for unsaturated soil. 

Bishop (1959) formulated the following equation to quantify effective normal stress (') for unsaturated soil 

in terms of total stress (), pore air pressure (ua) and pore water pressure (uw): 

( ) ( )waa uuu −+−=  '           (1) 

( - ua) is termed the net normal stress and (ua - uw) is the matric suction.  is a parameter that quantifies the 

contribution of the matrix suction to the effective normal stress.  varies between 0 for a completely dry soil 

and 1 for a completely saturated soil. For these two conditions, Equation 1 reduces to the classic Terzaghi 

equation ( ' =  - u) for effective normal stress of a soil where the pores are completely filled either with air 

or water. 

Bishop (1959) suggested that   is a function of the degree of saturation (Sr), soil structure and whether the 

soil is in a wetting or drying phase. Due to a lack of experimental data, early workers often suggested that 

 = Sr. However, Alonso et al. (2010) pointed out that this may a reasonable assumption for coarse soils, but 

for clayey material at low degrees of saturation, it leads to the second term in Equation 1 being 

unrealistically high. They reported data to show that  = Sr
N where N typically varies between 1 and 2 for 

silts and between 4 and 6 for clays. 

Rust et al. (2005) proposed a conceptual yield model to explain soil collapse using effective stress paths as 

shown in Figure 5 and briefly explained below. 

 

 

Figure 5: Conceptual yield model for collapsible soil (from Rust el al. 2005) 

Consider an in-situ collapsible soil with stress condition A in Figure 4 above. The stress condition is inside 

the "dry" yield surface. If wetted, the path will move to point A' and the in-situ stress state will be inside the 

now smaller "wet" yield surface for the in-situ soil, which is now weaker than before it was wetted. But since 

the stress state stayed inside the shrinking yield surface during wetting, no collapse of the in-situ soil profile 

occurred. If the in-situ soil at point A is loaded, the stress state may move to point B. Alternatively, if the soil 

is first sampled, it will move to point C where it does not experience any shear stresses (q = 0), before it is 

loaded in the oedometer to point B. At point B the soil is still at its in-situ moisture content and hence still 

inside the "dry" yield surface. If the soil is now wetted, the yield surface will shrink as the soil weakens and 

the stress state will move toward B' where the yield surface and stress state coincides with the one 

dimensional strain (Ko - line) (Brink and Heymann 2014). 
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Even though this proposed framework has not been verified experimentally, primarily due to experimental 

difficulties, it is useful since it attempts to describe the collapse phenomenon in terms of effective stresses. It 

also shows that from a fundamental effective stress perspective, the behaviour is much more complex than 

the behaviour shown in terms of total stresses in Figure 3 (Brink and Heymann 2014). 

4 CONCLUSIONS 

A review of the existing literature confirms the apparent scarcity of natural soil deposits in New Zealand 

with collapse settlement potential. Opportunity for further research exists in this regard, focussed specifically 

on characterising New Zealand soils in terms of their potential for collapse settlement. Collapse settlement is 

however also associated with compacted soils (i.e. fills), and which are more widely distributed. This poses a 

particular risk where infrastructure developments are underlain by fill of substantial thicknesses combined 

with rising groundwater levels, as is often the case for backfilled mined-out voids.  

To evaluate collapse settlement, an approach focussed on increasingly detailed levels and complexity of 

investigation is proposed. There is no One-Stop-Shop approach to this, and a suitable investigation program 

should be developed on a case-by-case basis for the individual site where the potential for collapse settlement 

may exist. This should take into account the limitations to existing methods to evaluate collapse settlement.   

The interpretation of soil collapse in terms of total stress leads to an oversimplification of the behaviour of 

the soil. This masks the contribution of the change in effective stress. Effective stress due to matric suction 

may be higher than the stress applied to the soil as a result of operations related to construction of 

infrastructure. It follows that changes in moisture content will have a greater effect on the effective stress, 

and hence the strength and stiffness of the material, than stress changes due to engineering activity. 

Geotechnical professionals therefore need to consider not only the effect of loading the soil due to 

construction, but also the consequence of moisture change on the effective stress experienced by the soil. 
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Case studies to support stability assessments 

for resilient development in Northland 

D.S. Buxton  
Northland Geotechnical Specialists, Whangarei. 

ABSTRACT 

At the heart of a resilient community is building on land with a low instability risk. With population 

growth driving development in Northland new buildings are intersecting the area’s complex and 

commonly unstable geology on a frequent basis. For Northland to be building a resilient community 

it is essential the engineers, geologists and technicians assessing land stability are equipped to do it 

well. They need to remember to look past the natural inclination to please the client with a positive 

result, ensuring we are building resilient communities by building on only the right land. 

In assessing land stability there is a lot of “grey” and significant judgement is required. This paper 

sets out to demonstrate some of the key tools in land stability assessment by presenting observations 

from six known landslips in a range of settings across North Auckland and Northland. In these 

assessments the author reflects, “without prior knowledge could the site have been identified as 

potentially unstable?”.  

The paper presents use of site observations, site setting, historic and recent aerial photography, 

LIDAR, text references and mapped geology as the basis of the assessments. It intends to provide 

cases that can be used to build judgement for assessing land stability in Northland and to serve as a 

reminder that relic observable landslip features often do have ongoing intermittent movement.  

1 INTRODUCTION 

The challenge of limiting residential development to adequately stable land, or suitably stabilised land, is an 

ongoing process. It is a human issue, fraught with all our various challenges and vagaries – different 

individual experience and knowledge, different technical training, differing past mentors, differing views and 

opinions, differing regulatory approaches, commercial pressures, client expectations and finally varying 

definitions of “acceptable”. A reminder of the ongoing nature of this task is highlighted by landslides that 

have recently occurred in Whangarei during earthworks to prepare a site for development. The site is in a 

zone denoted by engineering geological mapping in 1975 as has having “high susceptibility of failure of 
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natural slopes” (Brown, 1975). High risk instability zoning for the site has continued to the present. The site 

had remained undeveloped for many years due to the known challenges. 

The most effective method of ensuring a resilient community, with respect to land stability, is building on 

land with a low instability risk. This is very important for small scale development where mitigation is often 

uneconomic. This paper presents six case studies of known landslips as a reminder of the tools and 

information sources that can assist engineers, geologists, and technicians in identifying high risk land. For 

each site comment is made as to if, without prior knowledge of movement, the site could have been 

identified as potentially unstable. The case studies overview a range of landslip types, settings, and geology. 

This paper is not intended as a guide on how to assess land stability, nor does it seek to present all the 

available methods and information sources available. It is intended to compliment and develop the existing 

knowledge of those working in the geotechnical engineering/engineering geology field in Northland. It is 

hopefully particularly relevant to those nearer the start of their career in the geotechnical field. 

Along with the technical aspects of this field there is also a client/job management aspect. The reader is 

reminded to set yourself up to be able to complete an unbiased assessment of the stability of a site. Assessing 

a site as stable is often an easier route for the project but this should in no way be allowed to influence our 

assessment. When a client calls, don’t make promises you can’t keep by committing to or implying a likely 

favourable outcome where it may not be so. Where issues may be evident tell the client the honest truth 

about the setting of their site and set yourself a realistic scope that can provide the right answers. The land, 

and any associated issues, were already in existence and are owned by the client - not you. An assessment 

that the land might be unstable is the honest truth – it is never you “creating” a problem for the client.  

A brief desktop study has never been so practical and easy to do upfront. By the end of a 15 minute phone 

call you can review aerials on Google Earth, review Google Street View, review the geological map online, 

check the hazard zoning (if available) and LiDAR for all of Northland has now been released.  

2 RESOURCES USED 

A list of the main resources used in this paper is given below. We no longer have to hire a light plane to see 

our sites from the air, as suggested by one paper presented at a 1980’s NZGS conference! 

• Retrolens.nz for historic aerial photo images 

• Google Earth for more recent aerial images  

• Google Street View in google maps for current and older street view images 

• GNS Qmap 1:250,000 Geological maps and other 1:25,000 to 1:100,000 scale maps for urban areas or 

specific regions. The accompanying texts, regional geological sections and local geology stratigraphy are 

also valuable resources so reliance on online GIS layers alone is not recommended  

• GNS online Landslip Database https://data.gns.cri.nz/landslides/index.html 

• Local Council GIS webviewers for LiDAR based contours and copies of terrain models supplied on hard 

drives 

• Hazard zoning reports and GIS layers on local Council GIS systems 

• Stereo pair photo software to allow on-screen viewing, panning and zooming of aerial photo stereo pairs. 

This makes the best use of the high resolution historic aerial images we can now freely access. Free 

software can be downloaded here: http://stereo.jpn.org/ and red blue glasses are cheap on Trade Me 

• QGIS software which is free and opensource. It is particularly useful for smaller companies without 

inhouse GIS support to produce and manipulate terrain shaded models with/without aerial image overlay 

• Region specific geology books, such as “Out of the Ocean, into the Fire” by Bruce Hayward 

https://data.gns.cri.nz/landslides/index.html
http://stereo.jpn.org/
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The references included at the end of this paper also include several papers and articles that may be of use to 

the reader. Many of these can be obtained from the library on the NZGS website.  

3 CASE STUDIES 

The six case studies below are of sites that all have strong evidence of actual movement having occurred 

within the last 15 years. Accordingly, these sites are not just “high risk”, they are/were indeed unsuitable for 

development in accordance with the Building Code unless mitigation measures that are robust, reliable and 

economic could be completed. 

3.1 Lingham Crescent, Torbay, Auckland North Shore 

While this example is in Auckland it is equally relevant to some areas of Northland. It was first known to the 

author in 2007, when creeping movement was observed to be affecting a dwelling. Previous repairs to the 

dwelling were evident and a concrete block wall, approximately 2 m in height, already rebuilt with a piled 

toe, was suffering from excessive rotation/deflection. The landslip extent and nature became much more 

notable in the winter of 2008 when the landslip moved several hundreds of millimetres over a period of about 

two weeks. Several surrounding houses were evacuated, and movements were reduced with the installation 

of drilled drainage. The landslip was subsequently remediated with a series of in-ground reinforced concrete 

retaining walls and ground anchors. 

The site is underlain by the East Coast Bays Formation. The 1969 aerial photo shows the roading 

infrastructure for the area under construction, with housing construction inferred in the 1970’s. The landslip 

location is shown on the GNS online landslip database. The approximate location of the landslip is annotated 

on a 1950 aerial photo below: 

The site was seen as fit for development in the early 

1970’s but clues to the unstable nature are evident 

without knowledge of actual movement. In Figure 1 

the main east-west ridgeline has formed with a 

highly irregular shape. While the actual landslip 

location is obscured with bush, multiple relic 

landslip scarp features are evident both to the north 

and south along the ridgeline. From the common 

landslip features and irregular shape of the ridgeline 

it can be inferred that many slopes in the area 

naturally have low levels of stability.  

If the site is viewed in the wider context, it will be 

noted that it is less than 5 km from the southern 

margin of the Northland Allochthon. It is reasonably 

widely accepted that the emplacement of the Allochthon has disturbed the East Coast Bays Formation in this 

area, making it much more landslip prone that the same unit within Central Auckland. If assessed without 

prior knowledge of actual movement, the site should have been able to be identified as being at high risk of 

instability, although the particular location may not have been identified.  

3.2 Don Buck Road/Jammen Drive, Massey 

The occurrence of two landslips below Don Buck Road in Massey are documented within publicly available 

property file information from Auckland Council. The first landslip occurred in 2007 during earthworks to 

develop Jammen Drive and was limited to the development site and consequently remediated. The second 

occurred in 2015 during earthworks to extend Jammen Drive and resulted in damage to upslope properties. 

2008 landslip 

indicative location 

Figure 1: 1950 Aerial Photo annotated with 

indicative landslip location. Sourced from 

retrolens.nz and licensed by LINZ CC-BY 3.0  
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Movement was measured at 13.5m depth.  The property file information documents an inground wall to 

remediate the land on the upslope properties. The site geology is mapped as being underlain by the East 

Coast Bays Formation and the landslips likely occurred on low strength bedding planes.  

Figure 2 below shows the approximate landslip locations on an extract of a Figure included in the 2001 

NZGS conference proceedings (Tilsley et al 2001). Figure 2 was based on a 1:5,000 regional scale mapping 

project for Auckland Council planning purposes. 

 

Figure 2: Part extract of Figure 1 from the 2001 paper titled “Land Development Zones for Structure 

Plans” (Tilsley et al 2001). Reproduced with permission. 

The inclusion of the subject area as an excerpt in their paper is entirely coincidental. What is evident is that 

they have mapped a clear landslip feature and zoned the area as “Land may be unsuitable for development; 

severe limitations”. The hazard zoning study had accurately identified the stability risks of the site that 

became very evident when earthworks to enable development of the site twice triggered movement. The 

landslip morphology of the site may be reasonably clearly observed on the 2001 Auckland Council Geomaps 

image and 1940 aerial photos. With suitable review of either the hazard zoning study or the aerial images the 

site could be readily identifiable as being at high risk of instability. 

3.3 Hihitahi Rise, Paihia 

A landslip extending across Hihitahi Rise, immediately west of the intersection with Te Haumi Drive has 

been known for some time. Hihitahi Rise and Te Haumi Drive extend along moderately broad crested 

ridgelines modified to have adequate width for housing development on both sides. The ridgelines are steep 

sided and elevated 30 m to 50 m above the valley bases. This landslip is unusual in that it comprises a deep 

seated (>20 m by inclinometer monitoring) defect-controlled slide within Greywacke (Waipapa Group). It is 

a style of failure rarely observed and often not considered in stability assessments in Greywacke. It is 

therefore a useful case to see if the unstable nature of the site may have been able to be identified in advance. 

A review of the QMap does not provide any unusual indications; volcanic and melange zones in the 

greywacke are shown on in the surrounding area but not at this site. The slopes are bush clad and geomorphic 

features are not readily visible on Google Earth. A near complete dwelling is visible in 2004 and later 

demolished due to landslip damage.  

The earliest aerial photo available is 1953. The site is covered in scrub, but it is readily apparent that the 

ridgelines in the wider area are sharper, indicating likely earthworks during development of the area. In 1971 

bush is maturing further obscuring the site. Earthworks are visible in 1981, with the width of cleared area 

much greater in the landslip zone, indicating greater than average cutting or more likely filling. 

Approximate 2007 

landslip location 

Approximate 2015 

landslip location 
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The 1953 aerial photos were viewed stereoscopically onscreen using a red/blue anagram. The photos 

provided a vivid 3D effect and slope features in the wider area were readily apparent, a reminder of the 

importance to view aerial photos as stereo pairs where available. In places you literally peer through the trees 

to see the ground. Typical landslip morphology is not readily apparent, although the typical sharp ridgeline is 

absent in the landslip location which has a broader crested saddle at lower elevation to the adjacent ridgeline. 

The north facing slope within the landslip appears to have a subtly bulging shape and the cross-valley slope 

appears steeper than typical of the surrounding area. The signs are subtle and easily missed.  

  

Figure 3a & 3b: 1953 Aerial Photo image (left) with annotated landslip location (red line) and red-blue 

anagram stereopair (right). Photos sourced from http://retrolens.nz and licensed by LINZ CC-BY 3.0  

Several years back the author traversed the site and observed the stream in the gully below. The south side of 

the gully had several shallow slumps visible that were suggestive of toe movement into the stream, resulting 

in erosion and oversteepening of the slope immediately above the stream. Again, this was subtle, particularly 

in comparison to streams below Allochthon slides where toe movement can be very evident.  

While no evidence is available, it is inferred possible that movement may have been evident from damage to 

the road pavements and services in the first decade after formation in the early 1980’s. With appropriate 

observation it is quite likely the landslip could have been identified prior to the construction of dwellings in 

the early 2000’s that were subsequently damaged. This inference is based on the reoccurrence of movement 

several times in the last two decades and the current very significant vertical offsets in the Hihitahi Rise 

pavement. It may have been difficult to identify the slide prior to development (the possible presence of 

natural surface features is unknown) but likely possible to identify once roads had been formed and some 

intermittent displacement of pavement had occurred. 

3.4 Signal Station Road, Omapere, Hokianga Harbour 

Signal Station Road is located immediately south of the Hokianga Harbour entrance and traverses 1 km east-

west mid-slope along an approximately 500 m wide (north-south) slope that rises approximately 120 m in 

elevation from the sea to a north facing subvertical conglomerate escarpment. Landslip movement has been 

evident for many years on State Highway 12 around the turnoff to Signal Station Road which gives an early 

indication that the geology in the wider area may also be landslip prone.  

The mapped geology of the area comprises Omapere Conglomerate with Otueka Formation and 

Waiwhatawhata Formation in the lower portion of the slope. These units will only be familiar to those with 

local experience as they are limited to the areas north and south of the outer portion of the Hokianga 

Harbour. The text accompanying the map notes the presence of “intercalated centimeter-bedded mudstone 

intervals” in these units and they overlie the Northland Allochthon. More detail of the geology of the area is 

provided in the book “Out of the Ocean and Into the Fire” (Hayward 2017). This includes a description of the 

deposition of the units and of the Waimamaku Anticline that runs WNW-ESE to the south of the Hokianga 
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Harbour. A nearby cross-section based on surface geology and the 3 km deep Waimamaku-2 drillhole is 

given, showing the anticline and conglomerate/allochthon interface. A local field guide map of the local area 

and photos of a number of exposures are also given towards the end of the book. 

A review of the aerial photos of the area around Signal Station Road and consideration of geomorphology 

pose some questions. How did the escarpment at the top of the slope, including subvertical exposed 

conglomerate faces, form? Does the northward bulge of the shoreline into the harbour indicate anything? 

How has incision of the Hokianga Harbour affected the slope? Could the deeper geology have adverse out of 

slope bedding associated with the Waimamaku Anticline, low strength bedding shear in the intercalated 

mudstones and an out of slope dipping conglomerate/allochthon interface at depth? 

 

Figure 4: 23/08/2013 Google Earth Image annotated with assessed upslope extent of large-scale intermittent 

landslip movement (red dashed line) and locations of observed road offsets (yellow dots) 

The 1942 aerial photos viewed as stereo pairs provide more insight. The northeast face of the south harbour 

head comprises a linear feature that continues inland to the escarpment above Signal Station Road. The land 

to the northeast of the linear feature appears displaced downwards to the northeast in a series of blocks. This 

linear feature aligns with the western end of the subvertical conglomerate escarpment and appears to align 

with a fault mapped at the conglomerate/allochthon interface on Qmaps to the southeast. The author infers 

the fault, or similarly aligned defect, continues and forms a side release plane. The full area downslope of the 

escarpment has a blocky appearance and somewhat irregular features. Viewing the stereo pairs in 

combination with the published geological information (Isaac 1996, Hayward 2017) is suggestive that the 

landform has been formed by large scale instability extending from the sub-vertical escarpment at the 

ridgeline and down to below sea level. 

In 2018 the white lines along the edges of Signal Station Road were observed by the author to be displaced 

by half the line width. Matching displacements were observed in two locations 450 m apart, suggesting the 

land between the locations had displaced downslope by 30 mm or so. The offset locations match observable 

geomorphic features in the aerial photos and is inferred to demarcate a smaller (but not small) zone of 

recently active movement within the larger inferred landslip extent. The road offset is also visible in 2019 

Google Street View images, although they are more evident in the field. It is concluded that the full slope has 

very likely formed by large-scale land sliding and is still subject to intermittent complex landslip movement. 

The total magnitude of landslip movement is possibly indicated by the height of the conglomerate 

escarpment, which is inferred to be a backscarp exposed as the landslip body has moved down and away.  



 

7 

 

   

Figure 5a, b & c: View looking east showing painted white line offset by landslip movement (a & b). View 

looking west at the same feature following rainfall, with the surface water highlighting a small vertical offset 

through the road. 

The full area around the Hokianga Harbour is known to be prone to instability, identifying the site as high 

risk based on location alone. Without specific site observations of movement, it is possibly unlikely that the 

scale of inferred instability of the area would be readily identified, particularly if the assessment did not start 

by looking at a regional scale and giving consideration of the full slope (i.e. thinking big).   

3.5 Paul Road – Mangawhai Road Intersection 

A landslip occurred on Mangawhai Road at the Paul Road intersection in 2017 and was remediated by the 

Kaipara District Council by installation of an in-ground palisade wall. The landslip had a well-defined 

headscarp extending across approximately 80% of the road pavement width. The site is mapped as being 

underlain by the Pakiri Formation (Waitemata Group). In many locations further to the south the Pakiri 

Formation can be very competent (for example the large near vertical road cutting on SH1 at Pohuehue) but 

at its northern extent it is often tectonically weakened from the Northland Allochthon emplacement. 

The headscarp extent correlates well with an observed bulging lobe within the downslope paddock. This 

downslope lobe is inferred to comprise the landslip toe. It is however likely that the landslip is part of more 

complex movement within the wider slope. 

When viewed as stereo pairs the slope features are 

poorly defined in the 1961 aerial photos likely due 

to a lack of contrast from the lighting and low 

topographical relief, although surrounding trees 

have a clear 3D appearance. The 1966 photos show 

the slope features much more clearly, but the photos 

were taken from a much higher altitude and the 

photos lack resolution to clearly see the lobe feature, 

although it is faintly visible. Slope features can be 

much more clearly defined in the 17/05/2006 

Google Earth aerial photo, which has suitable 

lighting on the colour photo. The lobe downslope of 

the landslip headscarp can be clearly defined in the 

Google Earth image, and the feature was confirmed 

by inspection of the site. 

LiDAR contours on the Auckland Council Geomaps 

vaguely indicate the toe lobe, although it would likely be more defined if a terrain shaded model were 

produced. The contours indicate a 9m fall over 45m horizontal distance between the headscarp and toe – an 

average of 1V:5H or 11°, indicating a very low strength failure plane must exist.  

Figure 6: 17/06/2006 Google Earth Image. 

Approximate landslip extent annotated with red 

line for scarp and dashed yellow line for toe lobe 
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The susceptibility of the site to landsliding should have been able to be determined by site features (i.e. the 

presence of the toe lobe) and the hummocky nature of the surrounding area. Given the small scale of the lobe 

feature and poor lighting in the 1961 aerial photos, the Google Earth image with the best lighting to show 

geomorphic features was the most useful. The location of the landslip extending to near the ridgeline crest 

and occurrence on a comparatively flat slope within the Pakiri Formation serve as a reminder to not overlook 

geomorphic features even if they initially seem improbable. 

3.6 Isola St, Whangarei 

A landslip moving intermittently across the backyards of several properties on Isola St, Raumanga, 

Whangarei has been known since the area was developed in the 1970’s. Other issues in the area are also 

known. Upon becoming aware of the issues, the properties have often been on sold to new sometimes 

unknowing owners, although the presence of the landslip was recently disclosed during marketing of one 

property. The 1942, 1968, 1970, 1981 and 1984 aerial photos have poor overlap and/or trees in the area of 

interest. Earthworks are visible in 1970 for development of the area. The 1979 stereo pairs show the area 

reasonably well with limited tree cover and sufficient houses have been developed for location references.  

By far the most effective view of geomorphic features is revealed using the QGIS hillshade function with the 

2009 Hatea, Waiaroahi, Raumanga digital elevation model (DEM) produced from LiDAR data and available 

from Northland Regional Council. QGIS (free and open source) can be used to change the view angle and 

lighting on the DEM and aerial images and property boundaries can be overlain by connecting to the 

appropriate LINZ layers. This is achievable for the average engineer/geologist with only a few hours of 

effort to get going and is straightforward after the initial set up. Some images created are shown below: 

 

 

Figure 7: Terrain shaded images with boundary overlay and with/without aerial image overlay. Different 

shading effects used between left and right images. Terrain model provided by NRC. Image (0.1m Northland 

Urban Areas) and boundaries licensed by LINZ CC-BY 3.0 as web map service. 

While geomorphic features suggesting landslip movement are evident in the above images, there is a far 

simpler method of determining this area might be unstable – a landslip is mapped on the 1:25,000 Geology 

of the Whangarei Urban Area map (White & Perrin 2003). 

Isola St 
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ABSTRACT 

This paper presents the results from direct shear testing of gravel-rubber mixtures through laboratory 

experiments and numerical simulations with discrete element method (DEM). Mixtures with volumetric 

proportions of 0%, 10%, 25%, 40% and 100% granulated rubber were tested using a conventional, medium-

sized direct shear apparatus under three normal stresses: 30, 60 and 100 kPa. Experimental results show a 

decrease in shear strength, greater strain at peak shear stress and less dilative behaviour with increasing rubber 

content. A selection of experimental results were used to calibrate the DEM model to examine the macro- and 

micro-responses of the mixtures. Good agreement was attained between the simulation and laboratory results 

under different normal stresses. This simulation exercise demonstrates that DEM is a suitable tool to describe 

the mechanical behaviour of mixtures made of hard-gravel and soft-rubber particles under direct shear loads 

without overly complex input parameters.  

1 INTRODUCTION 

In 2015, less than a quarter of the four million waste tyres were recycled with most ending up in landfills or 

dumped in stockpiles around the country (Minister of the Environment, 2015). This issue plagues several 

countries globally, with many placing strict regulations on deposing waste tyres and implementing recycle and 

reuse methods. In New Zealand, the “Eco-rubber geotechnical seismic-isolation (ERGSI) foundation systems” 

project aims to help address this problem using gravel-recycled tyre rubber mixtures to improve the seismic 

performance of medium-density low-rise residential buildings, with the ERGSI providing an appreciable level 
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of base isolation and energy dissipation during ground shaking. This study is part of a multi-disciplinary 

research project being undertaken by researchers of the University of Canterbury and the Institute of 

Environmental Science and Research (ESR) Ltd. (Chiaro et al. 2019; Banasiak et al. 2019; Hernandez et al. 

2020). 

The incorporation of rubber in granular soils has been increasingly common since the 1990s. Rubber’s low 

unit weight has seen its use as a lightweight backfill material for retaining walls and embankments (Lee et al. 

1999; Humphrey & Manion 1992). In seismic applications, energy dissipative effects of rubber have been 

studied as a countermeasure against liquefaction (Hazarika et al. 2020; Anastasiadis et al. 2012) and as a 

geotechnical isolation system (Tsang 2008). 

To date, previous studies of soil-rubber mixtures have predominantly focused on sand-rubber mixtures, SRM 

(e.g. Mashiri et al. 2015; Valdes & Evans 2008; Hazarika et al. 2008; Lee et al. 2014). However, the use of 

gravel rather than sand in soil-rubber mixtures has been recommended (Hazarika & Adbullah 2016) to avoid 

inherent segregation of binary mixtures made of large and small particles (Lee & Santamarina, 2008). Yet, 

studies on gravel-rubber mixtures are very limited (e.g. Signes et al. 2013, Pasha et al. 2018). 

With the advancement of computing power over the last few decades, many researchers have attempted to use 

numerical simulations to study the microscopic behaviours of soil mixtures. DEM has been widely used in 

recent years to study the behaviour of geomaterial such as SRM and railway ballast subjected to direct shear 

testing, compression and triaxial tests (e.g. Lopera-Perez et al. 2018; Asadi et al. 2018; Gong et al. 2019;  Wang 

et al. 2018; Lim and McDowell 2005; Indraratna et al. 2014). 

In this study, through the use of experimental and numerical simulations, the behaviour of gravel-rubber 

mixtures under direct shear has been studied with consideration of different rubber content and normal stresses. 

Emphasis is placed on developing a tool to complement laboratory experiments to provide a better 

understanding of the behaviour of these mixtures using insights from microscopic level responses. 

2 EXPERIMENTS 

2.1 Material and Testing Procedures 

The direct shear apparatus used in this study consist of a 100 mm by 100 mm wide metal square box with a 

height of 53 mm divided in two halves (refer to Figure 4 for details). The tested materials consisted of a 

uniformly-graded granulated tyre rubber (specific gravity 𝐺𝑠,𝑅 = 1.15; mean particle size 𝐷50,𝑅 = 4 mm) and a 

uniformly-graded rounded gravel (specific gravity 𝐺𝑠,𝐺  = 2.71; mean particle size 𝐷50,𝐺 = 6mm). The aspect 

ratio (𝐷50,𝐺/𝐷50,𝑅) of the mixtures was approximately 1.5. The particle size distribution of the gravel and 

rubber alongside a specimen of the geomaterial tested are shown in Figure 1. 

The direct shear tests were conducted in accordance with ASTM D3080 under normal stresses of 30, 60 and 

100 kPa. Mixtures with varying volumetric proportions of rubber crumbs (i.e. 10%, 25% and 40% rubber 

content) were prepared by mixing dry gravel and rubber particles. The test specimens were placed into the 

shear box in four roughly equal layers, with a small compacting force applied at each layer (refer to under-

compaction method by Ladd, 1978) to ensure the specimens were properly packed inside the box while 

avoiding segregation. The relative density of all specimens before applying any vertical stress was 50%.    

The displacement-controlled procedure was used to shear the specimen at a rate of 1mm/min to a maximum 

shear displacement of 16 mm. Shear stress, vertical displacement, and horizontal displacement were recorded 

throughout the entire test. A summary of the direct shear tests carried out on various gravel-rubber mixtures 

is reported in Table 1. 
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(a) 

 

(b) 

Figure 1. (a) Particle size distribution for the sourced gravel (G) and granulated rubber (R1); and (b) 

photograph of a specimen of test materials used in this study. 

Table 1: Properties of the gravel rubber mixtures. 

Mixture ID 
Volumetric rubber 

content, VRC (%) 
Specific Gravity, Gs (Initial) Void ratio, e 

G100-R0 0 2.71 0.63 

G90-R10 10 2.51 0.65 

G75-R25 25 2.33 0.70 

G60-R40 40 2.09 0.74 

G0-R100 100 1.15 1.01 

3 DISCRETE ELEMENT METHOD 

The use of discrete elements methods (DEM) to 

model distinct particles was originally proposed by 

Cundall and Strack (1979) and is now widely used 

where discrete nature of systems exist. It has 

application across several engineering fields from 

the study of jointed rock masses, rock falls to the 

flow of bulk materials. 

In this study, the commercially available software by 

Itasca Consulting Group - Particle Flow Code 3-

dimensional (PFC3D) is used. PFC3D is based on the 

discrete numerical model originally proposed by 

Cundall and Strack (1979) which uses an explicit numerical scheme to monitor the interaction of particles 

individually and its corresponding contacts with neighbouring particles. This DEM framework utilises brief 

states of equilibrium to numerically describe a dynamic behaviour. It assumes that the velocities and 

accelerations are constant within each time step and that time steps are infinitesimal such that disturbances on 

a particle assemble does not propagate beyond its immediate neighbours (Cundall & Strack 1979). The 

calculation cycle in PFC3D is illustrated in Figure 2 and is fundamentally based on Newton’s second law and 

a typical force-displacement law. 
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Figure 2. Description of a calculation cycle in 

PFC3D (Itasca Consulting Group 2019). 
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In this context, rigid-hard gravels and soft granulated rubber are modelled in DEM as individual and unbonded 

particles where the physical properties of each particle are defined. Input parameters for each particle include: 

shape, size, stiffness, surface friction and an interaction relationship (i.e. contact law) to describe the behaviour 

of particles within the system. Spring and dashpot forces as a function of the particle overlap are typically used 

to describe the interaction between model components at its contacts (Figure 3Figure 3). In the model, particle 

slip occurs when the tangential forces exceed the Coulomb limit defined by the friction coefficient, µ (Itasca, 

2019). 

 

Figure 3. Model component definitions and interactions for a linear contact model, where m and r denote 

mass and radius of ball respectively (Itasca, 2019). 

3.1 Model Parameters and Setup 

Figure 4 shows how the corresponding components of a direct shear apparatus are represented in the DEM 

model. The model consists of walls akin to boundaries and spherical particles grouped together to form clumps. 

The box is sheared by moving the bottom half of the box at a constant deformation rate. To reduce computation 

time, the samples were sheared at a rate of 0.01m/s found by limiting the inertia number, 𝐼 < 1𝑒−3 proposed 

by Lopera-Perez at al. (2016) to satisfy quasi-static conditions.  

 
(a) 

 

 

 
(b) 

Figure 4. (a) Schematic illustration of direct shear apparatus (Powrie 2014); (b) DEM model of the direct 

shear test in this study. 

The inertia number is defined as I = 𝜀̇𝑑√
𝜌
𝑝′⁄  , where 𝜀̇ is the strain rate, 𝑑 is the average particle size, 𝜌 is the 

particle density and 𝑝′ is the mean effective stress which is assumed to be the normal stress applied. This results 

in an average computational time of 2 hours per test using a 48 CPU (central processing unit) cluster and a 

time step in the order of 10-6 seconds. 

Normal Force (kN)

Lower Box 

Velocity

Horizontal StrainVertical Strain
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The shear force is measured by taking the increments in the sum of forces in the shearing direction applied by 

the particles onto the walls of the top half of the box during shearing (Indraratna et al. 2014; Zhang & Thornton 

2007). 

As shown in Figure 5, simple shapes were used to represent the gravel and rubber particles. Conglomerate of 

balls (clumps) were used to represent the rounded gravels and rubber crumbs respectively. The gravel and 

rubber particles were determined from the particle size distribution in Figure 1(a) and placed randomly with 

particle-to-particle overlaps in the shear box to achieve a target mass corresponding to 50% relative density.  

  

Figure 5. Simple shapes used in this study to approximate gravel (G) and rubber (R) particle geometry. 

A combination of parameters calibrated from test results and adopted from the literature have been used in this 

simulation. The Hertz-Mindlin (Mindlin & Deresiewicz, 1953) contact law was found to be the most 

appropriate to produce good results at different normal stresses.  These numerical parameters are summarised 

in Table 2Table 2. 

Table 2: Numerical parameters for gravel, rubber and shear box. 

Parameter Gravel Rubber Shear box 

Particle Density, ρ (kg/m3)  2710(1) 1150(1) - 

Shear modulus, G (MPa) 90 (2) 6 (3) 80,000 (4) 

Poisson’s Ratio, υ 0.25 (2) 0.49 0.30 (4) 

Coefficient of Friction * 0.80 0.30 
0.70 for wall-gravel 

0.20 for wall-rubber  

(1) Tasalloti et al., 2020; (2) determined from bender element test of G100-R0; (3) Lopera-Perez at al., 2018; 
(4) Beer et al., 2015. 

* derived from calibration process 
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4 RESULTS AND DISCUSSIONS 

4.1 Pure Gravel and Pure Rubber 

The shear stress versus vertical displacement and horizontal displacement versus vertical displacement plots, 

experimentally and numerically obtained for pure gravel and rubber at 30, 60 and 100 kPa normal stresses, are 

shown in Figure 6. 

  

Figure 6. Experimental and numerical results of direct shear test on pure gravel and rubber 

4.1.1 Experimental 

There are several key differences between the behaviour of the pure gravel and pure rubber samples under 

direct shear: (1) a clear peak is followed by strain softening as evident in the shear stress curve for pure gravel, 

which is absent in pure rubber; (2) pure gravel exhibit predominantly dilative behaviour during shearing while 

that of pure rubber is predominantly contractive; and (3) the maximum shear stress measured during shearing 

in gravel is significantly greater that rubber under the same normal stress.   

4.1.2 Numerical model 

Figure 6(a) also show the comparison between the experimental data and the DEM numerical simulations for 

100% rounded gravel under three different normal stresses and 50% relative density. The DEM results show 

good agreement with the experimental data in terms of trends, rate of dilation and total vertical displacements. 
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At large deformation levels, the simulated shear stress is ±5 kPa dissimilar to that measured in laboratory 

experiments, while the total vertical displacement predicted is slightly overestimated,differing by less than 1 

mm.  

In the case of  pure rubber, a good agreement is 

attained between the shear stress–shear 

displacement relationships experimentally obtained 

and the corresponding DEM simulations. As shown 

in Figure 6(b), the model prediction for the vertical-

horizontal displacement plots is still able to capture 

the overall qualitative trends. For example, 

contractive response followed by dilative behaviour 

after the maximum compression and the measured 

vertical displacement typical differ by less than 

0.4 mm. Some small quantitative differences can 

also observed. For instance, the rate of contraction 

is greater in the experimental results and the 

numerical model achieves the maximum 

contraction at a large displacement as compared to 

the experiment. 

In terms of predicting the strength characteristics of gravel and rubber (e.g. peak shear stress and peak friction 

angle), the DEM model’s results show a good agreement with experimental results as shown in Figure 7. 

4.1.3 Micro-responses 

Figure 8 illustrates the rotation in the major principle stress in the DEM sample during shearing, which is 

characteristic of direct shear testing and is not easily measureable in laboratory experiments. 

By measuring the average normal force components at each contact in the system, the distribution of average 

normal forces can be obtained as shown in Figure 8. Before shearing, the sample is inherently anisotropic 

with the direction of maximum average normal force, 𝜃 , orientated 90 degrees to the horizontal as a result 

of the non-isotropic conditions of a direct shear apparatus. During shearing, 𝜃  reduces to 30 degrees at peak 

stress (4mm displacement) and increases to 35-45 degrees at post-peak (>10mm displacement). Note that 𝜃  

may not necessarily be in line with the major principle stress direction (Rothenburg & Bathurst 1989), but 

may be used as a proxy.  

 

Figure 8. Polar histogram of average normal forces in the DEM sample at different deformation level for 

G100 under 60 kPa normal stress. 

𝜃 𝜃 𝜃 𝜃 

Figure 7. Comparison of friction angle and shear 

stress results at failure/peak 
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4.2 Gravel-rubber Mixtures 

The effects of different volumetric rubber content 

on the shear stress and vertical displacement under 

30, 60 and 100 kPa normal stress were also 

examined in this study. Experimental results show 

that the peak shear stress decreases with increasing 

rubber content while the vertical displacement 

decreases with increasing rubber content (Tasalloti 

et al., 2020). The experimental results summarised 

in Figure 8 show that the inclusion of rubber causes 

a reduction in the friction angle (at peak or large 

displacement) for all normal stress levels.  

It is evident that the inclusion of rubber causes a 

reduction in strength of the soil mixture. However, 

the peak friction angle measured for volumetric 

rubber content (VRC) of 40% or less were typically 35 degrees or greater, which is in the order of what it 

typically recommended for structural fills in practice (Chiaro et al., 2015).  

4.2.1 Numerical model 

Although specific simulation results are not reported in this paper, initial numerical results indicate that the 

gravel-rubber DEM model are able to capture the key characteristics and strength of the tested specimens under 

direct shear. In this context, the calibrated gravel and rubber models have been combined to study the 

prediction capabilities for gravel-rubber mixtures using DEM. Numerical results from mixtures of different 

volumetric rubber content will be published elsewhere in due course. 

5 CONCLUSIONS 

In this paper, the results of laboratory and numerical simulations of direct shear tests carried out on gravel-

rubber mixtures, with volumetric rubber content VRC = 0, 10, 25, 40 and 100%, were presented. The 

experimental results showed a decrease in shear strength, greater strain at peak shear stress and less dilative 

behaviour with increasing rubber content. The numerical investigation was carried out by developing a direct 

shear box model for hard-grain gravel and soft-particle rubber materials in the DEM software PFC3D. With 

the use of simple shapes to approximate particle geometry, inputs from measured physical properties of gravel 

and rubber, and a rigorous calibration process, the DEM model results show  good agreement with the 

experimental results and are able to capture key characteristics of the mechanical behaviour of both gravel and 

rubber under direct shear load (e.g. peak shear stress, peak friction angle and dilative/contractive behaviours). 

This model will be further advanced to examine the complex behaviour of gravel-rubber mixtures made of 

hard and soft particles from a microscopic and granular mechanics points of view, which are not easily 

measureable in physical laboratory experiments. 
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Case study: Seismic foundation design for 

the new Wellington Children’s Hospital 

N.K. Clendon 
Coffey, Wellington, NZ. 

A. Awad 
Coffey, Christchurch, NZ. 

ABSTRACT 

The much-anticipated Wellington Children’s Hospital is currently under construction and scheduled 

to open in 2021. The project was made possible by a generous $50m donation from 2017 

Wellingtonian of the Year Mark Dunajtschik. 

At the discretion of the benefactor and the Capital and Coast District Health Board (CCDHB) it was 

decided that the structure would be designed to an Importance Level 4 (IL4) for a 50-year design 

life.  As part of this work a site-specific hazard assessment was completed by GNS which resulted 

in peak horizontal ground accelerations of 0.7g and 1.4g for the SLS2 and ULS design cases. 

The building will be four-storeys with approximate dimensions of 34m by 68m with a height of 

18.4m above founding level.  The structure consists of concrete filled square columns supported by 

Friction Pendulum Bearings (FPB) on a 700mm thick concrete raft.  

The ground beneath the building footprint is an infilled gully, with depth to rock varying from 3m 

to 15m below founding level, with the upper 6m comprising highly variable contaminated fill, 

underlain by liquefaction-prone alluvial deposits.  

The geotechnical aspect of the assessment was to mitigate excessive differential settlement (to 

allow continued FPB performance). Complex numerical modelling identified that the estimated 

deformation of a shallow-founded raft would be beyond acceptable tolerances and this resulted in a 

driven timber pile solution being adopted.  

Due to the high seismic demands, the capacity of the timber piles to cope with the inertial and 

kinematic loads was considered critical to the seismic performance of the building. 
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This paper presents a case study of how the complex simultaneous inertial and kinematic effects on 

the piles were modelled and suggests that the simplified logical procedure adopted would be a 

practical approach for similar projects with base-isolation technology.  

Keywords: Foundation Period, Resonance, Spectral Response, Inertial, Kinematic.   

1 INTRODUCTION 

The much-anticipated Wellington Children’s Hospital is currently under construction and scheduled to open 

in 2021. The proposed hospital is a four-storey building with approximate plan dimensions of 34m by 68m. 

The total height of the structure is 18.4m above foundation level (including the plant room). The period of 

the structure was calculated as 0.94sec in the longitudinal direction and 0.90sec in the transverse direction. 

This paper summarises the site investigation and assessment for the detailed pile design. 

Initially Coffey was requested to do a detailed assessment of a raft / base slab only foundation. A non-linear 

time history analysis was performed and excessive differential settlements during the SLS2 earthquake case 

were identified which exceeded the allowable displacement. This resulted in a pile solution being adopted.  

Large bored piles were being designed as the preferred option, but during the detailed design stage, the 

environmental and health and safety impacts of the design became apparent as the infill material is 

contaminated and proceeding with bored piles would require use of full protective suits, wash stations, etc. 

Coffey was engaged to investigate a range of alternative options with the following restrictions: 

• Minimise spoil/waste 

• No / low vibrations 

Given the above, a driven timber pile solution was adopted.  

2 SITE INVESTIGATION 

The investigations involved 7 boreholes, 37 CPTs, Refraction Microtremor (ReMi) Surveys (utilises ambient 

vibrations and noise signals – picked up by linear array of geophones) and downhole shear wave velocity 

measurements. The spread of CPT tests across the site provided detailed information on the variability in soil 

layering across the site and the bedrock profile. From the investigations the following generalised ground 

model was developed: 

Table 1: Summary of Ground Profiles 

Unit Description SPT N 
Density/ 

Consistency 

Min and Max Depth 

Range (mbgl) 

FILL 
Silty, Sandy Gravel and detritus 

material (Contaminated) 
4 - 7 Loose 0.0-5.0 

Alluvium Gravels, Silts, Sands 10 - 20 Medium Dense 4.5-15.5 

Rock 
Highly to slightly weathered 

Sandstone/ Siltstone 
24-50+ Very Weak to Strong 2.6-15.5+ 

 

Several phases of groundwater monitoring were completed, with a standing water level of 4.5m below the 

underside of raft being established.  A design groundwater level of 4.0m was used. 
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Driven Timber Pile Trial 

A trial involving six 8m long driven timber piles was completed using both vibration and drop hammer 

methods. Noise and vibration monitoring were completed, and acceptable levels were recorded.  

Insitu Lateral Load tests 

Insitu lateral load tests were carried out onsite - one static pushover test was undertaken, followed by two 

cyclic loading lateral load tests. The measured P-y behaviour was used to calibrate the piling computational 

model which was set up using the Coffey in-house software package “Combined Load Analysis of Piles” 

(CLAP, Version 6.2, Rev T9, July 2013) which is based on elastic continuum theory. The CLAP model was 

set up with an unfactored static ground model, and with a free head condition.  

For a horizontal load of 62 kN, CLAP initially under-estimated the level of displacement both for the push-

over test and for the cyclic tests. Given that the load tests mostly applied load onto the Fill, the stiffness of 

the Fill was reduced to make the P-y behaviour predicted in CLAP match the onsite tests. It was found that 

for both the push-over and cyclic tests, a reduced static stiffness of Ev = 14 MPa (and Eh =10 MPa) predicted 

displacements which were inside the performance envelopes of both the push-over and cyclic tests at 62 kN 

load. Based on this iterative calibration process, a reduced Fill stiffness of Ev = 14 MPa was adopted for the 

remainder of the CLAP models to be undertaken.  

 

Figure 1: Lateral pile testing 

3 DESIGN CRITERIA 

Structural Criteria 

The following design criteria was provided by the Structural Engineer for the assessment of the ground/raft 

foundation performance: 
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Table 2: Design Criteria 

Design Event EQ Return Period Acceptable Settlement between Columns 

SLS 1/25 Negligible 

SLS2 1/500 30mm 

ULS 1/2500 110mm 

Site Seismic Response 

A site-specific seismic study was completed by GNS and a total of 10 accelerograms were provided (Houtte 

and McVerry 2018) for use in the seismic assessment. Linear scaling factors, k1, were also provided to 

convert the accelerograms to a 10% (SLS2) and 2% (ULS) probability of exceedance in 50-years. Of specific 

interest was the inclusion of several subduction interface events, such as the 9.0 Mw Japan earthquake of 

2011. 

As part of the detailed assessment, ground motion parameters were assessed using Cubrinovski and 

McManus (2016) and compared with the GNS recommended values.  These are presented below in Table 3. 

Table 3: Ground Motion Parameters 

Design 

Case 

Importance 

Level 
% NBS 

Design 

Life 

Annual 

Probabilty1 C0,1000 Meff
2 Ru or Rs f 

PGA  

(GNS Report) 

SLS1 
4 100 % 50 1/25 0.44 6.2 0.25 1.33 0.11 

KE3 - - - - - 7.8 - - 0.2 

SLS2 
4 100% 50 1/500 0.44 

7.1 

(8.0) 
1.0 1.33 0.45 (0.7) 

ULS 
4 100 % 50 1/2500 0.44 

7.1 

(8.0) 
1.8 1.33 0.81 (1.4) 

1 – Table 3.3 (Structural Design Actions, NZS1170 Part 5: Earthquake Actions 2004) 
2 – Table 6A.1 (NZTA 2016) 

3 – KE = Kaikoura Earthquake – PGA taken from nearby strong motion records 

As can be seen above, the site-specific assessment from GNS substantially increased the seismic design 

demand.  We understand this is due in part at least to the introduction of larger subduction events in the 

hazard model. 

4 GEOTECHNICAL ASSESSMENT OF SOILS SUBJECTED TO EARTHQUAKES 

Lateral displacements due to cyclic loading 

A check on peak cyclic lateral displacement was been undertaken following the Tokimatsu and Asaka 1998 

methodology. This method estimates cyclic displacements from estimates of cyclic shear strain based on 

(N1)60cs values, which we converted from CPT testing (a better sample set was established from the CPT’s 

due to the number of test locations completed relative to the few boreholes and traditional SPT N tests).  The 
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CPTs were clustered together based on common profiles and location and a typical CPT profiles were 

developed. The results showed cyclic lateral displacements in the order of 110mm-130mm in the centre of 

the site through the gully and 45mm-75mm at the edges of the site through shallow soils. 

Liquefaction Assessment 

A detailed assessment using proprietary software was completed using the Boulanger and Idriss (2014) 

method for liquefaction triggering.  A back analysis of the November 2016 Kaikoura Earthquake (KE) was 

completed to establish appropriate values for Plastic Limit (PL) (0.66) and Corrected Fines Content (Cfc) 

(0.0). 

The results of the analysis are summarised in Table 4 below.  Note the CPT depths range from 2.7m (no 

liquefaction and shallow rock) to 15.1m in the middle of the gully with significant liquefaction.   

Table 4: Liquefaction Values – Index Assessment – Full Profile 

Earthquake design 

Scenario 

Free-field settlement (mm) – full depth 

(Zhang, Robertson, and Brachman 2002) 
LPI LSN 

Kaikoura Earthquake 0-48 (9 ± 9) 0-1 (1 ± 0) 0-5 (2 ± 1) 

SLS2 (Design Event) 0-135 (47 ± 32) 0-20 (8 ± 5) 0-13 (7 ± 4) 

Note: Bracketed numbers represent average ± standard deviation 

The above calculated free field settlements and LPIs indicate the site could experience anything from 

insignificant to high effects from liquefaction. This is due to the highly varied profile across the site. 

5 FOUNDATION DESIGN 

Design Philosophy and Process 

The overall design philosophy was defined as follows: 

The timber piles are to provide continued vertical support to the underside of the raft, to ensure the 

acceptable tolerable settlement is achieved during the SLS2 and ULS design cases.  The timber piles will be 

spaced in a close grid formation and are not connected to the raft (pinned top and bottom – see figure 2 

below) but are held together as a group by the non-liquefiable crust creating a ‘piled system’. It is expected 

that the raft structure would remain elastic during the SLS2 case as the timber piles would mitigate all but a 

small (<15mm) amount of differential settlement at adjacent column locations. During the ULS design case 

it is expected that some/majority of the timber piles will experience excessive loading and plastic 

deformation, however the ductile nature of timber piles and the close spacing/shear number of timber piles 

will continue to provide a reinforced soil mass, to sufficiently reduce settlement. The raft would be expected 

to experience some cracking/yielding. The timber piles alone are not expected to mitigate all settlement 

during the ULS case and the ‘piled system’ is expected to even out settlements to an acceptable level. The 

stiffness of the soil-pile system is greatly improved over the existing soil profile. This increase in stiffness has 

resulted in reducing the period of the foundation system and leading to the reduction of cyclic displacement 

of the earthquake.  
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Figure 2: Pile caps undergoing grouting.  Site level raised to top of pile caps with hardfill. 

The design process involved assessing the axial capacity, structural capacity, inertial effects, kinematic 

effects and pile group effects. To clarify; inertial loads are earthquake-induced lateral pile head loads applied 

by the raft/slab and kinematic loads are earthquake-induced lateral ground movements acting along the 

length of the pile. The combination of inertial and kinematic earthquake effects is a complex phenomenon 

and the pile performance under these combined loads was a major factor to the pile design overall.  

It should also be noted that the base shear demand from the super structure was extremely low (due to the 

large Friction Pendulum Bearings), with the concrete raft producing most of the base shear. 

Ground model sections and material properties  

Piles were assessed from both the edge (short piles) and the centre of the gully (long piles) assuming the 

geotechnical parameters presented in Table 5 below.  

Table 5: Material properties for pile design 

Layer/ 

Unit 
ϒ' (kN/m3) c’ (kPa) Φ’ (°) Static Case (G/G0 = 0.3) Ev (MPa) Seismic Case (G/G0 = 0.7) Ev (MPa) 

Fill 16 0 34 14 33 

Alluvium 21 0 34 100 See comments below 

Weathered 

Rock 
22 15 37 150 350 

The horizontal stiffness (Eh) was taken as approximately 70% of the vertical stiffness (Ev). The stiffness 

values for the Fill were later calibrated based on the insitu lateral load tests, which are discussed above.  

A design groundwater was taken to be at 4.0mbgl and so in an earthquake case liquefaction was assumed to 

be from that depth to the top of the Weathered Rockhead.  The liquefiable alluvial zone was modelled as a 

“virtual layer” (i.e. minimal stiffness values input [E = 0.001 MPa]) in the computational models along the 

pile lengths.  
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Timber properties and capacities 

Material properties for the timber piles was taken from Timber Structures Standard, NZS 3603:1993. The 

limiting lateral capacities on individual 250SED timber poles were calculated to be:  

• Shear capacity = 109 kN 

• Bending moment capacity = 33 kN.m 

Base Shear – Sliding Check 

Base shear (sliding) was a key consideration during design and a detailed assessment was completed. A 

summary of the sliding assessment was that during SLS2 approximately 60% of the sliding resistance 

between the raft and pile will be utilised while during the ULS event the sliding demand exceeds sliding 

resistance by approximately 10%. 

Structural loads and pile spacing  

Based on the provided structural loads for the raft and superstructure, a calculated total 836 timber piles 

(250SED) are required to provide bearing resistance below the raft. The piles were generally spaced 2m c/c, 

but 1m c/c spacing was also adopted in more heavily loaded areas. The horizontal inertial loads acting on an 

individual pile head were calculated for SLS2 and ULS with a sliding friction ratio of 1.0.  

Strength reduction factors 

Strength reduction factors (both geotechnical and structural) were derived for assessing the timber pile 

performance. The geotechnical strength reduction factor (Φg) was applied to the SLS2 case only, whereas the 

structural strength reduction factor (Φs) was applied for both the SLS2 and ULS cases.  

For both vertical and lateral loads, a geotechnical strength reduction factor (Φg) of 0.7 was derived using the 

risk-based methodology set out in Section 4.3 of the Australian Piling Standard (AS2159-2009) and a 

structural strength reduction factor (Φs) of 0.8 was adopted for the timber specimens.  

Axial Compression Capacity 

The unfactored static geotechnical base resistance of a single pile was calculated to be 6.7 MPa at the 

rockhead. The skin friction resistance was found to be near-negligible when compared to the end-bearing 

resistance. 

The predicted geotechnical axial capacity was then evaluated and calibrated against the driven pile tests. 

Using the Hiley Formula for the given installation conditions (i.e. a hammer weight of 820 kg, hammer free-

fall height of 1.5m, hammer efficiency of 90%, and a typical penetration of 2mm per hammer blow), the 

equivalent ultimate pile base resistance was assessed to be 6.6 MPa, which is close to that calculated above. 

Our calculations also demonstrated that the timber piles satisfy the compressive structural capacity.  

Soil Displacement (Kinematic Effects) 

To account for the kinematic effects on the pile, the displaced soil profile predicted from the Tokimatsu and 

Asaka (1998) assessment was then input into the L-pile (Ensoft) piling program to generate the resulting pile 

actions. The L-pile model assumed free head conditions to allow the maximum pile displacements.  

We considered that the base-isolation system between the raft and the superstructure would decouple the 

foundation (i.e. raft + piles) from the superstructure, and therefore the overall foundation system would be 

in-phase with the earthquake ground motion whilst the superstructure building would not be in phase. 

Following this logic, we considered it reasonable to assume that the kinematic forces acting across the piles 
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would also tend to be in-phase with the inertial forces (generated by the heavy raft sliding over the pile 

head).  

Pile group effects  

To account for the pile group effects, a 3x3 group pile model was set up in CLAP to compare the 

performance of the pile group to that of a single pile. The horizontal and vertical loads were applied at the 

centre of the 9-pile group and were the summation of the loads on each pile head. As the timber piles are not 

rigidly connected to the concrete raft, the pile heads were input into the model as having a ‘pinned’ 

connection which is free to rotate.  

The group assessment showed that due to the pile spacing and diameter, minimal group effects would occur. 

Pile Performance Results 

The summary of the pile analysis under SLS2 and ULS conditions is presented below in Table 6. The SLS2 

condition was for an inertial load of 50 kN and applied geotechnical reduction factor and liquefaction. The 

ULS condition was for an inertial load of 72 kN and no geotechnical reduction factors and liquefaction.  

These results are for the combined effects of inertial loading and kinematic loading acting simultaneously on 

a pile as it is in-phase with the ground motion.  

Table 6: Summary of Pile Analysis combined kinematic and inertial loading 

Case Scenario Max. Actions in the Piles Pile Displacements 

  
Axial Force 

(kN) 

Shear 

Force (kN) 

Bending 

Moment 

(kN.m) 

Lateral 

Displacements 

(mm) 

Vertical Settlement (mm) 

SLS2 Long – Single Pile 160 50 19 122 
~3 

ULS Long – Single Pile 160 72 25 126 
~3 

Our assessment was that a 250SED timber pile can tolerate the actions in the above table.   

 

Figure 2: Timber pile installation 

6 CONCLUSIONS & ACKNOWLEDGEMENTS 

This paper presents a case study of the seismic foundation design undertaken for the Wellington Children’s 

Hospital. A key area of complexity was how to simultaneously model the effect of both inertial and 
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kinematic effects on the piles. The procedure we adopted involved modelling the effects of inertial and 

kinematic effects separately and then superimposing the pile actions and displacements by assuming them to 

be in-phase, while assuming that the base-isolation system would have decoupled the raft and the 

superstructure. We consider that this approach is simple, logical and overall conservative. We consider it to 

be a practical approach for similar structures with base-isolation technology being adopted.  

The authors would like to acknowledge the contributions of their colleagues on this project, namely Kah-

Weng Ho and Chris Dutil. 
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Bushfires, landslides and geotechnical 

challenges in the Otway Ranges, Victoria 

S. Colls 
Golder Associates Pty Ltd, Australia 

A.S. Miner 
AS Miner Geotechnical, Australia 

ABSTRACT 

The Otway Ranges in southwest Victoria rank among the most susceptible areas for landslides in 

Australia. In December 2015, a bushfire led to significant loss of vegetation and property damage in 

the townships of Wye River and Separation Creek which are located on the Great Ocean Road on 

the coastal flank of the Otway Ranges. Heavy rain in the period following the bushfires led to 

landslides that temporarily closed the Great Ocean Road and hampered the post-bushfire recovery 

and rebuilding work in the townships. 

This paper presents learnings relating to: 

• the impact of bushfire on landslide susceptibility; 

• the challenges associated with communicating landslide issues to a diverse audience including 

the affected communities, emergency response organisations, government authorities and 

construction contractors; 

•  the practical constraints on recovery and rebuilding operations in areas with a high susceptibility 

to landslide; and 

•  the opportunities for increasing the resilience of the townships to cope with future natural 

hazard events 

based on observations made in the period prior to the December 2015 bushfire event, immediately 

after the bushfire, during the approximately 1-year long recovery phase and in the subsequent 

rebuilding of the townships. 
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1 INTRODUCTION 

The coastal townships of Wye River and Separation Creek are located in small estuaries along the southeast 

flanks of the Otway Ranges in southwest Victoria, Australia, about 160 km southwest of Melbourne (Fig. 1). 

The townships are important tourist destinations on the Great Ocean Road. The surrounding terrain is rugged 

with ridges and spurs separated by deeply dissected steep valleys and generally comprising public land 

forested with tall eucalypt species. The region has a temperate climate with warm dry summers and cool wet 

winters, with the Otway Ranges considered one of the most susceptible areas to landslide in Victoria. 

 

Figure 1: Locality plan showing the extent of the bushfire (incident area boundary)  

On 19 December 2015, a bushfire was ignited as a 

result of a lightning strike about 5 km north of the 

townships. The bushfire reached the townships on 

the afternoon of 25 December 2015. Firefighting 

operations protected large sections of the townships 

and no lives were lost. However, 98 houses were 

destroyed in Wye River and 18 houses were 

destroyed in Separation Creek. There was also 

significant loss of vegetation on the surrounding 

slopes and significant road infrastructure including 

many timber retaining walls were destroyed 

(Fig. 2). The ignition and burning of retaining walls 

below and in close proximity to dwellings were also 

identified as a contributing factor to the loss of some 

buildings that may otherwise have survived the fire front (Leonard et al. 2016). Although considered a small 

fire, the bushfire burned over 2500 hectares and was contained on 21 January 2016. 

The authors were involved in assessment of landslide susceptibility in the townships prior to the bushfire, 

during the initial response operations from 26 December 2015 (to assess landslide risk to life on the road 

network and surviving private property), and/or subsequent recovery operations during 2016 and early 2017 

that included the clearance of damaged property and subsequent rebuilding of retention structures destroyed 

by the bushfire. The assessment and reconstruction works were undertaken on behalf of the local Council 

(Colac Otway Shire Council) or Grocon, the contractor engaged by the Victorian State Government (Major 

Projects Victoria/Emergency Management Victoria) for the recovery operations. 

Figure 2: Example of a burnt retaining wall 
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This paper presents learnings relating to the impact of bushfire on landslide susceptibility; the challenges 

associated with communicating landslide issues to a diverse audience including the affected communities, 

emergency response organisations, government authorities and construction contractors; the practical 

constraints on recovery and rebuilding operations in areas with a high susceptibility to landslide; and the 

opportunities for increasing the resilience of the townships to cope with future natural hazard events. 

 

2 BACKGROUND INFORMATION 

2.1 Geology and geomorphology 

The townships are underlain by the Cretaceous age Otway Group (Eumeralla Formation) materials, which 

typically comprises interbedded sandstone, siltstone and mudstone, with occasional beds of conglomerate 

and coal (GSV 1996). The Eumeralla Formation is folded and faulted; the bedding typically dips down 

towards the southeast forming characteristic dip slopes parallel to the coastline (Medwell 1971).  

Figure 3 shows the typical shore platform exposure 

of sandstone, siltstone and thin coals beds. The dip 

angle is typically about 25 degrees and this bedding 

dip generally controls the slope of dip slopes. 

Natural slopes formed perpendicular to the dip slope 

or facing in the opposite direction are typically 

steeper than the dip slopes. Locations where weaker 

siltstone beds are present have generally been 

observed to be more susceptible to landslide than 

stronger sandstone beds; this susceptibility is 

primarily inferred to relate to: 

• the typical deeper weathering of the siltstone 

leading to an increased thickness of soil strength 

materials that are less stable (for a given slope) than rock strength materials; and 

• the potential for deeply weathered siltstone beds to act as hydraulic barriers to groundwater flow which 

could lead to elevated groundwater pressures noting that springs or seeps are often observed at the 

ground surface level where siltstone beds are present. 

There is evidence for ancient landslides in LiDAR imagery that may have been caused by seismic activity. 

However, there are no records of any direct links between earthquakes and landslides in the townships. 

2.2 Landslides observed following the 2015 bushfire event 

Landslides observed during the bushfire recovery operations ranged from shallow, very small to small scale 

slides on unsupported cut or fill batter slopes (Fig. 4) to the medium scale Paddy’s Path landslide where 

slope movement occurred over an area measuring about 30 m wide by 40 m roughly between the pedestrian 

footpath that links Wye River to Separation Creek and the Great Ocean Road downslope (Fig. 5). The direct 

impact of very small to small scale landslides on clean-up and rebuilding operations was generally minor as 

risk mitigation measures including weekly visual assessment of site conditions by a geotechnical engineer 

and the establishment of worker/vehicle exclusion and no parking zones were in place. However, the Paddy’s 

Path landslide closed the Great Ocean Road for 3 weeks with traffic restrictions then in place for several 

months during remedial works. The focus of the rebuilding works in the townships was to reduce the 

landslide risk to road reserves where retaining walls or stabilising vegetation had been destroyed.  

Figure 3: Shore platform exposure of dipping beds 
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Figure 3: Examples of very small to small scale instability. 

  

Figure 4: View the initial Paddy’s Path landslide from the Great Ocean Road (LHS); displacement of the 

footpath that occurred over a period of about 1 month after the initial landslide (RHS). 

2.3 Rainfall 

Years with high rainfall totals within the Otway Ranges generally relate to periods of significant landslide 

activity. Observations made during the bushfire recovery works (using a temporary BoM monitoring station 

installed at Wye River in May 2016 as well as other nearby monitoring stations) indicate that the frequency 

of landslide typically increased following more than about 100 mm of antecedent monthly rainfall and a 

trigger event of more than about 20 mm of rainfall over a 24-hour period. 

The Paddy’s Path landslide was first observed following a daily rainfall total of about 60 mm (the highest 

recorded in 2016) and antecedent monthly rainfall of more than 100 mm. Figure 5 shows the measured daily, 

and 4-day and monthly (30-day) rainfall totals over the year following the bushfire event. The circles 

indicate periods when frequent landslides were observed. There were several days on which daily rainfall 

totals of more than 20 mm were recorded between December 2015 and April 2016 but no significant 

landslide activity was observed until May 2016 when the antecedent monthly rainfall was more than about 

100 mm and batter slopes left unsupported by the damage to retaining walls had been standing for about five 

to six months. 



 

5 

 

 

Figure 5: Rainfall records for the period following the 2015 bushfire event. Circles indicate periods when 

frequent landslides were observed. 

Hourly rainfall totals recorded following the Paddy’s Path landslide indicated the potential for a relatively 

rapid increase in slope velocity when the rainfall intensity was more than about 4 mm/hr over a 1-hour period 

or more than about 15 mm to 20 mm daily. For that landslide, the maximum slope velocity recorded was 

about 23 mm/hr or about 320 mm per day. 

2.4 Anthropogenic factors 

Historical aerial photographs indicate that vegetation cover in the currently developed parts of the townships 

generally appears to have been much less prior to 1970 than prior to the bushfire and in 2018 shortly after the 

bushfire, which indicates that the slopes within the study area have experienced changes in vegetation that 

are similar to (and probably more severe in some areas) those associated with the 2015 bushfire event. The 

regrowth since the 1940s-1950s is generally attributed to the cessation of logging and/or farming activities. 

Anthropogenic factors including roads not built to 

modern standards (generally with over-steep cut and 

fill batter slopes across slopes) and a largely 

informal drainage network are inferred to be key 

causal factors for the landslides observed during the 

townships in the period after the bushfire. Figure 6 

shows an example of the surface water runoff 

observed during September 2016.  

The townships are not connected to reticulated 

sewage with household wastewater typically 

directed to onsite effluent disposal systems. Many 

tiered effluent disposal areas (typically with low 

timber retaining walls and exposed plastic piping) were damaged by bushfire. 

 

Figure 6: Surface water runoff, 14 September 2016 
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3 IMPACT OF BUSHFIRE ON LANDSLIDE SUSCEPTIBILITY 

3.1 Published information 

Bushfires in the Otway Ranges predate European settlement. Nyman et al. (2011)  refer to studies of 

vegetation in north east Victoria that suggest a maximum fire return period of between 5 years and 60 years 

(average 20 years to 30 years) for dry forests and between 25 years and 150 years (average 70 years) for wet 

forests. The typical return period for the Otway Ranges is not known but is expected to be similar to the 

above period for wet forests. Anecdotal reports and a review of publicly available news articles indicate that 

post-settlement bushfires may have occurred in or near the townships in 1919, 1939, 1953 and 1964. 

Information from a review of published studies on the impact of bushfires on landslide is summarised below. 

Factors that contribute to the impact of bushfire on landslides (e.g. Staley et al. 2017 and Shin et al. 2013) 

include topography (e.g. slope); geology and the nature of the near surface soils; vegetation type and 

coverage; fire severity/intensity, including whether the fire burns only in the crown of tall trees or also at 

ground level; weather/climate, including the impact of climate on the rate of vegetation regrowth following a 

bushfire and the moisture condition of the soil and vegetation prior to the bushfire; and land management, 

including land use and the presence of fire access tracks or other slope alterations. 

Changes to landslide susceptibility as a result of bushfire are principally due to the following effects: 

• A reduction in the stabilising effect of tree roots (particularly from tall trees as opposed to ground cover), 

through the direct burning of roots and through the more gradual decay of tree roots following the death 

of trees. 

• An increase in surface runoff due to the removal of vegetation (ground cover and larger trees) and an 

increase in soil repellence to water infiltration (‘hydrophobicity’) immediately following bushfire (the 

increase in soil repellence is typically only to about 1 cm depth). 

• Increased infiltration of surface water into slopes due to increased runoff further up catchment, noting 

that the effect of increased soil repellence may be short-lived following bushfire due to erosion or other 

factors. 

• Increased soil erosion that can increase the potential for debris flow in combination with increased 

surface runoff, particularly if surface runoff containing debris is concentrated. 

There are numerous studies that indicate bushfire is a significant preparatory factor for debris flow and other 

types of landslide, usually triggered by intense rainfall in the period following the bushfire. A recent example 

was the January 2018 Montecito debris flow in California that is reported to have killed more than 20 people. 

Post-bushfire debris flows have also been well studied in Australia (e.g. Nyman et al., 2011). 

The time period over which landscapes recover to pre-bushfire landslide susceptibility conditions is difficult 

to quantify due to inherent variation in the contributing factors and the difficulty in performing scientifically 

controlled field studies. Diakakis et al. (2017) indicate that there remains an increased susceptibility to 

landslide 9 years after a bushfire in Greece in 2007, compared to pre-bushfire conditions. The increase in 

susceptibility was most noticeable immediately after the bushfire and has gradually decreased since that 

time. Shakesby & Doerr (2006) also refer to a study where the landslide frequency in an area burned 9 years 

previously was about 18 times that of an area burned 50 years previously. Although we are not aware of any 

specific studies, it seems reasonable to expect that southeast Australian vegetation which is accustomed to 

bushfire recovers more rapidly than in regions where bushfires are infrequent. However, this may not be the 

case for unusually severe bushfires.  
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Other notable information from the literature review includes the following: 

• The recurrence period for bushfires in the areas studied is typically in the order of decades, which is 

generally more frequent than medium or larger scale landslides but less frequent than very small to small 

scale landslides. This suggests that the impact of bushfire on landslide susceptibility becomes less 

important as the size (scale) of the landslide increases. 

• Rainfall intensity-duration (I-D) thresholds developed to assess the potential for post-bushfire debris 

flow vary widely across geographical locations due to the inherent variability in preparatory and trigger 

factors, which makes it difficult to apply learnings from one location directly to another. 

• Several authors indicate that susceptibility to post-bushfire erosion and debris flow can be reduced by 

deliberately placing fallen or felled trees horizontally across the slope so that they can disrupt and slow 

surface water runoff and are also less likely to become entrained in debris flows or floods. 

The findings of the literature review are generally consistent with observations made during the bushfire 

clean-up and rebuilding works. However, a key factor for increased susceptibility that does not appear to be 

described in the literature was the damage or destruction of slope stabilisation infrastructure such as timber 

retaining walls. 

3.2 Key learnings 

Based on the review of published information and observations made during the bushfire clean-up and 

rebuilding operations a general model for the impact of bushfire on slope stability during the period of 

vegetation recovery following a bushfire is described below: 

1. There is an initial rapid loss in the stabilising effect of roots from both ground cover and large trees as 

well as from damage to vulnerable slope stabilisation infrastructure (e.g. timber retaining walls). 

2. Initially, the increase in soil repellence may mean that the soil moisture decreases and there is a 

reduction in the likelihood of shallow landslides. However, increased surface water runoff over a large 

enough area can lead to debris flows and rapidly erode the very shallow layer of higher repellence, 

therefore the reduction in likelihood may only be short-lived. 

3. Increased surface water runoff can also lead to an increase in erosion and soil moisture lower on slopes 

(i.e. down catchment) due to reduced infiltration further upslope. This may mean that in the period soon 

after a fire, there is a greater likelihood of shallow landslides near the base of slopes. The combustion 

and later decay of tree roots may also provide pathways for water infiltration into slopes. 

4. Over time, the likelihood of erosion and debris flows decreases to pre-bushfire conditions relatively 

rapidly (say within 2 years of the bushfire event) if ground cover vegetation recovers over this time. It 

takes much longer (probably at least 5 years and potentially more than 10 years) for the stabilising effect 

of deep-rooted trees to recover, depending on the rate at which decaying roots from trees killed in the 

bushfire (or cleared following the bushfire) are replaced by new roots with a similar depth and extent to 

the pre-bushfire root network. 

Note that given bushfires generally occur following a period of below average rainfall, there may often (but 

not always) be above average rainfall in the years following a bushfire that would have contributed to an 

increase in landslide susceptibility regardless of whether or not a bushfire occurred and make the 

contribution of the bushfire to this increase difficult to distinguish. Where practical, it is important that 

landslides and rainfall data in specific geographical locations are recorded before a bushfire event occurs to 

assist with setting thresholds for safe access by emergency responders, residents and workers in the period 

following the bushfire. Recording such data would also assist with distinguishing the impact of bushfire on 

landslide susceptibility from background factors such as rainfall. 
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4 COMMUNICATION OF LANDSLIDE ISSUES 

Communication of landslide risk information to a varied audience including members of the local 

community, emergency services workers, construction workers and various levels of government 

representatives was an ongoing challenge during the initial response and clean-up works given the pressure 

on producing information in a short period of time and different priorities for different stakeholders.  

During the rebuilding works, a key challenge was communicating to stakeholders including Council and 

private landowners that new retaining walls and other stabilisation works would only be effective in 

improving the local stability of the slopes (with only limited benefit for larger scale ‘natural’ landslide 

hazards where present) and if maintained and used in accordance with design assumptions (e.g. maximum 

surcharge loads above the walls and the need to maintain drainage).  

Key learnings relating to the communication of landslide issues are summarised as follows: 

• Maps and plans were generally effective at communicating areas of higher risk. However, on some 

occasions they were misinterpreted and it was important for guidance to interpretation to also be 

provided. Common areas for misinterpretation related to the scale of the landslide hazard, the element at 

risk (e.g. risk to life or risk to property including mobile or stationary elements at risk), and whether the 

assessment considered conditions before or after the implementation of mitigation measures. 

• If information about landslide susceptibility, the location and condition of existing slope stabilisation and 

drainage infrastructure as well as a protocol for replacing fire-damaged infrastructure was available 

before the bushfire it would have significantly reduced the time pressure on initial response works and 

enabled more effective communication to stakeholders including the affected community. If this 

information can be communicated to stakeholders it will increase their preparedness for the next event.  

5 PRACTICAL CONSIDERATIONS 

The initial focus of landslide risk assessment in the townships was to assess the risk to response workers 

using the public road network and accessing private property to commence clean-up operations. Over time 

the focus shifted from the temporary works to rebuilding works including new steel post and concrete panel 

retaining walls to replace burnt timber walls and erosion protection matting and steel mesh secured with soil 

nails to improve the near-surface stability of slopes where vegetation cover was destroyed by the fire. 

The following comments relate to observations and learnings relating to the practical considerations for 

landslide assessment in the period following the 2015 bushfire event: 

• Health and safety considerations played a 

significant role in limiting access due to the risk 

of ongoing fires, tree and branch fall, potential 

hazardous materials (e.g. asbestos) associated 

with damaged property, in addition to potential 

instability hazards and the inherent stress of 

working in a disaster recovery environment in a 

traumatised community affected by the 

bushfire. 

• The presence of debris limited the ability to 

undertaken visual assessments in the period 

immediately following the bushfire (e.g. Fig. 7). 

Damaged retention structures were in some cases obscured by damaged buildings or fallen trees. The 

bushfire damage also meant it could be difficult to identify specific property locations on maps, and there 

Figure 7: Typical site conditions December 2015 
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were only limited records of the location and condition of retention infrastructure available when the 

bushfire event occurred. However, the destruction of vegetation by the bushfires generally made 

evidence of historical instability in roadside cut and fill batter slopes easier to identify than it would have 

been prior to the bushfire when thick vegetation was present. 

• The presence of significant earthworks on some building sites with fire damaged retention structures that 

hampered safe access for clean-up and rebuilding works reinforces the need for effective planning 

controls in areas with a high landslide susceptibility once an initial building/site development reaches the 

end of its design life or is destroyed before reaching this design life. 

• Regular visual assessment combined with ‘low-tech’ monitoring at critical locations (e.g. slope 

movement monitoring between metal stakes) generally proved effective at identifying, monitoring and 

responding to evidence of developing instability. Risk reduction measures such as signage and temporary 

barriers to control vehicle traffic movements were generally effective in reducing risk to construction 

traffic noting that several batter-scale failures occurred in areas where restrictions were in place (e.g. no 

parking areas). 

• The geotechnical risks needed to be considered in the context of other risks such as falling trees and 

branches, with decisions on risk prioritisation not necessarily governed by geotechnical considerations. 

For example, significant vegetation clearance was undertaken in the period following the bushfire to 

reduce the risk of tree/branch fall but with a likely increase in landslide risk. 

• Temporary erosion protection measures put in place by Council in early 2017 including sediment fences, 

check dams and jute matting/grass in table drains, erosion matting and the use of coir logs to treat steep 

slopes were generally effective in reducing erosion and controlling stormwater runoff. Coir logs were 

also effectively used as a temporary drainage measure for the Paddy’s Path landslide.  

• Practical restrictions on programme and access prior to rebuilding works meant the geotechnical 

investigation able to be performed was limited, requiring a generally conservative design approach. The 

geotechnical design of rebuilding works was based on a combination of a review of previous 

investigations available through Council building permit records, visual mapping of surface exposures, 

feature survey and intrusive investigation where access was available. 

• The geotechnical design of rebuilding works took into consideration contractor requirement for ease of 

procurement and construction, aesthetic requirements for building in an area of natural beauty, as well as 

design assumptions on future use including maximum surcharge loads above walls. The erosion 

protection mesh was generally effective at encouraging vegetation regrowth on steep slopes (Fig. 8).  

  

Figure 8: Erosion protection mesh with soil nails shortly after installation in December 2016 (LHS) and 

about 3 years later in October 2019 (RHS). 
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6 OPPORTUNITIES FOR INCREASING COMMUNITY RESILIENCE 

Considering the comments made in previous sections, key learnings relating to opportunities for increased 

community resilience (i.e. the ability to recover quickly from a bushfire event) include the following: 

• Recognising that all levels of government, non-government groups and the community have a role to 

play in managing the impact of a natural disaster event and that communication of these roles in advance 

of the event and effectively managing the different stakeholders is critical to delivering an effective 

response. 

• Implementing and enforcing building standards including the use of fire-resistant materials in retaining 

walls, modern effluent disposal systems, maintaining infrastructure in accordance with its original design 

assumptions and avoiding non-engineered slope stabilisation infrastructure or unauthorised modifications 

to engineered structures and poor earthworks and construction practice. 

• Assessing the nature and condition of drainage/stormwater infrastructure and upgrading it if required, as 

well as planning for temporary erosion/sediment control measures in the period after the bushfire event, 

the impact of bushfire and decreased occupancy on the maintenance of stormwater drainage and the 

impact of increased surface water flows shortly after the bushfire which may damage roadside drains. 

• Considering the potential impact of vegetation and tree clearance and changes to the vegetation cover 

(understorey and trees) following the bushfire on landslide susceptibility. 

• The need to have readily accessible information about landslide susceptibility, existing slope stabilisation 

and drainage infrastructure before the bushfire or other natural hazard event occurs as discussed in 

Section 4 and to communicate this information to the relevant stakeholders. Having existing landslide 

inventory information for Colac Otway Shire (e.g. ASMG & Dahlhaus, 2007) allowed for an initial rapid 

understanding of the factors associated with landslide and areas likely to have higher susceptibility. 

However, having registers of the location and condition of retention and drainage infrastructure and 

assessments of the potential impact of bushfire on landslide susceptibility and risk would have 

significantly reduced the time required to obtain this information in the period immediately following the 

bushfire.  

It should be noted that since the 2015 bushfire event, Council in conjunction with state government 

authorities have undertaken studies in Wye River/Separation Creek and other coastal communities nearby to 

prepare and plan for the next event and improve community resilience. The stormwater drainage system in 

the townships has also been upgraded in the period following the bushfire. 

7 CONCLUDING REMARKS 

The December 2015 bushfire in Wye River and Separation Creek led to significant damage to buildings, 

retention structures and vegetation to a region that is one of Victoria’s most susceptible to landslide.  

The observations and learnings presented in this paper are intended to assist with sharing knowledge among 

geotechnical practitioners so that the profession is better prepared for the next bushfire event. Key learnings 

as they relate to the impact of bushfire in areas susceptible to landslides include the following: 

• There is likely to be a period of increased landslide susceptibility following a bushfire due to the 

destruction of vegetation and damage to retention and drainage infrastructure and the potential for above 

average rainfall in the period following a bushfire. Based on observations in the townships, the landslide 

susceptibility is likely to return to close to ‘background’ levels within about 5 years after the bushfire. 

• The durability and resilience of slope stabilisation and drainage infrastructure is a key consideration in 

areas susceptible to both landslide and bushfire. For example, the use of timber retaining walls is poor 

practice in areas susceptible to bushfire and anthropogenic modifications to slopes (e.g. extensive cut and 
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fill batters) can present significant hazards to clean-up and rebuilding operations even if they were 

originally constructed with engineered retention. The implementation and enforcement of strict planning 

controls is therefore very important in these areas. 

• Gathering information relevant to landslide susceptibility (including learnings from prior events) before 

a bushfire occurs and effectively communicating this information to the relevant stakeholders is a key 

element of improving community preparedness and resilience to bushfires. 
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ABSTRACT 

Landslides are widespread natural hazards that are responsible for substantial economic and societal damage 

globally each year. In New Zealand, landslides frequently occur on soil and rock, triggered by high rainfall, 

seismic activity, and land-use change and/or disturbance. This study focuses on the Gisborne district, an area 

particularly susceptible to landslide hazards because of the area’s steep slopes, relatively young, soft 

geology, land-use change, extreme rainfall events and extra-tropical cyclones. However, the extent and rate 

of ongoing slope deformation in the Gisborne area is poorly known. Indeed, detecting ground deformation 

related to landslides is vital for identifying and managing areas at risk. Interferometric synthetic aperture 

radar (InSAR) is an active remote sensing imaging tool used to map and monitor surface deformation, with a 

cm to mm-scale of accuracy. Over the past decade, SAR systems have significantly developed and provide 

consistent, reliable, high-resolution global data. In particular, the launch of Sentinel-1 in 2014 marked a 

significant milestone, being the first civilian satellite designed explicitly for InSAR analysis, and it produces 

free and open access data. Advancements in InSAR processing software have also reduced the spatial, 

temporal, and atmospheric decorrelation, enhancing the precision of ground deformation measurements. In 

this study, we illustrate the potential of the multi-temporal (MT) InSAR technique called persistent scatter 

(PS) for detecting and monitoring ground deformation related to landslides in urban areas using Sentinel-1 

data. 
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1. INTRODUCTION 

Landslides are widespread natural hazards that are responsible for substantial economic and societal damage 

globally each year (Kjekstad & Highland, 2009). In New Zealand, landslides frequently occur on soil and 

rock, triggered by high rainfall, seismic activity, and land-use change and/or disturbance (Basher, 2013; 

Phillips et al., 2018). Indeed, since 1843 there have been at least 600-recorded fatalities related to landslide 

events in New Zealand, in comparison with 458 from earthquakes. The minimum damage costs associated 

with landslides are estimated to be between NZ $250-$300 million annually (Rosser et al., 2017). Further, 

with increasing urbanization, deforestation, land use-change, and climate shifts, the frequency of landslide 

events are expected to increase in the future (Gariano & Guzzetti, 2016). As a consequence, detecting ground 

deformation related to landslides will remain vital for identifying and managing areas at risk to help plan for 

future urban developments.  

Landslide monitoring typically requires the continuous measurement of ground deformation, which is often 

done physically in the field. Although on-site visual measurements and in-situ sampling are extremely 

effective, it is often in remote and dangerous places and puts people and expensive equipment at risk. 

However, over the past two decades, remote sensing techniques such as Light Detection and Ranging 

(LiDAR) (Glenn et al., 2006), Unmanned Aerial Vehicle (UAV) surveys (Lucieer et al, 2014), and satellite-

based Earth-observation such as optical imagery (Stumpf et al., 2017) and Interferometric Synthetic Aperture 

Radar (InSAR) (Béjar-Pizarro et al., 2017) have been used to map and monitor landslides to complement 

traditional on-site landslide observations and measurements. In particular, spaceborne SAR imaging systems 

provide a useful solution to many of these problems, because remote and dangerous sites can be surveyed 

without putting people or equipment at risk. Images can be taken in all weather conditions, allowing 

continuous coverage and hundreds of square kilometres can be analysed at a relatively low cost (Ciampalini 

et al., 2014). The ability of InSAR to measure and monitor surface deformation related to landslide events 

has been well documented (Hilley, 2004; Béjar-Pizarro et al., 2017; Bru et al., 2017; Ferretti et al., 2015). 

Today, InSAR is considered to be in the golden age of development (Moreira, 2013), due to the growing 

availability of global SAR data. There are currently 6 active spaceborne SAR missions that have satellites 

orbiting the planet and there are more than 10 decommissioned satellites with archive data available from 

1991 (Moreira et al., 2013). The launch of Sentinel-1A in 2014 marked a significant milestone for InSAR 

development, being the first civilian satellite specifically designed for InSAR analysis and producing free 

open access data (Ferretti, 2014, p.151).  Also, new and developing processing software makes the data 

available in easy and accessible formats.  However, despite the rapid overseas take-up of this emergent 

space-borne technology, the application of InSAR for geotechnical purposes in New Zealand is still in its 

infancy.  

This study focuses on applying persistent scatterer interferometry to map deformation related to landslides in 

Gisborne, an area particularly susceptible to landslide hazards because of the region's close proximity to an 

active plate boundary. The area encompasses steep slopes, relatively young, soft geology, deforestation, 

land-use change, and is susceptible to extreme rainfall events and extra-tropical cyclones (Phillips et al., 

2018). However, landslides in Gisborne have not been mapped with any precision and the extent and 

ongoing deformation of landslide hazards in the urban area are poorly known.  

1.1. InSAR 

Interferometric synthetic aperture radar is an active remote sensing imaging tool used to map and monitor 

surface deformation, with a cm to mm-scale of accuracy (Hu et al., 2014).  As the name suggests, InSAR is a 

combination of Synthetic Aperture RADAR and interferometry. Synthetic Aperture Radar imaging systems 

work by transmitting an electromagnetic microwave from a sensor mounted on an aircraft or satellite to the 

Earth’s surface and Interferometry exploits the phase difference between two or more SAR images (Ferretti, 
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2014, p.4). The standard InSAR technique for mapping ground movement is called differential InSAR (D-

InSAR), which uses the repeat pass method to compare two or more SAR images, taken over the same area, 

but at different times (Ferretti, 2014, p.71). More advanced multi-temporal InSAR (MT-InSAR) techniques 

such as persistent scatterer (PS) (Ferretti et al., 2001; Ferretti, 2014, p. 73), small baseline (Berardino et al., 

2002) and a combination of the two (Hooper, 2008), use a set of interferograms rather than just two images. 

This reduces the spatial, temporal, and atmospheric decorrelation, enhancing the precision of ground 

deformation measurements (Hu et al., 2014; Ferretti, 2014, p. 73). The type of method used depends on the 

data available, the study area and the information the user is trying to extract. The PS method uses a single 

SAR image, called the master, from which all interferograms are formed and uses radar targets considered 

coherent over time such as buildings for pixels (Ferretti, 2014, p. 73). For this reason, the PS method is better 

for urban environments that have more coherent targets. The SB technique works better in rural areas, as the 

approach uses pixels that are spatially coherent in the interferograms (Ferretti, 2014, p. 82). The SB method 

produces a network of interferograms that have short temporal intervals and spatial baselines in order to 

increase interferogram correlation, instead of having one master image (Hooper, 2008). 

Deformation measurements are taken in the satellite's line of sight (LOS). The majority of SAR satellites 

have a near-polar orbit and a sensor with a right-looking geometry. This means the same area is imaged 

twice by the two different viewing geometries, because the satellite moves in a descending orbit, from the 

North Pole to the South Pole and in an ascending orbit, from south to north (Ferretti, 2014, p. 26). For 

landslide related deformation, the movement is primarily in the direction of maximum slope, which means 

the optimum direction for measuring movement is parallel to the slope (Béjar-Pizarro et al., 2017). This is 

why east-west deformation is more readily detectable than north-south deformation, although both ascending 

and descending orbits can be combined to extract the vertical and horizontal component (Ferretti, 2014, p. 

81).   

1.2. Sentinel-1 

Sentinel-1 is the most recent satellite launched by the European Space Agency as part of the Copernicus 

initiative. Sentinel-1A archive data is available from June 2014 and has a revisit time of 12 days for certain 

areas. In 2016 Sentinel-1B was launched and joined Sentinel-1A on the same polar orbit, reducing the 

satellite revisit time to 6 days in Europe and other certain areas of interest (Torres et al., 2012). The revisit 

time for New Zealand is primarily 12 days. The primary imaging mode of Sentinel-1 is the Interferometric 

Wide (IW) swath mode, which has a swath width of 250 km, a look angle of 29-46º and a 14 m pixel 

resolution in the azimuth direction and 5 m in the range direction. 

1.3. Aims 

The proposed study aims to:  

1. Apply persistent scatter interferometry to identify landslide related deformation in the Gisborne urban 

area. 

 

2.  Highlight the potential of free and open access SAR data and InSAR processing software as a fast, low 

cost reconnaissance tool for imaging and monitoring geotechnical hazards in New Zealand.   

2. STUDY AREA 

Gisborne city is located on the Raukumara Peninsula on the east coast of New Zealand’s North Island (Fig. 

1a). The city is primarily built upon the Poverty Bay Flats, a low-lying alluvial flood plain of the Waipaoa 

River, which extends to the west of the city. Surrounding the plains are steep hills that do not exceed 800 m 

above sea level and display a terracette (stepped) morphology. Gisborne has one of the highest erosion rates 
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in New Zealand, driven by steep slopes, easily erodible material, high rainfall, recent extensive deforestation 

and large numbers of grazing animals (Basher, 2013). The most common type of landslide in Gisborne are 

flows and slides in shallow soils that are triggered by heavy rainfall, similar to other regions across New 

Zealand (Phillips et al., 2018). Previous records show several slope instability events occurring across the 

steep slopes within the urban area and along riverbanks and terraces (Fig. 1b). 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 1: a) Aerial image of Gisborne city showing the distribution of known landslide events.  b) 

Distribution of recorded landslides across Gisborne city and their relationship with different lithological 

formations and units. 

3. METHODS  

For this study, we applied the persistent scatterer interferometry technique to identify landslide related 

deformation within the urban area. The PS method was selected because it uses radar targets considered 

coherent over time, such as buildings and can provide dense pixel coverage in urbanized areas. The stack of 

SAR images were processed using ISCE (Rosen et al., 2012) and displacement and timeseries were obtained 

using StaMPS (Hooper et al., 2012). In StaMPS, the PS method uses a single SAR image, called the master, 

from which all interferograms are formed. Then finally, atmospheric corrections were applied using Phase-

based linear tropospheric corrections with TRAIN (Bekaert et al., 2015).   



 

5 

 

 

3.1. Data and Processing 

For this study, we used 59 descending Sentinel-1 IW swath images from October 2014 to December 2017 

(Table 1) for processing.  

Table 1: Details of the Sentinel-1 data used in the InSAR analysis.  

Satellite Orbit Direction Image dates  
No. of SAR 

Images 
Track No. 

Sub-Swath 

Processed 

S1A Descending 
2014/10/17-

2017/12/24 
 59 175 1 

 

For the PS scatter processing, the image acquired on the 6th of October 2016 was used as the master image 

and 45 interferograms were processed. The master image was selected from roughly the centre of the data 

set, to reduce temporal decorrelation, and also at the time of acquisition there was no precipitation to help 

reduce the effects of atmospheric decorrelation. All measurements were taken in respect to a stable reference 

point in the centre of Gisborne (Ministry of Justice building, 178.0278 -38.6687), an area assumed to be non-

deforming.  

4. RESULTS AND DISCUSSION 

The results from the PS interferometry are displayed in Figure 2. Each point represents the average velocity 

(mm/year) in the line of sight (LOS) direction, with positive values being towards the satellite and negative 

moving away. The measurements indicate average ground displacements of −6 to 6 mm/year in the LOS 

(Fig, 2). A high density of PS pixels can be seen in the centre of the city and along the eastern coast, but few 

are observed in the less urbanized areas in the southeast and on the northern fringes of the developed areas 

(Fig. 2). Two sites with known landslide events have been highlighted in Figure 2 to display their PS results.  

The first site is located in Okitu on the eastern coast (Fig. 3a), where several houses are built upon slopes 

with a history of failure. Several of the houses have PS pixels and indicate movement away from the satellite 

towards the coast. Figure 3b shows a time series plot that displays the relative deformation (mm) of the point 

highlighted in Figure 3a. The time series plot indicates the PS is moving away from the satellite, having 

moved 10 mm towards the coast between 2014 - 2017.  

The second site is a typical example of a landslide in Gisborne (Figure 4a). Located near Kaiti Hill at 

Titirangi Drive and Wallis Road (Fig. 4a), where there is a large ongoing complex landslide (Davies & Cave, 

2017). Slope failure at the site was first recognized in 2014 and stability rapidly deteriorated in 2015, which 

resorted in a house being demolished by authorities (Davies & Cave, 2017). In the winter of 2017, heavy 

rainfall triggered the reactivation of the landslide (Fig. 4a), where it transitioned from a rotational slump to a 

debris flow (Davies & Cave, 2017). In the time series plot in Figure 4b, the deformation between May-

August 2017 shows movement away from the satellite downslope towards the ocean. This is consistent with 

the reactivation event recorded in the winter of 2017 (Davies & Cave, 2017). The plot also indicates that 

deformation began in the summer of 2017 months before the reactivation of the landslide (Fig 4b). The 

houses are still at risk from slope failure and future ground movements are inevitable if the ground is not 

stabilised. 

The two sites show the potential of InSAR as a reconnaissance tool for detecting ground deformation related 

to landslide events. However, the PS technique did not detect phase-coherent pixels in non-urbanized and  
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Figure 2: Distribution of the PS results in Gisborne. A high density of scatterers can be seen in the urban 

area. Two areas of interest have been outlined in the red boxes, Titirangi Drive and Okitu. Plotted using the 

StaMPS-Visualizer App by Höser (2018).  

 

highly vegetated areas and the deformation in this analysis is only measured in the direction of LOS, which 

makes it difficult to detect north-south movement. To overcome these challenges, further analysis of the 

study will be made using the small baseline technique to try and detect scatterers in rural areas and use data 

from both descending and ascending orbits, to extract vertical deformation. The vertical deformation is 

required to reliably extract seasonal deformation related to the shrink-swell movement of clays and also infer 

building deformation. 
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Figure 3: a) Map showing the PS distribution on the east coast in Okitu. The red triangle shows a previously 

recorded landslide location, and the PS inside the red circle was used for the time series plot. b) Time series 

plot of the PS, showing continuous deformation away from the satellite. Plotted using the StaMPS-Visualizer 

App by Höser (2018). 
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Figure 4: a) Map showing the PS distribution of Titirangi Drive and Wallis Road. The extent of the active 

landslide has been outlined in red based on the report by Davies & Cave (2017). The PS inside the red circle 

was used for the time series plot. b) Time series plot of the PS on Titirangi Drive, showing deformation 

downslope away from the satellite during the reactivation event in May-July 2017, which is represented by 

the dashed red line. Plotted using the StaMPS-Visualizer App by Höser (2018). 
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5. CONCLUSION  

Our study highlights the potential of using free open access Sentinel-1 data as a reconnaissance tool to detect 

ground deformation related to landslides. The two study sites in Gisborne demonstrate how the PS technique 

can be used to monitor ongoing slope movement in urban environments and examine how deformation has 

changed over time. The technique can be applied to assist conventional ground measurement methods in long 

term monitoring projects for detecting ground deformation. Although site conditions must be taken into 

consideration when undertaking InSAR analysis. The technique is less reliable in highly vegetated areas and 

spatial, temporal and atmospheric decorrelation are factors that can limit the accuracy of results. However, 

our results are the first undertaken in Gisborne and produced using free and open access data and software. 

Further analysis will be undertaken to improve the results such as using the small baseline technique and 

including both ascending and descending data to extract the vertical deformation. Indeed, higher resolution 

SAR data can be used to try and increase the number of scatterers but at a higher cost. Over the past decade, 

SAR systems have significantly developed and can provide consistent, reliable, high-resolution global data. 

The development of InSAR is encouraging. In 2022 the first SAR satellite with dual frequency radar, with 

both L-band and S-band systems available, called NISAR will launch (Chapman et al., 2019). The mission is 

a collaboration between NASA and ISRO and the data will be free and open. The continued technological 

advancement of SAR systems means continuous and reliable global monitoring system, with high resolution, 

wide swath images can be achieved in the future for real time hazard assessments, disaster management and 

geotechnical monitoring.  
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The importance of a multi-faceted approach to 

desktop studies 

J.J. Cornall, H. Lyons. 
ENGEO Limited, Auckland, New Zealand. 

ABSTRACT 

The use of varied desktop reconnaissance tools allows for effective identification of locations that warrant 

specific attention to enhance field studies. This is illustrated by a mapping project for over 25,000 ha of 

mixed rural and urban land identified for potential future urban growth within the Kaipara District in 

Northland. The project commenced with a high-level desktop study identifying focus points across eight 

study areas. Stereoscopy, published geology maps, historical aerial photographs, subsurface test logs from 

the New Zealand Geotechnical Database, Google Earth and GIS were all used during the desktop study. 

Aided by the extensive desktop mapping data, the field study focused on identification and corroboration of 

geomorphological features and potential geotechnical hazard zones. Land-based mapping and photography, 

as well as drone photography, was used to gain varying viewpoints of features and wider areas of focus. 

Project-specific GIS was used to produce slope angle, inferred slope stability, liquefaction potential, 

consolidation settlement potential, acid sulphate soil potential, on-site effluent disposal potential and 

combined geohazard maps for the study areas. This holistic approach to desktop studies allows for effective 

data and risk interpretation which, when presented appropriately, may assist in informing policy, planning 

and development. 

1 INTRODUCTION 

The importance of a robust, multi-faceted approach to desktop studies prior to embarking on a field mapping 

exercise for large areas was illustrated during a mapping project for over 25,000 ha of mixed rural and urban 

zoned land identified for potential future urban growth within the Kaipara District in Northland. The study 

was commissioned by Kaipara District Council (KDC) to provide a high-level understanding of the 

geotechnical constraints to future land development within the Kaipara District, to inform planning strategy 

and consent application reviews within Council.  

The project commenced with a high-level desktop study of eight “Indicative Growth Areas” (IGAs), which 

were defined by KDC. The desktop study was used to identify key locations (focus areas) that warrant 
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further attention to characterise the land in terms of geotechnical risk, and these were flagged for ground-

truthing and further specific background research.  

Stereoscopic aerial photographs, published geology maps, historical aerial photographs, borehole records, 

Google Earth and GIS were all used during the desktop study to develop a broad geological model and to 

identify focus areas. The field investigation was secondary to the desktop study, and concentrated on 

identification and corroboration of geomorphological features and other potential geohazards within the 

IGAs. Land-based mapping and photography, as well as specifically targeted oblique angle drone 

photography, were used to gain varying viewpoints of features and areas of focus. The data was collated and 

GIS was used to produce maps showing slope angle and the inferred slope instability, liquefaction, and 

consolidation settlement potential resulting in combined geohazard maps for the IGAs; Acid sulphate soil 

potential and on-site effluent disposal potential were also mapped independently of the combined geohazard 

map. This multi-faceted approach to desktop studies allows for risk interpretation for large study areas 

which, when presented appropriately, can assist in informing policy, zoning, planning and development. 

2 DESKTOP STUDY 

The study commenced with a high-level desktop assessment using a range of methods to assess each of the 

IGAs and to identify focus areas for the field mapping phase. The preliminary maps developed during the 

desktop study were used by the field geologists to target the focus areas during the limited available time in 

the field. The various desktop study tools are summarised in the following sections. 

 2.1 Geological Maps 

The geological settings of the IGAs were established through a review of the Institute of Geological and 

Nuclear Sciences (GNS) 1:250,000 map (Edbrooke and Brook 2009), and supplemented by a site walkover 

to observe the landform and outcrops, where accessible. Although the QMAP series are a widely accepted 

account of the surface expression of geological units across the country, at a regional 1:250,000 scale, the 

detail and accuracy of unit boundaries and structural features are indicative only. Northland Regional 

Council 1:100,000 soil and rock type maps (Sutherland et al 1980, Crippen and Markham 1981) are also 

available for some of the IGAs.  

The IGAs are underlain by many different geological formations including Tauranga Group alluvium and 

Kariotahi Group dunes, Waitemata Group and Te Kuiti Group sedimentary strata, Kerikeri Group volcanics, 

and the structurally complex Northland Allochthon; all of which exhibit highly variable strength and 

weathering characteristics, and corresponding geotechnical properties. 

The geological maps were integral to the desktop study in that they provided a base map and framework to 

highlight the areas which may be prone to liquefaction and consolidation settlement, and/or formations that 

are prone to instability. The geological map of the Omamari IGA is shown in Figure 1. 
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Figure 1: Geology Map for the Omamari IGA. 

2.2  Aerial Photography 

Historical aerial photographs sourced from Retrolens New Zealand dating back to 1940, stereo-paired aerial 

photos and Google Earth imagery were reviewed as part of the desktop study. The photographs were viewed 

under the context of identifying general changes to the landform and development within the IGAs, and to 

refine the geological mapping based on the topography. Aerial photographs were useful for studying large 

areas, however were limited by a lack of georeferencing within the Retrolens historical aerial photographs 

and the physical stereopairs.  It was therefore sometimes difficult to locate specific features of interest. 

For the stereoscopy, a mid-range scale of 1:25,000 was selected to provide project coverage. Images were 

assessed to identify geomorphic features such as headscarps, hummocky and irregular-shaped landscapes, 

displaced blocks and debris lobes that may be indicative of recent or historic landslide activity. Approximate 

extents of alluvium and colluvium deposits in hillside gullies and valley areas were also mapped, as they are 

more likely to be susceptible to liquefaction and consolidation settlement.  

Google Earth allowed for interactive observations and assessments of the wider IGAs. By using a 

combination of exaggerated elevation, three-dimensional terrain and oblique angled navigation it was 

possible to identify and target areas with potential geohazards and geomorphological features to focus on 

during the field study. 

2.3  Survey Data 

LiDAR and LINZ Topo50 20 m contours were used to form the base for many of the GIS map outputs and 

allowed for widespread slope modelling.  

At the time of undertaking this study the LiDAR data for the IGAs was limited in quality and extent, and so 

the LINZ Topo50 20 m contours data was used to create the primary map base. The LINZ data has a vertical 

accuracy of ≤ 10 m so is useful for high-level studies such as this where the intention is to broadly 

characterise areas based on a number of contributing datasets. The data is not of sufficient resolution to be 

valuable for a site-specific assessment where a detailed land survey would be appropriate. 
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2.4  Borehole Logs 

Borehole data from the KDC groundwater bore database and the NZGD were used to identify location-

specific ground conditions, and to derive an indication of representative standing groundwater levels across 

the IGAs.  

The datasets were often limited due to lack of publicly available boreholes. This is likely due to the lower 

density of development in the Northland region compared to other more populated regions in New Zealand. 

It also reflects the fact that the NZGD is a relatively young tool and a large amount of historical information 

has not yet been uploaded. 

2.5  Published Data 

Publicly available geological and geotechnical data for the wider Northland region was collated from review 

of journal articles, geotechnical reports, theses, and natural hazard studies. The data studied included 

geotechnical parameters for soil and rock units assumed in analysis and design, detailed geomorphological 

mapping studies including assessment of failure mechanisms, and geotechnical considerations for 

construction and land development in different geological settings.  

The data was used to support the development of hazard level criteria when assessing potential for 

liquefaction, settlement, and slope instability.     

3 FIELD STUDY 

A review of the available data was undertaken to identify focus areas within each of the IGAs where 

additional, site-specific data collection would be targeted. The field study phase generally consisted of 

geomorphological mapping on the ground in those areas where access was possible and use of the drone for 

more inaccessible areas. 

3.1  Land-Based Mapping 

The mapping component of the study was not intended to support a detailed geomorphic map of the area, but 

to ground-truth the preliminary desktop maps and to observe geomorphic features that could not easily be 

interpreted from aerial photographs. The field mapping was limited by land accessibility. In some cases 

access to private property was approved for the purpose of observing the landform, but in many cases 

observations were made from publicly accessible areas including roads and reserves. Geohazard data was 

gathered at various scales from areas such as road cuttings (Figure 2 - Left) to viewpoints overlooking large 

areas (Figure 2 – Right). 

 

Figure 2: Left - Road Cutting in Mangawhai, Right – Hummocky Farm Land at Baylys Beach. 
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3.2  Drone Photography 

The use of drone photography and videography allowed for high-level observations of features in wider 

geographical settings (Figure 3). This enabled observation of areas that were unable to be accessed by land, 

as well as providing high resolution oblique aerial images which assist in refining the nature and extent of 

geomorphic features. However, drone surveys were often hindered by high winds in coastal and exposed 

areas, and require preapproval when operating in a controlled airspace. 

 

Figure 3: Drone Photograph Facing North Over Glinks Gully. 

4 REPORTING AND GIS OUTPUTS 

The data gathered from the desktop and field studies was analysed and collated to form conclusions on 

groundwater, slope angles, slope instability, liquefaction, consolidation, volcanic hazards, acid sulphate soils, 

and on-site effluent and stormwater disposal.  

In order to quantify the geotechnical hazard potential for land planning, a broad framework based on a three-

level hazard profile was developed. This system defined potential hazards as Low, Medium and High, 

relative to the level of additional geotechnical assessment that would be expected to meet the requirements of 

the RMA and Building Act. The hazard level assessment criteria included: 

• Geological setting (e.g. likely presence of compressible organic soils), age of formation, and topographic 

setting for consolidation settlement potential; 

• Soil type (e.g. clay soils vs. loose sands), age of formation, topographic setting, and groundwater depth 

for liquefaction potential; 

• Geological setting, geotechnical properties, topographic data (e.g. slope angles) and geomorphological 

assessment for slope instability potential;  

• Published data, geological setting (e.g. likely presence of organic soils) and topographic setting (e.g. low 

lying areas that may have been influenced by seawater) for acid sulphate soil risk; and 

• Soil or rock type (e.g. potential permeability), topography and groundwater depth for on-site effluent 

disposal potential. 

The hazard maps for each IGA were based on a topographical map established using GIS. Due to the limited 

coverage of LiDAR data over the study area, the LINZ Topo50 20 m contours were used to create digital 

elevation models, and then slope angle models of the IGAs (as shown in Figure 4).  
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Figure 4: Slope Classification Map of the Matakohe IGA. 

The assessed risk ratings for each hazard were then used as GIS inputs to produce various maps for each of 

the IGAs, including maps for: 

• IGA Vicinity - showing the IGA regional location and boundary; 

• Geology - showing the geological setting and formations within the IGA (Figure 1); 

• Slope Classification - showing the slope angles across the IGA (Figure 5); 

• Geomorphological Interpretation – delineating the areas observed to be at greater risk during the desktop 

study and field mapping exercise (Figure 5); 

• Slope Instability Profile - showing the assessed potential for slope instability; 

• Settlement Susceptibility - showing the assessed potential for consolidation settlement; 

• Liquefaction Hazard - showing the assessed potential for seismically induced liquefaction; 

• Acid Sulphate Soils - showing areas considered to have potential for acid sulphate soils; 

• On-site Effluent Disposal Potential - showing areas assessed to be potentially suitable for on-site 

disposal and those that are unlikely to be suitable due to ground conditions and / or geomorphological 

constraints. 
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Figure 5: Geomorphological Interpretation Map for the Maungaturoto IGA.  

Combined geohazard maps based on a summation of the primary geotechnical constraints considered for 

each IGA was then produced (Figure 6). These combined geohazard maps were based on the 

geomorphological interpretation, slope instability and settlement maps and depicted the highest risk level 

from the attributing data sets for a given area within the IGA.  
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Figure 6: Combined Geohazard Map for the Dargaville IGA.  

5 CONCLUSION 

The importance of a multi-faceted approach to desktop studies was illustrated during a geotechnical survey 

and geohazard mapping project which covered approximately 25,000 ha over eight IGAs in Northland, New 

Zealand.  

A robust desktop study was carried out which utilised a variety of tools to formulate a high-level 

understanding of the geological setting, geomorphological features and potential geohazards within the 

IGAs, which allowed for focus areas to be identified and preliminary hazard maps to be produced prior to 

embarking on the field-based component of the investigation. Publicly available aerial photographs (both 

recent and historical) played an important part in the desktop study as they allowed for a high-level 

assessment of the wider IGAs and identification of focus areas, with opportunity to identify the changes in 

landform and land use over time. 

The source, level of detail, and limitations of the available data was a key consideration for the project. The 

small scale of the available geological maps and aerial photographs meant hazard area boundaries were 

approximate, and only visually ground-truthed where access was available. The limited publicly available 

borehole data could not be used to support development of a complex geological map for the study, and the  

LiDAR data was limited in quality and extent.  

The combined geohazard maps have been used to support development policy and spatial planning by KDC, 

and to inform the planning team of the nature of the geohazards that should be addressed by the specialist 

consultants for land development within the IGAs.  
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Shallow groundwater monitoring: exemplars 

from Christchurch and Dunedin, New Zealand 

S.C. Cox, P.J. Glassey 
GNS Science, Dunedin, New Zealand. 

H.K. Rutter 
Aqualinc Research Ltd., Christchurch, New Zealand. 

ABSTRACT 

 

Following the 2010/2011 Canterbury Earthquake Sequence, thousands of Cone Penetration Tests were 

carried out to inform geotechnical engineers about soil conditions. Nearly 1000 piezometers were also 

installed to monitor shallow groundwater. These provided information with unprecedented spatial resolution, 

and depth to groundwater maps led to greater understanding of liquefaction.  In 2016, Christchurch’s 

groundwater network was rationalised to c.250 sites with transducers logging levels and temperature every 

10 minutes. The resulting high-resolution dataset provides a new level of detail on groundwater. It enables 

generation of tens of thousands of interpolated mathematical surfaces to characterise, spatially, the variability 

of groundwater and influencing processes. 

A similar network was installed in Dunedin during 2019 involving 23 sites, spaced < 1 km apart, where 

levels and temperatures are recorded at 15-minute intervals. Maps show the elevation and depth of 

groundwater, extent of tidal forcing, limits of saline intrusion, effect of rainfall recharge, position of 

infrastructure relative to the water table. Geometric models of sea level rise account for both tides and water 

table geometry.  

Data from both cities highlight the dynamic and spatially variable response of shallow groundwater to 

drivers such as rainfall, surface runoff, tides, and even evapotranspiration. Groundwater levels impact on 

flooding hazard, liquefaction potential, city stormwater and wastewater infrastructure, and data can be used 

to model the spatial impact of sea-level rise. But the variation in shallow groundwater levels in coastal 

systems is subtle, so minimising uncertainties is crucial and requires precise surveying, careful pressure 

corrections and regular field calibration. 
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Sensitivity: General 

1 BACKGROUND 

Our naturally evolving climate has been radically influenced by humans and the changes are about to have 

some very profound effects on where, and how, populations can exist. The global picture that climate is 

changing and sea-level is rising now seems reasonably well-established, albeit bound by a wide range of 

uncertainties.  There are probabilistic models of global sea-level rise and national climate scenarios that are 

constantly improving. The exact nature of local effects, however, are far less clear, and there are significant 

challenges and problems associated with downscaling from global to regional to local models.  

Downscaling involves a shift from general probabilistic scenarios to a deterministic understanding of where 

and how often the effects will be felt. It requires holistic understanding of natural systems and the processes 

that can perturb their present state. Local (cf. global) processes and impacts of climate change and sea-level 

rise are for the most-part still poorly quantified/understood, with significant temporal (frequency) and 

(perhaps more importantly) spatial uncertainty in the hazards faced across our communities. Understanding 

the intensity and spatial reach of hazards, and how various hazards interplay, is becoming an expectation for 

planning and mitigation. It will be increasingly important in the near-future, but requires significant science 

investment and lead-in time from research to practice.  Here we describe exemplars where recent 

developments in groundwater monitoring and modelling have improved both spatial and temporal 

understanding of hazards associated with shallow coastal groundwater. 

2 GROUNDWATER HAZARDS 

Shallow groundwater presents a largely unseen, and poorly-understood, hazard with potential to affect 

multiple domains and sectors in a cascading and cumulative manner (MfE 2017). In low-lying coastal areas 

where there are strong hydraulic links with the ocean, rising groundwater is expected to be driven by sea 

level rise.  By decreasing the unsaturated ground available to store water, groundwater rise will increase the 

frequency of hazards associated with surface runoff, river flooding and coastal-storm inundation. More 

directly, it causes instability in building foundations and roads, can infiltrate into and overwhelm stormwater 

and wastewater systems, leads to dampness and mould issues in housing, increases liquefaction potential, 

and can emerge above ground to cause flooding, pollution, salinity stress or other environmental issues. 

Subsurface stormwater and wastewater networks are vulnerable and potentially-prone to damage and system 

collapse. Groundwater infiltration reduces network capacity and can result in sewerage overflows, with 

associated public-health and environmental costs. 

Shallow groundwater in New Zealand coastal areas typically sits above mean sea-level, perched in a marine-

sediment aquitard over denser saline water (e.g. van Ballegooy et al. 2014). There are large variations in 

permeability between relatively-porous coastal sand-dunes, silt-dominated estuarine and marine sediments, 

and gravel- and sand-rich alluvial sediments. The coastal groundwater systems are also dynamic. 

Groundwater levels fluctuate considerably with inter-annual and seasonal shifts as well as higher-frequency 

variations caused by storm-events, local river floods or tidal cycles. The groundwater system can, 

additionally, be perturbed by changes in precipitation that may result from climate-change as well as the 

persistent stressor of rising sea-level. Because the water table is modulated by the sea, low-lying areas 

potentially affected by rising groundwater can extend considerable distances inland. But analysis of 

vulnerability to groundwater-related hazards is hampered by a widespread lack of groundwater information 

within coastal land. Such areas are rarely monitored or studied in detail principally because shallow coastal 

groundwater is commonly unsuitable for domestic or agricultural supply. It is often assumed that 

groundwater levels will equilibrate locally with sea-level and simplistic ‘bathtub’ models propagate 

groundwater through digital terrain models using GIS techniques (e.g. BECA 2014, PCE 2015). Such first-

order approximations are useful for general desk-top assessments of regional asset exposure but reflect little 

of the principles of hydrogeology and the dynamics of subsurface flow. 
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A significant problem faced by society is the cost-benefit return of continued investment, or otherwise, in 

infrastructure as groundwater rises. To fully quantify the risk and exposure of assets to hazard, there needs to 

be improved understanding of inundation magnitude, frequency and duration. With large infrastructure 

redesign/renewal imminent under the Three Waters programme (TWP 2020), research will be needed to 

inform and optimise investment decisions New Zealand-wide. At what stage do we switch from defence to 

managed retreat? Can we predict critical groundwater levels at which networks will experience major step 

changes in efficiency or even catastrophic collapse in performance?  Investment in groundwater monitoring 

and science to characterise drivers of the natural fluctuations and groundwater behaviour in coastal areas is a 

logical first step as it can provide maps of probability and duration of inundation exceedance against local 

geology, distance from the coast and surface water inputs. 

3 CHRISTCHURCH 

3.1 Spatial Precision 

Mapping of the shallow groundwater table in Christchurch is an example of science where decreasing spatial 

and temporal uncertainties has resulted in a major evolution of our understanding of local groundwater. 

Following the 2010-2011 earthquakes, a network of shallow monitoring piezometers was installed for 

geotechnical purposes (Figure 1). Initial models generated with 806 piezometers had subtle differences 

depending on whether only sites with longer-term (>9 months) records were used, or a larger dataset that 

included <9 month records with proxy values inferred for annual variability (van Ballegooy et al., 2013).  A 

statistically more-robust version (van Ballegooy et al., 2014) used median values from 967 monitoring 

piezometers over a longer-period accompanied by statistical surfaces (e.g. 15th & 85th percentiles) to 

account for the range of seasonal fluctuations. Depth to water level models were determined by subtracting 

water table elevations from LiDAR surveys of land elevation.  

The large number of piezometers and new LiDAR data enabled groundwater elevation to be mapped in 

Christchurch with unprecedented spatial resolution. Only a small subset (44) of piezometers, however, had 

continuous records through the earthquake-cycle with extended long-term (>20 year) decadal records. Data 

from these piezoemeters generated questions as to the influence of earthquakes on the water table, 

highlighted the occurrence of inter-annual variation, and raised issues around long-term climatic trends.  In 

addition, since water table surfaces at each site were based on statistics over a period of ~3 years, the maps 

were not instantaneous measures of the potentiometric surface at any one time, so could not be assumed to be 

valid indicators of the gradient and direction of groundwater flow. Although the spatial density of water table 

monitoring in post-earthquake Christchurch far exceeded anywhere else in New Zealand at the time and is 

likely to be amongst the most-extensive of any cities in the world, the water table mapping provided for 

earthquake recovery was accompanied with strong caveats around temporal uncertainty. 

3.2 Temporal Precision 

Investment into shallow groundwater monitoring in Christchurch was rationalised by the Earthquake 

Commission (EQC) in late 2016, when manual dipping (then at 967 sites) was replaced with automated 

pressure transducers at ~250 sites. Although spatial resolution was decreased, the new network measuring 

both temperature and pressure at 10 min intervals provides a step change in temporal resolution.  

Data spanning 24/09/2016-4/09/2017 has been processed by John Haines (GNS Science) into a series of 

movies with 5516 instantaneous surfaces, 1.5 hours apart, to characterise relative elevation, rate of vertical 

change and horizontal gradient of the water table, as well as absolute temperature and rate of groundwater 

temperature change.   
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Figure 1: Maps of Christchurch and Dunedin at the same scale, showing the density of groundwater 

monitoring overlain on blue-shaded grid models of the depth to water table (after van Ballegooy et al. 2014, 

Cox et al. 2020).  

Statistical damping of data over different time-steps highlight fluctuations caused by tidal, rainfall and 

seasonal forcing. Recharge from rainfall and rivers, cyclones Debbie (5/04/2017) and Cook (14/04/2017), 

and spring tides clearly influenced groundwater during 2016-17. The movies provide a unique and 

unparalleled visualization of Christchurch’s shallow groundwater system. 

4 DUNEDIN 

The City of Dunedin has a large number of assets and critical infrastructure that are situated at, or close to, 

sea level. Presently protected by a slightly elevated margin of reclaimed land and fragile sand-dunes, the flat-

lying coastal land, particularly in South Dunedin, is crucial to present functional operations of the city.  The 

land is also underlain by shallow groundwater, which limits the amount of unsaturated ground available to 

store rain and runoff, limits drainage space and creates opportunities for infiltration into stormwater and 

wastewater networks. Although groundwater levels are expected to increase throughout New Zealand coastal 

areas in response to sea level rise, groundwater beneath Dunedin’s narrow coastal strip is faced with 

encroachment from all directions: the harbour in the east, the ocean in the south, and expected changes to 

runoff- and recharge-related flows from hill catchments in the north and west. For simple geometrical 

reasons of its geography, Dunedin’s challenge appears particularly demanding. 

4.1 New Monitoring Data 

A groundwater monitoring network improvement in 2019 provides a significant level of new information on 

Dunedin’s groundwater. Water level, temperature and conductivity observations at 23 sites are recorded at 15 
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min intervals (Figure 1), then collated into a time-series database hosted by Otago Regional Council (ORC). 

A recent report describes the first year of observations with a focus towards the spatial analysis of these 

groundwater data (Cox et al. 2020).  A variety of statistics have been generated for each monitoring site, 

including median, maximum, minimum, 95th and 5th percentiles, mean, standard deviation and range of 

groundwater levels from 6/03/2019-12/2/2020. Other collated site data include: tidal amplitude, efficiency 

and phase lag; distance from harbour or sea; sample pH, electrical conductivity and modelled seawater 

percentage; and a rainfall response index reflecting rainfall recharge efficiency. Site data were reviewed 

relative to each other as a series of points, and/or interpolated into grids representing the 8.9 km2 area of the 

flat-lying coastal land. 

Groundwater throughout South Dunedin is unconfined, but there is a locally perched aquifer in dune-sand at 

St Kilda, and some semi-confined horizons in the Harbourside area. Levels during 2019 were dominated by 

rainfall-related peaks and recessions, were slightly lower during late summer-early autumn, and contain 

subtle tidal-related cycles (Cox et al. 2020). Movies developed by Peter Johnson and John Haines (GNS 

Science) are a useful way to visualise the tidal and rainfall-related fluctuations and their spatial reach. Data 

from four longer-term ORC monitoring sites indicate the 2019 observations are a reasonable proxy for 

average conditions during the previous decade, but some of the extreme levels experienced during that 

decade were not experienced by the new network.  

4.2 Water Table Position & Behaviour 

Grids of water table elevation (GWL) and depth to groundwater (DTW) were developed from piezometer 

observations, constrained at the harbour and coast using a series of boundary ‘control points’ (Figure 2A,B; 

Cox et al. 2020). These ‘statistical surfaces’ approximate the potentiometric pressure and condition of 

groundwater over extended periods (e.g. long-term hydraulic gradients) and are suited for engineering, such 

as foundation design and probabilistic assessment of liquefaction vulnerability. By way of contrast, ‘static 

surfaces’ or ‘event related surfaces’ are needed for characterising short-term behaviour (e.g. directions and 

velocity of flow).  Depth to water grids, derived relative to a LiDAR survey of topography, highlight that the 

position of the water table relative to ground and associated vulnerability does not necessarily reflect 

topographic elevation (Figure 2C). The lowest lying suburbs do not necessarily coincide with shallowest 

groundwater. Instead, the water table has elevation and gradient that is variable at kilometre-scales, with 

important differences from suburb to suburb. 

Groundwater adjacent (< 1 km) to the coast has specific electrical conductivity interpreted to reflect saline 

intrusion and sea-water mixing (Figure 2D). Three sites have strong, regular, tidal fluctuations at 30-51% of 

the nearby harbour or ocean tides. Elsewhere, tidal influence is weak (0.1-1% efficiencies at <1.6 km) or 

undiscernible with lags up to 360 minutes behind the harbour or ocean tide. Tidal efficiencies were mapped 

and interpolated for use in sea rise models (Figure 2E). Weak tidal responses and substantial time-lags are 

indicative of the low bulk diffusivity of the sediment.   

Groundwater response to rainfall has been characterised using a rainfall recharge index (RRI), being the ratio 

of groundwater level change to local rainfall event total, based on selected medium-sized storms (Figure 2F).  

Values are spatially variable from site to site depending on factors such as local stormwater drainage and 

other infrastructure, extent of 'hard' urban surfaces creating ground imperviousness, piezometer construction 

method and head protection, or subsurface sediment storativity and permeability.  There are some hints at 

temporal variability that could potentially play a role in whether heavy rain events do, or do not, cause 

flooding. But further work is needed to understand the relative effects of pre-event groundwater level, 

rainfall duration and intensity, and stormwater network performance. 
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Sensitivity: General 

 

Figure 2: Selection of geometric models depicting groundwater dynamics in Dunedin (from Cox et al. 2020): 

A. The elevation of the 2019 median level of groundwater (in NZVD2016). B. A model of groundwater level 

at mean high water springs, based on a median value for 2019. C. Depth to groundwater relative to the 

LiDAR model of ground surface height, with contours marking the median groundwater elevation. D. 

Specific conductivity of groundwater showing the extent of saline intrusion as a modelled % seawater 
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contour. E. Tidal efficiency (in %) as the ratio of the groundwater tidal amplitude to the nearest sea (ocean 

or harbour) tidal amplitude. F. Rainfall recharge as the ratio of groundwater level change to total rainfall. 

 

Figure 3: Geometric models depicting A. the position of Dunedin’s stormwater network (pipes and invert 

levels) relative to groundwater at mean high water springs. Blue areas are where the network locally is 

below groundwater. B. Groundwater at mean high water springs after 30cm of sea level rise, based on the 

geometry of median levels and tidal efficiencies measured in 2019. For further details see Cox et al. (2020). 

 

4.3 Infrastructure & Sea Level Rise 

Large parts of Dunedin’s wastewater and stormwater networks lie at or below the water table and are 

vulnerable to infiltration (OPUS 2011). Saltwater intrusion into wastewater pipelines has been an ongoing 

concern as the salinity affects secondary treatment. The likely implications of climate change and sea-level 

rise, (with associated increased rainfall intensity, storm frequency and rising groundwater) is an elevated 

level of groundwater infiltration and other inflow, which decreases system efficacy.  GIS datasets have been 

generated that identify places where the network sit relative to the water table, including places where 

infiltration might switch to exfiltration with groundwater fluctuations (Figure 3A). The analysis provides a 

geometric tool to target future monitoring aimed at identifying thresholds for groundwater-network 

exchanges in relation to network mains’ flows, age, material and construction methods.   

Simple geometric models to depict how sea level rise will affect groundwater have been developed using the 

present-day statistical surfaces (e.g. Figure 3B). At their simplest, the models assume the absolute position of 

Dunedin groundwater will also rise and that the shape of the water table in the future will be, on average, the 

same as at present. By taking the mapped position of groundwater into account, the geometric models are 

quite distinct from ‘bathtub models’ that assume a horizontal groundwater surface that is everywhere 

equilibrated with mean sea level.  The geometric models are strongly empirical with many caveats and 

implicit assumptions.  They simplify many variables and controlling processes into a single parameter, and 

do not account for groundwater flow and possible changes in water-budget mass balance. 

Scenarios have been developed for a range of sea level rise increments (30, 50 and 80 cm) (Cox et al. 2020). 

To incorporate the influence of tides, and the decayed signal with distance away from the harbour and coast, 

a tidal component was added based on present day observations of tidal efficiency.  The geometric models 
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show progressive changes to the water table position exacerbated by encroachments from east, south, west 

and north, and highlighting the threat faced in Dunedin due to its geography (Figure 3B cf. Figure 2B). 

 

5 SUMMARY & CONCLUSIONS 

Christchurch and Dunedin are constructed on coastal land underlain by shallow groundwater, where hazards 

such as liquefaction and flooding vary with seasonal and inter-annual variability in groundwater levels, and 

potentially with responses over even shorter time-scales. Both cities are vulnerable to sea level rise but 

Dunedin’s challenge seems particularly demanding due to the amount of infrastructure on a narrow coastal 

plain that will be encroached from both the harbour and the ocean. A valuable lesson from both case studies 

is that the subtle slope and shape of the water table, which has gradient variability at kilometre-scales even in 

a seemingly very flat low-lying area, interacts with land-surface topography to generate marked differences 

in the depth to groundwater. These suburb-scale variations in the position of groundwater and availability of 

subsurface storage are likely important for engineering solutions for habitable land use.  The groundwater-

related datasets provide a tool from which inundation- or flood-vulnerable areas can be identified, and other 

hazards such as liquefaction susceptibility modelled. Future needs that can also be informed by such data 

include real-time integration of groundwater level data into flood modelling and management, ground-source 

heat resources, contaminated site plumes and time-varying liquefaction prediction. They also enable 

monitoring to be targeted on key areas of groundwater-network exchange, so that hazard thresholds and any 

critical tipping points that might lead to infrastructure system collapse can be predicted. The fluctuations and 

controlling influences on shallow coastal groundwater can be subtle, however, so it is critical to minimise 

uncertainties with fit for purpose networks, precise surveying, careful pressure corrections and regular field 

calibration. 
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Bulli Point SH1 Realignment – Stuck between a 

rock and a lake 
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AECOM Ltd, Christchurch, New Zealand 
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ABSTRACT 

The current SH1 alignment at Bulli Point follows the eastern margin of Lake Taupo and is situated directly 

above the lake at the toe of a sharp ridge.  The site has a history of low speed crashes due to an ignimbrite 

bluff overhanging the road that forces trucks to cross the centreline in order to navigate tight corners and a 

narrow carriageway above the lake. In addition to ongoing safety issues, several under slips have recently 

affected this portion of SH1 and require repair.  

A design was developed to repair the under slips, that could also be extended to resolve the alignment issues. 

Several challenging constraints needed to be overcome to provide a feasible and effective design. The 

overhanging ignimbrite bluff was unable to be removed or modified for cultural reasons and due to stability 

concerns relating to unfavourable defect orientation of the ignimbrite that formed the bluff. In addition, 

encroachment into the lake was not possible due to the area being identified as “Significant Natural Area”, 

nearby cultural Pa sites had to be avoided, and safe access to a recreational swimming spot was to be 

provided. This led to the design of a 220m long, 5.5m high piled MSE retaining wall to support widening of 

SH1 alignment adjacent to the overhanging bluff, and a proposed 20m high benched cut slope to ease the 

sharp Bulli Point corner. 

The geological model for the site was highly variable with variably welded ignimbrite forming bluffs and 

steep ridge slopes at the lake edge, and variable distribution of alluvium and colluvium between ridges. 

Airfall and lake deposits were also identified within the current alignment. The geological model was largely 

based on field mapping due to the inaccessibility of the site for intrusive investigations. 

This paper will discuss some of the challenges associated with the site and how these were addressed to 

provide a resilient design for the alignment. 
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1 INTRODUCTION 

Bulli Point is located on the eastern side of Lake Taupo approximately halfway between Turangi and Taupo 

(Fig. 1). The current State Highway 1 (SH1) alignment follows the eastern margin of Lake Taupo, and at the 

location of Bulli Point, is situated directly above the lake edge.  

Waka Kotahi/New Zealand Transport Agency (NZTA) and the local community have had ongoing concerns 

about the safety and route security of this section of SH1. Historically there have been several traffic 

accidents along this section of highway due to trucks crossing the centreline and cutting inside corners to 

navigate the tight bends (Fig. 2). Heavy vehicles cannot pass each other at the narrowing of SH1 at 

Te Poporo, the overhanging bluff immediately north of Bulli Point.  

Along with the tight navigation issues at the site, there has been ongoing slope instability at the lake edge. 

Under slips have occurred in multiple locations on this section of SH1 between the northbound lane and the 

lake. There has been concern these will increase in size and frequency and potentially causing a permanent 

lane closure. NZTA identified five sites to be investigated in 2018, these comprised of erosion and shallow 

instability on the inside corners at Sites 1 & 2 and under slips at Sites 3, 4 and 5 as shown below.  

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 1: Site Location (images sourced from Google Earth Pro 2020) 

 

 

 

 

 

 

 

Figure 2: Rolled truck between the north bound lane and Lake Taupo (images sourced from www.stuff.co.nz) 
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2 BACKGROUND 

A previous curve easing study was undertaken by Opus International Consultants (OPUS) for the site in 

2017. As part of the study, a cutting through the ridge that forms Bulli Point was proposed with infilling of 

the two bays on the north side of Bulli Point to ease the approach and widen the carriageway at the 

overhanging rock site, as shown in Figure 3. This option would have greatly reduced the risks associated 

with the current route security and geometric concerns; and would address the stability issues around the 

point. However, this solution carries multiple other cultural and environmental issues which are discussed in 

Section 5.  

 

Figure 3: OPUS Proposed curve easing alignment 

In 2018, AECOM undertook an initial options assessment where the five sites of recent instability were 

visited, and remedial options were presented to NZTA based on cost, constructability and residual risk. The 

main driver of the slope failures was interpreted as being caused by inadequate control of surface water and 

loose side cast fill or loose erodible tephra materials at the slope crests. Without adequate collection and 

disposal of water at the base of cut and steep ridge slopes, surface water crosses the carriageway and 

discharges over the crest of the lake edge slopes. The resultant options assessment recommendation was 

mass block gravity retaining walls at Sites 1 and 2, a cantilevered retaining wall at Site 3 and mass block 

gravity walls at Sites 4 and 5. 

NZTA requested that a “future proofing” option be developed for the repair of Sites 1 and 2 to facilitate a 

future curve easing proposal as had been suggested by OPUS.  

The “future proof” option to repair Sites 1 and 2 was ultimately approved by NZTA. At this stage the scope 

of the project expanded to include geometric design of SH1 from RP6.230 to RP6.870 and included further 

optioneering and detailed design of gravity wall retaining to support the widening of SH1 either side of the 

overhanging rock bluff.  A geotechnical investigation was undertaken that involved the drilling of rotary 

cored boreholes along the northbound lane and geological mapping of the cut slopes and the surrounding 

area to help inform the detailed design of remedial options.   

3 GEOLOGICAL SETTING 

The site is located on the edge of Lake Taupo, which lies within the Taupo Volcanic Zone (TVZ). The TVZ 

extends from Mt Ruapehu in the south to White Island in the northeast. The TVZ comprises multiple 

volcanic vents and geothermal fields, the largest of these is Lake Taupo. The current lake configuration is the 

product of multiple large-scale eruptions, the largest of which was the Oruanui event, which erupted an 

estimated 1,170km3 of material approximately 27,000 years ago (Leonard et al, 2010). As recently as 181AD 

Taupo erupted approximately 120km3 of material in the Hatepe eruption producing the Taupo Pumice 
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Formation that is found extensively throughout the North Island. Ongoing volcanic and geothermal activity 

is still occurring throughout the TVZ. 

3.1 Site Geology 

The geological map of the area (Leonard et al., 2010) indicates that the site comprises non-welded ignimbrite 

and phreatomagmatic fall deposits, and reworked ignimbrite of the Oruanui Formation (Q3v) and the Taupo 

Pumice Formation (Q1v). Through geological mapping undertaken around the site and five machine drilled 

boreholes, site geology was interpreted, and a geological model established. 

At the location of Sites 1 and 2, the road is constructed on a mix of recent alluvium, side cast fill and Oruanui 

Formation tephra deposits (ignimbrite, airfall ash and lapilli). Variably welded, weak to moderately strong 

ignimbrite is exposed in the bluff that SH1 traverses. Although typically case hardened, at the location of the 

bluff between Sites 1 and 2, sub-vertical jointing was evident persisting the full height of the slope. The 

northbound lane at Site 2 has been built on a mix of colluvium, side cast fill and tephra deposits. Colluvium 

comprising boulders up to 1 m³ were observed within the south bound lane cut face.   

Further south at Bulli Point, the road has been formed by cutting into case hardened non-welded Oruanui 

Formation ignimbrite and Taupo Pumice Formation. Loose erodible tephra is exposed by the shallow drop 

out at the slope crest (northbound lane shoulder) (Fig. 4). Near vertical portions of the slope below the road 

suggest case hardened, non-welded ignimbrite as observed by the cut slope above the road.   

 

Figure 4 Bulli Point cut slope.  

4 GEOMORPHOLOGY 

The wider area is characterised by a series of east/west orientated ridges with steep slopes terminating at the 

lake edge as ignimbrite bluffs. Gullies have formed between the ridges and have been partially infilled with 

slope debris (colluvium). The road has been formed by cutting into the end of the ridge, creating a bench 

directly east of and above Lake Taupo. The slopes between the road bench and Lake Taupo are very steep 

and in many places are sub-vertical (bluffs). 

5 DESIGN CHALLENGES 

Due to the location of the site there were several challenges that constrained and dictated the design for the 

site. These are outlined below. 
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5.1 Rock Overhang  

The ignimbrite bluff that is overhanging the south bound lane comprises persistent dilated, sub-vertical (70 

to 80º) and sub-horizontal jointing that forms meter scale rectangular blocks (Fig. 5). It is thought that if 

modifying the bluff was to occur this would lead to ongoing instability and toppling risk that may prove 

expensive to remediate without the benefit of improving the horizontal alignment of the road.   

Due to the overhanging bluff, the new road alignment needed to extend westward towards the lake by 

approximately 3m to widen the carriageway and avoid the overhang so trucks can safely pass each other. In 

addition to the geotechnical considerations, the overhanging rock outcrop (Te Poporo) has cultural 

significance to local iwi and modification to the rock was not considered an option.  

 

Figure 5: Te Porporo overhanging bluff. 

5.2 Pa Site 

On the ridgeline directly above Bulli Point a historical pa 

site is located (Site T18/119). The site is accessed via the 

Department of Conservation (DoC) Waipehi Track. The Pa 

has two distinct activity areas marked by defensive 

ditches, as shown in Figure 6. A site survey and walkover 

were undertaken during the study and many of the pa 

remnants were still located and identifiable.  

Since the pa is located on a popular and easily accessible 

DoC walking track the site has a high potential for 

interpretation and public education. Any earthworks or 

slope modifications were not to encroach closer than 10m 

to the pa site or increase erosion and adversely affect the 

site. 

 

 

 

Figure 6: Site Map of Pa T18/119 (DoC Historic Record 2012). 
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5.3 Lake Taupo 

Lake Taupo provides a source of recreation and cultural significance for many New Zealanders. The 

ignimbrite bluff below SH1 at Bulli Point is ranked as one of the best swimming spots and cliff diving areas 

in New Zealand, and as a result attracts many swimmers every summer (Fig. 7). Parking at the site is difficult 

due to the very narrow shoulder width and topography of the area. Swimmers are forced to park cars further 

away or precariously on the road shoulder and then walk along the road to get to the swimming spot. A 

desired outcome of the design was to incorporate a footpath and safe access for people to be able to reach the 

swimming spot. 

 

Figure 7: Bulli Point cliff diving location looking toward the overhanging bluff. 

The design was also not to encroach into Lake Taupo as defined by the high-water mark for cultural and 

consenting purposes. This area is located within an ‘Outstanding Landscape Area’ with portions also 

identified as ‘Significant Natural Area’ and as such care had to be taken to not damage or significantly cause 

adverse effects for the environment.   

5.4 Geotechnical Investigation 

The geotechnical investigation that was undertaken was heavily constrained by several factors at the site. 

Drilling investigations had to be completed in the north bound lane and could not be undertaken along the 

proposed alignment due to the steep slope between the north bound lane and the lake. Accessing the 

proposed base of the retaining wall from the lake and barge was prohibitively expensive, and thus the bulk of 

the geotechnical investigation is based on geological mapping undertaken in the area. Field mapping 

identified a number of geological units and their variable distribution throughout the site.  

6 DESIGN  

Considering all of the factors discussed in previous sections, the final design option that was presented to 

NZTA was split into two sections. Each section was independent of the other and could be constructed alone 

with only minor adjustments to the design. One section incorporated the retaining wall north of Bulli Point 

that extends out to the edge of Lake Taupo to widen the carriageway and move it away from the overhanging 

bluff. The other section is the formation of a cut through the ridge that forms Bulli Point. This realignment 

removes the tight 25km/hr corner and creates a safer parking location for swimmers (Fig. 8).   
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Figure 8: Proposed design. 

6.1 Retaining Wall 

The retaining wall (Fig. 9) was designed based 

on the adopted geological model for the site. 

The proposed wall needed to be constructed in 

the closest proximity to the lake boundary as 

possible, and with the potential for geological 

change and uncertainty during construction, a 

design that is easily adaptable was sought.  

The agreed design was a piled StoneStrong 

wall with paraweb reinforcement. The wall is 

to be built with a vertical face allowing it to be 

built proximal to the lake boundary. Given the 

limited intrusive investigation, variability of 

volcanic geology and geological uncertainty, 

position of the wall in relation to the highwater 

level and the toe slope (up to 30 degrees), it 

was decided to use a piled foundation for the 

retaining wall. Driven steel H piles were 

recommended due to the ease of procurement 

and the expected driveability of the founding 

materials. 

Figure 9: Typical retaining wall cross section 

The design was carried out in accordance with the StoneStrong design spreadsheet, NZTA Bridge Manual, 

MSEW, AllPile and SLIDE.  

The wall has a maximum design height of 5.5m and is 220m long with varying toe slopes. It has been 

designed so that during construction one lane of the existing SH1 can remain open and functional under 

stop/go traffic management.  
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6.2 Cut Slope  

  

Figure 10: Proposed cut slope alignment. 

The existing sharp bend at Bulli Point was proposed to be re-aligned by forming a 20 m high cut slope (Fig. 

10). The cut was to be formed in non-welded ignimbrite materials and benched for stability and construction 

access. As with the overhanging rock and retaining wall, the site is of cultural significance with the Waipehi 

Track and Pa site at the crest of the ridge. The land is administered by the Department of Conservation and 

the steep ridge slopes are currently covered in native bush.  

Intrusive geotechnical investigation to confirm cut slope materials proved difficult due to the cost associated 

with access as well as the cultural and environmental significance of the site. Ground conditions were 

determined by geological mapping and rockmass characterisation from exposed ignimbrite outcrop. The 

mapping results were used to carry out kinematic and rock fall analysis to assess the stability of the cut and 

feasibility of the proposed cut. Much of the geological outcrop revealed non-welded ignimbrite that was case 

hardened where exposed but with very few discontinuities.  

The proposal addresses several of the NZTA objectives. By realigning, the existing curve is eased and 

navigation of the sharp bend improved. By retreating the existing cut, the carriageway was to be moved away 

from slip Site 3. Access and parking are provided for recreational users of the area. 

7 CONCLUSIONS 

While construction cost of the project is not expected to be prohibitive, the project is an example of the 

challenges associated with considering cultural, environmental and social aspects in geotechnical design. 

Ultimately, a design was adopted that addresses the safety and resilience issues associated with this portion 

of SH1, while minimising the effects on the environment and the nearby cultural sites. Design complexity 

was increased by the potential variability and uncertainty of ground conditions, constructability issues 

associated with working within a narrow portion of SH1 and the steep topography. This design is currently in 

the proposal stage and no commitment to construction has been made.  
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ABSTRACT 

 

Trees in urban environments cool cities, capture carbon, and reduce stormwater runoff through 

enhanced initial losses.  However, their root systems require uncompacted soil to grow, a 

requirement that is inconsistent with optimal pavement performance.   To accommodate trees in 

roadways, carparks and pedestrian accessways, Citygreen Urban Landscape Solutions (Citygreen) 

have developed recycled plastic modular “geocellular” ground support elements installed beneath, 

within and alongside pavements to promote root development.  The system includes tree pit 

openings and a skeleton structure of the modular support elements filled with loose soil into which 

roots can grow.  Global use of these modular systems is growing in line with mainstreaming of 

Water Sensitive Urban Design (WSUD).  

Pavement engineers when encountering these products commonly over-engineer the surrounding 

and overlying pavement to account for uncertainty in the soil-module behaviour.  This has reduced 

the cost competitiveness of the system.  

Citygreen and Golder have carried out laboratory testing, numerical modelling and field testing to 

demonstrate a design process for the soil-module system where placed with relatively shallow cover 

under trafficked pavements.  This will help to reduce perceived risk during the design process, 

thereby optimising design and reducing cost. 
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1 INTRODUCTION  

Water Sensitive Urban Design (WSUD) is a key design component of many civil engineering projects and 

emphasis on the need for WSUD will increase in response to climatic changes. The use of modular 

geocellular drainage systems is part of WSUD, allowing rainwater harvesting and onsite detention in areas 

that would otherwise require traditional “pits and pipes” for management of stormwater.  An advancement on 

geocellular drainage systems allows incorporation of loosely placed growing media within a recycled plastic 

skeleton structure.  The purpose of such a system is three-fold; allowing retention and reuse of stormwater, 

and promoting healthy trees as root growth can be encouraged within the loosely placed growing media.  

However, there are geotechnical engineering implications when using these systems in urban areas which 

rely on conventional subgrade and pavement compaction.  

Strata™ module systems (Figure 1), developed by Citygreen are examples of geocellular ground support 

elements designed to be placed beneath and alongside pavements.  The typical configuration under 

pavements includes loosely-backfilled stacked modules wrapped in combigrid, supported on a compacted 

subgrade or aggregate drainage layer, and confined by a compacted perimeter annulus (Figure 2).   

 

Figure 1:  StrataVault™ and StrataCell™ modules 

 

Figure 2: Typical Strata module configuration under pavements 

Typical placements of the modules include under pedestrian accessways, carparks, and within roadways.  An 

example of a similar system includes the Silva Cell by DeepRoot Green Infrastructure.  Other systems and 

buried modules have different strength and performance characteristics and the results presented herein 

cannot be applied to different systems.  
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Key geotechnical design considerations for modules placed under pavements include:  

• Vertical load distribution through any overlying pavement system to the top of the modules  

• Load response and vertical and horizontal compressive strength of the modules  

• Creep rupture strength of the modules  

• Resilient modulus and deformation of the backfilled module system under live loading and/or cyclic 

loading 

• Vertical load distribution through the system to the underlying subgrade 

• The potential for strains to develop at the interface between the module matrix and the natural ground or 

adjacent pavement subgrade   

• Construction quality control and construction verification expectations.  Citygreen reports that system 

performance issues have typically arisen from incorrect installation methods, not as a result of module 

failure     

The overall system behaviour is dependent on the installation geometry including stack height, which varies 

between projects.   

CIRIA C737 (O’Brien, et al, July 2016) provides guidelines and recommendations for the design of 

geocellular systems, for the most part focusing on their use in stormwater attenuation.  For placement under 

pavements, the guide provides recommended serviceability, ultimate and dynamic load factors and 

recommends careful analysis where cover under pavements is less than 1 m or where minimal differential 

settlement can be tolerated.  The importance of module creep rupture strength over short-term compressive 

strength is emphasised.  

To reduce uncertainty in the behaviour of the Strata™ soil-module system and to help limit overconservative 

or conversely under-design, Citygreen and Golder have carried out laboratory testing, numerical modelling 

and field testing to demonstrate a design process and validate performance of the system (with  appropriate 

construction methods) where placed with relatively shallow cover under trafficked pavements.   

2 VEHICULAR LOADING ON BURIED MODULES 

Part of the design requires understanding the magnitude of vertical stress imposed by vehicles onto a buried 

module system.  In all cases considered herein, the pavement cover is less than 0.5 m.  Long term sustained 

loading was not considered due to the relatively thin pavement cover.   

Elastic stress distribution analyses were carried out using the commercially available software CIRCLY.  

The analyses considered both serviceability and ultimate loading using wheel loading for different operating 

regions over the world, as follows:  

• Australian Equivalent Standard Axle and AS5100 W80 bridge design loading 

• European Eurocode En1990 wheel loading  

• USA/Canadian AASHTO H20 vehicle 

• 10 tonne truck 

• 5 tonne truck 

Serviceability analyses were carried out using unfactored wheel loading and ultimate analyses carried out 

using combined dynamic and ultimate loading factors of 1.2 and 1.8 respectively (note CIRIA C737 now 

recommends a dynamic factor of 1.25).    
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Three different pavement types overlying the buried module system were considered in the CIRCLY 

analysis, with similar subgrade conditions, including:  

• Full depth granular pavement 

• Asphaltic pavement over unbound granular 

• Concrete pavement over unbound granular   

Outcomes from the CIRCLY analysis comprised load distribution with depth charts for serviceability and 

ultimate loading, for each of the above pavement types.  Each chart shows vertical stress with depth due to 

applied wheel loading.  The charts aim to allow:  

• A designer to understand the minimum cover required over buried modules under ultimate wheel loading 

in different operating regions, to ensure that modules are not locally overstressed under wheel loads   

• Calculation of working stress at the top of the buried modules for further calculation of bearing pressure 

under the feet of the lowest layer of modules   

3 LOAD RESPONSE OF INDIVIDUAL AND STACKED MODULES  

The buried module systems have varying dimensions and geometry as shown indicatively below (Figure 3). 

Typically, modules are arranged under pavements in rows stacked up to four high, giving typical maximum 

buried depths of less than 2 m.    Top grates are installed across StrataVault™ modules to provide a flat 

surface for pavement installation.  

 

Figure 3: Indicative module geometry and dimensions  

3.1 Individual Module Load Testing  

To test the peak ultimate compressive strength of the different module types and strength grades, a series of 

laboratory crush tests were carried out at the University of Newcastle in New South Wales, Australia.  

Testing was carried out on modules stacked up to two high with testing also carried out after 10 000 cycles of 

loading.   

The testing demonstrated the rated static strength of the modules was achieved, with and without cyclic 

loading.   
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3.2 Module Matrix Load Testing 

3.2.1 Laboratory Trial  

In order to understand load distribution with depth through a module matrix, large-scale laboratory testing 

was undertaken at the Golder research and development facility at the Port of Melbourne, Victoria Australia.   

A variety of different module configurations were tested, with modules stacked between one to four high.  A 

laboratory configuration is shown in Figure 4 below.   

 

Figure 4: Large-scale testing at Golder research and development facility, Port of Melbourne 

Empty module assemblies were set up on a concrete floor within a load frame.  Concrete pavers were placed 

over the top row of modules and under the feet, to provide light vertical confinement and a flush surface for 

testing.  Seven load measurement cells (LC1 to LC7 with data loggers) were strategically placed under the 

feet of the bottom row of modules.  A steel plate was used for load application at three different positions (P1 

to P3).  Two dial gauges were connected to a reference beam and positioned over the steel plate for 

measurement of deflection.  Vertical load was applied using a hydraulic jack.    

The vertical load applied to the matrix assembly was intended to simulate typical highway truck wheel 

loading.  In addition, modules were subjected to peak compressive loads up to 2 000 kg and the load held for 

three cycles of five-minute duration.  The positions of load application and load cell placement under the 

modules are shown in Figure 5 below. 

 

Figure 5:  Position of load application and load cell placement (StrataVault™ shown) 
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Significant outcomes and of the laboratory trial were: 

• Stress distribution with depth through the matrix was found to be minimal but improved slightly with 

increasing stack height   

• Geometry of individual modules (shape and number of legs) has greatest impact on peak subgrade foot 

pressure   

• Peak subgrade stress (foot pressure) was observed at the outside corners of the matrix (i.e. Position 3 as 

indicated in Figure 5 above)   

• Measured vertical displacement at peak vertical load during testing of the StrataVault™ modules was up 

to about 15 mm.  Displacement during testing of the StrataCell™ was less than 5 mm   

• A relationship was developed between peak subgrade stress beneath the modules and load applied to the 

top of the module matrix (commonly the underside of pavement level), for various stack heights and 

module types.  Further development of this relationship is required to incorporate the results of field 

trials  

Recognised limitations of the laboratory trial include: 

• The absence of soil backfill within and surrounding the matrix may have reduced the ability of the 

assembly to transfer load laterally with depth   

• Placement of the modules on a rigid concrete floor may have reduced the ability for the stacked module 

system to spread load laterally and would reflect load spread in high strength subgrade conditions  

• Displacements were measured at the point of load application only rather than across the top of the 

whole assembly  

• Horizontal displacements were not considered 

• Long term creep testing was not carried out (loading was meant to reflect transient traffic loading only) 

To further investigate performance of module matrices, an instrumented field trial was carried out.  

3.2.2 Field Trial – Lynwood Avenue, Western Australia 

The instrumented field trial and testing programme was undertaken to further understand vertical and lateral 

load distribution through a backfilled module matrix and to better understand the likely vertical stress applied 

to subgrade beneath the feet of the lowest layer of modules.  The testing also allowed field measurement of 

stiffness behaviour of the module matrix under traffic loading.  

With guidance from Golder, the City of Canning installed modules beneath a trafficked pavement at three 

locations along Lynwood Avenue, Canning, Western Australia.  Modules were stacked between two to three 

rows high.  The pavement profile above the modules comprised 400 mm to 460 mm thickness of bitumen 

stabilised limestone with 40 mm asphalt wearing course (pavement materials were specified by the City of 

Canning).  Recycled crushed concrete was used as the perimeter annulus material between the matrix and the 

surrounding adjacent native sand subgrade.   The design native subgrade California Bearing Ratio (CBR) 

was known to be 10%.  

During installation, two load cells (with data loggers) were placed under the lowest module feet at each of 

the three trial locations (for a total of six load cells installed).  The load cells were positioned with the aim to 

capture the location of peak loading at module feet as assessed from the outcomes of the laboratory trial, and 

at a central position where load distribution may occur.  Field trial load cell locations are shown in Figure 6.      
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Figure 6:  Load cell placement for field trial (StrataCell™ shown) 

Following pavement construction, Falling Weight Deflectometer (FWD) testing was carried out across the 

pavement (and repeated in successive years).  The FWD testing targeted six key locations including over 

native subgrade, over the modules and over the perimeter annulus.  This variety in testing locations allows 

for comparison of the stiffness response for varying subgrade conditions.  During FWD testing, data logging 

results from the load cells were obtained.  

The FWD test results indicated deflection at top of pavement up to about 1 mm with construction over native 

subgrade, and up to 2.5 mm with construction over a backfilled module matrix.  The data was used to: 

• Estimate effective CBR of a backfilled module matrix using published relationships   

• Understand if load spread through backfilled modules differs from the laboratory scenario where the 

modules were empty 

• Understand if load spread through backfilled modules differs when foundation conditions comprise sand 

with a subgrade stiffness of CBR 10% rather than a concrete floor    

The back-analysed results indicate that the CBR values calculated for the native subgrade generally correlate 

well with the design subgrade CBR of 10%.  Effective subgrade CBR values for the perimeter annulus were 

variable; and the effective subgrade CBR values for the backfilled modules indicate lower-bound values of 

1% to 2%.   

Interrogation of the data obtained from the load cells indicated increased lateral load spread and reduced 

footing bearing pressure measured in the field compared to laboratory conditions.  

4 DESIGN BEARING PRESSURE BENEATH MODULE FEET  

Incorporating the results of the elastic stress distribution analysis, the laboratory trial and field trial, it is 

possible to estimate the likely stress at the base of the Strata™ module system for a given traffic loading.  

The design approach includes the following steps: 

• Calculate the working stress at the top of the buried module system using the charts developed from the 

elastic stress distribution analysis (CIRCLY analysis), for the corresponding pavement type, thickness 

and vehicle loading  
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• Use the stress distribution relationships developed from the laboratory and field trials to convert the 

pressure applied to the top of the system to the pressure applied to the feet of the modules, for the 

corresponding module type and stack height.  These relationships consider the plan area of each module 

type and its smaller contact area with the foundation soil  

Using this design approach, appropriate foundation preparation can be designed to maintain safety margins 

against bearing failure beneath module feet, for the prevailing native subgrade conditions.  

5 CONSTRUCTION CONSIDERATIONS AND DESIGN DETAILING  

5.1 Assessment of Interface Strains – Backfilled Annulus Area  

Finite element analysis was carried out to assess potential strains at the interface between a typical Strata™ 

module profile and an adjacent pavement subgrade or natural ground under standard truck axle loading.   If 

not carefully considered, subgrade strain could develop at this interface as a result of the lower stiffness of 

the modules, resulting in reduced pavement life.  To minimise strains, careful consideration of the design 

stiffness of the perimeter annulus is required.  

5.2 Design & Construction Considerations  

The analyses, laboratory and field testing carried out provide valuable information with respect to design of 

the buried module system.  The following construction stage problems have been encountered, which can be 

addressed with modification to construction equipment and expectations during proof rolling:  

• Pavements built over backfilled geocellular systems must be designed for potentially lower subgrade 

support than may be provided by the surrounding native subgrade  

• Compaction of the perimeter annulus surrounding the backfilled geocellular system is important where 

pavements transition from native subgrade to the backfilled geocellular system   

• Careful consideration of compaction equipment is required when constructing a pavement over a 

geocellular systems constructed on top of a strong subgrade or on top of an existing concrete slabs.  High 

energy compaction may damage the modules   

• Construction quality control should ensure that composite geogrids are properly overlapped and wrapped 

around the system to maintain integrity  

• Very high local stress can occur beneath individual feel of the base layer of modules when designed for 

higher truck loading, when considering ultimate loading.  The effect is more pronounced with 

StrataVault™ modules compared to StrataCell™ modules due to the geometry of each module and 

number of legs.  Subgrade bearing capacity must be checked.  Further development of the load transfer 

relationship through the modules is required - incorporating the results of field trials - for more accurate 

assessment of subgrade stress   

• Proof rolling during construction must take into consideration the higher deflection response of 

backfilled geocellular systems in comparison to some native subgrades, particularly when the system is 

installed within a weathered rock soil profile   

• Deflection of the top grate may be higher than deflection of the modules and very thin pavement may not 

effectively arch over a weaker top grate.  In some cases additional geogrid layers may be required to 

improve load distribution through thin pavement layers  
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• If present, the aggregate subbase drainage layer should be connected to stormwater for positive drainage 

to prevent subgrade softening.  This is particularly important if rainwater harvesting to the Strata™ 

system is undertaken as part of WSUD   

• Long term creep strength and deflections must be considered where sustained loads are applied to the 

system   

Designers should ensure sufficient hold points are shown on drawings so that quality control during 

construction is of a high standard.  Citygreen indicate incorrect module installation as the main cause of 

system performance issues observed to date. 

Quality control throughout the manufacturing supply chain is also critical.  Module crush testing at the 

manufacturing point is required to ensure compliance with advertised load ratings, and resin batches are 

traced through the supply chain to project delivery.    

6 CONCLUSIONS  

The above paper outlines how buried geocellular systems can be designed to support short duration vehicle 

traffic under road pavements in urban environments, allowing for increased root development and healthier 

trees.  With the increasing emphasis on WSUD, the use of these products will increase, requiring a greater 

understanding of the geotechnical behaviour of the soil-module systems.  

Understanding how geocellular systems spread load vertically and laterally is important in design, and the 

geometric structure of the systems has a significant impact on the way load is distributed.  Not all geocellular 

systems will behave in the same way.   

The use of geocellular systems beneath traffic road pavements have implications on pavement design.  Field 

and laboratory trials have demonstrated that the systems can be effective but are less stiff than most road 

subgrade conditions.   

Numerical analyses, laboratory and field trials carried out by Golder on commercially available Citygreen 

Strata™ modules provide evidence to support geotechnical design of such systems worldwide.   

Careful attention to detail is required during construction with the need for additional construction hold 

points, different approaches to compaction and proof rolling and, in some cases, site specific earthworks 

specification documents will improve successful performance post construction.   
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Cutter soil mixing used to facilitate 
pipeline construction, Wynyard Point  

J. Arash 
Wagstaff Piling Pty Ltd, Victoria, Australia 

R. Denny 
Wagstaff Piling Pty Ltd, Queensland, Australia 

ABSTRACT 

The Cutter Soil Mixing (CSM) method was used for in-situ mixing of contaminated reclaim ground 

at Wynyard Point, in the waterfront area of Auckland, to facilitate the installation of a large 

diameter outfall pipeline. A soil/cement block was formed by the CSM working in a pattern to 

create a block of ground improvement 500m long and 3.7m wide. The pipeline bounded by the 

harbour seawall on one side and the ground improvement block on the landward side. The CSM 

panels were formed in reclaimed material comprising hydrocarbon contaminated dredged alluvial 

material, including hydraulically placed silt, sand and clay, overlying the end-dumped rock fill bund 

embankment surrounding the reclaim area. Panel interlock/overlap was critical for block integrity, 

and the rectangular profile of the CSM’s mechanical mixing head were ideal in this application. 

Column interface overlap could be back figured using the onboard computer system, which 

recorded inclinometer measurements to track panel verticality over the depth installed. Extensive 

testing was conducted by wet grab sampling, and a double PVC tube in-situ technique, with 

progressive strength results allowing water:cement ratio optimization during the works. Coring of 

panels was also conducted to add to the data base of results. Confidence in the quality of the 

treatment block was progressively gained through analysis of the installation parameters and the 

ongoing test results. 

Keywords: Cutter Soil Mixing (CSM), hydraulic fill, double tube sampling, wet grab sampling 
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1 INTRODUCTION 

The $25M Brigham Street Outfall extraction project is an Auckland Council and New Zealand’s Ministry of 

Business, Innovation and Employment funded project. Wynyard Quarter where the Brigham Street is located 

had been constructed by placement of a rock bund along the perimeter of the reclaimed area and backfilled 

hydraulically in 1920s to 1930s.  

Multiple rows of CSM panels were required, forming a gravity retention system in a narrow corridor over a 

500m long section in reclaimed fill immediately adjacent to the harbour on one side, and bounded by an 

operating fuel storage tank farm on the other side.  Wagstaff Piling was engaged for the CSM works. The 

pipeline would be laid underwater in a submerged trench alongside the gravity retaining wall, with the other 

side of the excavation protected by an existing concrete sea wall built on the original rock-filled bund wall. 

Interlocking CSM panels were designed as a gravity block, to retain the saturated low strength reclaim fill, 

and furthermore to limit ground deflection during the excavation and installation phase. Project overview and 

pipeline layout plan are presented in Figures 1a and 1b. 

2 SITE GEOLOGY 

The published geological map of the area indicates that the work area is underlain by hydraulic fill 

(reclamation land area), overlaying residual soils and rock of the East Coast Bays Formation. Reclamation to 

form the existing Wynyard Quarter occurred in the 1920s to 1930s, mostly hydraulically placed material 

including sandy silt with some clay and gravel within the perimeter rock bund comprising basalt boulders 

and cobbles. A rock faced sea wall was constructed on top of the perimeter bund and hydraulic fill was 

placed behind the bund to construct the access roads and reclaimed land. A cross-section of site geology at 

CSM location is shown in Figure 2. 

   
Figures 1a and 1b: Brigham Street outfall pipeline layout plan 
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Figure 2: Site geology cross-section profile at CSM location 

3 DESIGN 

The specified minimum Unconfined Compression Strength (UCS) of 0.75MPa for the block, with a target 

average 1.0MPa for CSM block, was required to provide the necessary stability at the time of pipeline 

excavation.  

The specification required that “The average UCS from core sampling and wet grab sampling be based 

separately on a rolling average of the previous 10 results”. The block strength would be most closely 

estimated by averages rather than discrete test results, and so statistical analysis of sample UCS results was 

the focus of the test program and the analysis of strength. Clearly the CSM panels at 1m wide, all 

interlocking in a massive block, were much larger than 80mm diameter test samples. The small samples are 

prone to scale effects which lead to variability of strengths, and the challenge was to test sufficiently, and 

analyse the results, to provide the confidence on the fundamental requirement being Unconfined 

Compressive Strength (UCS).  

Early laboratory mixing trials established a starting point for cement content at 200kg/m3, calculated by 

weight of the untreated soil volume (UTS), i.e. the theoretical panel volumes. CSM trial mixes were carried 

out to verify the initial design using GP cement. A schematic view of pipeline section with four rows of 

CSM panels are shown in Figure 3. CSM panels are designed to tie into the rock bund in the first row 

adjacent to the proposed pipeline. 8.5m deep CSM treatment is required for trench stability. 
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Figure 3: Schematic view of pipeline section with CSM panels 

The design incorporated flexibility to address the risk of encountering the rock bund at higher levels along 

the CSM wall, in which case the stability of the block would be affected. Founding CSM panels on rock was 

deemed necessary to prevent general shear failure of soil block behind the wall. CSM wall displacement 

during different construction phases was analysed using finite element software, Plaxis. Localised additional 

CSM rows are designed beneath the pipeline to tie the CSM block into the rock bund at displacement 

sensitive locations. Design also limited excavation of pipeline trench to a 15m long section at each time to 

minimize the CSM wall deflection. 

4 CONSTRUCTION METHODOLOGY AND CSM TREATMENT LAYOUT  

Four rows of parallel interlocked CSM panels are considered to provide ground stability during pipeline 

excavation. A number of 2.4m long by 1.0m wide CSM panels are designed with 50mm overlap between 

ends of panels giving an effective panel length of 2.35m; and 100mm overlap between parallel panels giving 

an effective width of 900mm panels. Curing time between primary and secondary panels was generally 

within 1 to 2 days longitudinally, but more like 5 to 10 days would have elapsed for the cutting of 

intermediate rows. The cutting of secondary panels in the same row was still very easy for the CSM 

equipment, and although cutting of the secondary rows was more difficult after 5 to 10 days of strength gain 

either side, it was easily achieved by the CSM equipment. CSM panel layout is shown in Figure 4. 

A Bauer RG19T with 1.0m wide cutters was used, with an Obermann OM600 batching plant set up in a 

central location. Grout comprising cement and water was batched and pumped up to 250m with a high 

pressure flushing pump Obermann DP130. GP cement was used, initially at a ratio by weight of water to 

cement w/c=0.6. This ratio was progressively increased up to w/c=0.85 as the project progressed, and 

performance was proven.  The single-phase approach was used, meaning that cementitious grout was 

injected on the down stroke during cutting, with top up volume of grout also injected on the upstroke. This 

technique is favoured when the soil profile is soft/loose, and downward cutting time can be selected. 
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Figure 4: CSM panel layout 

A starter trench at every CSM panel location was excavated to remove obstruction and underground services 

over the top 1.5m. Guide beams were used to set out CSM panels and a Bauer RGT 19 rig with BCM5 cutter 

installed the CSM panels to a typical maximum depth of 8.5m. The CSM rig during operation is shown in 

Figure 5. 

 
Figure 5: Installation of CSM panels 

4.1 Risks in construction 

The design took into account the expected variation in depth to reach the rock bund, which was targeted to be 

8.5m, and the situation of higher rock level and founding of the panels. A flexible criterion was adopted for 

acceptance of panel depths, including a minimum section area of block, the requirement that CSM panels be 

in contact with the rock bund, and also be founded below the proposed pipeline bulk excavation level.  If 

these criteria were met, then the stability of excavated trench would be satisfied. The success of this method 
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was highly dependent on CSM rig’s capability to contact panels with the underlaying rock bund, and the 

flexibility of the CSM method proved extremely successful as the depth profile varied along the alignment. 

Obstructions in the fill were predicted, including rock floaters, haul road material comprising rock fill, basalt 

boulders, and demolition waste material. In the case of hitting obstructions in the CSM panels, where 

obstructions could not be overcome by CSM cutter, the CSM rig would temporarily abort the panel, allowing 

an excavator to attempt the obstruction removal. The excavator bucket, quick hitched grappling tool, and a 

quick hitched drum cutter were available for use in removing obstructions. As the project progressed, the 

CSM rig itself proved generally most capable of penetrating obstructions, although at a price in tool wear and 

damage to cutter components.    

If rock bund was found to be deeper than 8.5m, CSM panels were generally terminated at the designed depth 

of 8.5m. Wall displacements of up to 100mm during trench excavation were predicted by the design 

however, the actual measured displacement was around 10mm-15mm. In some areas with fuel storage tanks 

located behind the retention block, tighter deflection and settlement control was achieved by additional rows 

of CSM panels on the inside of the excavation to prop the block up against the buried rock bund itself. 

4.2 Field Sampling Methods 

Sampling methods adopted on this project were initially specified by the designers, although in the leadup to 

the works, techniques taken from previous recent experiences were included. The sampling techniques 

included the following: 

• wet grab samples taken from 3m and 6m depth, 80mm diameter 

• double tube samples – plunged double walled PVC tubes with 100mm diameter inner 

• PQ size triple tube coring techniques following panel completion and approximately 28 days cure.  

Individual samples were tested for UCS at various ages including 7, 14 and 28 days. Each sampling method 

is described as follows. 

4.2.1 Wet grab samples 

A purpose-built wet soil mix sampler was designed to collect wet soil mix samples from discrete depths, to a 

practical maximum of 6m. The sampler was progressively refined during the early stages of use to improve 

its efficiency and the quality of the recovered sample. The grab was lifted by an excavator and plunged into 

the wet mixed panel, its jaws were closed at the depth required, and the material lifted out to surface. The 

material was unloaded into a bucket, and then screened through 12mm mesh screen, ready for moulding. The 

moulds were 80mm x 200mm PVC cylinders, capped both ends. Material was generally flowable, and 

poured into these moulds, with tamping by vertical energy impact of the moulds themselves, for compaction 

and removal of entrapped air voids. The samples were individually labelled and left to cure on site. Set 

samples were transported to a certified laboratory for UCS and density testing, generally at 7 days, 14 days, 

and 28 days. The samples were extracted from the moulds trimmed at the ends to 160mm length for testing 

i.e. Length/Diameter=2.0. 

4.2.2 Double tube samples 

The double tube sampling method comprises the use of 6m long PVC tubes, 100mm and 125mm nominal 

bore. The prefabricated double tubes, with a bottom seal between the tubes, were plunged into the wet soil 

mix, so that the wet sample would flow into the inner PVC. Generally plunged to 5.5m depth, the soil cement 

material would set inside the inner tube, and following set, the inner tube extracted by upwards pull, and cut 

into 1m lengths for transportation to the testing lab for subsequent curing, sub-sampling and UCS testing. 



 

7 

 

 

4.2.3 Core samples 

A rotary drilling rig with PQ triple tube core barrels was utilized core through the panels, at least 28days old. 

Vertical and inclined cores were required to check panel overlap and jointing. The cores were stored in core 

boxes for a uniformity assessment, and for UCS testing. The uniformity assessment was described as 

follows: 

• Core recovery – continuous core recovery shall be at least 85% over any 1.2m of core run.  We note the 

core recovery was good and well within the required 85% 

• Percent treatment – over any 1.2m section of core sample, the lumps of unimproved soil shall not amount 

to more than 20% of the volume of the segment. Expressed another way, the sum of the dimensions of 

the lumps of unimproved soil shall not exceed 300mm in the 1.2m length of core. We note the percent 

treatment was good and well within the required 80%. 

Different types of CSM sampling are shown in Figure 6. 

 
Figure 6: Various types of CSM sampling 

5 DATA ANALYSIS 

With the project ongoing at the time of writing, over 160 No. UCS tests had been carried out on samples 

taken by the various sampling methods, to build up the results database. Density of the samples was also 

measured and recorded as part of the lab testing, and sample photos before and after testing were reported on 

the test certificates. The photos provided the opportunity to screen low strength results for possible 

inclusions negatively impacting the results. The test results were truncated to 95% confidence limits, to 

statistically exclude outlier results. Screening of results was also carried out by casting aside failures caused 

by lump size greater than sample diameter divided by 6. i.e. 80mm divided by 6 = 13mm. This screening was 

done by inspection of photos of tested samples, or where lab testing personnel had notated the unmixed soil 

lump size on the test certificate. 

The range of raw data based on all UCS tests for various sampling methods is presented in Table 1 and 

Figure 7 and show highly variable strengths across all sampling methods. This is typical of soil cement 
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samples, and an ongoing project to identify the reasons for the variance, and to come up with ways to justify 

the variance, and to improve the sampling and testing methods to reduce the variance.   

Table 1: UCS range of each type of sampling before result screening 

Sample Type Days # of results Average Strength (MPa)SD COV 

Shallow Wet Grab- 3m 7 25 2.87 2.72 95% 

Deep Wet Grab- 6m 7 20 2.3 2.23 97% 

Double Tube 7 9 2.92 1.89 65% 

Shallow Wet Grab- 3m 14 24 3.96 3.37 85% 

Deep Wet Grab- 6m 14 19 3.17 2.76 87% 

Double Tube 14 12 2.58 1.55 60% 

Shallow Wet Grab- 3m 28 24 4.95 3.57 72% 

Deep Wet Grab- 6m 28 19 4.39 3.44 78% 

Double Tube 28 11 3.42 1.73 51% 

Core Samples 28  13 4.97  2.02  41%  

 

 
Figure 7: UCS test results before data screening  

Data was screened to exclude low strength results justified by the test for excess soil particle size, and 

otherwise a statistical 95% truncation, led on to the narrowing of the variance, as shown in the lower 

standard deviation and narrowing of the coefficient of variation (COV), as noted in Table 2. 

Table 2: UCS Results summary after screening to indicate variability 
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Sample Type Days # of results Average Strength (MPa) SD COV 

Shallow Wet Grab- 3m 7 22 2.05 1.38 67% 

Deep Wet Grab- 6m 7 18 1.72 1.11 65% 

Double Tube 7 7 2.59 0.99 38% 

Shallow Wet Grab- 3m 14 22 3.14 1.98 63% 

Deep Wet Grab- 6m 14 16 2.52 1.27 50% 

Double Tube 14 8 2.46 0.73 30% 

Shallow Wet Grab- 3m 28 19 4.19 2.06 49% 

Deep Wet Grab- 6m 28 16 3.63 1.72 48% 

Double Tube 28 9 2.73 0.64 23% 

Core Samples 28  8  4.63  1.08 23%  

 

Following screening and truncation of the data set, trend shows more consistency between sampling 

methods, as indicated by the averages, SD’s and COV’s tabulated, and graphically shown in Figure 8. 

 

Figure 8: UCS test results after data truncation and screening  

The UCS results for the different sample types are trending closer with elapsing time, so the conclusion is 

that all sample types are representative of the mixed material. 

Based on the above test results, the 28-day UCS average can be predicted as between 1.45 to 1.75 times the 

7-day UCS average. 

Frequency distributions were plotted for the UCS results, at differing ages, shown in Figure 9. By inspection, 

and also as calculated, the coefficient of variation (COV) reduces as time elapses. Early age variation is 

common, and the samples tend to normalize as time elapses. 
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Figure 9: Distribution of UCS from all CSM samples at various ages 

The total unit weight of UCS samples were measured prior to UCS testing and are plotted for all different 

types of testing as shown in Figure 10. Wet density of samples ranged between 14.0 kN/m3 to 18.5 kN/m3. 

As shown in the plot, the density of double tube samples trends higher compared to the wet grab samples. 

Sample size appeared to impact the density, highlighting the scale effect of sampling and testing, and it has 

been proven many times that smaller scale samples under-estimate the properties of the larger CSM panels 

and block itself.  

 
Figure 10: Distribution of total unit weight in all CSM samples 

 

Table 3: Density key statistics 

Sample Type - Density Analysis Days # of results Average Density 

(kN/m3) 

SD COV 

Shallow Wet Grab- 3m 7 23 16.7 0.06  3.8% 

Deep Wet Grab- 6m 7 18 16.4 0.09 5.3% 

Double Tube 7 7 16.9  0.07 4.1% 

Shallow Wet Grab- 3m 14 21 16.6  0.07 4.0% 
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Sample Type - Density Analysis Days # of results Average Density 

(kN/m3) 

SD COV 

Deep Wet Grab- 6m 14 16 16.3 0.06  3.5% 

Double Tube 14 16 17.2  0.07 4.2%  

Shallow Wet Grab- 3m 28 21 16.6 0.06  3.6%  

Deep Wet Grab- 6m 28 16 16.3  0.06  3.8%  

Double Tube 28 10 17.0  0.07  4.2% 

Core Samples 28 13  17.4 0.68 3.9% 

 

Undisturbed samples obtained by coring and double tube sampling, show higher density compare to wet grab 

samples, most likely due to the tendency for fluid to migrate out of the mix via the panel side wall, under the 

hydrostatic pressure conditions in the wet panel, whereas the wet grab samples are sealed and do not permit 

this moisture loss. Fluid migration out of the soil/cement mix leads to denser and stronger in-situ material.   

  
Figure 12: Distribution of UCS with Total Unit Weight  

Plotting density against UCS in Figure 12, shows the trend of increased strength with increasing density, 

particularly in core samples. The depth effect on UCS and density of soil mix block is investigated and 

shown in Figures 13(a) and 13(b).  
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Figure 13(a): Distribution of UCS with depth Figure 13(b): Distribution of density with depth 

Higher strength and density were generally achieved with increased depth, particularly with cored samples, 

further underscoring the case that hydrostatic fluid pressure effects are a benefit to panel material strength at 

depth. We note this is likely to be the case more so in cohesionless material, than compared to cohesive 

material, clays and even layers with more fines.  

6 DISCUSSION AND CONCLUSION 

• Data analysis on the differing sample types established correlations and trends between the sampling 

methods, and the impact of other variables such as sampling depth, on the strength and the density of 

soil-cement panels forming the block 

• Early assessment of strength was based on 7day UCS averages, and a relationship was quickly derived 

with strength gain vs time out to 14 and 28 days, and allowed for progressive reductions of the cement 

content as the works progressed 

• Core samples (undisturbed samples) were denser and stronger with increasing depth, consistent with 

trends from other projects with single phase mixing in cohesionless material 

• Screening of wet grab mixture through a 12mm sieve size – this process was introduced part way 

through the testing program, so we suspect some understrength wet grab samples would have been 

included in the early wet grab data set 

• Variance in the results was evident, and typical of a soil mixing project, the variance was larger at the 

start, and began to narrow as the project progressed. Issues of training and gradual improvement in 

sampling and testing techniques normally see reduction in sample variance as the project progresses 

• The presence of obstructions in the fill led to cement content variation which was difficult to control. By 

this we mean that the flushing of cementitious slurry (single phase mixing) had to continue when 

obstructions slowed the penetration rate. This led to overdosing of some panels in the layer of the 

obstruction and would have led on to higher sample strength. An analysis of this aspect would be 

complicated, and has not been done yet, although with the project still ongoing, clearly analysis is 

required 

• Inclinometer casings placed in core holes were monitored and deflections measured were well inside 

design limits as the excavation and pipe laying progressed. This provided a level of confidence in the 

statistical approach to strength results analysis of individual core samples, and projection to an 

assessment of overall block strength 

• The project provided an opportunity to carry on with sampling and testing techniques developed 

previously, with the aim of better understanding how to verify the in-situ soil/cement mixing, in order to 
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satisfy the designer’s requirements, both on a project level, but also on the basis of ongoing improvement 

in sampling and testing. 
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Quantitative Assessment for Rock Mass Slope 

Stability in Padalarang Mining Area, Indonesia 

using RMR, SMR, and Kinematic Analysis 
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ABSTRACT 

Rock slopes in most mining areas are prone to instability, because of the rock mass conditions are 

strongly effected by both internal rock properties and external conditions. Therefore, instability of 

rock slope attracts a high level importance for researchers, especially in the conventional mining 

practice area. The research area is located in Padalarang area, West Bandung, Indonesia, 

geographically at 6˚50’15.6” S - 107˚25’31.1” E, which is an area of andesitic rock mining. 

Identification of rock failure type and rock mass classification were carried out to determine the 

potential of rock failure, recommended excavation direction and methods. Primary data was 

collected using a scanline method to determine the discontinuity characteristics of three adjacent 

slopes namely SP-1, SP-2, and SP-3. A quantitative assessment was undertaken in the form of Rock 

Mass Rating (RMR), kinematic analysis, and Slope Mass Rating (SMR) from 442 discontinuities. 

RMR shows that all three slopes are classified as good rock with value 71, 65, and 65 respectively. 

Kinematic analysis shows that SP-1 has potential of wedge sliding, with an intersection percentage 

of 53.7%, SP-2 and SP-3 has planar no limit sliding with percentage 47.85% and 58.86%. SMR 

shows that SP-1, SP-2, and SP-3 are classified respectively as IIA stable, IIB partially stable, and 

VA unstable. The evaluated safe slope angel for excavation is achieved when the slope cut at no 

more than 65˚. The optimum recommended direction and angle of slope excavation are N160˚E/65˚ 

at SP-1, N250˚E/65˚ at SP-2 and SP-3, with a recommended excavation method is blast to loosen. 
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1 INTRODUCTION 

Rock slopes in most mining areas are prone to instability, because of the rock mass conditions are strongly 

effected by both internal rock properties and external conditions. Therefore, instability of rock slope attracts 

high level of importance for researchers, especially in the conventional mining practice area. This research 

was carried out in the andesite mining area at Padalarang, West Bandung District, West Java Province, 

Indonesia and geographically at 6˚50’15.6” S - 107˚25’31.1” E. This area is located about 31 km, west of 

Bandung. The topography elevation ranging from 600 meters to 800 meters above sea level and slope 

steepness ranging from 0% to 15% based on classification of van Zuidam (1985). This paper briefly 

describes the several techniques and methods used to evaluate the rock slope stability, including kinematic 

analysis, rock mass rating analysis, slope mass rating analysis, and consideration of the road adjacent to the 

mining area to determine excavation direction. 

2 METHODOLOGY 

Detailed geological mapping and observation of the fracture attributes such as orientation, length, 

termination, aperture width, nature of filling, surface roughness, surface shape, and spacing were carried out. 

Lithological samples were collected for analysis of mechanical properties of the rock. Mechanical properties 

were analysed by point load test to measure the rock’s strength. A detailed petrography analysis of the study 

area was carried out using polarizing microscopes.  

Kinematic analysis was performed using polar projection of fracture orientation compared to the direction of 

the slope on the stereograph to predict type of slope failure such as wedge failure, planar, or toppling (Price 

and Cosgrove, 1990). Futhermore, the results of kinematic analysis were then used to design the optimum 

excavation direction. Rock Mass Rating (RMR) is a commonly used method proposed by Bieniawski (1989). 

This method is used to predict the stability value of the slope which is technically used to determine the type 

of slope reinforcement. Slope Mass Rating (SMR) proposed by Romana (1985) was undertaken by adding a 

correction factor to adjust the slope orientation and plane of weakness. 

3 REGIONAL GEOLOGY 

Katili (1975) suggests that the subduction activity of the Australian Plate under the Eurasian Plate during the 

Eocene has resulted in a pattern of spreading of Tertiary volcanic rocks in Java with a west-east (WE) trend 

orientation. There are three dominant structural patterns found on the island of Java according to Pulunggono 

and Martodjojo (1994), namely Meratus Pattern with northeast-southwest direction (NE-SW), Sunda pattern 

with north-south direction (NS), and Java Pattern which has west-east direction (WE).  

Sapiie et.al (2010) shows that all of the lithology units in the Padalarang area have been folded by the ENE-

WSW thrust fault system in the south. The existence of thrust fault system makes several lithological units 

show duplication or repetition. The thrust fault is cut off by a NW-SE dextral strike-slip fault. 

Based on the characteristics of Tertiary sediment distribution, Martodjojo (1984) divides the stratigraphy of 

West Java into three sedimentary mandalas, namely the Continuous Exposure Mandala, Bogor Basin 

Mandala, Banten Sedimentation Mandala, and Southern Mountain Mandala. The area of research in general 

is included into Bogor Basin Mandala, which has the characteristics of deposition mecanism is gravitational 

flow with the majority fragments are limestone. Bogor Basin Mandala consist of Bayah Formation, Batuasih 

Formation, Rajamandala Formation, Citarum Formation, Saguling Formation, Tuff Unit, and Alluvium Unit. 

The regional geology of the research area of Padalarang area is illustrated in Figure 1.  
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4 GEOLOGY OF RESEARCH AREA 

The stratigraphy of the research area consists of claystone units which are synchronized with the Marl 

Member of Rajamandala Formation and limestone units that are synchronized with the Limestone Member 

of Rajamandala Formation. This formation was deposited along the shelf edge in the southern margin of 

West Java from Late Oligocene to Early Miocene. Then, this formation was intruded by an andesite unit 

(Figure 2). 

Claystone units are characterized 

by grey appearance and react 

with acids. Limestone units 

generally are grain supported, 

poorly sorted, fragment (35%) 

consists of larger foraminifera 

(12%) such as heterostegina and 

nummulites, solitary coral (10%), 

detrital (8%), planktonic 

foraminifera (3%), and bentonic 

foraminifera (2%), 1-2.5 mm, 

matrix lime mud (40%), sparry 

calcite cement (25%). Whereas 

the andesite intrusion is classified 

as pyroxene andesite, 

holocrystalline, porphyritic, 

phenocryst (20%) consists of plagioclase (12%) and pyroxene (8%), 1-2 mm, in a groundmass (80%) 

consisting of plagioclase microlite (75%) and opaque minerals (5%), texture consists of cummulocryst, 

glomerocryst, zoning, mineral inclusion, and opaque rim. 

The geological structures developed in this area are shear fracture, joint, and fault. In the southern region, the 

thrust fault shows an E-W orientation. The thrust fault is cut by a NW-SE sinistral strike-slip fault. The 

andesite intrusion is cut by NW-SE minor normal fault. 

Figure 2: Geological map of research area. 

The Figure 1: Geological map of Padalarang area (Sapiie et.al, 

2010). 
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5 RESULT AND DISCUSSION 

5.1 Rock Mass Rating (RMR) 

Discontinuity data on each slope were calculated based on several parameters of Bieniawski’s Rock Mass 

Rating (1989) as shown in Table 1. Uniaxial Compressive Strength (UCS) is obtained based on Point Load 

Index (PLI) of 3.4MPa which has an equivalent UCS of 76.8MPa, which is classified as strong rock with 

equalization rating of 7. The value of Rock Quality Designation (RQD) on SP-1, SP-2, and SP-3 slopes 

respectively are 90%, 89%, and 85%, so the equalization rating of the RQD is 17. The average spacing of 

discontinuities on the entire slope is 20-60cm, so spacing equalization rating is 10. The condition of 

discontinuity was obtained from five sub-parameters; length of discontinuity (persistence), opening 

(aperture), roughness, infillings, and state of weathering. Each slope shows various value that have 

equalization rating for SP-1, SP-2, and SP-3 respectively are 26, 20, and 20. The last parameter is the 

condition of groundwater that was observed in both the wet and dry seasons. There was no water observed in 

the dry season, while a flow of water was observed during the wet season, so it has equalization rating of 11. 

From the summary of equalization rating of those parameters, we found out that SP-1, SP-2, and SP-3 slopes 

have RMR value respectively 71, 65, and 65 and classified as good rock. 

Table 1: Summary of the RMR value each slope. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

5.2 Kinematic Analysis 

The correlation between discontinuity direction and slope direction determines the type of rock sliding that is 

likely to occur. Analysis of the type and percentage of the potential rock sliding on each slope was performed 

using Dips 6 software. On the SP-1 slope, the discontinuities show two dominant sets with N10˚E - N60˚E 

and N40˚W - N50˚E which intersect on the slope with the orientation of N193˚E/65˚. Based on that 

correlation, the largest rock sliding potential is wedge sliding (53.7%). On the SP-2 slope, the discontinuities 

show two dominant sets with N70˚W - N90˚E and N40˚W - N60˚W which intersect on the slope with the 

orientation of N245˚E/77˚. Although the two sets intersect each other, the direction of discontinuities is 

suitable with the slope orientation, so based on this correlation, the largest sliding potential that can be 

Parameter SP-1 SP-2 SP-3 

Value Rating Value Rating Value Rating 

UCS 76.8MPa 7 76.8MPa 7 76.8MPa 7 

RQD 90% 17 89% 17 85% 17 

Spacing 20 – 60cm 10 20 – 60cm 10 20 – 60cm 10 

Persistence <1 - 20m 6 <1 - 20m 3 <1 - 20m 3 

Aperture 0.1 1mm 4 0.1 - 1mm 4 0.1 - 1mm 4 

Roughness Rough 5 Smooth 2 Smooth 2 

Infillings none 6 none 6 none 6 

Weathering 
Slightly 

weathered 
5 

Slightly 

weathered 
5 

Slightly 

weathered 
5 

Groundwater 

Condition 

Discontinuity 

dry  
11 

Discontinuity 

dry 
11 

Discontinuity 

dry 
11 

RMR Good Rock 71 Good Rock 65 Good Rock 65 
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formed is planar no limit sliding (47.85%). On the SP-3 slope, the discontinuities also show two dominant 

sets with N0˚E-N20˚E and N300˚E-N310˚E which intersected on the slope with the orientation of 

N263˚E/82˚. Although the two sets intersect each other, the direction of discontinuities is suitable with the 

slope orientation, so based on this correlation, the largest sliding potential that can be formed is planar no 

limit sliding (58.86%) (Figure 3). 

5.3 Slope Mass Rating (SMR) 

Slope Mass Rating (SMR) system is basically the summary of RMR value and other parameters; F1, F2, F3, 

and F4. Tabel 2 contains the orientation of discontinuity including strike or trend and dip or plunge. It also 

contains the strike and dip of the slope. These data will be calculated to determine the SMR value of each 

slope with the Equation 1: 

 

SMR = RMR + (F1xF2xF3) + F4  (1)  

 

Where, F1 is the relationship between the trend/strike of joint (discontinuity) and strike of slope. In SP-1 as it 

has wedge sliding type, the F1 is the angle between trend of joint and strike of slope and it has equalization 

value 

 

Figure 3: Potential of block failure in each slope. 
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of 0.15. In SP-2 and SP-3 as they have planar no limit sliding type, the F1 is the angle between strike of joint 

and strike of slope and have equalization value respectively of 0.4 and 0.85. F2 is the dip or plunge of joint. 

Each of the slopes has the same F2 value of 1. F3 is the relationship between the plunge/dip of joint and dip 

of slope. In SP-1 as it has wedge sliding type, the F3 is the number of the plunge of the joint minus the dip of 

slope and it has equalization value of -50. In SP-2 and SP-3 as they have planar no limit sliding type, the F3 

is the number of dip of joint minus dip of slope and they have equalization value respectively of -50 and -60. 

F4 is the excavation method used in the slope. All of the slopes are mechanically excavated with the 

equalization value of 0. By using the formula above, the SMR value of SP-1, SP-2, and SP-3 respectively are 

63.5, 45, and 14 which were classified by Romana, 1985 in Singh and Goel, 2011 as stable good rock class 

IIB, partially stable normal rock class IIIB, and completely unstable very bad rock class VA (Table 3). 

Table 2: Slope orientation and discontinuity set of each slope. 

Slope Sliding type Strike slope (as) Dip slope (bs) Strike/trend joint (aj/i) Dip/plunge joint (bj/i) 

SP1 Wedge 193˚ 65˚ 278˚ 59˚ 

SP2 Planar no limit 245˚ 77˚ 275˚ 72˚ 

SP3 Planar no limit 263˚ 82˚ 270˚ 70˚ 

 

Table 3: SMR value set of each slope. 

Slope RMR F1 F2 F3 F4 SMR Class Stability 

Case of 

Slope 

Failure 

Value 

Case of 

Slope 

Failure 

Value 
Excavation 

Method 
Value  

SP1 71 85˚ 0,15 1 -6˚ -50 
Mechanical 

Excavation 
0 63.5 

Good 

(IIB) 
Stable 

SP2 65 30˚ 0,4 1 -5˚ -50 
Mechanical 

Excavation 
0 45 

Normal 

(IIIB) 

Partially 

Stable 

SP3 65 7˚ 0,85 1 -12˚ -60 
Mechanical 

Excavation 
0 14 

Very Bad 

(VA) 
Unstable 

5.4 Method of Excavation 

Based on the value of the RMR seen in Figure 4, a safe slope angle for excavation is performed when the 

slope is cut at no more than 65˚, according to Bieniawski (1993). Based on the value of the mechanical 

properties of the point load index and the spacing between fractures on each slope, the most optimum method 

of excavation to use in the research area is blast to loosen (Franklin et al, 1971) (Figure 5). Determining the 

optimum direction of excavation is done by considering the lowest total probability of failure and 

the feasibility of the road position. In Figure 6, showing the probability of failure analysis of the 10˚ 

excavation interval, it was found that each slope has a N160˚E direction on the SP-1, N250˚E on the 

SP-2 and SP-3, with a total probability of failure of each respectively 103.2%, 59.36% and 73.59%. 
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Figure 4: RMR and SMR value of each slope. 

 

 

 

 

 

 

 

 

 

 

Figure 5: Assessment of rock masses with reference to 

excavatability classification system by Franklin et al. 

(1971), showing blast to loosen in all slope.  

6 CONCLUSIONS 

Overall field observations, laboratory analysis, data processing, rock failure kinematics, and analysis of all 

rock slopes data in the Padalarang andesite mining area, West Java, Indonesia can be summarized as follows. 

The classification of rock mass is very important to determine the stability of the slope including the 

potential for rock sliding that is likely to occur. The slope stability is strongly influenced by the orientation of 

the fractures with respect to the direction and angle of the slope. Therefore, it is very important to carefully 

determined the preferred direction and method of excavation to minimise the risk of rock cut slope 

instability, so it will not endanger the mining area and the road above it. 
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Figure 6: The optimum direction of excavation is based on the kinematic assessment of the percentage of 

poles that can induce failure for a given slope direction. 
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Slope failures, scour and infrastructure 

damage: - Tairāwhiti road network response to 

multiple severe weather events 

D. L. Fellows & N. Barker 
GHD Ltd, New Zealand Auckland, & Palmerston North. 

ABSTRACT 
Within an 18 month period the Tairāwhiti region was hit with 3 heavy rainfall events and 2 cyclones. This resulted in over 5,200 

recorded road faults across its 2,238 km network. The extent of the damage at any site ranged from minor culvert blockages to severe 

forestry scrag deposition, to minor and sizeable under or over slips taking out culverts, road shoulders and active carriageway. 

The immediate response and cost effective final repair of the roading network presented significant challenges for such an extensive 

road network with limited funding. To ensure the best use of available funding for the road repairs the client, Network Operations 

Contract (NOC) contractor and designer worked collaboratively to assess, design and construct slip remedial measures. The 

contractor repaired the majority of the sites during the primary and secondary response phases. Around 380 sites (typically under 

slips) required specific site assessment to determine the most cost effective design solution and collect sufficient ground and 

topographic data for design. Remedial solutions for these more complex sites included: - upslope retreats; bench and fills; culvert 

clearance and repairs; MSE walls; and timber or steel pole walls with anchors. We present the significance, approaches, challenges 

faced and what we have learnt from them. 

1 INTRODUCTION 

Imagine your local river rising over 9 metres for several hours, beaches made of forestry logs and wide spread road closures. This 

was the reality for residents of the Tairāwhiti Region. Between April 2017 & September 2018 the Tairāwhiti (Gisborne) region was 

exposed to 3 cyclones and 2 heavy rainfall events. This resulted in over 5,000 reported faults across the 2,563 km of road network. 

The quantum and magnitude of the problem required several sources of funding and several years work to remediate the reported 

roading faults.  

The road faults were initially managed by the NOC contractor (Downer) and, at the time of the most recent event, the Region’s road 

network was governed by a collaboration between New Zealand Transport Agency (NZTA) and Gisborne District Council (GDC) 

known as Tairāwhiti Roads. This partnership was dissolved as of 1 August 2019 and the local road network is now solely managed 

by GDC and the state highways by the NZTA. 

The Tairāwhiti (or Tai Rawhiti) region is located on the East Coast of the North Island and is considered one of the most isolated 

regions in New Zealand (Figure 1). The topography is mountainous with the Raukumara ranges defining the western boundary. 

The southern portion of the region is comprised of Tertiary aged interbedded mudstones and sandstones (weak rocks). To the north 

the geology also includes Allochthonous Cretaceous aged calcareous mudstone, sandstone, limestone and green sand. All the units 

have been uplifted and deformed by the East Coast Deformation Belt (Figure 2). The region is capped by a veneer of up to 10 m of 

rhyolitic volcanic ashes. The upper weathered weak rocks and overlying ashes form the soils of the region. Local shallow slope 
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instability has also created areas of colluvium on the steep hillslopes which remain vulnerable to continued shallow instability. In 

addition to the ground conditions, historic road formation practices (i.e. sidling cut and fill with minimal compaction) have also 

created areas vulnerable to shallow slope instability. The interface of the fill with natural ground often becomes the shear surface for 

shallow failures. 

 

2 RAINFALL EVENTS COMPARED TO CYCLONE BOLA 

Figure 4 below presents a comparison of the significant peak rainfall events between April 2017 and September 2018 that resulted in 

so much land damage to Tairāwhiti region. Cyclone Debbie (5 April 2017) produced 85 mm of rain over 16 hours and resulted in the 

initial saturation of the regions soils. On 12 April 2017, Cyclone Cook hit the region with a peak intensity of 80 mm in 3 hours. 

Whilst this was a relatively small storm its effects were exacerbated by the preceding Cyclone Debbie. In July 2017 (13-16 and 20-24 

July 17) two storm events also impacted the region with peak rainfall of 50 and 80 mm respectively (Cave et al 2017). 

The 3-4 June 2018 (Queens Birthday storm) produced a total 266 mm in 24 hours. This was a localised event impacting the Uawa 

and Pakarae catchments. A second event over 11-12 June 2018 produced 224 mm in 24 hours. This was a region wide event and 

resulted in flooding and land damage exacerbated by the earlier June event. Flood levels stayed above 9 m for 7 hours (GDC 2018). 

Finally a rain event over 4-9 September 2018 resulted in a peak rainfall of 100 mm. 
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In March 1988 Cyclone Bola struck the East Coast causing widespread damage from land erosion, downstream flooding and 

landslips. Damage estimates exceeded $220 million (Cave et al 2017). Bola had a devastating effect on the steep areas at river 

headwaters that were in pasture or young forestry plantations. Land damage in areas with more mature forestry planting was 16 times 

less than that of pasture and young forestry (Marden and Rowan 1994). McKelvey and Murton (1991) published on 40 landslide 

damage sites on State Highway 35 in the Tairāwhiti region following Cyclone Bola. Over $15 million was spent to remediate these 

40 sites. There is no other data available to understand the quantum of road damage to SH 2 or the local road network.  

As a result of Bola the East Coast Forestry Project was initiated in 1992 with the intent of accelerating the rate of land use change to 

plantation forestry. By 2016 it was estimated that 141,581 ha of land comprised exotic forest (Cave et al 2017). Harvesting of the 

East Coast Forestry Project has already commenced with an expected peak in harvesting in the next 13 years (Cave et al 2017). We 

have not had the data for a direct correlation between damage to the road and forestry activity land. However there is anecdotal 

evidence that areas that have been harvested in the last 5 years have more localised slope failures and road damage. An example is 

Tauwhareparae Road near Tologa Bay. In recent years, this area has been heavily deforested and it was the hardest hit road in the 

region as a result of the 2017 and 2018 storm events. The road recorded over 360 faults from the June 2018 rain event alone.   

Whilst the 2017 and 2018 rain events were not as significant in terms of rainfall intensity or flooding duration as the 1988 Cyclone 

Bola event, the impact on the land, the roading network and the economy has been cumulatively just as significant.  

3 DEVASTATION OF THE ROAD NETWORK 

The combination of the rainfall events, steep slopes, saturated soils, recent logging of areas and logging debris created a “perfect 

storm of circumstances” that resulted in over 5,000 recorded faults on the road network.  

Figure 4 below indicates the quantum of sites repaired, evaluated and consented.  

 

 

Primary and secondary response to these emergencies by the NOC contractor resulted in the majority of the sites being repaired with 

minimal engineering design input. At the end of secondary response the remaining 381 sites required engineering assessment and 

action decisions.  

The repair of all the sites could not be made with the available funding and some sites were either classified as “do nothing” or 

“requiring more funding”. All sites were assessed and 182 sites required investigation, design and consenting. 

The types of failures on the roading network are summarised below and illustrated in Figure 5 below. 

• Over slips – shallow failures of saturated soils on the uphill side of the road 

• Under slips  -  small failures due to scour at culvert outlets  

- scour of the downhill side of the road due to blocked culverts and table drain overtopping  

- shallow failure due to saturation of sidling fills  

• River bank scour generating loss of road carriageway, undermining bridge abutments 

• Forestry scrag damage  

• Hillside failures due to saturated conditions 

Planning

Investigation

Primary and Secondary 
Response

April 2017, July 2017, 
June 2018 & September 

2018 Events

5286 
Recorded 

Sites

381 
Required 

Investigation

182 
Required 
Design

75 Resource 
Consents

107 
Permitted 
Activities

79 Do 
Nothing 

More

120 Require 
Additional 
Funding

4905 
Completed

Figure 4 Summary of remedial actions 



 

4 

 

  Over slip at Waimata Valley Road, Gisborne Under slip at Armstrong Road, Whatatutu 

  
Culvert outlet scour at Moutohora Road, Motu Under slip at Tarndale Road, Whatatutu 

  

Forestry scrag damage at Paroa Road, Tolaga 
Scour due to culvert blockage and storm water runoff 

at Arakihi Road, Tolaga 

  

River bank scour at Tapuaeroa Road, Ruatoria Hillside failure at Waitahaia Road, Te Puia Springs 

 
Figure 5 Examples of failure types on the Tairāwhiti roading network.  
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4 CONSULTANTS RESPONSE APPROACH 

From a consultant’s perspective, we were asked to investigate, design and consent 381 sites in 16 months. From commencement of 

the programme it was important to understand the level of serviceability the client wanted returned to the local roads, the clients risk 

appetite and budget constraints. In collaboration, we determined that if a site had 1 m of shoulder, functioning drainage, no risk of 

undercut or continued failure then a “make safe” or “do minimum” option was applied. Otherwise remedial solutions were identified 

to create stable solutions to replace lost carriageway, establish 1 m of shoulder, add or fix drainage and provide safety features as 

needed.  

The client had a strong desire to make the available funding go as far as possible, thus no or minimal intrusive ground investigation 

was completed. Except for larger road retreats, topographic survey was restricted to zip line, and laser level surveys to develop cross 

sections to support ground model development and design. GDC accepted the resultant risk of unforeseen ground conditions, the 

potential for design outcomes with lower life expectancy and the potential for standing time and design changes during construction, 

To come to this decision the risks were weighed up against the need to have a functional network. An outcome of this approach is 

that chosen geotechnical design parameters were deliberately conservative.  

Borehole drilling or CPT’s were only undertaken for larger and more expensive remedial solutions such as high retaining walls or 

where rock could not be located in hand augers. Mobilisation of investigation plant into the remote Tairāwhiti regions is expensive. 

Drone survey was undertaken for larger road retreats. This was especially important to provide better quality geometrics to assist in 

understanding if private land was affected and to calculate the areas of land disturbance to support consenting.  

As we have shown earlier in this paper, the landscape and the roading network of the Tairāwhiti Region is both challenging and 

relatively fragile. Historically, it has been impacted by a number of flood and rainfall events and may well be subject to seismic 

activity in the future. Given the size of the roading network and the limited available funding, the road operators have a realistic 

expectation around the level of resilience that they expect to achieve. For the flood damage repairs, we collaboratively developed a 

design philosophy which met the clients higher risk appetite and their desire to agree to variations to the design guidance in the 

NZTA Bridge Manual (2018) requirements. This preference included a 15 year design life, no or minimal seismic design, and larger 

accepted deformations. Developing this fundamental understanding of the client requirements and basis for design provided a clear 

pathway of expectations and next steps for the assessment and design teams.  

Assessment teams were sent across the region based on an agreed road priority basis. Roads considered to be key access routes, or to 

have significant importance to the economy such as logging routes were given higher priority. The dedicated assessment teams 

comprised a geotechnical engineer or an engineering geologist paired with a civil/roading engineer. They were located in the region 

for 1 week in every 4. These pairings allowed for a pragmatic and holistic approach to the remedial outcomes such that the failure 

cause was identified, usually storm water related, and allowed for sufficient geotechnical and topographic sections to be collected to 

support design. Depending on the complexities of the sites and their location, an assessment team could visit and collect data for up 

to 35 sites in a week and present a summary of remedial solutions to the client on the last day. These client presentations worked well 

for the less complex sites. We presented the cause of the failure, a range of likely solutions with likely costs and advantages and 

disadvantages. In collaboration with the client we agreed a design option for each site before the assessment team demobilised from 

Gisborne. All parties agreed that this was innovative and cost effective.  

For all the sites that required assessment and design, a bespoke design was generated. Some were as simple as drainage works, 

pavement repairs and minor retreats marked up onto site photos. However, the complex over slips, under slips, river and culvert 

scours required detailed design solutions.  

Typical design solutions for these sites included:- 

• Timber or steel pole retaining walls with/without 

anchors 

• Retreats 

• Reinforced soil slopes 

• Mechanically stabilised earth structures 

Other design solutions such as rock buttressing, gabion baskets, mass block walls were consider at the early stages of the works. 

However, local and regional constraints such as excessive cost of quality rock, limited availability of material suitable for gabions, 

long lead times for concrete block production, long cartage distances and limited number of capable contractors ruled out a number 

of these options. 

For the complex sites, the one size fits all design approach does not work as there are just too many influencing variables. So specific 

design was completed for each site. To deliver the volume of work and sites, a dedicated team of 21 completed the design and 

consenting packages. The deliverables for every site included detailed design drawings, supporting design memo, schedule of 

quantities suitable for contractor pricing, safety in design register, consent assessment, and in some cases consent application. 

Examples of the types of construction outcomes are presented below in Figure 6.  
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Accelerating the design consenting programme, wherever possible, was required to ensure that there was a steady flow of sites 

available for construction and that the funding cash flow could be properly managed.  

   

Timber retaining wall at 

Armstrong Road RP 2.557 

Reinforced slope at Waikura 

Road RP 15.979 

MSE wall at Arakihi Road RP 

0.125 

 

In tandem with the design process, a planning assessment of the proposed works was made to determine if the proposed works are 

either a permitted activity or required a specific consent. The Tairāwhiti District plan is complex and was developed after Cyclone 

Bola to support minimal land disturbance in areas with steep slopes. Whilst it gives due consideration to slope angles, soil types and 

erosion susceptibility it is very restrictive on the quantum of land disturbance that can be undertaken. All remedial works including 

dumping of excavated waste and landslip spoil must meet the Plan requirements. Early planning assessment based on the indicative 

remedial solution and land disturbance areas enabled consent to be prepared in parallel with the design and lodged upon design 

completion.  

To expedite consenting and minimise work for both the applicant’s planners and the council consenting team, clustered consents 

were used wherever possible. The choice of multiple sites in one application were based on land overlay, location or similar type of 

works. 

5 OVERCOMING KEY CHALLENGES  

There were a number of key challenges that had to be overcome to ensure successful delivery of this programme of works. These 

included changing client priorities, changing client organisations, managing the high risk low cost outcomes, delivering design and 

consenting so as to not hold up construction, understanding the limited product options and construction resources in Tairāwhiti, cost 

efficient use of out of region geologists and engineers and limited understanding of the District Plan rules. 

In the early stages of the programme, there were multiple changes in priorities for construction and funding that meant that the 

construction programme did not always match the design/consenting programme. The number of sites being released into the 

programme for design and consenting was not sufficient to maintain a dedicated engineering/planning team and keep several 

construction crews running. This created frustration for all parties involved and did not result in a collaborative team or environment. 

With surety of funding a clear set of roading priorities and a clear delivery time line was developed which allowed a more consistent 

work flow. A programme was developed which allowed for “geos” to be on site for a week in every four, provided clear deadlines 

for design and consenting and allowed the Contractors to have a clear work flow for pricing and construction.  

High risk low cost design with minimal site investigation is not something most geotechnical engineers prefer to do.  We are all 

trained to follow the published guidance and standards. For this project it was important to develop a clear design philosophy and risk 

profile as early as possible and communicate the associated risk to the client. It is also important to bring the Designers on this 

journey so that overly conservative and expensive designs do not result due to the lack of site specific ground condition data. On site 

validation of the ground conditions during construction can manage the associated risks. To mitigate some of this risk and enable 

prompt decisions around design changes for unforeseen ground conditions, a toolbox has been developed. This toolbox addresses 

unexpected soft soil up to 4m deep in the foundations of bench and fill, reinforced fill slopes or MSE walls. It takes the engineer 

through a set of steps to collect on soft soil depth, down slope angles and combined with known design height and design slope angle 

it either identifies the most suitable foundation remediation option or refers the site engineer back to the designer. This innovative 

toolbox has saved thousands of dollars in contractor standing time and expensive redesign.  

Developing a successful collaborative environment where an accelerated programme and cost effective design is required takes 

effort. Having two dedicated flood damage staff embedded in the Gisborne NOC Contractors offices and working with all parties 

resulted was a big contributor to the success of this collaborative approach to delivery. Constructors shared their understanding of 

product restrictions and limitations, and constructability challenges which resulted in fit for purpose designs. With the development 

Figure 6 Examples of completed remedial works.  
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of the clear work flow and work programmes, cost efficiencies were gained especially with the site assessment teams and the 

development of a dedicated design and consenting team.  

The GDC District plan is very complex and there is a lack of understanding of the planning rules by the people on the ground doing 

the work. This can result in construction being done without consents, lack of environmental compliance, dumping of spoil, and lack 

of trust by the Council consenting and compliance teams. The flood damage planning team worked hard to clearly define “permitted” 

activities and identify sites that could go for immediate construction. The team also developed the “clustered” consent approach to 

limit the quantum of consent applications and the time required by the Council consent processing team. The biggest success, 

however, was the improvement of environmental compliance by the Contractors. This was achieved with the development of 

permitted activity sheets which clearly indicated what was allowed and provided guidance on erosion and sediment control measures 

and related activities. These sheets coupled with specific contractor education sessions markedly increased the level of understanding 

and compliance.  

6 LESSONS LEARNT 

Delivering a design and consenting programme of hundreds of small sites in a tight time frame comes with many challenges. 

Retrospect allows us to take stock and look at what we have learnt, what works what doesn’t work and share this with the technical 

community. The list below is a brief summary of the lessons learnt, most of these have been discussed above.  

• Document the clients risk appetite and the resultant design philosophy very early in the project. Ensure this is 

communicated to the whole team in order to prevent misunderstandings and the need for rework; 

• Building knowledge and consistency in approach. The best delivery outcomes for both site assessment, design and 

consenting was when we had a consistent team of people on the job;  

• Having dedicated senior staff in Gisborne for a significant duration made the team readily available to client and contractor 

alike, developed the trusted relationship and provided agility to manage programme and approach changes;  

• Working collaboratively with contractor, client, planners and designers and consenting authority resulted in a very positive 

delivery outcome and award winning client service;  

• Pairing civil and geotechnical engineers together for the assessments resulted in better design solutions: - outcomes that 

dealt with storm water as well as the geotechnical concerns; 

• Gaining the client’s confidence and developing a limited gateway approval process to keep work packages flowing; 

• Looking for time efficiencies in design and consenting. e.g. Design directly on to photos for simple sites and use clustered 

consenting  

• Add value where ever possible to support the collaborative environment. Examples included education of contractors on 

permitted activity standards; development of a costing tool for the site assessment team to price remedial options quickly; 

identifying alternate product that could be used for earthworks; and developing a tool box to deal with unforeseen 

foundation conditions for bench and fill and MSE slope options.  

7 CONCLUSION 

The impact of five storm events resulted in widespread damage to the Tairāwhiti roading network. Whilst these storms did not have 

the same rainfall intensity as the infamous 1988 Cyclone Bola, cumulative damage has been equally significant. Post Bola, forestry 

plantations were used to stabilise the region. Harvesting of these forests has been underway for the last five years. There is anecdotal 

evidence that recent deforestation has increased road failure rates and damage to the roading network.  

To deliver a remediation programme in a tight time frame, a strong understanding of the client’s risk appetite, budget and required 

level of service was developed early. It meant we were able to collaboratively develop a design philosophy to meet their expectations 

and, in this case, higher risk appetite and cost effective outcomes. Pairing geotechnical and storm water/civil professionals provided 

an innovative approach to site assessments which allowed for pragmatic and holistic remedial outcomes, cost effective site data 

collection and fast track design solutions.  

Collaboration brings about innovation. In this case, costing tools and soft soil foundation toolboxes were developed and the 

consenting team developed a “clustered” approach to resource consent applications to reduce the time required for Council 

processing. Contractors were given guidance and training to improve environmental compliance. The outcome to date has been full 

environmental compliance.  

These storm events will not be the last to hit the region and by developing tools and systems and working collaboratively the NOC 

contractor and GDC will be able to respond to future events with promptly and prepare better funding applications. 
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ABSTRACT 

This paper compares the predicted and observed construction-induced settlement for a project in Hamilton, 

N.Z. The project involved the construction of four shafts and associated pipelines in high-permeability 

alluvial (Hinuera) soils in an area with a high water-table. The city is embarking on significant development 

and expansion with a number of similar projects in development. The predictive model used was an industry-

standard technique widely accepted by local regulators and which allows for rapid assessment, this was 

adopted over more sophisticated methods in order to minimise consenting delays. The settlement effects 

from dewatering of four sheet-piled shafts over a 6-14 week period were assessed against those predicted. 

Surface monitoring was undertaken by surveying points located in a number of surface types (grass, 

pavement and structures) and included deep points unaffected by seasonal variation. Surveys identified no 

discernible settlement in the zone of measurement between 9m and 68m from the shaft edges, groundwater 

monitoring showed a similar subdued response. The results are presented in a distance versus settlement 

chart and a discussion for the refinement of future projects is provided. Given the widespread occurrence of 

Hinuera soils over the Hamilton basin, this study may be applicable when consenting future developments in 

the region.  

1 INTRODUCTION 

Pipelines installed by open trench methods often require dewatering of the trenches and shafts to permit safe 

installation and provide a dry base to the excavation. This process is known to cause two principal settlement 

effects on the surroundings, the first is settlement related the change in effective stress as a result of the 
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drawdown, the extent and amount of settlement being a function of the soil permeability, groundwater level 

and  trench depth. The second is settlement related to the lateral movement of the trench sides upon 

excavation due to changes in stress field and the resultant vertical movement that occurs. The former effect is 

more dominant in coarse grained soils, whilst the latter tends to be the more dominant effect in fine grained 

soils.  

As part of the consenting process these effects are routinely modelled so that sensitive receptors can be 

identified and effects mitigated and/or monitored. A long-standing method for modelling the dewatering-

related effects is that of Somerville (2005) in CIRIA Report R113 whilst methods for modelling the lateral 

wall movement component are described in CIRIA Report C760.  

These modelling methods were adopted for the assessment of effects of the Western Wastewater Interceptor 

Duplication project in Hamilton, NZ. The project was a 2.4km long pipeline with a 1050mm internal 

diameter concrete pipe installed up to 6m deep. The project duration was over nine months and was 

consented in two portions. This staged approach provided the opportunity to compare the modelled versus 

observed settlement in the first portion, and refine the model for the consenting of the second portion in order 

to reduce excessive conservatism and refine the monitoring regime. The benefit of adopting the Somerville 

method over other methods was its ability to rapidly assess the entire pipeline and the wide acceptance of the 

method by consenting authorities both of which minimised consenting delays.  

1.1 Engineering Geological Setting 

The study site lies entirely on the alluvial plains of Hamilton, within soils of the Hinuera Formation. The 

Hinuera Formation is derived from weathering of pumiceous ejecta from the volcanoes of the central plateau 

laid down in the braided river systems of the ancestral Waikato River on a large, low angle fan surface, 

which passed northward into an extensive braided river plain. The latest depositional episode for the 

formation is dated at between 22,000 and 17,000 years ago (Lowe 2010). Cross bedded sands, silts and 

gravels dominate this highly variable unit.  

Localised bogs have developed across the alluvial plain and whilst the study area lies close to the boundary 

of one such bog (Rukuhia Bog) boreholes undertaken for the project identified only minor organic horizons 

within the trench envelope.  For the purposes of the study, the soils in the trench and shaft envelope can be 

considered to be interbedded fine to coarse sands and silt-sand mixtures such as are indicated in the core 

photos from the northern reception shaft MH1 in Figure 1 below.  
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Figure 1: borehole core photographs for the northern reception shaft 

Long-term groundwater monitoring was undertaken as part of the project and identified an unconfined 

aquifer with a seasonal high generally between 1-2m depth below ground level and a seasonal low typically 

1-1.5m deeper. This is typical for the alluvial plains in the vicinity of Hamilton City.   

2 DEWATERING INDUCED SETTLEMENT MODEL 

The component of vertical movement due to dewatering and the component due to lateral displacement were 

modelled separately using GIS techniques and the separate settlement models (grids) were combined in order 

to assess the overall effects.  

The process for the dewatering component, described in Sommerville 2005, is as follows: 

First the radius of influence is established. The radius of influence (R0) is a function of the drawdown (h) and 

the permeability (K) described by: 

𝑅0 ≅ 𝐶ℎ√𝐾 

 (1) 

Where R0 and h are in metres, k is in m/sec and C is a factor equal to 3000 for radial flow to pumped wells 

and between 1500 and 2000 for line flow to trenches or to a line of wellpoints. 

The drawdown effects and therefore the amount settlement, decrease in a log spiral manner with increasing 

distance from the trench. The Somerville model assumes the drawdown curve in Figure 2. 
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Figure 2: Relation of Drawdown to Distance from Centre of Cone of Depression 

It can be seen from Figure 2 that the amount of drawdown (and therefore settlement) decreases rapidly from 

the trench edge as distance increases such that at 50% of the R0 distance (50% of the radius of influence), 

drawdown may be only 20% of that experienced at the trench crest. 

The calculations predicted a wide range in the extent of effects which reflects the wide range of 

permeabilities in the drawdown zone and the variability in drawdown height (h) along the pipeline route. Soil 

permeabilities were derived through the use of standard correlations with CPT data over the drawdown 

height.  

The amount of settlement (mm) was estimated using the following method set out in Sommerville 2005: 

 

𝑔ℎ0 × 50

𝑞a
 

 (2) 

Where 𝑔 = 9.8 ,  ℎ0 is the drawdown experienced at the point of interest and 𝑞a is the allowable bearing 

capacity at the point of interest, taken to be 100kPa for the model in order to equate to approximately 300kPa 

ultimate bearing capacity as is common for these granular Hinuera materials.   

Through the use of GIS techniques, the alignment was broken into sections of similar soil permeability (K) 

and drawdown height (h). Drawdown (h) itself being a function of the relationship between pre-construction 

seasonal high water  level and the invert level of the pipe at that location, plus an additional 1m depth to 

account for the depth of wellpoints below the invert level that is required in order to keep the point mid-way 

between the two rows of wellpoints dry. Currently only a full observation data set is available for the four 

Tunnel Boring Machine (TBM) shafts and therefore this paper focusses only on those four shafts. 

Through GIS is was possible to derive settlement contours for each pipe section and shaft in turn and then 

blend them into a combined settlement model grid which could be later contoured.  
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Figure 3: Example of settlement contours derived for the southern shafts MH6 and MH7 

3 LATERAL WALL MOVEMENT MODEL 

The approach for the modelling of the effects of lateral wall movement was undertaken using the empirical 

methods described in CIRIA 760 and assuming the maximum of the reported surface settlements in the case 

studies provided for sand as indicated by the bold black line in Figure 4 below. From this it is apparent that 

the extent of settlement effects due to lateral movement in sand are typically limited to within twice the 

trench height. 

                           



 

6 

 

Figure 4: Ground Surface Settlement due to excavation in front of a wall in sand 

An example for a 4m deep trench is as follows: 

Table 1: An example for a 4m deep trench 

Distance from 

wall (m) 
0.0 0.8 1.6 2.4 3.2 4.0 4.8 5.6 6.4 7.2 

Settlement 

(mm) 
12 10.4 7.2 5.2 3.2 2 1.2 0.8 0.4 0.2 

 

From which is can be seen that, in sand and for the range of trench depths commonly required in pipeline 

projects, the effects of lateral wall movement can be expected to approach the accuracy of traditional 

topographic survey methods (+/- 2mm) at around 1 x trench height from the trench edge and become 

undetectable thereafter.  

Once again, using GIS techniques the alignment was split into sections of similar excavation depth and a 

settlement grid formed.  

The two settlement grids (the one from dewatering and the second from lateral wall movement) were 

combined and contours derived for the 0mm, 2mm and 5mm contour etc.. The 2mm contour representing the 

limit of the accuracy of the surveying method and the limit beyond which any effect could be considered 

negligible (e.g. with reference to Rankin 1988).  

Because GIS techniques had been adopted, it was possible to derive settlement slopes across the project area 

and compare those slopes to tolerable differential settlement criteria such as the building damage 

classification criteria of Burland (e.g. Burland and Wroth 1974 and Mair, Taylor and Burland 1996)  and the 

equivalent for buried services (e.g. Bracegirdle et al. 1996).  

4 MONITORING METHODS 

Monitoring was undertaken by traditional topographic surveying techniques by a registered professional 

surveyor to assess the vertical settlement. Four types of survey point were installed: A shallow monument 

mounted just below the surface in grassed areas, survey pins in the pavement, a bolt located on the slab 

adjacent to foundations of structures and finally a series of deep points, consisting of a 0.5m rebar rod set 

with a top at a depth of 0.5m below ground level inside a sleeved hole, these latter points being designed to 

be highest-quality survey points unaffected by seasonal surface effects.  

The survey points were supplemented by datums/benchmarks located well outside of the zone of influence of 

any dewatering.  

Groundwater was measured at two cross sections each comprising of a pair of boreholes and each hole 

containing two vibrating wire piezometers (VWP) grouted-in and data logged with telemetry. In each hole, 

one VWP was located just below the level of the well points and another at around the mid-point of the 

trench depth.  

5 DEWATERING REGIME 

Around the shaft perimeter, wellpoints were typically 6m deep (the shafts being 5m depth) and spaced 1-

1.5m apart, the shafts were supported by sheet piles with a whaler beam. Wellpoint dewatering was 

undertaken at the following rates and durations for the various shafts.  



 

7 

 

• MH1 northern reception shaft – dewatering at a rate of approximately 5-6l/sec for a period of 14 weeks 

• MH2 northern launch shaft – dewatering at a rate of approximately 5-6l/sec for a period of 14 weeks 

• MH6 southern reception shaft – dewatering at a rate of approximately 5-6l/sec for a period of 6 weeks 

• MH7 southern launch shaft – dewatering at a rate of approximately 5-6l/sec for a period of 7 weeks 

Given the permeabilities of the ground, it would be expected that a steady state of drawdown would be 

achieved in a matter of a few days to three weeks, therefore for all four shafts, it is assumed a steady state of 

drawdown was achieved during the monitoring period.  

6 SURVEY REGIME 

Dewatering and construction for the shafts started in late August 2019 and some 16 weeks of survey data was 

collected as construction  proceeded. Surveying frequency was initially daily, reducing to twice weekly, 

weekly and then fortnightly in agreement with the regulator as confidence in the effects (or rather, the lack 

thereof) increased as the works progressed.  

7 COMPARISON OF THE MODELLED SETTLEMENT AGAINST THAT OBSERVED.  

The settlement model for the shafts has been compared to the observed settlement in Figure 5 below.  Much 

of the observed data indicates simple scatter associated with the surveying method, generally +/-2mm 

accuracy, occasionally +/-3mm e.g. due to road-borne vibration. The data presented are results from the final 

survey round, undertaken once dewatering had stopped, this represents up to 14 weeks of dewatering for the 

MH1 and MH2 shafts and approximately 6-7 weeks at the MH6 and MH7 shafts. The predicted movement 

for each shaft has been shown individually. For clarity, only those points located in a zone modelled to 

experience >2mm settlement has been shown in Figure 5. The data for the areas modelled to experience 

<2mm settlement show the same trend however.  

The figure shows only the dewatering-induced settlement component of the model because all of the 

observation points for the shafts were sufficiently far from the shafts for the effects of lateral wall movement 

to be zero. 
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Figure 5: Observed vs Predicted Movement for all shafts 

It can be seen from the above figure that no observed movement is discernible beyond the scatter associated 

with the survey technique, regardless of the type of monitoring point employed.  We have already noted that 

the +/- 2mm scatter associated with the survey technique is too small to be of concern to structures and 

infrastructure. 

In the model, settlements up to 38mm are predicted immediately next to the shaft walls and settlements over 

20mm within 7m of the shaft walls are commonly predicted. In this this study it was not practical to install 

survey points in such close proximity to the shafts due to the scale of construction activities (e.g trafficking 

and sheet pile driving), additionally, there were no sensitive receptors in such close proximity and therefore 

surveying in close proximity to the shafts was not warranted.  

Piezometers showed a similar subdued response, with the maximum groundwater drawdown recorded on the 

project being 0.8m (from 2m below ground level (bgl) to 2.8m bgl) in piezometers set back 40m from the 

active wellpoints and more a typical drawdown being <0.5m at 20m from the active wellpoints.    

8 DISCUSSION AND CONCLUSION 

This study found that beyond the zone of construction traffic, no surface effects from dewatering could be 

discerned. Therefore, whilst the methodology in Somerville 2005  might be appropriate as a first-pass for 

assessing effects, if those effects are found to be less than modest, the approach may be lead a project to 

undertake excessive and unnecessary monitoring and mitigation.  
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Reasons for the disparity between the settlement predicted by this method and that observed might be due to 

assumptions in groundwater level, permeability, allowable bearing capacity factor or simply the semi-

empirical nature of the method. 

The model conservatively assumed groundwater level to be the seasonal high, but for the purposes of 

settlement, this may be unrealistic in granular soils because negligible rebound may occur after the seasonal 

low and therefore a lower groundwater level may be more appropriate. 

The study derived soil permeability from industry-standard correlations with CPT data, averaged over the 

range depths being dewatered using two averaging techniques and selecting the higher permeability of the 

two. CPTs are known to underestimate the fines content in mixed granular soils (Robertson and Cabal 2015) 

and therefore, may overestimate the permeability of such soils, resulting in a greater predicted effect. The 

study soils are complex and variable over short vertical and lateral distances, in such soils it may be 

beneficial to expend more effort in establishing mass vertical and horizontal permeability if the first pass 

assessment identifies more than modest effects.   

On the basis of this study, it is recommended that should the Sommerville 2005 method identify anything 

other than modest effects, the cost-benefit of undertaking additional studies be considered. Additional studies 

may include reference to other published real-world studies in similar soil types in order to justify the use of 

reduced factors in the model, full scale dewatering trials in similar soils, and/or detailed mathematical 

modelling of the effective stress changes in specific problem areas.  
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ABSTRACT 

South Dunedin is located on a small coastal plain that has formed over a drowned and subsequently 

infilled valley. Formerly a salt marsh formed behind sand dunes, South Dunedin has been 

progressively developed since 1840 and is now one of the most-densely populated areas in New 

Zealand. South Dunedin is vulnerable to surface flooding, as normal groundwater levels are close to 

the surface and in the future flooding may be exacerbated by sea-level rise. In addition, subsurface 

materials are considered prone to amplifying seismic shaking and susceptible to liquefaction. 

In 2019, several organisations funded a variety of subsurface investigations in South Dunedin to 

determine geotechnical properties, groundwater properties and geometry of the valley-infill. Sixteen 

CPT tests were carried out and shallow piezometers installed at 8 of these sites. Three deeper 

boreholes were drilled to determine the thickness of sediment and deeper-level groundwater 

conditions. Other existing borehole and CPT data have been collated as they have become available. 

Geophysical methods were used by University of Otago to investigate the dynamic characteristics 

of the subsurface materials. 

Results of the investigations and groundwater data will be used in seismic hazard and liquefaction 

analyses and will inform a groundwater model. An interpretive 3-dimensional geological model of 

the valley subsurface geometry has been generated and this will improve the ability of the 

NZSeaRise programme to analyse the impacts of various sea level rise scenarios on the 

groundwater, future surface flooding, and infrastructure. 
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1 INTRODUCTION 

1.1 Background 

South Dunedin (Fig. 1) is built on 600 ha of flat coastal plain, most of which is less than 3 metres above 

mean sea level (Fig. 2). The coastal plain, a salt marsh behind dunes prior to European settlement, was 

formed over an infilled river valley. Since colonisation in 1840 the salt marsh has been progressively 

developed and is now one of the most-densely populated areas in New Zealand. 

The area is subject to several natural hazards (Glassey et al. 2003, Goldsmith & Hornblow, 2016) including 

surface flooding, being flat, close to sea level and with groundwater close to the surface. In addition, 

subsurface materials have been identified as amplifying seismic shaking (Bishop 1974) and have been 

considered susceptible to liquefaction (Murashev & Davey 2005, Barrell et al. 2014). The depth of poorly 

consolidated sediment infill beneath South Dunedin has long been a matter of uncertainty and debate. Few 

drill holes reach bedrock, and sediment depth estimates have relied largely on indirect measurement and 

interpretation from geophysical surveys (resistivity, gravity and seismic). 

In June 2015, a rainfall event that was both heavy (144 mm) and intense (9-12 mm/hr) caused NZ $40 

million damage through flooding. In places the stormwater network was over-run and ponding of surface 

water occurred. Shallow groundwater levels also play a role in local flood hazard (ORC 2015). The 

Parliamentary Commissioner for the Environment noted that South Dunedin has around 2700 homes < 0.5 m 

above the spring high tide mark (asl), twice as many at-risk dwellings than in any other New Zealand coastal 

urban centre (PCE 2015). In addition, 12 schools, early childhood centres, a stadium, parks and sports 

grounds, together with electricity substations, the city’s main wastewater treatment plant, a stormwater 

pumping station, fuel storage depots, and many large commercial and public buildings all situated on land < 

3 m asl. Main arterial roads and critical trunk sewerage and stormwater pipes add further to the assets at risk. 

The Parliamentary Commissioner for the Environment also identified South Dunedin to be at risk from 

increased coastal flooding as a result of sea-level rise (PCE 2015). The local government is now facing 

difficult decisions about the sustainability of this low-lying coastal community in terms of levels in 

investment and protection of this area. While these are fundamentally social and economic issues, decisions 

around them must be informed by rigorous technical assessments and investigation and more extensive 

monitoring systems. 

1.2 Geological setting of South Dunedin 

The bedrock geology of South Dunedin and the surrounding area is comprised of Early Miocene Caversham 

Sandstone and Late Miocene volcanic rocks of the Dunedin Volcanic Group (Benson 1968, Bishop and 

Turnbull, 1996, Barrell et al., in prep). Caversham Sandstone outcrops in the Caversham Valley area, while 

the overlying Dunedin volcanic rocks form the hills surrounding the harbour and South Dunedin. Beneath 

South Dunedin, Quaternary sediments, comprising sands and silts deposited under marine to estuarine 

conditions, and sandy and gravelly stream sediments are thought to be as much as 70 m thick. Large 

accumulations of dune sand have formed along the southern coast providing a topographic barrier between 

the Pacific Ocean and South Dunedin. 

South Dunedin has formed, in geological terms, very recently. During the most recent glacial period, which 

peaked about 18,000 years ago, sea level was at least 120 m lower than present and the coastline as much as 

35 km offshore. At that time, the Water of Leith (Fig. 1) catchment is thought to have drained to the Pacific 

Ocean through the area now occupied by South Dunedin, via a broad valley.  

Following the peak of the last glacial period, sea level began to rise, reaching its present level about 7,000 

years ago. A dune barrier formed between St Clair and Lawyers Head (Figs. 1, 2) and fine sediments 
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accumulated in the sheltered water at the head of the harbour. Sediment accumulation eventually built up to 

just above sea level in South Dunedin producing salt marsh that has, since colonisation in the 1840s been 

levelled with a thin (~1 m) veneer of placed fill and developed. 

 

Figure 1. Location of South Dunedin (circled). 

  

Figure 2. Topographic elevation 

model for South Dunedin 

generated from a 2009 LIDAR 

survey. 
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2 SCOPE OF STUDY AND INVESTIGATIONS 

Otago Regional Council (ORC) is developing a multi-hazard Climate Change Adaptation Plan for the South 

Dunedin area. ORC is being assisted by several organisations with associated supporting activities such as an 

expanded groundwater monitoring network, greater definition of the sediments beneath South Dunedin, an 

understanding of seismic risk and long-term subsidence rates. In addition, updated groundwater flow models 

for South Dunedin will help assess the impacts of rising sea level on the local coastal aquifers. The 

investigations described here will inform stormwater management, climate change and natural hazards 

adaptation decisions for South Dunedin, including the replacement of the stormwater and waste water 

infrastructure in South Dunedin over the next five to 10 years. 

The South Dunedin area is a case study for the NZSeaRise research programme, which has 5 years of 

funding (2017-2022) to assess impacts of predicted sea-level rise throughout New Zealand, including 

groundwater flooding on coastal plains. A pre-existing groundwater model for South Dunedin (Rekker 2012) 

is relatively simplistic, assuming homogeneous sediments throughout the area and calibrated on just four 

shallow (~6 m deep) groundwater monitoring bores. Prior to the NZSeaRise drilling programme of 2019, 

few drill holes reached bedrock beneath the sediment infill. One of the project aims is to develop an 

improved subsurface geological and groundwater model, to more-effectively model the influence of sea level 

rise on groundwater.  

The main purpose of this paper is to describe the development a 3D geological model for South Dunedin 

which will be incorporated into a broader Dunedin Urban Geological map (Barrell et al. in prep) being 

produced by GNS Science under the RGMAD Urban programme. The investigations and groundwater 

monitoring will also be used in seismic hazard and liquefaction analyses and modelling the impacts of sea-

level rise on groundwater and surface flooding. 

2.1 Previous work 

Previous work in South Dunedin includes a 1993 seismic hazard study funded by The Earthquake 

Commission (EQC - McCahon et al. 1993). Available drill hole data were collated, but none of these holes 

reached bedrock and so were of limited interpretive value. The report also included a resistivity survey, the 

data from which were used to make an interpretive map of the thickness of sediment beneath South Dunedin. 

Stephenson & Barker (1999) investigated South Dunedin for seismic wave resonance using microtremor 

measurements and four Cone Penetrometer Test (CPT) measurements.  

Some commercially-funded geotechnical investigations in South Dunedin (Fig. 3) were made available for 

this project, including 2005 and 2009 investigations from the Tahuna Wastewater treatment plant, 2009 

investigations from the Bunnings Warehouse site and 2016 investigations from the Edgar Centre sports 

complex. These investigations provide information > 6 m depth and intercept bedrock at Tahuna and 

Bunnings (Fig 3). 

2.2 Investigations 2019 

In 2019, several organisations funded a variety of subsurface investigations in South Dunedin to determine 

geotechnical properties, groundwater and geometry of the valley-infill (Fig. 3). The “QuakeCore” 

consortium (Universities of Canterbury and Otago, EQC, GNS Science, ORC and Dunedin City Council) 

funded 16 CPT soundings across South Dunedin and installed shallow piezometers at 8 of these sites. ORC 

and Oceana Gold, along with the NZSeaRise research programme, funded 3 deeper drill holes with core 

recovered by sonic drilling to determine sediment types and thicknesses, depth to bedrock and deeper-level 

groundwater conditions. Geophysical methods have been used in University of Otago post-graduate student 

projects to investigate subsurface characteristics (Rees 2018, Lutter 2018, Sangster, 2019). The subsurface 
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data have been collated into a database and drill logs have been made available on the NZ Geotechnical 

Database. 

3 GEOLOGICAL MODEL OF SOUTH DUNEDIN 

Existing and new subsurface data has been analysed and allowed for reinterpretation of the geology beneath 

South Dunedin and an updated geological model to be developed. 

3.1 Characteristics of subsurface materials 

The drill hole logs, CPT data, and radiocarbon dating have enabled a two-layer interpretation of the South 

Dunedin Quaternary sediment infill. In addition, those drill holes that reached bedrock have provided new 

knowledge of the distributions of Caversham Sandstone and Dunedin Volcanic Group bedrock under South 

Dunedin. Co-located drill holes and CPT probes afford insights to the interpretation of CPT data at other 

locations where there are no nearby drill hole data. 

Barrell (2002) considered that two distinctive Quaternary sediment packages can be recognised in drill holes 

in the Dunedin port area, and under South Dunedin. The younger package is associated with the post-glacial 

marine transgression (Holocene sediments). These sediments are predominantly silt-clay of moderate to high 

plasticity, with colours ranging from dark grey to grey brown, in some places containing shells and sand 

layers. The sediments have a distinctive CPT values indicating very low strength. Radiocarbon dating of 

organic material from drill core at two locations, the Edgar Centre (Fig. 3) and De Carle Park (site 

CE17/0106, Fig. 3) has confirmed early to mid-Holocene ages at 20 m and 11 m respectively.  

The underlying sediment package (‘Pleistocene’ sediment) is generally distinguished by difference in colour, 

with a prevalence of various yellow or brown tones, low to no plasticity, and an increase in CPT strength. 

These sediments vary in composition. They include sub-rounded gravels (volcanic provenance), sands and 

silts. Minor components may include wood fragments and diffused or layered dark organic material. 

Radiocarbon dating has returned ages beyond the range for the method (i.e., older than ~50,000 years). This 

sediment package is interpreted to be predominantly of terrestrial alluvial origin, including colluvial 

components near the slope bound margins. 

Further subdivision of the sediments, for example into facies that may possibly represent interglacial and 

glacial period deposition (Rees 2018), has not been possible as existing drill hole information across South 

Dunedin is too sparse, or inadequately detailed, to allow that degree of interpretation across the entire 3D 

geological model. 

In the eight drill holes where it is encountered, bedrock is either Dunedin Volcanic Group or  Caversham 

Sandstone. The volcanic materials include slightly to highly weathered lava and breccia and highly 

weathered fine-grained volcanic silt-clay. In drill core it is not always possible to confidently distinguish 

whether weathered volcanic material is in-situ volcanic rock or volcanic-derived alluvial sediments. 

The volcanic bedrock has been eroded in parts so that the Quaternary sediments rest directly unconformably 

on Caversham Sandstone. In drill hole CE17/0105 (Fig. 6), the upper part of the Caversham Sandstone is a 

highly weathered, very soft and moderately to highly plastic clay-silt but becomes less weathered and sandier 

with depth. Caversham Sandstone has a distinctive calcium-rich chemistry, with its matrix typically 

comprising about 60% CaCO3 in less weathered rock. In drill core where it was uncertain if the material was 

weathered Caversham Sandstone or Quaternary sediments, such as at the Edgar Centre, testing with weak 

hydrochloric acid and portable XRF probing has aided identification. 
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Figure 3: Subsurface investigation data points used in the South Dunedin project. 

3.2 Subsurface geometry and geological model 

One of the aims of the 2019 drilling was to establish the depth and character of sediment beneath South 

Dunedin. On the basis of resistivity soundings, McCahon et al. (1993) previously postulated the existence of 

a buried river valley with a base about 70 m deep (Fig,4). Sangster (2019) used modelling of passive and 

active seismic waves to interpret Quaternary sediment depths and determined a mean depth of 29 m and a 

maximum depth of 86 m, and that in most places these sediments rest on Caversham Sandstone. Sangster 

(2019) also re-examined the Lutter (2018) gravity survey data (Fig. 4) – the Lutter gravity survey interpreted  

sediment depths about twice the depth indicated by other methods. A feature of the Sangster (2019) and 

Lutter (2018) geophysical models is that they depict closed basins, without a definitive paleochannel (Fig 4.). 

The three new deep drilling sites (Fig 4) encountered bedrock at 12.7 m, 16.2 and 17.3 m, compared to 

depths of 20 - 50 m anticipated from geophysical modelling. The drill hole data are regarded as the most 

reliable, despite some interpretive challenges such as determining whether volcanic rock material recovered 

by drilling is from in-situ bedrock or from coarse gravelly sediment. CPT data are treated here as the next 

most reliable information set, particularly for differentiating the Holocene from the Pleistocene sediment 

packages. Of the geophysical data considered in the modelling, most weight is given to gravity anomalies 

followed by the seismic reflection or refraction profiling. 

The geological model presented here (Figs. 5 and 6 - developed in LeapFrog Geo® software) places key 

importance on the geological process environment. Fluvial erosion is assumed to have been the primary 
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agent that shaped the geometry, with sediment architectures reflecting an interlayering of fluvial and coastal 

in response to offshore sediment supply systems. The model takes the deepest drilled depth of Quaternary 

sediments (at least 52 m below present sea level), between the Bunnings and Edgar Centre localities; Fig. 3) 

and assumes a channel of at least this depth must continue southwest and beyond the present coast. 

The absolute depths of sediment determined from gravity profiles (Sangster 2019) have not been adopted but 

we have interpreted features delineated by the anomalies, such as relatively shallow bedrock under Kettle 

Park. Two of the 2019 drill holes (Fig. 4) intersected this bedrock platform (CE17/0106, CE17/0107), while 

the western drill hole (CE17/0105) is situated at the margin of the main trough (Fig. 5). From these 

considerations, a structure contour map was drawn on the base of the Quaternary sediments (Fig. 5), and then 

imported into LeapFrog Geo software for rendering and manipulation in a digital 3D environment. 

CPT data indicate that the base of the Holocene sediment is relatively shallow across the western part of 

South Dunedin (Fig 6.), but much deeper near the Edgar Centre. The model therefore extrapolates the 

Holocene trough south through the eastern margin of the South Dunedin plain (Fig 6). This model infers that 

the Holocene channel has migrated away from the deeper Quaternary channel. Both these modelled surfaces 

(base of Holocene and base of Quaternary) will require further refinement. 

 

Figure 4. Contours on the depth of Quaternary sediment in the south Dunedin by Sangster 2019 (coloured), 

from McCahon et al., 1993 (black). The depth to bedrock (Dunedin Volcanics) at the 3 deeper holes drilled 

in 2019 as part of this study (pink circles with white cross) are shown. 
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Figure 5. Perspective view of the base of the Quaternary sediments with structure contours (values given as 

elevation top right), showing the bedrock (volcanic in pink and Caversham Sandstone in orange) surface 

beneath South Dunedin. 

 

 

Figure 6. Plan view of the base of the Holocene sediments with structure contours (values given as elevation 

top right), South Dunedin.  The Quaternary sediments are shown in yellow-green with the volcanic bedrock 

in pink and Caversham Sandstone in orange. 
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4 HAZARD IMPLICATIONS 

4.1 Seismic Amplification 

Stephenson et al. (1999) found that only a small part of the sediment in the east exhibited a resonant basin 

response and considered this part of an infilled channel. They concluded that “the soil materials in the 

resonant part of South Dunedin are mostly weak, cohesive and non-liquefiable. However, because of their 

weakness they are likely to exhibit ground damage effects other than liquefaction when subjected to strong 

shaking”. Bishop (1974) identified amplified earthquake shaking in parts of south Dunedin and the 

maximum extent could be related to deeper parts of the sediment stack as depicted in the deeper channel 

shown on Figure 5. However, Bishop (1974) inferred that this might have been related to edge effects, 

especially along the western edge, that caused amplification of certain frequencies (Stephenson et al., 1999, 

Murashev & Davy 2005). 

Sangster (2019) updated p-wave (Vp) and s-wave (Vs) seismic velocities of the materials below South 

Dunedin and considered that the velocities between 50 and 100 m depth are significantly slower than 

previously determined by McCahon et al. 1993. This may be because of the weathered nature of the bedrock 

as encountered in drill holes. Site periods are significantly shorter near the western hills and increase toward 

the harbour, as the depth to bedrock increases and along the axis of the inferred paleochannel. The results of 

this study may be useful in future ground motion simulation work. 

4.2 Liquefaction 

Near-surface Holocene sediments in the South Dunedin have been considered as susceptible to liquefaction 

(Barrell et al. 2014 and Murashev & Davey, 2005, McCahon et al. 1993 et al.) as they inferred relatively 

unconsolidated, saturated silts and sands. Stephenson et al. (1993) considered them non-liquefiable. 

Preliminary Boulanger and Idriss (2014) analysis of the CPT soundings being prepared for the ORC (Ben 

Mackey pers. comm. April 2020) indicate that the sediments, except in a few places, are not highly 

susceptible to liquefaction as the near surface Holocene materials are cohesive, clayey, with moderate to high 

plasticity. 

4.3 Flooding 

Cox et al. (in prep) have analysed groundwater data across South Dunedin and determined that the for the 

most part groundwater levels are between 0 and 1 m below the ground surface. No confined groundwater 

was encountered in the drill holes. The response and spatial variation of the groundwater to sea level rise is 

partly dependent on the characteristics of the sediments. Utilising the data from the 2019 piezometric 

network the existing groundwater model (Rekker 2012) will be updated and used to model groundwater 

changes under different future sea level scenarios. 

5 CONCLUSIONS 

Existing and new drill hole and CPT information for the South Dunedin area have been collated together 

with data from geophysical surveys, then used to develop a new 3D geological model of subsurface geology  

under the South Dunedin coastal plain. It is interpreted that a drowned valley, with two former channel axes 

are present based on the premise that drainage passed through South Dunedin during glacial peaks. A deeper 

and older western channel has cut into the bedrock, and a shallower and younger eastern channel marks 

Holocene in-filling  following the last glacial maximum sea level rise. It is intended that this model will form 

a basis for future modelling of the groundwater systems, seismic behaviour and potential geological hazards 

in the South Dunedin area, to inform planning, hazard analysis and approaches to managing the effects of 

future sea-level rise. 
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ABSTRACT 

In 2011, rockfalls made Sumner Road near Christchurch unsafe and the road was closed to all traffic. This 

2.5 km-long Christchurch City Council operated road, an important alternative route to the Lyttelton Tunnel, 

sustained extensive damage due to rockfall and retaining wall failures during the 2011 Canterbury 

Earthquakes.  Reconstruction of Sumner Road by head contractor McConnell Dowell Constructors Ltd 

began in November 2016 and included excavation of a 407-metre-long rock catch bench blasted from the 

rock slopes. The project was jointly funded by Christchurch City Council and Waka Kotahi New Zealand 

Transport Agency. After the rockfall risk had been sufficiently mitigated, repairs to damaged retaining walls, 

drainage structures and pavements followed. The rockfall catch bench design was informed and refined by 2 

and 3-dimensional analysis of boulder path concentrations to ensure that the target level of rock retention 

would be achieved. This was calibrated with observation of actual rockfall trajectories and behaviour from 

the preceding scaling works.  Catch bench drill-and-blast excavation progress was monitored by regular 

geological inspections and deformation monitoring equipment. Waste rock was deposited by end tipping 

from Evans Pass into nearby Gollans Bay Quarry, followed by re-contouring to a final landform.  The design 

and construction of the catch bench and waste rock stockpile were more akin to a mining operation than a 

roading project, and experienced mining sub-contractors ensured that the works were undertaken safely and 

efficiently. 

1 INTRODUCTION 

The Sumner-Lyttelton road corridor in the Port Hills of Christchurch was affected by rockfall, cliff collapse 

and mass movement hazards as a result of the 2010-2011 Canterbury Earthquake Sequence (CES). The road 

between Lyttelton and Evans Pass was closed to all traffic in mid-2011, principally due to rockfall hazard. 
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The objective of this project was to provide stability improvement works that reduced the level of risk to this 

section of the road and its users. The construction works were undertaken on behalf of Christchurch City 

Council by McConnell Dowell Constructors Ltd, with Beca Ltd providing design and construction 

monitoring services to the contractor. Jacobs New Zealand Ltd and Golder Associates (NZ) Ltd were 

technical advisors to CCC. 

Along with rockfall source treatment (scaling) and a mechanically stabilised earth (MSE) rockfall 

interception embankment, the rockfall risk mitigation works included: 

• Excavation of a catch bench. A catch bench approximately 13 m wide and 400 m long was excavated 

into the slopes below the highest section of bluffs.  

• Development of a temporary stockpile in Gollans Bay Quarry. A temporary stockpile of excavated 

soil and rock was formed in Gollans Bay Quarry by end tipping of material from Evans Pass. 

The catch bench excavation and waste rock stockpiling were undertaken by McConnell Dowell’s specialist 

subcontractors, Doug Hood Mining Ltd, Orica (NZ) Ltd and Inline Drilling Ltd.  

The rockfall risk mitigation works were designed to achieve the project-wide Principal’s Requirements of: 

• ARL-2 risk level or better, based on the New South Wales RTA methodology (Stewart et al., 2002); 

• Any rockfall related road closure to be no longer than 3 days after which the road must be able to be re-

opened for normal public use at ARL-2. 

2 CATCH BENCH DESIGN 

The constructed catch bench is nominally 12.6 m wide and 407 m long, excavated into the moderately steep 

slopes below the most significant bluffs. 2D and 3D rockfall modelling was used to design a catch bench 

geometry that complied with the Principal’s Requirement to retain at least 95 % of incident rock.  

The catch bench commences from Sumner Road at approximately 750 m southwest of Evans Pass and rises 

to the west at a maximum longitudinal grade of 1V to 8H to allow construction access by 40-tonne six wheel 

drive Articulated Dump Trucks (ADT's). The catch bench has a transverse fall of 15H:1V back into the slope 

to improve the retention of fallen rocks and assist with drainage. The longitudinal slope of the bench is 

sufficiently shallow to mitigate the risk of boulders rolling along the bench.  

The base of the catch bench comprises loose material to absorb impact energies and reduce the number of 

rocks which bounce or roll out of the catch bench. This involved 0.5 m depth of blasting and ripping below 

final grade to fracture and loosen the rock. The downslope edge of the catch bench is formed into a lip of in-

situ rock nominally 2 m in height on the upslope face to form a natural barrier to retain rolling rocks and 

enable safe plant operations on the bench.  

The bench face was constructed at approximately 65°, based on the precedence that existing cut slopes on the 

site have performed favourably at similar angles. Aside for local shedding of small rocks, primarily triggered 

by rainfall, no instability of the cut face was observed during construction. Additional flattening of the cut 

slope above the upper bench was included at a gully feature near the western end of the catch bench, to 

reduce the effects of topographic concentration of rockfall at this location. 

An additional upper safety bench was also included to retain the upper talus material that might otherwise 

fall into the catch bench during construction. The width of this upper bench was selected to provide the 

minimum safe access for the proposed excavators. The primary purpose of this upper bench was to reduce 

the risk to personnel constructing the catch bench, and it provides limited long-term benefit. 
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Figure 1: Catch bench typical cross-section 

Due to the rockfall hazard no intrusive site investigations were possible prior to catch bench construction. 

Global stability of the catch bench excavation was assessed by limit equilibrium methods based upon the 

precedent stability of the slopes during the Canterbury Earthquakes; the only observed instability being 

discreet rockfalls from the face. Back-analysis of the existing slope using ground accelerations measured 

during the Canterbury Earthquakes allowed an adequate global factor of safety to be determined for the 

slopes with catch bench in place under the (lower) design acceleration.  An array of remotely monitored 

tiltmeters operated continuously through catch bench construction to verify the catch bench excavation did 

not adversely affect global slope stability. This involved thirty tiltmeters located on potentially unstable 

sections of the bluffs above. 

2.1 Rockfall modelling 

2.1.1 2-dimensional modelling 

2D rockfall modelling was carried out to assess the effectiveness of the catch bench at intercepting rocks 

falling from the slopes above. This was performed using Rocscience RocFall software. The analysis, 

undertaken along cross-sections perpendicular to the bluffs above the bench, adopted a design boulder 

volume of 6 m3, based on the 95th percentile volume of fallen boulders observed on or near Sumner Road. 

Modelling was initially performed using both the GNS recommended parameters (Massey et al, 2012) and 

the Golder/Jacobs modified GNS parameters adopted for preliminary design (Golder/Jacobs, 2015). We 

found that the GNS parameters did not provide modelling outputs consistent with field observations for this 

site, in that more rocks are observed resting on the upper slopes than modelling with the GNS parameters 
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would predict. For the design analysis we adopted a set of parameters combining individual parameters from 

both these previous sets to provide a model consistent with field observations. 

The calibrated 2D rockfall modelling indicated that the design catch bench profile results in less than 5 % of 

incident rocks passing the downslope edge of the catch bench at any of the modelled sections, demonstrating 

compliance with the Principal’s Requirements for the project. 

2.1.2 3-dimensional modelling 

An assessment of rockfall behaviour was also made using the RAMMS: Rockfall 3D modelling software, as 

a cross check of the 2D modelling. This software applies the rockfall trajectory modelling method developed 

by Leine et al (2013). This 3D modelling was undertaken to provide further insight into the topographic 

effects that might focus or spread rockfall trajectories in certain sections of the catch bench. 

 

Figure 2: Output from 3D rockfall modelling of the catch bench 

Prior to 3D modelling of the catch bench, a sensitivity analysis was carried out using input parameters from 

published sources, and Beca’s previous experience. Based on this analysis, input parameters for the catch 

bench modelling were chosen.  

The 3D modelling indicated concentration of rockfall trajectories in gullies, and fewer trajectories over 

ridges; local topographic effects consistent with site observations. Although the catch bench is designed to 

allow only 5 % of incident rocks to pass its downslope edge, the topographic effects mean that the actual 

number of rocks represented by 5 % of fallen material varies somewhat along the bench. 

An area of rockfall trajectory concentration was observed near the western end of the catch bench. This 

concentration coincides with a gully upslope of the catch bench and resulted in an area where a higher 

proportion of rocks pass the catch bench in the model. When modelled using the RAMMS software it 

appears that many of the rocks bounce off the back edge of the excavation and over the catch bench. To 

remediate this effect, the design included locally cutting the back face of the upper safety bench into the 
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slope. This reduces the ability of falling rocks to bounce directly upslope of the catch bench and over the 

catch bench, by widening the effective width of catch bench presented to rocks falling at steep angles, akin to 

‘opening up the baseball mitt’. 

 

Figure 3: Oblique view of the catch bench as designed. Local flattening of the slopes above the gully feature 

indicated by dashed area 

2.2 Observations of rockfall behaviour from scaling 

Video and direct observation of rockfall behaviour based on ‘light’ and ‘moderate’ scaling (dislodging large 

blocks or boulders using bars or airbags) was undertaken to verify the parameters used in the design rockfall 

modelling. Some general observations were made, as summarised below. 

• Video evidence consistently showed that boulders approaching the design boulder size typically break up 

before reaching the base of the source zone. In fact, very few boulders larger than approximately 2 m3 

were observed to reach Sumner Road without breaking up to some degree. 

• In general, rolling, rather than bouncing was observed to be the most common mechanism of downslope 

travel for boulders, with bounce heights observed to rarely exceed approximately 2 m. This is 

significantly lower than the modelling for design of the catch bench suggested, where some modelled 

boulders were shown bouncing clear over the entire bench or directly impacting the downslope lip. 

• Run-out distances have been observed to be significantly greater than those suggested by the rockfall 

modelling undertaken to date, with > 50 % of observed falling boulders from ‘moderate’ scaling (using 

airbags to prise large blocks from the rock face) reaching Old Sumner Road (below Sumner Road), and 

many reaching the harbour. This observation is somewhat incidental though, as the design performance 

of the catch bench in protecting Sumner Road is not affected by consideration of total run-out distance 

below Sumner Road. 

These observations suggested that the catch bench will perform as well as, or better than, assumed by the 

design. 
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3 CATCH BENCH CONSTRUCTION AND PROGRESS MONITORING 

Excavation was staged both vertically and longitudinally. A “pioneering” bench was excavated near the top 

of the proposed cut using a tracked excavator to allow access for drilling equipment. The excavation was 

then lowered in a series of “flitches” by drill and blast techniques. Initially spoil was passed to a lower ramp 

level by 30 tonne excavators for removal by the ADT’s. Once the excavation reached suitable width and 

level, temporary ramps were developed to provide haul truck access to the working area for direct loading. 

 

Figure 4: Oblique UAV image of the catch bench during construction 

 

Figure 5: Extract of 3D modelling undertaken using Leapfrog to verify pre-split drillhole conformance with 

design catch bench geometry. Green subvertical lines are actual drillhole alignments; dashed green/black 

lines represent the design geometry. 

Initially a series of ‘pre-split’ holes were drilled down the back face of the catch bench, extending deep 

enough to place charges to 0.5 m below design floor level. Drillhole position, length and inclination data 
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from the field was input to a 3D model using Leapfrog software to compare it to the design geometry. This 

meant that excavation of the blasted rock could simply follow the line of pre-split holes to achieve the design 

geometry. In general, excavation works achieved a catch bench geometry within 0.5 m of design. 

4 WASTE ROCK STOCKPILE 

Catch bench construction resulted in excavation of approximately 83,300 m3 of in-situ rock and soil. Spoil 

was hauled back up Sumer Road and tipped into Gollans Bay quarry from tipheads at Evans Pass and along 

the adjacent quarry bench.  This method was used to a limited extent at the site following the 2011 

earthquakes to dispose of spoil arising from emergency remedial works. Based on a bulking factor of around 

1.35 and a further contingency factor of 10 % a required stockpile capacity of approximately 123,000 m3 was 

assumed. Retaining walls had to first be repaired or rebuilt at three locations along the haul route to allow 40t 

ADT’s safe access to the Evans Pass tiphead. 

The tipped spoil material initially filled the upper benches immediately below the tipping points, before 

beginning to accumulate on the quarry floor where it gradually established a natural angle of repose. An 

overall angle of repose of 33° was adopted in defining the design stockpile envelope.  

Enabling works prior to commencing tipping operations included establishment of a permanent rock roll 

bund along the toe of the stockpile. This was intended to intercept and retain individual rocks which roll 

beyond the toe of the stockpile. Surface water diversion drains were constructed upslope of the stockpile 

footprint, with a contact water collection system and sediment treatment pond constructed in the quarry floor 

to meet consent water runoff quality requirements. Once enabling works were complete, tipping commenced 

from selected points near Evans Pass.  

The tipping process naturally sorted the material, with larger blocks tending to roll further and come to rest 

against the rock roll bund. Once an apron of larger rocks developed against the bund this acted to retard the 

runout for further blocks due to increased surface roughness. While a small number of rocks overtopped the 

bund and came to rest on the adjacent access road (which was closed during the tipping phase), these were 

readily removed upon completion. No end tipped material passed beyond the lower access road. 

The natural sorting resulted in a ready source of coarse durable material, and some of this was subsequently 

removed and utilised as erosion protection on other CCC projects around Christchurch.  

By using an end tipped methodology similar to a mine waste rock stockpile it was possible to avoid the 

construction of a dedicated haulage route from Sumner Road to the Gollans Bay quarry floor. Such a route 

would have required large and expensive retaining walls to achieve a workable gradient, with additional 

costs to either remove it on completion or provide ongoing maintenance following the approximately 11-

month period of tipping and stockpile formation. 

On completion of tipping, the spoil material was re-shaped from the top down using a 30-tonne excavator 

and 40 tonne dozer to provide a flat-topped landform approximately coincident with the pre-tipping RL 154 

m quarry bench. Material in the central portion of the stockpile was left higher than RL 154 m as this would 

still be easily removable by accessing along the bench from the west. This bench provides the initial access 

for removing the stockpile via the existing lower quarry access road. Re-shaping involved dozing down of 

material above RL 154 m, and progressive clearance and recontouring of spoil material remaining on higher 

quarry benches. 

The stockpile is a temporary facility with the intention that the material may be readily removed and used in 

future Lyttleton Harbour reclamation works or similar as required. The stockpile was assumed to remain in 

the quarry for a period of 35 years, as specified by CCC, and was designed to be stable for this period. 



 

8 

 

 

 

Figure 6: Waste rock stockpile during re-profiling works. A temporary haul route to directly transport waste 

rock to the quarry would have traversed the steep slopes visible in the foreground. 

5 CONCLUSION 

Experience from the Sumner Road project has shown that a design approach tailored to the site environment 

and appropriate construction methods can result in safe and efficient construction phase. The constraints, 

risks and challenges associated with earthworks in steep rocky terrain can have more in common with open-

cast mining techniques than conventional roading works, and the methodologies are directly transferrable. 

The approach led to clear benefits in terms of construction safety in a rockfall hazard zone; In May 2019, 

McConnell Dowell won the health and safety initiative award at the New Zealand Minerals Forum for the 

rockfall decision matrix, a trigger action response plan (TARP) incorporating responses to rockfall triggers 

and occurrences calibrated to actual rockfall observations on the site. 
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A case study in earthquake recovery and 

resilient design, Slip NRP5, Kaikōura 

J.R. Grindley1, M. Engel2, G. J. Saul1  
1 WSP, Christchurch; 2 RDA Consulting, Christchurch 

ABSTRACT 

The NRP5 Mass Movement is one of the 10 Primary slope failures that affected the Transport corridor 

North of Kaikōura, following the 14 November 2016 Kaikōura Earthquake. During the earthquake, an 

initial slope volume of 10,000 m3 failed onto the State Highway and Main North Rail Line. On-going 

instability became a significant issue that affected long-term performance of the slope, particularly for 

the Railway, post debris clean-up. The main geotechnical issues at the site included translational slope 

failure, face erosion, debris inundation, seepage, and surface water erosion.  

Immediate response included removal of debris off the rail and road corridors, shaping of the head 

scarp and installation of a debris fence at the slope toe. Post-earthquake storm events, including ex-

tropical cyclones Gita, Debbie and Cook, resulted in debris flows and advancement of the debris fan 

by 50 m which further affected the transport corridor. Continuing erosion and regression also 

occurred.   

Longer term recovery works included earthworks and horizontally drilled drain holes to improve 

stability and reduce seepage erosion. This was further supported by anchored netting and ballasting of 

the face with gabions. Earthworks were also used to catch debris and direct water flow into adjacent 

natural drainage channels. 

This paper presents a case-study of the practical geotechnical considerations encompassed in the 

immediate response, as well as the design and construction phases to ensure reliability of the transport 

corridor in rainfall events as well as resilience to future extreme events and earthquakes. 
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1 INTRODUCTION 

The magnitude 7.8 Kaikōura earthquake on 14 November 2016 caused significant damage along State 

Highway 1 (SH1) and the Main North rail line (MNL) over a 150 km zone between Culverden to 

Seddon.  

The transport corridor was particularly affected along a 15 km section between Mangamaunu Bay and 

Clarence River, North of Kaikōura, where the road and railway line are narrowly constrained between 

the sea and the Seaward Kaikōura Ranges (Figure 1). This section of transport corridor was 

significantly affected by 10 large “Primary” mass movements, and numerous areas of “Secondary” 

slope damage. Areas of secondary slope damage did not reach the transport corridor but were 

identified as features where further movement may occur.  

Waka Kotahi Transport Agency (Waka Kotahi) and KiwiRail established the North Canterbury 

Transport Infrastructure Recovery (NCTIR) Alliance with the goal of re-opening the infrastructure 

links along the Kaikōura coast as quickly as practically possible. The MNL was reopened after 10 

months with monitoring and temporary closures during significant rainfall, while the SH1 corridor 

remained closed for 13 months.  

This paper outlines the engineering response and recovery works to Primary Slip NRP5, a shallow 

10,000 m3 earthquake triggered debris avalanche that reached the SH1 and MNL, and a Secondary 

slide (NS14) at a higher elevation on the slope. Early post-event response included debris removal 

from SH1 to provide construction access, and later debris removal from the MNL. Small instabilities 

occurred during relatively moderate rainfall, affecting the MNL and hence a temporary fence was 

installed for railway reopening followed by further recovery works for increased reliability and 

resilience. 

 

Figure 1 – Site location (after the November 2016 Kaikōura earthquake) 

  

Transport Corridor 
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2 GROUND AND GROUNDWATER CONDITIONS  

2.1 Geomorphological and Ground Conditions  

The NRP5 site is located 25 km north of Kaikōura immediately adjacent to SH1 and the MNL and 

affects 155 m of the Transport Corridor. SH1 and the MNL run parallel to the slope along this section, 

close to sea level, with the road on the seaward side.  

The NRP5 and NS14 slips occurred with the seaward slope of a fan of accumulated colluvium 

deposited in prehistoric debris avalanches or debris flow events. Instability at the NRP5 occurred as a 

shallow debris slide within the seaward slope steepened by sea erosion and/or the transport corridor. 

The landslide scarp is approximately at RL46 m and is inclined at 50° to 60°.  

NS14 occurred at an approximate RL of 400m, with the debris running out onto the shallow slopes 

above NRP5. It formed a debris accumulation zone 150 m long and 100 m wide. (Figure 1).  This 

debris stopped 200 m above the head of the Slip NRP5 head scarp but advanced 100 m in subsequent 

rainstorm events, burying surrounding vegetation (Figure 2). 

 

Site investigations included three boreholes drilled up to 50 m deep from the landslide surface with 

piezometer monitoring to better understand the groundwater regime (Figure 3). Drilling indicated 

variation of materials over short distances, consistent with a debris flow, debris avalanche or landslide 

deposition but typically comprised very dense (SPT N >60) bedded cobbly sand, gravel and silts 

(Figure 3). The cobbles and boulders are sub-rounded to sub-angular and are typically 0.1 m to 1 m 

diameter. This colluvium was also exposed over the full slip height of NRP5.  

Bedrock is observed in the shoreline and was encountered at more than 50 m depth in boreholes drilled 

from the fan above and is interpreted as a gently sloping, possibly wave cut platform. It comprises 

greywacke bedrock from the Pahau Terrane (Rattenbury et al, 2006). 

foreshore (Figure 3).Figure 1 – Site Photographs: A. After earthquake & first debris flow. B. Debris 

advance and flow paths  

 NRP5 Scarp and 

earthquake debris  

Figure 2 – NRP5 during response phase with NS14 debris advance and flow paths.  
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Figure 3 – Geological section (showing final benched profile and drainage drill holes)  

2.2 Groundwater Conditions  

Significant water seepage was evident on the steeply sloping face where the NRP5 slip occurred. This 

typically occurred at two levels, high on the face between approximately RL 30 to 35 m and just above 

rail level at RL 10 to 15 m. In both locations, it appeared to extend approximately 30 m across the 

face.  

On the debris surface above NRP5, test pits were terminated at 3 to 4m due to groundwater inflows 

while piezometers installed below the surface observed groundwater 10 to 20 m below the slope 

surface which was inferred as the likely source of the face seepages.  

Although groundwater was observed in screened piezometer zones, observations during drilling and 

supporting permeability tests indicated that the groundwater system is likely to be a complex system of 

localised thin, aquifers perched on low permeability silty horizons which can be difficult to drain 

effectivity. The observations did, however, highlighted the presence of a deeper zone of water and 

possible recharge zone that could become a target for drilling 40 to 60m horizontal distance from the 

slope face.  

3 MASS MOVEMENT TYPES CONSIDERED IN DESIGN  

3.1 Surficial Slope Failure   

Following initial debris clearance after the 2016 Kaikōura Earthquake, surficial failure of colluvium 

on the slip face occurred during relatively frequent rainfall events. In the period before recovery 

earthworks were undertaken (April 2017 to June 2018), 14 incidents of instability occurred. Two of 

these occurred during significant rainfall events where up to 220 mm rain fell over 24 hours. This is 

consistent with average recurrence intervals (ARI) of 10 to 20 years. The remaining 12 incidents 

occurred during smaller rainfall events with 30 to 100mm of rainfall in 24 hours (ARI of 0.5 to 2.5 

years).  

Failure debris for each of these incidents was typically < 15 m3. Generally, this resulted in blocking of 

the water table and on some occasions inundation of the railway track disrupting rail operations until a 

catch fence was installed (Section 5).  
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3.2 Deep Seated Failure   

No evidence of deep-seated failure was observed post-earthquake.  Possible tension cracking was 

observed 10 m upslope of the NRP5 head scarp during tree clearance however further assessment 

discounted this as a likely deep-seated failure mechanism. 

3.3 Debris Flows  

Debris flows from the de-vegetated scarp of NS14 (above the NRP5 slip) resulted in debris advancing 

to within 100 m of the NRP5 head scarp and down shallow gullies at the lateral margins to reach the 

transport corridor and foreshore. 

Hummocky and channelled terrain was also observed in vegetated areas between NS14 and NRP5, 

indicating debris flows had historically advanced past the NRP5 headscarp. 

4 RECOVERY 

Recovery was carried out in two stages. While resilient long term solutions were desirable, this had to 

be balanced against the urgent need to re-establish and open the transport corridor. While the transport 

corridor remained closed there was a significant impact on South Island freight haulage, with KiwiRail 

freight, and other Picton to Christchurch road freight, being diverted to an alternate 120 km longer 

route. This increased road traffic on alternate routes not design for that level of traffic.    

The immediate recovery (Stage 1) focused on re-opening the transport corridors and re-establishing 

freight rail services with acceptance of weather related delays. This was achieved on 15th September 

2017 for railway operations and 15th December 2017 for road traffic.    

Stage 2 focused on increasing the reliability and resilience of the transport corridor. This approach also 

allowed for monitoring of all sites to gain better insight into the type and frequency of ongoing 

instability and identified those sites where the biggest gains could be achieved in terms of reliability.  

4.1 Stage 1 – Immediate Recovery  

At NRP5, the primary works in Stage 1 involved clearance of failed material. In this area, transport 

corridor realignment was not possible due to nearby rail tunnel and coastal constraints.  

Trees within 5 m of the head scarp were trimmed with the root balls left in place. A 3 m wide bench 

was formed to unload the southern half of the head scarp and intercept overland water flow to reduce 

slope erosion and riling observed on the slip face below. 

To minimise railway disruption from smaller, relatively frequent instabilities, a 3 m high catch fence 

was constructed at the toe of the slope. Remote monitoring devices were also installed on the fence to 

communicate to Train Control when debris had impacted the fence. The catch fence was considered 

temporary and comprised readily available materials to avoid delays in importing a proprietary off the 

shelf system.  

Drain holes (12 m long) were drilled at 10 m centres into the base of the slope where strong seepage 

was observed.  Initial flows were up to 15 litres/min, but subsequently reduced to a few litres/min 

within a few weeks. 
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5 STAGE 2 –LONG TERM RESILIENCE AND RELIABILITY 

5.1 Optioneering  

Opening of the MNL highlighted some concerns around the performance of the Stage 1 works.  To 

address these concerns debris flow mitigation was implemented initially.  This included a series of 

bunds formed in a herringbone pattern to divert flows from NS14 into side gullies and under new 

bridges along the transport corridor.  Debris flow bridges were designed to allow access underneath 

for clearance machinery.   

Surficial failures continued to occur even in dry weather due to seepage. Although the catch fence was 

in place, delays for clearing and damage repair were frequent. The face also continued to deteriorate 

with significant erosion and riling of the surface. 

The mobilisation of debris from Slip NS14 in relatively small rainfall events also raised the possibility 

that debris may advance over the slope crest and down onto the transport corridor below. This would 

remove established vegetation exposing the corridor to ongoing and more frequent instability.  

Transport corridor realignment was not possible due to rail tunnel and coastal constraints and there 

was insufficient room between the MNL and slope to catch potential failures. Other mitigation options 

were investigated that had minimal disruption on railway services that were now operating. The works 

also needed to provide a low whole of life cost and to minimise ongoing maintenance. 

Initially anchored netting stabilisation of the 6000 m2 slip face was considered for concept planning, 

however, a value engineering exercise was undertaken by the project team.  This resulted in a more 

cost effective option being adopted as described in the following section.   

5.2 Earthworks and Drainage Solution 

The final solution adopted to manage the ongoing slope instabilities issues involved earthworks to 

reprofile and form benches in the slope combined with drainage drilling as stability modelling 

confirmed water seepage as having a significant impact on the stability of the unvegetated slope. This 

would be supported with minimal anchored face support where required (Figure 4).  The focus on 

earthworks and drainage, enabled a relatively cost effective mitigation solution with an acceptable 

design life.  

This solution provided support for the slope at areas of strong seepage and slope saturation while 

providing catch benches to prevent failure material from reaching the transport corridor.  The fence 

remained in place at the toe to protect the railway.  

The earthworks methodology was designed to allow access across the MNL and formation of access 

ramps for top down construction whilst leaving two sloped benches in place long term (figure 4). The 

lower bench was formed 7 m wide to enable horizontal drainage drilling without impacting the MNL. 

Drainage included surface run off measures and 29 sub-horizontal drain holes up to 60 m long, drilled 

at 5m centres into the slope.  

Drain hole and surface run-off water was collected on the benches and a fill bund was formed to 

prevent overspill onto the slopes below. Cross fall on the benches lead overland flow into gravel lined 

side drains leading to drainage gullies. A Geosynthetic Clay Liner (GCL) was laid on the lower bench 

to prevent water infiltration, minimising seepage on the slope below. 
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Figure 2 - Final earthworks profile with anchored mesh, gabion support and drainage installed 

5.3 Construction Challenges  

There were numerous challenges with the earthworks solution at this location, however, the Alliance 

approach enabled early contractor consultation to address some of these challenges during design. 

Some of these challenges included continued safe rail and road access below the site, design of steep 

gravel cut slopes between benches and potential destabilisation of slope material by seepage. 

5.3.1 Maintaining Railway and Road Access 

When the works were being undertaken at NRP5, both the MNL and SH 1 had been re-opened to 

public and freight movement. The NCTIR delivery team was required to maintain, as a minimum, 

single lane vehicle access past the site and four train movements per day.  

Installation of the lower 40 m long horizontal drains, 1.5 m above the rail level, was achieved with 

minimal disruption to the MNL by trenching temporary steel conduits below the rail ballast enabling 

drilling to be undertaken from the road level and under the railway line without blocking rail 

operations.  

The 40,000 m3 of excavated material had to be removed from the site across the MNL and SH 1. Small 

heavy-duty off-road Hydrema dump trucks proved ideal in traversing the steep benches and passing 

under the highway and the railway at the southern side gully (debris flow channel A, Figure 3) to a 

stockpile on the foreshore above the high tide line. These processes saved significant time in 

construction and eliminated interaction with, and disruption to, transport operations.  

Horizontal Drains 

Anchored Mesh 
Gabion 

Ballast 
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Figure 3: Site during earthworks  

5.3.2 Site constraints  

There was very limited space for the earthworks with the MNL and SH1 immediately at the toe of the 

slope and with NS14 located above NRP5. Part of the protection to minimise the potential of debris 

from NS14 overtopping NRP5 were the trees at the top of NRP5. During Cyclone Gita, the trees 

helped to direct debris flow towards the debris channels. From slope stability modelling, a suitable 

batter angle was determined that would achieve the required level of stability while maintaining as 

many trees as practicable.  

Early contractor involvement was undertaken to determine the amount of space required to safely 

undertake the earthworks and drilling of the horizontal drains. A minimum bench width of 7 m was 

designed which included a 1 m high windrow on the outside edge of the benches to provide a visual 

safety barrier for machine operations and to allow the control of storm water on the bench.  

5.3.3 Observational Approach     

The complex, and heterogenous nature of the geology and evidence of local perched groundwater, 

created uncertainty in the effectiveness of drainage drilling.  The boreholes identified a deep 

groundwater table and a series of shallow perched groundwater horizons within higher permeable 

layers that were expected to result in strong seepage of the cut face.   

The success of the horizontal drainage was dependent on the drains intercepting discrete pockets of 

high-water flow.  A staged drilling pattern was proposed where every second or third drain would be 

drilled initially.  The effectiveness of the horizontal drains in reducing water seepage was uncertain 

and therefore face support was planned for areas of high seepage and saturation.   

Where required, additional face support was provided by gabion baskets or anchored Tecco mesh 

solutions. These were designed such that they could be installed as work progressed or soon after 

completion of the excavation. Mapping of seepage and saturation zones was undertaken as earthworks 

progressed which allowed optimal support of these localised seepage zones.       

Notes 

1. Hydrema off-road dump trucks moved excavated material 

under the road and rail bridge for the Debris Flow Channel A. 

2. The material was loaded onto road trucks on the foreshore. 

1 

2 
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This support was primarily required when, a band of strong seepage flow was encountered in the lower 

half of the main cut face. This appeared to be associated with a 3 to 10 m thick, highly permeable layer 

of clean gravels. It was identified that this seepage if unsupported could cause localised slumping that 

would undermine the slope above and saturate the cut face below. This area required both forms of 

treatment and where practical the Tecco mesh was continued down to the gabion level and was 

wrapped into the backfill. The site was also hydro-seeded following construction to help vegetation re-

establish, and where Tecco mesh was used, a biodegraded erosion fabric was included as part of the 

active meshing system.    

6 DESIGN PERFORMANCE  

Since the Stage 2 construction was completed in 2019 the site has performed well. There has been a 

significant reduction in railway outages during smaller more regular rainfall events.   

This design involved steep 50° degree sloping cuts in older colluvial gravels based on precedence. 

This would normally be considered marginally stable and would possibly require substantial 

stabilisation such as the fully anchored netting option initially considered.  However, the more optimal 

solution of combining earthworks benching to catch debris with additional drainage and support 

measures prove more cost effective.  It also allowed an observational approach to provide targeted 

support for the cut face in zones of strong seepage and saturation.  

Horizontal drain holes proved effective. They intercepted groundwater with high flows up to 270 litres 

per minute. Over time the flows reduced but continue to flow.  Piezometers responded to drainage 

indicating 5 m decrease in thin perched aquifers in piezometers install in the upper the upper bench. 

Although drainage measures intercepted significant groundwater, face seepage still occurred during 

construction. This was allowed for with the observational approach and 760 m2 of anchored mesh was 

installed to support these zones plus 85 m of gabions up to 3 m high, slightly more than originally 

anticipated. These wet seepage patches on the face have since appeared to reduce although conditions 

since construction have been unusually dry. 

The herringbone pattern of fill bunds at NS14 has been tested in one rainfall event and adjusted.  The 

new bridges for the transport corridor at the two debris flow paths provide improved resilience to 

future debris flows by reducing both the size and frequency of debris inundation and expedite debris 

clearance and maintenance.   

7 CONCLUSIONS 

The NRP5 Slip comprised an earthquake triggered slope failure within a steep colluvial slope mainly 

comprising a dense silty gravel. Subsequent instability occurred during rainfall events causing 

disruption to the railway.  

Transport corridor realignment was not possible due to rail tunnel and coastal constraints and there 

was insufficient room between the MNL and slope to catch potential failures. Therefore, an 

earthworks and drainage solution was developed using an observational approach. This enabled 

optimisation of the extent of expensive anchored netting and allowed for relatively step cut slope 

profile in gravel (50°) to be adopted for slope stabilisation.  

Drainage drilling targeting groundwater seepage was also carried out. It was effective and will 

improve long term performance of the slope. To date this cost-effective mitigation solution has proven 

to be successful to date. It has been effective in increasing reliability during smaller rainfall events, 

although it should be noted that there it has been relatively dry conditions since construction. 
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Simulation of piles subjected to excavation or 
embankment loading 

W. D. Guo 
TBA, Brisbane Australia 

ABSTRACT 
This paper provides investigation into response of (forward-rotated or backrotated) piles subjected 
to embankment loading, in light of 2-/3-layer models. First, recent advance is briefly reviewed 
concerning range of parameters used to model piles subjected to excavation and embankment 
loading. Second, simulations of six centrifuge tests on embankment piles are exemplified. Third, 1g 
model tests are provided to reveal backrotation behaviour of piles, and its simulation. The study is 
aimed to unite the design of piles under various types of passive loading (e.g. lateral spreading, 
embankment, excavation, sliding slope, etc.) 

1 INTRODUCTION 

Numerical analysis indicates the challenge in gaining parameters to achieve reliable prediction of the pile 
response affected by excavation, and embankment loading. For instance, the on-pile pressure from centrifuge 
tests on piles subjected to lateral spreading is reportedly quite close to the residue strength for liquefied sand 
(Armstrong et al. 2014), but is sometimes inconsistent with JRA (2002) methods. The prevalent p-y curve 
based methods are not suitable for modelling piles subjected to lateral spreading against 3D numerical 
analysis, although modifying the residual strength and stiffness of the p-y curve improve the prediction. 

                                                                                             

 Figure 1: Tests on piles under an inverse triangular, uniform or arc profile of soil movement 
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Recently, Guo (2015, 2016) developed 2- and 3-layer theoretical models and the associated closed-form 
solutions. The solutions well capture nonlinear response of piles in sliding soil [e.g. lateral spreading (Dobry 
et al. 2003), sliding sand (Guo et al. 2017; see Fig. 1), and slope (Frank & Pouget 2008)]. In particular, the 
same set of input parameters well capture the 35 times higher bending moment induced under translational 
movement than rotational movement, which is not seen in other simulations. This prompts the use of the 
models to capture impact of embankment or excavation loading on piles. 

2 2-/3-LAYER MODELS AND SOLUTIONS 

Rigid passive piles are simulated for a stepwise, uniform soil movement ws (thus external loading ps of wsks, 
ks is modulus of subgrade reaction) to a sliding depth lm [see Fig.  2]. A fictitious layer is introduced to 
account for dragging above the underlying stable layer, and forms a 3-layer model [see Fig. 2, Guo (2016)]: a 
sliding layer with the modulus ks (depth 0  lm), a transition (fictitious) layer with a linearly increasing 
modulus from the ks at depth lm to mks at the depth zm of maximum bending moment Mm, and a stable layer 
with a modulus mks in depth zml (l = pile embedment), respectively. Without the transition layer, the model 
is referred to as 2-layer model (Guo 2015). Under a rotational restraining stiffness k, and a lateral force H, 
the pile rotates rigidly about a depth zr to an angle r and a mudline deflection wg under the sliding 
movement ws, or on-pile force per unit length (FPUL) ps [= publm/l, and pb = .pub], to a sliding depth of lm 
on the pile. As shown elsewhere, the lm is equal to (0.63)lexc for an excavation depth lexc, for a distance 
between excavation face and piles of about 0.25l. The model is underpinned by the five input parameters ks, 
m, pb (FPUL at pile-base level), k, and a factor . of non-uniform soil movement. 
Explicit expressions were developed to estimate the displacement w(z), shear force T(z) and bending moment 
M(z) at depth z, the maximum bending moment Mm, its depth zm of Mm and the maximum shear force Tm 
(sliding or stable layer). The solutions are repeated for a series of lm/l (e.g. raising by a step of 0.1) and ps = 
pblm/l until a final lm/l = 0.50.9 to gain nonlinear response (Guo 2015). It should be stressed that the 

solutions are contemplated for rigid piles with rotational stiffness k,,  kG, and kT, otherwise other solutions 
(e.g. Poulos and Davis 1980; Guo 2012) should be consulted.   

 

 

3 MODELLING PILES SUBJECTED TO EXCAVTION OR EMBANKMENT 
MOVEMENT 

The 2-layer and 3-layer models are adopted to simulate the response of piles in ten model tests, subjected to 
excavation (Fig. 3, e.g. Leung, et al. 2000; Ong, et al. 2006) or embankment loading (e.g. Stewart et al. 1994; 
Armstrong et al. 2014). Typical parameters [of FPUL pub, modulus of subgrade reaction ks, modulus ratio of 
stable over sliding layers m, and rotating stiffness k] are deduced against measured piles response. The study 

Figure 2: Models for rigid, passive piles:  model, pb and pub, k, and ps for nonlinear response 
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reveals that (1) The ks reduces from 225su (stable piles, su= undrained shear strength) to (55130)su 
(collapsed piles) due to increasing soil deformation from adjacent excavation. It is about 2.8N or 6z (MPa, N 
= SPT blow counts, and z = depth, m). Only (0.11.0)% ks (of excavation loading) is noted for consolidating 

and lateral spreading embankment. (2) Normalised by overburden stress (v), pile width (d) and coefficient 
of passive earth pressure (Kp), the ratio pub/(Kpvd) is deduced as 0.260.41 or 0.81.1 for embankment 
underlain by thick-clay layer or laterally spreading, and by clay-sand layers, respectively. (3) Excavation 
induces deformation of soil to a depth of 1.08lexc, and on-pile FPUL ps (= αpublexc/l). The evolution of wall 
collapse from stable wall is associated with increasing deformation zone (with  raising from 1.22.3 to 

2.52.9), friction angle of soil sliding [from (0.610.65) to (0.650.83), = angle of internal friction] 
and ratio of rotational resistance (modulus) m (from 2.7 to 4) at constant loading depths for clay-sand layers. 
The stress reduces by 50% (with  = 0.631.1 and m = 1.4) for piles in a single sand layer but for a high 
stiffness (ks = 4.3 MPa). (4) Consolidating embankment involves a residual pub, smaller dimension and 
stiffness (with  = 0.50.72, ks = 1520 kPa) but larger rotational resistance (m = 17.7) than that induced by 

excavation loading (of  = 1.22.9, ks = 0.552.25 MPa, and m = 2.94.0); and finally (5) The  (= 0.91.3), 
m (= 5.29.0), and ks (= 2680 kPa) of laterally spreading sand-embankment sit in between consolidating 
embankment and excavation loading. Response of flexible piles is well captured using the 2-layer model (for 
rigid piles) and modified ks, pub and m values of (1.23)ks, and (0.8)pub and(0.8)m. The impact of pile 
flexibility is also assessed using new models incorporating hinges of rigid piles. The new findings are useful 
to design of piles, regardless of which methods. Typical examples are provided next for modelling pile 
response subjected to embankment loading. 

 

                                                                                        

 

 

 

 

4 PILES SUBJECTED TO LARGE EMBANKMENT MOVEMENT 

Given potential dragging’ on the piles, the 3-layer model is adopted to analyse centrifuge model tests on pile 
groups either subjected to ‘static’ embankment loading (q), or spreading of sand embankment. 

4.1 Piles nearby embankment 

Stewart, et al (1994) conducted centrifuge tests on model pile groups, which consisted two rows of seven 
piles held in a rigid cap 2 m (all at prototype scale) above the soil surface and able to deflect freely. The piles 
penetrated through a soft clay layer and into an underlying dense sand stratum. Next to it, a sand 
embankment was constructed in six stages to a height of ~ 8.5 m (maximum). Four piles (22.5 m in length, 
0.43 m in diameter) were instrumented in the pile group. Two typical Tests 9 and 11 are simulated herein. 

 In Test 9, the soft clay layer was 18-m thick, and had an average su of 17 kPa. The pile-cap displacement wg 
(front/back row) and maximum moment Mm (both rows) were measured and are shown in Fig. 4(a) and (b), 
respectively for the increasing embankment height (or the average vertical stress q). The measured moment 
Mm is plotted in Fig. 4(c) against the pile-cap displacement wg for both rows. The measured bending moment 
profiles with depth at ‘ultimate’ state are depicted in Fig. 4(d) for front- and back-row piles. The piles (l = 
22.0 m, d = 0.43 m) are simulated using following parameters: pub = 51 kN/m [= 4sudl/(0.82lm), with su = 17 
kPa, d = 0.43 m, and lm = 18 m], m =17.7 (= ratio of coefficient of passive earth pressure Kp [= 
tan2(45+0.5)] over the active one Ka [= tan2(45-0.5)]) at ultimate state], k = kG = 1.12 MNm/radian (with

Figure 3: Centrifuge tests on piles (behind wall) subjected to excavation in sand or clay-sand layer 
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k  = 0.007, G = ground level), and α = 0.5 (deep sliding) (see Fig. 4(a)). Given   = 23o,  = 16.5 kN/m3, 
and lm = 0.5l = 11 m, and q = 100 kPa, it follows an average ps of 34.2 kN/m (= 51α), and pub/(vd) = 0.72.   

 

 

 

 

The corresponding ps/(dq) = 0.72 (for over-consolidated clay) is slightly smaller than 0.750.792 deduced 
from measured response of piles subjected to short-term embankment loading, but is much higher than 
ps/(dq) = 0.2770.35 for long-term embankment loading (Jeong et al. 1995). The ps/(vdKp) is equal to 
0.286. The previous study (Guo 2016) indicates ks (= 15~20 kPa) and m = 12.3 (2-layer) or 17.7 (3-layer). 
The q-wg, q-Mm, and wg-Mm curves were thus predicted, and are shown in Fig. 4, along with the measured 
data. The ‘limiting’ bending moment profile was predicted for a loading depth c of 14.7 m (= 0.81lm, lm = 18 
m), as plotted in Fig. 4(d). The predictions are insensitive to the modulus ks, and indicate 50% (α = 0.5) 
surcharge loading q being transferred onto the on-pile pressure (= ps/d) for the deep sliding. The ks may also 
be obtained using the scant modulus Gsec= 60su[1-0.985(c/lm)0.2] (Stewart et al. 1994), assuming a maximum 
shear stress mobilization ratio of c/lm. At c/lm= 0.82 with su= 17 kPa, it follows Gsec = 54.4 kPa, and ks = 18.1 
kPa {= Gsec/[2(1+0.5)], Poisson’s ratio  = 0.5}.  

In Test 11, the clay layer was 8-m-thick with su = 11 kPa. The piles (with l = 22.0 m, d = 0.43 m) are 
modelled using pub = 121 kN/m (= 3.1sudlm, with su = 11 kPa, d = 0.43 m, and lm = 8 m), ks = 20 kPa, m 
=17.7, k = 26.6 MNm/radian ( k = Ak = 0.15 for the pile-cap), and α = 0.72 (a profile of inverse triangular 
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movement). The pub offers an average ps of 86 kN/m (= 121α), pub/(dv) = 1.52.1 and pub/(vdKp) = 
0.680.93 (with   = 23o,  = 16.5 kN/m3, and lm = 811 m). The normalised rotational stiffness k was 
raised to 0.15, due to a higher impact of underlying sand layer on the soft clay layer. These parameters allow 
a good prediction of q-wg, q-Mm, and wg-Mm curves (not shown herein). As a comparison, the 2-layer 
predictions were made using the same parameters (but for a reduced m of 12.3), which agree well with the 
measured data, respectively. 

4.2  Piles embedded in lateral spreading embankment  

Three centrifuge tests (Armstrong et al. 2014) were conducted to examine the response of embankment-pile 
subjected to lateral spreading. Each test comprised of two identical approach embankments (of dry, dense 
Monterey sand, Dr = 100%), which are separated by a 12-m wide channel. The embankments were 8 m high 
at the crest and 11 m high at the model container wall (or an average of 10 m in current modelling), with a 
crest width of 12 m and side slopes of 2:1 (horizontal to vertical) in all directions. Below the embankment 
was a compacted, non-plastic silt layer 1.3 m thick, a 5-m-thick loose sand layer (Dr =30%), a second silt 
layer 0.7 m thick, and a 17-m-thick, dense sand layer (Dr = 75%). One embankment from each centrifuge test 
(referred to as Kobe-16, Kobe-24, and Sine-24) included a pile group that extended into the dense sand 
layer. The Kobe-16 test was conducted on a single row of six closed-ended, aluminium piles with an outer 
diameter of 0.72 m and a flexural stiffness (EI) of 174 MNm2. The Kobe-24 and Sine-24 group tests both 
had two rows of four closed-ended, aluminium piles, with do (outside diameter) = 1.22 m, a center-to-center 
spacing of 3do, and EI = 1,876 MNm2. An aluminium-epoxy pile cap connected the piles together in each 
test. Input motions were applied to the model base in the longitudinal direction. Model Kobe-16 and Kobe-
24 tests were subjected to a modified version of the ground motion recorded at a depth of 83 m at Port 
Island in the 1995 Kobe Earthquake, with a peak base acceleration of 0.8g and 0.7g, respectively. Model 
Sine-24 was first subjected to a shaking event contained a total of 20 sine wave cycles with packets at  0.2g, 
0.3g, and 0.5g, respectively. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

An equivalent static analysis (ESA) was conducted on the centrifuge tests to gain in sequence (1) the 

Kobe 1×6: m = 5.2, ks =26 kPa, pub= 471.1 kN/m, 
k/(ksl3)= 0.0045,  =0.9 
Kobe 2×4: m = 9, ks = 79.5 kPa, pub= 730.2 kN/m, 
k/(ksl3)= 0.019,  =1.3 (pb= 949.3 kN/m) 
SINE 2×4: m = 9, ks =71 kPa, pub= 730.2 kN/m, 
k/(ksl3)= 0.0016,  =1.0 
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embankment displacement and displacement profile for a range of pile/bridge restraining forces, (2) the 
pile/bridge restraining forces for a range of imposed ground displacements, and (3) the point of compatibility 
in the forces and displacements between the two steps. The analysis overestimated the embankments 
deformations (without piles) (Armstrong et al. 2014), and bending moment of the piles (Fig. 5) against the 
centrifuge tests. It is thus important but difficult to select input parameters (e.g. undrained shear strength).  

In simulating the piles of Kobe 24 test, the 3-layer solutions adopt: pub = 730.2 kN/m, m = 9 ( = 30o), ks = 
70.5 kPa [= 51d1.5m(lm/l)21.5, d = 1.22 m], and k = 1.3 MNm/rad (see Fig. 5). The surcharge q was 
calculated for the embankment height he of 8 to 11-m (above the loose sand). The lateral spreading FPUL ps 
was estimated as 162.26 kN/m (= 0.78vd,, with v= he,,  = 17 kN/m3, and he = 10 m) in light of 
ps/(vdKp) = 0.26 (with    = 30o). The normalised on-pile pressure  ps/(dq) is estimated as 0.78, as with 
short-term embankment loading (Jeong et al. 1995). The pub is obtained using l = 22.5m, lm = 5 m, and α =1.0 
with pub/(vd) = 0.6. The current predictions agree well the numerical solution of restraining 
forceembankment displacement relationship, and pile-head displacement  maximum bending moment 
curve, respectively in Fig.5; and (2) the profiles of bending moment in Fig.6. 

As with Kobe 24, the groups Kobe 16 and Sine 24 were simulated and shown in Fig.5. A design level of 
m = 5.2 (about 60% ultimate value of 9) was adopted for the Kobe 16 to compensate the impact of 
flexibility associated with the small diameter. A similar ratio ps/(vdKp) of 0.28 (based on /(v = 170 kPa 
and   = 30o) [or pub/(dv) = 0.66] was adopted, which offers ps = 105.3 kN/m (Kobe 16) and 176.3 kN/m 
(Sine 24), respectively.  The current predictions agree well the numerical solutions. The pile-head 
displacement (at c = lm = 5 m) is predicted as 1.05 m (Kobe 16), 0.75 m (Kobe 24) and 0.56 m (Sine 24), 
which agree well with measured values of 1.03 m, 0.75 m and 0.57 m, respectively. The agreement is 
observed (Fig. 6) for the profiles of bending moment as well. The current solutions are much simple and 
efficient to apply than other approaches, and have a good accuracy. Note that the stipulated α value can only 
be verified with evolution of the pile response with the soil movement, which is not available 

 

 

 

 

 

 

 

 

 

 

 

 

 

5 PILES SUBJECTED TO BACKROTATION 

The existing tests, analytical and numerical simulations have been confined to forward rotation (e.g. Bransby 
& Springman 1997; Juirnarongrit & Ashford 2003; Armstrong et al. 2014). However, it was back-rotation 
that incurred failure of most of the piles during nature disasters (Knappett & Madabhushi 2009; Fraser 2013; 
Haskell et al. 2013, Guo 2020). The tests were conducted using the apparatus shown previously (Guo et al 
2017) on 2 piles in line, without an axial loading P (= 0) or with P of 294 N/pile, respectively, at the sliding 
depth (SD) lm of 0.57l (i.e. 0.4 m). The model piles were subjected to a uniform translation of the sand (at the 
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loading location, Fig .1) to a total movement wf of 140 mm. The piles were made of aluminum tube, 1.2 m in 
length, 32 mm in diameter (d32), and 1.5 mm in wall thickness (t). The bending stiffness EpIp is 1.28×106 
kNmm2. The model sand has a dry density ′ of 16.27 kN/m3 and an internal (residual) frictional angle  of 
38. The d32 piles were socketed into an aluminum cap. The bending capacity Mo

y of the pile-cap connections 
is 510% of the pile body (My). The tests provide profiles of bending moment, shear force, soil reaction, and 
deflection, and  maximum bending moment Mm, maximum shear force Qm, pile-rotation angle r, and pile-
head deflection wg, and ks of 2035 kPa. 

The model piles display features of sway, sliding and back-rotation, as with in-situ piles. The pile deflection 
wg, rotation angle r and bending moment need to be curbed to prevent formation of hinges. They are 
estimated as  (Guo 2016) (i) ks = 25 kPa (= 2.1Gs, and Gs = 12 kPa). (ii) m = 17.7 (= Kp/Ka, ultimate state). 
(iii) pub = 10 kN/m (= sgKp

2dl), using ′ = 16.5 kN/m3,  = 38o, d = 32 mm, l = 0.7 m, and sg = 1.53 
(average). The pub and ks values for rotating piles are reduced to 5.05.6 kN/m and 1416 kPa, respectively 
to simulate translating piles. The parameters are ‘identical’ to those of forward rotating piles but a negative k  
(with k = -0.04). They are presented together as m/ks(kPa)/pb(kN/m)/ k  of 17.7/25/5.6/-0.04, and 17.7/16/5/-
0.04, respectively for no-loading and with vertical loading, respectively. 

 

 

 

 

The test piles are subjected to soil movement only and no shear force at head-level (with H = 0). The My is 
estimated grossly using yielding stress of 350 MPa (the aluminum) as 0.4 kNm [= 350×103×1.28/(70×106)/ 
(0.5d) m, d = 0.032 m, Young’s modulus of 70 GPa]. The connection Mo

y (= My/ωr) is estimated as 2060 
Nm using /ωr = 0.050.2. The Mo

y/My
  ratio is much lower than 0.250.6 gained from steel pile-to pile-cap 
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connection due to stress concentration at the pile and cap connection. 

6 CONCLUSIONS 

This paper provides investigation into response of piles subjected to embankment loading, and backrotated 
piles in light of 2-/3-layer models. Recent advance is briefly reviewed concerning range of parameters used 
to model piles subjected to excavation and embankment loading. Simulations of six centrifuge tests on 
embankment piles are elaborated. 1g model tests are provided to reveal backrotation behaviour of piles, and 
its capture using a negative stiffness in the 2-/3- models. The study is aimed to unite the design piles under 
passive loading (e.g. lateral spreading, embankment, excavation, sliding slope, etc.).   
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CETANZ best practice for CPT testing in NZ 

M. Holtrigter 
Ground Investigation Limited, Auckland. 

A. Thorp 
Ground Investigation Limited, Wellington 

ABSTRACT 

Cone Penetration Testing (CPT) is commonly used in routine geotechnical investigations 

throughout NZ. It provides a valuable resource for the geotechnical profession. However, different 

contractors undertake CPT testing in slightly different ways, and they may not necessarily follow 

recognised international standards for the test. Consequently, the accuracy of the resulting data may 

vary, and it is difficult for users to understand what level of uncertainty there may be in the data. To 

address this issue, an industry group representing the CPT contractors has been formed within the 

Civil Engineering Testing Association of New Zealand (CETANZ). This group has been working 

collaboratively on a best practice guideline document to guide contractors to achieve consistent 

procedures aimed at providing good quality results. The guideline is based on ISO 22476-1, which 

provides application classes that allow users to recognise a level of certainty in the data. This paper 

gives an overview of the Best Practice Guideline and how it is intended to incorporate this into 

practice. 

1 INTRODUCTION 

CPT is a rapid and cost-effective test that provides a huge amount of data that can be used to profile the 

ground and be correlated to a wide range of soil parameters in a near continuous manner. The use of CPT in 

NZ has grown over the last decade and is now a common investigation tool used by geotechnical engineers. 

There are approximately twenty contractors providing CPT services with rigs located all over the country. 

The wide availability of CPT and the benefits that the test provides makes this a valuable resource. The use 

of CPT is likely to further continue and become more relied upon in geotechnical investigations in the future. 

This is positive as it will lead to improved soil characterisation and ground modelling.  

CPT creates a huge amount of data. A typical CPT penetrometer will record data with depth every 10 mm 

from three sensors (cone resistance, qc, sleeve friction, fs and porewater pressure, u2). This relates to 300 data 

points every metre, or 3,000 for a typical 10 m deep test. The data from a CPT is usually provided to the 
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geotechnical engineer as a table, e.g. excel spreadsheet, containing thousands of numbers. The geotechnical 

engineer may then input this data into a computer program, such as CPeT-IT, which processes and interprets 

the data into graphs of various soil parameters with depth. They may then use this information in design. In 

this process, the geotechnical engineer may ask themselves; how reliable is the data that they got from their 

CPT contractor? That is, what is the level of uncertainty in the data and can derived correlations to soil 

parameters be relied upon in design? These are good questions that both the CPT contractor and the engineer 

should ask themselves and have an understanding about.  

In general, CPT contractors operate in the manner that they were trained by the manufacturers of the 

equipment, or by in-house procedures developed over time. Although these procedures may follow along the 

lines of an international standard, CPT contractors generally do not strictly follow standards in the same way 

as, say, a laboratory technician would. Consequently, there is an inconsistency across the industry in the way 

the testing is carried out. This is a worldwide issue, not just a NZ one. The basic operation for conducting a 

CPT is straight forward. But it is the details of the test that may contribute to uncertainties in the results. 

To address this issue for NZ, the CPT contractors have set up an industry group under the Civil Engineering 

Testing Association of New Zealand (CETANZ). The purpose of this CPT group is to establish a 

standardised practice for CPT operation so there is consistency in procedures and accuracy across the 

industry. At the time of writing this paper, all known CPT contractors in NZ have joined this CPT Group. 

This shows a level of commitment and desire for improving accuracy across the industry. 

It has become common in NZ for clients procuring CPT services to specify the American international 

standard, ASTM D5778-12. The ASTM standard provides good procedural methodologies for conducting 

CPTs. There are no strong performance criteria, however, to allow users to understand the level of 

uncertainty that there may be in the test results. There is a criterion for checking baseline drift during a test, 

but the acceptance criteria are wide, meaning that significant errors in the test may not be detected or 

understood.  

The CETANZ CPT Group have agreed to follow the ISO standard, ISO 22476-1: 2012, in preference to the 

ASTM standard. The ISO standard is similar to the ASTM standard in the basic operation of the test but 

classifies the test results into ‘application classes’ depending on the error in the test and the ground 

conditions. The application classes (classes 1 to 4) allow the user of the data to understand the level of 

uncertainty in the test and how reliable the test data is for profiling and soil parameter interpretation. The 

application class concept requires the CPT Operator to understand the level of error involved in the test. It 

also requires the geotechnical engineer to understand the implications of a particular application class for the 

application that the test is to be used for. The application class is also a useful criterion to include in 

specifications for procurement of CPT services.  

The application class system essentially makes the ISO standard a performance-based standard. It requires 

the CPT contractor to quantify all possible sources of error. This is difficult to do as there are many possible 

sources of error, of which many are not easily quantifiable. The ISO standard does provide some guidance as 

to where the uncertainties may be, but how to measure the errors and what errors should be included is not 

clear. There are also some ambiguities elsewhere in the standard. 

The CETANZ CPT Group is preparing a best practice guideline document to guide CPT operators so that 

they can apply the ISO standard in a practical and consistent manner. The Best Practice Guidelines are 

intended to compliment rather than replace the ISO standard. The purpose is to maintain the intent of the 

standard whilst simplifying the application class concept.  

At the time of writing this paper, the Best Practice Guidelines are yet to be finalised. This paper provides an 

overview of what the Best Practice Guidelines are intended to cover. 
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2 ISO 22476-1:2012 

As discussed above, the ISO standard uses an ‘application class’ system, which is the central concept of the 

standard. There are four application classes, 1 to 4, distinguished by the degree of accuracy and the soil type 

that is being tested. Application Class 1 has more stringent accuracy requirements and Class 4, the least. 

Table 1 below shows information from a table in ISO 22476-1 which sets out the application class criteria.  

Table 1: Summary of ISO 22476-1 ‘Table 2 – Application Classes’. 

Application 

Class 
Measured Parameter 

Allowable minimum 

accuracya 
Soil Typeb Interpretationc 

 Cone resistance, qc 35 kPa or 5%   

1 Sleeve friction, fs 5 kPa or 10% A G, H 

 Pore pressure, u2 10 kPa or 2%   

 Cone resistance, qc 100 kPa or 5% A G, H* 

2 Sleeve friction, fs 15 kPa or 15% B, C, D G, H 

 Pore pressure, u2 25 kPa or 3%   

 Cone resistance, qc 200 kPa or 5% A G 

3 Sleeve friction, fs 25 kPa or 15% B G, H* 

 Pore pressure, u2 25 kPa or 3% C, D G, H 

 Cone resistance, qc 500 kPa or 5%   

4 Sleeve friction, fs 50 kPa or 20% A, B, C, D G* 

 Pore pressure, u2 n/a   

aThe allowable minimum accuracy of the measured parameter is the larger of the two quoted. The relative 

accuracy applies to the measured value and not the measuring range. 

bSoil types are: 

A. homogeneously bedded soils with very soft to stiff clays and silts (typically qc < 3 MPa) 

B. mixed bedded soils with soft to stiff clays (typically qc ≤ 3 MPa) and medium dense sands (typically 5 

MPa ≤ qc < 10 MPa)  

C. mixed bedded soils with stiff clays (typically 1.5 MPa ≤ qc < 3 MPa) and very dense sands (typically 

qc > 20 MPa) 

D. very stiff to hard clays (typically qc ≥ 3 MPa) and very dense coarse soils (qc ≥ 20 MPa) 

CInterpretation: 

G.   profiling and material identification with low associated uncertainty level 

G*  indicative profiling and material identification with high associated uncertainty level 

H.   interpretation in terms of design with low associated uncertainty level 

H*  indicative interpretation in terms of design with high associated uncertainty level 
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The application class system allows the user of the data to understand the degree of uncertainty there may be 

in the data and how reliable it may be in the interpretation to soil parameters. An error in a test may be 

insignificant when testing in dense sands whereas the same error in very soft clay may render the data 

useless. So, it is the error in relation to the measured values and the type of soil being tested that is important.  

For example, when testing very soft clay (soil type A), the maximum allowable error for qc is 35 kPa or 5% 

of the measured value (whichever is the higher) in order to meet the Application Class 1 criteria. If all 

parameters (qc, fs, u2) meet their respective Class 1 criteria over the full depth of the sounding, then the test 

can be assigned as a Class 1 test. Interpretations from that data can then be considered to have a low 

uncertainty level (G, H). However, if the error exceeds the Class 1 criteria of any parameter, then the test is 

assigned a lower accuracy class (2, 3 or 4) depending on the magnitude of the error. If the error in qc is, say, 

50 kPa, that would put it into Application Class 2. The data from that CPT can be used for profiling with low 

uncertainty (G), but design interpretations would be at high uncertainty (H*). If the error is greater and it 

then falls into Class 3, the data can be used for profiling with low uncertainty (G), but interpretations to soil 

parameters for design cannot be relied on.  

If on the other hand, the soil is stiff clay or dense sand (Soil Type C or D), then the data can be interpreted 

with low uncertainty (G, H) for Classes 2 and 3. In other words, for these harder soils, a higher error can be 

accepted whilst still being reliable for design purposes.  

A geotechnical engineer procuring the services of a CPT contractor could specify a target application class 

depending on the anticipated ground conditions. There would be no point in specifying an Application Class 

1 test in dense sand because a Class 2 or 3 test would still provide adequate accuracy for design purposes. 

Class 1 is only intended for very soft to soft soils. Class 1 is harder to achieve and requires additional 

procedures, which is likely to make testing to Class 1 more expensive. The soil type needs to be considered 

when specifying CPTs in the procurement stage and when interpreting the test results. CPT contractors in NZ 

have good quality modern piezocone penetrometers (CPTU) and Class 2 is a reasonably achievable target in 

most situations. Geotechnical engineers, however, should be open to accepting Class 3 tests in very stiff 

clays or dense sands. Class 4 tests are unlikely to be useful and so should generally not be specified. Any 

tests that show Class 4 accuracy are likely to be erroneous and should not be relied upon. 

Some of the problems associated with the Application Class system of ISO 22476-1 along with how the Best 

Practice Guidelines will deal with these are discussed below.  

3 PROBLEMS WITH APPLICATION CLASS 

The application class is a useful concept that allows the user of the data to understand the levels of 

uncertainty that there may be in a CPT test. However, there are some problems or ambiguities associated 

with application class in the ISO standard. These are: 

• How to determine soil type (A, B, C or D) 

• How to determine errors in the test 

• How to assign application class (1, 2, 3 or 4) 

These issues are discussed below along with how the Best Practice Guideline is intending to deal with these. 

3.1 How to determine soil type 

There is some ambiguity in the soil types defined in the application class table of ISO 22476-1, summarised 

above in Table 1. Consequently, some subjectivity is required in selecting the soil type that is appropriate for 

the site. For example, stiff clay can fall into either A, B or C, with varying associated levels of uncertainty 

depending on Application Class. In the text of ISO 22476-1, it refers to Application Class 1 as intended only 
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for soft to very soft soils, but in the application class table, Application Class 1 is shown to be applicable to 

type A soils, which are defined as very soft to stiff clays and silts. Soil types B and C refer only to mixed 

bedded soils, which makes it unclear as to where homogenously bedded soils will fall. For the sandy soils, 

there is discontinuity and ambiguity in their qc criteria. Sandy soils of type B are qc < 10 MPa, whereas for 

type C they are qc > 20 MPa. Sands with qc between 10 and 20, presumably fall either way. Very dense sands 

specified in type D have the same qc criteria (qc > 20 MPa).  

In order to simplify the soil type definitions, a suggested alternative soil type classification is shown in Table 

2, below. 

Table 2: Proposed soil type definitions. 

Soil Type: A B C D 

General description 

Very soft to firm 

clays and silts, 

sensitive soils and 

peat/organic soils 

Stiff to hard clays 

and loose to medium 

dense sandy silts or 

silty sands 

Medium dense to 

dense sands and 

overconsolidated or 

weakly cemented 

soils 

Dense to very dense 

sands and gravels or 

cemented weak rocks 

CPT qc criteria (MPa)  qc < 1 1 < qc < 5 5 < qc < 20 qc > 20 

 

3.2 How to determine errors in the test 

ISO 22476-1 requires that the accuracy of a CPT test should be determined by considering ‘all possible 

sources of error’. There are many potential sources of error and uncertainties associated with CPT. To 

quantify all possible sources of error is a near impossibility. The ISO standard provides an annex, which lists 

some common sources of uncertainties, but provides very little guidance as to how to quantify those 

uncertainties. Some uncertainties, such as dimensional errors and errors determined from calibration in the 

laboratory have measurable quantities. Other uncertainties may, in part, be minimised by procedural means, 

such as cleaning the CPT probe to remove errors due to dirt in the instrument’s gaps. Beyond errors that are 

measurable or can be minimised by careful procedures, epistemic uncertainty remains, mostly relating to 

ambient and transient temperature effects. 

Peuchen and Terwindt (2014) have undertaken a comprehensive analysis of CPT accuracy, which considers 

an imaginary analytical CPT probe as a reference for true values. Their detailed study illustrates the near 

impossibility of determining the uncertainties of the test and the difficulties in utilising the application class 

system in ISO 22476-1. Lunne, et al. (2014) also discuss the practical challenges of application class. 

Although that paper is in reference to ISO 19901-8: 2014, it is very similar to ISO 22476-1 with regards to 

the application class concept. They suggest a pragmatic approach where high quality laboratory calibrations 

are combined with detailed test records that illustrate good field practices. The uncertainty is assessed from 

measured values from the calibration and from measurable elements of the test records, along with 

assessment of the non-quantifiable information in the test records. This is a sensible approach and illustrates 

the need for good test practices and documentation. There remains, however, some subjectivity in the 

assessment of uncertainty with regard to qualitative descriptions in the test records.  

The approach of the CETANZ Best Practice Guideline is also a pragmatic one; it seeks to: 

• quantify uncertainties that are readily measurable 

• provide clearer procedures where errors are not easily quantified but can be minimised by good practice 

• provide clearer procedures for assigning application class 
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The intention is to resolve ambiguity and provide a basis for a consistent approach across the industry. 

Requirements are given for achieving Application Classes 2, 3 and 4 and additional requirements for Class 1. 

It is considered that, by following good test procedures and using good quality equipment, Application Class 

2 is generally achievable. This sets the benchmark for routine CPT testing. The Best Practice Guidelines will 

provide guidance over the ISO standard to clarify what it considers to be good practice. First, the cones must 

meet the calibration accuracy criteria given in ISO 22476-1 for Class 2. If not, they will be degraded to an 

appropriately corresponding class. Secondly, the test is undertaken in accordance with the specific guidance 

of the Best Practice Guidelines. On completion of the CPT test, the magnitude of uncertainty is determined 

by the drift in the before and after zero readings only. This puts the emphasis on good test practices and 

assumes that, provided these practices are followed, any error (beyond that indicated by the zero drift) will 

not be significant in terms of the assignment of application class. Although this may not be the case, it is a 

practical solution that allows routine CPT work to be conducted without the complications of detailed 

uncertainty analyses. 

Application Class 1 is a different story. More stringent procedures are required and there is a need to 

consider more errors in determination of the accuracy of the test. The accuracy is determined from the zero 

drift, but other known and measurable errors must also be considered.  

In effect, the Best Practice Guidelines provide two procedural and uncertainty assessment criteria; a standard 

one for Classes 2,3 and 4 (with target of Class 2); and a more stringent one for Class 1. 

3.3 How to assign Application Class 

Having assessed the accuracy of the test, the application class can be determined by using the Table in ISO 

22476-1 (summarised in Table 1, above). ISO 22476-1 requires the whole CPT sounding to be assigned 

based on the lowest accuracy class determined at any measured depth point and for any of the three 

parameters (qc, fs, u2). This is conservative as a test may be degraded due to not meeting the accuracy criteria 

in a thin soft layer whereas the remainder of the sounding does. If one of the parameters (e.g. fs) does not 

meet the accuracy criteria, then the whole sounding is degraded even if the other parameters do meet the 

criteria.  

The Best Practice Guidelines will aim to clarify how the application class is applied to the whole sounding. 

There are two options: 

1. Determine application class by comparing the assessed error to the absolute minimum values given 

in Table 1. For example, if the assessed error for qc is 90 kPa, that would meet the Class 2 criteria 

(100 kPa). The same would need to be checked for the other parameters (fs, u2) and the lowest 

accuracy application class selected. This is the simplest method and will result in one defined 

application class but may not be representative of the accuracy in terms of percentage of measured 

value throughout the sounding. 

2. Determine the application class accuracy as a percentage of the measured value. This will vary with 

each measuring depth point and so this is best presented in a graphical form.  

The paper by Peuchen and Terwindt (2014) illustrate the graphical representation of Application Class with 

depth for the three main parameters (qc, fs and u2), as shown in Figure 1, below. The resulting Class, which is 

the worst of each of the three main parameters, is shown on the right-hand graph. 
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Figure 1: Graphs illustrating application class determination as percentage of measured value (after 

Peuchen and Terwindt 2014) 

This method allows the user of the data to understand the level of uncertainties there are in each of the 

parameters and in the test in general. For example, the user may see that there is better accuracy in qc in the 

dense layers and therefore have more confidence in interpretations from that parameter in those layers. They 

could see that fs may be less reliable in those same layers, but more reliable in the softer layers where qc is 

shown to be more erroneous. Further graphs could be generated that show high or low uncertainty depending 

on application class and soil type by utilising the qc criteria given in Table 2, above. 

It should be noted that the graphs in Figure 1 show Application Class 1 in dense sand layers, whereas Class 1 

is strictly only applicable to very soft to soft soils. The graphs, however, do illustrate the concept. 

4 BEST PRACTICE PROCEDURES 

As discussed above, the Best Practice Guidelines are intending to clarify the ISO procedures so as to remove 

any ambiguity and provide clear procedures for Class 2 to 4 with additional requirements for Class 1. An 

overview of the main procedural aspects of the Best Practice Guidelines are summarised below. It should be 

noted that these are still to be finalised, so may vary from what appears in the final document. 

4.1 Calibration 

ISO 22476-1 provides only general guidance on laboratory calibration and refers the reader to ISO 10012: 

2003, which is a generic standard for measurement management systems. There are little definitive 

requirements given specifically for CPT in ISO 22476-1 and when calibrations should be done is unclear. 

The Best Practice Guidelines specify that a continuous record of before and after zero readings should be 

maintained with time (or meterage) starting from the last full-scale laboratory calibration.  

For Classes 2 to 4, a new calibration should be carried out at least every 6 months from first use of the 

penetrometer. The calibration period can be extended, provided that the continuous record of zero readings 

shows a variation of less than 1% of the full scale output (FSO) for each of the sensors. In any case, the 

calibration period should not be longer than 12 months from the date of the last calibration. Calibrations 
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should be carried out in load increments of 0, 2, 5, 10, 25, 50, 75 and 100% of FSO, in line with ASTM 

D5778-12. 

For Application Class 1, a new calibration should be carried out at least every 3 months and preferably at the 

start of each project. A new calibration should also be carried out if the continuous record of zero readings 

shows a variation from the last calibration values of more than the allowable absolute accuracy values given 

in Table 1 for Class 1. In any case the calibration should be no more than 6 months old. The laboratory 

calibration should be focussed on the low end of the measuring range. The same calibration load increments 

given for Classes 2 to 4 apply, but with at least 2 load increments below 1 MPa for qc and below 10 kPa for 

fs. The calibration factor should favour the low end (e.g. 0 – 2 MPa for qc).  

The calibration should include an uncertainty analysis that includes a combined uncertainty for resolution, 

output stability, repeatability, linearity, hysteresis and zero drift, plus uncertainty regarding temperature and 

inclination. Based on the laboratory uncertainty analysis, a penetrometer class will be assigned to the 

penetrometer. This is based on the accuracy the penetrometer can achieve in laboratory conditions in relation 

to the accuracy criteria given in Table 2 of ISO 22476-1. The penetrometer class will be stated on the 

calibration report. 

4.2 Penetrometer dimensions 

The Best Practice Guidelines will specify when and with what equipment to carry out dimensional 

measurements and checks. For Classes 2 to 4, measurements using digital callipers will be taken at least once 

a day. In addition, checks can be done before and after each test using a wear indicator tool. 

For Application Class 1, measurements are taken using a micrometre before and after each test. 

4.3 Penetrometer preparation 

The Best Practice Guidelines will emphasis the importance of cleaning the cone, checking the dirt seals and 

examining the components for wear and surface imperfections. 

4.4 Penetrometer saturation 

For piezocones, the Best Practice Guidelines will provide three options for saturation: 

1 ‘Primary’ saturation, which is saturating the cone using a syringe or the funnel method 

2 ‘Secondary’ saturation, where the assembled penetrometer is placed in a vacuum chamber under the 

saturation fluid and treated to full vacuum until no more air can be seen exiting the porous filter 

3 Slot filter, where a silicon grease is used as the saturation fluid 

Any of the above methods can be used for Application Classes 2 to 4 at the Client’s instruction, but only 

secondary saturation can be used for Application Class 1. 

4.5 Temperature conditioning 

The Best Practice Guidelines provide more guidance as to how the penetrometer should be conditioned so 

that it is at about the same temperature as the ground. Three methods are provided: 

1 Placing the penetrometer in a bucket of water and waiting for the temperature to stabilise 

2 Placing the penetrometer into a heating/cooler chamber or bath where the temperature is set to that close 

to what is expected in the ground and left to stabilise 

3 Pushing the penetrometer into the ground by a few meters and left until the temperature has stabilised. 



 

9 

 

For Application Classes 2 to 4, any of the above methods can be used. For Class 1 only the last method can 

be used, unless the contractor can demonstrate an alternative method that provides a similar result. The 

piezocone must include a temperature sensor for testing to Application Class1. 

4.6 Zero load readings 

The Best Practice Guidelines clarify when and how the before and after zero load readings are taken, 

including the need for a second ‘after’ zero reading with the cone cleaned (for Application Class 1).  

4.7 Pore water pressure problems during testing 

For piezocone testing in on-shore applications, it is sometimes difficult to maintain full saturation, 

particularly when pushing through a desiccated crust above the water table, despite best endeavours. If the 

pore water pressure response is sluggish, it may suggest that the pore pressure measurements are erroneous 

due to loss of saturation and should then be discarded. However, the remaining measurements of the test (qc 

and fs) may still be valid. In these situations, the Best Practice Guidelines allows the acceptance of these tests 

with the pore water pressure component ignored, as if it were a non-piezocone test. 

4.8 Reporting 

ISO 22476-1 has somewhat onerous reporting requirements including two different reports and plots at 

specific graphical scales. The Best Practice Guidelines simplify the reporting requirements into one test 

report with required information clearly identified. Plots can be at any scale. The Best Practice Guidelines 

also define what is raw data, measured parameters, calculated parameters and interpreted parameters. 

5 AUDITING AND ACCREDITATION 

Once the Best Practice Guidelines have been agreed and finalised, all CPT contractors that are members of 

CETANZ will be audited on the guidelines. On successful completion of the audit, the contractor will be 

awarded some form of certification. The contractors will be subject to periodic audits to maintain their 

certification. The time between audits is yet to be agreed upon but is likely to be once a year or once every 

two years. The audits will be conducted by an independent auditor. In time, the industry will likely move 

towards IANZ accreditation as the benchmark certification. 

In addition to the periodic audits for certification, the Best Practice Guidelines also provide a scaled down 

audit checklist for clients or engineers to conduct their own checks on CPT contractors.  

6 CONCLUSIONS 

The CPT industry supported by CETANZ is moving to adopt ISO 22476-1:2012 for CPT testing in NZ. The 

ISO standard uses an application class system that classifies CPT tests depending on assessed uncertainties 

so that users of the data can understand the reliability of the data for use in interpretation and design. The 

ISO standard, however, does pose challenges in terms of interpreting ambiguities and assessing uncertainties. 

The CETANZ CPT Group is developing a Best Practice Guideline to clarify these issues. A summary of the 

application class system and the Best Practice Guidelines are given in this paper. At the time of writing, the 

Best Practice Guidelines are yet to be finalised. Once adopted, the Best Practice Guidelines will standardise 

CPT testing in NZ and provide a baseline for accuracy. This will represent a major move forward in terms of 

quality and understanding of CPT testing in NZ. The Guidelines are not intended to be the perfect solution 

for addressing CPT accuracy but pragmatic approach to applying the concepts and intent of the ISO standard 

in a practical manner. 
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Both the CPT operator undertaking the test and the Engineer procuring and using the test results need to 

understand the ISO standard and the application class concept. The Best Practice Guidelines are aimed 

primarily at CPT operators, but will also be a useful reference document for Engineers.  
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New resilient bridge on liquefiable ground over 

the Ōpaoa River, Blenheim 

H.A. Hendrickson, G. J. Saul & P. Brabhaharan 
WSP, New Zealand. 

ABSTRACT 

A 190 m long, 2-lane bridge has been constructed over the Ōpaoa River on SH1, Blenheim. The 

bridge is in an area of high seismicity, and the site experienced liquefaction and lateral spreading in 

the 2016 Kaikōura earthquake.  SH1 is a lifeline route and the bridge has been designed to 

importance level 3 to provide good resilience.  The challenge was to achieve the expected resilience 

without adversely affecting the existing nearby heritage bridge structure which is to be preserved 

and used for walking and cycling. 

The key project objectives, put forward by Waka Kotahi New Zealand Transport Agency, were to 

provide a resilient structure, balance risks, protect the heritage values of the nearby existing bridge 

and provide high levels of performance. 

The design incorporates a zone of ground improvement by stone columns with a layer of high 

strength geotextile over top. Abutments are supported on driven h-piles and piers are founded on 

large diameter bored mono-piles. 

This paper presents a summary of the foundation options considered and the basis for selecting the 

adopted option. Options considered include combinations of bored or driven deep piles, ground 

improvements at abutments in the form of stone columns of various construction methods, deep soil 

mixing, soil replacement and continuous flight auger piles. Vertical reinforced earth walls and spill 

through abutments were both considered for the bridge approaches. The superstructure and span 

lengths were carefully designed to optimise performance. 

Key learnings and observations from the design and construction process are presented including 

verification of stone column ground improvement, design compromises made to improve safety in 

temporary works, verification of driven pile capacity and observations from construction of the pier 

foundations. 
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1 INTRODUCTION 

The pre-existing Opawa River Bridge (which is now a pedestrian and cycleway bridge) was located on State 

Highway 1, just north of Blenheim.  A seismic assessment of the bridge indicated that it has poor seismic 

resilience during significant seismic events, narrow carriageway widths, poor geometric alignment and is 

vulnerable to scour during flood events. A replacement bridge has been designed and constructed to modern 

design standards and high levels of resilience. 

This paper describes the design options considered, construction considerations and challenges. 

A plan of the site and proposed bridge alignment is shown in Figure 1. 

 

Figure 1 – Site Plan 

2 PROJECT CHALLENGES AND OBJECTIVES 

The previous bridge is a bow string arch type reinforced concrete structure constructed between 1915 and 

1917, making it a category 1 heritage structure as defined by Heritage New Zealand. It was retained in place 

as a pedestrian and cycling bridge. It is 170 m long and 5.49 m wide between kerbs which is significantly 

below the Austroads minimum requirement of 7 m for a two-lane bridge.  Traffic modelling shows poor 

levels of service in both the morning and afternoon peaks, largely due to wide vehicles being unable to pass 

each other when meeting head on. Furthermore, wide vehicles are required to cross the centreline which 

poses safety risks to other road users and causes other traffic to have to slow down or stop. 

The bridge is in an area of high seismicity, is of relatively heavy weight, and is vulnerable to damage in 

seismic and flood events.   

The objective of the design is to provide a replacement bridge with high levels of seismic resilience, amenity 

and with geometrics and traffic safety designed to modern standards. The new bridge needs to address 

challenges associated with the poor ground conditions and high seismicity while balancing constraints 

associated with being adjacent to an existing heritage bridge, an alignment that runs through a campground, 

and the environmental constraints associated with working alongside and over a river. 

3 RESILIENCE 

The 1915 arch bridge is located on State Highway 1 on the main national highway linking the North Island, 

through the Wellington to Picton Ferry, to Christchurch in the South Island.  Therefore, the resilience of this 

bridge is of national significance.  Locally, the bridge is immediately north of Blenheim town and if this 
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bridge is closed, the alternate reroute access would be along State Highways 62 and 63 through Spring 

Creek, Rapaura, Renwick and Woodbourne (which may themselves be also closed due to poor resilience of 

bridges) and would add over 30 km and 30 minutes to any journey.  Although there are smaller local roads 

with narrower bridge crossings, these are unlikely to be suitable for heavy vehicles or they themselves would 

be vulnerable to damage in an earthquake event. 

The area is vulnerable to significant ground shaking and liquefaction due to the loose alluvial deposits 

present, and liquefaction and associated subsidence and lateral spreading is expected to affect the existing 

bridges pier and abutment foundations. A lack of restraint at the end bearings makes the existing bridge 

vulnerable to bridge span failure and movement of the heavy spans in the longitudinal direction causing 

shearing in the abutment piles. 

The 2016 magnitude 7.8 Kaikōura earthquake caused only low levels of ground shaking of about 0.25g in 

Blenheim, extensive liquefaction was observed at the bridge site and lateral spreading was limited given the 

low ground shaking, see Figure 2.  In larger earthquakes, with higher ground shaking, greater liquefaction 

and lateral spreading can be expected which is expected to cause damage to the existing bridge. 

The flood resilience of the existing bridge is also very low with the centre pier of the bridge determined to be 

significantly comprised due to scour in a 1 in 100-year AEP flood. 

An earthquake or flood event could lead to compromise of the structural integrity and closure of the bridge. 

Replacement with a new bridge would take a long time, leading to poor resilience. 

 

Figure 2 – Observed evidence of Liquefaction in the 2016 Kaikōura earthquake, with the old Opawa River 

bridge in the background 

The new bridge was designed to Importance Level 3 (IL3) of NZS 1170.5, and to the requirements of the 

Bridge Manual 3rd edition (NZTA, 2016) which was updated based on learnings from the 2010-2011 

Canterbury earthquake sequence (Wood et al, 2012).  Early focus on resilience is important to achieve 

greater resilience for new infrastructure, and to avoid excessive cost (Brabhaharan, 2012), and therefore a 

key focus in developing design concepts was to select a bridge form and design concepts that would provide 

the level of resilience expected for the bridge.   
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4 DEVELOPMENT OF DESIGN CONCEPTS 

Resilience was a key consideration in the development of design concepts and the selection of the bridge 

form.  Lessons from damage to bridges in the Canterbury earthquakes in similar liquefaction conditions 

indicated that damage typically occurred to abutments and piers where they were positioned close to the river 

banks (Brabhaharan, 2012).  Span arrangements were considered to minimise the numbers of piers close to 

river banks, and the design uses robust bored reinforced concrete piles for the piers, similar to those adopted 

for the Ferrymead bridge replacement after the earthquakes (Kirkcaldie et al, 2016).  Ground improvement 

was adopted at the abutments to provide protection against liquefaction and reduce slope displacements. A 

piled abutment foundation was adopted to remove bridge loads from the embankment, further decreasing the 

potential for slope displacements.  

The final structural form that was adopted includes 30 m long single hollow core bridge beams founded on 

piers supported by 2.1 m diameter mono piles, see Figure 3. The bridge abutments are founded on driven H-

pile foundations (10 per abutment) within a zone of ground improvement comprising stone columns and an 

overlying layer of high strength geotextile and a drainage blanket to help dissipate excess pore water 

pressures. The pier piles near the river banks were designed to resist the full crust load of lateral spreading, 

as the soils surrounding them are not treated with ground improvement. Cyclic ground displacements were 

also considered in design. 

The spans are simply supported at piers and abutments as this type of structure is more tolerant of potential 

vertical settlements in seismic cases compared to integral structural forms. The deck slab is continuous over 

the full length of the bridge with link slabs over the pier headstocks. The abutments are independent of the 

rest of the structure and the deck is free to translate in the longitudinal direction but restrained by shear keys 

in the transverse direction. 

 

Figure 3 – Elevation of Bridge  

Shallow foundations for the piers were considered to offer low resilience as they would be vulnerable to 

scour, low bearing capacity in the surficial soils and unacceptably large settlements in seismic events where 

liquefaction occurs. Deep piled foundations can be designed to carry the large vertical loads and are resistant 

to many of the risks associated with shallow foundations. Due to the presence of cobbles and boulders in the 

intermediate gravel layers between 5 and 10 m depth (Unit 2) and the high levels of noise and vibration 

associated with driving the relatively large piles (or pile groups) that would be required to support the piers, 

large diameter bored piles were adopted at the bridge piers. 
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The pier piles are stiff structural elements compared to the abutments and therefore attract most of the 

longitudinal structural inertia loading. This leaves the H-piles and the abutments relatively lightly loaded and 

allows them to provide reinforcement to the approach embankments, should lateral spreading occur. 

Close interaction between geotechnical and structural engineers was required throughout all stages of design 

to ensure consistency in the seismic modelling, that the bridge structural form selected suited the ground 

condition and that the structure provided a high level of resilience. 

5 GROUND AND GROUNDWATER CONDITIONS 

Site investigations including boreholes, seismic shear wave velocity and standard cone penetrometer tests 

(CPTs) and laboratory testing were undertaken in two phases to characterise the site and support the various 

stages of design. Ground conditions at the site were found to include interbedded alluvial silts, sands and 

gravels underlain by very dense gravels of the Wairau Aquifer at 20 m depth. The silts were generally found 

to be non-plastic and in a soft to firm condition. The sands and gravels above 20 m depth were generally 

found to be very loose to medium dense with intermediate layers of very dense gravels. 

Hydrostatic groundwater was encountered at or near river level across the site and slightly artesian 

groundwater was encountered in the Wairau Aquifer. 

Potentially liquefiable soils include the non-plastic silts and loose and medium dense sands and gravels 

which are held in a sand matrix. Potentially liquefiable layers were identified at depths of up to 15 m below 

the water table level in Units 1 to 3 in Figure 4. The presence of liquefiable soils and the potential for lateral 

spreading at the site was confirmed during the 2016 Kaikōura earthquake where sand boils, ground 

subsidence and cracking were observed on site, see Figure 2. 

Geotechnical assessment during concept design identified potential for flow liquefaction at the margins of 

the river, with the potential for lateral spread in two directions at the southern abutment and in one direction 

at the northern abutment. Therefore, lateral spread was a critical consideration in design. 

An engineering geological section of the site is shown in Figure 4. 

 

Figure 4 - Geological Section 
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6 FOUNDATION CONCEPTS CONSIDERED 

Stability analysis of the new 6 m high approach fills and abutments with liquefied residual soil strengths in 

the underlying liquefiable soils confirmed that abutment instability can be expected in post liquefaction static 

cases and seismic vertical and lateral displacements which exceed the 50 mm limit set out in NZTA (2013).  

Mitigation was considered necessary to improve resilience of the structure and approach embankments in the 

vicinity of the abutments. 

A reinforced soil embankment and piled abutment were both considered for restraining abutment 

movements. A reinforced soil embankment is flexible and tolerant of large vertical and horizontal 

movements but would require ground improvement to achieve bearing capacity requirements. Due to the 

skewed alignment, structural loads do not act along the alignment of the bridge making it impossible for the 

abutment piles alone to resist the large soil loads. Therefore, ground improvements were adopted.  

Ground improvement options considered included; stone columns constructed by several different types of 

installation methods including soil replacement with stone or cement, deep soil mix columns and continuous 

flight auger piles in a grid or lattice layout. Due to the silty nature of the soils at the site, vibroflotation 

columns were considered unsuitable. Columns constructed using a steel casing which is then filled with 

stone and withdrawn as the aggregate is rammed into place or compacted with a displacement auger were 

considered most suited to the soil conditions. Stone columns also offered the advantage of lower costs and 

simpler construction when compared to other ground improvement methods considered.  

The stone column methodology adopted was McMillan Civils displacement auger method. This method is 

vibration free.  

Pile supported abutments with spill through embankments were adopted with a zone of stone column ground 

improvement at each abutment. The stone column target depths were optimised against potential slip 

surfaces and associated expected lateral displacements. Stone columns extend from approximately 1 m above 

water level to 10 m depth on the northern side and to 6 m depth on the southern side. They are overlain by 

300 mm thick drainage blankets with two orthogonal layers of high strength geofabric to restrain lateral 

ground movements, see Figure 5. The combination of vertical piles and ground improvement at the 

abutments provided the resilience requirements for this bridge and operational continuity requirements of the 

Bridge Manual and any damage would be readily repairable following a design level earthquake.  The 

solution provides a high level of resilience for relatively moderate costs and was accepted by the Client as a 

prudent investment. 
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Figure 5 – Section showing ground improvement and piles and the abutments 

7 DESIGN AND CONSTRUCTION 

7.1 Temporary Works 

In order to construct the high strength geotextile reinforcement at the required level, a temporary anchored 

sheet pile wall with a retained height of up to 4 m was required at both abutments.  These walls supported the 

existing state highway which remained open throughout construction, and enabled the footprint and 

effectiveness of the zone of ground improvement to be maximised. The alignment of the sheet pile walls 

relative to the state highway had safety implications for the contractor and road users, with a tension between 

the design and construction related factors. 

The position of the temporary walling was negotiated and optimised during construction. Minor 

reconfiguration of the stone column zone was required including, shortening of some columns due to clashes 

with the gravel hopper for the stone column rig and the top of the wall, and repositioning of some columns  

to satisfy the needs of the design and improve safety onsite. 

7.2 Stone Column Ground Improvement 

7.2.1 Design 

Stone column ground improvement targeted improvement of the potentially liquefiable sands and silty sands 

of Unit 1 and the upper and liquefiable portion of unit 2 (refer to Figure 4). 

Extensive discussions regarding different ground improvement options were held through an early contractor 

involvement (ECI) process to ensure the best outcome for the project. Based on the ground condition 

information available and conditions onsite, non-vibratory displacement columns were adopted.  The final 

stone column configuration involved a zone of 800 mm equivalent estimated diameter columns positioned at 

1.6 m centre to centre spacings on a staggered triangular grid layout. This resulted in an area replacement 

ratio of 29%. 

The expected levels of ground improvement for the stone columns were determined based on the outcomes 

of Christchurch based improvement projects that WSP had previously designed. The key findings which 

were used are summarised in Table 1. 
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Table 1 - Typical Ground Improvement Allowed for in Design 

Ic 

Typical Improvement in 

qc (%) 

< 2.0 80 – 120 % 

2.0 – 2.6 20 - 40 % 

> 2.6 No change 

 

Our experience with this type of stone columns has been that post installation testing indicates significant 

mitigation of ground subsidence but can indicate some silty soil layers could remain potentially liquefiable.  

Allowance for some liquefaction between columns and associated lateral displacement was made in the 

design.  The abutment piles are designed for the associated increased lateral demand taking into 

consideration the reinforcing effects of the H-piles on the embankment.   

7.2.2 Ground Improvement Construction 

Stone columns were constructed using a non-vibratory displacement auger method by specialist sub-

Contractor, McMillan Civil Ltd. A site-specific stone column trial was specified, constructed and tested 

using CPT testing between columns and standard penetration testing down the columns, 35 days after 

installation. Initially, the trial results showed levels of improvement and densification did not meet design 

expectations in some layers. Possible reasons for this include the trial zone being too small to properly 

confine the soils and the increase in lateral confining stresses, may have been relieved when the testing was 

carried out too long after installation.  

The trial was modified and repeated, and further verification testing was carried out, including cross hole 

shear wave velocity across columns within the production stone columns. This indicated measured 

improvements that aligned with design expectations. Verification CPT’s were positioned in the centre of the 

triangular grids, on grid lines and immediately beside columns. Cone tip resistance increased closer to 

columns, with some tests on grid lines and beside columns refusing on layers which were able to be 

penetrated in the centre of the grid. A summary of the pre and post installation CPT tip resistances and shear 

wave velocities are shown in Table 2. 

The outcomes of the verification testing were compared to design expectations and the expected seismic 

performance of the bridge was checked and found to be acceptable. 

Table 2 - Ground Improvement Summary 

Unit Description 
qc (MPa, before 

installation) 

qc (MPa, after 

installation) 
Vs (m/s, pre installation) 

Vs (m/s post installation, 

measured across columns) 

1 
SILT / Silty 

SAND / SAND 
0.5 - 6 1 - 7 50 -120 150 - 234 

2 

Gravelly SAND 

/ Sandy 

GRAVEL 

5 – 35 8 - 50 180 - 230 210 - 350 
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Photographs of the stone column installation are shown below. 

Photograph 1  - Displacement Auger 

Photograph 2 – Installed columns showing heave around columns 

Photograph 3 – Completed columns showing sheet pile wall 

7.2.3 Other Stone Column Construction Observations  

Boreholes completed during the site investigations generally showed the ground on the northern side to 

consist of interbedded hard and soft layers, while on the southern side, the soft layers were much thicker and 

there were no hard layers within the depth range of stone column treatment. 

Significant heave (up to 1 m3 per column) was observed on the northern abutment as stone columns were 

installed but not at the southern abutment. On the northern side, heave began as soon as the auger penetrated 

an intermediate hard layer and was observed to worsen as the auger penetrated and improved the hard layers. 

Heave is not ideal as it represents a loss of improvement effectiveness. It is expected that the heave on the 

northern side is due to the lateral confinement of the dense gravel layers (5 to 7 m depth) working against the 

outward displacement effort of the stone column auger and forcing soil vertically up the outside of the auger. 

The columns were constructed by first doing the perimeter columns then completing the remaining columns 

in a spiral pattern towards the middle of the zone to maximise the ground improvement potential. Heave was 

shown to increase towards the centre of the zone and is inferred to result from the increased horizontal 

stresses and significant ground improvement. 

7.3 Abutment Piles 

The bridge abutments are supported on 10 no. 30 m long 310- H-piles driven into the very dense gravels 

(Unit 4). Design pile bearing capacities were determined using Meyerhof’s method where the skin friction is 

a function of the SPT N value and an ultimate end bearing capacity of 10 MPa was assumed based on the 

piles being of low displacement type.  

The required vertical ultimate pile capacity to be proven onsite was 1200 kN per pile and a geotechnical 

strength reduction factor of 0.64 was adopted in design. Pile lengths were generally governed by the large 

depths of liquefiable soils. 

Pile vertical capacities were verified on site using pile dynamic analysis (PDA testing) during the final part 

of the installation drive and the Hiley formula and subsequent CAPWAP analysis on 20 % of the piles. PDA 

testing allowed for use of a higher geotechnical strength reduction factor for design and led to savings in pile 

length. It also reduced uncertainty around the end bearing capacity, which is especially important given the 

presence of liquefiable soils and associated potential for negative skin friction loads on the piles. The Hiley 

formula was then calibrated using the CAPWAP results to verify the capacity of the remaining piles. 

Values of maximum compressive stress and temporary pile compression measured during PDA testing 

confirm driving conditions to be in the medium to hard range in accordance with ASG (2002). 
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The skin friction and end bearing capacities calculated in design and measured using pile dynamic analysis 

are presented in Table 3 along with capacities calculated using the Hiley formula in accordance with AGS 

(2002). Values are shown for piles which PDA analysis was undertaken only. 

Table 3 - Pile Capacity Summary 

 Design Values (Meyerhof) CAPWAP Outputs Hiley Capacity (ASG, 2002) 

Abutment 
Qs 

(kN) 

Qb 

(kN) 

Qult 

(kN) 
Set (mm) 

Qs 

(kN) 

Qb 

(kN) 

Qult 

(kN) 
R (kN) 

Southern 2064 961 3025 
6.2 784 862 1646 1420 

6.7 683 861 1544 1420 

Northern 1666 961 2627 
5.6 993 877 1870 1560 

9 850 846 1696 963 

 

The ultimate capacities calculated using traditional and recommended Hiley coefficients in accordance with 

ASG (2002) give varying levels of conservatism compared to the CAPWAP analysis results. This is 

considered to be due to conservatism built into the Hiley formula coefficients, given that it is a simplified 

method of calculation and is therefore subject to a wide range of uncertainties. 

It can also be seen from comparison of the Meyerhof design and CAPWAP analysis values presented in 

Table 3, that the Meyerhof method used in design over predicted the pile shaft capacity but was close to the 

end bearing capacity measured in the CAPWAP analysis. It also is possible the CAPWAP results reported in 

Table 3 are low as the shaft capacity often increases with time following driving and is higher in subsequent 

re-drives. A re-drive was not carried out on this project as all piles achieved the required capacity on initial 

installation and testing. 

When typical pile strength reduction factors are considered, a strength reduction factor of 0.5 applied to the 

Meyerhof capacities and a factor of 0.64 applied to the CAPWAP outcomes, reduces the difference between 

the two. 

7.4 Pier Foundations 

The bridge piers are founded on 2.1 m diameter, permanently cased bored piles founded in the very dense 

gravels (Unit 4). The piles are designed to resist negative skin friction and have small settlements in seismic 

cases.  

Pile casings were installed using a combination of vibratory driving then hammer driving. Variation in 

ground levels onsite meant casing lengths needed to be varied to keep pile tops above ground level during 

construction. For simplicity, all casings supplied to site were the same length and were driven until the 

required top of casing level was achieved. All of the casings except one were driven to below the required 

founding level and a 0.5 m to 1 m long soil plug was left in place inside the casing following excavation. 

The only exception to this were the piles in the water channel where the artesian head was observed to be the 

highest. At the location of these piles, the contractor used a 1 m higher pile casing and this was sufficient to 

prevent upward flow of groundwater causing softening of the pile base until the pile was poured. 

Pile founding depths were verified by inspection of soil samples collected from 2 m depth intervals as the 

excavation advanced and from the bottom of the pile. Drillers logs were also compared with borehole logs 

from site investigation to ensure layers matched and adequate penetration into the founding layer had been 
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Sensitivity: General 

achieved. Pile cleanout was achieved by allowing the suspended soil in the fluid column to settle then using a 

cleaning bucket to remove the loose sediments from the base. This was repeated until the cleaning bucket did 

not pick up loose sediment. In addition to this, concrete was poured through a pressurised tremie, to scour 

and displace any remaining loose sediments from the base of the hole. 

8 CONCLUSIONS 

The Ōpaoa River Bridge is in an area of high seismicity and is a geotechnically challenging site. Key 

challenges included soft and liquefiable ground, lateral spreading and physical space constraints. 

The replacement bridge was designed to provide a high level of seismic performance and resilience.  Close 

interaction between Structural and Geotechnical Engineers was essential throughout all phases of design and 

was critical in achieving successful resilience in an economical manner. 

Geotechnical models and analysis used in design are theoretical and testing during construction is limited 

and constrained by the construction programme.  Care needs to be exercised during design to understand 

these risks, allow appropriate tolerances and carry out monitoring and verification to confirm the design 

during construction.  In this case the ground risks were managed by the adoption of a resilient and 

accommodating foundation solution which allowed the uncertainties in ground conditions and level of 

ground improvement to be effectively managed. 

Key to achieving a successful bridge with resilience was a focus on the resilience from the early stages of the 

business case, concept, preliminary and detailed design as well as construction. 
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Use of tremie concrete in New Zealand deep 

foundations 
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ABSTRACT 

Tremie concrete enables the construction of deep foundations such as piles and diaphragm walls as it 

is self-compacting, can be placed under a support fluid and is resistant to segregation. As the urban 

landscape within New Zealand increases in density, deeper and more complex foundations are 

required. These deep foundations generate higher structural demands and often require much longer 

concrete pour times. Consequently, tremie concrete is increasingly becoming a highly engineered 

material with concrete additions and admixtures used to adapt the concrete to a specific application. 

These challenges have contributed to major construction issues overseas and the formation of an 

industry led consortium to develop guidance. This paper summarises tremie concrete guidance and 

discusses key considerations for tremie concrete in a project life cycle for a New Zealand context. A 

case study of concrete testing carried out on a recent project in Auckland is presented.   

1 INTRODUCTION – DEEP FOUNDATIONS IN NEW ZEALAND   

New Zealand has seen the rise of larger and deeper foundations associated with both transport infrastructure 

and large private sector developments. This trend and investment in New Zealand will continue, increasing 

the construction industry’s reliance on deep foundations. These deep foundations require careful 

consideration and introduce additional complexities for design and construction. The tremie concrete process 

is used to place concrete in deep foundations, sometimes underneath a support fluid, to achieve a 

homogeneous concrete element of the required design dimensions. Tremie concrete must have sufficient 

workability to be self compacting, flow around reinforcing cages and displace any water or support fluid. 

The concrete workability must be maintained long enough for transport and to complete the pour.  

Historically a higher workability concrete was achieved by increasing the water content. However this both 

decreases the expected strength of the concrete and decreases the rheological stability of the concrete 



 

2 

 

resulting in an increased risk that the concrete will bleed and segregate. These competing demands of 

workability, stability and strength have resulted in concrete additives and admixtures being developed. 

Admixtures, such as plasticisers and super plasticisers increase workability without adjusting water content. 

Retarders, can be used to delay the initial set of the concrete and maintain workability of the concrete for the 

duration of the pour. Additives are fine particles added to modify the behaviour of the concrete. Inert 

additives, e.g. limestone powder, can be used to increase the fines content which increases the stability of the 

concrete.  Active additives, e.g. pulverised fly ash (PFA) or ground granulated blast furnace slag (GGBS) can 

also be used to partially replace cement, improve durability and adjust strength gain. 

Support fluids, typically, either a mixture of bentonite clay and water or a polymer and water can provide 

support to the sides of the shaft allowing excavation. The placement of concrete must occur with minimal 

mixing of the concrete and the support fluid or water. When mixing occurs, the concrete segregates as the 

cement paste is washed away leaving poorly cemented aggregate rich zones in the foundation.  

Appropriate planning and execution of tremie poured concrete foundations throughout all stages of the 

project life cycle is essential. The following sections summarise sources of guidance on tremie concrete and 

provide additional recommendations for those involved in specifying, designing and constructing deep 

foundations in a New Zealand based on the authors’ experience.  

2 TREMIE CONCRETE GUIDANCE FOR NEW ZEALAND 

Recommended guidance for tremie concrete includes: 

 The EFFC/DFI Guide to Tremie Concrete for Deep Foundations, (2018). Guidance on tremie concrete, 

performance, mix design, testing and execution of deep foundations.  

 The EFFC/DFI Guide to Support Fluids for Deep Foundations, (2019). Guidance on the use of support 

fluids, comprising bentonite, other clays, polymers and blended fluids. 

 The ICE Specification for piling and embedded retaining walls, (2016).   

 Papers by Larisch, M. (2016, 2019) on tremie concrete methods, mix considerations and waterproofing. 

3 TREMIE CONCRETE CONSIDERATIONS FOR A PROJECT LIFECYCLE 

A successful deep foundation project is influenced by appropriate consideration of the use of tremie concrete   

through all stages of a typical project lifecycle (Figure 1) and involves input from all project participants.  

 

Figure 1: Tremie concrete considerations for a typical project lifecycle 
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4 PROJECT PLANNING AND DESIGN CONSIDERATIONS 

During the project and planning stage the ground conditions are investigated, which is used to inform the 

selection of the foundation type. Specific considerations for this stage are discussed below. 

4.1 Ground conditions 

A thorough understanding of the ground conditions is essential for deep foundation construction.  

• Groundwater and potential inflow rates, including the presence of perched groundwater or aquifers may 

dictate the construction method and lengths of temporary casings.  

• Loose layers that may not remain self-supporting during the drilling process, can require support fluid or 

casing with associated additional space and cost requirements.  

• Previous filling or reclamation activities can result in highly variable deposits present beneath the site 

which must be understood to assess the stability of plant operations and excavation. 

• Strength data and particularly presence of lenses of hard material will inform drilling rates and wear. 

• If the ground is contaminated, consider if it can be stabilised, e.g. by deep soil mixing, or driven 

foundations. Saline groundwater may affect the performance of bentonite support fluid. 

Previous foundations and underground services can be obstructions for new foundations. An early 

understanding should be sought from a combination of historical information and onsite location by trial pits 

and/or probing. In some cases, previous foundations can be incorporated into the new foundation system, 

provided the strength and durability can be verified.  

4.2 Selection of foundation type and constructability reviews 

The selection of the foundation type is best carried out with careful consideration of the ground conditions 

and risks in collaboration with all members of the project team. The cost and programme efficiency of a 

foundation solution should be weighed up against the associated risks and experience of the project team. 

A robust risk management process should be adopted to manage ground risks. AS2159 (2009) provides a 

useful risk framework for pile design. It must be recognised that the ground is inherently variable, no matter 

how extensive a ground investigation may be. Early constructor involvement can focus on key risks, 

constructability and enable a more targeted ground investigation.   

5 TENDER AND CONSTRUCTION PLANNING CONSIDERATIONS 

During the tender and project planning stages, the project team should consider the site-specific conditions 

and the constraints they place on deep foundations construction.   

5.1 Site layout 

The layout of a site during construction can greatly affect the productivity of foundation construction leading 

to extended construction timeframes for deep foundations. An extended construction time increases the risk 

of shaft instability and associated defects, increased filter cake thickness and debris on the base of the 

element. As pour times extend the workability of the tremie concrete will reduce and there is an increased 

chance of defects occurring during the concreting process.   

Sufficient laydown space is essential for storage of reinforcing cages and casing, particularly where splicing 

of the reinforcement cages is required. If space is not available to splice cages together onsite, the cages must 

be spliced together over the foundation during installation, adding time and hazards. This can be complicated 

by space requirements for other trades and activities onsite, access to site, set up space and egress.  
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5.2 Pre treatment 

Pre treatments to remove obstructions and improve weak ground can be carried out. Replacement materials 

should be at least as strong as the surrounding material, to ensure the design of the deep foundation is not 

compromised. They should not be so hard that it is difficult to subsequently excavate leading to verticality 

issues. Replacement materials include cement bentonite mixtures, flowable fill, and compacted fill.   

5.3 Concrete supply 

There is potential for concrete demand to exceed the reliable daily supply. The construction team should 

review the required volumes in combination with the expected time to complete drilling and caging up of 

foundations. Multiple cage splices can result in reinforcement placement taking several hours. A decision 

should be made whether concreting can realistically be completed by the end of the consented working day.  

In New Zealand, many concrete plants are dry batching plants, where most of the water is added to the mix 

after it has been placed inside the truck. Adequate mixing is expected to be achieved during the journey from 

the batching plant to the work site. Wet batching plants mix both water and cement together inside the plant 

and dispatch it into a truck once it is mixed. Project teams should consider the type of plant supplying the site 

and how long it may take for trucks to reach the site. It may be necessary to delay trucks onsite to ensure the 

concrete has had long enough to adequately mix, or conversely if admixtures should be included in the mix 

design to delay the onset of curing if significant travel or wait times are expected. 

5.4 Pour sequencing 

Depending on the volumes of concrete required for a pour and the overall dimensions of the pour, multiple 

tremie’s may be required. The EEFC/DFI Guide (2018) provides guidance as to how the tremie’s should be 

arranged. The geological conditions should be reviewed and an assessment made as to whether the piles are 

likely to be able to be dry poured piles. However, there should also be a contingency for wet poured piles. 

5.5 Design considerations for tremie concrete 

The size of the foundation element and the congestion of the reinforcing cage must be considered early in the 

design to assess whether concrete can flow adequately through the reinforcing. Where laps cause additional 

congestion, cranking bars to run parallel inside external longitudinal bars should be considered. Particular 

care is required at transverse reinforcement zones, such as floor slab locations with ‘L’ bars with coupler 

connections protected with a box out. At these zones, the combination of the ‘L’ bars, regular longitudinal 

and horizontal reinforcing and transverse reinforcing ties can lead to highly congested zones, especially if 

butterfly type reinforcing ties are used. Other sources of congestion such as laps or splices should be 

positioned away from these zones. Increasing the thickness of the element to reduce the congestion should be 

considered. Further detailing guidance is provided in the EFFC/DFI Guide (2018).  

The geotechnical shaft and base resistance of a deep foundation must consider the type of support fluid used 

and the construction processes. For bentonite support fluids in particular, the shaft capacity may be reduced 

by the presence of a filter cake of bentonite that forms at the perimeter of the shaft. Guidance is provided by 

various sources (Fleming and Sliwinski 1991, Lam et al 2014). There is considerable variation and the most 

reliable method is a load test on a foundation element that mirrors the expected construction.  

6 EXECUTION CONSIDERATIONS 

The execution phase is largely about following best practice and the project controls. Best practice guidance 

on the use of tremie concrete and support fluid is provided in the EFFC/DFI Guide (2018). The following 

section expands on the authors’ experience of the use of tremie concrete in New Zealand.  
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6.1 Typical practice in New Zealand for bored piles  

6.1.1 Temporary casing 

The temporary casing serves multiple purposes. It provides a protective barrier around the shaft for 

personnel. Also it supports surficial materials which are otherwise at risk of collapse into the shaft from self 

weight and the surcharge of the piling rig. By pushing the casing into a stiff cohesive material, e.g. clay or 

weathered rock, the shaft can be sealed against ingress of groundwater from the surficial soils. If the casing 

does not achieve a good seal, an attempt to screw the temporary casing further into the stiff deposit can be 

made. If the casing is too low to provide a protective barrier, a short length of oversize casing can be used.  

6.1.2 Base cleaning and inspection 

It is essential that the base of the pile is reasonably free of debris even if the foundation has no end bearing 

requirement. Debris on the base can be swept up in the concrete and become entrapped as inclusions. End 

bearing foundations require a high standard of base cleanliness. Inspection can be carried out visually if dry 

with a light or with CCTV or a camera lowered to the base. Where a visual inspection is not possible, a base 

hardness test with a weighted tape can be used (ICE 2016, Section C3.1).   

6.1.3 Dry poured piles 

Depending on the geological conditions, it may be possible for the shaft to be excavated with relatively little 

groundwater ingress, and the pile may be dry concreted as is common in Auckland. However, seepages from 

the pile shaft will cause a gradual build-up of water. A submersible pump lowered into the shaft can 

sometimes be used to control inflow and allow a dry pour. Otherwise the pile must be wet poured with the 

tremie pipes taken to the full depth of the pile.  

The definition of a dry poured pile is where the depth of water at the introduction of concrete is less than 

75mm and has inflow less than 25mm in 5 minutes (Brown 2018). The rate of inflow and time taken to 

install the cage and tremie pipes should be considered. For dry poured piles, the tremie pipe is only provided 

to centralise the concrete and to limit the free fall of concrete below the tremie pipe to less than 10m. 

Concrete falling through a reinforcing cage or against the shaft wall may segregate resulting in defective 

concrete at the base of the pile. For this reason, utilizing a flexible rubber pipe attached to the end of an 

oscillating concrete pump is not recommended. 

The high energy of the free falling concrete aids compaction of the concrete around the reinforcing cage. The 

speed of the concrete pour is quicker, and the top of the concrete is continually covered in the most recent 

and workable concrete. Consequently, concreting a dry poured pile is relatively fast, has a lower reliance on 

concrete workability and has a lower risk of placement defects. Water seepages down the shaft of the pile 

can soften the material and may facilitate smearing, potentially reducing shaft friction. The extent of this 

should be assessed based on experience and can be guided by CCTV inspection. 

6.1.4 Wet poured piles 

Where the rate of seepage into the pile is too high for the pile to be constructed in the dry, the pile must be 

poured in the wet. The EFFC/DFI Guide (2018) recommends that the foundation is filled with water from an 

external source to provide a positive pressure over the seepage. The wet pile tremie pour technique is 

designed to minimise mixing of the concrete with fluid.  

The initial placement of concrete is of vital importance. The EFFC/DFI Guide (2018) refers to two methods, 

firstly where the tremie is sealed at the base and the concrete only contacts the support fluid when the pipe is 

lifted off the base of the foundation and secondly where a sliding separating medium, such as vermiculite 

granules is placed in the tremie pipe and concrete is poured on top of this. While the former method may 

minimise concrete segregation, for practicality, the latter method is preferred in the EFFC/DFI Guide (2018).   
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An adequate separating medium is critical. If the vermiculite plug is too thin, or the concrete falls from 

height on to it, the concrete may punch through. The ICE (2016) recommends the height is twice the 

diameter of the tremie pipe. The authors have observed vermiculite placed in a plastic bag which is thought 

to reduce the likelihood of concrete punching through. Inflatable rubber balls, foam balls or cylinders are 

also referred to in the EFFC/DFI Guide (2018) which are likely to be more robust than loose vermiculite 

granules, but have the risk that they may become entrapped within the foundation. 

There is differing opinion in New Zealand on whether the tremie pipes should be lowered to touch the base 

of the pile, the tremie and hopper charged full of concrete and then lifted to initiate the concrete pour, or 

whether the tremie should be lowered to a short distance above the base (≤200mm) and the pour initiated. 

Advocates of the former method consider that charging the tremie and hopper full of concrete and then 

lifting causes a surge of concrete that lifts up debris on the base of the pile, improving base contact. The 

authors are not aware of evidence of this, but accept the mechanism is logical.  

The EFFC/DFI Guide (2018) recommends the latter method, 

because of the risk of blockage of the tremie pipe when it is 

left on the base. The authors have experience this in 

foundations over 30m deep, refer to Figure 2. A blocked 

tremie pipe can be disastrous as when disassembling the 

tremie, concrete falls into the shaft requiring a reclean of the 

base and the support fluid being contaminated. Blockages are 

due to the pressure difference between the concrete inside the 

tremie pipe and the support fluid resulting in water in the 

concrete being squeezed out leaving a dense plug of 

aggregate.   

The concrete workability requirements for wet piles are higher 

than dry piles. Consequently, even if it is expected that the 

piles are to be constructed in the dry, it is recommended that a 

wet pile mix is also developed. 

6.2 Prevention of non-conformances  

Non-conformances generally fall into the following categories: 

1. Out of tolerance position, or verticality of the shaft or reinforcing cage. 

2. Instability of the sides of the shaft leading to soil or rock becoming entrapped in the foundation. 

3. Inclusions of material other than concrete becoming entrapped during the concrete pour. 

4. Water tightness issues for retaining walls. Guidance is provided in Maloney (2009). 

Positional and verticality tolerance issues are generally well understood and can be prevented by following 

best practice guidelines and careful workmanship as per EFFC/DFI (2018) and ICE (2016).  

Instability of the sides of the shaft can be challenging in certain ground conditions, particularly variable low 

cohesion deposits such as reclaimed fill. Guidance on assessment is provided in Huder (1972). During the 

excavation, minor instability of the shaft may not be noticed as the material is removed from the shaft during 

the excavation process. In some cases, this can be detected from the spoil. Minor instability during 

excavation is not necessarily an issue. However, from when the base is cleaned, any further instability will 

result in loose spoil either being left on the base of the shaft or cast within the body of the concrete with 

possible strength and durability issues. It is recommended that after the cage is inserted and before the 

concrete is placed, the base of the shaft is checked again and the construction time minimised. If the base is 

found to not be in conformance with the Specification, the pile base capacity may be down rated. Or an 

Figure 2: Concrete blocked in a tremie pipe. 
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attempt to reclean the base should be made either by air lifting or by carefully vacuuming with the tremie 

pipes recirculating to the desanding plant, or to remove the cage, and clean the base again.  

Major instability of the shaft after the reinforcing cage is installed results in material falling against the 

reinforcing cage causing durability issues and may also be a safety concern for the working platform. Despite 

this, it can be difficult to detect. Tools to inspect the verticality and dimensions of the shaft and detect 

instability under support fluid include the Fugro Sonicaliper and Koden recorder. However, the most 

important tool remains for the site engineers and operatives to be vigilant for unexpected deviations of the 

depth of the shaft and concrete, and to investigate any anomalies.  

Particular care must be taken when extracting temporary casings as these can conceal voids formed when 

installing the temporary casing or during drilling. When the temporary casing is extracted, these voids 

become joined with the concrete in the bore and inclusions in the foundations can result.  

The third category of non-conformance occurs in wet poured foundations and results from inclusions trapped 

in the concrete due to the flow of the concrete in the foundation and around the reinforcing cage. This is 

complex and relatively poorly understood. It results in either support fluid or the interface layer becoming 

entrapped within the concrete, refer to Figure 3. Due to the nature of the tremie pour process, imperfections 

and irregularities with deep foundations are to be expected and are not necessarily defects. For example, the 

surface of the deep foundation will typically be roughened by the drilling process and temporary casing.  

 

Figure 3: Example of inclusion defects (left) and mattressing (right) from overseas projects. 

For deep foundations cast under support fluid it is important to recognise the importance of the interface 

layer in the formation of inclusions. The interface layer accumulates between the support fluid and the 

concrete, formed by material from segregated concrete and/or support fluid and spoil, e.g. Figure 4. 

  

Figure 4: Interface layer of poorly cemented sand and bentonite atop a diaphragm wall (Thorp 2018). 
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The layer is more dense and viscous than the support fluid and rises atop the concrete. As the concrete 

column rises during the pour, the concrete must displace the viscous interface layer and the support fluid. 

Consequently the interface layer plays a key role in the formation of defects and the tremie concrete process 

should be carried out in a manner to minimise its formation. 

Integrity testing should be considered for all deep foundations, including retaining walls. The decision 

whether to include testing and at what frequency should be a collaborative discussion early in the project and 

consider the risk profile and local experience. It is preferable to identify potential issues during the 

foundation construction so that corrections can be made, rather than discovering issues during excavation or 

loading. Methods are described in EFFC/DFI (2018) and Brown (2018). In New Zealand, low strain impact 

integrity testing has been commonly adopted as it is quick and low cost, however the authors note that in 

some cases the method is not sensitive enough to detect significant defects within a shaft. Cross hole sonic 

testing is also commonly used for load bearing piles. However this method can only readily detect issues 

within the reinforcing cage, for example a cold joint or a large collapse, and not in the concrete cover zone 

where most defects due to concrete placement arise. Thermal integrity profiling or TIP testing is a relatively 

new technology to New Zealand that has the advantages of detecting issues quickly after placement of the 

concrete and also providing an indication of the quality of the concrete in the cover zone of the foundation.   

7 CASE STUDY OF CONCRETE TESTING FOR A DIAPHRAGM WALL 

The EFFC/DFI Guide (2018) provides guidance regarding concrete testing regimes for deep foundations to 

verify the concrete behaviour follows expected norms. A recent project involved the construction of a multi-

storey underground carpark. The basement construction included a 600mm thick diaphragm wall and some 

associated bored piles. The diaphragm wall was excavated to a depth of approximately 19m using a 

combination of mechanical grab and cutter head. To support the excavations during construction the 

foundations were constructed under a bentonite support fluid. Concreting was completed via tremie pour 

using a 40MPa mix, 13mm aggregate and PFA cement replacement.  

To determine the final mix design, mixing trials were undertaken with the concrete supplier to assess the 

workability and stability performance. The performance of tremie concrete can only be assessed through a 

suite of tests. Testing undertaken during the trials is listed in Table 1 below. To confirm the concrete 

supplied from the ready-mix plant conformed to the requirements set in the mixing trials, the concrete tests 

were repeated for each panel during construction. 

Table 1: Concrete test methods completed. 

Concrete test method EFFC/DFI tremie concrete reference Workability Stability 

Slump test Appendix A.1.1 ✔  

Slump retention test Appendix A.6 ✔  

Inverted cone test Appendix A.4.2 ✔  

Bauer filtration test Appendix A.10.1  ✔ 

Bleed test Appendix A.9  ✔ 

Laboratory mixing trials indicated the mix selected was sensitive to variations in water content, which was 

expected due to the low water content ratio. The targeted slump range during production was between 

240mm and 200mm. This is slightly higher than typical mix designs, due to concerns regarding the ability to 

flow around higher density reinforcing cages.   
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7.1 Workability test results 

Slump testing showed compliance with the concrete mix design requirements. Testing results show the 

slumps measured were often nearer the upper limit specified. Concrete suppliers generally target workability 

to be in the upper range of the specified requirements as this allows flexibility onsite to account for delays 

due to traffic or onsite issues. Workability retention tests were carried out 4hrs after the initial slump test 

targeting a minimum slump of 180mm at 4hrs. Typically a 5mm to 20mm loss in workability was observed. 

The slump retention is important during a tremie pour, as fresh concrete is placed within the foundation will 

begin to interact with older concrete previously placed, increasing the risk of defects if the old concrete has 

stiffened.     

 

Figure 4: Workability tests. Left: slump and slump retention. Right: inverted cone. 

Inverted cone outflow testing results show all tests were within the project requirements and EFFC/DFI 

(2018). Most results are clustered between 2 to 3 seconds. The inverted cone outflow test can provide 

information as to the viscosity of the concrete which is fundamental to the concrete rheology.   

7.2 Stability test results 

Bauer filtration tests were carried out on each pour.  The test is designed to simulate the water retention 

ability of the fresh concrete under pressure such as a deep foundation. The guide limit of 15 L/m3, was 

achieved, indicating the concrete mix was unlikely to be susceptible to significant bleed or segregation.  

 

Figure 5: Bauer Filtration Test Results 

ASTM bleed tests were also carried out and were less than 0.1mL/min. All results fell within the parameters 

of project stability requirements and this was supported by the visual inspections of no significant bleeding 

or segregation at the tops of the panels. 
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8 CONCLUSIONS AND RECOMMENDATIONS 

The use of larger and deep foundations is increasing in New Zealand which typically have long pour times 

and high structural demands. This results in additional complexity and challenges for deep foundation 

projects. Tremie concrete is increasingly becoming a highly engineered material with concrete additions and 

admixtures used to adapt the concrete to a specific application. These challenges have led to major 

construction issues overseas and the formation of an industry led consortium to develop guidance such as the 

EFFC/DFI Guide to Tremie Concrete (2018) and companion Guide for Support Fluid (2019). 

The success of deep foundation projects depends on appropriate consideration of tremie concrete use through 

all stages of the project lifecycle and input from all project participants. There are design and construction 

considerations for whether bored piles are poured in the dry or wet poured, either under water or a support 

fluid. For wet poured foundations, the importance of initiating the concrete pour to minimise mixing of the 

concrete with fluid is highlighted. Processes for preventing and identifying non-conformances are discussed 

and practitioners are encouraged to investigate emerging tools such as Thermal Integrity Profiling for 

integrity testing that enables an assessment of the concrete cover zone. Detailed concrete acceptance testing 

as described in EFFC/DFI (2018) is recommended to assess and confirm that concrete behaviour, both 

workability and stability, is suitable for the foundation and meets requirements.  
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Direct design of driven timber piles using CPT: 

A case study 

M. Holtrigter 
Ground Investigation Limited, Auckland 

ABSTRACT 

Driven timber piles are a common pile type used in New Zealand.  Established direct design 

methods from CPT, such as the LCPC method (Bustamante and Gianeselli, 1982), do not include 

driven timber piles as a specific pile type in those methods.  In this study, direct pile design using 

the LCPC method has been compared to PDA testing and full scale pile load tests on two driven 

timber piles at a site in Auckland.  The results suggest that the LCPC method provides a reasonable 

estimate of ultimate pile capacity of the driven timber piles at this site.  Further research is required 

to confirm the widespread applicability of this method for driven timber piles in general. This future 

work may lead to adjustments in the LCPC coefficients for pile end bearing and side friction 

specifically for a driven timber pile type. 

1 INTRODUCTION 

Driven timber piles are a popular pile type in New Zealand due to the availability of timber and ease of 

handling, transporting and installation.  Timber is an environmentally sustainable product and has the benefit 

of permanently locking carbon into the ground as foundation piles.  The advantages of timber, in particular, 

the environmental benefits, are likely to increase the popularity of driven timber piles throughout the world. 

This creates a potential expanded export market for the NZ timber industry.   

Driven timber piles are usually designed in a conventional manner; applying bearing capacity and skin 

friction values derived from estimated soil parameters.  The piles are ‘verified’ by pile driving formulae 

when installed.  This results in some uncertainty in the actual pile capacity. 

The use of pile driving analysis (PDA) methods have increased in recent years and is a positive step over 

reliance on pile driving formulae. However, the wave propagation speed through a timber pile is dependent 

on the density, water content and elasticity of the timber at the time of driving, which can vary.  Therefore, 

assumptions need to be made in order to estimate pile capacities using PDA, which may introduce some error 

in the method. 
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CPT based direct design methods have been found to provide good estimates for pile capacities.  One such 

method by Bustamante and Gianeselli (1982), also known as the LCPC method, was based on the analysis of 

pile load tests with a wide range of pile and soil types.  Although this method includes a range of driven pile 

types, driven timber piles is not specifically covered.  The author is not aware of any other published 

methods of direct design from CPT for driven timber piles. 

In this study, two driven timber test piles were installed at a site of a proposed multistorey residential 

building in Otahuhu, Auckland.  CPT tests were conducted at each pile location prior to the pile installations.  

PDA tests and full scale static pile load tests were carried out on the test piles.  The results of the PDA and 

pile load tests were compared to CPT direct design estimates obtained using the LCPC method.  

2 GROUND CONDITIONS 

Several boreholes and CPTs were conducted at the site to determine the ground profile.  The ground 

conditions are summarized in Table 1 below. 

Table 1: Summary of ground conditions. 

Depth BGL Ground conditions Approx. CPT qc (MPa) 

0 – 5 m Firm silts and clays and organic soils <1 

5 – 6.5 m Dense silty fine sand 20 - 30 

6.5 – 7.5 m Firm clay <1 

7.5 – 9.0 m Dense silt/sand layered with stiff silt/clay 5 

9.0 – 12.5 m Dense silty fine sand 20 - 40 

12.5 – 20 m Stiff clays 2 - 4 

20 m+ Weak sandstone rock (ECBF) >20 

 

The soils at this site down to approximately 20 m depth are alluvial soils of the Puketoka Formation of 

Pleistocene age.  These overlie weak sandstone rock of the East Coast Bays Formation. 

There are two dense sand layers; at approximately 5 m depth; and at approximately 9 m depth.  These dense 

sand layers vary in thickness across the site and the upper sand layer is not present in some places.  For this 

study the two test piles were driven to 10 m depth at the top of the lower dense sand layer.  Groundwater was 

found to be at about 2 m depth. 

3 TEST PILE INSTALLATIONS 

The test piles comprised 450 mm diameter timber poles.  These poles were stripped of bark, but otherwise 

unmachined; displaying the irregular sides and the natural taper of the original tree trunk.  These unmachined 

poles are referred to as ‘uglies‘.  The ends of the piles are of different diameter due to the taper in the piles.  

The small end diameter (SED) of the poles is 450 mm, whereas the large end diameter (LED) is 550 mm (at 

10 m length).  
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In order to install the piles, it was first necessary to pre-drill with an auger.  The purpose of this was to allow 

the pile to stand in the hole to a height which the pile could then be driven. This was drilled to 2 m depth 

with a 500 mm auger.  At test pile 1, it was also necessary to pre-drill through the upper dense sand layer, 

that otherwise would not be possible to drive through.  A 400 mm diameter auger was used for this purpose. 

The piles were driven SED down with a 3.6 tonne drop hammer at various drop heights.  The piles were 

installed at locations where CPTs were previously carried out.  Once installed to the target depth (10 m 

BGL), the piles were left to rest before PDA testing.  Figure 1 below shows timber piles being driven at the 

site. 

 

Figure 1: Timber pile ‘uglies’ being driven with 3.6 tonne drop hammer 

4 PDA TESTING 

PDA testing was carried out 4 days after installation of the test piles.  The PDA tests were carried out using 

the same 3.6 tonne drop hammer for redriving the piles. 

The ultimate axial capacities were estimated using CAPWAP (CAse Pile Wave Analysis Program) analysis 

along with end bearing and skin friction predictions.  An assumption was made on the wave speed 

propogation through the timber piles.  The results of the PDA testing are given in Table 2 below.  The 

accuracy of the total axial capcity of the piles is reported to be within +/- 10% of the given CAPWAP value. 

 

Table 2: Summary of of PDA/CAPWAP results. 

 Test Pile 1 Test Pile 2 

Total axial capacity, QT (kN) 2,250 1,960 

Skin friction, QS (kN) 1,150 1,000 

End bearing capacity QB (kN) 1,100 960 

Deflection at 550 kN (mm) 3 - 4 3 - 4 
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5 PILE LOAD TESTING 

Full scale static pile load tests were conducted 5 days after installation for test pile 1 and 7 days after 

installation for test pile 2.  The test frame comprised a load beam with four screw piles as reaction piles.  The 

test frame set up is shown on Figure 2 below. 

 

Figure 2: Static load test frame and jack 

 

The load was applied using a hydraulic jack and the load measured from a calibrated digital hydraulic 

pressure gauge.  Deflection was measured by precise levelling to nearest 0.5 mm.  The tests were carried out 

in general accordance with ASTM 1143/D 1143M-07 using the quick test procedure. 

Two loading and unloading cycles were applied.  The first loading cycle was applied in 120 kN increments 

to the working load of 600 kN and then unloaded.  The second loading cycle went to failure or the 

maxiumum load capacity of the jack (2,400 kN) in 200 kN increments over 600 kN and then unloaded in 400 

kN increments. 

The results of the pile load tests are shown graphically on Figure 3, below.  A Chin-Kondner (1970) 

extraplotion was carried out for the load test data and these are also shown on the plots in Figure 3, below. 

 

 

Figure 3: Pile load test results for test piles 1 and 2 
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6 CPT DIRECT DESIGN BY LCPC METHOD 

The results of the CPTs undertaken at the two test pile locations have been analysed using the LCPC method 

(Bustamante and Gianeselli, 1982).  The computer program CPeT-IT by Geologismiki was used to 

undertaken the calculations.  The following assumptions were made: 

• The toe of the pile is 450 mm diameter 

• The diameter of the shaft is 500 mm diameter (being the average diameter along the length of the 

pile) 

• The pile is assumed to be equivalent to a driven precast pile (Group II and Category IIA) 

• Careful construction practices 

The unit pile side friction, fb, has upper limit restrictions in the LCPC method.  These were not applied for 

this study.  

The results of the LCPC analysis for each of the two CPTs is shown in Figure 4 below as plots of pile 

capacity with depth.  It should be noted that the plots show ultimate capacity, not allowable capacity, as the 

factor of safety was set to 1.  The plots also show the cone resistance values and soil behavior types. 

 

           

Figure 4: LCPC direct pile design analysis at (a) test pile 1 and (b) test pile 2 

 

7 COMPARISON OF RESULTS 

The results of the LCPC analysis for piles embedded to 10 m depth are compared to the capacities 

determined from the PDA tests and the static load tests.  These are summarised in Tables 3 and 4, below.  In 

the case of the static load tests, the load at 10% of the pile diameter is taken to be the ultimate pile capacity.  

For test pile 1 where the load test did not reach failure or 10% of the pile diameter, the ultimate capacity was 

taken from the Chin-Kondner extrapolation at 10% of the pile diameter. 

The results are also shown on the plots of load vs displacement in Figure 5, below.  Here the PDA results are 

adjusted so that the displacement at 550 kN is between 3 and 4 mm, as provided by the PDA analysis.  The 

ultimate capacity is aligned with 10% of the pile diameter (45 mm).  In the case of the LCPC direct design, 

(a) (b) 
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the load-displacement diagram is adjusted to match the pile load test curve, with the ultimate capacity again 

at 10% of the pile diameter.  In doing so, the ultimate skin friction is estimated to occur at approximately 3% 

of the pile diameter (for test pile 2). 

 

Table 3: Summary of comparison of pile capacity methods for test pile 1. 

Method QB QS QT 

PDA 1,100 1,150 2,250 

Load test - - 3.050* 

LCPC 1,620 1,220 2,840 

*based on extrapolation of load-displacement curve at 10% of pile diameter. 

 

Table 4: Summary of comparison of pile capacity methods for test pile 2. 

Method QB QS QT 

PDA 960 1000 1960 

Load test - - 2,225* 

LCPC 1,480 760 2,240 

*at displacement of 10% of pile diameter. 

 

 

 

Figure 5: Comparison of LCPC, PDA and pile load test for test piles 1 and 2 
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There is a reasonable agreement between the measured load test capacity from the static load tests and those 

estimated from the LCPC analysis, particularly for test pile 2.  The pile load test for test pile 1 did not reach 

failure or 10% of the pile diameter due to the maximum jack capacity being achieved at 2,400 kN.  

Consequently, the ultimate pile capacity is not known.  The LCPC prediction (2,840 kN) is close to the Chin-

Kondner extrapolation at 10% of the pile diameter (3,050 kN), although this cannot be relied on for an 

ultimate pile load.   

Pile test 2, where failure of the pile was reached in the pile load test, is the better test for comparison 

purposes.  For this test pile, the LCPC prediction matched the measured capacity from the pile load test.  

This assumes, however, that the load at 10% of pile diameter defines the ultimate capacity. 

The PDA predicted capacities were lower than the measured pile load test capacities and the LCPC 

predictions.  For pile test 2, however, the PDA prediction is within 10% of the pile load test capacity (at 10% 

of pile diameter), which is in line with the stated accuracy given in the PDA test results. 

8 CONCLUSION 

The LCPC direct design method from CPT provided a reasonable estimate of the load capacity for the driven 

timber piles at this site.  The PDA tests also provided reasonable estimates of pile capacity, although they 

under-predicted the capacity measured in the pile load tests.  Further studies undertaken in a similar manner 

are needed to demonstrate the suitability of this method for driven timber piles in different soil types.  With a 

larger database of such information, it may be possible to adjust the coefficients used in the LCPC method to 

refine the results specifically for driven timber piles, if found appropriate.  Alternative direct design methods 

may also be developed.  Future studies should also consider the effects of pre-drilling and the effects of the 

natural taper and irregularities of the pile sides.  In addition, resting time of the piles between installation and 

testing are also something to be considered. 
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The Sumner Road Reopening Project – rockfall 

mitigation and road repair of an important route 

between Lyttelton and Christchurch 

M. Howard & T. McMorran 
Golder Associates, Christchurch, New Zealand. 

C. Watts 
Jacobs, Christchurch, New Zealand. 

P. Bawden 
Christchurch City Council, Christchurch, New Zealand. 

ABSTRACT 

Sumner Road between Lyttelton to Evans Pass was severely affected by rockfall as a result of the 

2010-2011 Canterbury Earthquake Sequence. Approximately 2 km of Sumner Road was closed to 

all traffic following the 22 February 2011 earthquake. Sumner Road was used as a corridor 

for dangerous goods vehicles between Lyttelton and Christchurch and the absence of this route 

periodically required temporary closing of the Lyttelton Road Tunnel to the public to allow 

dangerous goods vehicles to pass. In 2015 Christchurch City Council (CCC) and New Zealand 

Transport Agency (NZTA) initiated a programme of works to mitigate the geohazards affecting this 

road corridor. A team comprising Golder and Jacobs staff provided concept designs, tender 

evaluation and supervisory technical expertise to the client during construction. The physical 

mitigation of rockfall hazard, repair of earthquake damaged retaining walls and the road pavement 

took 2.5 years and the road was officially opened to the public on 29 March 2019, more than 8 

years following the earthquake that closed it. Significant cost savings were possible due in part to 

our re-evaluation of the primary rockfall source slope as not having experienced significant rock 

mass damage, therefore avoiding costly large-scale benching and associated earthworks.  
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1 INTRODUCTION 

The project area was affected by significant rockfall on multiple occasions during the 2010-2011 Canterbury 

Earthquake Sequence (CES), both as a direct result of specific earthquakes and subsequently. Sumner Road 

was also affected by rockfall prior to 2010, with anecdotal records of rockfall occurring during most winters. 

Prior to 2010, rockfalls were typically of small volume, with block sizes less than about 0.5 m in maximum 

dimension. Debris flows also affect the road corridor, including several that occurred during a heavy rainfall 

event in 2014. Concept level risk assessments completed by several consultants including Golder concluded 

that post-earthquake rockfall presented an unacceptably high risk to road users and that mitigation measures 

were required to reduce the risk to an acceptable level. 

The road formation and retaining walls were also damaged as a result of earthquake shaking and debris flow, 

the latter causing disruption of the surface stormwater system. While design of these elements was not part of 

the original rockfall mitigation work scope, it is relevant to note that rockfall caused relatively minor damage 

to the road formation (i.e., impact craters and damaged concrete parapet walls) compared to the damage from 

earthquake shaking. 

Concept design for rockfall mitigation at the site (Aurecon, 2013) included reinforced earth bunds at two 

gullies at the western end of the project area, extensive slope modification and scaling (approximately 

1 Mm³) to remove the potential source rock. 

2 SLOPE INSTABILITY HAZARD 

Sumner Road traverses steep, south facing slopes adjacent to Lyttelton Harbour (see Figure 1 and 2). The 

slopes include prominent cliffs up to 100 m high that slope at about 70° or more.  The area is underlain by 

Miocene age basaltic to trachytic volcanic rocks of the Lyttelton Volcanic Group (Forsyth et al., 2008). 

These lava, tuff and breccia beds dip at about 10° to the north, into the slope. The weaker breccia and tuff 

beds typically slope at about 45°.  

The southern side of Lyttelton Harbour exposes basaltic lava flows of the Late Miocene Diamond Harbour 

Volcanic Group. This formation suggests that the general configuration of slopes around Lyttelton Harbour 

is at least Late Miocene in age.  

 

Figure 1: Location plan of Sumner Road Remediation Project site 
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Figure 2: Aerial photograph of the eastern area of Sumner Road Remediation Project site prior to 

construction where Sumner Road passes below 100 m high steep rock cliffs. Yellow and blue zones denote 

recent, likely earthquake-related rockfall. Red zones are debris flows associated with the 2014 heavy rainfall 

event. 

A range of slope instability hazards affect Sumner Road including rockfall (at various scales) and debris 

flows. Minor rockfall has reportedly affected the road on an almost annual basis prior to the CES with 

failures mainly coming from the road cuttings. Rockfall was widespread along the project site as a result of 

the earthquakes. Based on aerial photographs and field mapping it is estimated that about 9000 m³ of rockfall 

occurred as a direct result of the earthquakes. The dominant source areas for rockfall from the earthquakes 

were the natural cliffs and to a lesser extent the road cuttings, with about 90% of rockfall being sourced from 

these areas.  

Based on observations of the scars from rockfalls on the slope, the failure mechanisms for individual source 

areas have mainly comprised toppling, which is consistent with the layered volcanic formation dipping 

gently into the slope. However, evidence has been recognised for discontinuity-controlled wedge failures, 

planar failures and isolated blocks being thrown directly into the air.  The largest observed slope failures 

resulting from the earthquakes have extended about 5 m into the slope, but generally the failures are limited 

to 2 m into the slope behind the pre-earthquake face.  

Debris flows followed the 2014 heavy rainfall event affecting several locations within the project area (see 

Figure 2). However, the debris comprised mainly fine-grained silty material, with relatively minor boulder 

fraction. Consequently, vehicles impacting debris flow material is relatively minor compared to boulder 

dominated rockfall debris. As such, the risk to road users associated with debris flows is relatively minor 

compared to other geohazards. 

Concern was previously raised about the potential risk of collapse of the cliffs above Sumner Road during a 

future earthquake. Previous work on the site suggested that the rock mass strength had been significantly 

degraded as a result of the CES (e.g. Massey et al., 2012). Our observations during field mapping did not 

support this theory; we observed no significant tension cracks along the crest of the bluffs and relatively 

minor dilation of the rock mass in the slope during abseil inspections. We concluded that, despite the bluffs 

STEEP 

ROCK 

CLIFFS
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being steep rock slopes, rock discontinuities in the slope are generally favourably oriented. More 

importantly, the bluffs have not been actively eroded by wave action during the late Quaternary. This 

contrasts with the well documented location of cliff collapse around Sumner, where coastal erosion had 

occurred during the Holocene. 

3 DESIGN APPROACH 

3.1 Risk Assessment 

CCC’s approach to the mitigation of rockfall risk along Sumner-Lyttelton Road Corridor was to meet a risk 

based criteria of better than ARL2 (Assessed Risk Level – using the semiquantitative risk assessment 

approach of RMS, 2011) with respect to road user safety and to ensure that the road could be reopened (at 

ARL2 or better) within three days of a future earthquake similar to the CES events.  

Golder and Jacobs undertook a semi-quantitative risk assessment for rockfall risk affecting Sumner Road 

users following the RMS (2011) method. We divided the corridor into 100 m long segments and calculated 

an ARL for each. This assessment indicated that about 90% of the road corridor was estimated to be ARL1, 

the highest risk level assigned by the RMS method.  

3.2 Preliminary design 

Golder and Jacobs developed a preliminary design for rockfall mitigation incorporating:  

• Scaling of the main source areas above Sumner Road using abseil crews, 

• Construction of an approximately 400 m long rockfall catch bench below the bluffs which was 

recognised as the main source of rockfall material (see Figure 3).  

• Construction of a rockfall protection structure in ‘Gully F’ above the Lyttelton Port Coal storage facility 

where rockfall boulders from steep cliffs concentrated in the natural gully (see Figure 4). 

• Scaling and trimming of the road batters adjacent to Sumner Road. 

Significantly, previous advice to the CCC was that the slopes providing the main rockfall source area above 

Sumner Road required quarry-style benching due to earthquake-related damage to the rock mass. The 

Golder/Jacobs preliminary design described above did not adopt this approach as the rock was assessed to be 

reasonably intact. 

 

Figure 3: Conceptual design of the 15 m wide, 400 m long cut rockfall catch bench 
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Figure 4: Location of rockfall protection structure above Sumner Road at ‘Gully F’ 

CCC let the rockfall mitigation works tender on a design build NZS3916 contract basis using the 

Golder/Jacobs preliminary design as a specimen design for tenderers. McConnell Dowell (MacDow) was 

selected as the successful tenderer for the rockfall mitigation works, with Beca providing design services. 

Beca and MacDow developed detailed designs for the works that largely followed the preliminary design. 

4 ROCKFALL MITIGATION WORKS 

Scaling was completed by multiple (up to six three-person crews at a time) rope access teams working from 

the crest of the escarpment. The scaling work took approximately six months to complete and required only 

minor high-velocity blasting effort to remove selected large rock pinnacles that were too large to remove by 

hand tools, airbags or low-velocity blasting. Physical support was available to support unstable areas of 

slope, but this was not required as rock removal by scaling was considered as being adequate to achieve the 

necessary safety threshold. 

The 400 m long catch bench was excavated using conventional excavators and 6-wheeled ADTs with in-

ground blasting needed to improve excavatability. The bench is approximately 15 m wide and has a 

minimum 2 m high rock wall lip left in place along the outside edge to improve retention of rockfall (see 

Figure 5). The floor of the catch bench comprises ripped in place rock debris to provide a substrate to 

mitigate bouncing and rolling of rockfall. The bench falls to the east towards Sumner Road at a gradient of 

1V:8H. Stormwater is diverted off the bench at seven intervals to prevent the full catchment of the bench 

from discharging directly onto Sumner Road. In line with the Principal’s requirements, rockfall modelling 

estimated that the bench would arrest 95% of rockfall from the escarpment and also has ample capacity to 

accommodate a large-scale failure, should that occur. 
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Figure 5: Photo of completed rockfall catch bench above Sumner Road. Stormwater drains denoted by grey 

narrow gravel-filled trenches on catch bench. 

At Gully F MacDow and Beca opted for a 55 m long and 7 m high reinforced-earth ‘Green Terramesh’ 

rockfall bund as the rockfall protection structure where significant rockfall was concentrated (see Figure 6). 

The maximum design boulder size was in the order of 2 m in the maximum dimension. 

 

Figure 6: Green Terramesh rockfall bund above Sumner Road at Gully F 
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Finally, the road cuttings were trimmed and scaled to remove obvious rockfall source material and to 

improve the line of site at some locations. Many of the road cuttings are almost vertical, in excess of 10 m 

high and were cut during the 1930s when Sumner Road was originally constructed. These road cuttings have 

typically performed well and only minor trimming and scaling was undertaken as part of the project. 

Significant reprofiling of the cut slope at Windy Point was completed due to slope failure below the outside 

(supporting) road edge and to optimise the road alignment (see Figure 7). 

Following completion of the rockfall mitigation works, we completed a ‘post-works’ risk assessment. The 

assessment concluded that all of the road corridor now meets ARL2 or better and that most of the corridor is 

better than ARL3. 

5 POST ROCKFALL REMEDIATION ROAD LEVEL REPAIRS (ROAD FORMATION, 
RETAINING WALLS, STORMWATER AND PAVEMENT) 

Following completion of rockfall mitigation works, safe access was available to Sumner Road for repair of 

retaining walls and road pavement. Golder and Jacobs prepared an inventory of retaining walls and 

developed concept designs and cost estimations for repair. Many crib retaining walls were found to be 

damaged, while concrete retaining walls performed well. Informal guard rails and parapet walls were 

extensively damaged from rockfall. In all, work was undertaken on 30 retaining walls along Sumner Road 

some of which were more than 50 m long and 8 m high. An example of a retaining wall under repair is 

shown in Figure 8. 

Concrete crib retaining walls were typically repaired by anchoring back the structure into rock and placing 

multiple coatings of structural shotcrete to reinforce the crib elements (see Figure 9). Some gabion basket 

retaining walls were removed and entirely replaced and some new retaining walls were required where no 

retaining wall was previously present. New ground beams were constructed to support crash barriers. 

Stormwater control was typically designed to replicate the pre-earthquake condition and this required 

replacement of many culverts, sumps, flumes and gutters.  

 

Figure 7: Windy Point, which is located above Lyttelton Port in the southwestern end of the project. 

Excavation of the slope was undertaken to enable realignment of the road away from the failed supporting 

edge (red dashed line) to the present location (yellow lines). 
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Figure 8: A retaining wall in the process of being repaired. Sumner Road is above the retaining wall. 

 

 

Figure 9: Rock anchoring in progress as part of the repair of an existing, damaged wall. 

Where appropriate, the pre-earthquake pavement was retained, however, most of the pavement was damaged 

by rockfall and retaining wall deformation requiring widespread replacement with stone mastic asphalt 

(SMA) overlying bitumen treated basecourse (BTB). In areas of over excavation cement treated basecourse 
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(CTB) was also utilised. During pavement works historically placed coal tar was excavated and disposed of 

at an appropriate offsite facility.  

6 CONCLUSIONS 

Implementation of rockfall mitigation works including scaling of rockfall source areas and a rockfall catch 

bench have been assessed to meet CCC’s risk-based criteria for road users and resilience against road closure 

following a large earthquake. The mitigation includes an innovative catch bench beneath the main source of 

rockfall during the earthquakes. The construction cost for the project was about $20M below the pre-

construction cost estimate of $60M, due in part to the re-evaluation by Golder/Jacobs of previous 

assumptions that the largest rockfall source required large-scale benching.   
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ABSTRACT 

Widespread slope instability occurred in the Porirua region after the significant storm event on 15 November 

2016 and continued for a number of days.  Emergency risk assessments and subsequent mitigation works 

were undertaken on behalf of Porirua City Council (PCC) with an initial focus on life safety then maintaining 

safe road access to suburban areas of Porirua.  PCC did not have an existing emergency response strategy or 

procedure for such large scale events and the overall response was somewhat disjointed, improvised and 

labour intensive.   

After the emergency period had abated, 41South presented a workshop to PCC to assist them to improve 

their systems and procedures should a similar emergency occur in future.  ENGEO also presented how a 

slope stability rating system could be used to prioritise future response and shortcomings of such a system in 

this context.   

In this paper we will discuss the processes undertaken, the involvement of ENGEO and 41South in the 

emergency response process, and the geological environment, including specific examples of slope geometry 

and local soil/rock conditions that were found to be prone to failure.  The paper will provide a series of 

technical and procedural recommendations concluding with a suggested Geo-Hazard Preparedness & 

Continuity Plan (GPCP). 

ENGEO have since been engaged by PCC as Geohazard subject matter experts to undertake regulatory 

reviews for new consent applications in the Region.  Forming part of a Council led internal improvement 

exercise, this will aid future resilience for geotechnical structures in subdivisions and structures constructed 

within the Porirua region.  
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1 THE EVENT 

1.1 Earthquake and Storm Event 

While still dealing with the effects of the 14th November 2016 Mw7.8 Kaikoura earthquake, the Wellington 

region was hit by heavy rainfall the next day that caused flooding in a number of areas. Slips and surface 

flooding resulted in a number of road closures including three main state highways (SH1, SH2, SH58) and 

also Paekakariki Hill Rd and Grays Rd in Porirua. 

Greater Wellington Regional Council rainfall monitoring sites measured up to 80mm of rainfall in just six 

hours around the Porirua and Pauatahanui areas. High river flows were recorded with the Pauatahanui Stream 

in the Porirua district reaching a level with an estimated 1 in 20-year return period (GWRC 2017).  In 

comparison, the rainfall gauge at Battle Hill in the Porirua district received 60mm of rainfall in the entire 

month of November the previous year (GWRC 2015). 

1.2 Effect of these natural events on the slopes of Porirua 

The combination of earthquake and storm resulted in approximately 60 landslides occurring in the Porirua 

Region at the locations shown in Figure 1. The landslides are concentrated in areas most recently developed 

where cut and fill slopes are prevalent. 

 

 

Figure 1 Locations of Slips 
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2 GEOLOGY AND GEOMORPHOLOGY OF SLOPES IN THE PORIRUA REGION 

2.1 Geology 

The geology of the Porirua Region (Begg & Johnston 2000), generally comprises Holocene undifferentiated 

weathered, poorly sorted loess-covered alluvial gravel deposits or loess overlying Rakaia Terrane comprising 

grey sandstone and mudstone sequences and poorly bedded Sandstone, commonly known as Wellington 

Greywacke.  Colluvium is also apparent on and at the base of slopes. 

2.2 Geomorphology 

Based on site measurements, slope angles of the failed soil slopes were between 40° and 80° with an average 

of 50°.  Natural soil slopes in the area are typically stable (static case) at approximately 20° to 40°. 74% of 

the failed slopes we assessed were slopes that had been modified by cuts during historical development.  The 

most common failure mechanism of these cut slopes was failure in the silty loess and/or colluvial soil which 

we infer had been cut at too steep an angle to provide long term stability.  The other 26% of failures appear 

to have occurred either due to increased stormwater flow down gullies causing erosion (occasionally 

compounded by insufficient capacities of culverts at the base of the gullies), undercutting of slopes adjacent 

to streams and failure of fill downslope due to increased pore water pressure within the soil mass. The 

shaking caused by the Kaikoura earthquake the previous day may have contributed to the instability in the 

region by loosening of the soil and weathered rock, however this is impossible to quantify. 

3 EMERGENCY RESPONSE 

In the immediate hours and days after the events, PCC was inundated with calls and reports of slips and 

many other associated effects such as overflowing stormwater systems and broken assets.  In the first 48 

hours a team was organised to try and collate these events to understand the magnitude of works and 

prioritise the response.  Calls were logged into a spreadsheet from various avenues including front desk calls, 

reports from officers, reports from emergency services and observations by staff on site. 

Several months before, 41South (41S) had successfully completed the project management and construction 

of a one-off retaining wall on behalf of PCC.  In the days after the earthquake and storm event, 41S contacted 

all major clients to offer assistance.  PCC requested that staff from 41S work in PCC offices for two weeks 

initially to get a better understanding of the scale and complexity of the situation and the inputs required. 

The first step was to uplift the spreadsheet of events and work out duplicate reports – many sites were 

reported more than once with different descriptions for example, outside number X, opposite the driveway of 

house X, next to the lamp post, 100m from x, etc.  The system was an immediate reaction to an unexpected 

event and there was no specific structure to the response.  “The PCC team were making it up as they went 

along” (Fraser Fleming, 2020). 

As resources were limited, ENGEO were engaged to undertake initial geological risk assessments on each 

landslide that had been prioritised. Approximately 60 initial site visits were undertaken and the team worked 

with PCC maintenance contractors (Downer) to manage the sites from a traffic and pedestrian management 

and health and safety aspect. 

4 SLOPE RISK ASSESSMENT AND REMEDIATION 

ENGEO were engaged to undertake initial risk assessments on each site that had been prioritised. The reports 

were used by PCC to further develop the list of prioritised works. Nine sites were assessed within the first 

three days of the large rainfall event on 15 November 2016. Another 27 slopes were assessed in November 

and a further 12 slopes before the end of 2016. The sites were visited in the approximate order of the PCC 
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request. When a large number of sites were requested at one time, the sites were sorted based on location 

with the aim of assessing as many as possible in the most efficient order.  

For each site a walkover was conducted, photographs taken and the landslide features measured and 

recorded. Key measurements made were the dimensions of the head scarp, the extent of debris and the 

distances between the hazard and assets such as PCC roads and private property.  Also noted was any 

evidence of continuing or future failure such as angle of the debris slide or slope and size of any tension 

cracks observed in the area. Preliminary assessment regarding the level of risk were discussed onsite and 

these were assessed in more detail during the reporting stage. It was crucial to have a minimum of two 

experienced geologists/geotechnical engineers undertake each assessment both for health and safety reasons 

(as often the sites involved climbing up/down steep slopes) and to be able to have informed onsite 

discussions about potential failure mechanisms, the risks of ongoing instability and to distinguish risk factors 

between sites in order to assess the sites most at risk.  

An initial assessment report was completed for each site. The report outlined the location, description of 

hazard and interpretation of the cause(s) of the hazard. The initial inspection reports also assessed the risk of 

the site using a qualitative Risk Matrix Template that was adapted for this purpose. This matrix assesses the 

risk based on the likelihood of potential reoccurrence events and the consequences that these events could 

have to PCC and private assets, such as roads, existing retaining walls and houses. If the site was assessed to 

have a risk higher than ‘low’ then the report also included recommendations for immediate and long term 

remedial and mitigation actions. In most cases multiple long term options were provided along with 

approximate design and construction costs for each option. Examples of long term mitigation options 

provided across various sites included debris catch fences, permanent slope regrading and replanting, rock 

anchored retaining walls and cantilevered timber retaining walls.  

A ranking system was developed based on the severity of the landslide, the damage, the risk to the public, the 

risk to private property, the risk to PCC assets, etc.   The sites were ranked Red, Orange Yellow and Green: 

• Red – Sites where the risk was required to be reduced immediately. These slopes had an immediate 

impact on people, whether compromising a property or major road.  

• Orange – Sites where mitigation was required as soon as possible but with less priority than the red 

slopes. These slopes posed no immediate threat to public, however were at danger of doing so with 

future seismic or rainfall events.  

• Yellow – Sites where monitoring was required with potential for mitigation to be needed if further 

failure could impact the public. These slopes are likely to fail again, however these posed no current 

danger to the public.  

• Green – Sites where monitoring only was required. The cost of applying mitigation measures to 

these slopes would outweigh the benefits gained.  

This new system was debated with ENGEO, Downer, PCC staff including the PCC communications team, 

the PCC call centre manager and 41S to develop a ranked set of sites that needed immediate attention. 

During these meetings the preferred mitigation solutions were chosen for the sites classified into the Red 

category and the investigation and design for these solutions started.  Mitigation designs were generally 

undertaken by ENGEO in conjunction with inputs from specialist contractors where necessary.  41S was 

engaged to manage the programme of works and has been involved from November 2016 to the current date.   

Construction was completed by a number of local, trusted contractors known to have the correct equipment 

and skills for specific solutions.  In the initial stages, the construction of retaining solutions of critical sites 

were awarded based on availability of resource.  As the workload reduced, competitive tendering was used to 

evaluate tenders.  In some instances parallel pricing was also used to ensure competitive prices were 

provided to PCC. 
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Throughout the initial three to six months, additional reports of new sites were added to the list as new 

events occurred over time.  There were periods of heavy prolonged rain throughout the following winter that 

worsened existing landslides and added new sites to the list which required constant updating and regular 

reprioritisation meetings. 

The workload reduced to a point where ‘Business as Usual (BAU)’ is considered to have been reached by mid-

2019. 

5 EXAMPLES OF RED CLASSIFIED SITES 

Three sites that were Red classified were Ivey Bay Reserve (Figures 2 and 3) Motuhara Road (Figure 4 and 

5) and Moonshine Road (Figures 6 and 7).  

5.1 Ivey Bay Reserve 

Ivey Bay Reserve was one of the first landslides inspected due to the extent of the damage to private 

property. The land slipped from the back garden of a property down into Ivey Bay Reserve, which is a public 

walking area.  The scarp of this slide was five metres high with the crest of the landslide only four metres 

laterally from the house. It was assessed that the landslide mostly occurred in fill material and failure was 

triggered by the saturation of this material. This slip was Red classified due to the potential for future 

damage to both the property and the PCC managed Ivey Bay Reserve. Permanent remediation measures 

recommended for this landslide were an anchored steel post retaining wall, an anchored shotcrete wall or an 

anchored steel mesh wall.  

 

Figures 2 and 3: Ivey Bay Reserve Slip 

As all of the potential remedial options required solutions on the private property, it was considered that the 

property owners and their insurers would cover the majority of the remediation work costs.  

5.2 Motuhara Road 

On Motuhara Road were two adjacent landslides that extended from the footpath to the properties above 

down to Motuhara Road below. Both slip areas were approximately eight metres wide and five metres high. 

These slips had caused the footpath to these two properties to be undermined by up to 0.75 m. Due to the 

possibility for restricted access to these private properties and debris falling onto the blind corner on the road 

below, these slip areas were assessed to be in the Red response category. It was assessed that the area 

between the two slip areas that did not fail in November 2016 was also at risk of future failure and it was 

therefore recommended that a remedial solution was applied to the entire unstable section of approximately 

80 m in length. The remedial solution recommend for this site was an anchored shotcrete wall.  
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Figures 4 and 5: Motuhara Road Slip before and after remediation  

As this landslide was entirely located on PCC land and the need for remediation was deemed urgent, 

ENGEO were engaged to proceed with the investigation and design for this solution. In February 2017 an 

investigation was undertaken on the site to confirm the ground conditions and depth to rock. ENGEO then 

designed an anchored shotcrete wall which was issued to PCC in March 2017. The construction of this 

project commenced in June 2017 and was practically completed by November 2017.  

5.3 Moonshine Road 

There were several roads where more than one landslide was observed and these roads were classified as one 

site. These roads included Airlie Road, Kenepuru Drive, Moonshine Road and Paekakariki Hill Road. These 

roads were able to be classified as one site due to the remote location of the roads and distance from private 

properties. Motuhara Road for example also had several landslides reported, however as these landslides 

affected several different private properties as well as the private road it made sense to treat them all as 

separate sites.  

On Moonshine Road there were four significant sites identified during the initial assessment after the 

November 2016 event (Figures 6 and 7). At each of these sites the Pauatahanui Stream, which runs alongside 

Moonshine Road to the west, had eroded the inside corner of the road, leading to the undercutting of the 

road. During the storm event the stream reached 1 in 20 year peak levels (GWRC 2017). The shoulder of the 

road had failed at all four sites, with the head scarps just outside of the edge of the lane.  Slip area one was 

the largest, extending to approximately 35 m in length. Three out of the four slip sites had existing large 

concrete blocks used as bank retaining that had been displaced by the stream during the failure event.  The 

overall level of importance of the road was Orange classified, due mostly to the remote location of the road. 

Remediation measures suggested for these slip areas were a combination of gabion basket or steel post 

retaining walls.  

Moonshine Road continued to be monitored throughout the 2016/2017 summer period and after additional 

monitoring the response category for this road was increased to Red. Other areas along the road were also 

identified to be at risk after further rainfall events. Investigations were undertaken on the various sites along 

Moonshine Road in March and May 2017. A test pile was also installed to inform the preferable type of wall. 

After the test pile and investigations, six gabion walls and one steel and timber post wall were designed. The 

design and construction for all of these walls was completed by the end of 2017.  
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Figures 6 and 7 Moonshine Road Slip area before and after remediation 

6 LEARNINGS AND OUTCOMES 

6.1 Geo-Hazard Preparedness & Continuity Plan  

Figure 8 details a process improvement plan issued to PCC in June 2018.  This plan was intended to be a one 

page reminder of the major steps.  The more in depth details are documented on the PCC filing system and 

include key elements listed below. The plan was developed throughout the slips management process and 

was discussed and prepared in conjunction with PCC officers, geotechnical engineers, contractors (where 

necessary) and after taking legal and consenting advice.  
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Figure 8 Geo-Hazard Preparedness & Continuity Plan (GPCP) 
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The key elements the improvement plan from which the GPCP was derived are: 

• Definitions of roles and responsibilities 

• How initial contact should be managed 

• Declaration of a State of Emergency 

• An initial site visit – who should attend and 

their role on site 

• The first 24 hours plan 

• Internal meetings to discuss the way 

forward 

• Days 2 to 5 management plans 

• How to manage investigations 

• The design phase 

• The construction phase 

• Council Insurance and Legal Processes 

• Document Management 

• Health and Safety 

• The role of New Zealand Transport 

Agency (NZTA) 

• Communication; 

• Potential Stakeholders 

• A small scale evacuation process 

• Project close-out 

Throughout each of the stages, the instructions cover communications, funding, consenting and document 

management (including a suggested filing structure under PCC Daisy file management system). 

6.2 Monitoring Slope Performance 

The following monitoring options have been suggested to PCC to assess the performance of existing 

unretained and retained slopes.   

6.2.1 Slope Stability Rating 

The qualitative risk assessment of existing slope stability is a well-known and commonly used method of 

simply assessing the stability of slopes along linear infrastructure such as roads and railways. Key benefits of 

this method are that it is relatively quick to assess large volumes of slips in a time efficient manner.  

However, the authors believe that one drawback of this method of risk assessment lies with the simplistic 

way the data is collected and risks are assessed, making important decisions around site prioritisation, for 

example, somewhat challenging when dealing with a significant number of slopes in a short space of time. 

ENGEO have discussed the merits of adopting a quantitative risk assessment tool; specifically to serve as a 

benchmark of all unretained slopes in the Porirua region.  Having such a system in place would mean that 

key high risk areas can be prioritised for future capital works budgets and also would serve as a ‘first check’ 

immediately after a seismic or significant storm event.  Such quantitative systems exist around the world 

including the Roads and Maritime Services (RMS) system in Australia and also the KiwiRail Slope Rating 

System (Justice & Cassidy 2012) here in New Zealand, however additional complexities exist within the 

Territorial Authority landscape including making such risk rating information available to the public and 

what the possible effects of this may be.  For example, if a slope above a PCC road has a high risk rating 

then would the homeowner above be negatively affected by this information should they wish to sell their 

home?  PCC are currently considering their options in this regard. 

6.2.2 Existing retaining wall assessments 

Many retaining walls in PCC reserve land have either been under-designed or have reached the end of their 

design life. As a result, there are a number of walls exhibiting stress / damage, for example rotation, 

corrosion and loss of backfill. Based on our preliminary assessments for a number of walls, the primary 

contributing factor to poor performance is inadequate or non-existent drainage.  



 

10 

 

Sensitivity: General 

ENGEO has provided assessments of this infrastructure, where damage has occurred, in the form of the 

qualitative assessment using the Risk Matrix Template.  

They have since provided a simple assessment framework and training to the PCC maintenance team such 

that they can assess existing walls and determine whether or not they require an engineer’s assessment.  

They have discussed the merits of a district wide qualitative assessment for retaining infrastructure such that 

PCC would be able to prioritise repair or replacement. A system such as this would allow PCC to refine 

maintenance budgets and allocate funding in advance. We have suggested this should be a modification to 

the slope rating assessment system, such that each wall would have a rating allowing PCC to prioritise 

maintenance, repair or replacement accordingly.   

6.2.3 Regulatory reviews 

In the past, PCC have not relied upon review of geotechnical practices on subdivision projects by external 

consultants, apart from occasional peer reviews, as these applications have been reviewed by PCC planners.  

Since the 2016 events, PCC have committed to raising the bar on geo-hazard risk avoidance by engaging 

geotechnical input at both resource consent, building consent and earthworks completion stages of projects.  

This is to be completed using a panel of geotechnical experts from various consulting companies in the 

Wellington Region.  The regulatory reviews are intended to be an over-arching review of the proposed works 

from a geotechnical perspective, focusing on whether the applicant has considered all the necessary risks 

associated with the development.  This is not intended to be a detailed technical peer review – although, such 

peer reviews may be requested from time to time as found to be specifically required. 

7 CONCLUSIONS 

Approximately 60 landslides resulted from the heavy rainfall event in the Porirua region on 15th November 

2016.  The majority of these slips occurred due to over-steep cuts in loess or colluvial soil during the 

historical modification of slopes for residential development. 

PCC had no plan in place for managing such an occurrence and in the immediate hours and days after the 

event, PCC was inundated with calls and reports of slips and many other associated effects such as 

overflowing stormwater systems and broken assets.  A plan was required to manage all of the data and 

prioritise sites for assessment and remediation.  41S and ENGEO were engaged by PCC to manage the 

assessment, prioritisation and remediation of the slopes using a ranking system based on the severity of the 

slip, the damage, the risk to the public, the risk to private property, the risk to PCC assets, etc. 

This system has been described, and suggestions provided on how PCC could manage this process if such an 

event were to occur again in the future, as well as programmes to monitor and assess existing assets on a 

BAU basis.  These systems could be applied to other regions of New Zealand and globally. 
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Jacobs Ladder – A Case-History of Debris Flow 

in a Post-Seismic Environment  
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NCTIR/ENGEO, Christchurch. 

ABSTRACT 

An increase in debris flows, and other slope stability events, over the short to medium term following 

significant seismic events is well recorded in international literature. The 2018 Jacob’s Ladder debris flow, 

initiated as a result of the 2016 Kaikōura Earthquake, offers a practical example of this within a New 

Zealand context. 

Shallow translational landsliding occurred on the side slopes of the Jacobs Ladder catchment as a result of 

the earthquake, adding to a historical debris load in the gully. Cyclone Debbie, in early April 2017, triggered 

an approximately 10,000 m3 debris flow which originated in the lower part of the catchment. The February 

2018 Cyclone Gita rainfall event triggered a much larger debris flow, involving a total volume of around 

90,000 m3. The coastal transport corridor was severely disrupted following the Cyclone Gita event with the 

State Highway remaining closed for 10 days and the Main North rail line closed for 15 days.   

The potential for debris flow initiation was recognised in 2017 as part of evaluation of the resilience of the 

transport corridor following the Kaikōura Earthquake. Engineering geological assessment included 

observations of the failures that occurred to date from Jacobs Ladder catchment, LiDAR DEM difference 

modelling and an estimation of the potential for inundation of the transport corridor from future debris flows.  

Engineering works, designed to mitigate against a reasonable worst-case future debris flow, have involved 

construction of a large receiving basin upslope of the transport corridor and a flow conveyance structure 

underneath the corridor. 

1 BACKGROUND 

Large earthquakes not only trigger severe landslides but also increase the number and intensity of subsequent 

rainfall-induced landslides, including debris flows.  Experience from the 1999 Chi-Chi earthquake in Taiwan 

and the 2008 Wenchuan earthquake in China show that the critical rainfall thresholds for triggering 

landslides and debris flows decrease significantly following large earthquakes, commonly reducing to 

between 25% and 75% of the pre-earthquake threshold (e.g. Guo et al., 2016; Lin et al., 2003).  This persists 

for over a period of approximately 5-6 years, with a gradual return to the pre-earthquake conditions 
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(eg  Hovius et al., 2011). In mountainous terrain, the period of increased susceptibility can take significantly 

longer (greater than 12 years; Li et al., 2016; Tang et al., 2016). 

Jacob’s Ladder provides one example of this post-earthquake susceptibility in a New Zealand context.  

Significant co-seismic slope instability occurred in the Jacobs Ladder A catchment (refer Section 1.1 below) 

as a result of the Mw 7.8 November 2016 Kaikōura Earthquake.  A very large debris flow was subsequently 

released during the approximately 1 in 30 to 1 in 50 year return period event in Cyclone Gita in February 

2018.  However, Jacobs Ladder A did not appear to release a significant debris flow following the much 

larger Cyclone Allison event in 1975, nor in other large rainfall events prior to the Kaikōura Earthquake.  

Furthermore, the catchment was not recognised as being a significant debris flow hazard prior to the 

earthquake. 

1.1 Location 

The Jacobs Ladder catchments are located approximately 24 km northeast of Kaikōura on New Zealand’s 

South Island (Figure 1). The Jacobs Ladder A catchment area comprises two southeast-trending gullies 

(termed the northern and southern gullies, refer Figure 1) which originate below a ridge approximately 660 

m above sea level (masl). The gullies converge at approximately 300 masl forming a single gully which 

trends southeast to the apex of the depositional fan approximately 40 m to 50 masl. 

The Jacobs Ladder B catchment comprises a somewhat smaller catchment located immediately to the north.  

Bell (1975) records that a significant debris occurred from this catchment following Cyclone Allison, which 

produced rainfall exceeding a 1 in 200-year return period across a large portion of the Kaikōura Coast.  The 

Jacob’s Ladder B gully has to date been much less active compared to Jacob’s A, and has not been discussed 

in detail in this paper. 

The transport corridor comprising State Highway 1 (SH1) and the Main North rail Line (MNL) are located at 

the narrow coastal plain, as shown on Figure 1. 

 

Figure 1.  Jacobs Ladder Debris Flows Catchments.  Image sourced from Google Earth.  

Image dated May 2019 

N 
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1.2 Geological Setting 

As described in Justice et al (2018), basement ‘Greywacke’ of the Pahau Terrane forms the hills along the 

coast south of Kaikōura and much of the North Kaikōura Coast, including the area of the Jacobs Ladder 

catchments.  The Greywacke typically comprises slightly weathered sandstone and mudstone (argillite), 

often with a mantle of moderately weathered rock close to the ground surface. The mudstone is typically 

weak while the sandstone is moderately strong to strong. 

Colluvium overlying the Greywacke is typically a mixture of rock fragments, silt and sand.  It is widely 

distributed over the basement rock throughout the project area, where slope angles are less than 45°. The 

colluvial mantle is typically 0.5 m to 1 m thick near the ridge tops, and increases in thickness downslope, 

with a maximum observed thickness of approximately 15 m.  

1.3 Topography 

The Jacobs Ladder A catchment has an area of approximately 0.345 km2.  The slopes on the sides of the 

upper catchment area are typically between 35° and 60° with the south-western side of the northern gully 

being the steepest. The gully floor is estimated to have a stream gradient of around 23° (42%), however the 

slope angle locally varies significantly. The lower gully cuts through and erodes an elevated pre-historic 

alluvial fan, before spreading out onto the modern-day debris fan where the flow leaves the gully 

confinement.  Prior to debris flow mitigation works, the surface of the fan sloped at approximately 10° to 

15°.  

Aerial images prior to the November 2016 earthquake show the gully was well vegetated with no obvious 

signs of recent slope failure (Figure 2), however a fairly well developed depositional fan at the base of the 

gully indicates a history of debris transport and deposition (historic debris flows, debris floods or lower 

energy erosion and deposition). 

1.4 November 2016 Earthquake-induced Landsliding 

A large evacuative landslide with a plan area of approximately 30,000 m2 occurred on the northern gully of 

the Jacobs Ladder A catchment as an immediate effect of the November 2016 earthquake, as can be observed 

in the aerial photograph taken in December 2016 (Figure 2). Seismically induced slope failure also exposed a 

bedrock structure (interpreted to be a bedding plane or persistent defect) subparallel to the slope on the north-

eastern side of the northern gully of the catchment.  

Rock exposed on the southwest side of the northern gully also appears to have a pervasive defect plane 

dipping subparallel to the slope on the south-western side, possibly forming a large-scale wedge failure at the 

intersection in the base of the gully. 

1.5 Debris Flows since the Kaikōura Earthquake 

In early April 2017, ex-tropical Cyclone Debbie triggered an approximately 10,000 m3 debris flow which 

initiated in the lower part of the gully, with the scarp just upslope of a slight curve in the gully at 

approximately 170 masl. This part of the gully appears to incise through pre-historic alluvial fan gravel on 

the south side of the source area but is below the toe of the large earthquake induced landslide outlined in 

Section 1.4.  The majority of the debris flow appeared to have been deposited in the lower part of the 

confined gully, above the fan apex (Figures 2 and 3), however the MNL was inundated with bouldery debris 

and SH1 with water and some silt. Rainfall during the Cyclone Debbie event appears to have had a return 

period somewhat less than 1 in 5 years.   
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Figure 2.  Jacobs Ladder A aerial photographs showing changes since the November 2016 earthquake 

Rainfall events in mid-April (ex-Cyclone Cook), June, August and October 2017, as well as January 2018 do 

not appear to have triggered significant debris flows, however, these events had return periods typically less 

than 1 in 5 years.  Having said this, some deposition may have gone unnoticed on the south flow path of the 

debris fan. 

In February 2018, ex-tropical Cyclone Gita rainfall triggered another debris flow initiating in the gully 

upslope of the April 2017 source area near the confluence of the north and south gullies.  The debris flow 

deeply scoured the toe of the earthquake induced landslide described in Section 1.4 and remobilised much of 

the deposit from the April 2017 event that had lodged in the lower confined channel and on the upper fan 

(Figures 2 and 3).  The rainfall during Cyclone Gita has an annualised return period of 1 in 30 to 1 in 50 

years for a 24-hour duration event in the area surrounding the Jacobs Ladder catchments. 

Approximately 90,000 m3 of debris was deposited on the exiting fan during the Gita event, extending beyond 

the shoreline and inundating the transport corridor.  The coastal transport corridor was severely disrupted 

following Cyclone Gita with the State Highway remaining closed for 10 days and the Main North rail line 

closed for 15 days. The volume of debris removed to clear the road and rail was approximately 18,000 m3 

with deposited material ranging from silt and fine sand to boulders greater than 1 m diameter.    
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Figure 3.  Jacobs Ladder A debris flows – April 2017 (left) and February 2018 (right) 

2 LIDAR DIFFERENCING 

Four sets of LiDAR imagery have been flown since the November 2016 earthquake: November 2016, May 

2017, November 2017, and June 2018. 

Elevation differencing between the November 2016 - May 2017 and May 2017 – June 2018 LiDAR datasets 

allowed for visualisation of changes in ground surface over key periods since the Kaikoura Earthquake. The 

LiDAR change maps indicate surface elevation change as a result of loss of material by erosion or evacuative 

landsliding or gain of material from deposition.   

The first LiDAR difference map (Figure 4) indicates elevation change from November 2016 to May 2017 

and covers the period of time in which the April 2017 Cyclone Debbie debris flow event occurred.  The 

difference model shows the evacuation of debris from the source area in the gully bend with significant 

material deposition in the confined channel above the fan apex.  To a lesser degree the two relatively small 

flow paths on the debris fan are also apparent, extending to the transport corridor. The change map shows 

little difference in the upper part of the gully – upslope from the 2017 debris flow source area.   

The second LiDAR difference map (Figure 5) indicates elevation change from November 2017 to June 2018 

and encompasses the debris flow event as a result of Cyclone Gita in February 2018.  In contrast to the April 

2017 debris flow event, the difference model indicates significant evacuation of material in the lower and 

central parts of the Jacobs Ladder A catchment, including total remobilisation of material deposited above 
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the fan apex during the earlier event.  The upper part of the erosion zone of the Gita event appears to be 

within the toe of the large earthquake induced landslide in the northern gully of the catchment, as outlined in 

Figures 2 and 3.  Deposited material from the debris flow event can be clearly seen extending across most of 

the width of the modern debris flow fan and lengthwise to the Pacific Ocean.  The area of inundation of the 

fan is measured at approximately 46,000m2, and with an assumed average depth of deposition of 2m based 

on the LiDAR differencing map, a volume of over 90,000 m3 is apparent (Table 1).  This relationship 

between area of inundation and volume appears to be broadly consistent with that outlined in Jakob (2005).  

Table 1: Summary of Debris Flow Events. 

Debris Flow 

Event 

Approximate 

ARI 

Crest of 

Erosional Zone  
Erosion Area  Deposition Area 

Estimated 

Debris Flow 

Volume 

April 2017 < 1 in 5yrs 170 masl 2560 m2 2530 m2 10000 m3 

February 2018 1 in 30 to 50yrs 275 masl 14900 m2 46000 m2 90000 m3 

Note. Areas indicated are in plan, as measured from LiDAR difference models (Figures 4 and 5).  ARI – Annual Recurrence Interval 

 

 

Figure 4.  Jacobs Ladder A LiDAR change model showing surface elevation change from November 2016 – 

May 2017 (elevation change scale is in metres but should be seen as indicative only) 
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Figure 5.  Jacobs Ladder A LiDAR change model showing surface elevation change from November 2017 – 

June 2018 (scale as indicated in Figure 4).  Poorer survey resolution in the later survey is represented by the 

areas of missing data. 

3 INTERPRETED FUTURE HAZARD AND MITIGATION 

A much larger debris flow volume was released from Jacobs Ladder A following Cyclone Gita than what the 

catchment area would be expected to release based on empirical data (see for example, Van Dine, 1996, 

D’Agnostino & Marchi, 2001; which would suggest debris flow volumes between 30,000 m3 and 38,000m3).  

This is attributed to a combination of: 

• Preconditioning of the upper part of the catchment as a result of co-seismic landsliding in the northern 

gully 

• Entrainment of a significant volume of material accumulated in lower portion of the confined gully that 

was deposited in the previous debris flow event in April 2017. 

Based on the site observations and the performance of the Jacobs Ladder A catchment during Cyclones 

Debbie and Gita as well as during lesser rainfall events, the following pattern of behaviour was considered: 

• The catchment does not appear to generate significant debris flows during low to moderate intensity 

rainfall events however it does appear that following the April 2017 debris flow there was still some 

debris in the source area which had moved by the May 2017 LiDAR survey. Additional debris flows 

may have gone unnoticed, with deposition possibly occurring above the fan apex or in the flow path that 

curved south away from the corridor. The gully response to rainfall may have changed since the Cyclone 

Gita event due to scouring in the lower catchment and possible changes to the stability of the debris load 

in the upper catchment. 
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• It is possible that the coarse nature of the debris in the gully allows water to drain relatively easily during 

frequent (i.e. smaller) rainfall events. Some surface erosion is evident on debris load in the upper 

catchment, particularly since the February 2018 Cyclone Gita event, however it appears the material is 

generally relatively free draining near the surface. 

• A significant volume of debris from the co-seismic landslide remains in the northern gully, immediately 

upslope of the February 2018 erosion area.  Future remobilisation of this material under high intensity 

rainfall events is considered likely and is expected to produce very large debris flows for the size of the 

catchment. Side slope failure around the oversteepened channel is also expected, which is likely to 

introduce material into the floor of the catchment that could subsequently be incorporated into a debris 

flow under moderate rainfall events.  

For design purposes, future geotechnical hazards were anticipated to include: 

• Mobilisation of relatively small debris flows (less than approximately 25,000 m3) under rainfall events 

with approximately a 1 in 5-year return period. 

• Initiation of relatively large debris flows (volumes of between 50,000 and 100,000 m3) under storm 

events greater than approximately 1 in 25 years. 

• Landsliding in the catchment, potentially leading to damming the gully with subsequent failure and 

debris flow initiation under a relatively low intensity rainfall. Landslides are expected to most likely to 

be initiated under a moderate to large earthquake event (MM7 or greater).  

3.1 Resilience Improvement Works  

To improve resilience (refer Mason et al, 2018 for further details) of the transport corridor, the following 

mitigation works were constructed under the NCTIR program: 

• Excavation of a large retention basin on the upslope side of the transport corridor, and; 

• Placement of a large (4m square) culvert beneath road and rail.  The dimensions of the culvert have 

resulted from Safety in Design considerations for maintenance works, to permit truck and excavator 

passage underneath the transport corridor, allowing debris flow material to be cleared with minimal 

disruption to road and rail traffic. 

The overall intent of the improvement works is to allow gravel and boulders entrained within any future 

debris flow to settle out of suspension with the remaining material conveyed underneath the transport 

corridor to the coastal environment. The shape of the retention basin has been designed to: 

• Allow low-flow water and clear flood waters expected during frequent (low annual recurrence interval) 

events to pass underneath the transport corridor with minimal impedance; 

• Encourage deposition of coarser material expected within the debris flow (outlined below); 

• Accommodate a theoretical debris volume of approximately 45,000 m3, although the actual volume of 

future large events that will be contained will depend on the particular characteristics of the debris flow. 

Debris flow deposition within the catch basin has been encouraged by:  

1. Excavating the base of the catch basin to a floor slope of 1V:6H (approximately 9.5°).  The grade of the 

catch basin is flatter than the slope angle on which debris flow deposition occurred at Jacob’s Ladder A 

as a result of Cyclone Gita (measured at approximately 14°). Additionally, Van Dine (1996) and Osanai 

et al (2010) indicate debris flow deposition will typically occur on slope angles between 2° and 15°. 

2. Widening the existing debris channel to allow debris to spread out and lose confinement. Non-confined 

flows typically travel significantly less distance than a confined flow at the same gradient (Van Dine, 

1996). 
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Figure 6: Completed resilience improvement works 

4 CONCLUDING REMARKS 

Between the Cyclone Gita event and the time of writing this paper, the Jacobs Ladder catchment had not 

been tested by any large return period rainfall events, and as such, the effectiveness of the mitigation works 

cannot currently be judged.  

During the design of the Jacobs Ladder mitigation works (or any of the debris flow mitigation works 

designed on the NCTIR programme), little guidance was available with respect to a New Zealand context.  

The author suspects that previous design practices within New Zealand have largely been undertaken on an 

ad-hoc basis.  Work is currently underway to provide a systematic guidance document for the assessment of 

debris flow hazards and design of suitable mitigation solutions.  
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ABSTRACT 
The City Rail Link project connects the existing Britomart rail terminus in Auckland’s CBD with the Mt 
Eden Station on the North Auckland Line. The c.3km-long route traverses a wide range of geology and 
ground conditions. Most of the tunnelling will be within Waitemata Group rocks (East Coast Bays 
Formation, ECBF) that underlie much of the wider Auckland region, while shallower structures at the north 
and south of the project will also encounter younger sediments (Tauranga Group); volcanic materials 
(Auckland Volcanic Field, AVF); made ground (including reclamation). Desk studies and early site 
investigations established a broad model of ground and groundwater conditions, while later investigations 
focused on specific design requirements, material characterisation and/or ground risks (and opportunities). 
Targets included a 10m-thick mega-bed (in ECBF) at Karangahape Rd Station; anomalous ECBF weathering 
profiles; complex AVF materials and geometry at the south end of the project; a pre-Holocene paleo-channel 
under Britomart; post-volcanic spring/pond deposits in the valley between two volcanoes in the south; and 
undocumented structures in the built environment. Various works packages were procured using a variety of 
contract styles. However, procurement documentation has generally included a geotechnical baseline report 
(GBR), supported by ground data in geotechnical data reports. An observational approach was specified for 
parts of the works, particularly where opportunities for ground investigation during the design phase were 
limited. Innovation during procurement includes the use of 3D ground models in two of the contracts. A 
static 3D model was included (for information) for the Mt Eden enabling works area, to illustrate the 
complex relationships between proposed structures and varied ground units. In a world-first, for Seequent’s 
Leapfrog/Central the main works tender included a cloud-based 3D geology model and geotechnical 
database for each tenderer, readily allowing development of their own geology model and facilitating 
alignment on geotechnical risk during the Alliance GBR process. 
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1 INTRODUCTION 

The City Rail Link (CRL) project comprises twin 3.5 km-long rail tunnels linking the CBD’s Britomart Station 
with Mt Eden Station on the North Auckland Line, with two new stations along the route (Aotea and 
Karangahape). The project was started by Auckland Transport, and is now managed by City Rail Link Ltd., 
owned jointly by Auckland Council and central government. The project commenced in 2010 and is presently 
(May 2020) under construction via six contracts (for enabling works, early works and main works).  

The project lies mainly in the weak rocks of the Waitemata Group (East Coast Bays Formation: a turbidite 
sequence of alternating sandstones and siltstones). In places the alignment cuts into Pleistocene alluvial 
deposits, and through complex deposits (basalt lava, scoria and ash) of the three volcanic centres that lie 
adjacent to the route. Holocene marine sediments and significant areas of reclamation are present at the 
Britomart end of the alignment. 

This paper outlines the site investigations, that ran alongside the development of the design (Concept, 
Reference, Detailed), and informed the Resource Consenting process. The ground model evolved with the 
design, and the phased approach to investigations allowed areas of ground uncertainty or ground hazard to be 
identified and investigated in a prioritised way. We also describe the development of our use of 3D geology 
models for procurement. Geology modelling was introduced initially as an internal process to help designers 
understand the locally complex ground conditions, but as software advances allowed increasingly sophisticated 
documentation of both the models and the supporting geotechnical database the models took an increasingly 
prominent role in procurement. 

Ground risk assessment and documentation have followed a traditional model with desk studies, multiple 
phases of ground investigations, with associated factual reporting; interpretation and reporting (Geotechnical 
Interpretative Report, Geotechnical Engineering Report); leading to a series of Geotechnical Baseline Reports 
and supporting Data Reports for procurement. Hydrogeology (Pattle, Delamore Partners) and contaminated 
land investigations (Golders Associates) were designed and executed together but reported separately (but with 
shared interpretative sections for the Hydrogeological Assessment Reports). Resource consenting was 
supported by a range of assessments of environmental effects (for groundwater, settlement, vibration, 
contamination, and other topics). 

2 SITE INVESTIGATIONS 

The ground investigation database was established with extensive research of desk study sources ultimately 
finding more than 1300 historic holes in the project corridor. A series of five project-specific investigation 
phases were carried out between 2010 and 2018: 

 Preliminary (Stage 1, 2010) investigations (by AECOM, Parsons Brinkerhoff and Beca, APB&B) 
focussed on the Newton area (originally intended to be a deep station) and environmental sampling; 

 The main investigation (Stage 2, 2012-2013) was extensive, establishing the main elements of the 
ground model and installed the bulk of the ground water monitoring; 

 Supplementary investigations were carried out in 2015 (Stage 3) and 2016 (Stage 4), investigating a 
series of potential ground risks and/or design changes including a pumping test at the ECBF ‘mega-
bed’ at Karangahape Station, the depth of foundations of a existing retaining wall at the Central 
Motorway Junction, investigations of depth of basalt infilling paleo-valleys and detailed 
environmental investigations of specific sites; 
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 Pre-construction investigations were finalized with tender-stage investigations in 2017-18 (Stage 5), 
requested by the parties expressing interest in bidding for the main works (construction contract C3). 

 The site investigation works included drilling, CPT probes, trial pits, downhole geophysics and 
geophysical probing, a wide range of in situ and laboratory testing and groundwater monitoring.  

Figure 1 shows the project area with five stages of ground investgiations, together with some of the locations 
discussed in the next section. 

 

Figure 2: City Rail Link geological sections. Top (green) section on main tunnel alignment (Britomart to Mt 
Eden). Blue section along North Auckland Line (see also Figure 1).  
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3 GROUND CONDITIONS AND RISKS 

We do not attempt to fully describe the ground conditions of the alignment here, rather present examples of 
the ground conditions, spanning both the stratigraphic column and the length of the alignment, that illustrate 
the ground conditions, our investigations and potential risks (and opportunities). The locations of the sites 
specifically mentioned are labelled on Figure 1 (plan) and Figure 2 (long sections) and are described below in 
their stratigraphic context. 

3.1 Waitemata Group (East Coast Bays Formation) 

The main engineering geology units for the ECBF are defined by weathering state. We log weathering grade 
according to the standard six-fold classification, but we layer code (and assign engineering geology unit) on 
three pairs of grades: ER representing residual and completely weathered material; EW for highly and 
moderately weathered; and EU for slightly and un-weathered rock. We have developed logging guidelines for 
each grade and find the resulting units returning greatly reduced spreads of test results and notice a lack of 
correlation when using externally sourced logs. Weathering profiles are varied, mainly depending on the site’s 
age and preservation, but we most commonly see relatively sharp weathering fronts (where ER is thicker than 
EW) spanning 5-10m in total. The deepest weathering profile (over 20m) encountered in the CRL alignment 
is at location “F”, where both ER and EW are thick and likely due to the age and preservation of this hilltop 
site.  

Relatively unweathered ECBF (EU) is predominantly a very weak (UCS < 5MPa), sedimentary rock, where 
the main variance in geotechnical properties derives from the relative proportions of the alternating sandy 
siltstone and silty fine sandstone layers (turbidite). We assign these normally cemented strata to the EG Unit 
“EU2” and have much less common end members “uncemented sandstone” (EUs1, as this applies exclusively 
to sandstone) and well-cemented sandstone (or conglomeratic sandstone) EUs3 (and EUg3) respectively.  

We apply “well-cemented” where EU exhibits or could support open joints (as secondary permeability is a 
potential concern while tunnelling in ECBF), and this applies to strata with UCS strength of 8-10 MPa or more 
(our “weak+”). We prefer to avoid the widely-used term “Parnell Grit” (except in an informal way) as any 
stratigraphic merit of this ECBF Member has long since been disproved, and the term is associated with 
simplistic sedimentogical models. 

The CRL alignment is unusual in that it includes a significant body of well-cemented ECBF, interpreted as a 
single “mega-bed” (10-12m thick, “D” on the long section) and corelated for about 800m along the alignment 
(below Karangahape Station). The feature is well documented, as we carried out a pumping test at the unit and 
installed numerous piezometers for the purpose. The feature is so distinctive that it is readily mapped and fault 
offsets of 5-10m were identified. The unit is stronger than normal (UCS 15-25 MPa) and though it does contain 
open joints, the (low-volume) pumping test demonstrated that the storativity is low (joints are tight), but 
transmissivity is high (and anisotropic, with drawdown axis matching interpreted faulting). With the 
groundwater considered relatively benign, the unit offers construction opportunities rather than risks. The 
geometry of the mega-bed suggests that it is the source of natural springs that used to flow into the upper part 
of Myers Park, and therefore likely the source of the Waihorotiu Stream once a feature of the Queen Street 
valley. 

We use the term “uncemented sand” (EUs1) to describe drillers’ “running sands” that are difficult to recover 
during drilling of boreholes, though routinely test as very dense (SPT N=50+). Because of recovery problems 
the unit is rarely sampled, and our testing approach has focussed on samples that are likely at the upper end of 
the strength range.  Petrographic studies on previous projects (P. Black, unpublished report) suggested these 
samples had never been cemented and largely lacked a clayey matrix (typical of EU2, for example). The units 
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rarely exceed 1m in thickness and are usually randomly distributed within an alignment. However, in CRL, 
there is a cluster of records of the uncemented sand close to tunnel levels at the mined cavern section of the Y-
junctions (where the main alignment splits to join the existing NAL). This is a potential ground risk in this 
method of tunnelling, and therefore needs to be mitigated in the design of supports. 

3.2 Tauranga Group and Auckland Volcanic Field 

Auckland’s Tauranga Group covers a range of diverse sedimentary deposits that spans most of the Quaternary. 
Much of it is inferred to be alluvial (erosion products of the ECBF). Organic layers and peat deposits are 
present locally, and the unit incorporates Taupo Volcanic Zone-derived rhyolitic ashes (primary and 
redeposited), and commonly grades into basaltic volcaniclastic materials in the proximity to Auckland’s many 
volcanoes. Differentiation between ECBF residual soils and ECBF-derived fine alluvium can be genuinely 
difficult especially in borehole core. Some practitioners still differentiate simply by consistency, but this has 
proved to be an unreliable approach and has confused the record of how the different materials behave – for 
example during dewatering (potential settlement is a common concern in resource consent applications). 

In the CRL alignment, we identify at least four Tauranga Group sediment types: two at Britomart (A); and at 
Albert Street Gullied Terrain (B) and post-AVF swamp deposits (J, on the NAL section). 

At Britomart (A), twin paleochannels cut into the ECBF substrate, below the reclaimed land of the CBD. The 
easternmost channel (documented from older boreholes investigating the original Britomart site) represents 
alluvial deposition during a mid-late Pleistocene glacial period and comprises stiff over-consolidated fine soils 
infilling a proto-Waihorotiu Stream. Cutting these deposits, and into the underlying ECBF weathering profile, 
is a younger channel (our pre-Holocene channel) inferred to have formed after the lava flows of the (c.100ka) 
Albert Park volcano infilled the stream valley upstream from the CRL alignment. This younger channel was 
later infilled as sea levels rose in the Holocene, with marine sand deposits near the original shoreline, and 
increasingly fine sediment further into the bay. The pre-Holocene channel with its infilling of soft young 
marine mud has been a source of geotechnical challenges for the design team (Michael Chung pers. comm.). 
The Figure 2 interpretation was based on a few historic holes, and construction observation, resulting in a 
revised interpretation (and re-design) as discussed again in section 5.1, below. 

At Location “J” on the NAL long section, an entirely different Tauranga sediment is encountered. About 
30,000 years ago a valley was formed where the tuff and ash from the older Domain volcanoes (to the 
northeast) met the basalts from Mt Eden (from the south). Springs formed at this point, likely fed by artesian 
groundwater that collected in the coarse basal ash (locally tuff) that mantles the slopes to the north. The site 
was still a pond during early settlement (but associated deposits are extremely soft lacustrine silt and organic 
fine soils, that have caused earlier construction difficulties (see discussion of Contract 6, below). The C6 
project (replacement stormwater line) also needed to tunnel under a basalt flow (about 100m north of location 
“K”). Historic drilling and some project holes had identified the broad paleo-topography, and the ReMi passive 
seismic technique was employed (over a network of profiles to further define the geometry of the basal contact 
of the flow, and to locate the deepest part). This area was then drilled to find the actual level of this area. This 
geophysical investigation is described further in Pancha et al, 2019. 

3.3 Geomorphology - Built environment 

Although it is well understood that the modern urban landscape has been modified over time, it has sometimes 
been surprising to discover the extent of these historic works. Major infrastructure developments may have 
historic plans and designs, such as the detailed plans and designs for the successive reclamations of 
Commercial Bay (now Auckland’s CBD). Histories of other areas can sometimes be pieced together from 
historical photographs or even paintings, for example Point Stanley (location B, south side of the 
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Customs/Albert St intersection) was once a prominent headland standing 12 – 15m above the wave cut 
platform below. Initial reclamation in the 1850s and 1860s left Customs and Albert streets vertically separated, 
but they were later (early 1900s) joined by cutting back the headland and forming an apron of fill with the 
debris. 

Pre-European ECBF ridges and side-slopes were also more prominent and incised. But as tracks, became paths, 
then roads, which were later lined with buildings there was a progressive series of cuts and fills to establish 
building sites. These were typically formed by cutting into weathered ECBF slopes and infilling the gullies. 
More than 100 years later, the resulting profiles (ECBF fill over in situ ECBF), can be difficult to distinguish 
from a natural profile. Examples are the Karangahape Road ridge (location D) and the side slopes leading from 
Albert St. to Queen St. 

Another recurring theme for the project, is that while we can often find ground investigation data for a 
construction project, usually with accompanying design drawings, it is much less common to find as-built 
documentation, confirming that construction proceeded as designed, or if modifications were made during the 
construction process (perhaps accommodating unexpected ground conditions).  

A case study for this is the existing piled retaining wall for the Upper Queen Street overbridge at the Central 
Motorway Junction (location E) where the western-most three piles are located above one of the tunnels. 
Without any as-built records it was not possible to confirm that the piles did not clash with the proposed tunnel. 
The investigation into the actual depth of the piles was extensive – including engineering analysis, geodesy 
and surveying, liaison with the Auckland Motorway Alliance, and ultimately very precise drilling (from a 
platform perched over SH1) of three boreholes as close as permitted to the three piles, enabling a range of 
downhole geophysical methods to be deployed. Ultimately, measurements of magnetic field and susceptibility 
(from the rebar cages used in the pile construction) together with off-site simulations allowed analysis of pile 
termination depth (Matt Watson, Scantec). Consistency of the three test results, together with the ground 
conditions (matching stated pile termination criteria) provided a high degree of confidence that the piles 
terminated above the level of the proposed tunnel. . 

4 3D GROUND MODELLING 

From the start the CRL project has been one in which digital innovation was encouraged. In this context the 
geotechnical team was involved in early work to build a comprehensive 3D model of major aspects of the 
project, including the adoption and integration of BIM, and 3D GIS approaches (similar to approaches later 
formalised in ISO19650). 3D ground models were initially used on an internal basis during design because 
they had become our preferred method of handling (including Quality Assurance) the large datasets available 
for the project, and particularly the use of historic data, much of which required re-interpretation to achieve 
consistency with our project-specific ground investigation data. The development of 3D geology also helped 
collaboration with our colleagues at PDP, who were developing 3D groundwater models for parts of the project 
area. The ability to export a geology model directly to 3D groundwater modelling software saves time and 
ensures consistency between the two parts of the team (A. Perwick PDP, pers comm). However, above all 
technical advantages, the use of 3D ground models improves the communication of geological interpretation 
with designers, clients and other stakeholders. Our preferences are to build 3D ground models where the 
geology is complex, or the ground risk is significant, and where supporting data is already digital, or can be 
converted into a digital database at reasonable cost. 
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5 GROUND RISK IN PROCUREMENT 

During the CRL design and consenting, the software for developing and managing 3D ground models became 
increasingly sophisticated. As it turned out, the timing of procurement of the various works packages charts a 
progression of our use of 3D models (see Table 1, below), as we progressively introduced the technology into 
procurement.  

Aspects of selected projects are further discussed below, illustrating the ways in which ground risk is addressed 
conventionally, as well as providing background to the introduction of ground models for this purpose. 

Table 1 documents the chronological development of the use of 3D models on the CRL project, commencing 
with internal use by the designers in 2014 on Contracts 1 and 2. For contract 5 and 6, the 3D model was used 
to develop the 2D long sections and was provided to tenderers within a non-editable viewer. Feedback at that 
time from tenderers was that the viewer was very useful on communicating the geological conditions and risks. 
For the main tunnels and stations of Contract 3, Leapfrog Central was used to host the client tender model as 
well as the models that were developed and enhanced by each of the tenderers. One of the main advantages of 
this approach was that tenderers did not need to expend time and effort on processing geotechnical data but 
could instead focus their efforts on revised interpretation and development of their risk mitigation approaches. 
The software (Seequent Central), through it’s model comparison tools,  also facilitated a transparent evaluation 
of the geotechnical risk profile inherent in interpretations developed by each tenderer (as the client requested 
full access to the tenderers developed 3D models). 

Table 1: Approach to ground risk in CRL procurement. 

Contract 
(Procurement Date) 

Contract Scope Procurement style  Ground risk documentation 

Contract 1 (2014) Britomart Underpinning ECI Lump Sum 2D sections in GBR, electronic GDR 

Contract 2 (2014) Albert St Cut & Cover ECI Lump Sum 2D sections in GBR, electronic GDR 

Contract 6 (2016) 
Mt Eden Stormwater 
Replacement 

Lump Sum 
2D sections in GBR, electronic GDR,  
static 3D model for information only 

Contract 5* (2017) NAL Connections Lump Sum 
2D sections in GBR, electronic GDR,  
static 3D model for information only 

Contract 3 (2019) 
Main works (Aotea – Eden, 
tunnels and stations) 

Competitive Alliance 

2D sections in GBR, electronic GDR, 
Integrated 3D ground model and 
database, environment for participation 
in model development (Leapfrog 
Central) 

*After initial contract award, Contract 5 was discontinued and re-assigned to successful Contract 3 tenderer. 

5.1 Contract 1: Observational Approach at Britomart  

At Britomart Station, where part of the historic CPO building including its façade were underpinned as part of 
tunnel constructions works, geological interpretation was challenging due to limited opportunity to carry out 
investigations prior to construction and therefore the interpretation was based on some historic GI and limited 
project-specific GI (summarised in section 3.2). The interpretation shows the site is underlain by a paleo-
channel and later infilled by soft Holocene marine mud. Although the presence of the channel was known, 
there were uncertainties about its extents: depth, width, and axial position. For this reason, construction stages 
relied on an observational approach (e.g. pre-drills for diaphragm wall panels) to define actual site conditions, 
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and final depths for panels and associated piles. Construction phase drilling proved that the channel was 
slightly east of the design-stage interpretation, and the panel and pile depths therefore required revision. 

This work was carried out conventionally (i.e. not applying 3D modelling). The model illustrated in Figure 3, 
was developed later, as part of a lessons learnt exercise to show what would have been possible with 3D. The 
erosional extent of a paleochannel can be challenging to represent in a limited number of 2D sections and much 
better communication would likely have been achieved using the 3D model. Also, our present software has 
limited capabilities of illustrating the reliability or uncertainty of 3D geological features, and we documented 
uncertainty (and allocated risk) as baselines in the Geotechnical Baseline Report (both in terms of geometry 
and geotechnical properties).    

  

 

Figure 3: Pre-Holocene Channel from below, represented by thicker marine deposits (blue), with channel lag 
deposits in purple. Red structures are prosed founding structures from CPO building and Queen Street. Yellow 
and orange sticks are the representations of boreholes intersecting the underlying strata (Tauranga Group and 
ECBF). 

5.2 Contract 6: Static 3D ground model (for information only) 

The geology of the southern portal area of the CRL (where the main alignment at G, splits and joins the NAL 
at J and H, figure 1) is a complex interaction between the deposits of two volcanoes, and the sediments that 
deposited between them (Section 3.2). The area has a history of adverse ground conditions and associated 
engineering difficulties. When the existing stormwater was being constructed the first tunnelling attempt 
unexpectedly encountered Mt Eden basalt (with a TBM not designed for hard rock), and the second attempt 
(on a modified alignment) encountered unanticipated very soft ground (but managed to negotiate it, location 
“I”).  
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The area is complex both geologically and in terms of engineering, and the large suite of geological long and 
cross sections we had developed was frankly quite bewildering. Our designers used a combination of both our 
simplified 3D model and the detailed sections to get to grips with the ground conditions. 

For procurement in this area we wanted to emphasise that we had developed a robust ground model and 
understood the limitations of earlier models, and for this reason we issued the 3D ground model (showing all 
the supporting GI data) for information only, in conjunction with the GBR sections. The model was available 
in a free 3D viewing format, and included the Revit model of the reference design, allowing ready 
understanding of how the proposed design related to the ground conditions.  

The construction of the C6 tunnel has been successfully completed. Tunnelling proceeded (with a machine 
capable of handling basalt) under the basalt. Shafts were designed to handle very soft ground and basalt. The 
soft ground shaft was completed successfully, while the basalt shaft encountered abrupt transitions in 
lithologies that had not been anticipated in the model, though variation was largely within that anticipated in 
the GBR. Data from the (contractor’s) shaft excavations and tunnels has been incorporated into the (client’s) 
3D geology model to inform contractual communication relating to differing ground conditions. The ability to 
show construction stage ground observations in a view with tender stage (3D) ground interpretation is a 
powerful means of communication when addressing unexpected ground conditions.  

  

 

5.3 Contract 3 Main Works: shared database and modelling environment 

The final main procurement package comprises the main works for the project, including station construction 
and tunnelling. The geology is not as complex as at Britomart  or the south portal, but the scope of works is 
considerably larger.  

For this procurement we adopted a more ambitious 3D ground model environment comprising a cloud-based 
3D geology model and geotechnical database (internal to Leapfrog) for each tenderer. This environment 
(Leapfrog Central) allowed each tenderer access to the database of GI (with our interpretation) and a partial 
lineage of model development. Moreover, the environment allowed download of data and model to their own 
software for further analysis and model development and we required upload of their developed models as part 
of tender assessment. This process contrasts markedly from common approaches to ground risk, where factual 
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data is lodged in a data room, commonly in pdf format, and tenderers teams must wrangle large volumes of 
data before they can start providing geotechnical advice. 

During the procurement phase, CRLL placed high value on design and construction mitigation measures 
proposed to address ground risks, as is appropriate for a major underground project. To achieve alignment on 
the level of geotechnical risks, an Alliance Geotechnical Baseline Report (AGBR) process was developed, 
which involved multiple alignment workshops and submissions that were all facilitated through the shared 
development of the cloud-based 3D model.  This interactive 3-D model facilitated the required interaction with 
tenderers on ground risk.  

The AGBR process and 3D model development process contributed to a successful tender process and resulted 
in both tenderers having a similar ground risk profile. This meant the tender process was not skewed by one 
tenderer having a significantly higher project risk profile. Neither tenderer included unmanageable ground 
risks. 

6. CONCLUSION 

Auckland’s varied geology always poses problems for linear infrastructure projects, but particularly for 
tunnels. This paper gives examples of a range of geological processes, active across Auckland’s geological 
history - and extending to the as-built environment, that were investigated for the CRL project, using a 
traditional approach of phased site investigations, integrated with developing design. We also outline how we 
developed a 3d geological modelling capability for the project, to facilitate interpretation and improve 
communication of that interpretation (and its limitations). Geology models and the associated database of site 
investigation data were used both to support (for information only) a traditional set of ground risk 
documentation; and as an integral part of an innovative procurement environment (supported by geological 
model management software). 

Many projects in New Zealand are on accelerated programmes, which places demands on both client-side 
delivery of ground information and tenderers ability to process the information to make sense of ground risk. 
We support the use of digital data transfer standards (eg AGS) or other formats to transfer the raw data, but 
consider digital data supported by 3D geological models to be the optimum method for rapid assessment (and 
alignment) of ground risk, pricing of mitigation, and setting reasonable baselines for risk allocation. 
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ABSTRACT 

The City Rail Link project connects the existing Britomart rail terminus in Auckland’s CBD with the Mt 

Eden Station on the North Auckland Line. The c.3km-long route traverses a wide range of geology and 

ground conditions. Most of the tunnelling will be within Waitemata Group rocks (East Coast Bays 

Formation, ECBF) that underlie much of the wider Auckland region, while shallower structures at the north 

and south of the project will also encounter younger sediments (Tauranga Group); volcanic materials 

(Auckland Volcanic Field, AVF); made ground (including reclamation). Desk studies and early site 

investigations established a broad model of ground and groundwater conditions, while later investigations 

focused on specific design requirements, material characterisation and/or ground risks (and opportunities). 

Targets included a 10m-thick mega-bed (in ECBF) at Karangahape Rd Station; anomalous ECBF weathering 

profiles; complex AVF materials and geometry at the south end of the project; a pre-Holocene paleo-channel 

under Britomart; post-volcanic spring/pond deposits in the valley between two volcanoes in the south; and 

undocumented structures in the built environment. Various works packages were procured using a variety of 

contract styles. However, procurement documentation has generally included a geotechnical baseline report 

(GBR), supported by ground data in geotechnical data reports. An observational approach was specified for 

parts of the works, particularly where opportunities for ground investigation during the design phase were 

limited. Innovation during procurement includes the use of 3D ground models in two of the contracts. A 

static 3D model was included (for information) for the Mt Eden enabling works area, to illustrate the 

complex relationships between proposed structures and varied ground units. In a world-first, for Seequent’s 

Leapfrog/Central the main works tender included a cloud-based 3D geology model and geotechnical 

database for each tenderer, readily allowing development of their own geology model and facilitating 

alignment on geotechnical risk during the Alliance GBR process. 

1 INTRODUCTION 

The City Rail Link (CRL) project comprises twin 3.5 km-long rail tunnels linking the CBD’s Britomart 

Station with Mt Eden Station on the North Auckland Line, with two new stations along the route (Aotea and 

Karangahape). The project was started by Auckland Transport, and is now managed by City Rail Link Ltd., 



 

 

owned jointly by Auckland Council and central government. The project commenced in 2010 and is 

presently (May 2020) under construction via six contracts (for enabling works, early works and main works).  

The project lies mainly in the weak rocks of the Waitemata Group (East Coast Bays Formation: a turbidite 

sequence of alternating sandstones and siltstones). In places the alignment cuts into Pleistocene alluvial 

deposits, and through complex deposits (basalt lava, scoria and ash) of the three volcanic centres that lie 

adjacent to the route. Holocene marine sediments and significant areas of reclamation are present at the 

Britomart end of the alignment. 

This paper outlines the site investigations, that ran alongside the development of the design (Concept, 

Reference, Detailed), and informed the Resource Consenting process. The ground model evolved with the 

design, and the phased approach to investigations allowed areas of ground uncertainty or ground hazard to be 

identified and investigated in a prioritised way. We also describe the development of our use of 3D geology 

models for procurement. Geology modelling was introduced initially as an internal process to help designers 

understand the locally complex ground conditions, but as software advances allowed increasingly 

sophisticated documentation of both the models and the supporting geotechnical database the models took an 

increasingly prominent role in procurement. 

Ground risk assessment and documentation have followed a traditional model with desk studies, multiple 

phases of ground investigations, with associated factual reporting; interpretation and reporting (Geotechnical 

Interpretative Report, Geotechnical Engineering Report); leading to a series of Geotechnical Baseline 

Reports and supporting Data Reports for procurement. Hydrogeology (Pattle, Delamore Partners) and 

contaminated land investigations (Golders Associates) were designed and executed together but reported 

separately (but with shared interpretative sections for the Hydrogeological Assessment Reports). Resource 

consenting was supported by a range of assessments of environmental effects (for groundwater, settlement, 

vibration, contamination, and other topics). 

2 SITE INVESTIGATIONS 

The ground investigation database was established with extensive research of desk study sources ultimately 

finding more than 1300 historic holes in the project corridor. A series of five project-specific investigation 

phases were carried out between 2010 and 2018: 

• Preliminary (Stage 1, 2010) investigations (by AECOM, Parsons Brinkerhoff and Beca, APB&B) 

focussed on the Newton area (originally intended to be a deep station) and environmental sampling; 

• The main investigation (Stage 2, 2012-2013) was extensive, establishing the main elements of the 

ground model and installed the bulk of the ground water monitoring; 

• Supplementary investigations were carried out in 2015 (Stage 3) and 2016 (Stage 4), investigating a 

series of potential ground risks and/or design changes including a pumping test at the ECBF ‘mega-

bed’ at Karangahape Station, the depth of foundations of a existing retaining wall at the Central 

Motorway Junction, investigations of depth of basalt infilling paleo-valleys and detailed 

environmental investigations of specific sites; 

• Pre-construction investigations were finalized with tender-stage investigations in 2017-18 (Stage 5), 

requested by the parties expressing interest in bidding for the main works (construction contract C3). 

The site investigation works included drilling, CPT probes, trial pits, downhole geophysics and geophysical 

probing, a wide range of in situ and laboratory testing and groundwater monitoring.  



 

 

 

Figure 2: City Rail Link geological sections. Top (green) section on main tunnel alignment (Britomart to Mt Eden). Blue section along North 

Auckland Line (see also Figure 1). Supporting drillholes not shown on sections (but locations shown on  



 

 

 

 

Figure 1 shows the project area with five stages of ground investgiations, together with some of the locations 

discussed in the next section. 

3 GROUND CONDITIONS AND RISKS 

We do not attempt to fully describe the ground conditions of the alignment here, rather present examples of 

the ground conditions, spanning both the stratigraphic column and the length of the alignment, that illustrate 

the ground conditions, our investigations and potential risks (and opportunities). The locations of the sites 

specifically mentioned are labelled on Figure 1 (plan) and Figure 2 (long sections) and are described below 

in their stratigraphic context. 

3.1 Waitemata Group (East Coast Bays Formation) 

The main engineering geology units for the ECBF are defined by weathering state. We log weathering grade 

according to the standard six-fold classification, but we layer code (and assign engineering geology unit) on 

three pairs of grades: ER representing residual and completely weathered material; EW for highly and 

moderately weathered; and EU for slightly and un-weathered rock. We have developed logging guidelines 

for each grade and find the resulting units returning greatly reduced spreads of test results and notice a lack 

of correlation when using externally sourced logs. Weathering profiles are varied, mainly depending on the 

site’s age and preservation, but we most commonly see relatively sharp weathering fronts (where ER is 

thicker than EW) spanning 5-10m in total. The deepest weathering profile (over 20m) encountered in the 

CRL alignment is at location “F”, where both ER and EW are thick and likely due to the age and 

preservation of this hilltop site.  

Relatively unweathered ECBF (EU) is predominantly a very weak (UCS < 5MPa), sedimentary rock, where 

the main variance in geotechnical properties derives from the relative proportions of the alternating sandy 

siltstone and silty fine sandstone layers (turbidite). We assign these normally cemented strata to the EG Unit 

“EU2” and have much less common end members “uncemented sandstone” (EUs1, as this applies 

exclusively to sandstone) and well-cemented sandstone (or conglomeratic sandstone) EUs3 (and EUg3) 

respectively.  

We apply “well-cemented” where EU exhibits or could support open joints (as secondary permeability is a 

potential concern while tunnelling in ECBF), and this applies to strata with UCS strength of 8-10 MPa or 

more (our “weak+”). We prefer to avoid the widely-used term “Parnell Grit” (except in an informal way) as 

any stratigraphic merit of this ECBF Member has long since been disproved, and the term is associated with 

simplistic sedimentogical models. 

The CRL alignment is unusual in that it includes a significant body of well-cemented ECBF, interpreted as a 

single “mega-bed” (10-12m thick, “D” on the long section) and corelated for about 800m along the 

alignment (below Karangahape Station). The feature is well documented, as we carried out a pumping test at 

the unit and installed numerous piezometers for the purpose. The feature is so distinctive that it is readily 

mapped and fault offsets of 5-10m were identified. The unit is stronger than normal (UCS 15-25 MPa) and 

though it does contain open joints, the (low-volume) pumping test demonstrated that the storativity is low 



 

 

(joints are tight), but transmissivity is high (and anisotropic, with drawdown axis matching interpreted 

faulting). With the groundwater considered relatively benign, the unit offers construction opportunities rather 

than risks. The geometry of the mega-bed suggests that it is the source of natural springs that used to flow 

into the upper part of Myers Park, and therefore likely the source of the Waihorotiu Stream once a feature of 

the Queen Street valley. 

We use the term “uncemented sand” (EUs1) to describe drillers’ “running sands” that are difficult to recover 

during drilling of boreholes, though routinely test as very dense (SPT N=50+). Because of recovery problems 

the unit is rarely sampled, and our testing approach has focussed on samples that are likely at the upper end 

of the strength range.  Petrographic studies on previous projects (P. Black, unpublished report) suggested 

these samples had never been cemented and largely lacked a clayey matrix (typical of EU2, for example). 

The units rarely exceed 1m in thickness and are usually randomly distributed within an alignment. However, 

in CRL, there is a cluster of records of the uncemented sand close to tunnel levels at the mined cavern 

section of the Y-junctions (where the main alignment splits to join the existing NAL). This is a potential 

ground risk in this method of tunnelling, and therefore needs to be mitigated in the design of supports. 

3.2 Tauranga Group and Auckland Volcanic Field 

Auckland’s Tauranga Group covers a range of diverse sedimentary deposits that spans most of the 

Quaternary. Much of it is inferred to be alluvial (erosion products of the ECBF). Organic layers and peat 

deposits are present locally, and the unit incorporates Taupo Volcanic Zone-derived rhyolitic ashes (primary 

and redeposited), and commonly grades into basaltic volcaniclastic materials in the proximity to Auckland’s 

many volcanoes. Differentiation between ECBF residual soils and ECBF-derived fine alluvium can be 

genuinely difficult especially in borehole core. Some practitioners still differentiate simply by consistency, 

but this has proved to be an unreliable approach and has confused the record of how the different materials 

behave – for example during dewatering (potential settlement is a common concern in resource consent 

applications). 

In the CRL alignment, we identify at least four Tauranga Group sediment types: two at Britomart (A); and at 

Albert Street Gullied Terrain (B) and post-AVF swamp deposits (J, on the NAL section). 

At Britomart (A), twin paleochannels cut into the ECBF substrate, below the reclaimed land of the CBD. The 

easternmost channel (documented from older boreholes investigating the original Britomart site) represents 

alluvial deposition during a mid-late Pleistocene glacial period and comprises stiff over-consolidated fine 

soils infilling a proto-Waihorotiu Stream. Cutting these deposits, and into the underlying ECBF weathering 

profile, is a younger channel (our pre-Holocene channel) inferred to have formed after the lava flows of the 

(c.100ka) Albert Park volcano infilled the stream valley upstream from the CRL alignment. This younger 

channel was later infilled as sea levels rose in the Holocene, with marine sand deposits near the original 

shoreline, and increasingly fine sediment further into the bay. The pre-Holocene channel with its infilling of 

soft young marine mud has been a source of geotechnical challenges for the design team (Michael Chung 

pers. comm.). The Figure 2 interpretation was based on a few historic holes, and construction observation, 

resulting in a revised interpretation (and re-design) as discussed again in section 5.1, below. 

At Location “J” on the NAL long section, an entirely different Tauranga sediment is encountered. About 

30,000 years ago a valley was formed where the tuff and ash from the older Domain volcanoes (to the 

northeast) met the basalts from Mt Eden (from the south). Springs formed at this point, likely fed by artesian 



 

 

groundwater that collected in the coarse basal ash (locally tuff) that mantles the slopes to the north. The site 

was still a pond during early settlement (but associated deposits are extremely soft lacustrine silt and organic 

fine soils, that have caused earlier construction difficulties (see discussion of Contract 6, below). The C6 

project (replacement stormwater line) also needed to tunnel under a basalt flow (about 100m north of 

location “K”). Historic drilling and some project holes had identified the broad paleo-topography, and the 

ReMi passive seismic technique was employed (over a network of profiles to further define the geometry of 

the basal contact of the flow, and to locate the deepest part). This area was then drilled to find the actual level 

of this area. This geophysical investigation is described further in Pancha et al, 2019. 

 

3.3 Geomorphology - Built environment 

Although it is well understood that the modern urban landscape has been modified over time, it has 

sometimes been surprising to discover the extent of these historic works. Major infrastructure developments 

may have historic plans and designs, such as the detailed plans and designs for the successive reclamations of 

Commercial Bay (now Auckland’s CBD). Histories of other areas can sometimes be pieced together from 

historical photographs or even paintings, for example Point Stanley (location B, south side of the 

Customs/Albert St intersection) was once a prominent headland standing 12 – 15m above the wave cut 

platform below. Initial reclamation in the 1850s and 1860s left Customs and Albert streets vertically 

separated, but they were later (early 1900s) joined by cutting back the headland and forming an apron of fill 

with the debris. 

Pre-European ECBF ridges and side-slopes were also more prominent and incised. But as tracks, became 

paths, then roads, which were later lined with buildings there was a progressive series of cuts and fills to 

establish building sites. These were typically formed by cutting into weathered ECBF slopes and infilling the 

gullies. More than 100 years later, the resulting profiles (ECBF fill over in situ ECBF), can be difficult to 

distinguish from a natural profile. Examples are the Karangahape Road ridge (location D) and the side slopes 

leading from Albert St. to Queen St. 

Another recurring theme for the project, is that while we can often find ground investigation data for a 

construction project, usually with accompanying design drawings, it is much less common to find as-built 

documentation, confirming that construction proceeded as designed, or if modifications were made during 

the construction process (perhaps accommodating unexpected ground conditions).  

A case study for this is the existing piled retaining wall for the Upper Queen Street overbridge at the Central 

Motorway Junction (location E) where the western-most three piles are located above one of the tunnels. 

Without any as-built records it was not possible to confirm that the piles did not clash with the proposed 

tunnel. The investigation into the actual depth of the piles was extensive – including engineering analysis, 

geodesy and surveying, liaison with the Auckland Motorway Alliance, and ultimately very precise drilling 

(from a platform perched over SH1) of three boreholes as close as permitted to the three piles, enabling a 

range of downhole geophysical methods to be deployed. Ultimately, measurements of magnetic field and 

susceptibility (from the rebar cages used in the pile construction) together with off-site simulations allowed 

analysis of pile termination depth (Matt Watson, Scantec). Consistency of the three test results, together with 

the ground conditions (matching stated pile termination criteria) provided a high degree of confidence that 

the piles terminated above the level of the proposed tunnel. . 



 

 

4 3D GROUND MODELLING 

From the start the CRL project has been one in which digital innovation was encouraged. In this context the 

geotechnical team was involved in early work to build a comprehensive 3D model of major aspects of the 

project, including the adoption and integration of BIM, and 3D GIS approaches (similar to approaches later 

formalised in ISO19650). 3D ground models were initially used on an internal basis during design because 

they had become our preferred method of handling (including Quality Assurance) the large datasets available 

for the project, and particularly the use of historic data, much of which required re-interpretation to achieve 

consistency with our project-specific ground investigation data. The development of 3D geology also helped 

collaboration with our colleagues at PDP, who were developing 3D groundwater models for parts of the 

project area. The ability to export a geology model directly to 3D groundwater modelling software saves 

time and ensures consistency between the two parts of the team (A. Perwick PDP, pers comm). However, 

above all technical advantages, the use of 3D ground models improves the communication of geological 

interpretation with designers, clients and other stakeholders. Our preferences are to build 3D ground models 

where the geology is complex, or the ground risk is significant, and where supporting data is already digital, 

or can be converted into a digital database at reasonable cost. 

5 GROUND RISK IN PROCUREMENT 

During the CRL design and consenting, the software for developing and managing 3D ground models 

became increasingly sophisticated. As it turned out, the timing of procurement of the various works packages 

charts a progression of our use of 3D models (see Table 1, below), as we progressively introduced the 

technology into procurement.  

Aspects of selected projects are further discussed below, illustrating the ways in which ground risk is 

addressed conventionally, as well as providing background to the introduction of ground models for this 

purpose. 

Table 1 documents the chronological development of the use of 3D models on the CRL project, commencing 

with internal use by the designers in 2014 on Contracts 1 and 2. For contract 5 and 6, the 3D model was used 

to develop the 2D long sections and was provided to tenderers within a non-editable viewer. Feedback at that 

time from tenderers was that the viewer was very useful on communicating the geological conditions and 

risks. For the main tunnels and stations of Contract 3, Leapfrog Central was used to host the client tender 

model as well as the models that were developed and enhanced by each of the tenderers. One of the main 

advantages of this approach was that tenderers did not need to expend time and effort on processing 

geotechnical data but could instead focus their efforts on revised interpretation and development of their risk 

mitigation approaches. The software (Seequent Central), through it’s model comparison tools,  also 

facilitated a transparent evaluation of the geotechnical risk profile inherent in interpretations developed by 

each tenderer (as the client requested full access to the tenderers developed 3D models). 

 

Table 1: Approach to ground risk in CRL procurement. 

Contract 

(Procurement Date) 
Contract Scope Procurement style  Ground risk documentation 



 

 

Contract 1 (2014) Britomart Underpinning ECI Lump Sum 2D sections in GBR, electronic GDR 

Contract 2 (2014) Albert St Cut & Cover ECI Lump Sum 2D sections in GBR, electronic GDR 

Contract 6 (2016) 
Mt Eden Stormwater 

Replacement 
Lump Sum 

2D sections in GBR, electronic GDR,  

static 3D model for information only 

Contract 5* (2017) NAL Connections Lump Sum 
2D sections in GBR, electronic GDR,  

static 3D model for information only 

Contract 3 (2019) 
Main works (Aotea – Eden, 

tunnels and stations) 
Competitive Alliance 

2D sections in GBR, electronic GDR, 

Integrated 3D ground model and 

database, environment for participation 

in model development (Leapfrog 

Central) 

*After initial contract award, Contract 5 was discontinued and re-assigned to successful Contract 3 tenderer. 

 

5.1 Contract 1: Observational Approach at Britomart  

At Britomart Station, where part of the historic CPO building including its façade were underpinned as part 

of tunnel constructions works, geological interpretation was challenging due to limited opportunity to carry 

out investigations prior to construction and therefore the interpretation was based on some historic GI and 

limited project-specific GI (summarised in section 3.2). The interpretation shows the site is underlain by a 

paleo-channel and later infilled by soft Holocene marine mud. Although the presence of the channel was 

known, there were uncertainties about its extents: depth, width, and axial position. For this reason, 

construction stages relied on an observational approach (e.g. pre-drills for diaphragm wall panels) to define 

actual site conditions, and final depths for panels and associated piles. Construction phase drilling proved 

that the channel was slightly east of the design-stage interpretation, and the panel and pile depths therefore 

required revision. 

This work was carried out conventionally (i.e. not applying 3D modelling). The model illustrated in Figure 3, 

was developed later, as part of a lessons learnt exercise to show what would have been possible with 3D. The 

erosional extent of a paleochannel can be challenging to represent in a limited number of 2D sections and 

much better communication would likely have been achieved using the 3D model. Also, our present software 

has limited capabilities of illustrating the reliability or  uncertainty of 3D geological features, and we 

documented uncertainty (and allocated risk) as baselines in the Geotechnical Baseline Report (both in terms 

of geometry and geotechnical properties).    



 

 

 

Figure 3: Pre-Holocene Channel from below, represented by thicker marine deposits (blue), with channel lag 

deposits in purple. Red structures are prosed founding structures from CPO building and Queen Street. 

Yellow and orange sticks are the representations of boreholes intersecting the underlying strata (Tauranga 

Group and ECBF). 

5.2 Contract 6: Static 3D ground model (for information only) 

The geology of the southern portal area of the CRL (where the main alignment at G, splits and joins the NAL 

at J and H, figure 1) is a complex interaction between the deposits of two volcanoes, and the sediments that 

deposited between them (Section 3.2). The area has a history of adverse ground conditions and associated 

engineering difficulties. When the existing stormwater was being constructed the first tunnelling attempt 

unexpectedly encountered Mt Eden basalt (with a TBM not designed for hard rock), and the second attempt 

(on a modified alignment) encountered unanticipated very soft ground (but managed to negotiate it, location 

“I”).  

The area is complex both geologically and in terms of engineering, and the large suite of geological long and 

cross sections we had developed was frankly quite bewildering. Our designers used a combination of both 

our simplified 3D model and the detailed sections to get to grips with the ground conditions. 

For procurement in this area we wanted to emphasise that we had developed a robust ground model and 

understood the limitations of earlier models, and for this reason we issued the 3D ground model (showing all 

the supporting GI data) for information only, in conjunction with the GBR sections. The model was available 

in a free 3D viewing format, and included the Revit model of the reference design, allowing ready 

understanding of how the proposed design related to the ground conditions.  



 

 

The construction of the C6 tunnel has been successfully completed. Tunnelling proceeded (with a machine 

capable of handling basalt) under the basalt. Shafts were designed to handle very soft ground and basalt. The 

soft ground shaft was completed successfully, while the basalt shaft encountered abrupt transitions in 

lithologies that had not been anticipated in the model, though variation was largely within that anticipated in 

the GBR. Data from the (contractor’s) shaft excavations and tunnels has been incorporated into the (client’s) 

3D geology model to inform contractual communication relating to differing ground conditions. The ability 

to show construction stage ground observations in a view with tender stage (3D) ground interpretation is a 

powerful means of communication when addressing unexpected ground conditions.  

 

 

5.3 Contract 3 Main Works: shared database and modelling environment 

The final main procurement package comprises the main works for the project, including station construction 

and tunnelling. The geology is not as complex as at Britomart  or the south portal, but the scope of works is 

considerably larger.  

For this procurement we adopted a more ambitious 3D ground model environment comprising a cloud-based 

3D geology model and geotechnical database (internal to Leapfrog) for each tenderer. This environment 

(Leapfrog Central) allowed each tenderer access to the database of GI (with our interpretation) and a partial 

lineage of model development. Moreover, the environment allowed download of data and model to their own 

software for further analysis and model development and we required upload of their developed models as 

part of tender assessment. This process contrasts markedly from common approaches to ground risk, where 

factual data is lodged in a data room, commonly in pdf format, and tenderers teams must wrangle large 

volumes of data before they can start providing geotechnical advice. 

During the procurement phase, CRLL placed high value on design and construction mitigation measures 

proposed to address ground risks, as is appropriate for a major underground project. To achieve alignment on 

the level of geotechnical risks, an Alliance Geotechnical Baseline Report (AGBR) process was developed, 

which involved multiple alignment workshops and submissions that were all facilitated through the shared 



 

 

development of the cloud-based 3D model.  This interactive 3-D model facilitated the required interaction 

with tenderers on ground risk.  

The AGBR process and 3D model development process contributed to a successful tender process and 

resulted in both tenderers having a similar ground risk profile. This meant the tender process was not skewed 

by one tenderer having a significantly higher project risk profile. Neither tenderer included unmanageable 

ground risks. 

 

6. CONCLUSION 

Auckland’s varied geology always poses problems for linear infrastructure projects, but particularly for 

tunnels. This paper gives examples of a range of geological processes, active across Auckland’s geological 

history - and extending to the as-built environment, that were investigated for the CRL project, using a 

traditional approach of phased site investigations, integrated with developing design. We also outline how we 

developed a 3d geological modelling capability for the project, to facilitate interpretation and improve 

communication of that interpretation (and its limitations). Geology models and the associated database of site 

investigation data were used both to support (for information only) a traditional set of ground risk 

documentation; and as an integral part of an innovative procurement environment (supported by geological 

model management software). 

Many projects in New Zealand are on accelerated programmes, which places demands on both client-side 

delivery of ground information and tenderers ability to process the information to make sense of ground risk. 

We support the use of digital data transfer standards (eg AGS) or other formats to transfer the raw data, but 

consider digital data supported by 3D geological models to be the optimum method for rapid assessment 

(and alignment) of ground risk, pricing of mitigation, and setting reasonable baselines for risk allocation. 
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Temporary working platforms – technical 

guidance on New Zealand Good Practice 

M.D. Larisch, R. Damen, G. Johnstone & Brendan Attewell 
Temporary Works Forum New Zealand, Auckland 

ABSTRACT 

The design and construction of temporary working platforms for cranes and piling rigs is a high-risk 

activity and requires the careful selection of the appropriate input parameters to obtain the correct 

load cases as well as the application of robust and reliable design methods to assess the required 

thickness and stiffness of the working platform. 

The Temporary Works Forum New Zealand is currently developing a technical guidance document 

on New Zealand Good Practice for the design and construction of granular working platforms for 

cranage and piling works. 

The document introduces some of the most common and most relevant guidelines for working 

platform design which are currently used in New Zealand and around the globe. The authors will 

compare (i) the applicability of the different design methods for various ground conditions, (ii) the 

underlying design assumptions about load transfer and (iii) the consideration of static and/ or 

dynamic load factors in the different design approaches. In addition, the most suitable soil 

investigation techniques and methods to be used for the initial ground investigation are introduced 

and discussed and some recommended verification method for working platform certification are 

presented. 

The authors will also use examples to demonstrate some of the limitations and related risks of each 

method introduced. 
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1 INTRODUCTION 

Working platforms are widely used in the New Zealand construction industry to support heavy construction 

plant and machinery and to provide safe working conditions. Working platforms are particularly common for 

piling plant and mobile cranes. During the operation of piling plant and mobile cranes, very high and 

concentrated track pressures can be imposed on the substrata. This in turn can lead to significant deformation 

of the substrate and subsequent overturning of plant. Plant failures as a result of working platform failures 

have occurred in New Zealand and overseas in the past.  

Working platforms can comprise granular fill placed on the substrata (with or without geosynthetic 

reinforcement) but may also comprise complex falsework on deep foundation elements. This paper focuses 

on granular working platforms, which will from hereon be referred to as working platforms for simplicity. 

Multiple methods exist to design working platforms. All reliable methods require careful selection of input 

parameters for both, substrata parameters and load cases.  

The Temporary Works Forum New Zealand (TWf (NZ)) is currently developing a technical guidance 

document on New Zealand good practice for the design and construction of granular working platforms for 

mobile cranes and piling works. This paper will provide some preliminary considerations that are to be 

included in the technical guidance document.  

2 DESIGN METHODS 

2.1 Overview of methods 

Historically, methods to design working platforms have been reliant on previous experience of suitable 

materials and dimensions. CIRIA Special Publication 123 (CIRIA 1996) and BRE 470 (BRE 2004) 

introduced analytical design procedures for working platforms. BRE470, especially, has since been in wide 

use by piling contractors around the globe.  

In 2019 the Temporary Works Forum in the UK published TWf2019:02: A guide to good practice for the 

design of granular working platforms for construction plant (Temporary Works Forum 2019), which is freely 

available. This document provides a review of the above methods and recommends an alternative approach 

to the design of working platforms. The authors recommend that the readers familiarise themselves with this 

document. The New Zealand technical guidance document will provide additional guidance specific to New 

Zealand, to be used in conjunction with TWf2019:02.  

In addition to the above methods, several methods are utilised by manufacturers of geosynthetics. These 

methods are generally empirically based and combine the results of laboratory testing and field observations. 

They focus on the use of geosynthetic reinforcement in the platform construction with the aim of reducing 

the overall platform depth. However, they tend to be limited to the manufacturer’s specific products, and 

therefore won’t be discussed further in this paper. The authors encourage manufacturers of geosynthetics to 

conduct their own comparison with established methods, especially the TWf2019:02 method. 

Given the limited use of CIRIA SP123 in New Zealand, this paper will focus on BRE470 and TWf2019:02 

only. Both methods are discussed briefly and for more details, please refer to the specific documents. 

2.2 British Research Establishment BRE470 method  

The British Research Establishment BRE470 method (BRE 2004) provides guidance on good practice for the 

design, specification, installation, operation, maintenance and repair of working platforms for tracked plant 

and the document contains guidance on all the above-mentioned aspects. The BRE470 method for working 
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platform design is widely used in the New Zealand construction industry. It is commonly considered as a 

safe and reliable method to design working platforms for tracked and mobile construction equipment.  

Key aspects of the BRE470 method include: 

• The consideration of two load cases: 

- Case 1 loading applies to conditions in which the plant operator is unlikely to aid recovery from an 

imminent platform failure. Examples are travelling or lifting; and 

- Case 2 loading may apply when the plant operator can control the loading safely. An example is the 

extraction of a piling auger. Lower load factors apply to case 2 conditions; 

• Loading is applied as a rectangular uniformly distributed load, based on effective track width; 

• The method relies on classic bearing capacity calculations for the substrata. However, the method relies 

on punching failure as its main resistance mechanism in the platform material, instead of load spread 

(Fig. 1); 

• No overburden effects from the surcharge and platform fill are considered on the bearing capacity 

assessment; 

• Deformations are not directly considered. Instead, deformation limits are deemed to be satisfied by 

checks on bearing capacity; 

• Strength reduction factors on the platform and substrata properties are proposed as unity, so that design 

values are equal to characteristic values; 

• The method applies to uniform substrata only, which may require averaging (when appropriate) or 

selection of lower bound values if multiple soil layers are to be considered; 

• Calculations are provided for both, cohesive and granular substrata conditions; 

• For cohesive substrata, it is noted that the punching shear failure mechanism only applies for substrata 

with 20 kPa < cu < 80 kPa. For undrained shear strength cu < 20 kPa the ground will be too soft and more 

sophisticated types of design calculations are required. For cu > 80 kPa the bearing resistance is deemed 

to be sufficient to general support construction plant without the design of a working platform; and 

• Geosynthetic reinforcing is considered to provide additional vertical restraint at the punching perimeter, 

instead of providing additional lateral restraint. 

 

 

Figure 1: Shear resistance due to punching failure as per BRE470 method (Temporary Works Forum 2019) 
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2.3 Temporary Works Forum TWf2019:02 method 

The recently published TWf2019:02 (Temporary Works Forum 2019) method proposes an alternative 

method to SP123 and BRE470, to comply with EC7. The method is discussed in detail in the document and 

will not be reiterated here. In summary, a few key aspects of the method include: 

• Design actions are derived in accordance with EC7; 

• Partial strength reduction factors are applied to the design strength of substrata and platform material 

properties; 

• Ultimate Limit State (ULS) checks on bearing capacity and Serviceability Limit State (SLS) checks on 

immediate settlement need to be carried out; 

• The method allows for multiple substrata layers, including potentially weaker layers at depth; 

• Load spread through the platform and substrata is calculated using the Boussinesq theory; 

• The maximum load spread in the platform is explicitly limited to 2V:1H; 

• Lateral pressure (confinement) in the platform or upper substrata layers is considered; and 

• The method relies on load spread only, without allowance for punching shear resistance. 

2.4 Applicable ground conditions 

Both methods introduced in this paper are applicable for cohesive and granular ground conditions.  

In complex ground conditions or conditions which are not covered by the two methods introduced in this 

paper, it is recommended to carry out advanced design methods using finite element methods to obtain safe 

and realistic stability and settlement predictions. 

Table 1: Applicability of the two methods in different ground conditions. 

 BRE470 TWf2019:02 

Cohesive substrata 
Partial 

(20 kPa < cu <80 kPa) 
Yes 

Granular substrata  Yes Yes 

Multiple soil layers 
No, design based on worst 

conditions 
Yes 

High ground water Yes, simplified approach Yes 

 

3 LOAD TRANSFER 

The load mechanism of the transfer of the track pressure applied by construction plant through the working 

platform employed in the BRE470 method mainly relies on punching shear failure mechanisms (Fig. 1). This 

load transfer mechanism greatly simplifies the complex load transfer from the tracked plant into the 

subgrade. Punching failure might be a realistic failure mode in cohesive subgrade but in granular subgrade 

conditions, bearing failure in accordance with the Meyerhoff failure criterion is more likely to occur, which 

takes lateral soil confinement into account. 

Details about the assumed fundamental failure mechanisms of the two methods described in this paper can be 

obtained directly from the relevant documents and are beyond the scope of this paper. 
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4 STATIC AND DYNAMIC LOAD FACTORS 

Both, the design methods used in BRE470 and TWf2019:02 include design factors to account for levels of 

uncertainty in the parameter selection (input) to the calculation and provide robustness to the method.  

The method described in BRE470 uses a bespoke variable load factor system, ranging from 1.05 to 2.0 

(Table 2), which are applied to the characteristic load values applied by the construction plant. These load 

factors vary depending on whether the load case is deemed to be a recoverable or non-recoverable condition 

(Case 1 or Case 2). Load factors also vary through the calculation process based on the stage of the design 

process. Typically, higher load factors are used initially to check whether the in-situ subsurface ground 

conditions can support the track loads without a designed working platform. Lower factors may be applied in 

ongoing projects due to the greater certainty in material properties. No strength reduction factors are applied 

to geotechnical parameters, but a strength reduction factor of 2.0 is applied to geosynthetic reinforcement.  

Table 2: ULS load factor values applied in BRE470 

 Load Case 1 Load Case 2 

Check whether subgrade can support plant 

without platform 
2.0 1.5 

Check that platform material can provide 

adequate bearing resistance 
1.6 1.2 

Calculation of platform thickness 1.6 1.2 

Check of platform without reinforcement 

(where geosynthetic is included in design) 
1.25 1.05 

 

Due to this variability, there is no direct comparison between the load factors used in this process and 

combination factors given in AS/NZS 1170.0:2002 Structural Design Actions Part 0: General Principles 

(Standards Australia 2002).  

The method described in TWf2019:02 allows the use of various partial factors throughout the calculations to 

apply different limit state approaches. Three different limit state combinations are discussed in TWf2019:02: 

SP123 and combinations 1 and 2 in accordance with the UK Annex to EC7.  

Table 3: ULS partial factors for use in TWf2019:02 

  
EC7 

comb 1 

EC7 

comb 2 
SP123 

AS/NZS1170.0* 

& B1/VM4^ 

Permanent action (γG) 1.35 1.00 1.00 1.20* 

Variable (imposed) action (γQ) 1.50 1.30 1.00 1.50* 

Cohesion (γC) 1.00 1.40 1.25 1.00* 

Shear angle (γφ) 1.00 1.25 1.25 1.00* 

Resistance (γR) 1.00 1.00 N/A 1.67-2.22^ 
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Only EC7 combination 1 can be directly compared to the ULS combination factors given in AS/NZ1170. It 

is noted that the use of EC7 combination 2 and SP123 partial factors will tend to produce more conservative 

results, particularly for platforms on granular formations. This is due to the influence of the partial factor γφ 

which is applied to the shear angle of the soil and results in a significant reduction of the bearing capacity 

factor Nγ. Care should be taken when considering the use of EC7 combination 2 or SP123 partial reduction 

factors for the design of working platforms on granular foundations as these may not be suitable for this 

application.  

In the absence of robust research into the use of New Zealand partial factors in this method, caution is 

recommended when this approach is used. Results should be compared against the partial factor 

combinations proposed in TWf2019:02.  

Some international standards provide wind load cases for mobile cranes. For example: Australian Standard  

AS 1418.5 (Standards Australia 2013) stipulates a 10 m/s wind speed for in service conditions and 15 m/s for 

out of service conditions for mobile cranes, which can be considered to be applicable to piling rigs, too. Such 

loads need to be taken into consideration for the assessment of loads applied by plant and equipment and are 

usually not part of the scope of the working platform designer. 

Dynamic load factors for the working platform design are not considered by either method introduced in this 

paper and the applied track bearing pressures are applied as static loads. Dynamic load factors are typically 

not considered in the design of working platforms and only static load cases are utilised. 

Dynamic loads are typically addressed in the assessment of the load applied by the specific type of plant, not 

in the platform design itself. It is particularly important for piling plant to consider such dynamic effects, 

notably for plant with high centres of gravity, such as Continuous Flight Auger (CFA) rigs, where the drill 

motor is typically located close to the top of mast during the travelling mode. Dynamic loading can occur 

especially after sudden changes of direction (during travelling), decelerating or by moving down a grade.  

5 SUBGRADE INVESTIGATION AND WORKING PLATFORM VERIFICATION 

5.1 Substrata investigation 

In order to provide a safe and economic design for working platforms, it is important that the platform 

designer has an adequate understanding of the soil conditions below the working platform. Uncertainties 

about substrata conditions are inherent to geotechnical engineering, and the design of working platforms is 

no exception. Prior to commencing the platform design, a suitable ground model should be developed, based 

on site specific geology and available site investigation data. Such a model should include the selected soil 

layers (up to sufficient depths), soil parameters and groundwater conditions. Key challenges specific to 

obtaining information on substrata for working platforms include: 

• Lack of good quality investigation data in shallow depths, e.g. due to predrilling of CPTs or wash boring 

of fill layers (those shallow depth investigation data are critical for working platform designs); 

• Lack of specific ground investigation if working platforms are to be constructed outside the main 

alignment of permanent works; and 

• General hesitance to commission additional ground investigation for the purposes of working platform 

design, in cases where the investigations underpinning the permanent works design is not sufficient. 

Early planning of construction methodologies and associated temporary works, including the requirement for 

working platforms will increase the likelihood of the main body of investigations to be suitable. Although it 

may not be feasible to provide all details, such as plant size and lift plans, in such an early stage, approximate 

construction methods and locations of required platforms will increase the likelihood of economic designs.  



 

7 

 

It is recommended that the temporary works designer is consulted on the details of the ground investigation 

program. Such data will provide more clarity on the shallow substrata, which is of great influence on the 

performance of working platforms but is often omitted in the investigations for permanent works design.  

Shallow investigations should be conducted to sufficient depth (see further discussion below). BRE470 

requires a minimum testing depth of 2 meters below the base of platform. The TWf2019:02 method uses the 

Boussinesq pressure bulbs to determine the depth of influence applied by construction plant. For designs 

requiring bearing capacity checks only, the minimum testing depth is equivalent to 3 times the track width 

(or 1.5 times the outrigger pad width), with a minimum depth of 2 m and at least one investigation to 5 m 

depth. For designs requiring settlement checks, the method suggests that these depths are doubled. It should 

be noted that the above is indicative only, and the working platform designers must satisfy themselves that 

the ground investigation is of sufficient detail to meet the design requirements. 

A detailed overview of all existing shallow ground investigation techniques is outside the scope of this paper. 

Methods to obtain more information on the shallow strata include but are not limited to trial pits, window 

samplers and hand-held equipment such as hand-held shear vanes, dynamic cone penetrometers (DCP) and 

hand augers. Results obtained using hand-held equipment, despite its popularity in New Zealand, should be 

treated with caution, as these are highly operator dependent. The revolving speed of the handheld shear vane, 

for example, has a direct effect on the measured value. It is also noted that the correlations for DCP results to 

strength parameters are approximate at best and lacking adequate scientific background (Harwood 2012).  

The presence of groundwater should always be considered in the design of working platforms. Granular 

substrata are especially susceptible to the presence of groundwater. Designers should be aware that due to 

seasonal and tidal variations, groundwater tables may vary significantly from those encountered in the initial 

site investigation. Additionally, construction activities may significantly change groundwater flows and 

drainage patterns, notably on large infrastructural works or subdivisions involving substantial earthworks. 

5.2 Platform material 

The strength parameters of the placed platform fill are important input parameters for the platform design. It 

is therefore important that both, the fill material and the placement method are sufficiently specified in the 

design. TWf2019:02 provides some indicative values for expected characteristic shear strength values for 

platform fill (Table 4). It should be noted that the requirement of quality control increases with increased 

assumed strength parameters. 

Table 4: Indicative strength parameters for platform fill (Temporary Works Forum 2019) 

Description Friction angle φfill Quality controls 

Brick and concrete “hardcore” laid with little to no 

compaction and not protected from contamination 
30-35° 

Little to no quality control or 

maintenance 

Specified gap graded material laid with nominal 

compaction and protected below with geotextile 
35-40° 

Nominal quality control and 

maintenance 

Specified well-graded material laid and fully compacted 

to DoT specification and protected below with geotextile 
40-45° 

Full quality control, regular 

inspection and maintenance 

Specified well-graded material laid and fully compacted 

to DoT specification, fully tested and protected below 

with geotextile 

>45° 

Full quality control, test results 

reviewed by designer, regular 

inspection and maintenance 
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Some additional considerations include (Temporary Works Forum 2019): 

• Contamination, e.g. by drilling fluid/slurry, can greatly decrease the strength of the platform fill. 

Placing the platform fill on a separation layer of geofabric can reduce this particular risk; and 

• Maximum aggregate size should be the lesser of 150 mm and 2/3rd of the platform thickness. Further 

reductions in aggregate sizes might be required due to operational constraints and should be assessed 

on a project specific basis (e.g. less than 75 mm for driven piles and/ or CFA operations). 

5.3 Working platform verification 

The verification of working platforms is critically important. Working platforms should not be loaded by 

plant before the full certification is carried out and documented by the working platform designer or a 

suitably qualified geotechnical engineer. The working platform certification should be carried out using a 

platform certificate which includes crucial details like critical design assumptions, assumed plant loading, a 

sketch of the platform dimension (including edge distances) and a signature of the platform designer and 

verifier. Details of working platform certificates can be obtained through the Federation of Piling Specialists 

UK (FPS) or the Temporary Works Procedural Control Good Practice Guideline which has recently been 

developed in New Zealand (Temporary Works Forum New Zealand 2019). 

The certification of working platforms should be based on in-situ testing to assess the bearing capacity and 

the degree of compaction of the relevant working platform or a specific area of it. 

Plate load testing is a suitable method to access the bearing capacity of the working platform in the direct 

vicinity of the test location. It is recommended to carry out multiple plate load tests across the platform to 

assess potential variabilities in the strength of the platform and the subgrade. Plates should be suitably sized 

in relation to the platform thickness and the particle sizes used for the working platform construction. 

Alternatively, for low risk working platforms only, proof rolling can be carried out by water trucks, 

excavators, or other suitable construction equipment to simulate the bearing pressure of the mobile crane or 

piling rig. The observed load displacement behaviour will indicate the expected performance of the platform 

and provide valuable details to the platform certifier, who should witness and observe proof rolling on site. 

In addition to the verification of the bearing capacity of the constructed platform, compaction testing such as 

dynamic cone penetrometer testing (DCP) or nuclear densometer testing shall be carried out in various 

locations across the platform to prove the degree of compaction of the platform material and to identify any 

potential ‘soft spots’. This could be done in combination with plate load testing as described above. 

If ground water conditions are likely to fluctuate due to seasonal or tidal influences, the certifier should 

ensure that the ground water conditions on site and during the usage and design life of the specific platform 

are in accordance with the design assumptions. This could be achieved by providing adequate drainage or 

dewatering, or by monitoring ground water and providing alert levels for the use of the platform. 

6 OTHER CONSIDERATIONS 

6.1 Legislation and guidance 

All work involving the design, installation, operation, maintenance and removal of working platforms must 

comply with the requirements of the Health and Safety at Work Act 2015 (HSWA) and all associated 

regulations. All stages of the lifecycle of the design and management of granular crane or piling platforms 

should be managed through robust temporary works procedural control measures. The Temporary Works 

Procedural Control Good Practice Guideline (Temporary Works Forum New Zealand 2019) provides 

guidance on how to control temporary works risks as far as reasonably practicable.   
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Site specific risk assessments of the temporary works are to be carried out by the Temporary Works 

Coordinator and the development of a robust brief to be provided to the designer are essential to ensure that 

the working platform design and it’s construction are suitable, safe and sufficient. Careful planning can 

provide design economies, but inadequate planning can lead to unsuitable, inefficient or incomplete designs. 

6.2 Appropriate load inputs 

The load conditions which will be experienced by the working platform during its design life are converted 

into simplified stress distributions applied by the construction plant to input into the design calculations. 

It is the responsibility of the contractor (or subcontractor) to provide maximum ground pressure loading from 

the plant items to the platform designer. Load combinations should be considered in all operating conditions 

(standing, handling, lifting, drilling, extracting, travelling and erection/dismantling) and in all orientations. 

These can be calculated using plant manufacturer’s software and websites or through the use of calculation 

spreadsheets such as the Rig Loading Spreadsheet developed by the Federation of Piling Specialists (FPS).  

It should be noted that it is often not the largest rig or the heaviest lift which is most critical in the platform 

design. The influence of track dimensions should also be considered as those are directly related to the depth 

of influence for the design. TWf2019:02 recommends using this approach, defined by a Boussinesq pressure 

bulb projected beneath the tracks, to determine the minimum required depth for ground investigation. 

Both BRE470 and TWf2019:02 require plant loading to be modelled as rectangular uniformly distributed 

loads which are directly applied to the working platform. Where load inputs are provided as trapezoidal or 

triangular distributions, the method described by Meyerhof (Meyerhof 1953) can be used instead. 

6.3 Interaction with other works 

The design of temporary crane and piling platforms should be carried out with consideration of the influence 

of the platform on other structures or assets on the site or adjacent sites. These may include both, permanent 

works and/or other temporary works. These interfaces should be clearly communicated in the temporary 

works design brief and checked throughout construction activities.  

Working platforms may apply significant temporary loadings to adjacent structures. However, these aspects 

of design are not covered in the above described methods. Where this is the case, the relevant loading 

information should be provided. It is the responsibility of the Temporary Works Coordinator for the project 

to provide this information to the relevant permanent works designer/ temporary works designer/ asset 

owner. Careful planning of different interfaces at the design stage is important for risk mitigation. 

The temporary works design brief should also identify any additional known hazards including, but not 

limited to: (i) buried services, (ii) backfilled trenches, (iii) local soft spots, (iv) wet piles or (v) piles holes 

during construction, (vi) excavations or (vii) slope stability hazards. 

6.4 Slope Stability 

The design methods discussed above are based on working platforms constructed on a level subgrade. 

BRE470 states that the method is not suitable for subgrade slopes more than 1V:10H.  

For any project where the existing or construction phase topography may be at risk of local or global slope 

instability due to the loads applied from any platform, a slope stability assessment should be carried out. This 

is outside the scope of the design methods introduced in this document, however the risks associated with 

these hazards should be addressed adequately. It should be noted that in many cases, the slope stability 

design will be more extensive and complex than the platform design and may require additional ground 

investigation and the involvement of an experienced geotechnical practitioner. 
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6.5 Operational constraints 

The completed working platform design should clearly communicate the limitations and operational 

restrictions to the contractor. This may include aspects such as: 

• Maximum allowable design loading for the platform; 

• Operational restrictions such as slew restrictions or lifting positions for critical lifts; 

• Details of plant access routes to the platform, considering grade limits of the specified plant; 

• Areas for assembly of plant (boom length should be considered for crawler crane erection); 

• Operational constraints for minimum edge distances to side slopes or other hazards; 

• Maintenance requirements and responsibilities (e.g. re-certification); and 

• Acceptable settlement limits (if required). 

7 EXAMPLE 

The practical application of both methods introduced in this paper for cohesive and granular ground 

conditions, summarizes the different results provided by the BRE470 method and the TWf2019:02 method. 

The examples provided in tables 5 to 6 are for illustration only and shall not be used for any project 

application. The authors want to emphasise that it is the responsibility of the working platform designer to 

make their own assessment of critical loading (including the effective track length), design parameters and to 

perform the proper calculations. The authors will under no circumstances be liable for any loss, damage, cost 

or expense incurred or arising out of or in connection with any use of the data presented in tables 5 and 6. 

Table 5 compares the results of both methods when used with an example tracked crawler crane applying 

150 kPa bearing pressure, distributed over the effective track length on cohesive and granular subgrades of 

different strengths and no geosynthetic materials. Table 6 summarises the results for an example piling rig 

applying 250 kPa bearing pressure over the same conditions. Platform fill with a similar internal friction 

angle was used and the verification of adequate compaction of the platform fill of site was achieved. 

Table 5: EXAMPLE – working platform thickness for 150 kPa bearing pressure on different subgrades 

Ground conditions BRE470 TWf2019:02 

Cohesive cu = 25 kPa (no groundwater) 0.60 m 0.75 m 

Cohesive cu = 50 kPa (no ground water) 0.30 m (min thickness) 0.30 m (min thickness) 

Cohesive cu = 75 kPa (no ground water) 0.30 m (min thickness) 0.30 m (min thickness) 

Granular, loose to medium dense sand, 

ground water at 0.5 m depth below ground level 
0.80 m 0.50 m 

Granular, loose to medium dense sand, 

ground water at 1.5 m depth below ground level 
0.55 m 0.45 m 

Granular, loose to medium dense sand, 

ground water at 3.0 m depth below ground level 
0.50 m 0.40 m 
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Table 6: EXAMPLE – working platform thickness for 250 kPa bearing pressure on different subgrades 

Ground conditions BRE470 TWf2019:02 

Cohesive cu = 25 kPa (no ground water) 0.80 m 1.00 m 

Cohesive cu = 50 kPa (no ground water) 0.30 m (min thickness) 0.30 m (min thickness) 

Cohesive cu = 75 kPa (no ground water) 0.30 m (min thickness) 0.30 m (min thickness) 

Granular, loose to medium dense sand, 

ground water at 0.5 m depth below ground level 
1.00 m 0.60 m 

Granular, loose to medium dense sand, 

ground water at 1.5 m depth below ground level 
0.75 m 0.55 m 

Granular, loose to medium dense sand, 

ground water at 3.0 m depth below ground level 
0.50 m 0.40 m 

 

The examples provided in tables 5 and 6 indicate that the TWf2019:02 method calculates higher working 

platform thicknesses in soft cohesive conditions, but lower thicknesses for conditions with high ground water 

levels, compared with the BRE470 method. For subgrade conditions of firm to hard cohesive soils, both 

methods predict similar working platform requirements. Also, the outputs are comparable for loose to 

medium dense sands with ground water levels of more than 1.5 m below ground surface. In all cases, the 

variance between the design outputs from the two methods is increased with greater track pressures. 

The sensitivity of the results in granular ground conditions to the location of the ground water level 

reinforces the duty of care of the designer to make reasonable assumptions about the expected ground water 

conditions and to take seasonal or tidal variances into account. 

8 CONCLUSIONS 

Various industry bodies published guidelines which introduce simplified methods to design working 

platforms on cohesive and granular subgrade conditions to assist geotechnical practitioners with the design 

and the verification of working platforms for tracked construction plant. This paper compares the key 

elements and principles of the BRE470 method and the more recently developed TWf2019:02 method. 

The design of temporary working platforms requires the reliable input of the applied loading conditions of 

tracked or stationary construction plant. In most cases, dynamic effects are not considered in the design of 

working platforms. However, in the case of piling plant, dynamic effects should be considered. 

For the example working platform on firm/ stiff clay or medium dense sand (with groundwater levels of 

more than 1.5m below ground surface), both methods provide comparable results. The TWf2019:02 method 

provides more economical results in loose to medium dense, granular subgrade with high ground water 

tables. The TWf2019:02 method also allows for ground models with multiple soil layers. As a result, this 

method is more complex in its application, which need to be considered by the platform designer. 

The design of working platforms is a high-risk activity and should only be carried out by experienced 

geotechnical practitioners with sufficient knowledge and experience in the field of working platform design 

and certification. It is strongly recommended that the design and certification of temporary working 

platforms is carried out or certified by competent and locally registered Chartered Professional Engineers. 
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ABSTRACT 

The lateral load transfer between a pile and laterally spreading ground during an earthquake is a 

complex soil-structure interaction problem given the significant nonlinear behaviour of soils during 

such an event.  This interaction becomes more complex when piles are used as a retaining system in 

close proximity to a free face/slope (e.g. river beds and coastal areas), which will likely suffer 

evacuation during an earthquake. 

Common practice design methods rely on an iterative procedure which combines the Newmark 

Sliding Block theory and Limit Equilibrium analysis to predict the permanent soil displacements 

and yield accelerations of the slope.  This is usually followed by the use of specialized 

piling/retaining wall software to ensure strain compatibility is reached.  However, this approach 

needs to be adapted to consider the detrimental effects of evacuation on the mobilised shear forces 

and bending moments within the pile. 

To validate previous adaptations to the commonly accepted approach, time-history analyses have 

been undertaken on a range of selected earthquakes.  The finite element (FE) modelling abandons 

the Newmark Sliding Block premise of a rigid soil block movement and enables a more accurate 

prediction of the likely evacuation profile in a post-seismic scenario.  Furthermore, it provides a 

range of likely displacement for the piles, together with an envelope of structural forces to be 

accommodated by the structural design of the reinforcing elements.  This paper discusses the 

assumptions and outcomes of the FE and presents a comparison between the FE and the modified 

pseudo-static design approaches. 
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1 INTRODUCTION AND BACKGROUND 

Liquefaction-induced lateral spread typically involves the lateral displacement of large and relatively intact 

blocks of soil down gentle slopes or towards a free face, such as a waterfront or riverbank.  It occurs as a 

result of liquefaction of relatively shallow underlying strata during a seismic event and movement of non-

liquefied material above the liquefied layer.  It can be a major cause of damage to infrastructure located near 

waterfronts during and potentially after earthquakes.  These displacements are usually permanent and range 

from a few centimetres to a few meters. 

In New Zealand, Auckland Transport have decided 

to upgrade the resilience of Auckland City’s 

waterfront, as part of the Auckland Downtown 

Infrastructure Development.  This includes an 

existing seawall, which provides support to the 

Quay Street carriageway, footpaths, as well as a 

large number of buried utility services and provides 

access to the Ferry Building and Auckland’s port 

(Figure 1).  The existing ground conditions at this 

location comprise reclamation fill overlying Upper 

Tauranga Group marine and Lower Tauranga 

Group alluvial sediments, which in turn overly East 

Coast Bays Formation (ECBF) material.  During 

Ultimate Limit State (ULS) levels of shacking, 

sandy materials within the reclamation fill, and 

isolated lenses within the Upper Tauranga Group 

(UTG) are considered susceptible to liquefaction, with the remaining fine-grained horizons within both strata 

considered susceptible to cyclic strength loss.  Limit equilibrium (LE) analysis has suggested that lateral 

spreading is likely to occur, following the triggering of liquefaction and cyclic softening, due to propagation 

of a slip surface between liquefied and cyclically softened lenses of the UTG sediments. 

To reduce lateral spread induced damage, a reinforced concrete palisade wall is proposed along a circa 300m 

section of the Quay Street seawall which is to be built landward of the existing seawall (Figure 2), due to 

infrastructure and environmental constraints, as well as the historic/heritage value of the latter.  Nevertheless, 

a key consideration in the design was that the existing seawall would be allowed to potentially fail, during 

the design earthquake event, leaving the proposed palisade wall to act as a retaining solution to limit the 

horizontal displacements at the surface.  Along the remaining length of the seawall, a solution comprising a 

series of jet grout shear walls has been proposed to provide the necessary support to Quay Street, as 

documented in Neves et al. (2020). 

Neves and Naylor (2020) provide an 

overview of the simplified methodology that 

has been developed for the design of piled 

walls subject to lateral soil movement, 

combined with an evacuation scenario.  The 

proposed approach makes use of readily 

available software, whilst ensuring 

displacement compatibility between the 

required shear forces to meet overall stability 

requirements and the predicted soil/pile 

displacements. 

Figure 1: Site location plan [Auckland Council, 2020] 

Figure 2: Typical cross section of the proposed palisade wall 
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To validate this approach, and especially given the importance level of the works, finite element (FE) time-

history analyses have been undertaken on a range of scaled earthquake records using the software package 

PLAXIS 2D.  The selection of the appropriate records is outwith of the scope of this paper, however they 

have been based on a 1D site response analysis, undertaken to determine the effect of the site-specific 

superficial soils on the ground motion.  Ahead of the FE analysis, a selection and scaling of input ground 

motions, as well as the 1D site response analysis, was completed to confirm the peak ground acceleration 

(PGA) for liquefaction analysis and for the geotechnical design Quay Street strengthening structures.  

This paper summarises the validation of the simplified design approach when applied to one particular 

design cross section along the seawall.  Nevertheless, the authors of this paper have confirmed the 

applicability of the method to the remaining design cross sections. 

2 TIME-HISTORY ANALYSES 

2.1 Methodology 

The design approach to the time-history analyses has generally followed two separate stages: 

1. Calibration stage – to arrive at spectral accelerations at rockhead consistent to the subsoil 

classification of the site; and 

2. Design stage – to determine the performance of the proposed works for a range of soil conditions. 

However, it should be noted that the dynamic analyses undertaken as part of this paper are not based on 

effective stress principles, i.e., a fully coupled effective stress method has not been used to account for 

excess pore water pressure, flow of pore water through the soil and detailed modelling of the stress-strain 

behaviour of soil.  Alternatively, un-coupled analyses have been undertaken on two separate scenarios: 

a) Time history analysis for the proposed works with full strength soil parameters; and 

b) Time history analysis for the proposed works with fully liquefied/cyclic softened conditions. 

The rationale behind the above was the uncertainty with regards to the point in the time history at which the 

subsoils lose strength due to liquefaction and cyclic softening.  Therefore, by analysing these two extreme 

scenarios, upper and lower bound values of the evacuation likely to occur during a seismic event, as well as 

the structural forces in the palisade wall piles, are estimated. 

2.2 Assumptions 

In order to better capture the strain-shear modulus relationship of the different soils, the hardening soil (HS) 

small strain soil constitutive model has been chosen for the majority of the subsoils in analysis, with the 

exception of the seawall itself and the liquefied sandy subsoils.  For the latter, a Mohr-Coulomb soil material 

model has been assumed, with a 1MPa undrained Young’s modulus and maximum shear strengths of 7kPa. 

According to Idriss and Boulanger (2008), the magnitude of strain or ground displacement that will reduce a 

clay’s undrained shear strength to its residual value is difficult to assess and will depend on its sensitivity.  

For the fine-grained materials in analysis, and susceptible to cyclic softening, a reduction in their undrained 

shear strength to 80% of their peak has been adopted as suggested by Robertson and Cabal (2015).  A 

reduction to 80% of peak for fine-grained material has been considered adequate given the seismic 

environment of Auckland, with the materials not cyclically softening further towards residual strength, given 

that these have been classified as relatively insensitive (average sensitivity of 3) in accordance with Idriss 

and Boulanger (2008). 
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As mentioned in Section 1, the selection of the appropriate earthquake records has been based on a 1D site 

response analysis.  A number of parameters were considered in the ground motions selection, which included 

shear wave velocities, ground motion records from normal faulting earthquakes and New Zealand specific 

ground motion records, where available. 

For the purpose of this paper the Pacific Earthquake Engineering Research Center (PEER) records 

summarised in Table 1 and Figure 3 have been used in the time history analyses. 

Table 1: Selected ground motion records for time history analysis. 

PEER Record Number Earthquake Name Scale Factor 2500yr Magnitude 

479 Lazio-Abruzzo_Italy 2.82 5.8 

3624 Taiwan SMART1(33) 2.19 5.8 

3861 Chi-Chi_Taiwan-05 2.06 6.2 

  

 

Figure 3: Selected scaled ground motion records for time history analysis 

To optimise analysis time, and since the selected earthquake records have tail ends with circa null 

acceleration, these have been shortened to optimise analysis time.  Each of the scaled earthquake records has 

been introduced at the base of the FE models and allowed to freely amplify within it, with horizontal 

accelerations at both surface and rockhead levels monitored throughout the time history analysis. 

For the calibration procedure, it has also been assumed, at rockhead level, a site subsoil classification of 

Class B is appropriate for design, in accordance with the Bridge Manual (NZTA 2016).  As a result, the 

earthquake records listed above, and applied at the bottom of the FE models, have been scaled to ensure that 

the measured horizontal accelerations at rockhead level were consistent with a Class B subsoil response. 
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2.3 Calibration 

The calibration exercise has mostly comprised of an iterative process of discretely adjusting the scaling 

factor of each earthquake record, at each design cross section of analysis, and measuring how the motion 

amplifies through the model.  To minimise the effect of the presence of the seawall on this calibration 

procedure, monitoring points a minimum of 50m away from the seawall have been used in the numerical 

models.  Figure 4 illustrates a typical output of horizontal acceleration at the base of the model and at 

rockhead and for one particular earthquake record at one of the design sections. 

  

Figure 4: Example of horizontal acceleration plots at base of model (left) and rockhead (right) for 

earthquake record RSN479. 

The pseudo spectral acceleration (PSA) at both 

rockhead and surface have then been compared 

against the traces for Subsoil Classes B, C and D, 

as presented in Figure 5.  The PSA from PLAXIS 

has been determined for a damping ratio of 5% and 

a maximum period of 2s and it shows that the 

chosen amplification factors are consistent with a 

subsoil Class B design spectrum at rockhead, and a 

subsoil Class C design spectrum at surface. 

 

 

2.3.1 Outputs of the dynamic analysis 

As outlined by Neves and Naylor (2020) in their simplified design approach for this sort of problem, there 

are two crucial inputs that impact on their proposals (both validated as part of the dynamic FE analysis): 

• Depth of evacuation – which controls the post-earthquake retained height and, although it can be 

initially estimated using LE pseudo-static models, may require numerical modelling depending on 

the importance level of the structure to design and the projected post-evacuation profile. 

• Soil block movement – which informs the lateral soil displacement profile and its magnitude, thus 

governing the stresses the shear piles are subjected to. 

2.3.2 Depth of evacuation 

The dynamic analysis has corroborated that, throughout the design seismic event, evacuation may occur on 

some of the cross sections of the proposed palisade wall.  This will naturally contribute to a reduction in 

lateral support and increased pile deflections, which corroborates the original assumption in Neves and 

Naylor (2020) that the palisade wall acts as a flexible system.  Therefore, it is appropriate to adopt yield 

Figure 5: Example of measured PSA at surface and 

rockhead for earthquake record RSN3624 



 

6 

 

accelerations within the displacement compatibility procedure of the proposed simplified design approach, as 

opposed to considering full seismic load. 

On the other hand, the depth of evacuation has also been found to be heavily dependent on the subsoil 

material properties.  In fact, for the two different scenarios described in Section 2.1, entirely different depths 

of evacuation have been estimated, with larger values derived for fully liquefied/cyclic softened conditions.  

Table 2 summarises the depth of evacuation and maximum horizontal deflection of the palisade wall at one 

of the design sections. 

Table 2: Summary of total displacements in front of the seawall and associated depths of evacuation for the 

design cross section. 

Earthquake 

records 

Maximum total displacement in front of 

palisade wall [mm] 

Depth of evacuation from top of 

palisade wall [m] 

Full strength soil properties 

RSN479 <600 0.1 

RSN3624 <600 0.1 

RSN3861 <600 0.1 

Fully liquefied/cyclic softened soil properties 

RSN479 <3600 2.6 

RSN3624 <2400 1.7 

RSN3861 <9600 3.2 

 

The values in Table 2 represent upper and lower bound limits, with the true behaviour of the system to be 

somewhere within those boundaries.  Therefore, for this particular cross section an average depth of 

evacuation of 2m below top of palisade wall has been considered in the simplified design approach.  This has 

been based on the overall geometry and stratigraphy at this location, as well as the existing seawall 

foundation level and embedment. 

2.3.3 Soil block movement and pile lateral deflection 

As discussed in Neves and Naylor (2020), a few adaptations have been proposed to the common practice 

design methods for shear piles resisting lateral spread.  These typically ensure displacement compatibility 

between the displaced soil mass and the mobilized pile resistance by: 

• Combining the Newmark Sliding Block theory and Limit Equilibrium analysis to predict the 

permanent soil displacements, depth of failure and yield accelerations of the slope; and 

• Use of specialized piling/retaining wall software (e.g. LPILE or equivalent) to ensure displacement 

compatibility is reached. 

The proposed modifications in Neves and Naylor (2020) relate to the adaptation of the above general method 

to a scenario where lateral movement is combined with evacuation.  The modifications include the choice of 

soil springs along the evacuated soil depth, as well as the shape of the lateral soil movement profile to use in 

the shear pile design.  Instead of assuming that full lateral displacement takes place above the liquefied layer, 
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decreasing linearly to zero (MBIE, 2016), Neves and Naylor (2020) propose to use an equivalent linear 

variation soil block displacement profile, with the same average value as determined by the Newmark 

Sliding Block analysis.  The FE analysis results have been used to validate this proposal, with Figure 6 

summarising the soil block movement, as well as pile lateral deflection profiles, from both simplified 

approaches and FE analysis. 

 

Figure 6: Soil block movement and pile lateral deflection profiles for full strength and fully liquified/cyclic 

softened conditions (time history analysis) versus simplified design approach from Neves and Naylor (2020). 

Note that results for both subsoil conditions (full strength and fully liquified/cyclic softened) are reported for 

completeness.  Naturally, larger soil block displacements and pile deflections are reported for fully 

liquified/cyclic softened conditions.  The soil block displacement estimate has been measured 1.0m behind 

the proposed palisade wall within the PLAXIS models. 

3 COMPARISON OF SIMPLIFIED DESIGN PROCEDURE VERSUS DYNAMIC 
ANALYSIS 

The plots on Figure 6 present the outcomes of the FE dynamic analysis as well as the simplified design 

approach proposed by Neves and Naylor (2020).  The latter makes use of the alternative lateral soil 

movement profile, which varies linearly with depth, albeit with the same average value as the Newmark 

Sliding Block estimates. 

The comparative exercise suggests that the proposed simplified approach agrees reasonably well with 

dynamic analysis in terms of pile deflections, albeit forecasting higher soil block displacements.  This is 

thought to be the result of PLAXIS 2D not allowing for soil elements to extrude past the proposed palisade 

wall, which therefore limits the magnitude of displacement captured by the software. 

In terms of pile structural forces, the results of the simplified approach (Neves and Naylor, 2020) also agree 

well with the envelop of structural forces (shear and bending) derived in the FE modelling (Figure 7). 
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Figure 7: Shear forces and bending moments for full strength and fully liquified/cyclic softened conditions 

(time history analysis) versus simplified design approach from Neves and Naylor (2020). 

As anticipated, larger stresses are obtained in the FE analysis when considering fully liquified/cyclic 

softened subsoil conditions.  These are perceived as an upper bound of the forces acting on the piles and are 

a good match to the results of the simplified design approach, which is therefore deemed fit for design 

purposes. 

4 CONCLUSION 

It is generally accepted that the modelling of the lateral load transfer mechanism between pile and soil, in the 

case of a lateral soil displacement problem (e.g. lateral spread), is best approximated by specialist pile 

analysis software that can capture the non-linearity of this interaction.  However, such software is unable to 

also monitor the general ground and nearby structures’ response during a seismic event, which is particularly 

relevant when the asset to protect is located at ground and/or near surface, behind the proposed retaining 

system. 

Therefore, the reliance on time-history modelling not only offers a greater amount of meaningful information 

but can also result in significant overall construction savings for large scale and/or high importance level 

projects.  Nevertheless, these analyses are not only considerably more time and resource consuming, but also 

require a thorough understanding of the existing ground conditions, which is very unlike to fit in with the 

programme and budget restrictions of a typical civil engineering project. 

For the latter, a suitable design can be achieved when using the design procedure highlighted in Neves and 

Naylor (2020), although a careful selection of the material parameters in LPILE (or equivalent) may be 

required, as the default values may not yield a satisfactory answer.  For large scale and/or high importance 

level projects, the simplified procedure should still be used to help calibrate and validate the time-history 

analyses. 
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ABSTRACT 

The load transfer between liquefaction induced lateral spreading ground and jet grout shear walls is 

a complex mechanism.  The shear walls comprise rows of jet grout columns, constructed in a 

primary-secondary sequence to ensure the minimum required overlap, and are aligned parallel to the 

direction of the lateral movement. 

The displacements experienced by the shear walls generate shear, compressive and tensile stresses 

that need to be accommodated by the treated soil block without exceeding its capacity.  This is 

particularly relevant in the overlapping sections of the shear walls, to ensure that all columns act as 

a single block, as well as the inward and outward columns of the block, where the maximum 

compressive and tensile forces are generated. 

To ensure an appropriate load transfer throughout the height of the shear wall, standard design 

methods rely on empirical column overlap versus diameter ratios to establish the minimum 

geometry requirements of the shear walls.  However, these methods need to be adapted to suit a 

seismic design scenario as the available guidance for the design of in situ soil treatment shear walls 

appears to be limited to static load cases. 

To validate previous adaptations to the available design guidance for static load cases, time-history 

analyses have been undertaken on a range of selected earthquakes.  This paper discusses the 

assumptions and outcomes of the finite element modelling (FE) and presents a comparison between 

the FE and the modified pseudo-static design approaches. 
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1 INTRODUCTION AND BACKGROUND 

Liquefaction-induced lateral spread typically involves the lateral displacement of large and relatively intact 

blocks of soil down gentle slopes or towards a free face, such as a waterfront or riverbank.  It occurs as a 

result of liquefaction of relatively shallow underlying strata during a seismic event and movement of non-

liquefied material above the liquefied layer.  It can be a major cause of damage to infrastructure located near 

waterfronts during and potentially after earthquakes.  These displacements are usually permanent and range 

from a few centimetres to a few meters. 

In New Zealand, Auckland Transport have decided 

to upgrade the resilience of Auckland City’s 

waterfront, as part of the Auckland Downtown 

Infrastructure Development.  This includes an 

existing seawall, which provides support to the 

Quay Street carriageway, footpaths, as well as a 

large number of buried utility services and provides 

access to the Ferry Building and Auckland’s port 

(Figure 1).  The existing ground conditions at this 

location comprise reclamation fill overlying Upper 

Tauranga Group marine and Lower Tauranga 

Group alluvial sediments, which in turn overly East 

Coast Bays Formation (ECBF) material.  During 

Ultimate Limit State (ULS) levels of shacking, 

sandy materials within the reclamation fill, and 

isolated lenses within the Upper Tauranga Group 

(UTG) are considered susceptible to liquefaction, with the remaining fine-grained horizons within both strata 

considered susceptible to cyclic strength loss.  Limit equilibrium (LE) analysis has suggested that lateral 

spreading is likely to occur, following the triggering of liquefaction and cyclic softening, due to propagation 

of a slip surface between liquefied and cyclically softened lenses of the UTG sediments. 

To prevent lateral spread, a series of jet grout shear walls is proposed along a circa 110m section of the Quay 

Street seawall which is to be built landward of the existing seawall [Fig. 2], due to existing infrastructure and 

environmental constraints, as well as the historic/heritage value of the existing seawall.  Along the remaining 

length of the seawall, an in-ground palisade wall solution has been proposed to provide the necessary support 

to Quay Street, as documented in Neves et al. (2020b). 

(a) 

 

(b) 

Figure 2: Typical cross section (a) and plan (b) of the proposed jet grout shear walls. 

Figure 1: Site location plan [Auckland Council, 2020]. 
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To validate the alternative approach presented by Neves et al. (2020a), and especially given the importance 

level of the works, finite element (FE) time-history analyses have been undertaken on a range of scaled 

earthquake records using the software package PLAXIS 2D.  The selection of the appropriate records is 

outwith of the scope of this paper, however they have been based on a 1D site response analysis, undertaken 

to determine the effect of the site-specific superficial soils on the ground motion.  Ahead of the FE analysis, 

a selection and scaling of input ground motions, as well as the 1D site response analysis, was completed to 

confirm the peak ground acceleration (PGA) for liquefaction analysis and for the geotechnical design Quay 

Street strengthening structures.  

This paper summarises the validation of the proposed design approach for seismic loading of jet grout shear 

walls, when applied to one particular design cross section along the seawall.  However, the authors of this 

paper have corroborated its applicability to the remaining design cross sections. 

For details on the methodology, assumptions and calibration of the time-history analyses refer to Neves et al. 

(2020b). 

2 DYNAMIC ANALYSIS RESULTS 

The following modifications have been outlined in Neves et al (2020a) to adapt the available guidance for 

the design of in situ soil treatment shear walls (FHWA, 2013) to seismic load cases: 

• Completion of a Newmark Sliding Block analysis to estimate the design horizontal yield 

accelerations for the assumed range of permanent displacements; 

• Quantification of the total active and passive seismic forces acting on the reinforced block, after 

completion of a limit equilibrium analysis to determine the likely depth of evacuation in front of the 

shear walls, as well as the depth of the slip plane above which lateral spreading may occur: 

o The active pressures below the slip plane are based on Mononobe-Okabe (M-O) theory and 

Wood and Elms (1990); 

o The active pressures above the slip plane (lateral spreading load) are determined based on 

the LE results; 

o The passive pressures are based on M-O theory, albeit adjusted for the post-seismic soil 

profile. 

Neves et al (2020a) have also highlighted the limitations of some of the procedures listed in the FHWA 

design manual (FHWA, 2013) to cover the internal stability checking of the shear walls, in particular vertical 

shearing and the outside toe crushing failures, in a seismic load case. 

Therefore, the following outputs from the FE dynamic modelling are critical to confirm the applicability of 

the proposals listed in Neves et al (2020a): 

• Quantification of lateral soil movement – which controls the pseudo-static yield acceleration adopted 

in the simplified design procedure; 

• Internal stability checks against toe crushing and vertical shearing – which within Neves et al 

(2020a) are undertaken based on modifications to the FHWA guidance (FHWA, 2013), in particular 

making use of a revised free body diagram of forces acting on shear wall; and 

• Confirmation that the maximum stresses (particularly tensile stresses) within the entire block do not 

exceed the tensile capacity of the material. 
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2.1.1 Quantification of lateral soil movement  

The simplified approach 

proposed by Neves et at. 

(2020a) relied on the Newmark 

Sliding Block theory to reduce 

the design acceleration from 

peak to yield at the expense of 

accepting some permanent 

displacement after a seismic 

event.  To validate this 

assumption, the horizontal 

displacements for both subsoil 

conditions (full strength and 

fully liquified/cyclic softened) 

are reported in Figure 6.  

Naturally, larger soil block 

displacements are reported for 

fully liquified/cyclic softened 

conditions.  The soil block 

displacement estimate has been 

measured circa 1.0m behind the 

proposed jet grout shear walls 

within the PLAXIS 2D models. 

 

 

 

2.1.2 Toe crushing stability check 

A gravity retaining wall 

always requires checking 

against overturning and 

excessive bearing pressures 

due to the uneven loading 

between the active and passive 

sides of the wall.  This is 

exacerbated during a seismic 

event and tends to induce large 

compressive forces at the 

outside toe of the wall.  

Therefore, the check against 

toe crushing (Figure 7) of a jet 

grout shear wall can easily 

become one of its governing 

failure modes. 

Figure 7: Toe crushing stability check for full strength and fully 

liquified/cyclic softened ground conditions versus simplified design 

approach from Neves et al. (2020a). 

Figure 6: Lateral soil block movement for full strength and fully liquified/cyclic softened 

conditions (time history analysis) versus simplified design approach from Neves et al. (2020a) 
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A maximum acceptable compressive load of half of the material’s unconfined compressive load (UCS), as 

recommended by FHWA (FHWA, 2013) has been adopted in the analysis. 

2.1.3 Vertical shearing stability check 

To ensure a rigid block behaviour of the jet grout shear walls, it is necessary to prevent the racking of each 

individual jet grout column.  This failure mechanism is governed by the shear capacity at the column 

overlaps, which in turn is a function of their spacing.  Naturally, the design aimed to optimise this distance 

and position the interconnected columns as far apart as practically possible.  In the numerical modelling, 

these zones have been modelled as “interfaces” with reduced shear strength and tensile capacity, equivalent 

to the localised area replacement ratio (Figure 8).  

 

 

 

Figure 8: Racking failure mode, adapted from FHWA (2013) and vertical shearing stability check for full 

strength and fully liquified/cyclic softened ground conditions versus simplified design approach from Neves 

et al. (2020a). 

We note that the simplified design approach reports a maximum shear stress between columns which is 

approximately half of the values captured by the FE modelling at the end of earthquake records.  Further 

commentary is provided in Section 3. 
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2.1.4 Maximum tensile stresses check 

Associated with the large compressive 

stresses at the outside toe of the jet 

grout shear wall, the dynamic 

modelling has also reported significant 

tensile stresses.  This appears to be the 

result of momentarily near loss of soil 

horizontal confinement at this location, 

which in turn results in a “pseudo” 

uniaxial state of stress, where values of 

3 (minimum effective principal stress) 

are progressively reduced until the jet 

grout tensile strength is reached and 

failure occurs (Figure 9).  In summary, 

the principal stress remains in 

compression yet the lateral stress goes 

into tension. 

In fact, the outside toe crushing failure 

mechanism has been found to be 

predominantly governed by the tensile 

strength of the jet grout, rather than its 

compressive capacity.  This has 

required the most seaward column of 

the proposed shear walls, in this 

particular project, to be formed with a 

larger diameter and higher average 

grout strength to satisfy this check.  In 

order to understand the variation in tensile stresses throughout the selected earthquake records, a series of 

monitoring points were pre-defined within the PLAXIS 2D models for each column.  Figure 10 depicts the 

variation and range of tensile forces from the top of the column (monitoring point 1) to the bottom of the 

column (monitoring point 6) for one particular earthquake record. 

 

Figure 10: Maximum tensile stresses check along the outside column for full strength and fully 

liquified/cyclic softened conditions during earthquake record RSN479. 

Figure 9: Principal tensions at failure of the outside toe for static 

and seismic load conditions (Neves et al. 2020a). 
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The plot illustrates how the minimum effective principal stresses starts off as either positive (compression) or 

close to nil at the start of the earthquake record (static conditions) and progressively decrease as the base 

acceleration is applied to the model.  Similarly to the compressive stresses at the toe, higher tensile forces 

and fluctuations are noted for fully liquefied/cyclic softened subsoil conditions.  

3 COMPARISON OF MODIFIED SIMPLIFIED DESIGN PROCEDURE VERSUS 
DYNAMIC ANALYSIS 

According to Figure 6, the permanent soil displacements estimated in the simplified approach proposed by 

Neves et al. (2020a) are a reasonable fit to the outcomes of the FE modelling, albeit closer to the values 

measured in the FE models with full strength ground conditions.  Although a conservative approach (as 

smaller permanent displacements lead to higher yield accelerations), the modelling validates the reduction of 

the seismic design acceleration from peak to yield. 

With regards to the toe crushing check, i.e. maximum compressive stresses at the base of the wall, the 

methodology proposed by Neves et al. (2020a) appears to return values in line with the FE results obtained 

from full strength ground conditions (Figure 7), whilst underestimating the values obtained from the fully 

liquified/cycled softened models.  The magnitude of the compressive stresses experienced by the shear wall, 

at its toe, are likely to be somewhere between the results captured by the two types of ground conditions. 

As depicted in Figure 8, both FE modelling and the simplified design approaches Neves et al. (2020a) have 

proven that racking failure is unlikely to happen between the overlapping jet grout columns.  Nonetheless, 

the simplified design indicates a maximum shear stress between columns which is approximately half of the 

values captured by the FE modelling at the end of earthquake records.  Therefore, the simplified approach 

does not appear to fully capture the consequences of the dynamic motion when the spacing between jet grout 

columns has been optimised and falls outside of the preliminary spacing guidance from the FHWA (2013). 

A significant drawback of the simplified design procedure presented in Neves et al. (2020a) is the inability to 

accurately capture the tensile forces at the outside toe of the shear walls due to the significant loss of 

horizontal support as reported by the FE analysis.  To overcome this limitation, Neves et al. (2020a) has 

proposed the following equation to be adopted: 

𝜎3 ≈ 𝜎1 − 2 × 𝑠𝑑𝑚 ≤
𝑓𝑡
𝐹𝑡𝑡

 

where: 

Given the limitations of the simplified approach to capture the maximum compressive stresses at the base of 

the wall, a conservative value of Ftt should be adopted to ensure that crushing of the outside toe is not the 

governing failure mechanism of the shear wall. 

Overall, the comparison between the FE modelling and simplified approach suggests the latter to 

underestimate the mobilised stresses within the shear wall for the earthquake records in analysis by circa 

factor of two.  This is thought to be result of a combination of the following: 

• sdm is the shear strength of the jet grout 

material; 

• fv is the coefficient of variation; 

• Fc is the FoS against crushing of the toe; 

• Ftt is the FoS for the allowable tensile 

strength at the toe; 

• 1 is the maximum principal stress (maximum 

compression at outside toe); 

• 3 is the minimum principal stress (maximum 

tension at outside toe); and 

• ft is the allowable tensile strength of the jet grout 

material. 
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1. The effective passive soil pressures acting on the shear wall are difficult to quantify with simplified 

calculations.  The simplified design procedure adopts a limit state design approach which fails to 

accurately capture any momentary loss of support as a result of the dynamic action.  Furthermore, it 

assumes that enough displacement occurs to mobilise all available passive forces; 

2. Literature review has revealed a non-uniform approach across the industry to the estimation of the 

tensile capacity of jet grout (often conservatively ignored) and a lack of guidance on a methodology 

to follow in order to estimate the maximum tensile stresses within shear walls comprising of 

overlapping jet grout columns. 

4 CONCLUSION 

The use of soil-cement columns to form embedded shear walls is relatively common, often adopted to 

support road/rail embankments and designed to withstand static lateral loading and enhance slope stability.  

For these scenarios there is readily available design guidance, which can be used to preliminary define the 

sizing and spacing of the proposed overlapping columns and then makes use of pseudo-static methods to 

carry out the necessary design checks.  However, no case histories or explicit standards have been  found in 

our literature review for scenarios where overlapping jet grout columns shear walls have been designed to 

resist liquefaction induced lateral spread with evacuation. 

An adaptation of the FHWA’s (FHWA, 2013) design guidance for jet grout shear walls has been presented in 

Neves et al. (2020a), which accounts for seismic and lateral spread loading.  The simplified design method 

presented therein offers possible adaptations to the internal and external stability checks to be carried out in 

such circumstances. 

This paper set out to validate this simplified design procedure by means of a time-history finite element 

analysis.  The latter is able to reproduce the dynamic response of the shear walls, throughout its full 

embedment, to a range of selected earthquake records.  The FE modelling has revealed the prevailing failure 

mechanism to result from a stress concentration at the toe of the shear wall, albeit not due to excessive 

compressive stresses but rather high tensile stresses in that area.  The latter appears to be the result of a near 

loss of soil horizontal confinement at this location, inducing a near uniaxial state of stress and most likely a 

result of the complex dynamic behaviour between shear wall and supporting soil, which cannot be captured 

in a simple pseudo-static type analysis. 

Time-history modelling offers the added advantage of providing meaningful information in relation to the 

surrounding ground response to an earthquake and can also result in significant overall construction savings 

for large scale and/or high importance level projects.  Nevertheless, these analyses are not only considerably 

more time and resource consuming, but also require a thorough understanding of the existing ground 

conditions, which is very unlikely to fit in with the programme and budget restrictions of a typical civil 

engineering project.  For the latter, a suitable design can be achieved when using the design procedure 

highlighted in Neves et al. (2020a), albeit with careful consideration of the jet grout properties to be used and 

adopting higher partial factors of safety than recommended in the FHWA (2013) for static load cases.  

Dynamic modelling can however be introduced as a value engineering exercise and may result in significant 

construction cost savings, if compatible with the design delivery programme.  Nevertheless, the FE 

modelling will always need to be checked against simplified methods to ensure their validity. 
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Design evolution of two NDRRA sites 

W. Li 
WSP Australia Pty Ltd, Brisbane, Australia. 

ABSTRACT 

This paper describes the design evolution of two NDRRA (Natural Disaster Relief and Recovery 

Arrangements) sites, designated as 9501 and 4551, damaged in March 2017 by Category 4 Severe Tropical 

Cyclone Debbie and associated intense rainfall and subsequent flooding. The sites were two of more than 

300 sites to be remediated in the South Coast Region in south east Queensland, mostly located in hilly terrain 

and/or with steep batters. The approach adopted for the two sites’ remedial works involved stabilising the 

slopes by combining soil nails and gabions. The design evolution and the choice of final remediating solution 

are discussed with emphasis on ground conditions, site topography, environmental and time constraints. The 

two case histories illustrate the approach and process for developing a cost-efficient remediation design 

while minimising environmental impact, and highlight the collaboration between the engineering disciplines 

and the Queensland Department of Transport and Main Roads (TMR).  

1 INTRODUCTION 

Severe Tropical Cyclone Debbie and associated rainfall and flooding caused significant damage to 

Queensland, Australia’s state-controlled road network, between 28 March and 6 April 2017. TMR managed 

the reconstruction works as part of Natural Disaster Relief and Recovery Arrangements (NDRRA) and 

engaged WSP Australia (WSP) to provide design solutions for more than 300 sites on TMR roads in the 

Gold Coast City Council, Scenic Rim Council and Logan City Council areas.  

The design and construction were to be completed before the 2018 rainfall season, meaning the design and 

documents had to be complete within 10 weeks of engagement. The accelerated design process required 

close collaboration between TMR and WSP, and between design disciplines involving the road, 

geotechnical, pavement and drainage. 

Twenty-nine of the 300+ affected sites needed geotechnical treatments. Some sites, mostly located in hilly 

terrain with steep slopes, heavy vegetation and varying ground conditions, presented unique geotechnical 

challenges. This paper discusses the design evolution of two of these challenging geotechnical sites; sites 

9501 and 4551. The design geotechnical acceptance criteria adopted were TMR Geotechnical Design 

Standards – Minimum Requirements dated 2015. The designs also needed to work within the constraints of 

NDRRA guidelines to reinstate the sites rather than develop solutions that would constitute an improvement. 
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This paper discusses the selection of final remediation solutions emphasising site constraints, geotechnical 

conditions, environmental restrictions and time constraints. The WSP – TMR collaboration, and those 

between geotechnical and other disciplines, are highlighted.  

2 SITE 9501 

2.1 Site location and slope conditions 

Site 9501 is located on an arterial road – the Mount 

Lindesay Highway (TMR Road No. 25B) near the 

border of New South Wales and Queensland, 

Australia. The site is a cut into the side of a hill, 

with a slope of about 1V:1H below the road. A 

landslip occurred on the slope below the road, 

removing the road shoulder (Figure 1). The slip size 

was about 30 m (L) x 7 m (H) x 3 m (D). 

Immediately after Severe Tropical Cyclone Debbie, 

TMR engaged another consultant to assess the 

failed slope and provide a remediation concept. 

Their proposed remediation, not based on detailed 

survey or geotechnical investigations, was a gabion 

wall with a 1V:1.5H rockfill slope behind 

(Figure 2). The slope’s total height was assumed at 

about 3.5 m.  

As WSP was engaged for the detailed design, a 

detailed site survey was subsequently carried out to 

1m grid at ±25 mm. It was identified afterwards that 

the failed slope was about 7 m high – much higher 

than the initially assumed 3.5 m.  

                                                                                             

It was known that the embankment contained a drainage pipe with the inlet about 3 m below the 

embankment. However, thick vegetation at the time of the site survey meant the pipe outlet could not be 

identified. Due to time constraints, TMR agreed to determine the associated work for the existing pipe outlet 

after it was exposed during construction.  

2.2 Geotechnical conditions 

One borehole (BH01-9501) was drilled at the site to a 15 m depth from the road level. The ground conditions 

were generally 0.5 m thick fill (road base), 4.5 m thick colluvium (stiff to very stiff silty clay/gravelly clay) 

followed by 6.6 m thick residual soil (stiff to very stiff sandy clay), underlain by extremely weathered 

coal/siltstone (Walloon Coal Measures) with very low strength. 

The failed section sat mainly within the colluvium material (Figure 2). 

2.3 Detailed design and site constraints  

The survey results showed the increased embankment height (from 3.5 m to 7 m) and indicated that the 

proposed gabion wall solution with rockfill batter (Figure 2) meant encroaching adjacent private property 

which would have been an unacceptable design outcome. The road shoulder had been partly washed away 

Figure 1: Damage to Site 9501 

Inferred slip surface 

Gabions 
Rockfill 

Pavement 

3.5 m 
Colluvium 

Figure 2: Initial design concept by another consultant 
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during the cyclone and TMR required its reinstatement to its previous width (2.5 m wide). This was not 

allowed for in the proposed concept design. TMR also required the road to remain open for construction 

work duration with minimum traffic disturbance. 

Based on the survey and geotechnical data, geometrical and boundary constraints and shoulder reinstatement 

requirements, WSP revised the design concept to a combination of soil nail and gabion solution. Soil nails 

would restore the existing slope to its required factor of safety and could be installed on the post-failure slope 

surface. To reinstate the 2.5 m wide road shoulder, a gabion wall founded at the toe of the soil nail slope was 

designed. Embankment fill (sandy clay) was backfilled in the void between the gabions and soil nail 

reinforced slope (Figure 3), with appropriate geotextile separator and drainage. 

 

2.4 Construction 

To identify the location of the outlet of the 

existing pipe relative to the proposed 

remediation works, a temporary excavation 

was carried out during construction to expose 

the outlet. It was found that the existing 

600 mm diameter pipe was damaged and 

silted up (Figure 4). A CCTV camera was 

used to identify the extent of damage and 

results indicated the entire pipe was damaged 

and needed to be replaced.  

The outlet of the exsitng pipe was located at about 

7 m below the road surface. If the pipe was to be 

replaced at the current level, pipe jacking would be required to allow the road to remain open during 

construction.  

However, TMR advised that pipe jacking was a significant cost and would also cause significant construction 

delay. Subsequently, WSP carried out a basic drainage study which assessed catchment area and water 

velocity. The solution was to install a new 750 mm diameter pipe at a higher level which would outlet onto a 

gabion mattress (Figure 3). The exisiting pipe was filled with grout and abandoned. This higher-level pipe 

Figure 3: Sketch showing adopted design 

Gabion 

Existing surface 

Existing pipe to be 

grout filled 

New pipe 

Soil nail 

Pavement  

~7 m 

Embankment fill 

~2.5 m 

Property boundary 

Fill 

Colluvium 

Residual soil 

Gabion mattress 

Figure 4: Existing pipe outlet exposed 
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reduced the excavation depth, saved construction 

time and significantly reduced construction risk and 

cost. A hydraulic study indicated acceptable flow 

dissipation on the gabion and mattress. 

Soil nail installation started in June 2018 and 

gabions were subsequently installed (Figure 5). The 

new pipe was installed into an open trench 

supported by shoring box. The trench was excavated 

one lane width at a time, this allowed the traffic to 

flow using traffic lights. The slope remedation 

works were completed within three months.  

3 SITE 4551 

3.1 Site location and slope conditions 

Site 4551 is located on Binna Burra Road (TMR 

Road No. 2021) in Lamington National Park, 

Queensland, Australia. The road at the site is 

approximately 5 m wide. A failure occurred on the 

down slope with a gradient of about 1V:1H (Figure 

6).  

The slumped area was approximately 8m long and 

had a 375 mm diameter drainage pipe protruding 

from the eroded soil surface just below the road 

level. The failure extended about 15 m vertically 

down the slope. The slope height was unknown 

(greater than 50 m) and approximately follows the 

same 1V:1H grade.  

It was inferred that the failure was associated with erosion from high velocity surface water flow from the 

culvert outlet, regressed towards the shoulder and road pavement.  

As the site is within the Lamington National Park, environmental approvals associated with some 

construction works were going to significantly impact the construction programme. Additionally, the 

existing steep slope below the road had limited access for personnel and machinery. Therefore, the design 

development needed to consider project constraints as well as the requirement to dissipate flow energy from 

the existing drainage pipe over the failed area.   

3.2 Initial concept options 

The following three options were considered at the initial concept design: 

• Option 1 – No remediation 

Undertaking no remediation was discounted immediately due to the risk of further road erosion. Heavy rain 

and flows from the existing drainage pipe would likely result in rapid loss of further material from the slope 

resulting in road closure. Binna Burra Road is the only access road to the Binna Burra Lodge resort and 

tourism businesses. Any erosion of the already narrow pavement would have cut off access and would not 

have been acceptable for local communities. 

  

Figure 6: Damage to Site 4551  
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Figure 5: Gabion wall installed 
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• Option 2 – Dumped rockfill 

Protecting the exposed slip slope with loose dumped rockfill was initially considered as a low-cost repair 

option due to its apparent ease of construction. Rock would be tipped from the existing road over the failed 

area and this option would not require access to the slope by personnel or machinery. It was disregarded for 

the following reasons: 

- Dumping the rock on such a steep, high slope would not allow the rock to be contained in the eroded 

area. The rock would likely continue rolling down the slope, leaving high uncertainty regarding rock 

volume and associated cost, as well as unquantifiable disturbance to vegetation – an unacceptable 

outcome. 

- Compaction and reinstatement of the road shoulder over the dumped rock would be difficult to 

achieve on the steep slope without a compacted subgrade base. 

• Option 3 – Gabions and an outlet structure 

A concept design for gabions and an outlet structure along the slope was prepared (Figure 7). The proposed 

structure would continue to about 15 m vertically from the road surface to cover the eroded area.  

This option resulted in about 130 m3 of rock filled 

gabions and mattress terraced into the slope at 1 m 

steps. Construction of the compacted and trimmed 

1 m steps would require access to the slope for 

personnel and machinery. It required time 

consuming and costly clearing, environmental 

approvals, and post-construction rehabilitation. 

Furthermore, accessing such a steep slope (1V:1H) 

posed significant Safety in Design (SiD) risks to 

personnel and machinery operators.  

Option 3 was abandoned due to unacceptable SiD 

risks, constructability issues, environmental 

impacts and time constraints. 

 

3.3 Further concept option development 

Following the initial concept design stage, it was realised that the concept options were not appropriate to 

remediate the site and a more robust solution was required. Additionally, it was assessed that a geotechnical 

investigation to collect geotechnical data and site survey were required as inputs in the development of 

concept options.     

3.3.1 Geotechnical investigation and site survey 

One borehole (BH01-4551) was drilled from the road level to an 8.6 m depth below the ground surface. The 

encountered ground conditions were generally 2.5 m thick fill, 3 m thick extremely weathered basalt, which 

is underlain by moderately weathered to fresh basalt (Beechmont Basalt) with medium to high strength. An 

outline of the ground conditions interpreted following the geotechnical investigation is presented in Figure 8 

(page 6). 

The site survey identified that a Telstra optic fibre cable was located at about 0.7 m depth near the edge of 

the failed slope. TMR discussed the cable with the asset owner, Telstra, to explore the possibility of 

relocating the optic fibre cable. Telstra’s initial advice indicated that a total of 3 km of cable would have to 

be relocated resulting in significant cost. Subsequently, design options were developed to protect the Telstra 

cable. 

Figure 7: Gabions along the slope  
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3.3.2 Design options to protect Telstra cable 

To protect the Telstra optic fibre cable and restore 

slope stability, two additional concepts were 

developed (Options 4 and 5). 

• Option 4 – Piled wall 

The piled wall option was considered and a typical 

cross section for this option is shown in Figure 8. 

The wall selected was an H-pile (UC310 steel 

column) set into bored piles socketed into the 

medium to high strength basalt.  

Precast concrete sleepers would then be guided into 

place and contained by the H-piles to form the wall 

facing and retaining structure.  

To construct the permanent bored piles for the H-

pile wall, a piling rig would need to be positioned 

on the edge of the carriageway immediately above 

the scoured face. The weight and vibration of this machine would cause further collapse of the scour face. To 

manage this risk, a temporary bored pile wall could be constructed just behind the face of the scour to 

support the piling rig. 

The existing Telstra optic fibre cable would be located by vacuum excavation and carefully exposed. The 

exposed cable could be protected in a split conduit during construction and locally relocated. 

• Option 5 – Realignment of Binna Burra Road 

Option 5 was to realign Binna Burra Road and move further away from the slip face. This would involve 

excavation on the high side of the road on the existing cut batter between about 2 m and 5 m high at the 

realignment. The length of work would be approximately 200 m and at a nominal 2 m away from the scour. 

The cost of traffic management, earthworks, pavement and drainage for a “like for like” carriageway 

standard would be substantial and would not allow for protection of the Telstra optic fibre cable located 

within 1 m from the scarp. 

Furthermore, the risk of subsequent erosion regressing into the pavement remained and scour protection 

construction would still be required. The cost of this option was assessed as substantially higher than 

Option 4 and as a result, was abandoned. 

3.3.3 Design options with Telstra cable relocated 

Option 4 – piled wall was identified as the solution meeting the geotechnical performance criteria. TMR did 

a cost estimate for this option and the result was about $1.3 million, which was substantially higher than 

what was budgeted for.  

A collaborative approach between TMR, design engineers and the contractor was initiated to develop a cost- 

efficient solution. It was identified that the Telstra fibre optic cable was the major restriction on the site and 

relocating the cable should be reinvestigated. An alternative cost-efficient slope restoration, such as soil 

nailing, was put forward.  

TMR contacted Telstra to discuss the relocation of the cable. After careful investigations and deliberations, 

Telstra advised that the cable could be permanently relocated to the other side of Binna Burra Road but only 

about 75 m of cable could be relocated. 

Figure 8: Piled wall option  
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Two additional design concept options (Options 6 and 7) were then developed based on the assumptions that 

75 m of the Telstra cable could be relocated. 

• Option 6 – Reinforced soil structure 

A typical cross section of this option is shown in 

Figure 9. It involves the excavation of the upper 

part of the slip slope down to a suitable founding 

material (i.e. extremely weathered basalt) and the 

installation of a Reinforced Soil Structure (RSS). 

A Terramesh system together with geogrid was 

selected for this option. 

A temporary soil nail wall would be installed to 

support the excavation for the permanent RSS wall.  

 

 

 

 

• Option 7 – Gabion wall 

WSP was advised that the RSS (Terramesh System) 

in Option 6 was not approved by TMR but the 

temporary soil nail wall was. In Option 7, a 

conventional gabion wall, together with the 

temporary soil nail wall were adopted.  

At the existing pipe location, a new junction box 

drop structure would be constructed (Figure 10). 

This would allow drainage flows to be discharged at 

the ground level after substantial flow energy was 

dissipated within the drop structure. This reduced 

the risk of future scour at the outlet.  

This option was assessed as cost efficient and time 

efficient and was adopted as the final design. 

3.4 Construction 

The construction started in August 2018 with the relocating of the Telstra optic fibre cable. Excavation was 

carried out and temporary soil nails were installed. Gabions were constructed and drop structure was cast in 

situ (Figure 11 – page 8). The construction was completed, and the road opened to public in December 2018 

(Figure 12 – page 8). 

Temporary 

soil nail 

Existing 

surface 

Pavement 

Terramesh 

system Geogrid 

Concrete 

capping 

Telstra optic fibre to 

be relocated 

Figure 9: Reinforced soil structure  

Temporary 

soil nail 

Pavement 

Gabion 

Existing 

surface 

New pipe 

Drop structure 

New pipe 

Existing 

pipe 

Protection 

mattress 

Figure 10: Gabion wall (final design) 
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4 LESSONS LEARNED 

The lessons learned from the design and construction of the two NDRRA sites are summarised below. 

• Slope stabilisation works can have many constraints such as topography, environmental restrictions, 

property boundary, site access, live traffic and time (including an approaching rain season).  

These constraints should be identified early in the process and considered when selecting appropriate 

remediation options. 

• Slope stabilisation works with many site constraints require ongoing collaboration between TMR, the 

asset owner, the design engineer and contractor. 

The following collaboration proved to be beneficial: 

- Design Engineer with TMR: share information and knowledge, identify key risk areas, accelerate 

approval, develop a cost-efficient solution 

- Design Engineer/TMR with asset owner: save construction time, decrease cost, reduce environment 

impact, improve safety in design 

- Design Engineer/TMR with contractor: share project experience, understand construction methods 

and associated constraints, develop a cost-efficient solution. 

• Geotechnical remediation works require collaboration between the geotechnical designer and other 

engineering disciplines. The following collaborations can be beneficial: 

- Geotechnical and road design: fit road geometry and road furniture into remediated slope 

- Geotechnical and drainage: identify impact of drainage on geotechnical design, fit drainage structure 

into remediated slope, design erosion mitigation, develop a cost-efficient solution 

- Geotechnical and pavement: develop pavement details over remediated slope. 

• Creative combination of well-known local remediation methods (and familiar to contractors) can offer 

cost-efficient design to a heavily constrained site. 

A combination of soil nail wall and gabions was adopted at both sites, each for different reasons. At site 

9501, a permanent soil nail was adopted to stabilise the existing slope with the gabions used to reinstate 

the road shoulder. At site 4551, a soil nail wall was adopted for the temporary excavation and gabions 

were adopted as the permanent retaining structure.  

• Detailed site survey should be carried out early to understand site constraints and features. 

Experience from site 9501 indicates that without a survey, design solutions can be misguided. At site 

4551, the Telstra optic fibre cable was found during site survey (and later in design development) and 

became a governing constraint of remedial solutions.  

Figure 11: During construction Figure 12: Construction completed  

Soil nail wall Drop structure 

Gabion basket 
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It is recommended that a detailed survey be carried out to extend beyond the failed area. If a detailed 

survey is not available, simple survey tool such as dumpy level and good engineering geology mapping 

can be deployed to obtain the approximate geometry, identify failure mechanism and assess slope failure 

risk. Any underground services should be accurately located at the early stage of the design development 

stage.  

• Geotechnical investigations are consistently beneficial to design solution and reduce overall risk for 

unforeseen ground conditions. 

• Geotechnical investigations consistently provide site specific subsurface condition information which 

forms the basis of option analysis and reduces potential for over conservative design assumptions leading 

to costly remediation design. 

• Underground services are to be relocated where possible and negotiated with the asset owner. 

The Telstra optic fibre cable at site 4551 was a governing constraint to remediation solutions. Relocating 

the cable greatly reduced the construction risk and allowed a cost-efficient remediation to be 

implemented. It is essential to engage and collaborate with asset owners during this process. 

5 CONCLUSIONS 

Geotechnical slope remediation works for NDRRA sites are subject to many constraints, including site 

topography, environmental restrictions, property boundaries, asset owners, safe site access, live traffic and 

time. These constraints are to be considered when selecting appropriate remediation options. Remediation 

works require collaboration between TMR, consultants, asset owners and contractors. Detailed site survey 

and geotechnical investigations are to be carried out to identify site topography, subsurface conditions and 

underground services. A combination of well-known and locally accepted geotechnical remediation 

measures may be adopted to produce a constructible and cost-effective solution without compromising safety 

while reducing environmental impact. The geotechnical remediation works require collaboration with other 

disciplines such as road, drainage, and pavement. 
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Liquefaction exposure and impacts 
across New Zealand State Highways 

A. Lin & L. Wotherspoon 
University of Auckland, New Zealand. 

D. Blake, B. Bradley & J. Motha 
University of Canterbury, New Zealand. 

ABSTRACT 

New Zealand State Highways are exposed to a range of natural hazards including earthquake triggered 

liquefaction and lateral spreading. Using a recently developed geospatial model, a framework to assess the 

liquefaction risk across the State Highway network was proposed, combining liquefaction probability, 

recurrence and potential socio-economic impact. To demonstrate this framework, liquefaction susceptibility 

and probability was estimated across the State Highway network for a set of ten earthquake scenarios. 

Overall exposure was measured for each network section by counting the number of earthquakes that result 

in a liquefaction probability of 40 % or higher (liquefaction recurrence). In addition, results were linked to 

the One Network Road Classification (ONRC) in order to quantify the potential socio-economic impact. 

Model outcomes suggests that network sections with a high liquefaction exposure do not necessarily lead to 

extensive consequences, and vice versa, suggesting that both exposure and impact are important to evaluate 

liquefaction risk across the State Highway network. Further research needs to include more seismic events, 

elaborate on network criticality, such as the consideration of indicators specific to freight movement, and 

take alternative routes as well as alternative transport modes into account. This research aims to support 

decision making processes regarding infrastructure investment, emergency planning and prioritisation of 

post-earthquake reconstruction projects. 

1 INTRODUCTION 

Liquefaction and lateral spreading can result in major damage to buildings and infrastructure, such as 

differential settlement of buildings, distortion of roads, or breakage of buried infrastructure (Mian et al. 

2013). Because of the presence of large regions of loose, young soil deposits and high seismic activity, much 

of New Zealand is prone to liquefaction-induced damage. One example is the 2010-2011 Canterbury 

earthquake sequence, when liquefaction and lateral spreading caused substantial damage to the built 

environment, including 60,000 residential houses and major parts of the urban infrastructure systems 
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(Cubrinovski 2013). To estimate the potential extent of affected properties and assets, liquefaction hazard 

maps are commonly used. However, obtaining information on soil properties, which is required to develop 

hazard maps, usually involves extensive field investigations (e.g. cone penetration testing) and the 

application of simplified liquefaction evaluation procedures (Boulanger & Idriss 2014; Zhu et al. 2017). 

When assessing distributed infrastructure networks, these methods may not be suitable due to cost and time 

required to adequately characterise long linear extents. In this case, prediction models based on geospatial 

data can be used as an alternative approach. Zhu et al. (2015, 2017) developed and updated a globally 

applicable model to predict liquefaction based on geospatial information, such as water table depth and 

near-surface shear wave velocity of soil deposits (details provided in the section 2). 

The paper uses the Zhu et al. (2017) model to estimate liquefaction susceptibility and probability for ten 

earthquake events across the New Zealand State Highway network. Because of its large spatial distribution, 

it can be disrupted in a range of different earthquake scenarios. This paper focusses on sections of the State 

Highway network that are predicted to be affected by liquefaction in multiple scenarios. Linking the results 

to the One Network Road Classification (ONRC), a framework to standardise the performance of New 

Zealand roads, provides further information on potential socio-economic impacts. 

2 GEOSPATIAL LIQUEFACTION MODEL 

Zhu et al. (2015, 2017) developed and updated a model based on globally accessible geospatial variables that 

can be related to liquefaction manifestation. Using logic regression, they evaluated each variable by 

correlating them to 22 earthquakes in the United States, New Zealand and Asia. They found that a 

combination of time-averaged shear wave velocity over the first 30 m of the soil profile (VS30, by Wald & 

Allen (2007)), water table depth (by Fan et al. (2013)), distance to closest water body (HydroSHEDS, 

OceanColor), precipitation (WorldClim) and peak ground velocity (by Stirling et al. (2012)) leads to the 

most promising results in terms of predicting the extent of liquefaction manifestation. A common limitation 

that was observed when applying the Zhu et al. (2017) model to different regions around the globe was the 

tendency to overestimate liquefaction in areas with high rainfall or for seismic events with large epicentral 

distances (Baise & Rashidian 2017). Another constraint arises from the input variables, which are retrieved 

from sources that use simplified methods and provide low resolution in order to achieve global coverage 

(except for peak ground velocity), possibly leading to spatial inaccuracy when applied on regional or local 

level. Despite these limitations, the model shows great potential for large scale liquefaction assessments, and 

proved to perform reasonably well for the 2010 Darfield and 2011 Christchurch earthquake (Baise & 

Rashidian 2017; Maurer 2017; Zhu et al. 2017). 

3 EARTHQUAKE SCENARIOS 

According to GeoNet statistics (n.d.), New Zealand experiences around 20,000 earthquakes per year, around 

30 of them result in moderate shaking (magnitude 5 or higher). The events discussed in this paper were 

chosen based on their (expected) ground shaking intensity and areal distribution, intending to achieve a 

maximum disruption of the State Highway network. Figure 1 presents the faults (red lines) on which the 

ruptures are predicted to occur and the location of the State Highways (grey lines). The simulation uses the 

updated National Seismic Hazard Model for New Zealand developed by Stirling et al. (2012). Each 

earthquake is expected to lead to a moment magnitude of 6.7 or higher, causing strong ground shaking. The 

probability of the rupture in the next 50 years ranges from 0.4 % (Wairoa North Fault) to 16 % (Hope Fault). 

Except from the Pahaua Fault, all faults are on-shore. Five of the faults are located in the North Island 

(Figure 1a), with the highest probability in 50 years being the Wairarapa Fault (4.1 %) and the Wellington 

Fault (5.8 %), both affecting the southern part of the North Island. On the Wairarapa Fault, a magnitude 8 + 

rupture occurred in 1855, which is assumed to be the largest seismic event in New Zealand since European 



 

3 

 

settlement (Rodgers & Little 2006). “Napier 1931” refers to the Hawke’s Bay earthquake in 1931, the most 

destructive earthquake in terms of casualties in New Zealand (NZMCH 2017). 

The remaining earthquakes are on four faults in the South Island (Figure 1b) with the Wairau Fault, Awatere 

Fault and Hope Fault primarily affecting the northern part of the island, and the Alpine Fault extending down 

the majority of the West Coast. The Alpine Fault is one of the longest (approx. 850km) and fastest moving 

plate boundary transform faults in the world (Berryman et al. 2012). A rupture propagating northwards 

(Fiordland to Kaniere) is expected to result in severe ground shaking (magnitude 7.9) and to affect much of 

the South Island infrastructure networks. The probability of an Alpine Fault earthquake in the next 50 years 

is 14 % based on the simulation model used in this paper (Stirling et al. 2012); however, research relying on 

other models suggests probabilities up to 29 % (Sutherland et al. 2006). 

All ten earthquakes result in strong ground shaking covering large areas of the State Highway network. The 

location of the faults indicates that State Highways in the northern central and southern part of the North 

Island, as well as in the west northern part of the South Island are more likely to be affected by at least one of 

the earthquake scenarios. However, this information is not sufficient to properly evaluate liquefaction 

exposure as soil properties vary across the country. Liquefaction susceptibility and probability also need to 

be calculated for each part of the network in order to identify the State Highways that could be affected. 

4 LIQUEFACTION EXPOSURE OF THE STATE HIGHWAY NETWORK 

The State Highway network is converted into a point feature class by creating points along the road 

centrelines with a spacing of 100 m. This high resolution allows for a detailed assessment of the network on 

both a national and regional level. Liquefaction susceptibility and liquefaction probability (for the ten 

earthquake scenarios) is then calculated for each point using the Zhu et al. (2017) model. 

Figure 1: Location of faults (including magnitude M of rupture) and State Highways on the (a) North Island 

and (b) South Island, New Zealand. 
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4.1 Liquefaction susceptibility 

Annual precipitation, water table depth, distance to closest water body, and VS30 are used to calculate 

liquefaction susceptibility for each State Highway point following the Zhu et al. (2017) approach. Figure 2a 

shows the liquefaction susceptibility map of the entire State Highway network. On a national scale, hotspots 

can be observed in the central area of the North Island and along both the East and West Coasts of the South 

Island. In general, parts of the network which are close to the coast seem to be more susceptible than parts 

located inland. This is a result of the input variable distance to water accounting for higher ground 

saturation, which is a main indicator for liquefaction susceptibility (Zhu et al. 2017). Focussing on 

Wellington and Christchurch on a regional level, emphasises that other factors contributing to saturation, 

such as water table depth, are relevant to susceptibility as well. Although both cities are in close proximity to 

water, the State Highways in Christchurch appear to be more susceptible to liquefaction than the State 

Highways in Wellington (except for southern end of the State Highway headed to CentrePort). Christchurch 

is situated on a sedimentary basin with low lying alluvial soil and a shallow groundwater level, increasing 

the likelihood of liquefaction across major parts of the State Highway network (Cubrinovski 2013). 

The assessment of liquefaction susceptibility is the first step to understanding the potential exposure of the 

infrastructure network on both a national and regional level. However, high susceptibility does not 

necessarily lead to high probability. State Highways which are highly susceptible to liquefaction but not 

prone to strong ground shaking may be less important for the hazard evaluation than less susceptible State 

Highways with a higher exposure to high intensity motions (Glassey & Heron 2012). Therefore, it is 

important to link the susceptibility results with ground shaking intensity in order to estimate liquefaction 

probability for each earthquake. 

Figure 2: Hazard maps of New Zealand State Highways showing (a) liquefaction susceptibility and (b) 

liquefaction recurrence based on a liquefaction probability of 40 % and above. 
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4.2 Liquefaction probability and recurrence 

Using the point format of the State Highways network, liquefaction probability is calculated for the ten 

ground shaking events leading to ten different liquefaction probability maps. In order to link the events to a 

combined hazard map, the number of earthquakes which result in a predicted liquefaction probability of 40 % 

or above is calculated in each network point. The percentage is chosen based on the results of a receiver 

operating characteristic analysis of liquefaction observation data from the Canterbury earthquake sequence, 

suggesting that a threshold of 40 % leads to the best prediction outcome regarding the question of whether 

liquefaction manifests or does not manifest. The recurrence value allows evaluation of liquefaction 

probability in a broader sense rather than in the context of a single event. Points are merged back to line 

features (sections) to represent the link between two State Highway intersections. The liquefaction 

recurrence of each section equals the maximum point value along the section. Although the section format 

has its limitations as it conceals the critical points along the section and tends to overestimates the recurrence 

value of longer sections, this format has been used because it better represents the features of a network 

(nodes and links) and because it is more compliant with the One Network Road Classification (ONRC) 

discussed in the following section. 

Figure 2b shows the recurrence map for the entire State Highway network. Low values can be observed in 

the north and in the lower central part of the North Island, as well as in the southern areas of the South 

Island. It is expected that these sections are unlikely to experience liquefaction manifestation and potential 

damage caused by any of the ten earthquake scenarios due to low susceptibility (Figure 2a) and limited 

exposure to high intensity ground motions (Figure 1). Moderate liquefaction recurrence (where around three 

of the ten earthquakes result in a liquefaction probability of 40 % or higher) can be found in the upper central 

part of the North Island, around Wellington and along one of the State Highways connecting the East and 

West coasts of the South Island. All these sections are highly susceptible to liquefaction and relatively close 

to faults. High recurrence (up to six out of the ten earthquakes result in a liquefaction probability of 40 % or 

higher) occurs mainly in the north and north western region of the South Island. These sections are in very 

close vicinity to the causative faults of these events, leading to high probability and recurrence even for 

sections with lower susceptibility, such as some inland State Highways on the South Island. 

A closer look at Christchurch shows that despite a consistently high susceptibility for all the State Highways, 

the link heading to the North seems to be the most exposed section in this area. The reasons for this are both 

the length of the section and direct crossings of the Wairau, Awatere and Hope Faults. A similar observation 

can be made for Wellington: Most of the network has a low to moderate susceptibility, but considering the 

recurrence results, the State Highways in the Upper Hutt are more likely to be affected by liquefaction than 

the State Highways closer to the city (Lower Hutt). 

The liquefaction susceptibility and liquefaction recurrence map provide valuable information about exposed 

State Highways on a national and regional scale. It should be noted that the set of earthquakes chosen for the 

assessment is very limited. Events on other faults need to be included to capture the full extent of seismic 

hazards and liquefaction potential. Nevertheless, the results show that a combined analysis of susceptibility, 

probability and recurrence can provide a suitable framework to assess liquefaction exposure. 

5 POTENTIAL IMPACT ON NETWORK PERFORMANCE 

In order to better understand liquefaction impact, potential socio-economic consequences as a result of 

disrupted network sections have to be included to the assessment. A strong earthquake may cause damage to 

various sections of the State Highway, but may not affect a large number of people or businesses and thus, 

not have a large socio-economic impact. On the other hand, the outage of a short but important section may 

significantly impede the traffic flow. 
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This paper uses the One Network Road Classification (ONRC) as a measure for network criticality. The 

ONRC is a framework developed by the New Zealand Transport Agency (NZTA) to support the 

management of New Zealand’s road network. It is based on indicators such as average daily traffic, 

population linked to the network and relevance for tourism. The classification consists of seven categories 

ranging from access (small roads which provide access to local facilities and the wider road network) to 

national high volume (major roads linking large population centres and transportations hubs) (NZTA 2013). 

Figure 3a presents the State Highways network categorised by ONRC, which uses a section format (road 

between two intersections) similar to the format introduced earlier in this paper. As State Highways generally 

have higher significance compared to local roads, the access category is not represented here. On the North 

Island, State Highways connecting the Auckland region and the Wellington region are classified national or 

national high volume. These sections are critical to the social and economic wellbeing as they link major 

populations (> 100,000) and carry large numbers of heavy commercial vehicles. On the South Island, the 

State Highway along the east coast is the most significant, being classified national and national high volume 

(Christchurch). It connects most of the hubs including larger cities, airports and seaports. State Highways on 

the South Island classified as regional or arterial (connecting the east and west coast, or located along the 

west coast) are primarily used for tourism. 

To link the ONRC with the outcome of the liquefaction exposure assessment, a numerical value from 1 

(secondary collector) to 6 (national high volume) is assigned to each ONRC category. The liquefaction 

impact is then calculated by multiplying the liquefaction recurrence (numerical value between 0 and 6 

representing the number of earthquakes that result in a liquefaction probability of 40 % or higher) with the 

ONRC indicator. A lower number represents lower impact meaning it is unlikely that a large number of 

people or businesses will be affected by a State Highway disruption as a result of liquefaction induced 

damage. On the other hand, a higher number represents higher impact, e.g. where a State Highway to a major 

city or seaport becomes unavailable. Figure 3 illustrates liquefaction impact measured for the entire State 

Highway network. On a national scale, the sections with low liquefaction recurrence also lead to low impact 

Figure 3: (a) One Network Road Classification (ONRC) and (b) liquefaction impact map of New Zealand 

State Highways. 
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(northern and lower central area of the North Island, and south eastern area of the South Island). Moderate 

impact can be found for the upper central part of North Island and the West Coast of the South Island. While 

the results for the State Highways on the North Island are more influenced by higher criticality (regional to 

national high volume), the outcome of the network sections on the South Island is instead driven by higher 

exposure. The State Highways with the highest impact are located along the northern and north eastern 

coasts of the South Island. These sections show both relatively high liquefaction recurrence and network 

criticality. 

The impact assessment demonstrates that some State Highways with moderate to high liquefaction 

recurrence (e.g. in the west central area of the South Island) do not necessarily result in high impact; thus, 

may not need to be prioritised during decision making processes regarding infrastructure investment or post-

earthquake reconstruction. However, the lack of alternative routes along the West Coast of the South Island 

restricting the accessibility for emergency vehicles, emphasises the need for other factors to be included in 

the criticality and impact assessment. Attention should also be paid to State Highways with lower 

liquefaction occurrence but high network criticality according to ONRC (e.g. in the upper central part of the 

North Island). Although the likelihood of a disruption caused by liquefaction is rather low, the consequences 

would affect a large number of people and businesses. These examples show that both exposure and impact 

are essential in order to understand the overall liquefaction risk and to make more appropriate decisions for 

the State Highway network. 

6 DISCUSSION 

Applying the geospatial model by Zhu et al. (2017), liquefaction susceptibility and liquefaction probability 

of ten earthquake scenarios across New Zealand was calculated. Liquefaction recurrence – the number of 

earthquakes that result in a 40 % or higher chance of liquefaction manifestation – was used to combine the 

events and quantify the overall exposure. The One Network Road Classification (ONRC) was used as an 

indicator for network criticality to assess liquefaction impact. The results showed that both exposure and 

impact need to be considered to properly evaluate liquefaction risk across the State Highway network. 

Further research needs to include more earthquake scenarios. The ten events discussed in this paper are 

appropriate examples to demonstrate the impact of major earthquakes (magnitude 6.7 or higher); however, 

all earthquakes that could potentially cause damage to State Highway sections should be assessed. In 

addition, more research on network criticality is required. Apart from the One Network Road Classification 

(ONRC), which works reasonably well to describe general criticality, other indicators more specific to 

transport services, such freight volume and value, or type of commodity, should also be considered to 

identify what business sectors (e.g. dairy, coal etc.) could be affected and to what extent (e.g. monetary loss). 

Another important aspect is the availability of alternative routes. The lack of redundant routes linking certain 

locations increases the criticality of a State Highway section in case of an event. In the same context, 

alternative transport modes (rail or coastal shipping) could also be part of future research. Rail often follows 

the path of State Highways and coastal shipping is less dependent on soil conditions (assuming harbours are 

able to operate). These options improve network redundancy and should be accounted for in a broader 

impact assessment. 

This paper introduced an approach to estimate liquefaction exposure and impacts across New Zealand State 

Highways by combining the output of a geospatial liquefaction model and the ONRC. Increasing the number 

of ground shaking events, elaborating on the criticality factors and taking alternative routes and transport 

modes into account can help improve the results of this research, which can be used to support decision 

making processes regarding infrastructure investment, emergency planning, and prioritisation of post-

earthquake reconstruction projects. 
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Managing ongoing debris flow risk in 

Roxburgh, Otago 

B.H. Mackey 
Otago Regional Council, Dunedin. 

ABSTRACT 

On 26th November 2017 a localised thunderstorm cell over the hills behind Roxburgh, Central Otago, 

produced up to an estimated 150mm of rain over a three-hour period. Four catchments experienced severe 

flooding and sediment movement (debris flows or debris floods), resulting in significant sediment deposition 

across the SH8 highway and within Roxburgh township. 

The small steep catchments behind Roxburgh span up to 1000m of relief, with broad low-relief headwaters, 

transitioning to confined channels which descend steeply towards the Clutha River. Significant development 

exists on lower gradient alluvial fans at the range front. In the 2017 event, sediment was nearly exclusively 

sourced from within the active channel bed, or from channel bank erosion, and significant quantities of 

readily mobilised sediment remain. Vertical channel incision (>5m) and bank erosion has destabilised 

adjacent slopes along large reaches of the channels, causing on-going landsliding. Precedent from previous 

debris flow events in these catchments suggests the threshold for large-scale sediment movement will remain 

lowered for up to 5 years, until vegetation can restabilise channel beds.  

The Otago Regional Council and other agencies have led efforts to manage the ongoing risk associated with 

debris flows in the Roxburgh area. This has included data collation (surveying, lidar, ortho-photography, rain 

gauge installation), expert geomorphic and engineering assessment, engagement with residents, and physical 

channel work. An assessment of engineering and aligned options aimed at further risk mitigation is currently 

underway. Physical mitigation options are constrained by channel steepness, excess sediment availability, 

and presence of existing urban development and critical infrastructure. 

1 INTRODUCTION 

The Roxburgh area, Central Otago, has a long history of debris flows and alluvial fan activity, typically 

associated with heavy rain during thunderstorms. Intense late afternoon rainfall on 26th November 2017 

caused debris flows and debris floods, where sediment laden floodwaters escaped at least four creeks within 

and near Roxburgh township, causing extensive damage to infrastructure and property. In this contribution 

we review the history and characteristics of these catchments which make debris flows an ongoing risk. We 



 

2 

 

describe the 2017 event, with a focus on the upper catchments which generated and controlled the transport 

of sediment, and describe post-event channel behaviour. Finally, we discuss the measures the Otago 

Regional Council (ORC) and other agencies are undertaking to manage the debris flow risk. 

1.1 Physical setting 

The township of Roxburgh is sited on an elevated terrace of the west (right) bank of the Clutha River, at the 

foot of the Old Man Range, locally known as the Bengar Faces (Fig. 1). Catchments draining the schist cored 

range are typically 2–6km2 in area, and span up to 1000m of relief. Creeks have broad low-relief headwaters 

before steepening down the face of the range through confined gorges to emerge on alluvial fans overlying 

terraces on the right bank of the Clutha River. There are multiple generations of extensive deep-seated 

landslides throughout the mid and lower parts of the catchments, which appear highly coupled to creek 

incision. 

The alluvial fans have been extensively developed for a combination of residential housing and intensive 

agricultural and horticultural uses. SH8 parallels the Clutha River and crosses a series of alluvial fans 

between Lake Roxburgh and Ettrick. The size of alluvial fans is controlled by the width of the terrace, with 

fans ranging from 0.1–1km in radius, with a surface fan gradient of approximately 0.1. Channels have been 

straightened and confined by banks to enable development across the alluvial fans. 

 

 

Figure 1: Oblique view of Roxburgh township (towards the west). The Clutha River and SH8 runs from right 

to left across base of image. Five catchments have been outlined. Inset shows location of Roxburgh in Otago. 

 

1.2 History of debris flows 

Debris flows have occurred historically in the Roxburgh area, with recorded events in 1938, 1978, 1993, 

2015, and frequent smaller localised events. The 1978 event affected a wide area, causing debris flows and 
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channel avulsion in multiple creeks. Reservoir Creek in northern Roxburgh aggraded and sent boulder debris 

through residential properties, prompting the construction of a 180m long concrete-lined chute, designed to 

rapidly convey flood waters and sediment down the alluvial fan surface to the Clutha River.  

Given the history of events and prominent alluvial fan landforms, the Roxburgh area has a recognised debris 

flow hazard (Woods 2011) and active alluvial fan landforms have been identified (Barrell et al 2009). 

2 NOVEMBER 2017 DEBRIS FLOW EVENT 

On 26th November 2017 an intense downpour was centred on the hills behind Roxburgh. Up to an estimated 

150mm of rain fell over a three-hour period (Dellow et al 2018), with 100mm falling in one hour during the 

peak of the event. Four Creeks near Roxburgh experienced high sediment loads and avulsed, depositing 

coarse sediment across their alluvial fans. Boulders up to 2m long were transported by the flows. SH8 was 

closed in 4 places due to deposition of debris across the road, and remained impassable for several days. 

 

Figure 2: Photos from 27 November 2017. A: Mid-reaches of Blackjacks Creek showing channel scour. B: 

View up Reservoir Creek with scoured channel bed. C: Lower Reservoir Creek in northern Roxburgh 

showing debris lobe built into Clutha River. Excavator is clearing the concrete chute. SH8 runs along top of 

image. 

 

At Reservoir Creek, the concrete chute filled completely with sediment and flows were routed through 

residential properties causing significant damage. A lobe of coarse sediment built out into the Clutha River, 

restricting channel capacity and forming a new series of rapids (Fig. 2C). Reconstructions of the event 

indicate that flows were initially efficiently conveyed down the concrete chute at an estimated rate of up to 

70m3/s, but sediment accumulated in the comparatively low velocity water of the Clutha River. During the 

event sediment reaching the end of the flume was unable to be transported away, and built up a lobe 

obstructing flow from the chute. This initiated a feedback whereby the chute quickly backfilled with 

sediment. Capacity under the SH8 bridge crossing the upper chute was reduced, and the bridge and railings 
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formed an obstruction causing avulsions across the lower fan. Fine sediment was carried up to 600m 

downslope along roads reaching the margins of the fan near central Roxburgh.  

 

3 CHANNEL AND CATCHMENT BEHAVIOUR 

3.1 Channel response to flooding 

Inspection of the catchments following the November 2017 event revealed the lower-gradient upper 

catchments were largely unaffected, but extensive channel scour and bank erosion (Fig. 2A-B, Fig. 3) 

occurred through the mid-reaches. Primary channels were scoured of vegetation and stripped of fine 

sediments for a length of up to 3.5km (Buech and McMorran, 2019a), with the depth of incision up to 5m.  

As noted by Dellow et al (2018) unusually for a large debris flow event there was little evidence for hillslope 

landsliding. Debris flows commonly initiate as a landslide which mobilises and travels down the channel, but 

across multiple catchments, nearly all sediment was sourced from the channel bed or from small slips along 

channel margins associated with channel erosion. 

 

 

Figure 3: Long profiles of four catchments near Roxburgh. Markers indicate the onset of full channel scour, 

and the transition from channel incision to aggradation, respectively. Annotation across the top denotes 

channel reaches of different flow behaviour. 

Analysis of the onset of channel scour across four catchments indicates a strong correlation between 

catchment area and channel slope (Fig. 4A). Using catchment area as a proxy for discharge, this suggests a 

strong stream-power control on the onset of channel scour. It is interpreted that once stream-power reached a 

critical threshold it was able to scour the channel bed and mobilise sediment into debris flows. 
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Common to all catchments, channels transitioned from incision and scour to aggradation and widening at a 

gradient of approximately 0.12–0.14. This transition from erosion to aggradation occurred up to 1km 

upstream of the alluvial fan topographic apex and it is independent of catchment area (Fig. 4B), suggesting 

channel slope controlled the change in flow behaviour. In the lower reaches, channel beds aggraded up to 

3m, and associated lateral erosion resulted in extensive bank scour and undercutting. 

 

 

Figure 4: A) Relationship between catchment area and channel slope where full channel bed scour initiated, 

suggesting a critical stream-power threshold controlling the onset of scour. B) The transition from channel 

scour to aggradation appears independent of catchment area, but occurred where channel slope dropped 

below approximately 0.12. 

On the developed alluvial fans, high flow volumes and the size of debris overwhelmed channel capacity 

sending flows across the fan surface. Constrictions such as culverts and bridges were unable to pass the 1-2m 

scale boulders, backed up and were common points of avulsion (Fig. 2C). 

3.2 Subsequent catchment behaviour  

Since the 2017 event, the threshold for further sediment movement has been lowered, with several less 

intensive rain events causing sediment movement and channel aggradation. This included ex-tropical cyclone 

Fehi in January 2018 (Dellow et al 2018), and further heavy rain in November 2018. The grain size of 

sediment mobilised in these subsequent events is typically smaller than the >meter-scale boulders moved in 

2017, with decimetre-scale cobbles and finer sediment dominant. Following the 1978 event, further episodes 

of sediment movement were documented until approximately 1983, when it is likely vegetation re-colonised 

the disturbed channels, and increased the threshold for the initiation of sediment transport. A similar period 

of reduced threshold for sediment movement appears to be occurring now following 2017 event. 

In the intervening years since the 2017 event, multiple deep-seated landslides have activated adjacent to 

deeply scoured or undercut channel reaches, most notably a 1.6ha bedrock landslide in the Golf Course 

Creek catchment which moved in November 2018 (Fig. 5). These landslides continue to supply sediment to 

the channels. 
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Figure 5: View up Golfcourse Creek showing a bedrock landslide which initiated in November 2018. This 

occurred adjacent to a section of channel that was incised up to 5m – see Figure 6. 

 

4 RESPONSE AND ONGOING MANAGEMENT  

4.1 Restoration and monitoring 

Following the November 2017 flooding event ORC staff undertook an aerial inspection of the affected 

catchments and alluvial fans, and worked closely with Central Otago District Council and NZTA to remove 

debris and re-establish channel capacity. Additional extensive channel excavation and clearance was 

undertaken along Stephensons Creek south of Roxburgh (Fig. 1).  

A bathymetric survey of the Clutha River in the vicinity of the sediment lobes was undertaken in late 2017 to 

assess the change in channel capacity due to the accumulation of sediment in the Clutha River. Hydraulic 

modelling (Webby et al 2018) indicated a slight increase in flood risk upstream of the Reservoir Creek at 

high flows, although this was offset by the probable erosion of sediment lobes during flood stages in the 

Clutha River. 

A telemetered rain gauge has been installed in upper the Reservoir Creek catchment and is available on the 

ORC website to allow residents to monitor rainfall, and enable relations between rainfall intensity and 

sediment movement to be assessed. In 2018 the exposed channel sections were top dressed with coated seed, 

although due to subsequent floods this appears to have had limited success in encouraging re-vegetation and 

stabilising channels. 

Two large landslides are being monitored to assess on-going patterns of movement, and a telemetered water 

level recorder has been installed on Reservoir Creek to monitor channel capacity during high flows. 
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Figure 6: Map of lower reach of Golfcourse Creek showing elevation difference between 2006 and 2019 

Lidar. The transition between erosion and scour to aggradation is evident in the elevation change of the 

channel bed. Channel runs left to right. The Nov 2018 landslide is shown in Figure 5. 

 

Lidar and ortho-imagery of the affected area was acquired in 2019 to assist with ongoing management and 

monitoring of the catchments. Comparison with areas of pre-existing lidar across the lower portion of the 

catchments reveals the extent of channel change caused by the 2017 floods (Fig. 6). 

Approximately 1000 m3 of sediment at the base of Reservoir Creek was removed in November 2019 to 

increase the sediment storage capacity between the base of the concrete chute and the Clutha River. This is 

intended to reduce the potential for the concrete chute to backfill during a future event. High flows in the 

Clutha River in December 2019 further eroded the sediment lobe. 

 

4.2 Longer term mitigation options 

Buech and McMorran (2019b) prepared a range of debris flow mitigation options for five creeks near 

Roxburgh. For creeks crossing rural areas, these focussed on protective bunding, increased culvert capacity 

under SH8, maintenance of channel capacity, and sediment retention structures. 

Reservoir Creek, which runs through urban Roxburgh (Fig. 2C), has greater constraints on mitigation options 

due to proximity to residential properties, and the existing concrete chute and debris flow protection 

structures. Potential mitigation options for this creek include maintaining channel capacity, removing the 

sediment lobe at the Clutha River, armouring natural channel walls above the concrete chute, and extending 

the walls along the concrete chute. Sediment retention structures above the alluvial fan, such as nets, were 

also assessed, but have limited effectiveness due to access difficulties, and the high channel gradient which 

limits the potential retention volume. 

Physical mitigation options, funding mechanisms, and other responses are currently being assessed by ORC 

and associated agencies. 
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5 CONCUSION 

Extreme rainfall in November 2017 caused debris flows and flooding across multiple catchments near 

Roxburgh. The steep catchments have a history of producing debris flows, and damaging property on the 

heavily developed alluvial fans at their base. The 2017 flows appear to have been triggered by high flows 

scouring the channel bed, rather than initiating as discrete landslides, as topographic control on the initiation 

of scour is common across multiple catchments. Landslides adjacent to deeply scoured channel reaches have 

activated since 2017, indicating a high degree of coupling between channel and hillslope processes. The 

ORC and other agencies have undertaken remedial work, expert assessment, and monitored the behaviour of 

the channels since 2017. This information is being used to work through a range of potential risk mitigation 

options. 
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ABSTRACT 

Tauranga is one of New Zealand’s fastest growing cities and port economies. The city is susceptible to 

many natural hazards therefore resilience planning is imperative to its future. As part of Tauranga City 

Council’s Resilience Programme, a city-wide liquefaction study has been completed, comprising 

geomorphic, land damage, and vulnerability mapping. 

The Western Zone study, performed to meet MBIE’s 2017 guidelines, explores liquefaction potential within 

an area of complex geology and geomorphology. Key terrains deemed susceptible to liquefaction include 

Alluvial Flood Plain, the Harbour Margin and areas of Land Reclamation. These terrains are separated by 

terraces of Pleistocene-aged alluvial deposits and ignimbrites. A standardised liquefaction assessment was 

derived with the Client’s project team and incorporated data sourced from the New Zealand Geotechnical 

Database, internal consultancy reports database and new ground investigations, resulting in 1236 test 

positions in a 77km2 area. Due to the low density and clustered nature of test positions, a qualitative risk 

assessment was completed following a lines of evidence approach; derived from liquefaction analyses with 

sensitivity checks, thickness of non-liquefiable crust, anticipated lateral spread hazard, and local geological 

knowledge. 

Key challenges to the study included: assessing the likely effects of landform moderation as part of late 20th 

century urban development in low lying marginal areas, pumice and clay content within sensitive 

volcaniclastic material, and inherent uncertainties in groundwater and seismic parameters used for the 

assessment. This study provides a template for achieving higher levels of detail whilst overcoming these 

technical challenges. 
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1 INTRODUCTION 

Territorial authorities across New Zealand require up-to-date liquefaction risk analyses to inform future 

vulnerability assessments and resiliency projects. The overall objective of identifying liquefaction risk is to 

inform future land-use planning and capital expenditure to minimise the disruption to municipal assets and 

the community, in the event of large-scale seismic events. 

Tauranga City Council (TCC) engaged Aurecon New Zealand Limited (Aurecon) to undertake 

geomorphological mapping, liquefaction hazard analyses and risk mapping for the Western Zone (Refer 

Figure 1). Tonkin and Taylor Limited (T+T) were engaged concurrently to evaluate the eastern area of the 

city, herein referred as the ‘Eastern Zone’ part of a joint study to assess Tauranga’s liquefaction 

vulnerability. 

 
 

Figure 1: Tauranga City Council Liquefaction Assessment Zone noting the Western Zone (green), Eastern 

Zone (blue), and Calibration Zone (white) (Basemap: TCC 2019). 

This liquefaction hazard study for the Western Zone was undertaken in accordance with the most recently 

published Ministry of Business, Innovation and Employment Guidance with the aim of achieving a Level B - 

Calibrated Desktop Assessment level of detail. (MBIE 2017). 

Similar liquefaction studies (T+T 2019a; Barrell 2019; Golder Associates (NZ) Limited 2019) have been 

undertaken across New Zealand using the same MBIE, 2017 framework. A previous Tauranga regional 

liquefaction hazard study, which included a significant portion of the Western Zone, was carried out in 

2002 and was reported in 2003 for the Western Bay of Plenty Lifelines Group (Opus 2002). 
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2 GEOMORPHIC SETTING OF THE WESTERN ZONE 

The geomorphic terranes established as part of the Western Zone were derived following the desktop review 

of published geological mapping, topographic mapping, academic and technical reporting, current and 

historical aerial imagery, groundwater levels, and relevant geotechnical testing data. All of this information 

was collated within a GIS-database. Within this database, the geomorphic terrains were mapped and land 

damage and vulnerability classification were later assigned following correlation of geomorphology with 

quantitative assessment. 

 

2.1 Geological Setting 

The Tauranga urban area is positioned at the south eastern edge of the Tauranga Basin, a semi-circular 

feature, 40 km long and 15 km wide, the eastern extent of which can be roughly defined by the current 

shoreline of the Tauranga Harbour, which reflects the extent of the Tauranga structural depression. The 

harbour is a typical shallow estuarine lagoon formed behind Matakana Island. 

Along with sporadic volcanic eruptions through the Pleistocene and Holocene, the basin has filled with thick 

sequences of sediments intercalated with tephras overlying basal ignimbrite flows. These sediments have 

formed a range of terrace features bisected by current streams draining north towards the harbour, creating a 

series of north-south trending ridgelines, mantled by volcanic ashes derived from the Taupo Volcanic Zone 

(TVZ). Active erosion and sedimentation has resulted in steeply incised gullies with poorly consolidated 

Holocene-aged sediments being deposited within the base of gullies and around the margins of the harbour. 

The geology of the Western Zone is described by the 1:250,000 scale Geological Map of the Rotorua Area 

(Leonard et al. 2010) and the 50,000 scale Geological Map for the Tauranga area (Briggs et. al. 1996). Both 

geological maps indicate that terraces at higher elevations (i.e. >20 mRL) are comprised of ignimbrite 

(identified as the oldest basin material). The most widespread ignimbrite is the Middle-Pleistocene (0.78 to 

0.1 Ma) Chimp Formation as mapped by Leonard et al. (2010), also known as the Te Ranga Ignimbrite as 

mapped by Briggs et al. (1996). 

 
 

Figure 2: A schematic diagram illustrating a typical cross-section of an 

alluvial terrace bounded by the harbour (Te Papa Peninsula/Maungatapu). 
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Following placement, the ignimbrites covering the study area were progressively incised and the eroded 

material redeposited as alluvium within the Tauranga Basin. This is where Early to mid-Pleistocene (2 Ma to 

50 ka) Tauranga Group alluvium and younger Quaternary alluvium has been mapped infilling river valleys 

and basins. The Tauranga Group includes the Matua Subgroup, which comprises terrestrial and estuarine 

deposits formed after the deposition of the ignimbrite and covers a wide range of ages (2.18 – 0.35 Ma) 

(Briggs et al. 1996). The Matua Subgroup rapidly changes in lithology and includes fluvial pumice deposits, 

lignites and peats with intercalated tephras. Figure 2 demonstrates a cross-section through a Pleistocene 

alluvial terrace. These geological units are mantled by unmapped Taupo Volcanic Zone Tephra layers 

broadly categorised into three distinct units: Younger (50 ka to present), Rotoehu (60 ka), and Hamilton (100 

– 350 ka) ashes. 

 
2.2 Geotechnical Investigations 

For this study, we undertook a review of readily available 

geotechnical information from both the New Zealand 

Geotechnical Database (NZGD 2019) and relevant reports 

held within Aurecon’s database from previous studies 

completed within the Western Zone. Areas with limited 

information were prioritised for additional CPT tests 

completed as part of the study. 

In total this study has accessed 1,236 usable CPT records, 

Table 1 presents the number of usable CPT within each 

geomorphic terrain within the Western Zone study area. 

 

2.3 Groundwater 

The Tauranga Harbour forms the northern and eastern boundary of the Western Zone, and the Wairoa River 

flows along the western boundary. Numerous streams flow south to north through incised gullies and wider 

alluvial river channels and flood plains through the Western Zone discharging into the Tauranga Harbour. 

Thick, unconsolidated sediment holds much groundwater, and is fed from the ranges and deeper levels. 

Generally Tauranga City has two hydrogeological regimes: Elevated terraces with groundwater surfaces >10 

metres depth and low lying areas in close proximity to surface water bodies with groundwater typical <5 

metres depth. 

A long-term groundwater modelling project has been undertaken separately for TCC (T+T 2019b). From this 

study a long-term groundwater surface has been modelled and provided for use in this liquefaction hazard 

study. For the purpose of the liquefaction hazard assessment we adopted the median (50th percentile) depth to 

groundwater model. Figure 3 shows the groundwater model extents and depths across the Western Zone 

study area. 

To model the effects of long-term sea level rise, we accounted for the groundwater level in 100 years’ time. 

This groundwater level has been modelled as the median depth to groundwater model provided by TCC with 

a nominal 1.25 m increase in groundwater level. The 1.25 m increase in groundwater level has been chosen 

to align with the predicted change in sea level by 2130 for an NZ RCP 8.5 (median) value derived by NIWA 

(2017) and adopted by the Bay of Plenty Regional Policy Statement for Natural Hazard Assessment. 

Table 1: Number of CPT data points by geomorphic 

terrain 

Geomorphic Terrain Number of useable CPTs 

Upper (Ignimbrite) Terrace 340 

Lower (Alluvial) Terrace 284 

Alluvial Channels 93 

Alluvial Flood Plain 184 

Harbour Margin 265 

Land Reclamation 70 
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Figure 3: Groundwater modelling extents used within the liquefaction assessment. (Aurecon 2020a) 
 
 

2.4 Tauranga Liquefaction Case History 

The key outcomes of the Western Bay of Plenty study (Opus 2002) identified the elevated terraces within the 

Western Zone as having “None” to “Minor” liquefaction susceptibility. Areas of lower elevation with a 

shallower groundwater table were identified as having “Moderate” to “Major” susceptibility with 

“Extensive” damage associated with lateral spreading, around major waterways. 

In addition to the previous liquefaction 

study, we undertook a literature review 

of historic cases of liquefaction within 

the Bay of Plenty Region. The largest 

seismic event the Bay of Plenty Region 

has experienced since 1843 was the 2 

March 1987 Mw 6.5 Edgecumbe 

Earthquake (Fairless and Berrill 1984; 

Dowrick 1988), with Tauranga City 

being located approximately 50 km 

northwest of the epicentre of the 

Edgecumbe Earthquake. 

Based on the peak ground acceleration 

attenuation model developed by Dowrick 

(1988 and 1989) at a 50 km distance 

from the epicentre, the PGA at the 

Figure 4: The Edgecumbe fault surficial expression following 

the 1987 Mw 6.5 Edgecumbe earthquake. (Leonard et al 2010) 

Western Zone study area was expected to be in the order of 0.06 g to 0.07 g. We note that under this level of 

ground shaking (0.06 g to 0.07 g) surface manifestation of liquefaction would not be expected. The 1987 

Edgecumbe Earthquake was likely in the order of a 1-in-25 to 1-in-50-year event at the Western Zone. 

The NZSEE Reconnaissance Report (NZSEE 1987) and Christensen (1995) identified liquefaction related 

phenomena were observed across the Rangitāiki Plains up to 25 km from the epicentre. 
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2.5 Geomorphic Terrain Derivation 

On the basis of the aforementioned desktop review we identified six key geomorphological terrains within 

the western zone (Aurecon, 2020b). These terrains are summarised in Table 2. 

Table 1: A summary of the geomorphic terrains 

 
Terrain Name Landform Predominant Geology (upper 10m) 

 
 

Land Reclamation 

 
Variable landforms associated with coastal 

reclamation, infilled gullies and landfills. 

Uncontrolled and engineered fill, reworked 

natural soils or construction waste > 3m. Could 

also include hydraulic fill/end-tipping of loose 

materials into water. 

 

Alluvial Flood Plain 

Alluvial Flood Plains characterised by low- 

lying flat topography and typically dominated 

by active alluvial processes. 

Undifferentiated Holocene-aged alluvium 

comprising gravel, sand, silt, mud and clay with 

localised peat; includes modern river beds. 

 

 

 

Alluvial Channels 

Active fluvial systems eroding older volcanic 

terraces forming steep-sided, typically narrow, 

north-south channels or small gullies. 

Characterised by colluvial / alluvial deposition 

typically at the base of gullies or within the 

upper reaches of stream valleys. 

Thin deposits of Holocene to recent-aged 

alluvium, colluvium or peat cover overlying 

predominantly Matua Subgroup silts/sands with 

in-situ and reworked tephra. The geology is 

inferred to be significantly influenced by 

underlying geological units. 

 

Harbour Margin 

Low-lying areas surrounding the present- 

day shoreline of the Tauranga Harbour inferred 

to be dominated by estuarine type processes. 

Variable combination of Holocene-aged 

estuarine silts and clays, beach sand or loosely 

poorly consolidated littoral/fluvial sands. 

 

Lower (Alluvial) 

Terrace 

Generally steep-sided terraces and sea cliffs (up 

to 30 mRL). The terraces typically comprising 

Pleistocene-age or older alluvium, with various 

interbedded ash and tephra deposits. 

 

Ash (maximum 5 – 6 m thick) covering Matua 

Subgroup alluvium. 

 
Upper (Ignimbrite) 

Terrace 

Steep-sided upper terraces (up to 60+ m RL). 

The terraces are inferred to include a thick layer 

of mantling ash covering ignimbrite deposits. 

 
Ash overlying thin Matua Subgroup alluvium 

and ignimbrite. Ash cover is >5 m thick. 

 
3 LIQUEFACTION ASSESSMENT METHODOLOGY 

In the early stages of the project, a Calibration Zone assessment was undertaken by both the Eastern Zone 

and Western Zone project teams in collaboration with the project peer reviewer to ensure consistency in the 

assessment process. A workshop was held prior to undertaking the full analyses of the respective Zones and 

comparisons were made of the methodologies that were established. 

In developing our analyses methodology, it was very apparent that liquefaction response behaviour was 

significantly governed by underlying geomorphic setting. For this reason, the study has selected to disregard 

the potential site-specific effects of filling and ground improvement. This is with the exception of the Land 

Reclamation Terrain where several metres of loose sand was placed to extend the natural shoreline. 
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The ability for subsoils to resist the effect of ground shaking associated with the design level earthquakes has 

been assessed from the subsoil information obtained from the CPT data. Liquefaction can have a number of 

effects on buildings, land and linear infrastructure. In our assessment we have considered the following 

effects: 

◼ Site geomorphology 

◼ Extent (both vertically and horizontally) of the liquefiable layers 

◼ Liquefaction-induced reconsolidation settlement 

◼ Liquefaction-induced ground damage, including lateral spreading 

The numerical components of the liquefaction assessment were computed using the references in Table 2. 

Table 2: Liquefaction Assessment Methodology 

 

Test 

Type 

Liquefaction 

Triggering 

Methodology 

 
Fines Content 

Liquefaction 

Cut Off 

Liquefaction 

Settlement 

Methodology 

Liquefaction Ground 

Damage 

 
Lateral Spreading 

 

 

 
CPT 

 
Boulanger and 

Idriss (2014) 

with a 15% 

probability of 

liquefaction (PL) 

 

 
 
Based on Ic 

with Cfc=0.0 

 

 
 
Based on a 

2.6 Ic cut off 

 

 
 
Zhang et al. 

(2002) 

Surface manifestation 

based on Ishihara 

(1985), LSN based on 

T+T (2013) and 

Technical Category 

Classification System 

(MBIE, 2012) 

 

Zhang et al. (2004) 

constrained with a 

subjective 

assessment based on 

channel size and set- 

back distance 

 
 

3.1 Design Earthquake Values 

To determine the design level of shaking TCC separately commissioned a Probabilistic Seismic Hazard 

Analysis (PSHA) assessment for Tauranga City (Bradley 2019). The design Peak Ground Acceleration 

(PGA) values from this PSHA study were adopted for this city-wide liquefaction hazard study and are 

derived from Vs30. Figure 5 shows the Vs30 model generated by Foster et al. (2019) and presented in Figure 1 

of Bradley (2019).  

 

Figure 5: Reproduction of Figure 1 of PSHA Report (Bradley 2019) 

Vs30 (m/s) 
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The level of ground shaking is one of the key factors in determining whether liquefaction will or will not 

occur. We analysed five levels of ground shaking associated with the following annual recurrence intervals: 

1-in-25-year, 1-in-100-year, 1-in-250-year, 1-in-500-year, and 1-in-1000-year earthquake. The adopted PGA 

values used in the Western Zone assessment, by geomorphic terrain type are presented in Table 3. 

Table 3: Design PGA Values by Geomorphic Terrain 
 

    Design PGA [g]  

 
Geomorphic Terrain 

Design Vs30 

[m/s] 
 

1-in-25 Yr. 

 
1-in-100 Yr. 

 
1-in-250 Yr. 

 
1-in-500 Yr. 

 
1-in-1000 Yr. 

Upper (Ignimbrite) 

Terrace 

 
400 

 
0.05 

 
0.10 

 
0.14 

 
0.18 

 
0.23 

Lower (Alluvial) 

Terrace 

 
250 

 
0.06 

 
0.11 

 
0.15 

 
0.19 

 
0.24 

Alluvial Channels 300 0.06 0.10 0.15 0.19 0.24 

Alluvial Flood Plain 250 0.06 0.11 0.15 0.19 0.24 

Harbour Margin 250 0.06 0.11 0.15 0.19 0.24 

Land Reclamation 200 0.06 0.11 0.16 0.20 0.23 

 
From the PSHA study and interpolating for the 1-in-250-year earthquake event, the adopted earthquake 

magnitudes are presented for each design earthquake event in Table 4. 

Table 4: Earthquake Magnitude with Return Period 

 
Return Period 1-in-25 Yr. 1-in-100 Yr. 1-in-250 Yr. 1-in-500 Yr. 1-in-1000 Yr. 

Mean Magnitude 6.1 6.1 6.2 6.2 6.3 

 

3.2 Surface Expression of Liquefaction damage 

As a preliminary screening we have used the method of Ishihara (1985) to conservatively look at areas where 

liquefaction induced surface manifestation, and hence a proxy to ground damage, is not expected based on 

the thickness of the non-liquefied layer. This method looks at the thickness of both the non-liquefiable 

surface layer and the underlying liquefiable layer. 

 

3.3 Liquefaction Severity Number 

The LSN approach has been adopted as the primary land damage assessment methodology for this 

liquefaction hazard study. With expected ground damage ranges and how they relate to characteristic LSN 

values being defined in MBIE (2017). Example photographs of different degrees of liquefaction induced 

ground surface damage are presented in Appendix A of MBIE (2017). 
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3.4 Lateral Spread Calculations 

For the Western Study zone, we adopted the empirical based method of Zhang et al. (2004) due to it being 

able to be readily run directly from CPT logs and hence well suited to being applied to area wide assessment 

using the currently available geotechnical information. The method is known to have several key limitations, 

including: 

◼ These empirical CPT correlations are based on a limited case history database of lateral 

spreading observations, and 

◼ Back analysis of observations of lateral spreading from the 2010-2011 Canterbury Earthquake Sequence 

have demonstrated significant differences between the observed and the predicted horizontal movements 

using empirical methods. 

For each CPT record in the geomorphic terrains of Harbour Margin, Alluvial Flood Plain, and Land 

Reclamation, we have calculated the Lateral Displacement Index (LDI) using Zhang et al. (2004) for: free 

faces between 1 m and 10 m height (H), for each of the five design earthquake events, for both current and 

future ground water levels assuming level ground and restricting the depth of influence to twice the free-face 

height (2H). The calculated LDI values have been based on the earlier liquefaction triggering assessment 

using the method of Boulanger and Idriss (2014) with a PL of 15%. 

 

3.5 Land Damage Assessment Methodology 

Our liquefaction damage mapping assessment has used a ‘lines of evidence’ geomorphic-driven qualitative 

approach combined with a ‘geo-statistical’ information derived from bulk analysis of the available CPT logs. 

The land damage mapping was assessed as follows: 

◼ An initial screening was undertaken to identified areas unlikely to be susceptible to liquefaction 

induced ground damage. Any areas which have a depth to groundwater mapped as greater than 10m 

depth for current and/or future ground water level are considered as having a limited, if any, 

susceptibility to liquefaction induced ground damage in accordance with Ishihara (1985). 

◼ A bulk liquefaction triggering analysis was then run on all CPT logs which are located within the extent 

of the groundwater model. This resulted in 926 out of the 1236 available CPT logs, or 75% of CPT logs, 

being included with the numerical analyses. 

◼ These numerical results were then grouped by geomorphic terrain type and assessed statistically to derive 

baseline land damage classifications for each geomorphic terrain type. Baseline damage ratings were then 

allocated by geomorphic terrain type for each of the ten earthquake-groundwater event combinations, i.e. 

five design earthquake events multiplied by the two ground water levels. From this, preliminary land 

damage mapping was undertaken on a geomorphic terrain specific basis and damage categories allocated 

based on MBIE (2017). 

◼ For the areas located outside of the groundwater model, typically along the southern edge of the Western 

Zone study area, the land damage category was extrapolated based on the mapped geomorphic terrain 

type. 

◼ The effect of lateral spreading was then accounted for by calculating setback distances as per Zhang et al. 

(2004). Where appropriate, the baseline liquefaction land damage rating was locally adjusted to account 

for the effects of lateral spreading. 

◼ Each of the ten baseline land damage maps were then manually checked and where required the land 

damage categories were locally revised to account for local deviations in quantified results from the 

statistical analyses, and changes in thickness of the non-liquefiable crust. 
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◼ With all this completed finalised liquefaction vulnerability categories were assigned based on the 

categories in MBIE (2017). 

Full details of the land damage assessment methodology can be found in Aurecon’s full report (Aurecon 

2020a). 

 
4 THE QUIET FALCON I 

Applying the methodology above across 1236 Cone Penetration Tests under five different earthquake events, 

two groundwater conditions, and several lateral spread calculations with terrain specific peak ground 

accelerations required extensive automation. In order to undertake these calculations, Aurecon designed an 

automated liquefaction assessment tool, Quiet Falcon I, to bulk analyse all the CPT data for each of the 

design events concurrently. This resulted in significant time savings and ensured quality and repeatability of 

outputs by minimising any human error in the analysis process. The result was the development of a 

software, which allows a bulk import of an unlimited number of CPTs from a geodatabase. Once the CPTs 

are uploaded, the earthquake event and groundwater table are assigned for each CPT. The output resulted in 

a CPT, their location, an indexed ground settlement, Liquefaction Severity Number (LSN), and a sensitivity 

check on the LSN based on minor groundwater changes. 

The results were then assessed using statistical comparisons (median, 15th and 85th percentiles) by terrain 

type to assess the variability of each terrain and how each terrain would respond to various earthquakes 

under two groundwater conditions. An example of the generated output plots for a given geomorphic 

terrain type can be seen in Figure 6. 

Figure 6: An example of the statistical assessment output undertaken for each terrain. (Aurecon 2020a) 

 
5 RESULTS 

The outcome of the liquefaction study resulted in the production of 10 land damage maps representing the 

five earthquake cases under the two different groundwater cases, and two liquefaction vulnerability maps in 

accordance with MBIE (2017), Table 1.1. These maps are intended to inform the general public and 

Territorial Authorities understanding of the predicted ground response under several earthquake scenarios 

and the anticipated effects of climate change on liquefaction vulnerability. TCC has since incorporated this 

into their publicly accessible online GIS tool with the supplementary technical report. The assessment also 

provides improved confidence in the validity of the outputs based on adopting the updated MBIE guidelines. 

Whilst the results of the liquefaction study largely aligned with the 2003 study, a higher resolution map was 

established due to detailed geomorphic mapping and increased data density. The refinement of the 

liquefaction model resulted in a 9% reduction of vulnerable land within the Western Zone. A key factor for 

these changes is the more refined geomorphological mapping exercise, which better constrained liquefiable 

terrains. 
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6 KEY RESIDUAL UNCERTAINTIES 

The scale of the TCC Liquefaction study means that many uncertainties needed to be accounted for within 

the assessment. A number of key uncertainties associated with the study were identified and include: 

◼ Variable geology across terrains including the presence of rhyolite-derived pumiceous soils, which have 

the potential to result in underestimation of soil strength upon testing, and the corresponding influences of 

these factors on our predictions of seismic response. 

◼ Influence of anthropogenic activities on geomorphic terrains which influence the assumed extents of the 

predicted liquefaction response and associated land damage 

◼ The spatial density and distribution of CPT locations is variable across the Western Zone and typically 

focuses on areas of recent development and linear infrastructure. 

◼ The regional scale groundwater model excluded approximately 32% of the Western Zone study area. Data 

from the unmodeled area was excluded from numerical calculations, requiring the extrapolation of 

predicted liquefaction damage based on correlation of geomorphological terrain 

◼ Inherent uncertainty in the application of the national PSHA model to a complex stratigraphy of rhyolitic 

tephras interbedded within a mix of heterogeneous alluvial and estuarine soils, often with a large 

pumiceous component, even with some calibration against local shear wave velocity measurements. 

◼ Finally, the region-wide assessment of lateral spread using the chosen method is recognised to have 

significant numerical uncertainty, but well suited to the use of CPT information and was able to be 

constrained with case history observations and engineering judgement. 

 
7 CONCLUDING REMARKS 

The Western Zone liquefaction study refines the previous work completed in 2003, utilising a higher 

resolution geomorphic map, and updated analytical methods using a larger data set. This has resulted in a 

more accurate interpretation of liquefaction hazard within the Western Zone from which TCC can make 

better informed decisions as part of their ongoing resilience programme. 

The analysis undertaken follows the latest recommendations and guidelines specified within MBIE (2017) 

and the most practical industry accepted methods for assessing liquefaction and lateral spread risk in New 

Zealand. The 2020 TCC liquefaction study was the first liquefaction risk study in New Zealand, which 

applies the updated liquefaction guidance from MBIE (2017), while further reducing uncertainty through 

geomorphological mapping, applying a city-specific probabilistic seismic hazard assessment, and a long- 

term monitored groundwater table.  

This study highlighted that local geological knowledge and understanding of landform is critical to land 

damage and vulnerability assessment; it removes unnecessary conservatism introduced through quantitative 

analysis in isolation and provides more realistic expectations of the ground response. In short, the 

geological input provided the very necessary ‘ground truthing’ of our numerical liquefaction analysis. By 

adopting this approach and despite not having the target data density as defined in MBIE (2017) for a Level 

C assessment, we have been able to arrive at a higher level of detail for our vulnerability mapping. A 

holistic ‘lines of evidence’ approach, combining geological understanding with numerical analyses, is 

recommended for future regional liquefaction studies where investigation data density is unlikely to be 

available.  

Given the high level of computation required, Aurecon’s Quiet Falcon I tool produced a data-rigorous output 

while saving the much-needed time required to evaluate all required scenarios for our interpretation. 
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More details on the specific assessments and the maps can be found in the 2020 Aurecon Report (Aurecon 

2020b) on Tauranga City Council’s webpage at: 

https://www.tauranga.govt.nz/living/natural-hazards/understanding-our-hazards-studies-maps-and- 

data/earthquakes-and-liquefaction/liquefaction 

 

8 RECOMMENDATIONS FOR FUTURE STUDIES 

While this study was one of the first to apply the MBIE (2017) guidelines to a city-wide liquefaction study in 

a dense urban area with reasonable level of investigation points, we note several improvements could be 

made for future major natural hazard studies: 

◼ A regional scale long-term groundwater model may not be necessary. However, a generic model could be 

established through using the hydrogeological relationship with surface-water bodies, in addition to well- 

bore consent information retained by local governmental authorities. 

◼ To further reduce seismic uncertainty, more detailed Probabilistic Seismic Hazard Assessment will be 

useful to refine peak ground acceleration models when compared to using the national level seismic 

assessment e.g. NZS1170, NZTA Bridge Manual Section 6.2. 

◼ A vulnerability assessment based on geomorphic terrains requires the terrain polygons to be finalised 

prior to commencing quantitative analyses. This will avoid significant geospatial and data management 

rework where boundaries are at risk of revision later in the project. As detailed by the MBIE (2017) 

guidance within a Level A assessment, it is crucial to incorporate geomorphology to further reduce any 

uncertainty established by detailed statistical engineering assessments. 

◼ Within every district or region-wide liquefaction assessment, local experience in the working area 

should be applied or heavily involved to ensure result validation and provide ‘ground truthing’ of 

numerical outputs. 

◼ An external peer review is crucial to ensure a robust methodology is in place prior to beginning 

the assessment. 
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ABSTRACT 

The State Highway network in Eastern Bay of Plenty crosses terrain with varied geomorphology and geology 

with a range of landslide types presenting a major geological hazard. This paper presents examples of recent 

landslides that have affected the highway network, including the underlying geological factors controlling 

landslide typology, and risk management approaches adopted under the Bay of Plenty East Network 

Outcomes Contract. The landslides typically had complex failure mechanisms dominated by translational 

rock slide components, occurring in Early Cretaceous greywacke, Late Tertiary sandstones and Early-Middle 

Pleistocene alluvial and marine sediments. Staged risk management strategies, which were often influenced 

by movement reactivations, included visual and survey monitoring, reactive and/or pre-emptive controlled 

operation of highway operation, and temporary or long-term engineered solutions. 

1 INTRODUCTION 

The Eastern Bay of Plenty has a highly varied geology and geomorphology, ranging from Pleistocene 

alluvial and marine sediments in coastal cliffs around Ōpōtiki, to bush-clad steep Cretaceous greywacke hills 

through the Waioeka Gorge. With approximately 600km of State Highway network crossing steep country, 

landslides are a common geological hazard to the road infrastructure. This paper is based on the experience 

gained with the Bay of Plenty East Network Outcomes Contract, during which a number of highway-

blocking landslides have occurred followed by risk mitigation measures to keep the highway corridor 

flowing. The landslides described in the paper are listed below and their locations are indicated in Figure 1: 
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• SH2 Son of Midway rock slide: translational rock slide, wedge failure in Early Cretaceous greywacke 

• SH2 Twin Faces landslide: shallow rotational / translational rock/debris slide in Early Cretaceous 

greywacke with very closely spaced discontinuities 

• SH35 Maraenui rock slide: translational rock slide in weathered Early Cretaceous greywacke 

• SH35 Runaway rock slide: translational rock slide, planar failure in Late Tertiary sandstones; 

• SH2 Waiotahi earth slide: shallow translational earth slide in Early-Middle Pleistocene alluvial and 

marine sediments 

 

Figure 1: Location of landslides described in this paper. 

Risk management strategies during initial response and remedial stages include: 

• Monitoring of sites: visual, manual survey monitoring and electronic/telemetered systems 

• Reactive and/or pre-emptive controlled operation of the highway: single lane operations, daylight only 

traffic, full closures  

• Engineered solutions: 

- Temporary: light blasting, scaling, heli-sluicing, concrete barriers, temporary rockfall fences 

- Long-term: slope reprofiling (earthworks), road realignment, rockfall protection structures. 

2 LANDSLIDES AND RESPECTIVE RISK MANAGEMENT STRATEGIES  

In this section, five landslides occurred in the Eastern Bay of Plenty are described. The terminology used for 

landslide classification follows Varnes (1978) and Cruden & Varnes (1996). The characteristics of each of 

the landslides are outlined, including the underlying geological factors, followed by the risk management 

measures applied to keep the road corridor flowing. 

2.1 Translational rock slide, wedge failure in Early Cretaceous greywacke  

2.1.1 Landslide characteristics 

The Son of Midway rock slide is located on SH2 in the Waioeka Gorge, between Ōpōtiki and Gisborne, at 

Route Position 334/6.40 (Waka Kotahi NZ Transport Agency, 2004). At this location, and through most of 
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the Waioeka Gorge, the road traverses the hillslope through cutting and sidling fill. The hill affected by the 

landslide is around 400m high with a general slope angle of 50°. 

The initial failure occurred in the afternoon of 7 July 2017, releasing about 3000 m3 of rock debris. The 

failure progressed overnight between 7 and 8 July 2017, releasing approximately more 5000 m3 of debris. 

These failures were triggered by sustained rainfall in the10-day period prior to the them, including two 

events in excess of 115mm/24h.The combined failures completely engulfed the highway (Figs 2a, 2d), 

leading to a full closure of seven days and one lane operation for approximately 14 days. Subsequent smaller 

failures (but larger than 100 m3) occurred during winter and spring 2017. The last known relatively large (> 

100 m3) failure occurred on 24 June 2018. Smaller failures continue to occur on a regular basis. 

The landslide can be classified as an active, retrogressive, multiple rock slide, with extremely rapid (> 5 m/s) 

rates of movement. This is a wedge failure, controlled by bedding (150/59 dip direction/dip) and a joint set 

(272/45), plus a tension crack on the back (222/75) (Figs 2b, 2e). 

The failed rock mass consists of weak to moderately strong, slightly weathered, greywacke comprising 

0.3-1.0 m thick sandstone beds interbedded with 0.1-0.3 m thick mudstone beds. Bedding and two main joint 

sets are steeply to very steeply inclined, closely to moderately widely spaced.  

   

  

Figure 2: SH2 Son of Midway rock slide. (a) first failure on 7-8 July 2017; (b) general view of the landslide 

after removal of the debris; (c) helicopter sluicing following the initial failure; (d) road level view of the first 

failure on 7-8 July 2017; (e) road level view of the wedge failure. 

a)

) 

b)

) 

c)

) 

d)

) 
e)

) 
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2.1.2 Risk management strategy 

Given the possibility of further failures affecting the site, the following measures were adopted to manage 

the risk to the clean-up crews initially and then to road users: 

• Initial “make-safe” stage: helicopter and UAV visual monitoring, helicopter sluicing of loose debris 

still sitting on the slope (Fig 1c), light localised blasting of relatively large unstable blocks still attached 

to the slope, hand scaling of smaller blocks. 

• Short-term solution:  

- First stage: UAV and road-level visual monitoring, terrestrial laser scanner monitoring, installation 

of temporary concrete barriers, use of spotters, single lane operation under good weather and 

daylight only, pre-emptive closure of the highway under severe weather warnings. 

- Second stage: installation of a temporary rockfall fence, construction of a temporary lane on the 

rock slide debris (i.e. realignment of the road away from the landslide face), two lane operation. 

• Long term solution: currently being developed.  

2.2 Shallow rotational / translational rock/debris slide in Early Cretaceous greywacke with 
very closely spaced discontinuities  

2.2.1 Landslide characteristics 

The Twin Faces Landslide is located on SH2 in the Waimana Gorge, about 12km south of Whakatāne, at 

Route Position 258/5.50. At the site the road was built through cutting and sidling fill. The hill is around 

130 m high with a general slope angle of 45°. 

The initial failure occurred on 8 August 2016 and was relatively small, releasing about 100 m3 of debris. 

Following ex-tropical cyclone Debbie on 6 April 2017, when more than 200mm of rainfall were recorded for 

a 48-hour period, a much larger failure occurred releasing approximately 2000 m3 of debris. A further failure 

occurred on 14 April 2017, following ex-tropical cyclone Cook. These two failures entirely blocked the 

highway (Fig 3a), leading to full closure of the road for a number of weeks while remedial works were 

undertaken (further discussed in section 2.2.2). 

The geology of the site consists of weathered greywacke mantled by pyroclastic fall deposits up to 

approximately 10 m thick. The rock mass can be described as moderately strong to strong, highly to 

moderately weathered, homogeneous mudstone (greywacke). Discontinuities are randomly oriented and very 

closely to moderately widely spaced. The pyroclastic deposits consist of interbedded layers of clayey silt, 

silty sand and sandy gravel, where the coarse particles are often pumiceous. 

The 2017 failures were of translational mode and involved mostly the pyroclastic cover sliding on top of the 

underlying rock. Subsequent smaller failures (but larger than 100 m3) occurred during winter 2018, this time 

involving rock from the lower parts of the slope. 

On 5 July 2019 another failure occurred, this time mobilising the lower two-thirds of the slope, entirely 

through rock (Fig 3c). A 1m headscarp was formed, extending nearly across the full width of the slope. 

Whilst the failure mobilised a large volume of material, the amount of debris that dropped onto the road was 

relatively small (a few hundred cubic meters). This failure was largely translational, but had a minor 

rotational component, with the head of the landslide slightly tilting back. 

As a summary of the events so far, the landslide can be classified as an active, enlarging, successive shallow 

rotational/translational rock/debris slide, with very slow (16 mm/year - 1.6 m/year) to extremely rapid (> 5 

m/s) rate of movement. 
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Figure 3: SH2 Twin Faces landslide. (a) failure on 6 April 2017 following ex-tropical cyclone Debbie; (b) 

reprofiling of the top (pyroclastic cover) following the 2017 failures; (c) 5 July 2019 failure through rock, 

involving the lower two-thirds of the slope; (d) telemetered and conventional monitoring system installed on 

the slope following the 2019 failure. 

2.2.2 Risk management strategy 

Given the nature of the 2017 failure, the initial measures were adopted: 

• “Make-safe” stage (2017): helicopter and road level visual monitoring, helicopter sluicing, clean-up 

with long reach excavator from the base. 

• Engineered solution (2017): top-down slope reprofiling of the top of the slope through the failed section 

in pyroclastic materials. 

Then in 2019, as detailed in the previous section, the landslide evolved (as often large landslides do), 

requiring a new risk management approach. The following measures were implemented: 

• Make-safe” stage (2019): UAV and road-level visual monitoring, conventional survey monitoring, light 

localised blasting, installation of temporary concrete barriers, use of spotters, single lane operation under 

good weather and daylight only, pre-emptive closure of the highway under severe weather warnings. 

• Long term solution: telemetered slope monitoring system with near-real time alerts (Fig 4d), rockfall 

attenuator (currently being built). 

b) a)

) 

c) d) 
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2.3 Translational rock slide in weathered Early Cretaceous greywacke 

2.3.1 Landslide characteristics 

The Maraenui rock slide is located on SH35 along the coast between Ōpōtiki and Cape Runaway, at Route 

Position 28/4.65. The rock slide affected a cut slope in a new section of SH35 built in 2010-2011 to bypass a 

section of the road which was irreparably damaged by a large landslide between Aug/2009 and Dec/2010. 

Details of the original failure and the road realignment are discussed by Read et al (2012) and Read et al 

(2013). The cut slope is around 45 m high, with an angle of 40°. 

Initial small (< 100 m3) failures started to occur in the week commencing 14 September 2015. These failures 

continued to happen for the following two weeks, until a large failure occurred in the early hours of 2 

October 2015. The trigger to these failures was a three-week period of sustained rainfall, including three 

events in excess of 60mm/24h. This large failure released around 1000m3 of debris, completely engulfing the 

road (Figs 4a-4c). The failed material continued to move for the following days, leading to nearly one week 

of full and/or partial closure of the road. Smaller failures continue to occur since then, leading to occasional 

partial closures of the road. 

  

  

Figure 4: SH35 Maraenui rock slide. (a) oblique view of the site following the main failure; (b) front view of 

the landslide; (c) top view of the landslide – note the pronounced tension cracking at the head of the 

landslide; (d) detail of tension cracking at the head of the landslide. 

 

b) a)

) 

c) d) 
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Sensitivity: General 

The failed rock mass consists of weak to moderately strong, highly to moderately weathered greywacke, 

comprising thinly bedded mudstone and localised moderately thin beds of sandstone. Bedding and one main 

joint set are very steeply inclined to subvertical, very closely to extremely closely spaced. Additional 

randomly oriented, closely spaced discontinuities also occur. The failure is of translational mode, with the 

nearly homogeneous failed material sliding on top of less weathered greywacke, likely controlled by relict 

structure. 

The landslide can be classified as an active, retrogressive, multiple rock slide, with very slow (16 mm/year - 

1.6 m/year) to rapid 1.8 m/h – 3 m/min) rate of movement. 

2.3.2 Risk management strategy 

Given the possibility of further failures affecting the site, to manage the risk to the clean-up crews initially 

and then to road users, the following measures were adopted: 

• Make-safe” stage: UAV and road-level visual monitoring, installation of temporary concrete barriers, 

use of spotters, single lane operation under good weather and daylight only. 

• Long term solution: the design for reprofiling the slip was completed in early 2016 but, given that no 

further large failures occurred, it was decided not to implement it. Concrete barriers remain in place, with 

visual inspections carried out yearly. 

2.4 Translational rock slide, planar failure in Late Tertiary sandstones 

2.4.1 Landslide characteristics 

The Runaway rock slide is located on SH35 along the coast between Ōpōtiki and Cape Runaway, at Route 

Position 106/9.02, close to the boundary between the Bay of Plenty and Gisborne regions. The main failure 

occurred on 24 July 2018, extending through the whole height (approx. 20 m) of the cliff adjacent to the to 

the highway (Fig. 5a). The failure was triggered by heavy rainfall in the previous 24 hours, associated with 

sustained rainfall over the previous two weeks. The failure released approximately 1000 m3 of rock debris, 

completely blocking the road. A secondary, smaller (< 20 m3) failure occurred on 7 August 2018. No 

significant failures are known to have occurred since then. 

The landslide can be classified as a dormant, retrogressive, multiple rock slide, with extremely rapid (> 5 

m/s) rate of movement. The failure was of planar type, controlled by a joint set dipping approximately 45 

degrees towards the road and a subvertical joint set acting as tension cracks (Fig. 5c). 

The failed rock mass consists of weak to moderately strong, slightly weathered, massive, light yellow 

sandstone and thinly bedded, light brown mudstone. Bedding is generally sub horizontal, and there are two 

systematic joint sets: one steeply inclined and very widely spaced, and one subvertical and widely spaced 

(Fig 5b). 

2.4.2 Risk management strategy 

Given the nature of the landslide, the following measures were adopted: 

• “Make-safe” stage: helicopter and road level visual monitoring, implementation of local detour route, 

localised light blasting of relatively large unstable blocks still attached to the slope (Fig. 5d), hand 

scaling of smaller blocks. 

• Long term solution: implementation of catch ditch at the base and conventional survey monitoring. 
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Sensitivity: General 

  

  

Figure 5: SH35 Runaway rock slide. (a) oblique view of the site following the main failure; (b) site after 

clean-up completed; note the light brown mudstone at the base of the slip and the light yellow sandstone at 

the top; (c) discontinuity sets controlling the planar failure; (d) light blasting applied as part of the “make 

safe” stage. 

2.5 Shallow rotational earth slide in Early-Middle Pleistocene alluvial and marine sediments 

2.5.1 Landslide characteristics 

The Waiotahi earth slide is located on SH2, about 8km west of Ōpōtiki, at Route Position 294/2.35. This 

section of SH2 was built as an embankment through the dune field, at the toe of the coastal cliffs (Fig. 6b). 

The cliffs are up to 70m high and are formed of pumice-rich, interbedded alluvial and marine sediments of 

early to middle Pleistocene age. These cliffs have a recurrent history of failures of various sizes.  

Anecdotal evidence suggests that the last relatively large (i.e. extending through the whole height of the cliff) 

failure happened in the early 2000’s. As part of the remediation of that failure an approximately 10m high 

reinforced buttress fill was built at the toe of the slip. No further details are known about the failure.  

On 3 March 2018 the top third of the cliff failed, releasing 200-400 m3 of soil and closing the road (Fig. 6a). 

A second failure occurred on 3 September 2018, this time involving the lower half of the cliff (Fig. 6c). This 

second failure released 3000-5000 m3 of, completely engulfing the road. The material mobilised in the 2018 

failures consist mainly of fine to coarse pumiceous sand with some fines and minor boulders, cobbles and 

gravel. No further failures are known to have occurred since September 2018. 

c) d) 

b) a)

) 
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Sensitivity: General 

The landslide can be classified as a dormant, retrogressive, multiple shallow rotational earth slide, with very 

rapid (3 m/min - 5 m/s) to extremely rapid (> 5 m/s) rate of movement. 

 

  

Figure 6: SH2 Waiotahi earth slide. (a) March 2018 failure, view from the top; (b) March 2018 failure, 

general site view; (c) September 2018 failure. 

2.5.2 Risk management strategy 

Following the 2018 failures, the site was inspected from above and from road level. Because of no visual 

evidence of impending further failures or loose material on the cliff, it was assessed that it was safe for the 

clean-up crews to start working as soon as weather improved. 

Once the failed material was cleared from the road it was confirmed that the existing toe buttress was not 

damaged. At this point the risk to road users at the Waiotahi landslide was assessed as similar to that of other 

sections of the road at the toe of the wider cliff. Consequently, no additional measures were taken other than 

adding the site to the register of sites that are subject to annual geotechnical inspections. 

 

b) c) 

a)

) 
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Sensitivity: General 

3 DISCUSSION 

The examples presented in this paper are of landslides that affected the State Highway network, therefore the 

primary objective of the risk management strategies adopted for each of the sites was to safely maintain an 

acceptable level of service to road users. This involves balancing risk, cost and impacts on the communities 

affected by these landslides. The development of the various risk management strategies was based on, and 

limited by, project requirements at the time immediately following the failures (esp. considerations on quick 

re-opening of the road and cost). 

Understanding landslide typology, especially size and likelihood of further failures, triggering mechanisms 

and rate of movement is key to the development of practical risk management strategies: How frequent can 

further failures be expected? How much debris is likely to be involved? What is the nature of the debris? 

How quickly and at what velocity can the debris reach the carriageway? 

Equally fundamental is understanding the road environment impacted by the landslides, as well as the 

regional traffic network: Is there enough sight distance for drivers to take corrective action if they see a 

failure underway and/or debris on the lane? What is the average daily traffic? Is there room to implement 

control measures within the road reserve? Is the route a lifeline? Are there any detour options? How long are 

they? Can the detour route accommodate all types of traffic (heavy, overdimension, etc)? 

The largest landslides affecting the state highway network in the Eastern Bay of Plenty tend to occur in the 

greywacke hills of the Waioeka Gorge, due to the height of the landforms and high rainfall rates. This is the 

case of the Son of Midway rock slide described in this paper, as well as a number of other failures, including 

the very large Sandy Slip occurred in 2012 (Read & Jennings, 2013). It is important to note though that large 

landslides happen is other parts of the Eastern Bay of Plenty, such as the debris flow that affected Matatā in 

2005 (McSaveney et al, 2005) or the original failure that forced the realignment of SH35 at Maraenui hill 

(Read et al, 2012; Read et al 2013). 

A common feature to all landslides described in this paper is that rainfall, concentrated during one/two days 

and/or sustained over one or more weeks prior to the failure, is the main triggering factor. All of the failures 

are associated with rain events with an annual recurrence interval (ARI) not higher than two years. This 

means that further failures can be expected at reasonably frequent events in the future and therefore risk 

management measures are required. 

SH2 through the Waioeka Gorge is the main passenger and freight route between the Gisborne and Bay of 

Plenty regions. A length of approximately 60km without practical detour routes (the shorter detour adds 

around 400km), an alignment characterised by short sight distances and a high susceptibility to landslides 

make the Waioeka Gorge the main hotspot for risk management and road resilience in the Eastern Bay of 

Plenty. 

All the landslide and road environment factors mentioned above had to be balanced in the development of 

the risk management strategies for the various sites discussed in this paper. Typically, a staged approach was 

required, but the specific sequencing and duration of each stage were directly influenced by the landslide and 

road environment factors.  

For sites where a local detour option was not feasible, such as the Son of Midway site, the immediate priority 

was to safely reopen one lane of traffic under very controlled conditions, to then progress onto the next 

remedial stages. Whereas for sites where a local detour existed, such as the Twin Faces site, the focus was to 

progress as much as possible while the corridor was still closed, to quickly move onto more permanent 

remedial measures. 

The same balancing principle was applied to the engineered solutions developed. For sites where the size of 

potential future failures and the available space within the road reserve allowed, like at the Runaway rock 
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Sensitivity: General 

slide, simple measures such a catch ditch at the toe of the slope were preferred. Comparatively, for the larger 

failures where control measures cannot be practically built, such as at Twin Faces rock slide, near-real time 

slope monitoring systems were implemented. 

4 CONCLUSIONS 

Different types of landslide occur in the Eastern Bay of Plenty, with landslide type strongly influenced by 

local geological and geomorphological conditions. The largest landslides tend to occur in the greywacke hills 

of the Waioeka Gorge, impacting SH2 on a regular basis, although large failures have also occurred 

elsewhere. Rainfall is the main triggering factor, with large failures often associated with rain events of 

around ARI=2 years (both for 24h rainfall and/or longer periods). 

An understanding of landslide typology, as well as of the road environment impacted by the landslides, is 

fundamental to the development of practical risk management strategies. Staged risk management strategies, 

which were often influenced by movement reactivations, included visual and survey monitoring, reactive 

and/or pre-emptive controlled operation of highway operation, and temporary or long-term engineered 

solutions. 
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and recovery after the 2016 Kaikōura 

earthquake in New Zealand 
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ABSTRACT 

The Ward to Cheviot section of State Highway 1 is a key lifeline transportation route that runs 

through the Kaikōura township.  Its strategic importance on the national state highway connecting 

the North Island via the Wellington-Picton ferry to the city of Christchurch in the South Island, and 

vulnerable location between the mountainous Kaikoura range and the Pacific Ocean make it a 

critical transportation route in New Zealand.  The route has been a focus for understanding the 

resilience of transport networks from as far back as 2000, when this section was used as a pilot 

study in early research into transport resilience.  A further resilience assessment of this section was 

completed as part of the national state highway resilience study in mid-2016, shortly before the 

November 2016 Kaikōura earthquake.  Reconnaissance after the earthquake to assess damage and 

help with response provided the ideal opportunity to benchmark the resilience studies against the 

damage experienced.  Post-earthquake landslides and debris flows triggered by storms caused 

additional damage and disruption during the recovery phase, leading to post-earthquake assessment 

of the corridor resilience to identify measures to enhance resilience as part of the recovery works.  

These assessments also enabled tactical measures to be put in place to ensure safety while allowing 

the recovery operations to proceed in the context of enhanced risk associated with storm events and 

potential aftershocks. 

1 INTRODUCTION 

The resilience of our built environment to natural disasters such as earthquakes is critical for the community.  

New Zealand’s rugged terrain and high seismicity over much of the country means that infrastructure, 

transportation routes, residential developments etc. are formed on or in close proximity to hazardous terrain 

prone to damage from natural hazards.  Understanding the resilience of infrastructure to natural hazards 

including earthquakes is important to be able to take initiatives to enhance resilience.   

Research into the resilience of road networks in 2000-2006 by Opus led to the development of resilience 

principles and metrics to assess the resilience of road transportation routes on a more systematic and 
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consistent basis.  This work included a pilot study to assess the resilience of the State Highway 1 corridor 

along the Kaikōura coast on the South Island of New Zealand (Brabhaharan et al., 2001).   

The magnitude 7.8 Kaikōura earthquake that struck on 14th November 2016 caused widespread damage 

across the northeast part of the South Island, including severe damage to the road and rail networks from 

fault rupture, strong ground shaking, and coseismic landslides.  The rail corridor was closed for over 9 

months.  In particular, the coastal state highway corridor was closed for 13 months due to landslides and 

embankment failures.  The long outage of this nationally important corridor and long detours associated with 

the only distant alternative route caused major disruption and highlights the need for prior planning to 

identify resilience gaps and to plan for event response and/or invest in strengthening key vulnerabilities.  The 

availability of pre-earthquake resilience assessments of this corridor allows comparison of actual damage 

with assessed vulnerabilities, as well as underpinning the post-earthquake assessment of the corridor 

resilience.  Assessment of the post-earthquake resilience was critical to the development of recovery and risk 

mitigation strategies that incorporated resilience benefits.   

This paper presents the strategic resilience context of the route, the impact and recovery operations from the 

Kaikōura earthquake, and a comparison of pre-earthquake resilience assessments and post-earthquake 

earthquake resilience.  It also illustrates how the strategic resilience context and ongoing assessments were 

used to inform both recovery standards and facilitate construction work.  

2 STRATEGIC RESILIENCE CONTEXT 

2.1 Strategic importance 

The state highway network in the upper South 

Island is shown in Figure 1.  The study area consists 

of a 150 km section of State Highway 1 (SH1) 

between Ward in Marlborough and Cheviot in north 

Canterbury.  This section of the state highway 

passes through rolling hill country in Marlborough, 

along a narrow coastal strip to the north and south 

of Kaikōura, then through steep, windy hill sections 

through the Hundalee Hills and Cheviot Hills south 

of Oaro. 

The SH1 corridor is classified as a National 

Strategic High-Volume State Highway and is a high 

productivity motor vehicle (HPMV) route (James, 

2016).  This section of SH1 is a tourist route for 

motorists and cyclists and is the primary freight 

route in the South Island, providing critical freight 

access between Christchurch and the North Island 

via Picton.  The route provides access to tourist 

destinations such as Kaikōura, and there are 

important state highway connections with SH63, 

SH6 and SH7 that link SH1 with Nelson, Tasman 

and the West Coast (James, 2016). 

2.2 Natural hazards and incidents 

Given the high importance level of the SH1 route, it is important to understand both the resilience of the 

route to natural hazards and its resilience contribution to the wider network.  Systematic studies of the 

resilience impacts of large earthquakes and other hazard events on the state highway have been carried out 

(e.g. Brabhaharan et al., 2001; Mason and Brabhaharan, 2017), which provide understanding of the 

 

Figure 1: Map of the regional state highway network 

in the upper South Island 
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distribution and magnitude of potential impacts from natural hazards, and consequently the resilience of the 

route in the context of the wider region.  The predominant natural hazards in the region are storms, coastal 

erosion, landslides, earthquakes, tsunami, and sea level rise. 

Natural hazards occur in a range of intensities, from low intensity storms and other meteorological hazards, 

small landslides, or minor coastal erosion (which occur frequently with a high probability) to very high 

intensity events which occur with a low frequency or low probability such as large magnitude earthquakes, 

major storms or large tsunami.  The impacts of these hazards on the transportation system will also vary.  

Natural hazard events and vehicle crashes result in temporary road closures as well as longer term outages 

and consequential risks to route security.  The vulnerabilities of the regional state highway network to the 

impacts of a large earthquake are shown in Figure 2, and discussed further below in the following section.  

Many parts of the route are narrow and winding, with significant safety hazards and frequent crashes (James, 

2016).   

 

Figure 2: Earthquake availability state map of state highways in northern South Island (after Mason and 

Brabhaharan, 2017) 

2.3 Resilience context 

Resilience is the ability to remain functional or quickly return to functionality when exposed to shock events 

or progressive events.  Network resilience requires routes to be robust with good redundancy and 

connectivity to provide access to communities (Brabhaharan, 2006).   

The transport network in the upper South Island is highly vulnerable to natural hazards, and critical sections 

are vulnerable to short to moderate closures in moderate hazard events and major closures for many months 

in larger hazard events.  When the state highway corridors are closed, alternative detour routes are limited 

and lengthy, due to the remoteness and mountainous terrain of the upper South Island and lack of available 

local or rural roads.  This vulnerability was realised after the 2016 Kaikōura earthquake, when closure of the 

coastal section of SH1 resulted in traffic being forced to use the alternative inland route via 

SH63/SH6/SH65/SH7, adding 144 km to the journey (Davies et al., 2017).  Figure 2 shows that these 

alternative routes also cross steep terrain that is prone to damage and lengthy closures from natural hazards, 

indicating the vulnerability of the upper South Island transportation network.   
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The resilience context of the route is therefore characterised by high strategic importance, coupled with high 

vulnerability to hazards and poor network redundancy and connectivity, resulting in a high criticality for 

resilience on a regional to national level.   

3 KAIKŌURA EARTHQUAKE 

A severe magnitude 7.8 earthquake struck 15 km north-east of Culverden in the South Island of New 

Zealand, at 12:02 am on Monday 14th November 2016.  This was followed by numerous aftershocks.  At 

least 21 faults ruptured on and offshore of the north-east of the South Island of New Zealand.  The ruptures 

began on The Humps Fault near Culverden and continued north-eastwards for ~180 km (Stirling et al., 

2017).  Ground shaking was strongest in the epicentral region near Culverden, and to the northeast between 

Kekerengu and Seddon.  The strong shaking near Ward is possibly due to the southwest-to-northeast 

earthquake rupture sequence directed towards this part of the South Island (Kaiser et al., 2017).  The ground 

shaking attenuated rapidly towards the south, with minimal shaking south of Amberley (57 km south of 

epicentre), but moderate shaking affected areas as far north as Wellington across the Cook Strait. 

3.1 Damage and outage of transportation infrastructure  

The earthquake caused widespread damage across the northeast of the South Island.  In particular, fault 

rupture, strong ground shaking, and co-seismic landslides severely damaged road networks, including SH1 

between Ward and Cheviot and local roads in the Hurunui, Kaikōura and Marlborough districts.  Landslides 

and embankment failures caused the most damage and disruption to the transportation infrastructure in the 

earthquake (Mason and Brabhaharan, 2019).  Failures of low height cut slopes and cracking/displacement of 

fill embankments were able to be repaired quickly to provide at least limited access, and only caused short 

term closure of the road.  Landslides on high hillslopes extending 50 m to 100 m or more above the transport 

corridor led to large volumes of landslide debris and rockfall that inundated the transport corridors and 

prolonged closures, due to the unstable nature of the debris and the presence of disrupted rock masses along 

the slopes above the roadway.  These made reconstruction efforts more difficult and involved a much longer 

duration for clearing of debris with sluicing, roped access scaling and careful formation of access tracks 

required before debris could be cleared safely.  Therefore, the outage periods were much longer, such as the 

along the coastal section of SH1 north of Kaikōura, which was closed for 13 months. 

3.2 Recovery  

The North Canterbury Transport Infrastructure Recovery alliance (NCTIR) was set up by the government 

under the Hurunui/Kaikōura Earthquakes Recovery Act 2016.  NCTIR consisted of an alliance between 

NZTA, the Asset Owner for the state highways, KiwiRail, the rail Asset Owner, and New Zealand’s four 

largest infrastructure contractors.  Several engineering consultants engaged by the alliance provided the 

technical capability to investigate, assess, develop and design the measures to restore functionality and 

enhance resilience.  NCTIR’s immediate purpose was to repair and re-open the earthquake-damaged road 

and rail networks on the Kaikōura Coast and the inland road (SH70).  The Asset Owner outcome 

requirements for the NCTIR programme were to achieve an acceptable level of safety and service for day to 

day operations.  Two key outcomes were required from the NCTIR programme: 

 Risk to Life: Target risk levels were determined separately by both Asset Owners, with As Low As 

Reasonably Practicable (ALARP) principles applying for risks lower than these levels.  The risk 

estimation for the state highway was completed using the New South Wales Roads and Maritime 

Services (NSW RMS) Guide to Slope Risk Analysis (Version 4, 2014).  Slope risk adjacent to the 

rail corridor was assessed using KiwiRail’s in-house slope hazard rating (SHR) system as a proxy.   

 Level of Service: KiwiRail and NZTA specified acceptable duration outages for different return 

periods, expressed as an Annual Recurrence Interval (ARI).  The outages ranged from a few hours 

for frequent events, to over 120 days outage for events in excess of 100-year ARI. 
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At any one site, mitigation work involved implementation of one or more solutions that addressed the two 

outcome areas above.  In general, the mitigation solutions involved engineered stabilisation and protection 

works.  However, non-engineered works, such as operational controls in response to earthquakes or rainfall, 

were considered as part of the suite of mitigation measures.  The mitigation measures and strategies for 

enhancing resilience are described in more detail in the discussion below. 

4 RESILIENCE ASSESSMENTS AND PERFORMANCE 

4.1 Comparison of resilience in the Kaikōura earthquake with prior resilience assessments 

The resilience of the coastal state highway corridor through Kaikōura has been assessed and mapped in two 

separate studies: as a pilot study as part of the 2000-2001 research into resilience (Brabhaharan et al., 2001), 

and then as part of the national state highway resilience study in 2016 (Mason and Brabhaharan, 2017), 

which was completed before the Kaikōura earthquake.  The damage caused by the earthquake allows 

comparison of the observed performance with that anticipated from the resilience studies.   This is illustrated 

in Figure 3, which shows the corridor-level study carried out in 2000-2001 and the observed performance in 

the 2016 earthquake.  The observed performance was mapped using the observations during the post-

earthquake response in November 2016 and post-earthquake LiDAR imagery and maps, captured using the 

same metrics as the resilience study (Brabhaharan et al., 2017).  

 

 

Figure 3.  Comparison of the mapped resilience of the coastal section of State Highway 1 through Kaikōura 

with the actual performance of the corridor in the 2016 Kaikōura earthquake 

Generally, the observed availability of the state highway ties in with that assessed based on the 2001 study, 

and the route was closed over most of the coastal sections of the highway, as predicted in the 2001 resilience 

study as well as the 2016 national state highway resilience study.  Whilst not every section assessed as 

vulnerable to damage got closed in that particular earthquake event, the vulnerabilities were distinctively 

demonstrated, with fault rupture, strong ground shaking and co-seismic landslides severely damaging the 

corridor.  In some long sections assessed as being vulnerable to closure or reduction to single lane, the full 

length has not failed, and failure of the full section would not be expected in any one event.   

Overall, the resilience of the corridor assessed before the 2016 earthquake was largely realised in that event, 

confirming the value of resilience assessments to anticipate potential hazard impacts and enable planning of 

interventions and response to enhance resilience to hazard events. 

(B) Observed performance 2016 Kaikōura earthquake 

(A) Assessed performance 2000-2001 (availability state for ~1,000 year RP earthquake) 
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4.2 Post-earthquake impacts and assessment of future resilience 

Many areas of hillside and ridge cracking occurred during the earthquake without causing landslides.  In 

other areas, landslides were initiated but the debris was retained on the hillslopes or in gullies above the 

transport corridor.  Following the earthquake, a number of failures developed in response to heavy 

rainstorms, including re-mobilisation of existing landslide debris fans into debris flows, and landslides or 

debris flows from slopes that had been cracked or damaged in the earthquake.  This matches overseas 

experience, which has shown that large earthquakes not only trigger extensive landslides but also increase 

the number and severity of subsequent rainfall-induced landslides (Lin et al., 2006; Zhang et al., 2014).  This 

‘slope weakening’ can persist in the landscape for many years to decades (e.g. Hovius et al., 2011; Parker et 

al., 2015).  The rates of slope failures along the Kaikōura coastal transport corridor are therefore expected to 

be significantly elevated for a period of many years to decades following the earthquake, highlighting the 

reduced resilience of the corridor compared to its pre-earthquake condition. 

5 ENHANCING RESILIENCE DURING RECOVERY 

5.1 Resilience assessments during recovery 

Recognising this increased vulnerability, the future resilience of the coastal transport corridor was assessed 

by NCTIR against the level of service targets set by the road and rail asset owners (Mason et al., 2018).  The 

objective was to identify critical sections of the corridor that are priorities for engineering works that help 

enhance or restore resilience.  The resilience was assessed by subdividing the rail and road corridors into 

150 m-long segments and estimating the potential outage should there be a slope failure in that segment for a 

range of potential trigger events (consisting of small to large storm and earthquake events).  The assessment 

was done for several time periods, being target dates for reopening of the rail and road corridors as well as a 

nominal end date for the NCTIR programme.  This helped identify the potential improvement in resilience 

due to the completion of engineering works and reduction in aftershock hazard, but also identify if resilience 

will significantly decrease following the completion of the NCTIR programme of works given the 

consequent reduction in availability of plant and personnel to respond quickly to slips or other outages.   

Figure 4 shows the interpreted resilience profiles (‘heat maps’) representing the results of the assessment. 

 

Figure 4.  Extract from interpreted resilience profiles for SH1.  Each cell represents 150 m length corridor. 
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The resilience assessment showed that significant clusters of potential long duration outage occur at the steep 

hillside sections along the coastal corridor, particularly around the areas of heavy damage from the Kaikōura 

earthquake.  These slopes show a range of behaviours depending on the size and type of the hazard scenario, 

with failure of some slopes and initiation of debris flows likely to occur under relatively small, high 

frequency rainfall events.   

5.2 Strategies for resilience enhancement in recovery operations 

The assessment of future resilience provided the basis for estimating outages of the transport corridor for 

given hazard events.  This enabled the asset owners to identify critical sections of the corridor that are 

priorities for engineering works as well as helping establish response priorities for future events to minimise 

the impact of outages in those critical sections.  The resilience study considered robustness, redundancy and 

response as components of the corridor resilience.  Initiatives that strengthen each of these aspects will 

therefore contribute to overall improvement of the resilience.   

5.2.1 Robustness 

Strategies to strengthen the robustness of road and rail assets help reduce the potential for reduction in the 

level of service after a significant hazard event.  Options to improve the robustness of the corridor include 

realigning the road and rail away from the steep hillsides, engineered works to reduce the potential for slope 

failure, and engineered works to reduce the potential for inundation of the corridor.  Specific measures are 

discussed in the sections below. 

5.2.2 Redundancy 

Planning new alternative routes or enhancing the resilience of existing alternative routes to the existing 

vulnerable transportation links improves resilience through enhancing redundancy within the network.  There 

are few options to improve redundancy for the rail as the MNL is the sole rail route between Canterbury and 

Marlborough.  For the road network, redundancy was enhanced by repairing and upgrading the inland route 

(SH70) between Waiau and Kaikōura and strengthening key vulnerabilities on the alternative Nelson-

Marlborough and Lewis Pass state highway route between Blenheim and Waipara (SH63-SH6-SH65-SH7).   

5.2.3 Response 

Emergency response preparedness reduces the outage period and helps bring the transport link back into 

normal service quickly.  The NCTIR alliance provided KiwiRail and NZTA with the ability to react quickly 

in the event of a hazard event.  For the post-NCTIR period, the following measures enhance organisational 

response for management and maintenance of the network: 

• Installation of tripwire fences with remote monitoring sensors to notify when rock falls or slips 

occur; 

• Monitoring of unstable slopes with GPS sensors and ground surveys to provide a forewarning of 

slope failure; 

• Rainfall Trigger Action Response Plans (TARPs);  

• Implementation of streamlined response plans for hazard events, such that personnel and plant can be 

mobilised quickly in the event of failure. 

5.3 Robustness - Stabilisation and protection works implemented 

At any one site, repair and mitigation work involved implementation of solutions to achieve the life safety 

and level of service targets.  In general, the mitigation solutions involved engineered stabilisation and 

protection works.  However, non-engineered works, such as operational controls in response to earthquakes 

or rainfall, were also implemented on a corridor-wide basis.   

Engineered risk mitigation solutions can be considered as either reducing the likelihood (active mitigation) or 

consequence of failure (passive). Active solutions typically included: 

• Scaling, boulder removal and sluicing;  
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• Bulk earthworks to re-profile slopes at risk of further failure (Figure 5A);  

• Slope stabilisation with rock bolts and mesh; 

• Anchored rock fall netting (Figure 5B); 

• Installation of drainage measures to relieve groundwater pressures or control surface water runoff. 

Passive structures included: 

• Catch-ditch earthworks; 

• Rock fall and debris catch fences/attenuators (Figure 5C); 

• Shallow landslide barriers; 

• Earth bunds and hybrid bunds/fences; 

• Construction of new bridges to allow debris flows to pass beneath the transport corridor; 

• Seaward realignment of the rail and road corridors away from the hazardous hillslopes (Figure 5D); 

• Rock fall and debris avalanche shelters; 

• Remote monitoring, such as tripwire fences, extensometers, and GPS sensors. 

   

  

Figure 5.  Examples of NCTIR recovery works.  (A) Slope re-profiling and bulk earthworks.  (B) Anchored 

rock fall netting.  (C) Rock fall fences.  (D) Realignment of the transport corridor. 

5.4 Response - Corridor management 

Establishment of temporary weather stations throughout the NCTIR works area enabled data to be collected 

on the depth, intensity and spatial variation of rainfall events along the corridor.  Observations of post-

earthquake slope failures by NCTIR geologists and construction personnel were instrumental in 

understanding the frequency and magnitude of slope failures in response to these rainfall events.  This was 

fundamental to the development of operational measures to ensure safety of construction personnel while 

allowing the recovery operations to proceed in the context of enhanced risk associated with storm events and 

potential aftershocks.   

Rainfall Trigger Action Response Plans (TARPs) were developed for the road and rail corridors, with 

probabilistic thresholds established based on rainfall-slope failure relationships that were determined for the 

C D 

A B 
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Kaikōura area from the records of slope failures following the earthquake (Justice et al., 2018).  Based on 

forecast rainfall, the TARPs enabled assessment of potential slope risks for construction activities, freight 

trains, and public traffic on SH1, hence predicting when pre-emptive closures of the routes may be needed.  

The corridor resilience could be further developed following the completion of the NCTIR recovery 

programme by development of an integrated, network level asset management strategy for the transport 

corridor.  This would allow asset management and resilience enhancement to be considered in an integrated 

manner alongside maintenance, safety improvements and capacity improvements. 

5.5 Research 

Further understanding of the earthquake effects of the Kaikoura earthquake and its effect on the landscape, 

landslide, runout and debris cascade mechanisms and the performance of earthworks will help understand the 

resilience of transport corridors including the Kaikoura corridor to earthquakes and storms in future hazard 

events, and enhance our resilience assessment, design and management measures. A current 5-year research 

funded by MBIE’s Endeavour Programme led by GNS Science and supported by other organisations will 

lead to a better understanding.  The performance of earthquakes and the impact on the resilience of transport 

and other infrastructure is being carried out by the authors, and the results will be shared in the coming years. 

6 CONCLUSIONS 

Experience from the November 2016 Kaikōura earthquake shows the need to understand the resilience of 

existing infrastructure in earthquakes.  The earthquake caused widespread damage and severe disruption to 

the road and rail networks across the northeast of the South Island.  State Highway 1 through Kaikōura was 

closed for 13 months by earthquake-induced slope failures and the rail corridor for 9 months.  Assessments 

of the resilience of the State Highway 1 corridor to potential earthquakes made before the 2016 earthquake 

were largely realised in that event, confirming the value of resilience assessments to anticipate potential 

natural hazard effects and enable planning of interventions and response to enhance resilience to hazard 

events.   

An alliance of road and rail asset owners and contractors was formed after the earthquake and was supported 

by a range of engineering consultants, which helped develop and implement a programme of engineered and 

non-engineered recovery works to reopen the road and rail network.  Post-earthquake landslides and debris 

flows in rain events showed the earthquake-damaged slopes are much more vulnerable to future failures, and 

experience from overseas shows this condition will persist for years to decades.  The post-earthquake 

resilience of the transport corridor to future storm and earthquake events was assessed to help quantify the 

increased vulnerability of the corridor.  This assessment enabled development of strategies to enhance 

resilience as part of the recovery works.  This included engineered measures to strengthen the corridor to 

reduce the potential loss of service, monitoring and response plans to improve response and recovery time, 

and operational controls to allow proactive management of the safety risks along the corridor for 

construction activities and public traffic.   

The long outage of this nationally important transportation corridor highlights the need for prior planning to 

understand the resilience of our infrastructure, identify resilience gaps and to plan for event response and/or 

invest in strengthening key vulnerabilities.  It also highlights the need to improve our understanding of the 

performance of infrastructure in earthquakes.  This understanding will help develop appropriate design and 

resilience management responses to future earthquakes that are underpinned by the resilience context.   
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ABSTRACT 

This paper presents proposed shear wave velocity-depth relationships for six prominent geological 

formations from the Nelson-Tasman area. Shear wave velocity profiles were developed for a 

selection of sites across the Nelson-Tasman Region using a combination of active source and 

passive source surface wave testing methods. A-priori subsurface geotechnical investigation data 

was used to define preliminary constraints for these subsurface profiles when carrying out surface 

wave inversions to define a suite of shear wave velocity profiles for each site. These subsurface 

geotechnical investigation records and published geologic information were used to assign a 

geologic formation to each depth range across all sites. By combing the data for each geologic 

formation across the region, power-law shear wave velocity-depth relationships were developed, 

with shear wave velocities much higher than those from velocity-depth relationships from regional 

and international studies. The application of this data includes uses in site characterisation and 

potentially liquefaction assessment processes, as well as providing the basis for regional ground 

motion simulation and visualization. 

1 INTRODUCTION 

An earthquake source and path to the site provide the ‘input’ motion but seismic/dynamic site 

effects dictate the representation of seismic shaking at the ground surface for a given site. The 

importance of these effects is important both for design and assessment of structures on a given site, 

as well as regional modelling of seismic events. This paper presents the development of 
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representative shear wave velocity profiles for the major geologic formations in the Nelson-Tasman 

region. The motivation for this research was to collect region-specific data that could be used to 

inform dynamic site characterisation, as has been completed for other regions in New Zealand. 

Wherever possible, guidance from similar regional studies was referred to so that a reasonably 

consistent approach was adopted across the country. This information was used to refine the testing 

methods and processing techniques adopted in this research.  

2 GEOLOGIC SETTING AND SEISMIC HAZARD OF THE NELSON TASMAN 
REGION 

The Nelson-Tasman region is located in the north-west of the South Island of New Zealand shown 

in Figure 1. Basement rocks exposed immediately to the east of the Nelson urban area include 

Brook Street Volcanics Group of Permian age and Richmond Group Sedimentary rocks of Triassic 

age. The terranes were accreted at the Paleozoic-Early Cretaceous convergent margin of Gondwana 

prior to Late Cretaceous rifting (110-85 Ma), with opening of the Tasman Sea (Laird and Bradshaw 

2004; Mortimer et al. 2017). These units have been exposed by uplift along the Flaxmore and 

Waimea Faults and dip steeply which is likely a consequence of a long history of superposed 

deformation (Ghisetti et al, 2019).  

 

 Figure 1: Location of Nelson-Tasman in New Zealand, Inset: Map showing the location of WFFS and 

Alpine Fault relative to main urban areas of Nelson and Richmond (Fraser, 2005) 

The steep rocky mountain ranges that enclose the region have supplied huge volumes of gravel to 

the lower lying areas. Over time, the relatively flat areas of Nelson and Richmond have been 

formed on outwash gravels. The majority of the Nelson-Tasman sediments comprise unconsolidated 

sands, partly consolidated river gravels and minor areas of soft peat (Rattenbury at al., 1998). 

Alluvial gravels are widespread and well preserved in flood plains.  

Recent Quaternary deposits in the Nelson-Tasman area include alluvial gravels and fan deposits, 

marine deposits, swamp deposits and sands (Johnston, 1979). Prominent formations including Stoke 

Fan Gravel, Appleby Gravel, Hope Gravel, Nelson Alluvium and Tahunanui Sand, make up a vast 
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majority of the surficial deposits in the region. These formations are the focus of the research 

presented in this paper and are discussed in more detail in later sections. 

The Nelson-Tasman region is considered a ‘moderately’ seismic area, due to the proximity to the 

Alpine Fault and the local Waimea-Flaxmore Fault System. The Waimea-Flaxmore Fault System is 

a pronounced feature of the Nelson-Tasman area and extends for approximately 150km north-east 

from the Alpine Fault near St Arnaud to the western side of D’Urville Island (Figure 1). The area is 

characterised by shallow seismicity (<15km) largely concentrated in the west, an absence of mid-

depth seismicity (15-40km) and deep seismicity (>40km) in central and eastern parts related to 

subducting Pacific Plate (GNS, 2016).  

3 SURFACE WAVE TESTING METHODOLOGY  

A combination of active-source (MASW) and passive-source microtremor array measurements 

(MAM) surface wave, testing techniques was utilised at chosen locations around the Nelson-

Tasman region to collect dynamic site information. These surface wave testing methods utilise 

sensors set out on the ground surface to record signals from either active or passive energy sources. 

This information can then be processed and interpreted along with constraints from a priori 

information to provide inferred relationships for the subsurface ground profile.  

3.1 Acquisition 

Both active and passive surface wave testing methods were employed as part of this study. Active 

methods utilise an excitation source and receivers at known locations while passive methods rely on 

ambient noise in the environment. Both active and passive methods are based on the propagation of 

surface waves, called as such as they travel along the ground surface. This study employed the use 

of geophones and broadband seismometers as sensors set out in a 1D (geophones) or 2D 

(geophones or seismometers) array. Active and passive source surface wave testing methods 

currently do not have standardised methodologies. The testing was completed based on technical 

references and methods which have been refined by other researchers for the equipment used in this 

study and for site conditions in New Zealand, as detailed later in this section.  

3.2 Processing and Inversion 

By processing the acquired data from surface wave testing, experimental dispersion data 

representative of the soil/rock below the ground surface is extracted. The experimental dispersion 

curve resulting from this process relates the Rayleigh wave velocity (i.e. phase velocity) to the 

wavelength or frequency. The dispersive nature of Rayleigh waves means that different 

wavelengths travel at different velocities and therefore wavelength/frequency can be used to 

characterise a range of depths through the soil profile. 

The experimental dispersion curve was processed for each of the testing methods applied at each 

site (MASW, L-array and circular array testing) using Geopsy (www.geopsy.org, Copyright 2002-

2011 by Marc Wathelet). The three resulting dispersion curves after processing and the removal of 

poor quality data were then combined for further analysis.  Dinver open-source software, which is 

part of the Geopsy package, was used to carry out the inversion process. The uncertainty in the 

shear wave velocity profile is represented as a ‘minimum misfit’ and is an important piece of 

http://www.geopsy.org/
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information for site-response analyses. A-priori geotechnical and geological information and 

empirical shear wave velocity data was used to constrain the layering where possible and shear 

wave velocity profiles for different materials. This methodology is covered in more detail in Teague 

et al. (2015). For each of the 29 Nelson-Tasman sites tested, the 1000 “best” ground models with 

lowest misfit to the experimental dispersion curves were kept to capture the epistemic uncertainty in 

shear wave velocity, underscored by the non-uniqueness of surface wave inversion 

4 SHEAR WAVE VELOCITY-DEPTH MODELS 

For each test sites the 1000 shear wave velocity profiles were extracted, discretised into metre-thick 

layers, and subsequently combined and organized by geologic units to develop regional 

representative shear wave velocity profiles. As noted by Lin et al. (2014), for a given homogenous 

soil, the shear wave velocity is proportional to the quarter power of the mean effective stress 

normalized by one atmosphere of pressure. This is described by the following generalized 

functional form:  

𝑉𝑠 = 𝐴𝑠 (𝜎′𝑚/𝑃𝑎)𝑛𝑠 (1) 

Where 𝐴𝑠= the shear wave velocity corresponding to an effective mean stress equal to 1 atm,𝑛𝑠= 

the exponent of normalised effective mean stress, 𝜎′𝑚= mean effective stress, Pa = 1 atm. 

By assuming reasonable values for the unit weight of the soil, the at-rest lateral earth pressure 

coefficient, and depth to groundwater table (γS = 18 kN/m3, k0 = 0.5 and, GWL = 0 m, 

respectively), regional representative shear wave velocity profiles were used to develop 

relationships for each geologic unit. Specifically, the generalized functional form (Eqn 1) was fitted 

to each representative velocity profile using a linear least squares regression.  

Table 1 presents the coefficients for the relationships developed using this equation (Eqn 1) for the 

Nelson-Tasman geological formations, along with references from literature for comparison. The 

overall trend being that the Nelson-Tasman relationships present a higher estimated shear wave 

velocity compared with deposits of a similar description from literature. These same equations are 

then presented in Figure 2 by plotting these deposits with depth in the generalised groupings based 

on soil-type description. 

Comparing the equation coefficients from the Moutere Gravel and Port Hills Gravel with the 

‘Dense Gravel, Menq (2003)’ data in Table 1, the value of ns is greater than that of the dense gravel 

deposits documented in the literature references. Figure 2(a) presents these relationships for Port 

Hills Gravel and Moutere Gravel along with the gravel deposit relationships from Menq (2003) and 

Deschenes (2018). This indicates that the Nelson-Tasman Port Hills Gravel and Moutere Gravel 

deposits have a comparable estimated shear wave velocity to around 5m - 15m below ground level 

to that of the ‘gravel only’ and ‘interbedded gravel’ deposits presented in Deschenes (2018). Below 

this range of 5m - 15m below ground level, the Nelson-Tasman deposits then show a more 

significant increase in estimated shear wave velocity with depth, compared to the other considered 

deposits from literature. 
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Table 1: Summary of the derived coefficients for Nelson-Tasman formations and information from literature 

by Menq (2003), Lin et al (2008) and Deschenes (2018). 

Soil Type 
Estimated unit 

weight (kN/m3) 
As (m/s) ns 

Moutere Gravel 18.0 734 0.471 

Port Hills Gravel 18.0 576 0.391 

Stoke Fan Gravel 18.0 458 0.264 

Hope Gravel 18.0 395 0.117 

Tahunanui Sand* 18.0 305 0.331 

Nelson Alluvium 18.0 357 0.338 

Dense Gravel (Menq, 2003) 18.0 312 0.331 

Dense Sand (Menq, 2003) 18.0 255 0.261 

Imperial Valley Soft Sands, Silts and Clays (Lin et al, 

2008) 
17.0 192 0.273 

Canterbury Gravel only gravel sites (Deschenes, 2018) 19.6 547 0.15 

Canterbury Interbedded gravels sites (Deschenes, 2018) 19.6 369 0.26 

Canterbury Interbedded sites, soft soils (Deschenes, 

2018) 
17.3 229 0.44 

 

Similarly, the Hope and Stoke Fan Gravel coefficients are slightly higher than the comparative 

‘interbedded gravel’ information by Deschenes (2018). In Figure 2(b) the shear wave velocity 

relationships of Nelson-Tasman Hope Gravel and Stoke Fan Gravels are compared against the same 

literature deposits. The Hope and Stoke Fan Gravel deposit relationships sit between the ‘gravel 

only’ and ‘interbedded gravel’ deposit relationships by Deschenes (2018). This result makes sense 

based on the material descriptions for the Hope and Stoke Fan Gravel deposits being generally 

gravelly and interbedded gravel deposits. 

The Tahunanui Sand and Nelson Alluvium are the Nelson-Tasman deposits with the highest 

proportion of sand and fines content, considered in this study. The coefficients of these formations 

are also slightly higher than the similarly described ‘soft soil sites’ of Deschenes (2018) and ‘Dense 

Sand’ by Menq (2003). Figure 2(c) presents these Nelson-Tasman with the Lin et al (2014) ‘Dense 

sand’ and Deschenes (2018) ‘soft soils’. The Nelson-Tasman formations are shown to have a higher 

estimated shear wave velocity for a given depth when compared to the similarly described literature 

units. It is deemed that this comparison of geological units is reasonable based on the published 

geology and descriptions of the formations provided by the referenced literature. Both Tahunanui 

Sand and Nelson Alluvium either have a component of gravel, or have been derived from gravel 

deposits, which is expected to influence the overall shear wave velocity of the deposits. 
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Figure 2 (a): Shear wave velocity relationships of predominantly gravel formations. (b) Shear wave velocity 

relationships of interbedded gravel formations (c) Shear wave velocity relationships of fine grained and sand 

formations 

5 DISCUSSION  

5.1 Shear wave velocity-Depth Relationships 

In general, the shear wave velocities of the Nelson-Tasman are relatively high at relatively shallow 

depths, with the Moutere Gravel and Port Hills Gravel formations exceeding 750 m/s within 30m 

below ground level. The high shear wave velocity of Moutere Gravel is likely because it is highly 

over-consolidated as discussed further below. The very high shear wave velocity inputs from the 

Moutere Gravel results in both the As and ns coefficients which are much higher than that of the 

Menq (2003) ‘Dense Gravel’. The UCS of Moutere Gravel is expected to be less than 1MPa and 

therefore is not considered to be rock according to NZS1170.5 classifications (reference NZS). 

Because of this, while the shear wave velocity is comparable to site classification of bedrock, 

Moutere Gravel cannot be considered seismic bedrock. 

For the purposes of comparison between units, only the inferred weathered or ‘soil-like’, portion of 

the Port Hills Gravel was included in the development of the modelled shear wave velocity 

relationships.  Even with the data-points selected only from the material which is inferred to be a 

clay-bound gravel, it is evident that the shear wave velocity equation coefficients are still higher 

than those of Menq (2003) ‘Dense Gravel’.  
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Stoke Fan Gravel, Hope Gravel and Nelson Alluvium are all relatively young deposits. While all 

contain a reasonable proportion of gravel, these would not generally be classified as a ‘dense 

gravel’. Therefore, the similarity between these units and the Menq (2003) Dense Gravel equation 

coefficients highlights the need for both geotechnical and geophysical information to allow fair 

comparison of geological units. This may also indicate higher shear wave velocity for Nelson-

Tasman subsoil units, compared with other parts of New Zealand.  

One possible explanation is the understanding that the Nelson-Tasman area is thought to have 

undergone cycles of geological uplift which has produced much denser, over-consolidated units that 

are likely to have relatively high shear wave velocities. For example, the Moutere Gravel Formation 

is aged from late Pliocene – lower Pleistocene (approx. 3.5 – 1 Ma). The geology indicates that 

NW-SE compression across the Nelson region and the Moutere Depression has been undergoing 

continued uplift for at least 17Ma and increased during the last few million years and uplifted the 

Richmond Range and Kahurangi ranges which are both young mountain ranges (Ghisetti et al, 

2019). With additional geotechnical characterisation information of the regional deposits, this 

suggested explanation could be explored further.  

 The Tahunanui Sand formation includes silt, sand and gravel at depth, so the equation coefficients 

are also deemed to be reasonable for the expected materials within this unit. However as there were 

only three sites tested with this Tahunanui Sand present, the data may potentially be biased due to 

the lack of data points to capture the true range of the formation. Tahunanui Sand shear wave 

velocity profile is comparable to the ‘soft silt/sand/clay’ of Lin et al (2014), and the Canterbury 

interbedded site soft soils as well as the ‘dense sand’ from Menq (2003). Based on the published 

geology it is inferred that the Tahunanui Sand formation (excluding deeper gravel deposits) is a 

comparable material to these units. 

6 CONCLUSIONS 

This project is the first regional study of Nelson-Tasman utilising active and passive surface wave 

methods to assess the dynamic characteristics of the subsoil materials. Relationships for estimated 

shear-wave velocity with depth were derived prominent regional formations by combining a range 

of geotechnical and geophysical investigation techniques.  

It is noted that the Nelson-Tasman area is thought to have undergone cycles of geological uplift 

which has produced much denser, over-consolidated units that are likely to have relatively high 

shear wave velocities. This highlights the need for soil characterisation of the Nelson-Tasman units 

both through geotechnical and geophysical testing methods, rather than relying on geological 

descriptions alone. The younger deposits of Stoke Fan Gravel, Hope Gravel, Tahunanui Sand and 

Nelson Alluvium, the shear wave velocities are similar to that expected for a ‘Dense Gravel’ deposit 

presented in Lin et al (2014). While all of these deposits contain proportions of gravel, they would 

not typically be labelled as a ‘dense gravel’, indicating that the shear wave velocities are higher than 

expected when compared to literature.  

Shear wave velocity along with site period are the two fundamental parameters for seismic site 

classification, however it was found in Nelson-Tasman that traditional site period estimation 

techniques were often not conclusive due to the uncertainty around depth to seismic bedrock. 
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Further research is required into the depth to seismic bedrock and how this characteristic might 

influence seismic shaking in an earthquake event. Once a depth to seismic bedrock is established, 

the estimated relationships of shear-wave velocity with depth presented in this study for regional 

formations could be used to better refine site characterisation and therefore dynamic site response of 

specific locations in the Nelson-Tasman region. 
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ABSTRACT 

Standard penetration test (SPT), cone penetration test (CPT) and vane shear test (VST) are the most 

common in-situ tests around the world due to their high capabilities in soil characterisation and 

estimation of shear strength parameters of soil. Screw Driving Sounding (SDS) is a relatively new 

in-situ testing method in which a machine drills a rod with a screw point on its tip into the ground in 

several loading steps while the rod is continuously being rotated. Several parameters such as torque, 

load, speed of penetration and friction, are measured at every rotation of the rod; these provide a 

robust way of characterising soil stratigraphy. In this study, based on the results of many SDS tests 

in a variety of soil types in New Zealand and conducted adjacent to other in-situ tests which have 

been performed previously, different correlations are developed to estimate the equivalent SPT 

blow count, undrained shear strength and CPT tip resistance directly from the SDS results. Being a 

fast and economical test to perform, high capability in soil characterisation and good correlations 

with other popular in-situ test results make SDS testing a reliable alternative in-situ test for soil 

characterisation, especially in residential house construction. 

1 INTRODUCTION 

Identification of the ground condition is a very important step to take before starting to build any 

geotechnical structure. Several different field-testing techniques are available in New Zealand to be used for 
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soil characterisation. These include the standard penetration test (SPT), the cone penetration test (CPT) and 

the vane shear test (VST).  

SPT has been the most widely used in-situ test for site characterisation in many countries and is performed 

during the advancement of soil boring to obtain an approximate measure of the soil resistance. Samples can 

be taken from the borehole for additional laboratory tests if required (Clayton, 1995). Recently, the CPT has 

been the preferred choice because it gives a continuous record of soil profile and it is not operator dependent. 

Although sampling is not possible, soil type (or, more accurately, soil behaviour type) can be inferred from 

the information collected during the test. The VST is another popular in-situ test which is used to evaluate 

the undrained shear strength of soft to stiff clays and silts. The test is best performed when the vane is pushed 

at the bottom of a pre-drilled borehole into the soil. 

The Screw Driving Sounding (SDS) test is a relatively new method for soil characterisation which has 

recently been developed in Japan. The SDS machine drills a rod, with a screw point at its tip, into the ground 

in several vertical loading steps while the rod is continuously rotated; at the same time, a number of 

parameters such as torque, load, rod friction, and speed of penetration are recorded at every rotation of the 

rod. Because this machine can continuously measure these parameters, it can give a clear indication of the 

soil profile throughout the depth of penetration. The SDS method has many advantages compared to other in-

situ testing methods, such as faster implementation (time required for 10 m of penetration is approximately 

30 min), simpler system for performing the test, and more compact machine compared to CPT and SPT; 

hence it is more economical compared to other in-situ tests. 

To date, a total of 300 SDS tests have been performed at a variety of sites in New Zealand (NZ), mostly at 

sites where CPT/SPT data or borehole logs are available, so that correlations can be made with the SDS 

parameters. From the soil database obtained, a soil classification chart has been developed (Orense et al.  

(2018) and correlations with geotechnical parameters and SPT/CPT/VST data were established based on 

SDS-derived parameters. 

2 SCREW DRIVING SOUNDING TEST 

During the SDS test, a rod, with screw point at its tip, is drilled into the ground under seven steps of vertical 

loading. The rod is continuously rotated at a constant rate of 25 rpm. The load steps are 0.25, 0.38, 0.50, 

0.63, 0.75, 0.88, 1kN, in this order, and the load is increased after each rotation of the rod. The parameters 

measured in the test are: maximum torque (Tmax), average torque (Tavg), minimum torque on the rod (Tmin), 

penetration length (L), penetration velocity (V) and number of rotations of rod (N). These data are measured 

on the completion of each rotation of the rod. after each 25 cm penetration, the rod is automatically moved 

up by 1 cm and then rotated to measure the rod friction. Figure 1 shows the SDS machine during operation. 

 

Figure 1 Screw driving Sounding (SDS) machine during operation 
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Additional useful information can be obtained by processing the measured data from SDS tests (Mirjafari 

2016). For example, NSDD is the normalised half-turns obtained by multiplying the number of half-turns for 

every 25 cm of penetration (NSD) by the outer diameter of the screw point (D). This number gives an 

indication of the level of torque required to twist the rod. Another parameter, T/WD, represents the 

normalised torque and is defined using the torque (T), the weight applied (W) and the outer diameter of the 

screw point (D). Other SDS-derived parameters include the following: 

𝐴𝑣𝑒𝛿𝑇 =
1

𝑛−1
∑ (𝑇𝑖+1 − 𝑇𝑖)
𝑛−1
𝑖=1                                                                                                                       (1) 
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                                                                                                                                   (2) 

𝑇𝑎𝑣𝑒 =
1

𝑛
∑ 𝑇𝑛
7
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where AveT is the average change in torque, T, at each step of loading, i; n (= 7) is the number of loading; 

and cp” is the modified coefficient of plastic potential. AveδT relates to the grain size of the soil and cp” 

related to difficulty of penetration (Mirjafari, 2016). Tave is the average of the measured torque at different 

steps of loading. 

During the SDS test, both load and torque are applied to the rod at the same time The combined effect of the 

applied load and torque can be expressed in terms of energy, i.e., the incremental work done, E, by the 

torque and vertical force for a small rotation can be calculated as (Suemasa et al. 2005): 

 𝛿𝐸 = 𝜋𝑇𝛿𝑛ℎ𝑡 +𝑊𝛿𝑠𝑡                                                                                                                                  (4) 

where 𝛿nht is the number of incremental half turns and δst  is the incremental settlement caused by the load. 

The specific energy, Es, is defined as the amount of energy for complete rotation, E, divided by volume of 

penetration: 

𝐸𝑠 =
1

𝑛
∑ (𝑛
𝑖=1

𝐸

𝐿×𝐴
)𝑖                                                                                                                (5) 

where L is the depth of penetration and A is the maximum cross-sectional area of the screw point. Es is taken 

as the average of the specific energies calculated at different steps of loading at each 25 cm of penetration. 

Several correlations between SDS data and geotechnical parameters of the soil, such as undrained shear 

strength, friction angle and liquefaction resistance have been developed by the authors (e.g. Mirjafari, 2016; 

Orense et al. 2018). In the following section, a methodology is described for identifying fines content 

directly from SDS data. 

3 FINES CONTENT ESTIMATION 

Fines content (FC) in sandy soil plays an important role in the engineering design of geotechnical structures, 

particularly when the area is prone to earthquakes. The value of FC significantly influences the liquefaction 

potential of soil. In engineering practice, it is very common to estimate FC using the CPT data, as this test 

has become the most common field test for the design of structures. However, experience in Christchurch 

showed that CPT could overestimate the fines content within soil (Van T Veen, 2015). Hence, an attempt 

was made to formulate a relationship between the fines content and the SDS parameter(s) as an alternative to 

the CPT-based estimation. 

For this purpose, sieve analyses were performed on 120 samples obtained from different sites in New 

Zealand. The particle size distribution for each sample was obtained by the method of wet sieving described 

in NZS 4402.2.8 (Standards NZ, 1986), with FC defined as the percentage by weight passing through a 63 

mm sieve. As mentioned in Section Error! Reference source not found., AveδT relates to the grain size of 

the soil and cp” related to difficulty of penetration, which is also indirectly related to the amount of fines in 
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the soil. By combining these two parameters, a new parameter is defined which is used to correlate with FC. 

This parameter is defined as follows: 

𝑆 = 9.44 − 2.44 × 𝑙𝑜𝑔(
𝑐𝑝"

0.026𝑒−0.75𝐴𝑣𝑒𝛿𝑇
)                                                                                                       (6) 

And the correlation with FC is defined in Equation (7). 

𝐹𝐶 = 2.1𝑆2 + 4.2𝑆                                                                                                                                        (7) 

For AveδT < 1 Nm, FC can be considered to be 100%, while for negative values of S, FC is 0%. Figure 2 

shows how S correlates with FC. 

 

Figure 2 Relationship between the SDS parameter S and FC 

 

4 CORRELATION WITH OTHER IN-SITU TESTS 

4.1 Correlation with CPT tip resistance 

Using the results of all the SDS tests conducted adjacent to CPT sites (less than 2 m away), a correlation was 

made between specific energy of penetration (Es) and the cone tip resistance. For this purpose, the SDS 

parameters and the CPT cone tip resistance, qc, at similar depths were compared. Among the SDS 

parameters, the specific energy, Es, best correlated with qc.  

Separate correlations were developed for different FC of soil which were estimated from the SDS data using 

Equation (7). Figure 3 illustrates the relationship between Es and qc for soils with different fines content 

(FC). As can be seen in the plots, the slope of the line increases with increasing FC.  

Data scatter is clearly seen in the plots, and this may be due to the difference in the penetration mechanism 

(static penetration for CPT and static + rotational penetration in SDS) and the uncertainty associated with 

depth measurements (CPT was measured every 20 cm, while SDS was recorded every 25 cm). While care 

was taken when selecting data for analyses, zones in the transition between layers were problematic. Also, 

many of the CPT and SDS tests were performed with a time gap between them, and it is possible that soil 

conditions, such as the water table, may have changed during this time gap, which could have affected the 

penetration resistance of the soil. 
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Figure 3 Plots showing the relation between Es of SDS and CPT qc 

4.2 Correlation with SPT N value 

One of the research purposes for performing the SDS tests near boreholes with SPT was to compare between 

the SDS parameters and the measured SPT N value. In this regard, SDS tests were conducted within a 2 m 

distance from the boreholes. The borehole and SPT data were obtained from the New Zealand Geotechnical 

Database. For developing this correlation, only sites with clean sand (FC<5%) were selected as the data for 
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other types of soil were very limited. For this purpose, the soil type was identified through the borehole data 

as well as from the soil classification chart developed before the comparisons were made.  

By comparing the SDS and SPT results, it was found that both the SDS-derived torque, T, and the SPT N 

profile show a similar trend indicating good correlation between these two tests. Nevertheless, the 

characteristics of the two tests are not similar. The SPT is based on counting the number of blows; however, 

the SDS is a test which drills a rod into the ground at a constant rotational speed providing an almost 

continuous record. To develop a correlation between the results of the two tests, data from 18 sites in 

Christchurch were compiled and the result is presented in Figure 4. 

 

Figure 4 Plot showing the relation between SPT N value and Es of SDS (FC<5%) 

Some of the scatter shown in the figure can be explained as follows. Firstly, the number of readings between 

these two tests is different; the SDS records the parameters continuously along the depth every 25 cm, while 

the SPT N value is measured every 1 or 1.5 m. In dense sand, Es may represent the properties of the soil for a 

layer with a length of even less than 25cm, which may not be captured in SPT. Secondly, from a statistical 

point of view, the reading patterns are not similar and, in some depths, an average of two subsequent 25 cm 

of SDS was used to compare with the SPT N value and some of the outliers which belong to the transition 

layers have been removed from the analysis. Finally, the loading patterns in the two tests are different: in the 

SDS, a rod is drilled into the ground by combination of load and torque, while in the SPT the penetration is 

caused by dropping a hammer.  

 Considering the above-mentioned limitations, there is still a good correlation between these two tests with 

an acceptable correlation coefficient of 0.5, as indicated in Figure 4. However, this correlation is only 

applicable to clean sand and more data are required to extend the correlation obtained to other types of soils.  

4.3 Correlation with Vane Shear Test 

The vane shear test (VST) is one of the most popular methods for estimating the undrained shear strength, Su, 

of clay or silt in NZ and usually is undertaken during the advancement of boreholes or hand augers at 

selected depths. An attempt was made to correlate a SDS parameter to the undrained shear strength obtained 

from VST. As Su is deemed to directly correlate with the measured torque of VST, a correlation was 

attempted between Su and average applied torque, Tave, of SDS; this relationship is shown in Error! 

Reference source not found.. 
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Figure 5 Plot showing the relation between Su and Tave of SDS 

VST is a manual test and its accuracy highly depends on the skill of the operator. This can be a source of the 

scatter in the plot, as a small change in rotational speed of VST can influence the results significantly. Also, 

Tave represents the average torque in 25 cm of penetration versus Su from VST is estimated for a particular 

depth.  Other factors such as seasonal changes in the water level may affect the Su of the soil and be the 

source of scatter in the plot as SDS and VST were performed at different times of the year. 

5 CONCLUSIONS 

In this paper, a new in-situ testing method called the Screw Driving Sounding (SDS) test was introduced. 

This machine can continuously measure various parameters, including torque, load and speed of penetration, 

so it is able to give a clear overview of the soil profile throughout the depth of penetration. In comparison 

with other methods and considering the number of geotechnical parameters that can be obtained from the 

tests, SDS testing is simpler , faster and it does not need a large space to conduct the test.  

By performing sieve analysis on samples obtained from SDS sites, a relationship was developed to estimate 

the FC directly from the SDS data. A good correlation was observed between the SPT N value of clean sand 

and the specific energy Es of SDS. Similarly, different correlations were developed between the SDS 

parameter(s) and the CPT cone resistance and the undrained shear strength from VST. 

As SDS is simpler, faster and more economical, the results suggest that SDS can be a supplement, or even an 

alternative to, CPT, SPT and VST for a more cost-effective geotechnical investigation. 
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ABSTRACT 

Following the Canterbury Earthquake Sequence (CES) between 2010 and 2011, a number of the fire stations 

in the Canterbury area were severely damaged.  The key aspect for the fire stations rebuild design was the 

philosophy of rebuilding with resilience, where the geotechnical design was not only governed by site 

performance during an ultimate limit state seismic event but also the ability for the fire station buildings and 

ancillary infrastructure to be repaired, if required.  The philosophy provided a practical balance between the 

costs associated with ground improvement, the performance of the fire station facility during seismic events, 

its post disaster functionality and ability to be repaired. 

The first stage in determining the level of resilience required extensive geotechnical input, including back 

analysis of the site performance during the CES to improve the assessment for the predictive models of 

future design events.  Based on the geotechnical risks at the specific sites, a tiered approach to the level of 

resilience design and detailing was used with extensive detailing for high geotechnical risk sites, cascading 

down to a lower level of detailing for low geotechnical risk sites. 

This paper presents five case studies for rebuilding fire stations on ground susceptible to seismically 

triggered liquefaction.  The geotechnical mitigation solutions ranged from deep ground improvement to 

geogrid reinforced gravel rafts.  The additional resilience design features associated with the enhanced 

foundations and horizontal infrastructure detailing are discussed, to demonstrate the approaches taken to 

manage geotechnical risks associated with post disaster functionality for high importance structures. 

1 INTRODUCTION 

Fire and Emergency New Zealand (FENZ) is the unified organisation that provides emergency response 

services for New Zealand, including firefighting.  Following the Canterbury Earthquake Sequence (CES) 

from 2010 to 2011 a number of Canterbury region’s fire stations were severely damaged, due to shaking 

damage to the structure combined with the effects of widespread liquefaction induced ground damage.  The 

level of damage required multiple fire station rebuilds.  In addition, the post-earthquake environment 

provided a unique opportunity to reassess the configuration of the fire station network.  
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Although a large number of businesses and residents relocated to parts of the city where ground conditions 

are less challenging due to post-earthquake land zonings, fires stations need to be in optimised locations to be 

able to respond to emergencies and service their community.  Hence, fire station sites will need to be situated 

in areas where geotechnical hazards such as potentially liquefiable ground are present. 

To date a total of twelve fire stations have or are in the process of being rebuilt within the city and the 

surrounding region.  Of these, five are discussed in this paper which include, ANZAC Fire Station, 

Spencerville Fire Station, Redwood Fire Station, Woolston Fire Station and Central City Fire Station.   

2 RESILIENCE CRITERIA 

In the New Zealand Building Code a building is given an importance level (1-5) determined by risk to human 

life, the environment, economic cost and other risk factors in relation to its use.  Due to their post disaster 

functionality requirements, fire stations are categorised as an Importance Level 4 (IL4). FENZ has taken this 

further by ensuring the runout apron from the fire station to the road performs to a similar level as the 

buildings, to ensure access from and to the station is maintained. 

IL4 structures such as fire stations are designed for three earthquake design cases which include 

Serviceability Limit State 1 (SLS1), Serviceability Limit State 2 (SLS2) and Ultimate Limit State (ULS).  

The level of shaking for each case are currently defined by two documents, which include the NZS1170 

Structural Design Actions and NZGS/MBIE Earthquake geotechnical engineering practice, Module 1: 

Overview of the guidelines.  The following table summarises the seismic design parameters for an IL4 

structure. 

Table 1: Importance Level 4 earthquake loading design cases in Canterbury, NZ 

Method 
Design 

Earthquake* 
Return Period* Magnitude PGA 

NZGS/MBIE SLS1 25 year 6.3 0.09g 

NZGS/MBIE SLS2 500 year 6.2 0.27g 

NZGS/MBIE ULS 2500 year 6.2 0.48g 

NZS1170 SLS1 25 year 7.5 0.11g 

NZS1170 SLS2 500 year 7.5 0.35g 

NZS1170 ULS 2500 year 7.5 0.61g 

*Design events and associated return periods derived from NZS1170.0. 

For IL4 structures, the liquefication analysis used this range of earthquake design parameters to give a broad 

understanding of the likely effects of liquefaction for the various iterations of magnitude and peak ground 

acceleration (PGA) that may affect the site.   

Although the Christchurch area has a heightened level of seismicity, higher earthquake design cases such as 

Maximum Credible Events were not considered necessary to evaluate.  Soils typically liquefy at 

approximately SLS2 level of shaking and increases in the magnitude or PGA do not necessarily result in 

proportionally higher levels of liquefaction induced settlements or damage. 
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3 LOCATIONS 

The five fire station rebuilds discussed in this paper are located over the wider geographical area of the city, 

with contrasting ground conditions.  The fires station locations are shown in Figure 1.  Of these five stations, 

two were rebuilds on existing sites (Central City and Woolston) and the remainder were new sites.  Although 

the majority of the sites are near the Christchurch metropolitan area, the sites experienced differing levels of 

peak ground acceleration during the CES, resulting in different levels of observed damage.  A summary of 

the operational requirements of the station, underlying ground conditions and level of ground damage 

experienced during the CES is presented in Tables 2 and 3. 

 

 

Figure 1: Fire station locations 

Of the five fire station sites, all were underlain by ground conditions that had liquefied during the CES and 

caused ground damage, or could potentially liquefy but did not experience sufficient levels of shaking to 

induce liquefaction ground damage.  It is considered somewhat fortuitous that a number of the sites 

experienced reasonably high levels of ground shaking, so there was an initial understanding of the extent of 

ground damage in future seismic events. 

The structural form of the new fire station buildings is typically light weight, with light weight exterior 

cladding and roofing, although the buildings are typically 4m to 5m high. 

Table 2. Fire station operational requirements and ground conditions. 

Station 
Operational 

Requirements 
Ground Conditions 

ANZAC 
4× Bay Composite Station 

(Career and Volunteer) 

Interbedded loose sand and stiff silts to 4m underlain by loose 

to medium dense sands to at least 20m.   

Groundwater typically at 2m depth. 

Spencerville 2× Bay Volunteer Station 

Interbedded loose to dense sand and firm to stiff silt to at  

least 20m. 

Groundwater typically at 1m to 1.5m depth. 
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Station 
Operational 

Requirements 
Ground Conditions 

Redwood 2× Bay Career Station 

Interbedded loose to medium sand and firm to stiff silts to 5m, 

underlain by dense sand and gravel to 11m, then firm to stiff 

silts to 15m and dense gravel to at least 20m depth.  

Groundwater typically at 2m depth. 

Woolston 2× Bay Career Station 

Interbedded loose sand and stiff silts to 2.5m, underlain by 

loose to medium dense sands to at least 18m. 

Groundwater typically at 1m to 1.5m depth. 

Central City 4× Bay Career Station 

Interbedded loose sand and stiff silts to 4m, underlain by 

dense gravel to 9m on western side of site. Dense gravel from 

shallow depths to 9m on the eastern side. Dense sand and firm 

silt to at least 15m depth.  

Groundwater typically at 2m to 2.5m depth. 

 

Table 3. Level of ground damage experienced at fire station sites. 

Station 
Level of Seismic Shaking 

Experienced 
Level of Ground Damage 

ANZAC Between SLS1 and SLS2 
Minor observed ground damage but no lateral spreading 

(Avon River over 100m away from site). 

Spencerville SLS1  
Minor ground damage observed on site with no lateral 

spreading (Styx River approximately 80m away from site). 

Redwood SLS1 No observed liquefaction induced ground damage. 

Woolston SLS2 and greater 

Moderate to severe ground damage with extensive sand boils 

on site and lateral spreading towards the Heathcote River 

which is 40m away. 

Central City Between SLS1 and SLS2 
Moderate ground damage on western side of site. Notably the 

western side of the old station building tilted to the west. 

4 LIQUEFACTION HAZARD 

A liquefaction hazard assessment was carried out using cone penetrometer test (CPT) information obtained 

for each site and the liquefaction analysis methods detailed in the Ministry Business, Innovation and 

Employment (MBIE) Guidelines (2012), which were based on Boulanger and Idriss (2014) method.  In 

addition, the likely level of liquefaction induced ground damage was assessed using the Liquefaction 

Severity Number (LSN) method developed by Tonkin & Taylor (2013).  

As part of the assessment, back analysis of the site performance during the CES was undertaken to improve 

the assessment for the predictive models of future design events.  This included calibration of liquefaction 

models with the actual observed ground damage and measured settlements.  From the liquefaction 

assessment the likely level of liquefaction induced settlement and ground damage at the different fire station 

sites in future seismic events are summarised in Table 4. 
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Table 4. Level of index settlement and ground damage at fire station sites 

Station 
SLS1 SLS2 ULS 

Settlement* Damage** Settlement* Damage** Settlement* Damage** 

ANZAC <30mm None 95 to 115mm Moderate 
105mm to 

135mm 

Moderate to 

Major 

Spencerville <20mm 
None to 

Minor 
70 to 95mm 

Moderate to 

Major 

85mm to 

110mm 

Moderate to 

Major 

Redwood <15mm None 60 to 95mm Moderate 
75mm to 

100mm 
Moderate 

Woolston <30mm None 40 to 170mm 
Moderate to 

Major 

50mm to 

175mm 

Moderate to 

Major 

Central City <5mm None 5 to 90mm Minor 5 to 95mm 
Minor to 

Moderate 

* Indexed settlements are calculated over the upper 10m CPT profile 

** Damage is based on calculated LSN number 

In addition, the Woolston Fire Station site had a moderate to major lateral spreading hazard, while the lateral 

spreading potential was assessed as not significant for the ANZAC, Spencerville and Central City Fire 

Stations. 

5 ENGINEERING SOLUTIONS 

The key aspect for developing engineering solutions for the fire stations design was the philosophy of 

rebuilding with resilience, where the geotechnical design was not only governed by site performance during 

a seismic event but also the ability for the fire station buildings and ancillary infrastructure to be functional 

post disaster and being able to be readily repaired, particularly after a SLS2 event.  The philosophy provided 

a practical balance between the costs associated with ground improvement, the performance of the fire 

station facility during seismic events, its post disaster functionality and ability to be repaired.  This was of 

importance as the majority of the fire stations within the Christchurch City metropolitan area had to be 

rebuilt. 

The philosophy required a multidisciplinary approach to build in resiliency through soil-structure-interaction 

(SSI), a combination of ground improvement, enhanced foundation systems and service detailing.  Aspects 

the designers considered when defining the geotechnical solutions included the nature of the building 

structure, the majority of the fire station structures are typically single-storey well braced structures made of 

lightweight materials.  Being relatively light weight structures allowed the use of enhanced shallow 

foundations that can be designed to cantilever if there was loss of support.  The rigidity of the foundation 

system allows for relevelling if there are differential settlements. In addition, for the Redwood and 

Spencerville Fire Station site, general site development required a build-up of 1m to 1.5m of bulk fill to 

bring the site levels above flood levels.  Placement of bulk fill was accounted for in the designs to increase 

the non-liquefiable crust at the site and therefore provide improved site performance.   

The engineered solutions for the development on the fire station sites are presented in Table 5. 
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Sensitivity: General 

Table 5. Engineering solutions for the fire station sites. 

Station Engineering Solution Comments 

ANZAC 

Deep ground improvement 

with Rammed Aggregate Piers 

(RAP) 

Ground improvement considered necessary as a large station 

critical to the eastern Christchurch community was to be 

placed on the site, and the site has experienced ground damage 

during the CES with the potential for high levels of ground 

damage and settlement at ULS levels of shaking. 

600mm diameter RAPs were installed to 7m depth at 2.0m 

centres for 8% area replacement ratio, to provide a thick non-

liquefiable crust that greatly reduced liquefaction induced 

settlement and ground damage at the surface.  The foundation 

comprised of well tied together concrete ground beams 

connected to a concrete slab. Due to low expected differential 

settlement there was no need for any specific service or 

horizontal infrastructure detailing. 

Spencerville 

Geogrid reinforced gravel raft 

with the fire station building on 

a well reinforced concrete raft 

foundation 

Potential for moderate to major ground damage and high 

levels of settlement.  On site bulk filling was required to bring 

levels approximately 1.5m above existing ground level.  

Therefore, a combined reinforced gravel raft and robust 

foundation system was used. 

The gravel raft was typically 1.8m thick, extending 2m out 

from the building footprint, with three layers of Naue 

Secugrid 40/40 Q1 geogrid placed in well compacted, angular 

well graded AP40 gravel.  Foundation elements were well 

reinforced (enhanced) concrete raft and with services detailed 

to be wholly enclosed in the raft. 

Woolston 
Deep ground improvement 

with stone columns 

Ground improvement considered necessary as the site has 

performed poorly during CES, with the potential for high 

levels of ground damage and differential settlement, as well 

as, lateral spreading hazard being present.  Stone columns 

considered the most appropriate method due to predominantly 

sandy soils. 

780 No. 600mm diameter stone columns were installed to 9m 

depth at 1.65m centres for 12% area replacement ratio, to 

provide a thick non-liquefiable crust that significantly reduced 

liquefaction induced settlement and ground damage at the 

surface.  Foundation elements require a well reinforced 

(enhanced) concrete raft. As the ground was no longer 

susceptible to ground damage there was no need for any 

specific service detailing. 
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Sensitivity: General 

Station Engineering Solution Comments 

Redwood 

Geogrid reinforced gravel raft 

with the fire station building on 

well reinforced concrete 

ground beams and slab 

foundation 

Ground damage typically moderate with less than 100mm 

settlement.  In addition, on site bulk earthworks required to 

bring levels approximately 1m above existing ground level, 

which allowed the use of a reinforced gravel raft.  

Gravel raft 1.5m thick with similar detail to Spencerville Fire 

Station.  Foundation elements require concrete beams and slab 

with services enclosed within the ground beams. 

Central City 

Geogrid reinforced gravel raft 

with the fire station building on 

a well reinforced concrete raft 

foundation for western part of 

building. Seismic break in the 

structure with the eastern part 

of the building on hardfill pad 

with shallow foundations. 

Potential for minor/moderate ground damage and moderate 

levels of settlement on western side of site.  On eastern side 

no ground damage and minimal settlement due to presence of 

shallow gravels.  Therefore, the station has been separated into 

two structures with a seismic break in between and different 

foundation requirements under each part of the building.   

Gravel raft typically 1.5m thick with similar detailing to 

Spencerville Fire Station.  Foundation elements require well 

tied together reinforced (enhanced) concrete raft and services 

detailed to be structurally enclosed in the raft foundation.  

 

 
Figure 2. Typical stone column detail at the Woolston Fire Station site. 

For the ANZAC and Woolston Fire Stations the geotechnical hazards associated with the building sites were 

eliminated by carrying out deep ground improvement to form a thick non-liquefiable crust under the 

building.  Typical details of the stone column construction at the Woolston site are presented in Figure 2. 
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Sensitivity: General 

A reinforced gravel raft with the building constructed on a well reinforced (enhanced) concrete raft 

foundation was considered an economical and practical solution, where the station structure was to be a 

smaller two bay station or where the level of liquefaction induced ground damage was not as severe.  

Although in a large seismic event liquefaction induced settlement and ground damage may occur the 

building foundations will perform to an appropriate standard as: 

• Field based trials in Christchurch of densified crusts have shown that shaking induced settlements 

are reduced by over half, which will reduce total and differential settlements across the structure. 

• Settlement due to ratcheting and bearing capacity failure of individual building foundations are 

unlikely to occur through the gravel raft, provided the building foundations are appropriately 

designed to distribute building loads. 

• Hogging potential of the foundations due to differential settlement following a strong earthquake is 

unlikely as the reinforced gravel raft and the enhanced foundation system provide a stiff system.  

• Voids under the gravel raft due to soil evacuation from liquefaction induced sand boiling are 

unlikely to occur as the gravel raft extends out 2m from the footprint, and hence the travel path of the 

liquefied soil is extended. 

• Some differential tilting may occur over the structure during larger earthquake events, but this is 

unlikely to adversely affect the building function and an enhanced foundation system can be readily 

re-levelled off the reinforced gravel raft, if required. 

• The reinforced gravel raft and building plan layouts were kept as regular as possible to allow better 

structural performance and distribution of stresses on the foundation. 

• The Spencerville and Redwood Fire Stations, where bulk earthworks were required to lift the land 

above existing ground conditions, a thicker non-liquefiable crust was created. This significantly 

reduced the liquefaction induced ground damage potential. 

Based on the above performance criteria the geogrid reinforced gravel raft provides a high level of resilience 

to maintain post disaster functionality. An added feature is the ability to be repaired.  Typical details of 

reinforced gravel raft are present in Figure 3.   

 

Figure 3. Typical reinforced gravel raft detail at the Redwood Fire Station site. 
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Sensitivity: General 

Collaboration between geotechnical and structural engineers created well reinforced and tied together 

concrete raft foundations, 300mm to 400mm thick, which provide robust foundations that distribute load and 

minimise differential settlements. 

A critical aspect of improving the building performance and functionality after a large earthquake is detailing 

services (water, stormwater, wastewater, power and telco) for the building.  If underground and under-slab 

service are damaged even in a moderate sized earthquake due to differential settlement across the structure 

then the functionality of the building is reduced and repair may be difficult, costly or not possible.  Where 

deep ground improvement has been carried out, such as at ANZAC and Woolston Fire Stations, then the 

need for service detailing was not as rigorous.  But in the remaining sites where a certain amount of 

settlement and ground damage may occur following a large earthquake, service detailing included:   

• All pipes and conduits under the concrete raft slabs were encased within, or structurally connected to 

the underside of the concrete floor slab.  All services were contained within the concrete foundations 

and service penetration into the underlying geogrid reinforced gravel layer were not permitted. 

• Pipes and service conduits were made from flexible material where practicable.  End restraints and 

slip collars were utilised in pipe joints and intersections with manhole risers.  

• Attention was given to detailing the connections of buried services (water and sewer pipes, power 

conduits, etc.) between the building foundation, the engineered gravel raft/ground improvement and 

in situ ground. The design allowed for sufficient movement and ductility to account for seismic 

shaking and liquefaction induced movement, and to allow for reinstatement in the event of damage. 

6 CONCLUSIONS 

The case studies presented are for five fire stations located on liquefiable ground.  The seismically induced 

liquefaction hazard and operational requirements by FENZ governed the foundation design.  The fire station 

buildings are of high importance (IL4) with post disaster functionality. They are typically made with 

lightweight materials and are well braced.  Resilience was built in through a collaborative cross disciplinary 

design approach providing ground improvement with enhanced foundation systems and low damage service 

detailing.  The geotechnical solutions included ground improvement with stone columns and RAPs, and 

geogrid reinforced gravel rafts.  In addition to the geotechnical solution, resilience design features included 

structurally enhanced well tied together foundations and service detailing, which demonstrates a practical 

approach to manage geotechnical risks associated with high important structures. 
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Design of Pile Foundations at Site Prone to 

Liquefaction and Lateral Spreading 
A.K. Murashev, C. Ashby, G. Mookaiya  

WSP, Wellington. 

ABSTRACT 

Construction of a $77.8 million new hospital facility in Greymouth is nearing its completion. The 

geotechnical design framework used to mitigate liquefaction and lateral spreading is described. 

Design of the structural foundation systems required detailed consideration of subsidence, 

downdrag and lateral spread effects. A number of shallow and deep foundation options (with and 

without ground improvement) were considered. Our analysis of soil-structure interaction effects for 

pile foundation options indicated that the reinforcing effect of the piles in unimproved ground was 

sufficient to reduce lateral spread effects and develop a cost-effective foundation design without 

ground improvement. Bored reinforced concrete and CFA piles were adopted in the final design.  

1 INTRODUCTION  

Construction of the Ministry of Health’s $77.8 million new hospital and integrated family health centre 

(IFHC) buildings with total floor area of 8,500 m2 in Greymouth is nearing its completion (Figure 1). 

Construction began at the end of May 2016 and the new facility is expected to open later this year. WSP 

carried out structural and geotechnical design and provided other design services for the project. 

Architectural design was carried out by CMM Architects. The project is managed by Johnstaff. 

  

 
 

Figure 1: CMM Architects’ computer-generated image of completed buildings 
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The site consists of two large flat terraces with an elevation difference of approximately 6 m. The new 

Hospital Building is situated on the lower terrace at approximately 20-30 m distance from a tidal estuary. 

The IFHC building is located on the upper terrace. The bed of the estuary adjoining the lower terrace is 5 m 

below the elevation of the lower terrace (Figure 2). 

 

 
 

Figure 2 Construction of a building platform at the lower terrace  

The new Hospital Building is three storeys high; IFHC is a single storey building. The Site Plan is shown on 

Figure 3.  

 

 
 

Figure 3  Site Plan  

The Hospital Building consists of a north Wing and a South Wing which are seismically separate structures. 

The North Wing is a three-storey rectangular building with a footprint of approximately 50 m x 25 m. The 

South Wing is a rectangular building with a footprint of approximately 60 m x 33 m. IFHC building has a 

footprint of approximately 50 m x 14 m. The Hospital Building was designed as an Importance Level 3 (IL3) 

structure. IFHC was designed as an Importance Level 4 building. This would mean that the family centre 

could be used for triage in the event of a very major earthquake, with patients transferred to Christchurch 

Hospital for critical care, if necessary. The North and South Wings and the IFHC building are connected by 

corridors but separated by seismic gaps.  

2 SITE CONDITIONS 

Nathan et al (2002) indicate that the site was formed by post-glacial alluvium including river gravel and 

sand, and swamp deposits. Fill material is present on the upper terrace and at a number of locations on the 

lower terrace. Stillwater Mudstone bedrock is located at depth. Our geotechnical investigations included 
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multichannel analysis of surface waves (MASW) surveys, boreholes, cone penetration tests (CPTs), trial pits, 

laboratory testing as well as a topographical survey of the estuary bed levels. Ground conditions encountered 

during our geotechnical site investigations are summarised in Table 1. The depths of soil layers in Table 1 

are given with respect to both the upper and lower terrace ground surface levels. The groundwater table is 

approximately 2 m below the lower terrace ground surface level.   

 

Table 1: Summary of the ground conditions 

Unit  

 

Depth from upper  

terrace (m) 

 

Depth from lower  

terrace (m) 

Layer  

thickness (m) 
Soil Description  

 1  0 - 4.7  N/A  4.7 
Firm Silt & medium dense sands & gravel; 
top 1 m - fill 

 2  4.7 - 5.7  N/A  1.0 Soft silt  

 3  5.7 - 8.2  0 - 2.5  2.5 Medium dense sand 

 3A  8.2 - 9.2  2.5 - 3.5  1.0 Loose to medium dense sand (liquefiable) 
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 9.2 - 11.2  3.5 - 5.5  2.0 Soft silt (liquefiable) 

 4  11.2 - 27.5  5.5 - 21.8  16.3 Dense to very dense gravel 

 5 below 27.5  below 21.8 - 
Slightly weathered to unweathered 
mudstone 

The subsoil class of the site is Class C based on the depth to the underlying bedrock. The peak ground 

accelerations for both buildings, calculated using MBIE Module 1, are summarised in Table 2. 

Table 2 Design PGAs for the Hospital Building (IL3) and IFHC building (IL4) 

Design Event IL 3 IL 4 

SLS 1 0.12g 0.12g 

SLS 2 N/A 0.49g 

ULS 0.64g 0.88g 

 

3 LIQUEFACTION AND LATERAL SPREADING    

Our assessment of the investigation data indicated that a sand unit 3A has a potential for liquefaction. A 2 m 

thick layer of soft silt (unit 2 encountered immediately beneath the liquefiable sand layer is also prone to 

liquefaction. Both the sand and the silt layers were encountered in the lower terrace at approximately the 

same elevation as in the upper terrace, with the top of the liquefiable sand layer being at the depth of 2.5 m 

below the ground surface level at the lower terrace. Some localised silt layers with higher plasticity were 

assessed as materials prone to cyclic softening. Liquefaction will result in substantial loss of soil strength in 



 

4 

 

liquefiable layers and some subsidence of the ground surface. If pile foundations are used, the top non-

liquefiable soil crust located above the liquefiable soil layers, will apply negative skin friction forces to the 

piles as it settles on top of the liquefiable layers experiencing volume deformation. Our analysis indicated 

that both building platforms are also prone to lateral spreading. Lateral spreading is expected to occur in the 

form of lateral displacement of the non-liquefiable soil crust towards the estuary as a result of liquefaction in 

the subsurface silt and sand layers. 

 

In order to quantify the magnitude of lateral spreading, a slope stability analysis was performed using the 

computer program Slope/W. The lateral spread displacements were assessed based on the methodology 

proposed by Jibson (2007). In the liquefied condition, reduced post-liquefaction soil strength as 

recommended by (Murashev et al., 2014) was used for the liquefiable silts and sands in the slope stability 

analysis. Post-cyclic softening shear strength was used for localised silt layers prone to cyclic softening; their 

residual strength was reduced by 20% compared to their static shear strength (Boulanger & Idriss, 2004). The 

likely ranges of the estimated free field displacements due to lateral spreading based on sensitivity analysis 

are given in Table 3. 

 

Table 3: Estimated ranges of free field lateral displacement due to lateral spreading 

 

 

4 FOUNDATION OPTIONS  

The foundation system for the Hospital and IFHC buildings should provide adequate vertical and lateral 

support to the buildings and resist loads associated with lateral spreading. The main objective of our 

geotechnical design was to develop a robust and cost-effective foundation system that could satisfy static and 

seismic performance criteria for the proposed buildings. A number of foundation options were considered, 

including shallow foundations (intersecting ground beams and rafts), timber piles, driven reinforced concrete 

and steel piles, steel screw piles, reinforced concrete bored piles, continuous flight auger (CFA) piles. All of 

the foundation options were considered with and without ground improvement. Ground improvement was 

considered either within the buildings footprints or beyond the building footprints (i.e. a strip of ground 

improvement in the area between the estuary and the Hospital Building).  Ground improvement options 

considered included stone columns, rammed aggregate piers, CFA ground improvement piles, deep mixing 

and high-pressure jet grouting. Given the proximity to the existing operational hospital, construction 

techniques creating extensive noise and vibration were not acceptable. Based on the comparison of various 

foundation options, bored and CFA piles foundations were adopted. The pile foundation system can transfer 

structural loads to deeper, more competent dense gravel layer capable of providing adequate bearing capacity 

and acceptable settlements. The piles were designed to resist the downdrag loads as well as the lateral spread 

loads. For analysis of ground improvement options, ground improvement CFA piles were adopted to 

minimise noise and vibration effects. In this technical paper we discuss adopted design methodology and 

comparison of piled foundations with and without ground improvement in the form of CFA piles. 

Design Event 

Free Field Displacement (mm) 

Main Building  

(IL3 Structure) 

Integrated Family Health Centre (IFHC)   

(IL4 Location) 

ULS 200 to 500  300 to 600 

SLS2 N/A 150 to 250 

SLS1 0 0 



 

5 

 

5 LATERAL DISPLACEMENT 

Given complex interaction between the structural piles and the laterally displacing site soils, it was 

considered prudent to carry out a finite element analysis of soil-structure interaction using computer program 

Plaxis as follows: 

  

• The site model was developed based on available survey data, borehole, CPT and MASW information 

• Soil parameters for various soil units were assigned based on the available test data; soil layers were 

modelled using Mohr-Coulomb model 

• The soil model was loaded by pseudo-static horizontal volume forces to generate a field of lateral 

displacement that agrees with the lateral displacements given in Table 3 

• Structural piles (with pile caps) of the new Hospital Building were then added to the model and the 

model was analysed to assess the reinforcing effect of the piles on lateral displacement of the site soils; 

the displacements were reduced, resulting in reduced bending moments in the piles 

• CFA ground improvement piles were added to the model to reduce lateral displacements and bending 

moments and shear in the Hospital Building piles but could not provide a cost-effective alternative 

Distribution of the free field lateral displacements for IL4 ULS event generated in Plaxis model is shown on 

Figure 4. It should be noted that the Hospital Building (main building) is an IL3 structure and therefore 

design PGAs and displacements for the Hospital Building are lower compared to those for IL4 ULS event.  

 

 
 

Figure 4: Free-field displacement for IL4 ULS event (420 mm to 560 mm displacement at IFHC platform) 

Structural RC piles (with pile caps) were then added to the model, and the model was analysed to assess the 

reinforcing effect of the piles on the magnitude of the lateral displacement of the site soils. The piles used in 

the model for the Hospital Building were 1.0 m diameter 16 m long RC piles at 8 m spacings embedded into 

non-liquefiable material (dense to very dense gravel). For IFHC building, 0.6 m diameter 10 m long CFA 

piles were used. Our analysis indicated that lateral displacements were substantially reduced due to 

reinforcing effect of the piles (Figure 5). The differential displacement between the toes of the piles and the 

pile caps were also substantially reduced. Therefore, consideration of soil - structure interaction effects 

resulted in reduced bending moments and shear in the piles compared to simplified pseudo-static design 

methods where pile bending moments are calculated by either applying the free field displacements to the 

piles or to the base of the soil springs.  

 

A strip of CFA ground improvement piles in the area between the estuary and the Hospital Building were 

added to the model as shown on Figure 6 to reduce lateral displacement but ground improvement was costly 

and could not provide a cost-effective alternative. The use of stronger structural RC foundation piles 

appeared to be more cost effective ($2M cost saving) compared to lighter structural foundation piles plus a 

strip of ground improvement. 
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Figure 5: Displacements for IL4 ULS event (235 mm to 245 mm displacement at IFHC platform) with 

structural piles in model 
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Figure 6 Displacements for IL3 ULS event for the option with CFA ground improvement piles 

7 DESIGN OF PILES 

The following design procedure was adopted: 

• Design the Hospital Building piles by applying the estimated lateral spread displacements from Plaxis 

model with piles (Figure 5) at the base of the soil springs as required by the pseudo-static design method 

described in Murashev et al (2014). SAP2000 software was used for this analysis. Bending moments and 

shear in the piles were also determined from the Plaxis model with piles included and appeared to be 

close to those assessed in SAP2000 analysis. 

• Assess lateral spread displacement at the IFHC building platform using Plaxis model with the Hospital 

Building piles present but without IFHC building piles. This reduced the lateral displacements at the 

IFHC Building platform but is reasonably conservative Also, contribution of the IFHC piles to lateral 

displacement reduction was not substantial due to the flexibility of the piles. 

• Use the reduced displacements in the pseudo – static analysis of the IFHC Building piles using 

SAP2000. 
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The recommended design methodology for both buildings’ foundations  is less conservative than the 

conventional design method where only free field displacements are used. It should be appreciated that the 

accuracy of the assessment of lateral spread displacements is low and therefore some conservatism in the 

design (such as neglecting the reinforcing effect of the CFA piles while designing IFHC) is required to cover 

this. 

NZTA report 553 (Murashev et. al., 2014) recommends considering three load cases for structures founded 

on soils prone to liquefaction and lateral spreading. Given that the thickness of liquefiable soil layers at our 

site is not very substantial, the load case with cyclic displacement of liquefied ground was not critical and 

only the following two governing load cases were considered:  

• Pseudo-static analysis without liquefaction where structural inertia loads were applied in the absence of 

liquefaction or lateral spreading.  

• Lateral spreading analysis with substantial degradation of soil’s stiffness and strength and applied 

kinematic loads (lateral spread displacements). Structural inertia loads are of secondary importance in 

the spreading phase and in many cases can be ignored. In our analysis, we applied 25% of the structural 

inertia loads together with lateral displacements. 

In the second load combination structural and kinematic loads were applied in accordance with Cubrinovski 

method as described in Murashev et al (2014) and shown on Figure 7. 

 

Figure 7 Pseudo-static model for piles in laterally spreading ground (Murashev et al, 2014) 

1 m diameter RC bored piles were adopted for the new Hospital Building, 0.6 m diameter CFA piles with 

steel H-pile core were adopted for IFHC building. 

8 CONSTRUCTION  

Construction of the bored and CFA piles was challenging due to the presence of large boulders (up to 0.3 m 

size) and cohesionless nature of sandy gravels (Figure 8). Construction activities are shown on Figure 9. For 

the bored piles, a temporary casing was installed to 7 m depth to ensure compliance with positional and 

verticality tolerances. Polymer was used to stabilise the bored pile shafts below 7 m depth prior to 

concreting. SPT tests in pile holes were used to confirm the founding strata once the piles were bored to 

design founding depth. 15 piles had 40 mm diameter hollow steel access tubes installed to allow cross hole 

sonic logging to be carried out (4 tubes were installed per test pile). The cross hole sonic testing was carried 

out on completion of the piling works and confirmed good quality of the piles. Construction of all piles was 

successfully completed by March Construction in early 2018. 
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Figure 8 Structural details and construction of the bored piles for the Hospital Building; and large boulders 

extracted by the auger from a bored pile shaft 

 

 

Figure 9 Left to right: Augering, shaft cleaning and installation of casing for bored piles; augering of CFA 

piles, polymer plant; tremie concrete for bored piles; completed bored piles; installation of H-pile core into 

a CFA pile 

9 CONCLUSIONS 

New Hospital and IFHC Buildings are founded on a site prone to liquefaction and lateral spreading. 

Extensive geotechnical investigations and analysis were carried out to design reliable and cost-effective 

foundation systems for both buildings.   
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Soil structure interaction analysis was required to take into account reinforcing effect of the structural piles 

on ground movement and enabled the designers to reduce kinematic loads on IFHC piles and avoid the use of 

costly ground improvement. Ground improvement was considered but could not provide a cost – effective 

alternative to robust structural pile foundations without ground improvement. Avoidance of ground 

improvement resulted in a $2M cost saving.  
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Advancements in Removable Ground Anchor 

Technology in NZ – Removable, Compressive 

and load Distributive Type Anchor (SW-RCD 

Anchor) 

D.T. Sharp 
Grouting Services, New Zealand, Auckland. 

B.S. Hong 
Samwoo, South Korea, Seoul. 

ABSTRACT 

Inner city developments generally include deep basements that require perimeter retention to 

facilitate the excavation. Ground anchors are readily selected as part of the retention system due to 

their ability to be stressed and prevent structural movement. 

Ground anchors comprise steel components and often the adjoining landowner or city 

municipalities object to obstructions left in the ground beyond completion of project for fear they 

will conflict with future developments. 

Systems which allow removal of the steel tendon from the ground have been available for over 

40years and include the removal of the unbonded lengths albeit the steel still remains in the fixed 

length, as well as the traditional loop system where plastic coated strands are looped around a fixed 

end anchorage at the base of the anchor bore to facilitate future removal. 

Advancements in the ground anchor technology include the development of a load distributive 

compression type removable anchor which offers a complete solution where anchorage systems are 

required to be removed once they become redundant. The entire steel strand can be quickly and 

easily removed or reengaged with limited site access. 

This paper presents the technology behind the SW-RCD anchor along with project examples from 

both New Zealand and international applications. 
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1 INTRODUCTION 

Ground anchors are effectively restraining devices used in many different types of structures including 

retaining walls, dams, wharves, bridge abutments and foundations for buildings. Ground anchors are stressed 

(active anchorage) to prevent structural movement and they typically transfer their load over a fixed length. 

These are commonly referred to as tension anchors and are suited for strong rock conditions. For anchors 

founded in soil or weak rock, load distributive compressive (and tension) anchors are used as they rely on the 

succession of small successive bond lengths rather than one unique longer bond length. 

Figure 1: Ground Anchor Applications 

  

2 CLASSIFICATION OF GROUND ANCHORS 

Ground anchors are classified according to their service life, purpose, installation procedures and method of 

load transfer from the anchor to the ground. An anchor with a service life greater than 24 months is generally 

considered permanent. Permanent anchors shall always have some type of corrosion protection system based 

on the service life of the structure, the known aggressivity of the environment and corrosive properties of the 

soil and consequences of tendon failure. 

Also, anchors can be classified into frictional type anchors that are supported by the friction of the grout and 

the ground, ground pressure type anchors that acquire anchoring force with the passive resistance of the 

ground using ground pressure boards or piles, and complex type anchors that are a combination of the above 

two types. 
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Frictional type anchors can further be classified into tensile type anchors and compressive type anchors 

based on the load application method to the grout. Lastly, compressive type anchors can be classified into 

load concentrative type anchors and load distributive type anchors depending on the distribution of the load. 

2.1 Load Concentrative Tension Type Anchor 

When stress is applied to a tension type anchor, load transfer occurs to bond length through adhesion of steel 

strand and grout. Due to load concentration, the parts of a tension type anchor attached with steel strand and 

grout become unzipped and this leads to crack and load reduction. In addition, a tension type anchor has the 

weakness of progressive debonding and time-dependent load reduction (creep) occurrence when friction of 

the load concentration zone exceeds the extreme skin friction of the target ground. 

As shown by (Figure. 2), tension at the earlier phase displays the state as of ①. Then, as the parts attached 

with steel strand and grout become unzipped, it changes into the state as of ②. The relatively concentrated 

skin friction of anchor becomes higher than the allowed value between ground and grout body to progress 

into the state as of ③. Accordingly, load reduction takes place. 

 

Figure 2: Load Change Diagram and Load Distribution Graph 

2.2 Load Concentrative Compression Type Anchor 

Compression type anchors consist of an unbonded polyethylene (PE)-coated steel strand which transfers the 

jacking force / load directly to a structural element located at the distal end of the anchor. Unlike the tension 

type anchors, the grout body for compression type anchors is loaded in compression which is capable of 

securing much higher loads. However, due to the concentrative design of these anchors, the use of high-

strength grout is frequently required to secure the jacking forces at the distal end. Also, it is often difficult to 

secure concentrative anchorage force in weak soils. 

Similar to the tension type anchors, compression type anchors are subject to the occurrence of progressive 

debonding and time-dependent load reduction (creep) as displayed in state ① as shown in (Figure 3). In this 

case the friction required to secure the concentrated load exceeds that of the skin friction for that zone. This 

effect causes grout debonding and loss of soil confinement pressure resulting in load reduction as displayed 

in states ② and ③. 
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Figure 3: Load Change Diagram and Load Distribution Graph 

2.3 Load Distributive Tension / Compression Type Anchor 

As outlined above, high stresses from tension and conventional compression type anchors transfer 

concentrated loads to the soil and grout body which can become overstressed resulting in failure. Therefore, 

load distributive compression type anchors have been developed and are being used, which uniformly 

distribute the anchor load to the grout body and soil along the theoretical length of the bond zone. In 

addition, the grout strength requirements are reduced as well as applied eccentricity.  

As a result, high loads can be achieved even in normal soil condition. Recently, load distributive tension type 

anchors have been developed which are capable of securing stable loads in even relatively weak soils such as 

clay and silts. The use of multiple short bond lengths reduces the effect of progressive debonding 

encountered in long conventional anchors. These anchors do not require high strength grout and have low 

eccentricity as well. 

The use of load distributive anchors results in a more uniform distribution of the anchor force to the soil as 

illustrated in Figure 4 below. Therefore, load reduction and creep are minimized, enabling the anchor to 

maintain initial design load. 

 

 

 

 

 

 

 

Figure 4: Load Change Diagram(s) and Load Distribution Graph 

3 REMOVABLE ANCHOR SYSTEMS 

Anchor technology has advanced significantly over the last 40 years and this has resulted in fully removable 

anchor systems that can be designed to accommodate some of the constraints imposed by urban construction. 

There are two basic types of removable anchor systems available. The first allows for partial removal of the 

steel tendon over the free length only of the anchor. The second allows for full removal of the steel tendon 

over the entire length of the anchor.  
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3.1 Partial Free Length Removal 

The concept of removing the steel tendon over the free length has been commonplace for many years and for 

threaded bar tendons, involves unscrewing the unbonded section of bar from the bonded section, or, for 

strand tendons, providing a weakened connection at the junction of the unbonded / bonded lengths and 

shown in Figures 5 and 6 respectively. 

 

Figure 5: Removable Bar Tendon – free length only 

 

 

 

 

 

 

 

 

 

Figure 6: Removable Strand Tendon – free length only 

This is a simple concept, however, in practice it has been proven to be very difficult to implement with 

limited levels of success, and as a result, free lengths of removable anchors on numerous projects have 

generally remained in place. 

3.2 Full Length Removal 

Removal of both the unbonded and bonded length of a steel anchor has historically been difficult to achieve 

as it is practically impossible to over-stress an anchor to yield the grout to ground bond. The use of 

detonation cord to shatter the grout while an effective method, is no longer practical due to more stringent 

safety regulations and negative environmental impacts. 
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For bar anchors, recent innovations involving sonic drilling have meant that it is possible to completely 

remove hollow-bar self-drilling anchors using the sonic frequency to shatter the grout column, however, the 

size of the equipment needed generally precludes this technique on the small footprint of inner urban sites. 

For strand anchors, an early innovation involved the use of looped greased and sheathed strand around a 

distal saddle. Both ends of the strand are terminated at the anchor head and loaded simultaneously. Load was 

transferred from the loop to a saddle which in turn transferred the load to the grout and ground – effectively a 

load distributive compression type anchor. During removal, one end of the strand is loaded and the strand 

pulls around the saddle and extracted from the ground. Due to the complete isolation of the bond between the 

steel strand and grout, the entire length of strand was able to able removed, and although this system was 

generally successful, heavy equipment was required to remove the strand on site. Additionally, damage to 

the sheathing at the saddle bend was common and this had an impact on the removal success rate. The loop 

system also reduces the strand properties in the bend section resulting in limited working loads and therefore 

more anchors are required to achieve the same capacity as other anchoring systems. 

 

 

 

 

Figure 7: Looped Strand Anchor 

3.3 SW-RCD Anchor 

The SW-RCD anchor is a load distributive compression type removable anchor that offers a complete 

solution where anchorage systems are required to be removed once they become redundant. 

As the anchors are loaded as illustrated in Figure 8 below, the grout body is subject to compressive or tensile 

stresses. In the case of compression type anchors with applied compressive stress, the diameter of the grout 

body expands as a function of Poisson’s ratio. As a result, frictional resistance between the grout body and 

soil increases. Also, the additional confining soil pressure due to the expansion of the grout body will 

increase the ultimate compressive strength of the grout. This is known as the confining pressure effect and is 

an advantage of compression type anchors. 

Figure 8: Tension versus Compression 



 

7 

 

The anchors are manufactured in a semi-automated standardised facility with state of the art equipment 

resulting in stringent quality control. Anchors are fully assembled and packaged in coils for transportation. 

The SW-RCD anchor components include steel strand within a polyethylene sheath terminated within a 

corrosion resistant aluminium anchor body located within the bond zone of the anchor. Allowing the steel 

strand to penetrate through the inside of the aluminium anchor body, and, be secured to the end of the anchor 

body, results in distribution of the jacking force along the length of the anchor body which maximizes the 

effective cross-sectional area of the grout body. 

Single, double, triple, quadruple and sextuple anchor bodies are available, and this allows for anchors 

comprising up to 24-strands. The maximum number of strands for each anchor body combination / hole 

diameter is set out below: 

• Single anchor body combination: maximum 7No strands (1+1+1+1+1+1+1) 150mm 

• Double anchor body combination: maximum 6No strands (2+2+2) 150mm 

• Single / double anchor body combination: maximum 7No strands (2+2+2+1) 150mm 

• Triple anchor body combination: maximum 9No strands (3+3+3) 175mm 

• Quadruple anchor body combination: maximum 12No strands (4+4+4) 185mm 

• Sextuple anchor body combination: maximum 24No strands (6+6+6+6) 240mm 

Tendon configurations utilising 12.7mm, 15.2mm and 15.7mm strands are common which provides for a 

maximum ultimate tensile strength of 6,696kN. The various anchor body configurations can be seen in 

Figure 9. The drill hole needs to be grouted over the entire length. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 9: SW-RCD Anchor Body Configurations 
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For multiple anchor bodies, the distribution of the anchor bodies within the bond length is generally obtained 

by evenly distributing them over the bond length. However, the ground conditions have an impact on the 

selection of anchor body type and a minimum 1.7m distance between anchor bodies is recommended in 

weak rock. 

A minimum 5m bonded length should also be adopted. 

If the ground for the targeted bond zone is weak (N<20), multiple single anchor body configurations are 

preferred to facilitate higher load distribution – this is the concept of single bore multiple anchors. The 

quadruple anchor body is the largest that should be applied in weak rock. 

The sextuple anchor body is designed solely for strong rock conditions.  

The load distributive type anchor has the significant advantage of being able to achieve greater anchoring 

forces whilst avoiding load concentration to grout due to the equal distribution of load within the bonded 

length in comparison to the load concentrative type anchor. 

There are two effective methods for stressing load distributive type anchor, which are elongation control 

method and load control method. 

1. Elongation control 

This method compensates for the elongation difference with pre-stressing after calculating the elongation 

difference of each anchor body in consideration of the relation of difference in length to load according to 

the spacing between the anchor bodies. A conventional centre hole jack is required (not a mono strand jack). 

The strand(s) in the lowest anchor body is loaded to the calculated extension and the process repeated for all 

anchor bodies prior to stressing the anchor to the required load. 

2. Load control 

This method compensates for the load difference with pre-stressing step-by-step after calculating the load 

difference for each anchor body by the spacing between anchor bodies when the strands are stressed 

simultaneously. A conventional centre hole jack is required (not a mono strand jack). The strand(s) in the 

lowest anchor body is tensioned to the calculated load and the process repeated for all anchor bodies prior to 

stressing the anchor to the required load. 

To facilitate the successful removal of the strands, a 900mm strand tail beyond the anchor head needs to be 

maintained during the working life of the anchor. Interaction with structural building elements needs to take 

this into account. 

The removal process is generally done by hand and the entire steel strand can be quickly and easily removed 

or reengaged with limited site access. A force needs to be transmitted down each strand to disengage the 

wedge retaining clip and then simply rotate the strand to release the wedges which are fixed in the end of the 

anchor body and the entire steel strand is withdrawn through the PE sheath leaving the small aluminium 

anchor body within the grouted drill hole. 

Figure 10 depicts the SW-RCD removal mechanism. 

The following link provides a video of the strand removal process https://youtu.be/wut8LVNsuNY 

In some instances, particularly for longer anchors, where difficulties are experienced in disengaging the 

lower wedge, it is possible to transmit a larger force down each strand using a mono-strand jack with partial 

wedge engagement – this facilitates the slip of the strand within the jack wedge grip at a predetermined load 

and upon release, the strand impacts the lower wedge. 

https://youtu.be/wut8LVNsuNY
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Additionally, for problematic strands, a hydraulic rotator can be connected to the strand to simultaneously 

provide a rotational and pulling force to assist in extracting the strand. The ability to use small equipment is a 

real advantage. 

 Figure 10: SW-RCD Removal Mechanism 

4 PROJECT EXAMPLES 

Since the initial development in 2000, the SW-RCD anchors have been utilised in over 2000 projects around 

the world including job sites in South Korea, Vietnam, Mayalysia, Singapore, Hong Kong, China, Myanmar, 

Europe, North America, Brazil, Qatar, Oman, Dubai, Turkey, Australia and New Zealand. 

In New Zealand, the SW-RCD anchors were introduced in 2011 and specific construction statistics are 

summarised below: 

• 450 individual anchors 

• 12km of completed anchors 

• 75km of strand 

All projects completed in New Zealand have been fully scrutinised with site specific performance and proof 

testing undertaken and without exception the SW-RCD anchors have met the requirements of the project 

specifications. Site testing has included cyclic load testing up to 1,540kN and creep monitoring with the 

results being consistent with conventional temporary tension type strand anchors.  

Selected project examples from New Zealand are presented in Table 1. 
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Figure 11: New Zealand International Convention Centre 

Table 1: Project Examples – New Zealand 

Project Year No of Anchors No of Strands Length 

Remuera Rd 2011 48 2-9 25-30m 

Fonterra 2014 28 5-7 35m 

Building A 2014 20 12 35m 

74 Sales 2014 13 3 23m 

96 St Georges Bay  2015 13 3-5 18m 

46 Sales 2015 7 5 17m 

Building 5A Wynyard 2015 31 9 33m 

Union St 2016 35 7 20-30m 

Alma St 2016 66 5-8 24-30m 

NZICC 2017 51 7 20-30m 

Ramada Victoria 2017 59 3-5 17-25m 

Waiparuru Hall 2017 47 3-11 24-30m 

155 Fanshawe 2018 8 5 31.5m 

Wakefield St 2019 9 3-5 13.5-19.5 
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Key international construction statistics are summarised below: 

• Circa. 850,000 individual anchors 

• 25,000km of completed anchors 

• 130,000km of strand 

International project examples are presented in Table 2. 

Table 2: Project Examples – International 

Project Year No of Anchors No of Strands Length 

South Korea 2000-20 826,465 2-10 13-38m 

Singapore 2002-20 2,048 4-21 30-43.5m 

Europe 2009-20 1,709 2-9 11-48m 

Vietnam 2009-20 7,028 4-5 13.5-35m 

Malaysia 2009-20 4,682 3-7 15.5-33m 

North America 2009-20 321 3-9 16-22.5m 

Woolworths Brisbane 2012 25 4 16m 

Sao Paulo Brazil 2012 200 4 18m 

Dubai 2013-2016 480 4-7 20.5-27.5m 

Oman 2014 139 4-8 22.5m 

Qatar Doha Metro 2014-17 3,028 3-8 13-30.5m 

XinRong China 2016-17 642 4-5 28.5m 

Turkey 2017 88 5 24m 

Melbourne  2017 30 2 15m 

Hopewell Hong Kong 2016-18 302 22 33m 

Burj Tower Qatar 2017 768 5-8 26m 

Myanmar 2017-18 260 4-6 19.5m 

Caringbah Australia 2018 24 4 17m 

Melbourne Metro 2019 372 10-13 17.5m 

George St Sydney 2019 25 3-5 18m 

Tai Wo Ping Hong Kong 2019-20 240 20-24 47m 
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5 SUMMARY 

High load and low load capacity removable anchors now exist which allow for the total removal of the steel 

strand tendon from the ground. 

The grout body for compression type anchors is loaded in compression which is capable of securing much 

higher loads. 

The removal process is simple and does not require heavy machinery or equipment – generally removal is 

possible by hand. 

SW-RCD anchors are a cost-effective solution where the use of conventional tieback anchors are forbidden 

or discarded due to logistical and or practical site constraints. When compared to normal temporary strand 

anchors, the SW-RCD anchors are in the order 1.3 times the cost. 

The SW-RCD anchor is manufactured in a semi-automated standardised facility with state-of-the-art 

equipment resulting in stringent quality control. Anchors are fully assembled and packaged in coils for 

transportation. The SW-RCD anchor is an internationally patented product with the design based on 

compression type, load distribution theory.  

The successful removal of multiple-strand anchors allows for future developments to proceed 

unencumbered. 
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Lateral Deformations of a Pile Group due to 

Soft Soil Consolidation 

A. T. Short, I. D. McPherson. 
 

ABSTRACT 

During recent construction of an overpass bridge on soft ground, piled ground improvements were used to 

reduce the settlement of the bridge abutments and approach embankments. The piles were installed prior to 

construction of the approach embankments, under which significant consolidation settlement would occur 

due to placement of the embankment and surcharge fill. During construction, the horizontal movements of 

the pile groups in response to lateral loading from soft soil consolidation were significantly higher than 

predicted and beyond acceptable limits. 

This paper presents the observed pattern of lateral ground movement across the pile group due to soft soil 

consolidation, supported by instrumentation records gathered during construction. The deformation 

mechanism, and suitability of various calculation methods for predicting the lateral movement of pile groups 

due to soft soil consolidation will be discussed. The remedial design process will be presented, with the 

range of remedial options considered before the ultimate decision was made to overload the pile groups, then 

deconstruct and re-pile the abutments. 

1 OVERVIEW 

As part of a recent transportation project, a new overpass bridge was required. The site ground conditions 

comprised approximately 6.5m of soft compressible soil overlying loose to dense silty sand and sand. The 

groundwater table varied seasonally, from approximately 1.5m below ground level to near the ground 

surface. 

The chosen design comprised a bridge superstructure of precast pre-tensioned Super-T beams on shallow 

bankseat pad foundations. The bankseat pad foundations were in turn supported by mechanically stabilised 

earth (MSE) abutments with a raft of six rows ground improvement timber piles and a load transfer platform 
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supporting the overlying MSE abutment and bridge. The ground improvement piles were driven 

approximately 3m into the sand to found on a dense layer. 

The structure was well instrumented for construction, with instrumentation comprising three inclinometers, 

survey prisms on the facing of the MSE wall, and settlement plates beneath the approach embankments. 

The structural arrangement, monitoring instruments and ground model are shown in section in Figure 1 

below. 

 

Figure 1: Ground model and structural arrangement 

The intended construction sequence was as follows: 

1. Ground improvement piles are installed beneath the retaining structure and bridge abutments at 1.4m 

c/c spacings, together with wick drains beneath the approach embankment at 2m c/c spacings. 

2. A load transfer platform is constructed over the pile group. 

3. The approach embankment and retaining structure are built at the same rate, to reach final 

embankment height. 

4. Surcharge is placed over the wick drained area and a surcharge hold period completed. 

5. Surcharge is removed, the bridge bankseat is cast and precast beams placed prior to final paving and 

finishing works. 

A key feature of the site was the soft compressible soils beneath the approach embankment, where up to 

1.6m of consolidation settlement would eventually occur in the upper 6.5m of soft soil. Due to the 

construction sequence, the bridge abutment piles were installed prior to the embankment construction and the 

soil was not pre-loaded prior to pile installation, so consolidation settlement occurred during construction of 



 

3 

 

the retaining wall and approach embankment. Both abutments behaved in a similar manner, so results of one 

abutment only are presented. 

2 LATERAL DEFORMATION MONITORING 

As construction progressed, it became evident that the lateral deformations of the retaining wall and piles 

would exceed acceptable limits. Lateral deformations began to quickly accumulate once the approach 

embankment height exceeded approximately 3m, progressing at a ratio of approximately 20% of the vertical 

settlement of the approach soils. Construction was paused at a height of 4.0m while a solution was found to 

limit, or accept, the lateral deformations of the system. Plots of lateral deformations and vertical approach 

settlement with time are shown in Figure 2 below. 

 

Figure 2: Observed settlement and lateral displacement during early construction 

The lateral deformation resulted from bending of the ground improvement piles due to horizontal 

load from the consolidating soils. The pattern of deformation varied significantly across the pile 

group, as shown by the modelled deformation pattern in Figure 3, which is supported by the 

inclinometer records. The maximum lateral ground movements occurred behind the pile group at 

approximately a third the depth of the soft soil layer with the back row of piles being put into 

double-bending. The front row of piles were deflected in a typical cantilevered shape with the base 

of the piles fixed in the sandy soils at depth, and the load applied to the pile head causing pile 

movements. 
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Figure 3: Modelled pattern of lateral deformation through the pile group 

3 DESIGN CONSIDERATIONS 

Once construction had been paused, options were considered for remediating the bridge structure to achieve 

a compliant and resilient design. Through investigating remedial options, key features were observed 

regarding the lateral deformations that guided the design solution: 

• The lateral movement of the structure occurred in conjunction with approach embankment settlement.  

Stopping settlement of the approach embankment would also stop the lateral movement. 

• The ratio of lateral movement to vertical settlement was only slightly affected by the drainage state and 

excess pore water pressure in the approach embankment. During undrained initial loading, when excess 

pore water pressures were high, the ratio of lateral movement to vertical settlement peaked at 

approximately 30%. During ongoing settlement after dissipation of the excess pressure, this ratio 

dropped to approximately 15% to 20%. Drainage measures or changes to construction rates were 

therefore likely to have only a limited impact on the lateral movements. 

• The lateral movement was not easily limited through physical restraint. Structural solutions were 

investigated for restraining the abutment retaining wall, but even large diameter contiguous bored pile 

walls were found to be unlikely to stop the lateral movement. To limit remaining movement to less than 

approximately 30mm required extremely rigid solutions such as contiguous CFA pile cell structures or 

similar extensive cement stabilisation. 
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Following investigation into available designs, the potential design solutions were narrowed down to the 

following three options: 

Option 1) Construct the approach embankment from Polystyrene Geofoam, stopping settlement and 

lateral deformation by removing the additional weight of the approach embankment. 

Option 2) Install rigid ground improvement through the approach embankment from the partial 

construction height to prevent further settlement. 

Option 3) Drive out the consolidation settlement through surcharging to above the design height, then 

excavating the abutment retaining wall, installing replacement ground improvement piles and re-building 

the abutment. 

Following assessment and pricing of the remedial options it was decided to pursue Option 3. By driving out 

the existing settlement and then simply reconstructing the ground improvement piles and MSE wall this 

option was assessed as having the greatest cost-certainty, with a highly resilient end design that was not 

sensitive to the details of the numerical modelling of the abutment. The key challenge and risk with this 

design option was the temporary stability of the abutment during construction. The construction staging for 

Option 3 is shown in Figure 4 below: 

 

Figure 4) Construction staging for re-piling abutment 
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To meet programme constraints, the embankment and surcharge was required to be constructed from 4m to 

over 11m at a rate of almost 1m per week. This construction rate was expected to generate excess pore water 

pressures exceeding 100kPa in the consolidating soils, cause lateral deformations in the order of 0.3 to 0.5m 

and significantly exceed the structural capacity of the existing ground improvement piles which were to be 

replaced following consolidation settlement.  

Additional high-strength geotextiles were specified and installed to improve the stability of the abutment 

during overloading, allowing the rapid construction rate without resulting in slope failure. 

4 OBSERVATIONS DURING SURCHARGING 

During the rapid filling of the bridge abutment prior to re-piling, large settlements and lateral deformations 

occurred, with the pattern of deformation continuing to develop as outlined in Section 2 above. Lateral 

movements averaged slightly over 30% of the vertical approach settlement during filling, as pore water 

pressure built to approximately 100kPa (10m excess pressure).  

 

Figure 5: Pore pressure, horizontal and vertical movement during surcharging 

Based on the deflections indicated by the inclinometer, the deflected shape of the back row of piles continued 

to develop following the pattern shown in Figure 3,  exceeded the section capacity in two locations near the 

centre of the soft soil and at the top of the underlying sand layer. Significant settlement of the back row of 

piles occurred during construction, with the pile heads approximately 200-300mm lower than installed height 

when they were excavated during re-piling operations. Despite being predicted to have exceeded their 

section capacity, the piles were not observed to buckle or deform in an uncontrolled manner. Based on 
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analysis of the soil lateral capacity, it is considered that the soft soil had enough strength to restrain the piles 

from buckling despite their significantly deflected shape. 

Following surcharging of the approach embankment, the excavation, re-piling and reconstruction of the 

abutment retaining wall occurred without significant further movements. Soil rebound and reconsolidation 

resulted in approximately 40mm horizontal movement of the retaining wall during reconstruction, which was 

predicted and well within acceptable limits.  

5 SUITABILITY OF DESIGN METHODS 

The design relied heavily on finite element modelling through Plaxis and RS2, which was able to closely 

match the observed behaviour and deformations of the system. In the authors view, there was no force-based 

technique that adequately captured the complex deformation pattern of the pile group or enabled meaningful 

predictions of the total deformation and pile actions. An elastic plastic finite element model was useful for 

showing the system behaviour, although to produce a closely matched back-analysis, and to predict the time 

dependent construction behaviour, a soft soil creep model was used for the detailed design.  

The primary factor influencing the horizontal deformations of the system was the compressibility and total 

settlement of the approach embankment. Despite the large number of piles included in the original 

construction, the piles provided relatively little restraint to lateral movement of the abutment, and force-

based approaches were not useful for making design predictions. The piles deflected as individual bending 

elements within the moving soft soils, resulting in the piles cantilevering from the sand layer at 6m depth 

below ground. With the large cantilever length, the force of each pile stabilising the slope was only in the 

order of 15kN once large displacements had already occurred. 

Due to the limited pile restraint provided by the group, methods designed for assessing the bending of 

individual bridge piles under lateral deformations could have been used as a preliminary screening tool to 

evaluate the feasibility of installing a similar settlement reducing pile group system. It may have been 

appropriate to use the following design methodology to check the feasibility of the system: 

• FHWA driven pile manual Section 7.3.8 (FHWA 1996b). Evaluate the potential for soft soil squeezing 

by confirming that embankment loading is greater than three times the undrained shear strength of soft 

soils. The soft soil lateral movement is then estimated as 25% of the approach settlement to evaluate the 

deflected pile shape and resulting pile actions. 

For a more specific discussion of the pattern and magnitude of lateral movements relative to the approach 

embankment settlement, the reader could refer to Stewart et al 1994. For detailed design purposes, or for 

assessing the feasibility of stronger, stiffer piles that may restrain movement due to consolidation, it would 

be advised that the slope deformations and pile actions be calculated by careful finite element modelling of 

the abutment system. 

6 CONCLUSIONS 

A case study is presented of lateral movement of a group of settlement reducing piles due to soft soil 

consolidation and associated ground squeezing. A prudent design was developed and implemented to 

remediate the bridge abutment, by driving the soft soil consolidation out and then re-piling the structure. This 

approach created a resilient end design that was not sensitive to the soil properties or modelling procedures, 

due to the minimal movements during reconstruction of the abutment retaining wall. 

In future as a preliminary analysis to confirm the feasibility of installing a similar system without pre-

loading, analysis techniques for individual piles could have been used based on estimating the movement as 

a proportion of the vertical approach embankment settlement. For detailed design of a similar system, careful 
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finite element modelling would be advised, particularly if the designer expects the piles to be strong enough 

to restrain the abutment laterally. 
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Ground damage caused by Typhoon “Hagibis” 

in Central and Eastern Japan 

R.P. Orense 
University of Auckland, Auckland. 

ABSTRACT 

Considered as the strongest storm to hit Japan in more than six decades, the super-typhoon 

“Hagibis” (locally referred to as Typhoon No. 19) struck the central and eastern parts of the country 

on 12 October 2019 and caused widespread damage across many low-lying lands, with rivers 

bursting their banks after hours of torrential rain and powerful winds. The passage of the typhoon,   

with direct impact to Tokyo and adjacent areas, necessitated mass evacuation advisories, paralysed 

transport systems and shut down commercial facilities. This paper presents some of the ground-

related damages that occurred in central and eastern Japan caused by the passage of the typhoon, 

based on the first-hand experience and subsequent reconnaissance work conducted by the author, 

who was on research and study leave in Tokyo when the typhoon struck Japan. These are 

supplemented by additional data provided by his Japanese colleagues, with a focus on breaching of 

river dykes, landslides and other sediment disasters. Moreover, their impacts on the built 

environment are discussed. Finally, lessons learned from the disaster are summarised and their 

implications to the NZ setting are highlighted. 

1 INTRODUCTION 

Typhoon Hagibis ((locally referred to as Typhoon No. 19), the most powerful typhoon to hit Japan in six 

decades, devastated wide areas of Honshu Island, especially the Chubu, Kanto, and Tohoku regions, 

including the capital Tokyo, when it made landfall in the evening on 12 October 2019. Data from the 

Environmental Modeling Center (EMC 2019) showed that on 10 October, the typhoon had maximum 

sustained wind speeds of 259 kph (tagged as “Category 5” typhoon), and then weakened when it made 

landfall two days later, but still with gust speed reaching 140 kph and central pressure of 950 hPa. The 

typhoon then made slow progress, with a forward-moving speed of 30 kph, i.e., it lingered longer over the 

landmass and resulted in a high accumulation of rainfall in several regions. According to reports (e.g., Aon 

2019; Air Worldwide 2019), the economic losses caused by the typhoon were expected to exceed US$15 

billion, with insured losses minimally in the billions (US$). The government designated the disaster as 
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“severe” and “extraordinary”, as defined in the disaster recovery law, to enable the state to carry out 

reconstruction works for local governments and to increase subsidies to hard-hit areas for recovery projects. 

The author experienced first-hand the wrath of the typhoon while on research and study leave at Tokyo City 

University (TCU). Following the disaster, a field survey and desktop investigation were immediately 

conducted and his preliminary findings have been reported elsewhere (Orense 2019). This paper provides 

supplementary information on ground-related damages that occurred, with emphasis on sediment disasters 

and river dyke breaches and their impacts on infrastructures. Finally, lessons learned from the disaster and 

their relevance to the New Zealand setting are discussed. 

2 OUTLINE OF TYPHOON AND SUMMARY OF DAMAGE 

When Typhoon Hagibis made landfall on 12 October 2019, many areas in central, eastern and northeastern 

Japan were devastated as a result of the record-breaking rainfall, hurricane-force winds and widespread 

flooding. According to the update of MLIT (2020), heavy rain warnings were issued in 13 prefectures, with a 

cumulative rainfall in excess of 1,000 mm recorded in Hakone (Kanagawa Prefecture) and exceeded 500 mm 

at 17 other locations. Figure 1 illustrates the distribution of the total precipitation in various parts of the 

country over a period of 72 hrs (10-13 October). 

 

 Figure 1: Distribution of 72 hr rainfall (modified from www.tokiorisk.co.jp/publication/column/017.html) 

Per the latest update dated 12/02/2020 (MLIT 2020), at least 99 people were killed and 3 others were missing 

while 381 people were injured. The typhoon affected 98,914 residential houses (with 3,280 completely 

destroyed and 29,638 partially destroyed). In total, 187 public buildings and 13,550 non-residential structures 

were damaged as well.  Moreover, up to 2.1 million people in 9 prefectures were issued evacuation orders 

during the passage of the typhoon. 

As of 12/02/2020, the following damages were reported (MLIT 2020): 

• Damage to river networks: 

- stop banks broke out in 140 sites along 71 rivers  

-  flooding occurred in over 262 rivers in 16 prefectures 
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• Sediment-related disasters: in total, 952 cases broken down as follows: 

- Debris flows – 407 cases (in 13 prefectures) 

- Slope failures – 501 cases (in 20 prefectures, with 18 cases in the Tokyo Metropolitan area) 

- Landslides – 44 cases (in 6 prefectures, with 31 cases in Niigata Prefecture) 

• Road networks:  

- State highways: 15 sections along 13 routes 

- National roads: 39 sections in 17 routes 

- Prefectural roads: 62 sections of 38 routes 

• Railway networks: 

- 254 routes operated by 83 railway companies affected (including planned suspension)  

• Airport facilities: 

- While there was no reported damage to airport facilities, 3,188 flights were cancelled 

• Wastewater: 

- Treatment plants: inundation damage occurred at 17 plants and treatment function stopped 

- Pump stations: operation suspended at 31 locations due to flood damage  

- Manhole pumps: 104 pumps affected by flooding and ground damage (in 28 cities, 13 town and 2 

villages) 

3 GROUND-RELATED DAMAGES 

3.1 Sediment disasters 

In Japan, sediment disaster is the general term used for any phenomenon involving large-scale movement of 

soil and rock that threaten human life and property, typically due to heavy rain and earthquakes. A sediment 

disaster can be classified as either: (1) debris flow, which involves soil and rock mix with water (rainwater 

and groundwater) flowing down rivers and mountain streams; (2) slope failure, which comprises abrupt 

collapse of slope when the soil/rock becomes unstable due to heavy rain; and (3) landslide, which involves a 

soil mass moving downward slowly at the boundary of the discontinuous surface under the influence of 

groundwater and gravity. 

Examples of sediment disasters that occurred following the passage of typhoon Hagibis and their 

distributions throughout the affected regions in Japan are illustrated in Figure 2. Many of these disasters 

occurred in the mountainous areas located along the path of the typhoon. At least 16 people were killed and 

115 residential houses were destroyed, either completely or partially, as a result of these mass movements. 

Following the events, researchers conducted in-depth investigations on some of the slope failures and 

landslides that occurred through site inspections and aerial surveys, supplemented by field testing, and 

various causative factors, such as rainfall intensity, topography and geology were identified. Many of the 

cases involved “classic” rainfall-induced failure mechanism (i.e., rainfall infiltration leads to an increase in 

positive pore water pressure and/or elimination of suction in the soil, leading to a reduction in shear strength 

and when equilibrium can no longer be sustained in the slope, failure is mobilised along a slip surface). 

However, there were some cases where the mechanism involved was not straight-forward. According to 

existing guidelines, an evacuation advisory needs to be specified by the prefectural authorities for residential 

areas near slopes if the slope gradients are in excess of 30 (i.e., areas designated as sediment disaster alert 

area). Now, some slopes in Gunma and Tochigi Prefectures with inclinations as low as 20 failed, but 

because they were not designated as sediment disaster alert area, no warning advisory was issued.  For 

example, in Takumi, Tomioka City where a landslide killed three people, it was found that a 20 cm thick 

whitish layer was horizontally distributed for about 20 m in length at a depth of 3 m from the ground surface 

(see Figure 3). It turned out that the whitish layer was a clay layer in which pumice, associated with the 

eruption of Mt. Asama, has weathered for tens of thousands of years. The layer, which was impermeable, 
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was overlain by highly permeable topsoil while below was a hard sedimentary layer. As a result, the 

infiltrating water from the typhoon was concentrated on the clay layer, which suddenly failed together with 

the upper layer, causing a sediment disaster. These clay layers are formed by complex natural conditions, 

such as the type of pumice and the condition of groundwater. Although the distribution of pumice from 

volcanoes is known to some extent, it is difficult to predict where the weathered clay layers are located.  

 

 

Figure 2: Sediment disasters, including debris flow, landslides and slope failures, due to passage of Typhoon 

Hagibis (modified from www.mlit.go.jp/river/sabo//jirei/r1dosha/r1typhoon19191224jiten.pdf) 

 

Figure 3: Landslide in a pumiceous layer in Takumi, Tomioka City: (a) schematic of slope profile; (b) cross-

section of stratified layers, showing the location of weathered pumice layer where slide appeared to have 

been mobilised (modified from www.jiban.or.jp/file/saigai/houkoku/goto_20191218.pdf) 
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3.2 Breaching of river dykes 

The mechanism of dyke breach or failure can be in the form of: (1) overtopping, when the floodwater simply 

exceeds the lowest crest of the dyke system; (2) scouring of the foundation; (3) seepage/piping through the 

dyke body, and (4) sliding of the foundation. These failure conditions are influenced by the dyke’s 

geometrical configuration, hydraulic conditions (e.g., river level and seepage), and material properties (e.g., 

grading, cohesion and compaction). 

One of the features of Typhoon Hagibis is that many river dykes in central and northeastern Japan were 

breached and the turbulent floodwaters engulfed people and villages. Per the damage reports, river dykes 

failed at around 140 sites along 71 rivers in seven prefectures, primarily due to the large volume of rain that 

fell over a wide area due to the intense strength of the typhoon. Figure 4 illustrates the distribution of these 

breached river dykes. Among these, 12 sections failed in nationally-managed rivers (i.e., administered by 

MLIT) while 128 sections collapsed in prefecture-managed rivers. As of 08/11/2019, reinforcement works 

have been completed in all collapsed dykes in nationally-managed rivers while temporary river dykes have 

been completely set-up in all prefecture-managed dykes.  

 

Figure 4: Locations of failed dykes (modified from www.mlit.go.jp/policy/shingikai/content/001317859.pdf) 

Some examples of the breached river dykes are illustrated in Figure 5. One of the most widely reported dyke 

breaches occurred along Chikuma River in Hobo, Nagano City. It was reported that the breach occurred over 

a 70 m-section of the dyke in the early morning of 13 October, killing 2 residents and flooding many houses 

and fields. The rushing floodwater, which reached the second floor of nearby residential houses, inundated as 

far as the National Highway Route 18, which was about 100 m away from the river bank. Almost the entire 

area along the Abukuma River, which meanders through a number of cities in the largely agricultural 

Fukushima Prefecture, was flooded after the typhoon moved north along the river's stream, dumping huge 

amounts of rain that caused the dykes to break in at least 14 places. In Kawagoe, Saitama Prefecture, the 

Oppe River embankment failed in the wee hours of 13 October near a point where the main and branch 

streams merged, submerging the area and temporarily isolating a nursing home. Subsequent investigations 

revealed that workers evacuated during the height of the heavy rain and left two pump stations discharging 

water from tributaries into the main river. In Hitachiomiya, Ibaraki Prefecture, a flood alert was issued at 

around 5:20 am on 13 October for areas along the Kuji River, whose dyke burst at three locations. 
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Figure 5: Examples of breached dykes (modified from mlit.go.jp/policy/shingikai/content/001317859.pdf) 

3.3 Effects of flood and sediment disasters on infrastructures 

Severe flooding triggered by the torrential rain submerged large areas in central Japan. Most of the affected 

areas were located near rivers, where in many cases, the dykes and floodwalls either collapsed or were 

overtopped. More than 1000 km2 of areas near Abukuma River were inundated. In other cases, areas 

underwent inland flooding due to the intense rain that overwhelmed existing drainage infrastructure. 

3.3.1 Damage to Tokyo City University Campus 

The author experienced the impact of flooding when his dormitory, located adjacent to Tokyo’s Tama River, 

was inundated by >1.3m high flood water. The nearby campus of Tokyo City University (TCU) was also 

submerged, not by breaching of the Tama River, but by inland flooding which was induced by the 

overflowing of two tributaries (Tanizawa River and Maruko River) running nearby (see Figure 6(a)). As a 

result, many university buildings were flooded up to the first floor, while buildings with basement floors, 

such as the library basement floor and some research areas, were filled with floodwater (see Figure 6(b)). 

About 83,000 books in the library basement were destroyed. The author then joined the university’s 

Department of Urban Engineering Reconnaissance Team to investigate the damage caused by the inundation 

of the inland waters and collect valuable information necessary for implementing effective countermeasures. 

3.3.2 Damage to Railway infrastructure 

Train services were severely disrupted due to severe flooding and ground damage. The Central Japan 

Railway Co. cancelled their high-speed Tokaido shinkansen train services from 12-13 October. Various 

railway facilities of East Japan Railway Co. (JR East) were affected by the typhoon as a result of flooding 

and sediment disasters. Some of these damages to railway infrastructures are depicted in Figure 7. Ten 

Hokuriku bullet trains (consisting of 120 cars) were submerged when the Abukuma River overflowed and 

inundated the train depot located near the bank of the river. As a result, the inundated trains were scrapped 

with the damage worth US$300M. A railway bridge of the Ueda Dentetsu Railway Company, which crossed 

the Chikuma River, collapsed into the water below. Local small railways also encountered damage, 

particularly to railway tracks, and suspended operations across several routes.  
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Figure 6: Extent of flooding adjacent to TCU campus (modified from univ-journal.jp/column/201929656/); 

and (b) photos of submerged university buildings within the campus. 

 

 

Figure 7: Damage to JR-East facilities (modified from www.jreast.co.jp/press/2019/20191013_ho01.pdf) 
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4 SUMMARY 

4.1 Key observations and lessons learned 

From the reconnaissance work and information collected from various sources, the following are the main 

observations and lessons learned from this large-scale disaster. 

•  The amount of rain that fell during the passage of typhoon Hagibis was unprecedented, with >1,000 mm 

of rain falling in some areas. This caused widespread flooding in many places due to overflowing of 

rivers, breaching of river dykes and inland flooding when the rainwater was not able to drain out.  

• The intense rain caused many sediment disasters, including debris flows, slope failures and landslides. 

While some disaster mitigation systems that were in-place worked, the intensity of the typhoon and the 

amount of rainfall it brought were unprecedented, almost beyond what the systems were designed.  

• In terms of ground-related damages, both “hard” countermeasures, such as strengthening river dikes, and 

“soft” countermeasures, such as evacuations of high-risk areas, were available. However, existing 

community planning and urban structures may be inadequate to deal with intensifying natural disasters. 

•  While many river dykes performed well, there is a likelihood that more intense typhoons would strike 

urban centres in the future. There is a need for a thorough review of Japan’s flood control 

countermeasures in order to prepare for such increasingly abnormal weather. 

4.2 Implication to NZ setting 

Widespread flooding induced by intense rainfall and dyke breach is not new to New Zealand. As extreme 

weather is becoming more frequent and catastrophic due to global warming, NZ’s coastal regions are 

becoming more prone to storms and flooding. The lessons learned from the impact of typhoon Hagibis are 

equally applicable to New Zealand setting. Various flood protection and sediment disaster measures designed 

from past experiences need to be re-evaluated. While structural (hard-type) approaches, such as building 

stronger flood defence systems would work, there is a limit to their effectiveness when we think that intense 

rainfall is becoming the new norm. Non-structural (soft-type) approaches, such as improved flood warning 

and evacuation systems, can significantly reduce the impact of flooding and potentially save more lives.  

5 CONCLUDING REMARKS 

As a country frequently experiencing natural disasters, Japan has developed various disaster mitigation 

measures and many are already in place; yet, typhoon Hagibis still caused unprecedented damage to life and 

property. With the forecasted increase in future rainfall intensities, geotechnical engineers need to re-

evaluate the way we design such measures, with a focus on both “hard” and “soft” components. 
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Cape Kidnappers / Clifton Beach - Coastal 

landslide monitoring with drone technology to 

inform hazard assessment 

L. Paterson 
Stantec New Zealand. 

ABSTRACT 

On 23rd January 2019 a section of the Clifton beach coastline in Hastings collapsed. Approximately 25,000 

m3 of rock fell from between 60 m to 110 m above beach level. Two tourists walking the popular route to the 

Cape Kidnappers Gannet Colony were seriously injured when swept out to sea. Fortunately, both survived. 

The Hastings District Council immediately closed beach access east of Clifton through to Cape Kidnappers 

to all users, and commissioned Stantec to provide an initial incident response and undertake ongoing 

monitoring to provide accurate data for a qualitative landslide hazard and risk assessment. 

Rockfall and debris avalanches are a common occurrence along this coast and ongoing activity has occurred 

since 23rd January 2019 at this location and from other cliffs along the beach. This is not the first time a 

landslide has struck a beach user, with previous instances of landslides impacting vehicles and several near-

misses. 

Detailed volumetric change analysis has been done using a drone to capture repeated photogrammetric 

survey of the coastline, with data reduced to NZGD2000 datum. This data has been used by Stantec to 

undertake a comparative analysis to identify and quantify ongoing landslide and rockfall activity from 

sources bigger than 100 mm, and where these impact on the beach. 

Further to the initial landslide assessment, Stantec was commissioned to undertake similar quantified 

comparison of survey data for approximately 8 km of coastline.  Comparison of these surveys, four months 

apart, successfully identified and quantified many areas of active rock fall and land-sliding.   
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1 INTRODUCTION 

On 23rd January 2019 a 90m wide section of the coastal cliff above the Clifton beach coast-line in Hastings 

District (Figure 1) collapsed in a debris avalanche. Approximately 25,000m3 of rock fell from the cliff 60-

110 m above the beach. The debris extended 75 m out to sea and was 125 m wide on the beach at the base of 

the cliff (Figure 3). Two tourists walking the popular route to the Cape Kidnappers Gannet Colony were 

seriously injured when they were swept out to sea. Fortunately, both survived.  

 

Figure 1: NZ Topomap Excerpt – arrow points to the Cape Kidnappers Landslide location 

This event was well publicised in national media, for example: 

https://www.stuff.co.nz/environment/110134954/images-of-cape-kidnappers-rock-fall-emerge 

This website includes the following Figure 2. 

 

Figure 2: Web Image captures the moment a cliff collapsed at Cape Kidnappers. 

1km 

https://www.stuff.co.nz/environment/110134954/images-of-cape-kidnappers-rock-fall-emerge
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The Hastings District Council has documented the on-going rockfall hazards to aid the ongoing management 

of the hazards to beach users. This includes the drone photography and the photogrammetric model produced 

from drone imagery. https://www.hastingsdc.govt.nz/hastings/beaches/cape-kidnappers-landslide/ 

Stantec was initially approached to provide technical advice on the potential for ongoing failure at the 

landslide site to aid and inform the initial risk management strategy developed by the Hastings District 

Council. This work was subsequently extended to include the collection and analysis of data to quantify the 

size and frequency of ongoing rockfall activity along Clifton Beach between Clifton and Cape Kidnappers 

(Figure 1). 

2 SURVEY COMPARISON TOOL SELECTION 

Stantec undertook analysis using Cloud Compare software, which is a 3D point cloud and mesh processing 

software, part of the Open Source Project. http://www.cloudcompare.org/ 

Comparisons between topographical surfaces can be undertaken using GIS software. However, GIS packages 

often undertake volumetric comparison using pseudo-3D (“2.5D”) processes, by measuring the vertical 

distance between surfaces to provide metrics. The use of “2.5D” process was considered unsuitable at this 

location because the significant overhangs present along the cliff would have created large ‘blind’ spots and 

reduced the quality of the subsequent analysis. Instead, it was decided to use a photogrammetric approach 

and use Cloud Compare software to take measurements into the vertical plane. 

Using Cloud Compare we were also able to use a histogram analysis to filter the data and to remove points 

from the results where their variation from the prior survey was less than a selected value. Our qualitative 

assessment was that the differences (or noise) between surveys of areas with no change was generally less 

than 50 mm. By setting the filter function to hide data with a variation of less than 100 mm from the prior 

survey, areas of change (rockfalls) in the model could be identified with confidence while maintaining good 

sensitivity. 

3 SURVEY METHOD 

The Surveying Company (Hawke’s Bay) were commissioned directly by the Hastings District Council to 

systematically capture digital imagery of the cliff faces behind Clifton Beach from Clifton to Cape 

Kidnappers using drone technology and to undertake photogrammetric analysis of the imagery to produce a 

dense point-cloud model of the cliff face. 

Photogrammetry is a process of creating a 3D relationship between multiple points identified from several 

different locations. The modern version of this process is undertaken using machine learning algorithms to 

identify key points visible in photos from a minimum of three locations, and trigonometrically confirming 

the spatial relationship of these points. The resulting dense point clouds can be hundreds of points per square 

metre. By including the surveyed position of enough visible ground control marks in the process, the model 

can be made to hinge on these known locations, and a true-scale model can be produced to a known datum.  

The Surveying Company used highly accurate Post Processed Kinetic (PPK) GPS positioning of the drone 

increasing the accuracy of the model. They used the ground control points to quantify the accuracy of their 

survey results. Comparison between the traditionally surveyed positions of the redundant ground control and 

the modelled positions of these points confirmed that the dense point cloud model had a root mean square 

(RMS) accuracy of 50 mm or better. 

The Surveying Company describes their process here: https://www.surveying.net.nz/services/aerial-survey-

services/mapping-clifton-beach/. 

https://www.hastingsdc.govt.nz/hastings/beaches/cape-kidnappers-landslide/
http://www.cloudcompare.org/
https://www.surveying.net.nz/services/aerial-survey-services/mapping-clifton-beach/
https://www.surveying.net.nz/services/aerial-survey-services/mapping-clifton-beach/
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4 REPEAT SURVEYS OF THE 23RD JANUARY 2019 DEBRIS AVALANCHE SITE 

The Cape Kidnappers debris avalanche was repeatedly surveyed over a period of four months by the 

Surveying Company who produced and provided the dense point clouds to Stantec. The first survey was on 

28th of January, and the last on 3rd of May, with a total of ten surveys. Stantec used Cloud Compare software 

to detect changes between the successive point cloud models provided by the Surveying Company. Over this 

period, further debris avalanches and rockfalls were observed or detected from the cliff face near the 23rd 

January 2019 debris avalanche. The calculated volume losses from the cliff face between successive surveys 

are listed in Table 1.  

Table 1: Cliff face volume losses between surveys near the site of the 23rd January 2019 debris avalanche. 

Survey period Solid Volume Loss (m3) 

2019-01-25 – 2019-01-28 350 

2019-01-31 – 2019-02-05 8000 

2019-02-05 – 2019-02-08 2500 

2019-02-08 – 2019-02-22 275 

2019-02-22 – 2019-03-04 40 

2019-03-20 – 2019-04-03 7850 

 

The volumes of these debris avalanches and rockfalls were quantified in the Cloud Compare software 

described earlier. The elevation views of the cliff face showing were these losses occurred on the cliff face 

are shown in Figure 3. 
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Figure 3: Elevation views of cliff face volume losses between surveys near the site of the 23rd January 2019 

debris avalanche (hashed outline on initial figure).   

5 REPEAT SURVEYS OF THE 8 KM OF CLIFTON BEACH COASTLINE 

Following on from analysis at the 23rd January 2019 debris avalanche, Stantec was asked to provide an 

assessment of the rockfall locations, sizes, frequency, and area impacted for the 8 km of coastline between 

Clifton (Clifton Motor Camp) to Cape Kidnappers (the gannet colony).  

The Surveying Company undertook a systematic survey of the entire coastline between 8th March 2019 and 

10th April 2019. A second systematic survey was undertaken some four months later between 31st July 2019 

and 11 September 2019. This contrasts with the more frequent survey intervals of 3-14 days undertaken for 

the Cape Kidnapper Landslide in Figure 3.  The surveys had to be undertaken under similar conditions of 

low tide, easterly sun and overcast conditions to create models that would allow comparison between 

surveys. 

Again, the Surveying Company who produced and provided the dense point clouds to Stantec. Stantec used 

Cloud Compare software to detect changes between the successive point cloud models provided by the 

Surveying Company. Stantec located and calculated volumes for 129 sites where material was lost from the 

cliff face (Table 2) over the 8 km length of the survey. The number of debris avalanches and rockfalls 

captured by the more frequent and more closely spaced in time surveys of the area near the 23rd January 2019 

debris avalanche indicate that at least 129 rockfall or debris avalanches occurred along the full 8 km length 
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of the cliff. The actual number will probably be greater as from experience with the Cape Kidnappers 

landslide site, it is possible that an area of loss from the cliff face may be the result of several individual 

failure events.  

Table 2: Volume failure location counts 

Nominal Failure volume (m3) Number of locations 

1-10 60 

10-100 47 

100-1000 16 

1000-10,000 5 

>10,000 1 

* Features less than 1m3 were not counted 

An example of one of the nine sectors that were surveyed is shown in Figure 4, with the  locations of 

significant volume change circled is shown on the Figure 4. This figure includes both the significant areas of 

loss in the initial 10 week survey period of the Cape Kidnappers Landslide (main hot spot) together with the 

other smaller features along this larger reach during the total four month survey period.  

 

Figure 4: Example of volume failure locations from the global survey. The area of loss highlighted is in the 

sector with the 23rd January 2019 debris avalanche. 
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6 ALTERNATIVE TECHNOLOGIES / LIMITATIONS 

Direct LiDAR measurement from low-altitude fixed wing manned aircraft was suggested as a potential 

option. However, this method generally provides a less-dense point cloud in the order of 15-20 points per 

square metre and can have difficulty measuring overhanging or vertical features. 

Reflector-less terrestrial laser scanning could not be undertaken because a stable platform at the necessary 

distance from the cliff was not available (this equipment cannot be set-up to operate form a boat).  However, 

reflector-less terrestrial laser-scanning techniques were successfully used to monitor slope failures on coastal 

cliffs where a stable platform that could be repeatedly occupied was available following the Christchurch 

earthquake. 

The limitations of the used photogrammetric modelling include that it is not a direct measurement technique, 

but appropriate use of ground control verification can confirm what RMS accuracy was achieved during 

processing. Photogrammetry can provide noisy models when dealing with highly reflective or low contrast 

surfaces. In the case of the Clifton Beach rock face, there are no highly reflective surfaces, and there is high 

detail and contrast, resulting in an excellent dense point cloud. Vegetation can often occlude parts of models 

as photogrammetry cannot model any point that is not visible in a minimum of at least three photographs.  

The points clouds produced in the photogrammetric modelling process were not cleaned or classified in this 

instance so there was some persistent gaps in the surveys where vegetation was present, or grew between 

surveys. Vegetation creates apparent noise in the cloud-to-cloud comparison which has to be filtered out 

qualitatively by inspection. An example of this can be seen in Figure 5. 

 

Figure 5: Example of vegetation noise in the analysis 

Classification algorithms must be trained accurately if they are to be relied upon for removing vegetation, 

otherwise significant post processing must be allowed for manual removal of such features. 
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7 CONCLUSION 

Accurately positioned aerial photography with drones can be undertaken with relatively affordable 

equipment. 

Dense point cloud models produced by photogrammetry can achieve an absolute accuracy of 50mm or better 

with high-quality GPS positioning and ground control. 

This resolution of data is enough to confidently identify changes in face geometry down to 100mm. 

Photogrammetric surveying using baseline and repeat surveys is a useful tool to quantify rockfall hazards 

affecting routes and infrastructure.  A route or site should be surveyed initially to acquire a baseline 

photogrammetric data for comparison with subsequent data collection activities. This process will provide 

data that can inform the assessment of rockfall hazards. 
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ABSTRACT 

Waka Kotahi, the New Zealand Transport Agency (NZTA), under its policy of providing a safer and more 

resilient road network, has adopted the NSW Government Transport, Roads & Maritime Services ‘Guide to 

Slope Risk Analysis’ to provide a consistent methodology for assessing safety to road users. The approach 

was first adopted for remediation of the slopes affected by the M7.8 Kaikoura Earthquake, and has 

subsequently been utilised on further NZTA projects. 

In 2017, the NZTA included an Assessed Risk Level (ARL) of 3 or better (to be determined in accordance 

with the NSW Guide) as a Minimum Standard for the proposed Mt Messenger Bypass, State Highway 3, 

Taranaki.  

This new section of road requires high cuts through soft rocks of the Mount Messenger Formation. The 

combination of steep natural topography and requirement to minimise the earthworks footprint in the 

ecologically-sensitive environment, determined the need for high, steep rock cuttings with a resulting 

rockfall hazard, primarily from ‘slabbing-type’ failures of the non-cemented sandstones and siltstones. 

This paper presents a brief introduction to the NSW Guide procedure and the methodology adopted for 

determining the rockfall hazard for the Mt Messenger Bypass, including a field trial to calibrate rockfall 

modelling, and development of mitigation measures to achieve the required minimum ARL. 

The NZTA has adopted a slightly modified version of the NSW Guide for application across its network and 

highlights the strict requirements around training and accreditation for NZ-based geotechnical professionals 

to apply the risk analysis procedure to promote accurate and consistent assessments. 
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1 GUIDE FOR SLOPE RISK ANALYSIS 

1.1 Background 

The New South Wales Government, Transport Roads and Maritime Services ‘Guide to Slope Risk Analysis’ 

Version 4, April 2014 (the ‘Guide’) was developed to assess the risks associated with cut and fill slopes, 

natural slopes, retaining structures and spill through bridge abutments adjacent to state roads in New South 

Wales. It is intended to assist in setting priorities for investigation, monitoring, remediation and management 

of such slopes and structures. It is based on the approach presented in the Landslide Risk Management 

Concepts and Guidelines and the Practice Note Guidelines for Landslide Risk Management (2007). 

The Guide is very clear that it is intended for use by competent geotechnical practitioners and that ‘extensive 

training in the use of the method is necessary before meaningful assessments can be made, even when the 

analyses are carried out by geotechnical practitioners experienced in slope stability assessments. Use of the 

procedure is therefore restricted to experienced geotechnical practitioners who are trained and accredited by 

RMS’.  

The Guide was primarily developed for use in assessing risks to existing highway infrastructure, but is also 

applicable to new roads as a way of assessing the safety requirements to be instigated at the design stage. 

In New Zealand, the NZTA is adopting the Guide for use on the state highway network, with some 

modifications to be covered in a ‘country amendment’, and will be making available the necessary training 

and accreditation for geotechnical practitioners as a prerequisite for its application. 

1.2 Application of the Guide – determination of the Assessed Risk Level 

This section provides a very brief overview of the procedure detailed in the Guide. As noted above, 

geotechnical practitioners are required to be familiar with the details provided in the Guide and undertake 

training and an assessment prior to use on RMS or NZTA projects. 

The Guide follows the general process for risk management as set-out in AS/NZS 4360 (2004), in terms of 

establishing the context of the process, identifying and analysing the hazards with respect to likelihood and 

consequences. Evaluation, management, monitoring and communication of the assessed risk follows on from 

slope risk analysis. 

For existing sites, the slope risk analysis is largely based on visual assessments, but may be supplemented by 

further information where available. Whilst insufficient information is typically available to complete a 

quantitative probabilistic analysis, the risk assessment procedure is based on an underlying quantitative 

structure expressed in a series of rating scales. Application of the Guide for new sections of road, requires 

judgement as to the expected hazards and performance of the slopes. It is anticipated that these assumptions 

would be validated during and following construction through a visual assessment. 

The risk assessment procedure reflects conditional probabilities which characterise the chain of events which 

must occur for slope instability to result in a fatality. In essence, the process considers the Likelihood of a 

slope failure occurring and interacting with road users, combined with the Consequence of that interaction 

(risk to life), to determine an overall Assessed Risk Level (ARL).  

1.2.1 Likelihood 

Likelihood is assessed based on two parameters: Probability of detachment (Pd) and Travel Probability (Pt). 

Probability of detachment (Pd) represents a potential slope failure mechanism, ranging from 1 (failure 

appears imminent or evidence the mechanism is currently active) to 1x10-5 (failure would require the most 

extreme of triggering events).  
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Having identified potential failure mechanisms, the probability of that failure interacting with road users (the 

‘element at risk’) is evaluated. A travel probability (Pt) of 1 implies that the mechanics and volume of the 

failure make it certain that the failure will reach the element at risk, reducing to <1x10-6, where such a failure 

is extremely unlikely impact road users.  

Both Pd and Pt are estimated based on orders of magnitude, to reflect the uncertainty in estimating 

accurately these parameters. The combination of Pt and Pd confirms the Likelihood (L) category from the 

risk matrix given in Figure 1. 

 

Figure 1: Likelihood allocation matrix, Table 10 taken from the Guide. 

The likelihood allocation ranges from L1, with an indicative annual probability of 0.9, meaning the event 

may, or is expected, to occur within a short period under average circumstances, or the mechanism is 

currently active, to L6, in which the event is unlikely to occur even under extreme circumstances. 

1.2.2 Consequence 

Once a hazard has been identified, the Consequence of the hazard is assessed. The Guide considers 

Consequence in terms of both loss of life and damage to property (social/economic impacts).  

Note that the Guide includes failure mechanisms associated with cuttings / natural slopes, embankments and 

retaining walls. The application of the Guide for NZTA projects is currently limited to cuttings / natural 

slopes and only considers the consequence in terms of loss of life. As such, the remainder of this paper 

focuses on the life safety assessment. It is worth noting that the economic/social disruption impact of 

rockfall-type failures, which can typically be cleared very quickly and cheaply by road maintenance crews, is 

generally minimal. This aspect relates more to embankment / retaining wall failures where road closures may 

stay in place for a prolonged period and require expensive remedial works.  

There are two parameters that are combined to assess the Consequence in terms of loss of life: Temporal 

Probability (T) and Vulnerability (V). 

The temporal probability that a person will be impacted by the failure, at the time of failure; i.e. hit by falling 

debris, or that they may drive into debris, and their ability to evade the failure. Temporal probability ranges 

from T1 (probability >0.5, i.e. a person is usually expected to be present as part of the normal pattern of 

usage) to T5 (probability < 0.001, a person is very unlikely to be present). For road users, Temporal 

Probability is defined in the Guide as the traffic volume (Average Annual Daily Traffic, AADT). This is 

illustrated in Figure 2. 
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Figure 2: Temporal probability rating for road users (Figure 10 taken from the Guide). 

It should be noted that for roads close to the traffic volume boundaries between ratings, the temporal 

probability, and therefore Consequence and assessed risk level, may change over time, even if all other 

factors remain equal. 

Having assessed the temporal probability of possible failure mechanisms, it is then necessary to consider the 

Vulnerability (probability of the event causing death), from the interaction of road users with the hazard. The 

Vulnerability takes account of vehicle speed (post speed limit for the section of road) and block size 

(minimum dimension as it would lie on the road). 

Ratings vary from V1, with a probability >0.5, i.e. for a vehicle impacting a large block (>1m) at highway 

speeds, to V5 (probability <0.001, i.e. vehicle impacting a small block (around 0.2m) at urban speeds or a 

smaller block at highway speeds). A series of tables and definitions are provided in the Guide to help 

determine the Vulnerability for different size / types of debris and travel speeds. These generally assume a 

vehicle impacts debris deposited on the road, rather than a direct impact by rockfalls, but a separate table is 

provided for the latter scenario. 

A combination of the assessed Temporal Probability (T) and Vulnerability (V) results in the Consequence, as 

shown in Figure 3. 

 

Figure 3: Consequence matrix for risk to life (Table 25 taken from the Guide). 

1.2.3 Assessed Risk Level 

Once the Likelihood and Consequence have been determined, for each hazard present at a site, the Assessed 

Risk Level (ARL) is determined from a risk matrix (Figure 4). 
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Figure 4: Assessed risk level matrix (Table 27 taken from the Guide). 

The ARL for a site is confirmed as the highest (worst) for each of the assessed hazards. 

Determination of the ARL is largely considered to be a rating, from which evaluation and management of the 

risk can be determined. Generally speaking, an ARL1 or ARL2 is likely to be considered unacceptable in the 

medium- to long-term, and remedial measures may be put in place to reduce the risk. Temporary measures 

may be employed in the short-term (i.e. speed restrictions) whilst the site is further assessed and mitigation 

options developed. ARL4 and ARL5 are considered acceptable (for existing sites and for new roads), but 

should be monitored to check for any deterioration. An ARL3 is typically considered to sit in the range 

where regular monitoring and/or some interception and remedial measures may be deemed appropriate for 

existing roads. To date, NZTA has required an ARL3 or better be adopted for existing and new sections of 

state highway, reflecting the generally more active and dynamic geological conditions in NZ compared to 

NSW. 

When used as a rating, it is clear that achieving consistency of assessments over time and between assessors 

is critical to the aims of the risk assessment procedure. The Guide, training and accreditation, are necessary 

to promote this consistency amongst geotechnical practitioners undertaking slope risk analysis. 

2 MT MESSENGER BYPASS, STATE HIGHWAY 3, TARANAKI 

2.1 Overview 

The Mt Messenger Bypass is being designed and constructed by the Mt Messenger Alliance (MMA). This 

comprises Downer Enterprises Ltd, HEB Construction Ltd, Tonkin & Taylor Ltd and WSP New Zealand 

Ltd, in association with NZTA. 

The primary objectives of the bypass are to enhance the safety, resilience and journey time reliability of 

travel on State Highway 3 (SH3) between New Plymouth and Hamilton, contributing to enhanced local and 

regional economic growth and productivity for people and freight. 

The project involves the construction of a new 5.2km section of two lane highway, bypassing the existing 

steep, narrow and winding section of SH3 at Mt Messenger; approximately 45 minute drive north of New 

Plymouth.  

The proposed route cuts through the steep terrain of the north Taranaki Hills, requiring two bridges, a 

number of high embankments, a 230m long tunnel and 15 rock cuttings with a combined distance of 

approximately 2.5km. Cuts are typically in the 20 to 40m height range, but increase to 60m over short 

distances. The cuttings are to be formed with a mono-slope of 2V:1H (63°) within the soft-rocks of the late-
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Miocene Mount Messenger Formation (Mim)1. These comprise marine turbidite sands and muds deposited in 

outer shelf to basin floor settings of the Taranaki Basin, and include a continuum of silty, fine-grained 

sandstones to silty mudstones, with sub-horizontal bedding, but otherwise, limited defects. 

2.2 Assessed Risk Level for Rock Cuttings 

2.2.1 Hazard identification 

In terms of the ARL for the road cuttings, four dominant modes of failure have been identified during the 

design process following extensive inspections and mapping of local exposures of the Mim in the vicinity of 

the site and similar ‘papa’ rocks in the wider region. These include: 

• Hazard 1: Slabbing failures emanating from the cutting faces, post-construction. 

• Hazard 2: Slabbing failures of the natural, steep slopes above the cuttings. 

• Hazard 3: Large, defect-controlled failures emanating from the cutting faces and/or natural slopes. 

• Hazard 4: Landslip / debris flows of the colluvial soils that mantle the steep slopes above the cuttings 

following large storm events. 

Hazard 1 (H1) was deemed to be by far the most prevalent potential form of instability and resulted in the 

highest ARL for all cuttings. The remainder of this discussion focuses on the assessment completed for H1. 

Slabbing failures, which are very common in the Tertiary-age soft rocks ubiquitous in the central North 

Island, are believed to result from a combination of stress relief (unloading due to cutting formation) and 

surface weathering (wetting-drying and heat-cool cycles); and therefore continue indefinitely. This leads to 

‘slabs’ of rock which are typically 1 to 3m in length, 1 to 2m high and generally less than 0.3m deep 

(occasionally up to 0.5m). Some typical examples of slabbing failures within existing cuttings of the Mim are 

shown in Figure 5. 

 

Figure 5: Slabbing failure examples from ‘papa’ rocks close to Mt Messenger. 

 

1 Edbrooke, S.W. (compiler) 2005: Geology of the Waikato area. Institute of Geological & Nuclear Sciences 1:250,000 geological map 4. 1 sheet + 68 p. 

Lower Hutt, New Zealand. Institute of Geological & Nuclear Sciences Limited. 
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For the H1 hazard, some of the parameters required for the slope risk assessment were relatively 

straightforward to determine with a reasonable degree of a confidence, as follows: 

Pd - based on inspections and mapping of existing road cuttings and natural rock exposures within the Mim 

and discussions with road maintenance crews, it was clear that the probability of detachment was going to be 

high for all cuttings (Pd = 1). For the larger cuttings, more than one rock fall event could be anticipated to 

occur annually (see below). New slabbing failures were evident on the cuttings along the Mt Messenger 

section of SH3 between each site visit, indicating the recurrence of these features. 

V - the vulnerability of road users to rock falls could also be readily assessed based on evidence of the typical 

size of blocks expected to reach the carriageway (termed ‘S3’ sized individual blocks in the Guide, with a 0.2 

to 0.5m minimum dimension), corresponding to V3. Sensitivity analyses were also undertaken assuming 

fewer, but larger blocks, and a separate category referred to as ‘loose or wet mixed soil/rock debris’. 

Based on the AADT it was determined the Temporal Probability was T3. To allow for future increase I road 

use, the predicted AADT in 30 years was adopted. Whilst the traffic volume was close to the boundary 

between T3 and T2, T3 was deemed appropriate based partly on the fact that a significant portion of the 

traffic on this section of SH3, comprises large freight trucks, which are excluded from the traffic volume in 

the Guide; which is based purely on the number of cars. The basis for this being the lower risk of fatality 

from a large truck hitting debris compared to a car. 

The combination of V3 and T3 gives a Consequence of C3, as per Table 25 of the Guide (Figure 3). 

2.2.2 Travel Probability (Pt) 

The main parameter requiring the application of further assessment and engineering judgement, relates to the 

Travel Probability (Pt). Several approaches were considered to make this assessment, including reference to 

past failures from road cuttings in similar conditions reaching the carriageway or not, anticipated run-out 

distances based on the height, slope angle and presence of a catch ditch, and rock fall modelling using 

Rocscience Inc. RocFall software. These each had their limitations, including: 

• Whilst many of the existing rock cuttings are formed at steep angles, similar to the design profile 

(ranging from 2V:1H to 12V:1H), very few are higher than 15 to 20m, and therefore 

unrepresentative of the proposed higher cuttings. 

• Most estimates of run-out distance and rockfall modelling are based on observations of strong rocks 

with more spherical / cuboid shapes, unlike the typically weak and tabular shape of the anticipated 

slabbing failures of the Mim. 

An important aspect of the NZTA Minimum Standards for the Mt Messenger Bypass project, was the 

requirement that cuttings shall achieve an ARL of 3 or better, over the design working life (100 years). 

Slope risk analysis are typically completed for the conditions pertaining to the slope at the time of the 

assessment (or upon completion for new roads). By projecting this out over the design life of the cuttings, 

meant that consideration of how the cuttings may behave in the medium- to long-term and how that may 

impact the ARL. 

This requirement had a major impact on the assessment of travel probability. Preliminary rockfall modelling, 

based on the relatively smooth cutting faces that would be expected to prevail at the end of construction, 

suggested rockfalls would have limited trajectory and could readily be intercepted by a relatively narrow and 

shallow catch ditch at the toe of the cuttings. However, it was clear that over the life of the cuttings, 

progression of weathering and slabbing failures would lead to an uneven surface and development of launch 

features able to increase the trajectory of falling rocks away from the toe of the cuttings and potentially onto 

the carriageway.  
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To provide a reasonable assessment of this surface relief, digital scans of existing road cuttings, known to 

have been formed around 30 to 40 years previously, were completed. This surface pattern was imported into 

the RocFall software and, as expected, resulted in much greater rock fall trajectories, with a number of 

blocks falling directly onto the carriageway (particularly for source rocks from >20m high).  

Whilst this accounted for a relatively small proportion of the total rockfalls modelled (1 to 5%), an estimate 

was made of the potential number of slabbing failures per year, for each cutting. This estimated number of 

rockfalls was combined with the percentage predicted to reach the carriageway to provide an indication of 

the Pt of a single rock reaching the carriageway in any one year. This may be viewed as a deviation from the 

Guide, in that each individual hazard is assigned a Pt value, placing it in the 0.1 to 0.01 category, but clearly, 

where many rockfalls are predicted per year, the potential for any one of those rockfalls to reach the 

carriageway would seem consistent with the intent of the Guide.  

The number of rockfalls per year was assessed based on apparent regression rates of existing road cuttings. 

One of the scanned slopes was known to have been formed 30 years previously and cut at a 2V:1H gradient. 

By comparing the existing cut face geometry, it was possible to estimate the volume of material lost and 

converted to an equivalent number of slabbing failures per year (based on average block sizes). This resulted 

in a Pt of 1.0 for the larger cuttings and 0.1 for the smaller cuttings. 

2.2.3 Assessed Risk Level (ARL) 

When combined with a probability of detachment, Pd = 1, a Pt = 1 or 0.1 results in a Likelihood of L1 and 

L2, respectively. With a Consequence of C3, this results in an ARL1 and ARL2, respectively. Based on this 

assessment, most of the cuttings were deemed not to meet the required ARL3 or better, and required some 

form of mitigation. 

2.2.4 Rockfall trial 

This preliminary assessment of the ARL had a significant impact on the project, not only in terms of 

potential costs, but also on the environmental and landscape objectives. It was therefore decided that a 

rockfall trial should be conducted to calibrate the rockfall modelling and provide a more realistic assessment 

of the rockfall trajectories and resulting Pt. 

Unfortunately there were no suitable existing cuttings or natural slopes high enough and/or at a similar 

2V:1H gradient, but the selected rockfall test site included an approximately 30m high cut face formed at 

close to 2V:1H, with a natural slope above to assist in releasing rockfalls from higher elevations to provide 

additional velocity required to replicate the higher cut slopes (Figure 6). 

Limited details of the rockfall trial can be provided here, but the testing comprised the release of over 100 

rocks ranging in size from approximately 100mm to 500mm from different heights on the cutting face and a 

small number from the natural slope above. Five cameras were positioned to record the route and trajectories 

of the falling rocks and to estimate their velocities. This included two high-definition, high-speed cameras 

attached to UAV’s, one positioned directly above the rockfall, the other facing the cutting, with further 

cameras located at ground level to provide a side view of the rock trajectories. 
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Figure 6: View of rockfall trial site (abseiler in orange on upper central section provides scale). 

The results were, somewhat surprisingly, consistent with the rockfall modelling based on the scanned surface 

of the rockfall trial site. Whilst a large proportion of the rocks fell close to the toe of the cut, a small but 

significant proportion followed trajectories consistent with the modelled launch features, with several rocks 

reaching the road carriageway directly (Figure 7).  

Many of the falling rocks were also observed to bounce or roll out of the catch ditch onto or across the road. 

It had been assumed that most blocks landing within the catch ditch would break-up on impact with little or 

no further travel, and had therefore been discounted from the count of potential rocks reaching the 

carriageway. It was also interesting to note that once released, the rock slabs very quickly broke-up into 

smaller rocks which then followed their own path and trajectory, rather than sliding as a single slab and 

breaking-up on impact at the base of the slope. 

 

Figure 7: Example rockfalls illustrating possible trajectories during trial. 
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2.2.5 Mitigation Options 

Based on the rockfall modelling, calibrated by the rockfall trial, it was assessed that most of the cuttings 

should be assigned an ARL of 1 or 2. A number of potential mitigation options were evaluated, including 

varying the depth and width of the catch ditch, rockfall barriers of different heights / distances from the toe 

and on the face of the cutting, laying back the cutting slopes to a slacker gradient. The latter option proved 

largely impractical due to the steepness of the natural topography with cuts ‘chasing’ the slope, making them 

much higher and introducing a larger face area (and therefore source area for rock fall hazards). 

The preferred solution comprised the combination of a minimum 2.7m wide and 1m deep catch-ditch and 

rock netting system for any cuttings over 20m high. The minimum 2.7m catch-ditch was included primarily 

to allow vehicle access for ease and safety of maintenance (noting that the lack of clearance of rockfall debris 

from behind barriers often leads them to be largely ineffective) and to provide a good catch area for the 

lower cuttings. The catch-ditches double as the drainage swale for stormwater runoff.  

The 20m height cut-off for use of rockfall netting was based on modelling results, which indicated rockfalls 

emanating from heights of <20m had a low probability of reaching the carriageway (Pt = 0.01). Where rock 

netting is required, this is to extend to the base of the cutting. An option was considered to terminate the 

netting at 20m above the base of the cuttings, but the assumed exit velocities of falling rocks from beneath 

the netting suggested a number of rocks could still reach the carriageway. The authors are not aware of any 

detailed research that enables a realistic assessment of the exit velocity of rocks in such situations and is 

considered an important area for future research. 

With the proposed catch-ditch and rock netting, the high cuttings have an assessed risk level of ARL 5 for 

H1. For the lower cuttings, where only a catch-ditch is proposed, an ARL 3 is assessed. Based on the 

remaining hazards (H2, H3 and H4), not specifically addressed by the rock netting, all cuttings were assessed 

to have an ARL of 3 or 4 for life safety. The slope risk analysis and proposed mitigation measures have been 

independently peer reviewed as part of the project quality control. Early involvement of the peer reviewer 

ensured this was a constructive process and added value to the overall assessment. 

It is noted that the rock netting may deteriorate before the 100 year design life. However, this does not 

necessarily mean that the netting will need to be replaced to maintain the ARL 3 or better in the long-term. It 

is expected that the number of slabbing failures will diminish over time to the extent that the frequency of 

rockfalls may reduce below the point where the Likelihood reduces sufficiently that the ARL remains at 3 or 

better without the rockfall netting in place. Also, the 20m and lower cuts which are not proposed to have 

rock netting, will need to be monitored. Weathering and slabbing may lead to distinct launch features that 

could result in some rockfall trajectories extending beyond the catch-ditch and potentially reach the 

carriageway. These aspects highlight the benefit of conducting ARL reviews to monitor changes in the slope 

behaviour. 

3 FUTURE MODIFICATIONS FOR USE IN NEW ZEALAND 

Following the successful outcomes of applying the Guide for the Kaikoura, Mt Messenger Bypass and  

several other smaller capital and maintenance projects, Waka Kotahi will be adopting the Guide modified 

through a ‘country amendment’ which will detail the parts of the NSW RMS approach that will be adopted 

together with a small number of modifications to align better to New Zealand conditions.  

The NSW ARL approach requires inspections and assessments to be undertaken by accredited persons. 

Currently accreditation can only be obtained by attending the accredited course in Australia. In line with 

their intent to continue with this approach, Waka Kotahi has developed its own accreditation course which 
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will cover the new Waka Kotahi/NZTA ARL approach, being a variant of the NSW approach. Successful 

accreditation will be required to undertake slope assessments on behalf of Waka Kotahi. 

Upon successful completion of the course, participants will be accredited to undertake slope assessments for 

Waka Kotahi. Accreditation will be valid for five years at which time evidence that slope assessments have 

been undertaken will be required and, subject to satisfactory demonstration, accreditation will be extended 

for a further five years. Those unable to demonstrate they have been undertaking slope assessments may be 

required to undertake a refresher course and/or work under supervision. 

4 CONCLUSIONS 

This paper is intended to help raise awareness within the New Zealand geotechnical community of the use 

and application of the New South Wales Guide to Slope Risk Analysis and its proposed wider application on 

Waka Kotahi projects.  

The applicability of the risk assessment procedure for new roads in New Zealand has been demonstrated 

through reference to the Mt Messenger Bypass project. This has highlighted the need for engineering 

judgement, supported by reasonable investigation and assessment (rockfall modelling supported by field 

trials) for those parameters that cannot be readily defined during design.  

NZTA has adopted a modified version of the Guide for use in New Zealand and is establishing training and 

accreditation courses for geotechnical practitioners to promote accurate and consistent application on future 

projects. 
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An analysis of sacrificial anchor tests and 

geological conditions across the NCTIR project 

T. Revell & A. Hills  
Aurecon New Zealand Limited, Christchurch. 

ABSTRACT 

The Magnitude (Mw) 7.8 Kaikōura earthquake struck the east coast of the South Island of New 

Zealand in November 2016, resulting in widespread damage to the slopes along the Kaikōura coast. 

Many of the subsequent remediation measures relied on rock anchors, and a significant amount of 

test data from these anchors was collected. This paper provides a summary of the geological 

conditions and analysis of the sacrificial anchor test results from the various slope stabilisation 

systems installed. The geological conditions encountered are compared with the adopted grout to 

ground bond stresses to highlight trends and provide an insight into the strength of the different 

geological conditions for use in design.  This may be useful in other areas of similar geology in the 

future. This analysis provides a link between the engineering geologists’ site investigations and the 

geotechnical engineers’ designs. 

1 INTRODUCTION 

The 2016 Magnitude (Mw) 7.8 Kaikōura Earthquake devastated road and rail infrastructure over hundreds of 

kilometres and resulted in over a billion dollars in damage. The Waka Kotahi Transport Agency (Waka 

Kotahi) and KiwiRail established the North Canterbury Transport Infrastructure Recovery (NCTIR) Alliance 

with the goal of re-opening the road and rail networks by December 2017. 

As part of the NCTIR programme, more than 85 landslides have been remediated. Each landslide created a 

unique complex hazard, and required mitigation measures to reduce the risk to the road and rail users. These 

mitigation measures included many ground and rock anchors within the protection systems and structures.  

The intent of this paper is to provide an insight into the geological conditions and sacrificial anchor test 

results at multiple NCTIR sites around Kaikōura. The geological units encountered during drilling are 

compared with the grout-to-ground bond stresses gained from sacrificial testing to highlight trends and 

provide an insight for use in the design process. The data presented may be useful in other areas of similar 

geology.  
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2 GEOLOGY 

The Kaikōura Coast is dominated by the north-east trending Seaward Kaikōura Range. The slopes rise from 

the sea along the coastline, and the transport corridor is located on a narrow width of flat land between the 

foreshore and the toe of the hillslopes. The steep and rugged slopes adjacent to the corridor rise to over 

300 m above sea level.  Slope angles are typically 35° to 50°, with localised short sections of near-vertical 

cliffs along the coastline. 

Basement ‘Greywacke’ of the Pahau Terrane forms the hills along the coast south of Kaikōura and much of 

the North Kaikōura Coast.  The Greywacke typically comprises slightly to moderately weathered sandstone 

and mudstone (argillite), often with a mantle of moderately to highly weathered rock close to the ground 

surface. The mudstone is typically weak and the sandstone is moderately strong to strong. Within the 

southern Seaward Kaikōura region, the Greywacke has sub-parallel strata with widespread steeply dipping 

joints and occasional larger hinge fold features. 

Colluvium, and in some cases recent earthquake-induced deposits of talus, overlies the Greywacke and is 

typically a mixture of rock fragments, silt and sand.  The colluvium is widely distributed over the basement 

rock throughout the project area where slope angles are gentler than 45°. The colluvial mantle is typically 

0.5 m to 1 m thick near the ridge tops, and increases in thickness downslope, with a maximum observed 

thickness of approximately 15 m.  

The main geological units in the Kaikōura region are shown in Figure 1, below, overlaid with the locations 

of the southern project sites considered in this study. 

 

Figure 1: Geological mapping of the Kaikōura area from Rattenbury, Townsend and Johnson (2006) 

overlaid with project testing sites in the southern Kaikōura region considered in this study. 
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2.1 NCTIR Rock Mass Classification 

Due to the variety of geological characteristics within Greywacke in the Kaikōura region, Macfarlane and 

Justice (2017) introduced a classification system for the rock masses across the NCTIR project. The NCTIR 

Rock Mass Classification system, outlined below in Table 1, is based on the Geological Strength Index, GSI 

(Hoek et al., 2002) and was developed specifically for the assessment of slopes within the Greywacke and 

Greywacke-derived colluvium. The classification system was developed to assist with the consistency of 

recognising and defining the geological site conditions observed at the surface to improve inputs during 

design.   

The classification system has four classes (Class I – IV) to cover the range of Greywacke material, from a 

defect controlled competent rock mass (Class I), to colluvium/talus (Class IV). All of the rock classes can be 

found across the coast. The majority of Class I rock south of Kaikōura has been encountered at the larger 

vertical cliffs at truncated spurs above the road platform. The Class II and some Class III were generally 

encountered within the upper outcropping rock along ridgelines, where topographical amplification has 

resulted in significant shaking damage following the Kaikōura Earthquake. Class III and Class IV were 

encountered within the inter-joining slopes and locations of remnant paleolandslides, and by total area form 

the majority of surface geology along the southern extent of the NCTIR project sites.  

The characteristics of each geological classification resulted in different set-ups for anchor testing, which is 

shown in Table 1, and discussed further in Section 4. 

 

Table 1: NCTIR Rock Mass Classification with Project Examples. 

Class 

Geological 

Description 
(Macfarlane & Justice 

2017) 

Anchor 

Installation 

Method 

Example Project Sites  
(approximate scale) 

Corresponding Anchor 

Testing  

I 

Stability controlled 

by persistent defects 

(wedges, plane 

failures, topple) 

Majority open-

hole drilled, 

gravity grouted  

  

II 

Failure may be 

goverened by 

defects 

(broken/dilated rock 

slides off underlying 

less disturbed/less 

realxed rock) or 

may be governed by 

rock mass strength. 

Mostly open-hole 

drilled, gravity 

grouted, with 

grout-flushed self-

drillers used in 

some locations  
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III 
Failure governed by 

rock mass strength. 

Mostly grout-

flushed self-

drilling anchors, 

but some open-

hole drilled 

anchors.  

  

IV 

Colluvium/landslide 

debris/talus. 

Inherently unstable 

if oversteepened 

(undercut); erodible 

under moderate to 

high precipitation. 

Majority grout 

flush self-drilling 

anchors 

  

 

3 SACRIFICIAL ANCHORS 

Anchors were installed as part of anchored meshes, rockfall protection fences and debris flow barriers. 

Anchor types included galvanised solid steel bars installed using open-hole drilling in competent rock, and 

galvanised-epoxy coated hollow-bar self-drilling anchors used in the weaker rock mass and colluvium, where 

the risk of hole collapse was apparent.  

Sacrificial anchors were installed to confirm the grout to ground bond strengths used in design at the specific 

location of the structure or within similar geology. The sacrificial anchors were generally installed to a total 

length of 3 m, with a 1.5 m un-bonded length and 1.5 m bonded lengths, see Figure 2. The drill diameter and 

installation methodology generally were the same as for production anchors, expect that grout was only 

installed in the bonded length. 

The anchor installation method, as outlined in Table 1, is influenced by the rock mass classification. The 

installation method used, along with the rock mass characteristics, has an impact on the total size of the grout 

column, with some self-drilling anchors recorded using grout volumes up to 300% of the theoretical hole 

volume. The grout columns have been considered equal across rock masses during analysis (i.e. 100% of the 

theoretical drilled hole) but realistically self-drilling anchors and open-hole anchors in weaker rock masses 

will have larger grout columns and therefore will return apparent bond pressures higher than reality due to 

the larger surface area. This why the installation method is kept consistent between sacrificial and design 

anchors.  
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Figure 2: NCTIR standard detail for sacrificial anchor installation and testing.  

At the start of the NCTIR project the grout to ground bond strengths used in design relied upon the NCTIR 

Rock Mass Classification determined in the field by the project geologists, and the various empirical ranges 

provided in the literature, such as Ostermayer and Barley (2002) and Littlejohn and Bruce (1977). 

However, as the NCTIR project progressed, a significant number of sacrificial anchor tests were completed 

and the results began to be compiled into a single dataset. The site location, anchor type, bonded and 

unbonded lengths, failure load, drillers’ notes and the NCTIR Rockmass Classification were all recorded. 

Using this consolidated dataset, the team were able to analyse the grout to ground bond strengths in relation 

to the NCTIR Rock Mass Classification and provide more accurate estimations of bond strengths based on 

the surface geology. 

4 ANALYSIS OF THE RESULTS 

The analysis of the sacrificial anchor data is considered in two parts: observations and predictions. 

4.1 Part 1: Observed Values 

The highest, lowest and mean values from the sacrificial anchor test results are shown in Figure 3 for each 

class of rock. The mean bond strengths for Classes I to IV are 1040kPa, 650kPa, 440kPa and 300kPa, 

respectively.  

The volume of tests completed within each rock mass classification is also shown in Figure 3. The high 

volume of Class IV testing data is considered a consequence of two factors:  

1. The majority of structures, and thus sacrificial anchor tests, were installed in the colluvium at the toe of 

failed slopes where protection structures were needed.  

2. There is a relatively simple distinction between rock (Class I, II, III) and colluvium (Class IV), and the 

overlap between Classes I-III (i.e. rocks that fall into Class I/II and II/III) spreads these results out. 
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Figure 3: Grout to ground bond strengths using the NCTIR Rockmass Classification 

As expected, the anchor testing results show a gradual increase in the grout to ground bond strength as the 

rock mass improves. However, the ranges of bond strengths within each classification are relatively large, 

with the highest and lowest results often overlapping with two and three classifications. The highest result in 

Class IV (640 kPa) is within the range in all classes, including being the lowest value of Class I. The wide 

range in each class is assumed to be a consequence of different weathering profiles below the surface. In 

some cases, the Class IV rock/colluvium will be a relatively shallow layer confined to the surface with much 

more competent (Class II to III) rock at a shallow depth providing higher bond strengths. Conversely, in 

some cases Class I rock observed at surface may have persistent and open defects that extend well beneath 

the surface resulting in a deeper weathering profile or more frequent kinematic controlled instabilities that 

may be reduce the overall bond strength.  

4.2 Part 2: Predicting Values 

The NCTIR Rock Mass Classification system is intended to provide an indication of the structure and 

surface quality of the geological units observed across the NCTIR sites. The majority of sites, especially 

south of Kaikōura, are dominated by Greywacke. New Zealand Greywackes are generally a combination of 

high intact rock strength (100 MPa or more) with close jointing and structures which are often tectonically 

disturbed. Due to the variability within Greywacke it can be challenging to accurately predict an appropriate 

grout to ground bond strength from surface observations. As the classification system is based on surface 

geology, the different classes can be approximately associated to the weathering profile, varying from 

unweathered (Class I), slightly weathered (Class II), moderately weathered (Class III), down to highly 

weathered or colluvium (Class IV).  

In the original paper introducing the NCTIR Rock Mass Classification (Macfarlane and Justice, 2017), the 

four classes of rock were overlaid on the Geological Strength Index from Hoek (2002). This is shown along 

with the recorded grout to ground bond strengths within each classification category overlaid in Figure 4. 
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Figure 4: Predicted bond stress based on case history data compared to NCTIR rock mass classification 

(Macfarlane and Justice, 2017) and the Geological Strength Index (GSI) from Hoek et al. (2002). 

The individual results, marked green on Figure 4, illustrate the wide range of bond strengths within each 

classification. There is a clear gradual increase in the average grout to ground bond strengths marked by the 

orange triangles and trend line. This suggests that the NCTIR Rock Mass Classification should be used more 

as a scale to enable a more accurate estimation of the grout to ground bond strength. Many rock types are 

likely to fit among the boundaries of each class, such as a Class I/II or Class II/III rock.  

An appropriate use of the classification system and compiled dataset could be to initially identify the main 

rock class using the NCTIR Rock Mass classification system to provide a range of expected bond strengths. 

Initial estimates could be refined by a review of the structure and surface quality, to identify whether the 

particular rock is within a boundary of two classes to enable a more refined estimation of the bond strength.  

4.3 Uncertainties 
The figures presented in this paper indicate a rough, but clear trend. There is, however, noticeable scatter in 

the data. The most significant uncertainties are likely to arise from the following sources: 

1. Testing conditions – Although Figure 2 suggests a standardised set-up for testing, the reality of this 

installation depends greatly on the location of these tests. The variety of set-ups can be seen in Table 1, 

with varying amounts and complexity in cribbing, often with a requirement for roped access.  

2. Drill hole diameter – variations in the actual surface area of the grout column are likely to be significant, 

particularly in cohesionless colluvium and highly fractured rock where some degree of ‘inter-fingering’ 

in the void spaces is likely to occur.  
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3. Drilling / installation method – conventional drilling methods generally use gravity grouted anchors or 

pressure grouted systems. However, pressure grouting will vary by contractor and the actual pressure 

magnitudes can have a significant effect in some materials (FHWA, 1999). 

To explore some of these uncertainties further analysis could be completed with the addition of the 

acceptance testing results. Due to the quantity of the acceptance testing data, it has not been compiled into a 

single dataset. Detailed assessment of the acceptance test results could provide additional valuable 

information on bond capacities. 

5 CONCLUSIONS 

This paper has presented the analysis of the sacrificial anchor testing results from the geological units found 

along the southern Kaikōura coast identified using the NCTIR Rock Mass Classification system. This 

classification system and the dataset presented provides a clear approach for estimating the expected grout to 

ground bond strength and with some ground truthing could be useful on other projects within similar 

geological settings. 

Based on the upper and lower quartile results for each rock class, the authors recommend the following 

ranges for future design in similar rocks using the NCTIR rock mass classification system: 

• Class I  740 – 1100 [kPa] 

• Class II  590 – 800  [kPa] 

• Class III 300 – 640  [kPa] 

• Class IV 200 – 510  [kPa] 

Between each classification will exist an intermediary class (i.e. I/II, II/III, and III/IV). These intermediary 

classes should be considered and based on the structure and surface quality observed on site. The use of a 

scaled classification and ability to refine rock types based on the structure and surface quality will improve 

the accuracy of the estimated grout to ground bond strengths.  
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ABSTRACT 

The accurate knowledge of the geological, geotechnical, geophysical and geometrical 

characteristics of soil conditions at urban area, usually obtained through microzonation studies, is 

generally important to the seismic hazard and risk assessment, and consequently for decision-

making with respect to the reduction of earthquake-induced losses and insurances. However, the 

level of precision of the knowledge of soil conditions required for seismic risk assessment at urban 

scale, usually described with a single parameter (e.g. Vs,30) is still debated. The aim of the present 

study is to investigate whether a very detailed knowledge of site conditions in terms of Vs,30 may 

affect the seismic risk assessment compared to more simplified approaches, using as case study the 

city of Thessaloniki, Greece where we have a very good knowledge of the soil conditions. For this 

purpose, the European seismic risk model recently developed in the framework of the H2020 EU 

SERA project was applied to the residential building stock of Thessaloniki, Greece. We used 

different Vs,30 models of increasing accuracy, including a simplified one obtained via correlation to 

topographic slope and a rigorous one, obtained from measured Vs profiles. For the risk assessment 

we applied the taxonomy scheme and vulnerability models developed by the Global Earthquake 

Model. The results are presented in terms of average annual losses. For the specific case study and 

seismic hazard model, the estimated economic losses at urban scale are not significantly affected by 

the precision of Vs,30 model, although significant discrepancies may occur at local scale.  
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1 INTRODUCTION 

Seismic risk assessment and loss estimation are of major importance for decision-making with respect to the 

reduction of earthquake-induced losses at local, national and even continental scale. One of the main 

components affecting seismic risk assessment, especially at urban scale, is local site conditions, described by 

the geological, geotechnical, geophysical and geometrical characteristics of the soils underlying an urban 

area. Local site effects in seismic risk applications are represented by appropriate models of Vs,30 (time-

averaged shear wave velocity to 30 meters depth), as Vs,30 is the most commonly soil amplification parameter 

adopted by ground motion prediction equations (GMPEs). For large scale applications, Vs,30 models covering 

the entire urban area can be derived from correlations with readily available topographic slope data (e.g. 

Wald and Allen, 2007) or from the combined use of topography and geology (e.g. Kwok et al., 2018).  

In this work we investigate the role of local site conditions in seismic risk assessment at urban scale through 

the application of the open access European seismic risk model developed in the framework of the H2020 

EU SERA project (http://www.sera-eu.org/en/home/) to the residential building stock of the city of 

Thessaloniki, Greece, which is very well documented in terms of local site conditions. To this end, we use 

different Vs,30 models of increasing accuracy, including a simplified one obtained via correlation to 

topographic slope and a very rigorous one, obtained from measured Vs profiles at the study area. For the 

seismic risk assessment we use the “Stochastic Event Based Probabilistic Seismic Risk Analysis Calculator” 

of the open-source seismic hazard and risk software OpenQuake-engine (Pagani et al., 2014; Silva et al., 

2014) and we apply the taxonomy scheme by Brzev et al. (2013) and the vulnerability models developed by 

Martins and Silva (2020), both developed by the Global Earthquake Model (GEM). Estimated economic 

losses for the different Vs,30 models are compared in terms of average annual losses at both local and urban 

scale. 

2 STUDY AREA 

Thessaloniki is the second largest city in Greece and the financial center in Northern Greece. It is located in 

one of the most seismo-tectonically active zones in Europe. Its seismicity is mainly associated with the 

activity of the Mygdonia and the Anthemountas faults, which were responsible for severe destructive 

earthquakes with magnitudes up to Mw=7.0 (Papazachos and Papazachou, 1997). The latest major earthquake 

in Thessaloniki happened in June 1978 with an epicentre located at a distance of about 30km NE of the city 

and a magnitude of Mw 6.5, causing 47 fatalities, most of them in an eight-storey RC building which 

collapsed, 220 injuries and serious damages to about 4000 buildings (Penelis et al., 1988; Panou et al., 2014). 

The area studied herein (Figure 1) includes 16 municipalities and covers an area of 108 km2. 

2.1 Site conditions 

For the study area we adopted three Vs,30 models of increasing accuracy (Figure 2). The first model (Figure 

2a), which is the most simplified one, was extracted from the global slope-based Vs,30 model developed by 

the U.S. Geological Survey (USGS) (Wald and Allen, 2007). According to this Vs,30 model, most regions in 

Thessaloniki are classified as soil class B based on the Eurocode 8 (EC8) soil classification scheme (CEN, 

2004) with Vs,30 ranging on average between 360 and 720 m/s, while there is an additional zone close to the 

coastal area with softer soil materials classified as soil class C according to EC8 classification, with Vs,30 

values ranging between 225 and 300 m/s (Figure 2a). The second Vs,30 model (Figure 2b), which is the most 

rigorous one, has been obtained from measured Vs profiles at the study area. Compared to this model, the 

slope-based model of Figure 2a fails to identify the very stiff, rock-like formations with Vs,30>800 m/s 

located at the eastern part of the study area, while there is a rather good agreement for the remaining parts of 

the city. Finally, a third Vs,30 model was applied (not depicted in Figure 2), which uses an average Vs,30 value 

based on EC8 classification obtained from the measured Vs,30 model shown in Figure 2b, i.e. Vs,30 values 
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equal to 800 m/s, 580 m/s and 270 m/s were assigned to all regions classified as EC8 soil class A, B and C 

respectively. The third Vs,30 model tends to underestimate Vs,30 values in the regions classified as soil class C, 

which generally have Vs,30 values larger than 270 m/s (Figure 2b), and soil class A, and to overestimate Vs,30 

in most regions classified as soil class B. 

 

 

Figure 1. Thessaloniki study area 

 

(a)  (b)  

Figure 2. Local site conditions in Thessaloniki. Spatial distribution of Vs,30 based on (a) the USGS global 

Vs,30 model and (b) the measured Vs,30 model. 

3 SEISMIC RISK 

3.1 Methodology 

In order to investigate the effect of the different Vs,30 models on the estimated economic losses for the city of 

Thessaloniki, we used the “Stochastic Event Based Probabilistic Seismic Risk Analysis Calculator” available 

in OpenQuake-engine. This calculator employs an event-based Monte Carlo simulation approach to 
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probabilistic risk assessment in order to estimate the loss distribution for individual assets and aggregated 

loss distribution for a spatially distributed portfolio of assets within a specified time period (GEM, 2018). 

The calculator requires the definition of three components, i.e. (a) an exposure model, (b) a vulnerability 

model with vulnerability functions for each taxonomy represented in the exposure model, and (c) a hazard 

input in the form of a set of ground motion fields representative of the spatial distribution of the ground 

shaking at the surface, which can be generated either with OpenQuake’s Event Based Probabilistic Seismic 

Hazard Analysis (PSHA) calculator or provided by the user.  

When the “Event-based PSHA Calculator” is used for the seismic hazard computation, the provided 

seismogenic source model is used to create an earthquake rupture forecast (i.e. list of all of the possible 

ruptures that can occur in the region of interest), which is then employed to generate stochastic event sets 

(SES). Due to the random nature of the process, a large number of SES is required in order to reach statistical 

convergence in both the seismic hazard and risk assessments. For each event in the SES, a ground motion 

field (i.e. a spatial representation of the surface ground shaking) will be generated, considering the GMPEs 

(described through a ground motion logic tree) associated with the respective tectonic region as well as the 

local site conditions, which are taken into account through Vs,30.The surface ground shaking at a given 

coordinate will be combined with the physical vulnerability functions for the building classes identified at 

that location, and multiplied by their replacement costs to compute the expected loss for each event in the 

SES. This will lead to the derivation of event loss tables, comprising the losses per building class and 

location for each event in the SES. These tables can be used for the calculation of several risk metrics, 

including exceedance probability curves and average annualized losses (Silva et al., 2020). 

3.2 Exposure model 

The exposure model developed in this study concerns the residential building stock of Thessaloniki, Greece 

and is based on the taxonomy scheme of the Global Earthquake Model (GEM) (Brzev et al., 2013), which 

allows buildings to be classified according to a number of structural attributes, i.e., main construction 

material, lateral load resisting system, number of storeys and ductility level, which is herein assumed to be a 

function of the period of construction and respective seismic design code in force (see Table 1). By using a 

uniform classification scheme, it is possible to ensure that vulnerability models of all elements at risk are 

compatible with the exposure model (that provides the location and value of those elements at risk) that may 

be developed by different parts of the engineering community (Crowley et al., 2018). 

For the development of the exposure model for Thessaloniki we used the results from the 2011 Population - 

Housing and Buildings Census (ELSTAT, 2011), which include detailed data on the construction material, 

number of storeys, period of construction, type of roof and type of use for each census sector or each 

municipality of Thessaloniki. This data was properly processed to classify all the residential buildings into 

different building classes following the GEM taxonomy scheme (Table 1). For the lateral-load resisting 

system attribute, for which there was no available information from the census, we made some assumptions 

based on the feedback from the SERA European Building Exposure Workshop questionnaire 

(https://sites.google.com/eucentre.it/sera-exposure-workshop/questionnaire). The exposure model for 

Thessaloniki consists of a total number of 75342 residential buildings. Figure 3 illustrates the distribution of 

residential buildings in Thessaloniki based on (a) the construction material, (b) number of storeys and (c) 

period of construction. The most common building typologies in Thessaloniki city exposure model are 

reinforced concrete buildings (CR) designed with low to high seismic code (DUCL to DUCH), constructed 

after 1960. More specifically, the Thessaloniki exposure model consists of around 71300 reinforced concrete 

buildings and about 44% of buildings have 3-5 storeys. The three prevailing typologies are: 

CR/LDUAL+DUCL/HBET:3,5; CR/LFINF+DUCH/HBET:3,5; CR/LFINF+DUCL/HBET:3,5. 

 

https://sites.google.com/eucentre.it/sera-exposure-workshop/questionnaire
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Table 1. Values of attributes of the GEM Building Taxonomy (Brzev et al., 2013)  

Attribute Element 

Code 

Level 1 Value Element 

Code 

Level 2 Value 

MATERIAL CR Concrete, reinforced PC Precast concrete 

MUR Masonry, unreinforced CL99 Fired clay unit, unknown 

type 

MR Masonry, reinforced ST99 Stone, unknown 

technology 

MCF Masonry, confined ADO Adobe blocks 

MATO Material, other CB Concrete blocks, unknown 

type 

W Wood   

S Steel   

Lateral load-

resisting system 

(LLRS) 

LWAL Wall DNO Non-ductile (Period of 

construction: before 1959) 

LDUAL Dual frame-wall DUCL Ductile, low (Period of 

construction: 1960-1985) 

LFM Moment frame DUCM Ductile, medium (Period 

of construction: 1986-

1995) 

LFINF Infilled frame DUCH Ductile, high (Period of 

construction: 1996-

present) 

Height H Number of storeys above 

ground 

HBET Range of number of 

storeys above ground 

  HEX Exact number of storeys 

above ground 

SOS Soft Storey Buildings   

  

   
Figure 3. Distribution of residential buildings in Thessaloniki according to (a) construction material, (b) 

number of storeys and (c) period of construction. 
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3.3 Vulnerability model 

In order to perform seismic loss calculation, we employed appropriate to the Thessaloniki building 

typologies vulnerability models (Martins and Silva, 2020), which describe the probability distribution of loss 

ratios for a set of intensity measure levels. The methodology employed by the Global Earthquake Model for 

their Global Seismic Risk Map (v2018.1) (Martins and Silva, 2020) has been applied to develop the fragility 

models for European building classes, and consequence models are used to transform the fragility functions 

to vulnerability functions. The utilized vulnerability functions for the most common building typologies in 

Thessaloniki city, Greece are presented in Figure 4. We should stress that for these building typologies the 

adopted vulnerability curves are given in terms of spectral acceleration at 0.3s spectral period which is 

appropriate for the seismic code plateau values of most RC buildings in Thessaloniki. 

 

 

Figure 4. Vulnerability models for the most common building typologies in Thessaloniki city, Greece 

3.4 Seismic hazard 

For the computation of seismic hazard, we performed an Event-Based Probabilistic Seismic Hazard Analysis 

(PSHA) in OpenQuake, using the ESHM13 seismic hazard logic tree (Woessner et al., 2015). This specific 

type of analysis allows calculation of ground-motion fields from stochastic event sets. Traditional results, 

such as hazard curves and hazard maps, can be obtained by post- processing the set of computed ground-

motion fields. The ESHM13 ground motion logic tree, for active shallow crustal regions, uses the GMPEs by 

Akkar and Bommer (2010), Cauzzi and Faccioli (2008), Chiou and Youngs (2008) and Zhao et al. (2006). 

Among these models, only the Chiou and Youngs (2008) GMPE adopts directly Vs,30 as an amplification 

parameter (and has a relatively low weighting factor in the logic tree equal to 0.20), while the other three 

GMPE models use broad Vs,30-based site classes. The Akkar and Bommer (2010) and Cauzzi and Faccioli 

(2008) GMPEs adopt the EC8 Vs,30 ranges, while the Zhao et al. (2006) GMPE adopts the Vs,30 ranges of the 

U.S. National Earthquake Hazards Reduction Program (NEHRP) Recommended Seismic Provisions for New 

Buildings and other Structures (BSSC, 2015). 

In order to examine the effect of Vs,30 modeling on the seismic hazard, we compare in Figure 5 the hazard 

curves computed with the three Vs,30 models at two different locations, i.e. location 1 (Thessaloniki center) 

and location 2 (Kalamaria) shown in Figure 5a. For location 1 USGS provides a much higher Vs,30 value 
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compared to the measured model (527 compared to 361 m/s). Nevertheless, this site is classified as EC8 soil 

class B and NEHRP soil class C with both models, and, consequently, the resulting amplification due to the 

ground motion logic tree is similar. The EC8-average curve follows closely the hazard curves of the two 

other models (Figure 5b). On the contrary, for location 2 (Kalamaria), the site is classified as EC8 soil class 

B/NEHRP soil class B based on the USGS model (Vs,30=600 m/s) and as EC8 soil class C/ NEHRP soil class 

D based on the measured model (Vs,30=291 m/s), and as a result the hazard curve for the USGS model is 

below the one for the measured model. The EC8-average curve follows closely the hazard curves of the 

measured model (Figure 5c). 

Figure 6 illustrates the spatial distribution of spectral acceleration at 0.3 s spectral period in the whole study 

area for a mean return period equal to 475 years, using (a) the USGS Vs,30 model, (b) the measured Vs,30 

model and (c) the average Vs,30 value based on EC8 classification. The EC8-average Vs,30 model (Figure 6c) 

generally overestimates seismic hazard compared to the other two models, especially due to the lower Vs,30 

values considered for soil class C. The discrepancies between the USGS (Figure 6a) and measured (Figure 

6b) Vs,30 models do not follow a consistent pattern, with the USGS model either underestimating or 

overestimating seismic hazard compared to the measured Vs,30 model. 

 

(a) (b) (c) 

Figure 5. Hazard curves computed with the 3 different Vs,30 models at the two locations in Thessaloniki city 

shown in (a), and more specifically for b) Thessaloniki center and c) Kalamaria. 

 

 

Figure 6. Spatial distribution of spectral acceleration at 0.3s (g) in the city of Thessaloniki for a mean return 

period equal to 475 years using (a) the USGS Vs,30 model, (b) the measured Vs,30 model from the 

microzonation study of Thessaloniki and (c) an average Vs,30 value based on EC8 classification. 
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3.5 Economic losses 

Economic losses resulting from the three site models using three different Vs,30 models are presented in terms 

of average annual loss in Figure 7, assuming a replacement cost equal to 800 €. As expected, the EC8-

average Vs,30 model (Figure 7c) gives higher average annual losses, as it overestimates seismic hazard 

compared to the other two models. Generally, for all three Vs,30 simulations, the average annual losses at 

urban scale are comparable (ranging between 30.6 and 31.1 million €). However, at local scale, significant 

discrepancies occur at sites where there are differences in the associated Vs,30
 values of the different models. 

These discrepancies are smoothed down when considering the whole study area. 

 

Figure 7 – Average annual losses in Thessaloniki city using (a) the USGS Vs,30 model, (b) the measured Vs,30 

model and (c) an average Vs,30 value based on EC8 soil classification. 

4 CONCLUSIONS 

In this study we investigate whether a very detailed knowledge of site conditions in terms of shear wave 

velocity Vs,30 compared to more simplified approaches may affect the seismic losses at large scale. We use 

the event-based probabilistic risk assessment calculator of the OpenQuake-engine - the open-source software 

tool for seismic hazard and risk analysis developed by GEM. The case study is the Thessaloniki city, Greece 

where we have a very good knowledge of the soil conditions. We used three Vs,30 models of increasing 

accuracy, including a simplified one obtained via correlation to topographic slope and a rigorous one, 

obtained from in situ investigation of the Vs profiles. For the risk assessment, we applied the taxonomy 

scheme and vulnerability models developed by the Global Earthquake Model. The results are presented in 

terms of average annual losses. For the specific case study and seismic hazard model, the total estimated 

average annual losses at urban scale are not significantly affected by the precision of Vs,30 model, although 

significant discrepancies may occur at local scale. The low impact of the accuracy of Vs,30 models on the risk 

results is mainly attributed to the specific GMPEs used by the applied seismic hazard model, which mainly 

adopt broad Vs,30 soil classes instead of the direct use of Vs,30. The repetition of the seismic risk analyses with 

the new European seismic hazard model (ESHM20) developed within SERA project, scheduled to be 

publisher in October 2020, is expected to result in a significant differentiation of the results obtained in this 

study. Consequently, the main conclusion of this research study is that when the goal is the estimation of the 

average annual economic losses at large scale (i.e. urban or regional scale), the simplified modeling of the 

site conditions in the seismic hazard evaluation might not affect substantially the final estimated figure. More 
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rigorous estimates and mapping of the site conditions should necessitate a more advanced modelling of the 

seismic hazard beyond the simple use of the GMPE approach.  
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ABSTRACT 

The Mw6.2 22 February 2011 and Mw6.0 13 June 2011 earthquakes caused significant and wide-

spread damage to the Christchurch infrastructure networks, including the Christchurch water 

networks (potable, waste, and storm). The transient and permanent ground deformations generated 

by these two earthquakes severely damaged buried pipes in some areas resulting in high repair rates 

(number of repairs per kilometre of pipe exposed), with many of the repairs in areas affected by 

liquefaction and lateral spreading.  

It is demonstrated in this paper that by utilising ground motion maps in Modified Mercalli Intensity, 

the observed liquefaction maps and the water supply pipe repair record dataset for both the 

earthquake events, simple fragility models for buried pipes can be developed. The models require 

basic pipe characteristics (pipe size and material type) and shaking intensity to provide an estimate 

of repair rate for pipes in different ground conditions. Applying these models to other areas requires 

suitable liquefaction susceptibility maps. The basic input data requirements will allow the fragility 

models to be implemented in a risk modelling tool to rapidly evaluate the potential earthquake 

damage to buried pipe networks elsewhere in New Zealand in future earthquakes. 
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1 INTRODUCTION 

Access to reliable and uninterrupted water and sanitation services is fundamental to creating healthy and safe 

societies. Physical damage to the infrastructure networks when exposed to a natural hazard such as an 

earthquake, and the resulting disruption to the services they provide, can result in multiple consequences 

(e.g. financial losses, impact on social well-being, impact on environment). The 2010–2011 Canterbury 

earthquakes severely damaged water, wastewater and storm water networks in Christchurch causing 

widespread interruptions to services provided by these networks in the months following the earthquakes. 

Many systems were classified as being on the brink of failure (Eidinger et al. 2012). A boil-water notice was 

imposed for two weeks following the MW6.2 22 February 2011 earthquake due to concerns about 

contamination of the fresh water sources and possible risk of breakouts of disease and sickness in the 

community. Damage to the wastewater treatment plant and other components in the network led to about 60 

million litres of untreated wastewater being discharged directly into multiple local water bodies and streams, 

increasing the risk of contaminating the underground aquifers (Eidinger et al. 2012). To combat disrupted 

services, and to reduce potential health impacts on the community, hundreds of temporary fresh water tanks 

and pumps, along with about 10,000 portable toilets and 30,000 chemical toilets were distributed around the 

city. While the above response efforts were made, repairs on the damaged networks continued to restore the 

affected services. From October 2010 to February 2014, over 8,500 repairs on the water supply network, and 

over 1,700 repairs on the wastewater network, were undertaken. The damaged storm water network was also 

inspected and repaired, but at a much lower rate. A total of about 21,700 faults were discovered in the 

network up until March 2015, of which around 20,500 needed repair or some other attention. The exhaustive 

damage and repair data compiled, especially relating to the water supply pipes, provided an opportunity to 

develop empirical fragility functions for buried pipes, which will be the focus of this paper.  

Fragility functions are an important component of risk and vulnerability assessments of assets exposed to 

natural hazards. A key characteristic associated with the Canterbury earthquakes was the strong shaking 

accompanied by widespread and severe liquefaction in many areas. This resulted in excessive and non-

uniform ground deformation such as: large vertical and/or lateral displacements; cracks and fissures in the 

ground; ground distortion. It was observed that the buried pipes were generally subjected to transient ground 

deformations (from shaking) and permanent ground deformations (mostly due to liquefaction effects) often 

above the capacity of the pipelines to sustain such movements/loads, thereby resulting in widespread and 

numerous pipe faults (i.e. leaks and/or breaks) (Cubrinovski et al. 2014.). Utilising the pipe repair database 

many fragility functions have been derived (e.g. O'Rourke et al. 2014, Bouziou & O'Rourke 2017). However, 

if they are to be used for forecasting pipe damage, such formulations require calibration using input hazard 

parameters and these can be difficult to predict, can be highly variable or require significant effort to measure 

well (Toprak et al. 2019). In this paper, it is demonstrated that simple fragility models (originally developed 

as part of research work completed by Sadashiva et al. (2019)) can be developed. The steps taken to develop 

these models and their limitations are discussed in the following sections.  

2 OVERVIEW OF THE PIPE NETWORK 

Information on the water supply network was collected from Christchurch City Council (CCC), Stronger 

Christchurch Infrastructure Rebuild Team (SCIRT 2013) and City Care Ltd. At the time of 2010-2011 

Canterbury earthquakes, the pipe network was made up of mains and sub-mains, each about 1,750 km long 

(see Table 1). The pipes have also been classified based on the pipe material information that was available 

in the dataset; the summary of this is given in Table 2. 
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Table 1: Summary of Main (dia. ≥ 100mm) and Sub-Main (dia. < 100mm) water pipes in the network 

Pipe Type 

Mains Length Sub-Mains Length 

km 
% Total 

Length 
km 

% Total 

Length 

Asbestos Cement (ND*) – AC 880.5 50.4 22.4 1.3 

Concrete Lined Steel (D*) – CLS 56.5 3.2 0.0 0.0 

Ductile Iron (D*) – DI 51.4 2.9 0.2 0.0 

Cast Iron (ND*) – CI 208.5 11.9 18.7 1.1 

Modified Polyvinyl Chloride (D*) 

– MPVC 
141.7 8.1 0.6 0.0 

Polyvinyl Chloride (D*) – PVC 203.2 11.6 69.2 3.9 

Steel (D*) – S 49.5 2.8 1.0 0.1 

Unplasticised Polyvinyl Chloride (D*) 

– UPVC 
112.0 6.4 3.6 0.2 

Galvanised Iron – GI (ND*) 2.1 0.1 210.0 12.0 

High Density Polyethylene (D*) – HDPE 1.0 0.1 922.2 52.6 

Medium Density Polyethylene 

– MDPE80 (D*) 
2.8 0.2 458.9 26.2 

Other (also includes unknown pipe type)** 36.5 2.1 46.9 2.7 

TOTAL 1745.8 100.0 1753.5 100.0 

*Ductile (D) or Non-Ductile (ND) **mixed material ductility 

 

Table 2: Pipe material distribution in the water network 

Pipe Type 

Total Length 

(m) 

Pipe Material (% total length) 

Ductile Non-Ductile Unknown 

Mains 1745.8 36.9 62.5 0.6 

Submains 1753.5 83.2 14.3 2.5 

Combined 3499.3 60.1 38.4 1.5 

 

 

 



 

4 

 

3 EARTHQUAKES CONSIDERED 

The MW7.1 earthquake on 4th September 2010 (primary event in the Canterbury Earthquake Sequence) was 

followed by several hundred aftershocks. This included two major aftershocks, the MW6.2 22 February 2011 

and the MW6.0 13 June 2011 earthquakes (Figure 1), that caused significant and wide-spread damage to the 

pipe networks. We used pipe damage and hazard data relating to these two events to develop the fragility 

models. 

 

Figure 1: Canterbury Earthquake Sequence (GNS Science 2014) 

3.1 Estimating shaking intensities  

Shaking intensities in terms of Modified Mercalli (MM) Intensity experienced at different parts of 

Christchurch were not fully available at the time of this study. Therefore, an existing ground motion 

prediction equation or attenuation model had to be used. These methods estimate the expected severity of 

ground motion intensity at any given place, due to an earthquake elsewhere. For this study we used the 

Dowrick & Rhoades model (Dowrick & Rhoades 2005, Smith 2002) to estimate the shaking intensity at each 

pipe location. For this, the pipes in the network were discretised into segments with a length equal to or less 

than 20m, and their centroid used as the location of each pipe segment. Since there are uncertainty 

parameters in the Dowrick & Rhodes model, e.g. inter-event and intra-event parameters, which are 

determined randomly within their predefined ranges, different intensity outcomes are possible. One of such 

realisations was used to develop a shaking intensity layer and correlate with damage to develop the repair 

rate models. 

The Dowrick & Rhoades model considers not only the magnitude of the earthquake and its location, but also 

its focal depth, mechanism and the orientation of the fault source. It describes the attenuation of MM 

Intensity for New Zealand earthquakes by defining shaking intensity contours called isoseismals (which 

delineate zones of various strengths of shaking). An ‘intensity zone’ is then the area between two adjacent 

isoseismals; for example, the MM5 Zone is the area between the MM5 and MM6 isoseismals.  

Because of the way in which the MM intensity scale is defined, the intensity values are constrained to be 

integer numbers; they are discrete variables. In reality, the attenuation of shaking is a gradational process, 

and for attenuation modelling the intensities are regarded as continuous variables – that is, they are regarded 
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as having fractional values. To this end, the MM5 isoseismal is defined as being intensity 5.0 in the 

attenuation model, MM6 as 6.0, and so on. The intensity at the point midway between the MM5 and MM6 

isoseismals is 5.5. Note that the model predicts the radii of continuous-variable isoseismals, rather than 

integer-variable ones. 

3.2 Observed liquefaction severity  

As mentioned earlier, a key characteristic associated with the Christchurch earthquakes was the strong 

shaking accompanied by widespread and severe liquefaction in many areas. The liquefaction severity maps 

(Figure 2) utilised in this study were produced by Tonkin & Taylor Ltd using information collected from 

drive-by surveys where evidence of liquefaction and its effects was mapped, including visible lateral 

spreading and sand and water ejection from the ground surface (Canterbury Geotechnical Database 2013).  

Based on the severity of the manifestation observed, liquefaction was divided into six classes as shown in 

Figure 2. These observed liquefaction severity classes were then mapped (see Table 3) to liquefaction 

susceptibility classes (Dellow et al. 2003), which are used for formulation of pipe fragility models in this 

study. By spatially joining the pipe segment centroid locations with the observed liquefaction severity maps, 

the liquefaction classes were assigned to the pipe segments. 

 

Figure 2: Observed liquefaction severity maps from Tonkin & Taylor Ltd for the February (on left) and June 

earthquakes (on right). The dots represent pipe faults identified in the water supply network 

Table 3: Liquefaction severity and susceptibility class mapping 

Observed liquefaction severity class Liquefaction susceptibility class 

Not observed, presumed no liquefaction 

None-to-Low No land damage observed 

Minor land damage but no observed liquefaction 

Moderate liquefaction but no lateral spreading Moderate 

Severe liquefaction but no lateral spreading High 

Moderate to major lateral spreading 
Very high 

Severe lateral spreading 
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4 PIPE DAMAGE DATA 

Pipe damage information was determined using water supply pipe repair data supplied by City Care Ltd. 

Location of damaged pipe sections was found to be primarily from surface observations and pressure 

changes. From the repair data it was observed that various contractors who worked on pipe repairs often used 

different terminologies (e.g. ‘AC pipe replaced’, ‘3 m pipe repaired’) when recording the repair processes. 

The repair notes typically contained limited information about the type of repair or cause (i.e. leak or break), 

repair date and length of pipe repaired. However, despite above challenges relating to the data, the dataset 

still contained valuable information that provided insight to understand the performance of the buried pipes 

during the earthquakes and the opportunity to develop the fragility models for buried pipes. 

The damaged water network was repaired (as much as practical) after each event. The pipe repair dataset 

generally contained the inspection dates (or repair request dates). This information was helpful to relate an 

earthquake to an observation of damage and subsequent repair. To calculate the time taken to restore the 

network after each event, or the period within which all reported damage could be associated with the event 

and was not pre-existing damage or damage caused by the previous event in the sequence, O'Rourke et al. 

(2014) suggest that as the network is restored the cumulative rate of repair (repairs per day) follows a pattern 

of initial high rate of repair, followed by a transient state with an intermediate repair rate, and finally a steady 

state of repair with a rate close to the pre-earthquake rate of repairs (i.e. ‘business as usual’). The beginning 

of the steady state of repair shows where the repair period associated with the event ends. Such a tri-linear 

trend was possible to be established from the repair data. For the 22nd February 2011 earthquake, the change 

to a steady state of repair occurs around 15th April 2011 therefore repairs identified in the inspection process 

before 15th April 2011 were considered pipe faults directly related to the February earthquake. For the June 

event, the onset of transition to the steady state occurred two months after the earthquake in mid-August 

2011. 

5 PIPE FRAGILITY MODELS 

The repair data relating to the February and June earthquakes were geospatially joined to the pipe network 

data. Then, the repair rates (or pipe fault rates) for each pipe class (combination of material type and size), 

MMI bin and liquefaction susceptibility class were calculated by dividing the number of repairs over the total 

length of the pipes exposed within the pipe class, MMI bin and liquefaction susceptibility class. Finally, to 

remove extreme repair rates that arose from low sample sizes (i.e. short total lengths), the calculated pipe 

repair rates were put through a screening criterion using a screening process proposed by O’Rourke and 

Deyoe (2004). This screening process removed all repair rates that were based on a total length less than the 

minimum length specified by the criteria. The repair rates left after this screening process were determined to 

be within 50% of the true rate with 90% confidence.  The screening process initially limited the number of 

fragility models we could develop because of the large variety of pipe types and sizes leading to a limited 

number of data points passing the screening criteria and becoming available for constructing the repair rate 

equations. To overcome this limitation, the available repair data were combined into fewer pipe classes. 

These pipe classes were defined by diameter (i.e. Mains or Sub-Mains), and material ductility (i.e. Ductile or 

Non-Ductile). To provide additional data for the Non-Ductile Mains category, repair rates for the asbestos 

cement and cast-iron pipes from the literature (ALA 2001) were included. Some of the other categories still 

lacked data which affected the statistical robustness of the fragility models developed; this can be seen in 

below section. 
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5.1 Results 

A total of twenty fragility classes were defined (see Table 4). For each class and earthquake event, the repair 

rates were calculated for each MM intensity bin and subjected to the screening process. The ‘passed’ repair 

rates were then used to formulate the fragility models. Where repair rates from a different event for the same 

intensity bin passed, an average repair rate was calculated for the intensity bin and used. 

Repair rates seem to increase with liquefaction severity (as expected). For most of the ‘None-to-Low’ 

liquefaction susceptibility related classes, repair rates increase with shaking intensity. Relationship between 

repair rate and MM intensity was possible to be established for such cases. However, for higher liquefaction 

severity cases (i.e. Moderate, High and Very High categories), limited data in most cases restricted our 

ability to draw relationships between repair rate and shaking intensity. From the passed repair rate data 

points, a flattening trend was generally observed. Although repair rates increased with changing MMI, they 

increased more as the level of liquefaction susceptibility increased. Once liquefaction has occurred in an 

area, the extent and severity of pipe damage does not change appreciably as the shaking intensity increases. 

This makes the threshold intensity at which damage from liquefaction occurs important. For areas vulnerable 

to liquefaction-induced ground damage, the damage can be reported through average repair rates when MM 

intensities are above the threshold for liquefaction to occur. In this study this threshold was observed to be at 

MM8. 

Best-fit curves developed for some of the pipe classes for the ‘None-to-Low’ liquefaction susceptibility 

category are shown in Figure 3 and Figure 4. Only two repair rate data points were available for ductile 

mains in areas with little or no liquefaction; therefore, a fragility curve for the ductile mains in this 

liquefaction category was produced by using the best-fit curve for the non-ductile mains and scaling it to 

pass through the mean of the two ductile mains repair rate points (y-axis) and the respective MM intensities 

(x-axis). Figure 3 shows these curves. 

A large proportion of the non-ductile sub-mains in the network (see Table 2) are represented by Galvanised 

Iron (GI) pipes. The repair rates for such pipes were found to be much higher (~5 to 9 times) when compared 

with the repair rates for the ductile sub-mains. The same ratio in the mains category was found to be ~2.6 (2 

to 3.5 times lower). Therefore, the GI pipes were excluded from the non-ductile submains category and a 

separate class was defined for them. The high repair rates for GI pipes could be attributed to their small size 

(mostly of dia. ≤ 25mm) and their age (mostly old and possibly also corroded). 

The repair rate curve for the non-ductile sub-mains (excluding GI pipes) was developed by scaling up the 

ductile sub-mains curve assuming the same 2.6 ratio, as in the mains category, applies. A similar approach 

was taken to calculate the repair rate parameters for such pipes in areas with higher liquefaction 

susceptibilities. 

The calculated repair rate (RR) parameters are summarised in Table 4. 

 

 

 



 

8 

 

  

Figure 3: Mean pipe repair rate curves for Mains: ‘None-to-Low’ liquefaction susceptibility case 

 

Figure 4: Mean pipe repair rate curves for Sub-Mains: ‘None-to-Low’ liquefaction susceptibility case 

 

Table 4: Pipe fragility models   

Pipe Class 

Liquefaction 

Susceptibility 

Class 

Fragility 

Class  

RR [km-1] = a × MMI b RR [km-1] 

a b R2 Median Mean Std. Dev. 

Ductile 

Mains 

None-to-Low DM-LL 3.10e-11 10.116 - - - - 

Moderate DM-ML - - - 0.55 0.55 0.18 

High DM-HL - - - 0.61 0.61 - 

Very High DM-VHL - - - 2.58 2.59 0.06 

Non-Ductile 

Mains 

None-to-Low NDM-LL 8e-11 10.116 0.903 0.35 0.39 0.34 

Moderate NDM-ML 6e-6 5.688 0.768 1.40 1.52 0.70 

High NDM-HL 2e-10 10.773 0.815 2.79 3.00 2.31 

y = 8E-11x10.116

R² = 0.9032
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Pipe Class 

Liquefaction 

Susceptibility 

Class 

Fragility 

Class  

RR [km-1] = a × MMI b RR [km-1] 

a b R2 Median Mean Std. Dev. 

Very High NDM-VHL - - - 5.42 6.21 5.33 

Ductile 

Sub-Mains 

None-to-Low DSM-LL 3e-9 8.339 0.991 0.18 0.22 0.18 

Moderate DSM-ML 2e-9 8.966 0.895 0.46 0.42 0.23 

High DSM-HL - - - 0.61 0.61 0.53 

Very High DSM-VHL - - - 1.91 1.90 0.36 

Non-Ductile 

Sub-Mains 

(excluding 

Galvanised 

Iron) 

None-to-Low NDSM-LL 7.75e-9 8.339 - - - - 

Moderate NDSM-ML - - - 1.19 1.18 - 

High NDSM-HL - - - 2.79 3.02 - 

Very High NDSM-VHL - - - 4.02 4.55 - 

Galvanised 

Iron Sub-

Mains  

None-to-Low NDSM-LL 2e-9 9.441 0.893 1.78 1.88 1.18 

Moderate NDSM-ML - - - 6.36 6.11 1.56 

High NDSM-HL - - - 8.51 8.50 0.37 

Very High NDSM-VHL - - - 10.85 10.86 3.30 

6 CONCLUSIONS 

Fragility models are an important component of risk and vulnerability assessments of assets exposed to 

natural hazards. This paper demonstrated how simple fragility models for pipes can be developed by utilising 

the water supply pipe repair data and earthquake hazard relating to the Mw6.2 22 February 2011 and Mw6.0 

13 June 2011 Christchurch earthquakes (one realisation used to develop shaking intensity layer). The models 

developed following the approach taken require basic pipe characteristics (pipe size and material type), 

shaking intensity and suitable liquefaction susceptibility maps. 

Simple relationships between repair rate (i.e. number of pipe repairs per km of exposed pipe length) and MM 

intensity was established for pipes buried in ‘None-to-Low’ liquefaction susceptible ground. For pipes in a 

ground with higher liquefaction susceptibilities, average repair rates have been proposed. Simplicity of the 

models from this study allows them to be easily implemented in a risk modelling tool to rapidly evaluate the 

potential damage to similar buried pipe networks elsewhere in New Zealand and overseas in future 

earthquakes.  The models may not be appropriate for use in detailed assessments and caution must be 

exercised due to the limitations/assumptions behind the derived models as explained in the paper. 
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ABSTRACT  

The Wynyard Edge Alliance (Auckland Council, the Crown represented by Ministry of Business, Innovation 

and Employment, Downer, McConnell Dowell, Beca, Tonkin & Taylor Ltd) was formed to design and 

construct the infrastructure to support the 36th America’s Cup event in Auckland. In addition to the core 

infrastructure required for the event, a wider programme of works is underway on the waterfront. One of 

these projects is the extension of the Daldy Street stormwater pipeline – the Daldy Street Outfall Extension 

(DSOE) which is a Healthy Waters project (a department of Auckland Council). The DSOE scope of works 

was included as part of the WEA scope of works in 2019. The DSOE works involves the extension of the 

pipeline from its current outfall position underneath North Wharf, to a new outflow position at the end of 

Wynyard Point. To complete this, 510m of High-Density Polyethylene (HDPE) pipe is to be placed beneath 

Brigham Street.  

Cutter Soil Mixing (CSM) was adopted as the preferred ground improvement methodology to stabilise the 

site to enable the trench excavation.  This paper intends to report the quality and performance of the panels 

produced by the Cutter Soil Mix method, as well as to compare different sampling methods, including Wet 

Sampling, Double Tube Sampling and core sampling from boreholes. It will also discuss the interlocking 

observed between two adjacent panels and discussions around the practicality of the CSM method in similar 

site conditions.  

1  INTRODUCTION  

1.1 Project Background   

The project involved the relocation of the existing Daldy Street Outfall, from the south-western corner of  

Wynyard Basin to the northern end of Wynyard Point. HDPE pipe (3.0m-dia southern section, 3.5m-dia 

northern section) was laid beneath Brigham Street to form a connection between the existing outfall and the 

relocated outfall. The total length of the new pipeline is 510m. For access and constructability, the project was 
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undertaken in two discrete sections, the Southern section of Brigham Street and the Northern section of 

Brigham Street, Figure 1. 

CSM as the selected ground stabilisation technique was carried out along the western boundary of Brigham 

Street, to a maximum depth of approximately 9m below the current road level. The purpose of the stabilization 

was to enable a 5m deep excavation of trench with self-supporting near-vertical sides for installation of the 

pipe. Once formed, the pipeline was laid in 15m lengths and the trench was then backfilled (refer Figure 2).   

 
Figure 2 Cross-sections - Southern Section and Northern Section of Brigham Street  

1.2 Ground Condition  

The Wynyard Point reclaimed land which includes the construction site and adjacent area, dates from the 1800s 

to the 1930s. The Wynyard reclamation was constructed across an old eroded river valley. The reclamations 

are bordered by seawalls and piled reinforced concrete wharves. The topography of the site is flat with ground 

levels varying from approximately +5.0 to +5.5m CD. The reclamation was developed by forming:  

- A perimeter bund with basalt boulders and cobbles, placed on the seabed and constructed to a level of 

around 1.3m CD (to base of the seawall), figure 3.   

- A rock faced seawall which was then constructed on top of the perimeter bund, before a haul road was 

constructed on the western side of the seawall.  

- The haul road was constructed on the western side of the seawall, in the southern section, up to 

approximately chainage 265 (refer Figure 3). The exact width is not known, but it is likely it was used 

to provide access for hauling rockfill along parts of the reclamation edge prior to filling with dredgings 

(hydraulic fill). It is variable in character and typically comprises gravel and cobble sized material 

within a sandy silt matrix. The gravel and cobbles include basalt, concrete, bricks and other 

construction materials. Fragments of steel and pump housings and steel rebar were encountered in test 

pits and during the trench excavation.   
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- Hydraulic fill was encountered to the rear of the rock bund and haul road fill. It typically comprises 

sand, sandy silt, silty sand, silty clay and was encountered mainly within northern section of CSM.  

Groundwater level was at around 3.5mCD in the landside of the seawall and varies from low tide (+0.41mCD) 

to high tide (+3.8mCD) at the other side.  

The published geology of this area indicates that the reclaimed site is underlain by marine sediments then 

Pleistocene alluvium. Recent Marine Sediments (RMS) comprise fine sandy silt and silty sand with some clay 

and trace of shells. The Pleistocene alluvium comprises firm clayey silt and loose to medium dense sand. These 

sit on top of the East Coast Bay Formation alternating sandstone and mudstone (ECBF).   

  

The area was initially utilised by the timber trade, and then in the 1930’s it started to be used for bulk 

petrochemical storage. Most of the contaminants in the site have originated from activities relating to the 

handling and storage of petroleum hydrocarbons and the historical disposal of gasworks waste during land 

reclamation. Contamination by hydrocarbons has been identified throughout the profile across the site, above 

adopted cleanfill criteria.  

Figure 3 The typical geological profile of southern and northern section  

1.3 Cutter Soil Mixing   

Cutter soil mixing is a type of deep soil mixing method. CSM equipment used on the project consisted of a 

two-wheel Cutter head and a nozzle located between the wheels (See Figure 4). The wheels cut through in-situ 

soil while rotating around their horizontal axes. Simultaneously, cementitious material was pumped through 

the nozzle and mixed with the in-situ soil. Cutter soil mixing improves ground stiffness and strength parameters 

by mixing the in-situ soil with cementitious material. The ease of the process depends on the soil type.   

Soil stabilization was carried out by Wagstaff and comprised four rows of Cutter Soil Mixing (CSM) panels 

installed west of the proposed trench excavation as shown above. The panels were required to extend about 

8.5m below the ground surface unless they encountered the perimeter rock bund and were designed to retain 

reclamation and hydraulic fill to a depth of 5m. The panels were 2.4m long and 1.0m wide, installed parallel 

to the road and excavation. Construction debris and some boulders were removed manually by grabs and 

excavator where the CSM refused at depths higher than the rockbund. Along the southern section, the majority 

of panels terminated at the rockbund at depths 5 to 7m below ground level, however to the north where the fill 

was deeper, the majority of panels reached depths 7-8.5m below ground level. The CSM panels were mostly 

constructed in fill materials and occasionally recent marine sediments.  
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Figure 4 Cutter Head  

2  QUALITY CONTROL AND ACCEPTANCE CRITERIA  

A quality control program and acceptance criteria were established to confirm the construction met the required 

design criteria. Production trial stabilisation comprising the first 10 panels of each section was established 

whereby more frequent testing was required, and once CSM was confirmed to met design criteria, production 

testing criteria were developed.   

2.1 Sampling Methods and Program  

Sampling methods and programs were divided into two parts: (a) during stabilization of the wet mix and (b) 

after stabilization of the cured mix.  

a. During Stabilizing Sampling of Wet Mix  

During stabilization, wet samples were collected by the Constructor from mixed materials. At each location, 

two samples were taken one at 2 to 3mbgl and one at 5 to 6 mbgl (or within 1m of the panel base) where the 

panels extended that deep. From each wet sample, three test cylinders were made by placing material into a 

mould. The moulds were subsequently sent to the laboratory for Unconfined Compressive Strength (UCS) 

testing. The three cylinders prepared from each wet sample were tested at 7 days, 14 days and 28 days.  

In addition to the wet sampling, double tube sampling was also used to collect test samples using a sampler 

comprising a 6m long inner tube located in a larger outer tube is pushed into the panel, the sample is left to 

harden then the inner tube is removed for curing and UCS testing (see Figure 5).      

.    

Figure 5 Double Tube Sampler  
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b. After Stabilizing Sampling of Cured Mix  

Vertical and diagonal cored boreholes were drilled at about 28 days from the date of CSM construction. The 

purpose of the boreholes was to confirm the panel continuity, overlaps, collect samples for UCS testing, and 

confirm mixed depth and founding on rock bund.    

Minimum sample diameter was 85mm and UCS testing was carried out on each sample in accordance with  

NZS4402 Test 6.3.1.                       

2.2 Strength Criteria  

The minimum specified UCS was 750 kPa and the minimum specified average UCS was 1MPa. The average 

UCS from core sampling and wet sampling were calculated as the rolling average of the previous 10 results.  

2.3 Uniformity Criteria  

Uniformity of mixing was evaluated based on the core samples. Over any 1.5m section of core sample retrieved 

from the boreholes, the lumps of unimproved soil shall not amount to more than 20 per cent of the total volume 

of the segment and any individual lump or aggregation of lumps of unimproved soil shall be no larger than 

300mm in greatest dimension.  

2.4 Mix Design  

No specific criteria were defined as the acceptable mix design in this project. The constructor designed the mix 

to meet the minimum required strength criteria. The cement content and water-cement ratio were varied during 

construction to meet the strength criteria.  

3  SELECTED TEST RESULTS AND DISCUSSION  

The results are reported in two sections. The first section discusses the unconfined compressive strength of the 

treated soil. The strength of the samples is compared with respect to the Water Cement Ratio (W/C ratio), the 

cement content of the mix, sampling method and age of the sample (7-day, 14-day, and 28-day). The second 

section discusses the uniformity of the constructed panels.    

3.1 Strength  

Figure 6 shows the location of the samples, sampling method, Water/Cement Ratio (W/C ratio), and 

Unconfined Compressive Strength (UCS) of the sample. While W/C ratio of 0.6 to 0.9 applied during mixing, 

UCS fluctuates from ~800kPa to ~15 MPa.  Typically, a decrease in UCS is expected by increasing W/C ratio.  

For panels 280 to 490 there is a slight decrease in the average strength compared to panels 66 to 280 where the 

w/c ratio was on average 0.75, however this also coincides with a reduction in cement as shown in Figure 7.  

Figure 7 compares UCS of the samples with the cement content of the soil cement mixture. The cement content 

of 160 kg/m3, 180 kg/m3, 200 kg/m3, and 250 kg/m3 were applied during CSM construction. As above a slight 

reduction in strength is observed in the samples from panels 280 to 490 where less cement was used.      

It is also noted the soils varied between the southern and northern sections, which is also likely to have affected 

the material strength.  The northern section (ch 260 to ch 490) comprised finer sandy/silty and clayey materials 

obtaining an average UCS of approximately 2.0MPa. Higher average strengths were obtained in more gravelly 

soils encountered in southern section, (ch066 to ch255), with average strength approximately 4.0MPa.  

Alongside soil type, other variants such as the presence of contaminants including hydrocarbons is another 

factor that may result in inconsistent strength results.   
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Figure 6 Unconfined Compressive Strength (UCS) versus Water/Cement Ratio  

 

Figure 7 Unconfined Compressive Strength (UCS) versus Cement Content  

Figure 8 shows UCS versus sampling methods. UCS of samples with the same W/C ratio, the same cement 

content, and the different sampling methods show a variation in UCS. The wet grab samples would be expected 

to give a higher strength than core samples, as the wet mix is collected and cured in moulds compared to the 

core that is retrieved from drill holes.  It is noted the highest strengths were obtained from the wet mix samples, 

however, strengths were not always greater than the core samples.    
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Figure 8 Sampling Method versus UCS  

Figure 9 depicts wet grab UCS versus age of the sample. In general, the rate of the strength increase was faster 

between day 1 to 14 compared with day 14 to 28 and the mix gained approximately half of its final strength 

within the first 7 days of construction.   

 

Figure 9 Age versus UCS  

While the observed strengths are highly scattered some conclusions can be made regarding the results.  As 

expected, some greater strengths were measured with increased cement content and reduced water content. 

The wet sampling produced the greatest strengths with several over 14 MPa, however, they were not always 

greater than the core results.  The high variability of the in-situ soils and presence of contamination would also 

affect the resulting soil strengths.   

The testing did, however, show that the greatest strength gain occurs over the first 7 days from mixing.  Testing 

at 7 days provides a good indication of potential strengths at 28 days, as the strength gain from 7 to 28 days 

was relatively consistent.   
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3.2 Uniformity  

Another important factor of high-quality ground 

improvement is the uniformity of the treated area. In this 

case, it was important that the strength was reliable and 

that each of the panels was overlapped and fully 

connected on all faces with adjacent panels.  The photos 

in Figure 10 and 11 represent uniformity of the CSM. 

Despite the variability of the in-situ soil, the excavation 

of the CSM shows a relatively uniform product.   

                
Figure 10 Part of a recovered core

    

  
 Figure 11 Open face of CSM wall  

4  SUMMARY AND CONCLUSION  

This paper provides the outcomes of quality and performance of CSM to provide stabilization of a trench 

project in Brigham Street, Auckland, New Zealand. The trench was constructed in reclaimed land. Before 

excavation, the in-situ soil was stabilized by Cutter Soil Mixing. In this method, the in-situ soil is mixed with 

cement and water. A cutter head advances into the in-situ soil and simultaneously mixes the in-situ soil with 

cement and water that is pumped out of a nozzle in the cutter head.   

This paper summarized the strength properties of the treated soil and the uniformity of soil treatment. Due to 

the variability of the in-situ soil (reclaimed area), the strength of the samples was highly scattered, although in 

general, gravelly material of southern section showed higher strengths then sandy/silty and clayey material of 

northern section. Soil contamination above cleanfill criteria is another factor to consider.  

The stabilised soils met the acceptable strength criteria. The majority of the strength gain occurred over the 

first 7 days from mixing which is similar to concrete.  Moreover, the surface of the excavation was uniform, it 

was difficult to locate panel joints and no cracks were observed after excavation. It is worth noting that the 

trench remained open for a short period (less than 3weeks).  
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HOW TO INTEGRATE SUSTAINABILITY INTO 
GEOTECHNICAL PRACTICE 

L. Villoria & D. Sandilands 
Aurecon, Tauranga. 

ABSTRACT 

There is an overwhelming consensus among scientists that human-induced global warming has already caused 
profound alterations to natural and human ecosystems. According to the Intergovernmental Panel on Climate 
Change, if the current trend in carbon emissions continues, global temperature is likely to rise between 3.7 and 
4.8 degrees Celsius above pre-industrial levels by the end of the century (IPCC, 2018), which would bring 
devastating consequences to our natural and built environment. According to national statistics, 20% of New 
Zealand’s carbon dioxide emissions come from manufacturing and construction. In this context, the 
government has set ambitious environmental targets to incentivise behaviour change of clients and end users 
to pursue more sustainable practices. Geotechnical engineering offers great potential for enhancing the 
sustainability of infrastructure due to early involvement in the design and construction process and ability to 
influence design outcomes. However currently, socio-environmental aspects are typically prioritised low or 
not even considered, within geotechnical assessments. The lack of understanding of sustainability concepts 
and the need for a flexible assessment methodology directly applicable to geotechnical engineering are key 
challenges that practitioners face when trying to integrate sustainability into their projects. The paper reviews 
the economic, social and environmental aspects of sustainability and some of the assessment tools most 
relevant to geotechnical engineering. Several case studies are then presented to demonstrate the 
implementation of sustainable practices into geotechnical engineering practice. Lastly, a ‘sustainability 
checklist’ has been created for use by the practitioner during the early stages of development projects. 

1 INTRODUCTION 

Over the last decades, the importance of sustainable development has been increasingly recognised by 
governments, businesses and individuals across the globe. Although there is no one single definition that 
encapsulates the concept of sustainable development, the most notable is that quoted by Brundtland in the 
United Nations report ‘Our Common Future’ (Brundtland, 1987): 

 "Sustainable development is development that meets the needs of the present without compromising the 
ability of future generations to meet their own needs." 
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More than three decades have passed since publication of Brundtland’s report and still today, sustainability is 
often regarded as a complex, intangible idea, involving intricate economic, social and environmental factors – 
on this at least there is consensus – which everyone seems to embrace but hardly anyone can put into practice. 
Fortunately, at the same time, global initiatives such as the creation of the Sustainable Development Goals 
(United Nations, 2015) have driven many strategies and action plans which are now implemented and proven 
successful in many countries around the world.  

In the New Zealand context, through the implementation of the Climate Change Response (zero carbon) 
Amendment Act, the Government has committed to reduce all net greenhouse emissions (except biogenic 
methane) to zero by 2050. According to current statistics, New Zealand’s greenhouse gas emissions are about 
44 per cent carbon dioxide, of which 20 per cent come from manufacturing and construction (MfE, 2019). The 
environmental impact of construction is large compared to other aspects like vehicle emissions and household 
energy consumption (Chau et al. 2008), so sustainable changes in construction would have a significant 
beneficial impact. Also, the Code of Ethical Conduct of Engineering New Zealand (2016) states that engineers 
‘must have regard to reasonably foreseeable effects on the environment from those activities and have regard 
to the need for sustainable management of the environment; the environment being ecosystems and their 
constituent parts, including people and communities and all natural resources and physical (man-made) 
resources’. 

In this scenario, civil and geotechnical engineering play a crucial role in creating the infrastructure needed for 
New Zealand’s zero carbon future while promoting social equity and supporting the national economy. Cut to 
waste earthworks is not as cheap as it used to be (particularly if contaminated) and financiers like banks and 
investment companies are beginning to require sustainability measures on their projects. Future projects will 
probably comprise a higher proportion of brownfield sites, with a focus on densification of cities, and less of 
the greenfield developments of the past. 

Improving current geotechnical practices would help reduce adverse impacts at the early stages of a 
construction project, when some of the greatest gains can be made (Jefferis, 2008). However, there is a 
widespread lack of awareness and uncertainty on how to integrate sustainability into geotechnical practice, 
compounded by the need for a well-established sustainability assessment tool applicable to all areas of 
geotechnical engineering. Section 3.1 of this paper presents various existing methodologies that have been 
developed and tested overseas and can be adapted in New Zealand.   

The aim of this paper is to identify the key obstacles that are preventing sustainability to be embedded into 
geotechnical projects, and to encourage practitioners to define and implement sustainable strategies that could 
lead to a paradigm shift in the attitude of the geotechnical industry.  

2 SUSTAINABILITY IN GEOTECHNICAL ENGINEERING 

2.1 Principles 

Sustainable development in the context of our built environment can be considered an interaction between the 
four E’s: equity, environment, engineering and economy (Figure 1, Basu & Puppala 2015). The challenge is 
managing the trade-offs and conflicts between the four E’s and realising that a sustainable engineering solution 
today might be different tomorrow, as priorities evolve. Monitoring and alteration of solutions over time is 
necessary. 
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The core principles to sustainable projects, (Kibert, 2008; Weaver, 2002; IPENZ, 2004), all of which 
geotechnical engineering can impact on, include: 

 

 

Overall, the current development of the geotechnical engineering industry follows the inertia of traditional 
practices in global consumption, production and decision-making, which disregard the principles of 
engineering sustainability and are the direct cause of the accelerated deterioration of our natural and socio-
economic environment. There are emerging alternatives, such as ‘circular economy’, that are already driving 
a global change towards a more sustainable way of living, where the longer the resources and materials are in 
use (through reuse, recycling), and the lesser the impact they have on the environment, the more valuable they 
become. 

2.2 Main barriers to sustainable design and practice in geotechnical engineering 

At present, the main obstacles that are preventing the adoption of more sustainable practices in geotechnical 
engineering are lack of awareness and incentive, and cost. Furthermore, the complexity and fragmentation in 
the current construction chain makes it difficult to assess the effect of different choices and procedures in a 
holistic way (Holt et al, 2009). Error! Reference source not found.Table 1 presents some of the current 
barriers to sustainable geotechnical construction and the approaches that can be taken to overcome each of 
them. In order for sustainable construction practices to become the norm, a combined effort between the public, 
the government and all construction professionals is required. 

Figure 2: Principles of engineering sustainability, colour coded into the four E’s 

Figure 1: The four E’s of engineering sustainability 
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Table 1: Summary of the main barriers to sustainable geotechnical construction 

Type of 
barrier 

Description Solution approach 

Financial 

Cost of undertaking sustainability studies to ensure 
design and construction sustainability principles are 
implemented effectively. 
Risk of higher design and construction costs of 
sustainable projects compared to conventional projects. 

Embedment of new design methods and new materials 
specifications in the geotechnical industry to eliminate 
extra time and cost associated with new skills and 
materials. Consideration of multi-attribute cost 
assessments over simpler single action cost-benefit 
approached. 

Often, the developer investing in sustainable practices 
during design and construction is not the direct 
beneficiary of the long-term investment return.  

Market and governmental incentives, increased users 
demand for sustainable developments. 

Technical 

Problems with identifying the impacts of certain 
geotechnical activities on the overall sustainability of a 
project. 

Early engagement of geotechnical practitioners (and all 
other disciplines) when developing sustainable 
construction strategies for a project. 

Introduction of new skills and technologies, which might 
increase construction risks. 

Governmental incentives combined with suitable 
training.   

Preclusion due to regulation. Government investment into periodic review of 
regulation and openness/incentivisation to accept new 
solutions and material types. 

Lead managers and designers that drive a project are 
usually not geotechnical professionals, somewhat 
reducing the effectiveness of geotechnical initiatives. 

Geotechnical engineering has the privilege of typically 
being required early in the project life cycle e.g. 
preliminary ground investigations to assess project 
feasibility and support resource consent. Geotechnical 
sustainability ideas and advice can therefore be broached 
to project leads early in the project. 

Risk aversion, professionals are less likely to 
design/specify new solutions and materials that they are 
not experienced with and do not have a proven track 
record. 

Progression of education and research, to improve 
confidence. Adoption of sustainability practices by the 
geotechnical profession will develop a proven track 
record. 

Lack of 
awareness 

Geotechnical professionals not being aware or are 
uncertain about new technologies, processes and 
materials. Prevalence of conventional thinking. 

Increase research, training resources and knowledge 
transfer within the geotechnical industry. Both 
government and private companies need to promote 
sustainability and empower employees to implement it. 

3 REVIEW OF EXISTING SUSTAINABILITY ASSESSMENT TOOLS 

The vast majority of the sustainability research in geotechnical engineering has been focused on reducing the 
environmental impact of specific materials and construction processes. However, very few attempts have been 
made to develop assessment methods aimed at improving sustainability in geotechnical projects in a holistic 
way (Jefferis, 2008). This section reviews some of the existing sustainability assessment tools and rating 
systems and it provides an overview of various methodologies developed specifically to support sustainability 
decision making in geotechnical engineering projects.  

One of the challenges of assessing sustainability is that it involves both physical (i.e. air pollution) and non-
physical (i.e. health and wellbeing) aspects and therefore different approaches and ways of measurement are 
required to address them all. There are several tools which can be used to inform sustainable decisions in the 
built environment, these can be broadly categorised as follows: 

 Environmental tools, such as Life Cycle Assessment or Environmental Impact Assessment; 

 Economic tools, such as Cost-Benefit Analysis; 

 Social value measurement tools, such as Cost-Effectiveness Analysis; 

 Rating-based tools, such as BREEAM, LEED, Gren Star or CEEQUAL. 
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Environmental tools are used to identify the impacts of the different construction processes on the natural 
environment and can be used at the early stages of a project to select the most environmentally sustainable 
design. The authors find life-cycle analysis (LCA) to be most appropriate to geotechnical projects as it uses 
quantitative mechanisms to evaluate carbon emissions associated with different construction and operation 
processes throughout the life of a project. Environmental impact assessment (EIA) can also be used but is more 
appropriate for qualitative-based analysis.  

Cost-benefit analysis (CBA) is a decision-making tool built to identify the optimal alternative by simply 
comparing its monetary costs and benefits. This tool is widely used within the construction sector. The cost-
effectiveness analysis (CEA), on the other hand, is a methodology similar to CBA that measures the effect of 
an activity from a societal point of view, rather than considering only the monetary value. This is particularly 
useful when comparing multiple project methodologies - for example, when choosing materials to be locally 
sourced or imported, as it allows the relative social benefit of each approach to be assessed. 

Although the tools mentioned above can be used in isolation to assess certain aspects of a geotechnical project, 
it is evident that a multicriteria analysis (MCA) that combines environmental, economic and social tools is the 
most appropriate to inform sustainability decision making. MCA can be used to assess conflicting criteria, 
such as cost and environmental impact, by adding weights or scores to defined objectives or categories, based 
on their relative importance for each project. An example of how this can be applied to geotechnical projects 
is presented in Section 3.1. 

As of today, a well-established system that equally addresses the four E’s of sustainability has not yet been 
developed within the construction industry. Nevertheless, there are several rating tools available aimed at 
assessing sustainability (or parts of it) of construction projects, most of them in the form of internationally 
recognised certification schemes. Broadly speaking, the most common rating tools can be classified as follows: 

 Rating tools used to assess the environmental performance of buildings: BREEAM, LEED or Green 
Star are examples of rating and certification systems where a certification level is achieved based on 
building’s performance under each of a number of environmental categories; 

 Rating tools focused on environmental performance of civil infrastructure: CEEQUAL and 
Infrastructure Sustainability (IS) rating tool are used for roads, railways, airports and other civil 
infrastructure and are also focused on achieving the highest certification level based on environmental 
performance during design and construction stages. 

As anticipated, none of the existing rating-based tools provide a holistic sustainable approach (incorporating 
the four E’s) and all of them are too award focused, which reduces the incentive to exceed the minimum 
standards on any particular category or subcategory.   

3.1 Existing sustainability assessment methodologies for geotechnical engineering 

Misra & Basu (2011) developed a MCA framework combining LCA, EIA and CBA to calculate a sustainability 
index for pile foundations. In a hypothetical case study, they assessed the suitability of driven piles and drilled 
shafts from a sustainability perspective and found that driven concrete piles were a slightly more sustainable 
option. The proposed methodology is as follows:  

1. An LCA is done to quantify the resource consumption and CO₂ emissions associated with each alternative 
from planning to disposal stages; 

2. An EIA is carried out to quantify the impact on climate change and biodiversity;  

3. Generation of a socio-economic indicator through CBA, in this case by comparing cost benefit against 
community disturbance caused by noise and vibrations.  
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4. Weights are applied to resource consumption, environmental and socio-economic categories based on their 
relative importance for the project. All category scores are added and the final score for each alternative is 
compared.  

Jefferson et al. (2007) developed a set of environmental geotechnics indicators (EGIs) specifically tailored to 
assess the sustainability of geotechnical projects, which can be considered as an enhanced version of Jimenez 
(2004) sustainable geotechnical evaluation model (SGEM). For each pre-defined indicator, points are allocated 
(on a score from 1 to 5) based on predominantly qualitative sustainability measurements, as appropriate. The 
scores from each stage (from feasibility to long-term monitoring) are then added to provide an overall 
sustainability score. The EGIs were applied to a case study site in the UK where land contamination 
remediation measures were required. The study assessed soil washing which enabled 100% of previously 
unusable land to be redeveloped for mixed residential and commercial use. Between 20 and 30% of the 
materials delivered were from sustainable sources and >50% of the materials and workforce were sourced 
locally. 

Another tool specifically developed for geotechnical engineering is GeoSPeAR, an indicator system developed 
by Holt et al. (2009) by modifying the Sustainable Project Appraisal Routine (SPeAR©), previously developed 
by Arup (2007). GeoSPeAR uses a colour coded diagram to assess a project’s performance on four main areas: 
social equity, economic viability, environmental protection and efficient use of natural resources. The 
performance of each indicator is assessed against a scale of best and worst cases (based on current legislation 
and best industry practices) and the average performance of each sector is then transferred into the diagram in 
the form of shaded segments. The closer the shaded segment is to the centre of the diagram, the more 
sustainable the project is with respect to those particular criteria.  

 

Figure 3: EGI’s rose diagram for a case study site (left) and GeoSPeAR (right) typical diagram 

Error! Reference source not found.Table 2 identifies the main strengths and weaknesses of each of the 
methodologies described in this section. All can be adopted within New Zealand geotechnical practice. 

 

 

 



7 

 

Table 2: Overview of some of the existing sustainability assessment methodologies for geotechnical 
engineering 

Sustainability system Strengths Weaknesses 

Jefferson's EGIs 
Methodology 

- Indicators are not segregated into economic, 
social and environmental categories, which 
offers an opportunity for a more holistic 
approach.  

- Flexible, allows for adaptation of indicators to 
suit every project's requirements and can be 
applied for every stage.  

- Results are presented in a visual, 
understandable way. 

- Predominantly a qualitative analysis. 
- Despite its potential to provide a holistic 

analysis, pre-defined indicators are heavily 
environmentally focused, lacking 
consideration of socio-economic aspects. 

- No weighting system is applied, which means 
that it is by default 'easier' to rate higher on 
those stages with a lesser number of 
indicators.  

GeoSPeAR 

- Flexible, allows for adaptation of indicator to 
suit every project's requirements and can be 
applied for every stage.  

- Results are presented in a powerfully visual 
way which helps to quickly identify areas of 
improvement. 

- Predominantly a qualitative analysis. 
- Some of the best and worst cases used to 

evaluate performance are based on UK 
policies and best practices. Requires 
adaptation to NZ context. 

Misra & Basu’s 
Sustainability Index 

- Good combination of qualitative and 
quantitative analysis. Provides a clear 
methodology adaptable to most geotechnical 
projects. 

- Allocation of weighting to the different 
categories has a big impact on the final score 
and it is completely subject to the 
practitioner’s judgement. Most suited to early 
stages of a project (i.e. planning, design). 

4 SUSTAINABILITY OPPORTUNITIES 

Implementation of sustainable practices in geotechnical engineering don’t need to be onerous for the 
practitioner. Simply being aware of a project’s potential impact on the environment, and fundamental decision 
making is a good start. For example, designing a foundation that minimises the volume of reinforced concrete 
which is not necessarily always defaulting to a shallow foundation. In some cases, a pile foundation can have 
less volume than a shallow pad foundation and can be constructed with the same plant (excavator with an auger 
attachment rather than a bucket). For remote project sites like a cellphone tower on a hill, the saving on 
reinforced concrete is supplemented further by saving on concrete truck movements. 

There are also simple approaches to improve sustainability through design philosophy. For example, the NZ 
Building Code (via NZS1170.5) currently requires new buildings to avoid collapse, prevent loss of life and 
allow evacuation following an Ultimate Limit State (ULS) earthquake (typically with a 1/500 or 1/1000 year 
recurrence period and probability of occurrence of 5-10% over a 50 year building life). This implies that the 
code minimum building design can meet this requirement but may need to be demolished following the 
earthquake. Is this design philosophy sustainable when an intermediate earthquake smaller than the ULS could 
also cause irreparable damage to a building? Liquefaction induced ground damage is often calculated to be 
triggered at lower than ULS earthquake shaking levels with a binary response (i.e. it either occurs or doesn’t, 
rather than structural load which may be considered to increase linearly with the level of earthquake shaking). 
If significant liquefaction is calculated to be triggered at approximately a 1/150 to 1/250 year recurrence period 
earthquake (not uncommon) for a new building designed to the code minimum requirement, the probability of 
that building requiring demolition following an earthquake may be approximately 20-30% over its 50 year 
design life (due to liquefaction induced damage). This is a considerably higher risk than intended by the code 
but is still currently allowed and often acceptable to a developer who assumes that their insurer will provide 
cover. Such an approach isn’t resilient and fails the sustainability principles of equity within and between 
generations. A sustainable approach to this situation would be to mitigate the liquefaction risk and engineer 
the building for a lower probability of demolition/repair post earthquake. 

Other scenarios may be more complex to assess for sustainability. Timber poles may be an attractive ground 
improvement solution beneath a building at first glance from a sustainability perspective, because timber is a 



8 

 

renewable resource. Conversely, the design life of the timber poles would be shorter than an alternative, such 
as stone columns, so it is unclear which option is more sustainable.  

Studies are available to help guide us, such as: 

 Research by Egan et al. (2010) found dynamic compaction and stone column ground improvements to 
have a smaller environmental impact than traditional deep foundations (Continuous Flight Auger and 
driven cast in-situ piles), particularly if recycled materials and aggregates were used to form the stone 
columns. The embodied carbon dioxide savings were found to be up to 90%, in addition to time and 
cost savings provided by the stone columns as compared with the traditional piles. Jefferson et al. 
(2010) also assessed the sustainability of stone columns. 

 Spaulding et al. (2008) undertook three case sustainability studies of ground improvement: 
- Dynamic compaction vs undercut of uncontrolled fill and replacement with engineered fill 

imported from a nearby borrow pit (22km from the jobsite). 
- Controlled Modulus Columns vs driven piles. 
- Soil-bentonite wall vs a cement-bentonite wall. 
- In all three cases the ground improvement options (dynamic compaction, Controlled Modulus 

Columns and soil-bentonite wall) were found to be more cost effective and also significantly 
reduced the carbon footprint of the projects. 

 Chau et al. (2011) assessed the embodied energy and gas emissions of four types of retaining walls. 
Propped steel sheet piles and minipile walls were found to have less embodied energy and gas 
emissions than cantilever steel tubular wall and secant concrete pile wall systems. The difference in 
CO2 emission for a propped sheet pile or minipile retaining wall and a secant pile wall of 100m length, 
was found to be approximately equivalent to an average 2.0L family car being driven for 5.5 million 
kilometres (or roughly 550 cars being driven for a year in NZ). 

 Soga et al. (2011) calculated the embodied energy for several retaining wall options for; a hypothetical 
motorway widening, a basement of an actual high rise building in London, and embankments and 
cuttings on an actual highway widening project in London. The results indicated that the highest 
concentration of embodied energy was within the construction materials, over the installation energy 
and transport energy. A recycled steel wall generally has less embodied energy than the equivalent 
concrete wall system, which is in turn more efficient than the equivalent virgin steel system. The study 
found that minimising materials usage has the most impact for reducing embodied energy for retaining 
walls. 

 The life-cycle environmental impact of a reinforced concrete retaining wall was compared to a 
bioengineered slope by Storesund et al. (2008), finding; the bioengineered slope had about half of the 
environmental impact of the concrete wall, however the concrete wall had lower whole of life costs as 
it didn’t require as much maintenance. 

 On the positive impacts of retrofitting and reuse of foundations (Misra and Basu, 2011). 

 Earthquake resilient foundation systems (Kupec et al. 2019, Mahoney et al. 2015 among others). 

 On sustainable landslide management (Flentje et al. 2018). 

 Ali et al. (2011) showed though laboratory testing that recycled glass could be blended with recycled 
aggregate by up to 30% by mass and provide satisfactory performance as a pavement subbase. 

 A review of sustainability papers from the 19th ISSMGE conference by Anand et al. (2018), covering 
topic including use of recycled and alternate geomaterials, sustainable foundations, innovative ground 
improvement techniques, waste management, and tools for assessment of sustainability and resilience. 



9 

 

 The authors of this paper consider that ground improvement is generally more sustainable than 
traditional deep foundation solutions. Because in comparison, ground improvement typically has a 
lower carbon footprint, is less likely to inhibit future foundations and often generates less or no spoil 
(particularly advantageous for contaminated sites). 

Key sustainability aspects that can be considered for a geotechnical project are presented below in Figure 4, 
along with a proposed checklist for geotechnical engineers at the back of this paper. 

 

Figure 4: Key sustainability components and ideas for geotechnical projects 

5 CONCLUSIONS 

We all have a part to play in contributing to a sustainable world. Geotechnical engineers have the benefit of 
early project involvement across all industry markets and can make a difference to our current practices, for 
the better. Hoping that others may take action for us is not a strategy. Look for opportunities to embed 
sustainability principles, big or small, and consider balance across the four E’s of sustainable development. 

To succeed, it will be vital to raise awareness and overcome barriers to sustainability. Research and knowledge 
transfer must be expanded, and we need to work collaboratively with government and other disciplines in the 
industry. 

There are many powerful tools available that can be used in our daily decision-making processes to help us 
find the most sustainable solution for every project. Simply by being aware of the impacts of our projects on 
the natural and socio-economic environment in the long-term and trying to go beyond the established minimum 
industry requirements can have a huge effect and pave the way towards a more responsible future for the 
geotechnical engineering practice. 
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ABSTRACT 

The use of steel tendons in soil nailing and ground anchoring has been commonplace for both 

permanent and temporary applications. Double corrosion protection (DCP) is required to ensure a 

serviceable design life, and these have evolved to become complicated assemblies comprising 

numerous components.  This complexity is mainly associated with durability considerations 

including potential exposure to aggressive ground conditions, and, ensuring separation of dissimilar 

metals within the anchorage assembly itself.  

Advancements in the construction of Glass-fibre Reinforced Polymer (GRP) tendons have provided 

a viable alternative to conventional steel DCP soil nails and ground anchors in civil geotechnical 

applications. The durability of the material results in a much simpler nail/anchor detail to achieve 

the same 100-year design life. 

This paper presents the latest technology in GRP manufacturing techniques, along with the relevant 

international and local standards which now recognise the use of GRP elements for permanent 

geotechnical applications. The paper also considers other issues which are relevant to the design of 

temporary and permanent soil nails and anchors used in ground support, such as initial tensioning 

and grouting.  Long-term performance, including durability and creep are also reviewed. 

The New Zealand market has recently adopted the use of GRP in the design and construction of soil 

nailing and ground anchors for slope stabilisation and ground retention systems and the paper will 

provide reference to local projects. 
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1 INTRODUCTION 

Steel DCP soil nails and ground anchors have evolved to become complicated assemblies comprising 

numerous components.  This complexity is mainly associated with durability considerations including 

potential exposure to adverse groundwater conditions and ensuring separation of dissimilar metals within the 

bolt assembly itself.  

Advancements in the construction of GRP solid bars has provided a viable alternative to conventional steel 

DCP soil nails and ground anchors in civil geotechnical applications. GRP solid bars have been used in the 

tunnelling and mining industry around the world for several decades for temporary applications. In the 

United States, GRP solid bars have been used in structures as reinforcement for more than 30years.  Neither 

of these were suitable for permanent applications in the civil geotechnical market. 

The GRP bars considered in this paper are produced by FiReP International AG (Switzerland) and 

distributed by Bluey Technologies Pty Ltd (Australia). Bar profiles are produced in a unique pultrusion 

process using glass fibres with a tensile strength of approximately 1000 MPa and high shear strength. The 

fibres are embedded in Vinyl ester resin for 100year design life, with a fibre content of about 80%. The 

fibres are also wound around the bar to create the thread profile. This gives the rod a high tensile strength, 

especially in the longitudinal direction. The resin fixes and protects the glass fibres.  

The development of continuously threaded fibre reinforced polymer rods was initiated by FiRep 

International AG (Switzerland) in about 1999 (Figure 1). This particular innovation and development has 

allowed for GRP bars to become widely used in civil geotechnical applications like soil nails and ground 

anchors due to the increased shear capacity and thread capacity. Traditionally GRP bars were weak in shear 

and had a very low load capacity on the thread as the threads were either cut into the GRP bar or moulded 

with just resin. The continuously threaded profile with fibre reinforcement (figure 2) has increased the fibre 

content and increased the thread strength to almost equal the GRP bar capacity.  

Bars are available in diameters from 6mm to 55mm, with the smaller sizes typically used in reinforced 

concrete construction. Typical diameters for soil nail and ground anchor applications range from 20mm to 

40mm. 

 

Figure 1: BluGeo GRP60-25mm continuous thread profile 
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Figure 2: Longitudinal section showing fibre content in thread profile 

2 CURRENT USAGE 

GRP bars are widely used in underground tunnelling and mining applications due primarily to their ease of 

handling, electrically non-conductive properties, and durability. 

They have been used in numerous tunnel projects for temporary support, in particular to zones which are to 

be subsequently excavated. This is because they are more readily cut compared to steel bolts, and do not 

damage excavation plant. 

In the past 10years GRP bars have been accepted in the civil geotechnical industry with a wider range of 

applications outside the tunnelling projects including soil nails, spot bolting, ground anchors and 

reinforcement. 

British and European design codes BS 8006-2:2011 “Code of Practice for Strengthened/Reinforced Soils – 

Soil nail design”, and BS EN14490:2010 “Execution of special geotechnical works - Soil nailing” allow for 

the use of GRP soil nails in permanent applications. These codes are regarded as the most thorough 

International Standards for soil nail design. Recent changes to BS 8006-2:2011 include recommendations for 

the use of GRP in permanent soil nailing applications. The inclusion of GRP in the recent code versions 

demonstrates the common use of GRP bars within Europe. 

VicRoads in Australia was the first road authority to approve the GRP bars for permanent soil nails, they 

undertook a twelve-month investigation of GRP performance and durability in 2012 leading to the update 

and inclusion of GRP into the VicRoads Section 683 – Soil Nail spec in 2013. 

GRP bars have been approved by the following standards and authorities for use as permanent soil nail 

applications: 

• BS8006-2-2011.  

• VicRoads Section 683 – Soil nails 

• TMR – QLD 

• DPTi – SA 

• NZTA 

• SCIRT – NZ Christchurch Rebuild 

• Christchurch City Council 

• Metro Trains VIC 

• Eurocode 7 
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3 GRP BARS FOR PERMANENT SUPPORT 

In order to assess the suitability of GRP bolts in lieu of DCP bolts, several design and construction issues 

need to be addressed as well as a comparison of GRP and DCP soil nails properties. 

3.1 Strength 

3.1.1 Tensile Strength 

For bar diameters of between 12 mm and 32 mm the ultimate tensile stress measured from axial testing 

ranged from 1092 MPa to 1340 MPa. Tests were undertaken in accordance with CSA-S806-02 Annex C. 

These values are almost double the strength of the steel used in soil nails and ground anchors of 500-

650MPa. 

Ultimate tensile strains range for GRP bolts from 1.6% to 2.5%, whereas high tensile steel bars exhibit 

significant ductility, with ultimate tensile strains of between 14% and 22%. GRP E-Modulus is 60GPa which 

is 1/3 – ¼ that of steel. Soil nails are designed to ensure ductile failure occurs through the grout/soil interface 

and most deformation occurs mostly due to ground reaction.  

3.1.2 Design Tensile Strength 

The assessment of design tensile strength incorporates various reduction factors to take into account material 

variability, long-term degradation and creep, and other factors.  

For GRP bolts AS4678-2002 “Earth retaining structures” has been used as a guiding document. It includes 

several reduction factors which are intended primarily for use in the design of reinforcement in earth 

retaining structures. For GRP bolts the most relevant factors are those due to creep deformation (Φrc) and 

degradation due to chemical or biological effects over the design life (Φud).   

Based on the creep rupture tests described previously, a value of Φrc = 0.6 is proposed. The durability 

assessment noted below recommends a value of Φud = 0.65 for a 100-year design life. The other factors 

included in AS4678-2002 are generally either not applicable to GRP, or the uncertainties are addressed in the 

quality control and testing regime of the product, such that values of unity are suggested. Therefore, the 

overall reduction factor is Φ= 0.39, which is applied to the ultimate tensile strength of the GRP shaft.  

Therefore, for a 25mm diameter GRP bolt, the design tensile strength is 136.50kN. 

For steel bolts Table 3.4 of AS4100-1998 “Steel structures” gives a capacity factor Φ = 0.8 for bolts acting in 

tension, which is applied to the nominal tensile capacity.  For a 25mm(500grade) diameter steel threaded bar 

with an ultimate tensile strength of 245kN, the design tensile strength is 196kN, which is of similar 

magnitude to that of the GRP bar described in the above example. (Table 1) 

Table 1: Properties of comparable GRP bars and Steel Grade 500 bar 

Property Symbol Unit 
BluGeo GRP60-25mm 

bar 

Typical Grade 500 

thread bar (incl DCP) 

Outer diameter d mm 25 32 

Required borehole diameter D mm N/A Min. 125 

Mass  kg/m 0.9 3.95 

Tensile Stress Area A mm2 346 491 

Young’s modulus E GPa 350 (1000) 265 (500) 
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Yield force  kN  245 

Ultimate tensile strength Tu kN (MPa) 140 17m 

Design tensile strength T*d kN 140 196 

Tensile strain at failure  % 2.5 2.5 

Nut capacity  kN  265 

GRP dome/hex nut  kN 70  

GRP power nut  kN 180  

Steel hex 150mm  kN 220  

Steel power nut  kN 300  

Transverse shear strength  kN 170 164 

 

3.1.3 Creep Rupture 

Creep rupture testing of 20mm diameter GRP bars has been undertaken in accordance with CSA S807 

(2010).  CSA S807 recommends testing for 10,000 hours to determine the creep rupture strength at 95%, 

85%, 80%, 75%, 70%, and 65%.  For an applied axial load corresponding to 85% of the UTS, a average 

creep rupture time of 16hours was measured. For a load of 70% of the UTS, the rupture time increased to an 

average of 7,223.6hours or 300 days.  

Following extended testing to 11,440hours for the 65% and 60% loads, a creep rupture reduction factor of 

60% has been determined in accordance with ACI 440 and CAN/CSA S-807-10 (i.e. extrapolated failure 

load at 106 hours figure 3).  

 

Figure 3: Logarithmic time to failure (stress rupture) curve for BluGeo GRP60-20mm GRP bars of 20mm 

diameter (nominal cross sectional area = 200mm) 
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3.1.4 Creep Deformation 

Creep deformation testing has been undertaken based on ACI 440.3R-04, Test method B.8 “Test method for 

creep rupture of FRP bars” and CAN/CSA S807-10 “Specification for fibre-reinforced polymers”.  

The results of the creep deformation testing after 10,000 hours at 20% and 40% of the UTS showed creep 

strain of between 4% and 9%. (Table 2 and figure 4).  

 

 

 

 

 

 

 

Table 2: Creep Strain evolution to-date for samples loaded at 20% and 40% of UTS 
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Figure 4: Creep evolution for each individual sample exhibiting 40% UTS 

3.1.5 Shear Strength 

Testing of the transverse shear strength of 16 mm and 20 mm diameter GRP bars has been undertaken in 

accordance with ACI 440.3R-04, Test method B.4 “Test method for transverse shear strength of FRP bars” 

and CSA-S806-02, Annex N “Test method for shear properties of FRP rods”. 

The test involves application of a transverse load via a steel billet, such that two parallel sections of the bar 

are subjected to shearing (i.e. a highly localised failure mode). Shear strengths ranged from 88kN to 131kN.  

Clause 9.3.2.1 of AS4100-1998 indicates that for steel bars the nominal shear strength is 62% of the tensile 

strength, and therefore for an ultimate tensile strength of 169.6kN the shear strength is 105.2kN for a 20mm 

500grade thread bar.  

3.1.6 Durability 

Durability modelling has been completed by Sherbrooke University on the basis of full saturation in alkaline 

solution for the project design life. The durability modelling is based upon testing bars at elevated 

temperature and highly alkaline environments. A total of 32 specimens of GRP bars with diameters ranging 

from 12 mm to 25 mm-diameters were tested. Testing was conducted according to the using the ACI 440.3R-

04, Test method B.6, “Accelerated test method for alkali resistance of FRP bars” and CSA-S806-02, Annex 

O, “Test method of alkali resistance of FRP rods”.  

The Young’s modulus of the bars was not significantly affected by the immersion in high pH, with the 

modulus ranging from 97.5% to 99.9 % of the reference value. This result corresponds to Class D1 in 

accordance with International Standard CSA S807-10, which is the highest classification for durability. 

A durability assessment was also recently undertaken based on accelerated testing methods (SMEC, 2013). 

SMEC concluded that the most relevant degradation mechanism for the GRP for use as soil nails was 

hydrolysis due to exposure to groundwater/moisture and the alkaline environment associated with the use of 
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cement-based grout.  The durability assessment was based on this mechanism, using available test data 

comprising accelerated testing at 20°C, 40°C and 50°C in an alkaline solution. The test data included 

exposure times of up to 125 days. Changes in the ultimate tensile strength were used as an indicator of long-

term durability, with durability modelling based on the Arrhenius equation. For sustained temperatures of 

50°C, the calculated retained tensile strength at 100 years was 40% of the initial value. For a temperature of 

20°C the retained strength was 75%. SMEC recommended a maximum durability reduction factor (or 

strength reduction factor) of 0.65 to account for potential changes in material properties over a 100-year 

design life.  The assessment also considered strength reduction factors in established design codes (ACI 

440.1R-06, CAN/CSA-S806-02 and JSCE.  Reduction factors from these codes ranged from 0.70 to 0.80, 

suggesting that the recommended value of 0.65 is conservative. 

No reliance on complex DCP systems including galvanising/epoxy coatings and sheathing to achieve the 

100-year design life. 

3.1.7 Grouting 

Grouting GRP soil nails is an easier and more reliable process as there is no sheathing and therefore only a 

single grouting operation is required, allowing full encapsulation of the bar and easy load transformation to 

the ground. 

The bond stress between the GRP and the grout is equal to or greater than that of a steel bar. 

3.1.8 Cost Comparison 

A comparison of material costs between a traditional steel DCP soil nail and an equivalent GRP soil nail 

suggests that the cost of a GRP soil nail is 30-40% less in material cost than the steel DCP soil nail. By the 

elimination of the HDPE corrugated sheathing and accessories this is where the material savings come from. 

There are further cost savings using a GRP Soil nail in the installation costs. Using a GRP soil nail can give 

the designer the option of a smaller diameter hole if the ground conditions will achieve the same skin friction 

as there is no minimal cover requirements for GRP elements. 

For example, reducing the hole size from 150mm to 100mm will reduce the drilling time, reduce the grout 

consumption form 17ltrs/m down to 8lrs/m less than half.  

Figure 5: Simple installation 
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Additional savings in labour are realised due to the significant differences in weight between GRP and steel 

bars. Figure 5 demonstrates the relative simplicity of installing a lightweight GRP bar from rope access. 

4 PROJECT EXAMPLES 

BluGeo GRP60 soil nails have been used extensively in Australia and NZ on major infrastructure projects, 

local and regional councils and road authority projects, as well as numerous commercial applications. 

GRP bar manufactured from Vinyl ester resins to provide a 100year design life was introduced into New 

Zealand in 2013 and since that time, circa 100,000m of GRP soil nails / low capacity anchors have been 

installed throughout the country. 

Applications have included soil nailed walls, slope protection, rock bolting, tension uplift anchors and micro-

piles. 

Milestone projects in New Zealand include the following: 

• Waterview Tunnel – Carrington Road Interchange where over 30,000lm of BluGeo GRP60-25mm soil 

nails were installed to replace steel DCP soil nails which provided the project significant savings 

• Lyttleton Rd Upgrade Christchurch and numerous other slip remediation projects in Christchurch utilised 

BluGeo GRP60 soil nails after SCIRT and Christchurch City Council approved the GRP bars for 

permanent applications in the rebuild of Christchurch. 

Site specific performance and proof testing has been undertaken and without exception the GRP bars have 

met the requirements of the project specifications. The most notable difference is the additional elongation 

observed with the GRP bars due to the lower modulus of elasticity (the additional elongation is only in the 

free length). A large number of projects using the GRP soil nails have been successfully completed 

throughout New Zealand since the introduction in 2013. 

5 HIGH CAPACITY GRP BAR ANCHORS IN-LIEU OF REMOVABLE ANCHORS 

GRP bars have been used in tunnelling and mining applications for more than 30years and one of the key 

benefits is the ability for tunnel boring machines and excavators to easily cut through the GRP bars – they do 

not present an in-ground obstruction. 

In modern construction times, many local / government authorities and private landowners are reluctant to 

approve the use of tension tie-back anchors beneath their properties unless they can be removed. The main 

reason is the traditional steel anchors present a significant obstruction with regard to future excavations and 

developments. 

Utilising multiple GRP bars (strands) bundled to provide the necessary tensile capacity, and which are able 

to remain in the ground does not pose the same risk. BluGeo Cablex-S is a recent development specifically 

developed for this purpose. 

7mm GRP strands are bundled into groups of 7-strands giving a 21mm strand (which is equivalent to a 

15.2mm steel strand). The GRO strand is pre-grouted into a short steel section that is subsequently connected 

to a conventional pre-stressing strand as shown in Figure 6. Figure 7 shows the fabricated bundle. 

Figure 6: 21mm GRP strand bundles connected to pre-stressing strand 
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Technical details of BluGeo Cablex-S bundle are set out in Table 2. 

 

 

 

Table 2: BluGeo Cablex-S Technical Details 

Property Unit Standard Specification 

Capacity of one bundle kN 250 

Elongation at break % 2.1 

No of strands per bundle  7 

Diameter of single strand mm 7 

Diameter of bundle mm 21 

Weight of bundle kg/m 0.5 

 

 

Figure 7: 7mm GRP strand bundles  

 

Multiple bundles of up to 21mm GRP strands can be assembled to create multi-strand anchors just like a 

traditional steel temporary anchor, PVC tubes are fitted over the free length as shown in Figure 8. 
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Figure 8: GRP strand anchor  

At the end of the service use, the steel pre-stressing strands are de-tensioned and disconnected from the short 

steel connection joined to the 21mm GRP strand bundles leaving no obstructions in the ground. 

6 SUMMARY 

Advancements in the construction of Glass-fibre Reinforced Polymer (GRP) tendons have provided a viable 

alternative to conventional steel DCP soil nails and ground anchors in civil geotechnical applications. The 

durability of the material results in a much simpler nail/anchor detail to achieve the same 100-year design 

life. High capacity GRP strand anchors are a viable alternative to the removable anchors. 
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ABSTRACT 

Design in New Zealand is increasingly requiring parameters obtained from in-situ seismic testing 

for use in modelling and assessment of the built environment. In New Zealand shear wave velocity 

(VS) profiles are most commonly required. However, the quality of in-situ seismic testing can vary 

substantially, and it is uncommon that realistic estimates of uncertainty are provided. As such, there 

is a need for guidance on the advantages and limitations of the commercially available in-situ 

investigation methods, how to procure investigations, and how to assess the quality of the 

investigation results. This paper presents some of the key factors that should be accounted for in the 

acquisition, processing and interpretation of in-situ seismic investigation methods. Approaches that 

can be taken to demonstrate the uncertainty associated with various seismic investigation methods 

are discussed, including discussion related to the potential inaccuracies inherent in some commonly 

used approaches. Lastly, recommendations for the level of information that should be provided as 

part of the reporting for these methods are presented. 

1 INTRODUCTION 

Historically, the use of in-situ seismic testing appears to have played a relatively minor role in geotechnical 

site characterisation in New Zealand outside of large facility projects such as dams and pipelines. Following 
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the 2010-2011 Canterbury earthquake sequence, increased awareness of the importance of site response and 

liquefaction hazard has resulted in an increased demand for in-situ seismic testing throughout New Zealand 

to characterise both shear wave velocity (VS), and to a lesser extent compression wave velocity (VP).  

A summary of a range of traditional and seismic site investigation methods are provided in Figure 1. 

Traditional invasive site investigation methods include the cone penetrometer test (CPT), the standard 

penetration test (SPT), and the dilatometer test (DMT). These involve either the advancement of a probe into 

the ground by mechanical means using a string of rods, or testing in intervals down a borehole. Invasive 

seismic methods also require the advancement of a probe or boreholes to locate sensors for testing below the 

ground surface. Surface seismic methods, or non-invasive methods, do not advance any sensors below the 

ground surface, with all equipment located at ground level. 

 

Figure 1: Summary of various seismic investigation methods and the steps required to produce seismic 

velocity data for each. Abbreviations are discussed in the body of the text. 

Figure 1 summarises the key steps that are required for each method in order to output the parameters 

required to inform engineering design. All methods require the acquisition of data through a robust field 

methodology, with seismic methods requiring the processing of data into a format that enables interpretation 

and the development of design parameters. Some methods require the additional step of inversion, involving 

the use of modelling and further interpretation. The increased use of in-situ seismic testing has highlighted a 

general lack of understanding amongst contractors and engineers of some of the key aspects of these 

methods, related to all these key steps, and involves both contractors and engineers. The main issues are: 

• Incorrect field acquisition methodology 

• Incorrect processing and inversion – a key issue for surface seismic methods 

• Lack of understanding of the limitations of different methods 

• Lack of any acknowledgement of the uncertainty of the methods and its quantification 

This paper presents some of the key factors that should be accounted for in the acquisition, processing and 

inversion steps of in-situ seismic investigation methods. Approaches that can be taken to demonstrate the 

uncertainty associated with various seismic investigation methods are discussed. Recommendations for the 

level of information that should be provided as part of the reporting for these methods are proposed. Here we 

focus on the invasive and surface seismic methods that have most widespread use in NZ to define VS 

profiles.  For invasive methods, the focus is downhole methods, while for surface seismic methods, the focus 

is active source methods. 
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2 INVASIVE METHODS 

Invasive methods are based on the propagation of body waves from a known source location to a receiver (or 

receivers). Sources of various forms are used to create compression waves (P-waves) or shear waves (S-

waves), which can be recorded by receivers that measure either acceleration (accelerometers) or velocity 

(geophones). Downhole methods use a source located at the ground surface and receivers that are advanced 

to a range of different measurement depths using a single borehole/probe. Methods typically used in New 

Zealand are the borehole-based downhole (DH), the seismic CPT (sCPT) and the seismic DMT (sDMT). 

Crosshole methods uses a source and receiver in separate boreholes/probes located at a common 

measurement depth, which are then be advanced to a range of different depths. Crosshole methods typically 

used in New Zealand are the borehole-based crosshole (XH) and the direct push crosshole (DPCH). A 

summary of these methods is provided here, and more details are provided in Wentz (2019). 

2.1 Downhole Methods 

A schematic of the field setup for the downhole methods (DH) is presented in Figure 2, and the general 

procedures for these methods are outlined in the relevant ASTM test standards (ASTM 2017). DH methods 

use a source offset (X) a short distance from the location of the borehole/probe at the ground surface (1-3 m 

is recommended), and receiver(s) at depth. For VS testing, impacts on the ends of a shear plank oriented 

perpendicular to the offset dimension from the borehole/probe should be used. This creates downward 

propagating, horizontally polarised shear waves (SVH wave), with Figure 2 showing one possible ray path for 

each receiver location, which represents the direct wave from source to receiver. The impact on the shear 

plank triggers the start of the data acquisition system (DAQ), and this is recorded by receiver(s) orientated 

horizontally to record the horizontal particle motion. To develop a VS profile this setup is repeated with the 

receiver(s) located at a range of different depths (D1 and D2). 

   

Figure 2. Schematic of the setup for downhole test, with a single receiver shown for two different test depths 

(a) side view; (b) plan view 

For all methods, good coupling is required between the ground and the borehole/probe. As probes are pushed 

into the ground directly, coupling is usually good. The success of borehole methods relies on good grouting 

between the borehole casing and surrounding soil, otherwise wave propagation will be poor. This is a key 

aspect of the field step and care should be taken to ensure a good grouting methodology. 

At each test depth, the orientation of the receiver(s) should be known, and the initial polarity of the shear 

wave that is being generated should be known. The initial polarity is the initial voltage departure, either 

positive or negative, recorded by the DAQ for a given impact direction on the shear plank. By hitting on each 

end of the plank, reversed polarity waves can be generated at each test depth, and plotting these together 

should create traces where the shear wave arrival diverges as a mirror of each other (‘butterflied’ traces as 

shown in Figure 3(a)). Multiple impacts should also be used at each test depth and the recorded waveforms 
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stacked (superimposed) in order to develop a consistent clear waveform. These approaches all greatly 

simplify the data interpretation as discussed in the next section. 

For DH methods it is typical to assume a straight line ray path from the source to the receiver(s), as shown in 

Figure 2. This straight line assumption is not always correct, and refraction as waves move from one soil 

layer to the next will bend this path, particularly in the top 3-5 m of the soil profile. As a result the 

interpreted velocities in this range should be treated with caution (Stolte & Cox 2020).  

In a New Zealand context, the majority of sCPT use a single receiver setup, with a single receiver package 

located above the cone tip. This setup is used to record wave arrivals at the receiver location at each test 

depth using a separate source impact, and the difference in wave arrivals from one depth to the next is used 

to calculate a VS for that test depth interval. This is referred to as the pseudo-interval method, and in Figure 2 

D1 and D2 would be two separate test setups. As triggering of the DAQ can be inconsistent, particularly in 

lower costs systems, errors can be introduced into this method, as the time zero for each separate test depth 

record can shift, meaning the wave arrival times are not a true representation of the propagation. A good 

practice is to record the trigger as part of the data acquisition, so this effect can be removed. However, this is 

not routinely done in practice.  

All sDMT setups and a small number of sCPT use a dual receiver setup, with two receiver packages located 

a fixed vertical distance (0.5 to 1.0 m) from each other above the cone tip. This setup records wave arrivals at 

two receiver locations (both D1 and D2 in Figure 2) for each test depth simultaneously using a single source 

impact, referred to as the true-interval method. In the dual receiver system, as you are recording the wave 

arrivals at two locations for the same source, the triggering of the DAQ system, and therefore the zero time is 

the same for both records. As a result, this removes the issues related to an inconsistent trigger. 

2.2 Data Processing and Uncertainty 

Processing of the DH method starts with the picking of the travel times of the seismic waves, which could be 

the total travel time from source to receiver or the relative travel time between two receiver locations (the 

interval travel time). The waveform of interest is the first major departure with the correct polarity, typically 

associated with an increase in amplitude and change in frequency content. This waveform can be picked 

using multiple approaches and summarised in Figure 3. The first arrival (FA) pick is the initial arrival of the 

shear wave, which can sometime be difficult to identify. The first peak/trough (PT) is the first peak after the 

FA for one source direction and the first trough for the other source direction. The first crossover (CO) is the 

first point after the FA where both waveforms cross each other. When the interval travel time is required, 

differences in the picked arrivals at subsequent depths for a particular method are used. A final approach 

makes use of the peak response of the cross-correlation (CC) function between pairs of waveforms from 

subsequent measurement depths to define the interval travel time. Reporting should clearly indicate what 

approach has been used, and the picks shown to enable a visual inspection of their quality.   

Once travel times have been picked, there are multiple methods to process DH data to develop VS profiles 

with depth. The first is the interval velocity method (ASTM 2017), which uses the interval travel time 

between two receiver depths, and the difference in the travel path length from source to each receiver, 

defining the VS of the deposits between the receiver depths. As mentioned previously, triggering issues can 

introduce errors when using pseudo-interval data. This manifests as fluctuations in the VS profile that are 

typically not representative of reality. 

The second is the slope-based method (Patel 1981, Kim et al. 2004, Redpath 2007, Boore and Thompson 

2007) that converts the total travel time to an equivalent vertical travel time and plots this against depth. 

Linear trends are then fit to groups of points to define velocities for different layers within the profile, 
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constrained using clear changes in the slope or soil layer boundaries identified by CPT data. As a result, this 

approach is able to average out some the effects of triggering issues.  

Clearly there is a range of approaches that can be taken to process a DH dataset, and this allows for an 

assessment of the uncertainty in the VS profile, representative of the epistemic uncertainty. To demonstrate 

this, a range of VS profiles developed from a single dataset that has been processed using multiple travel time 

picking and processing methods is presented in Figure 4. The true-interval (TI) and pseudo-interval (PI) 

methods have the largest differences across the different picking methods, with the slope-method (SM) have 

much more consistent across picking methods. The PT and CO approaches have quite consistent VS 

estimates, while the FA and CC methods show some outliers. It is therefore important for contractors and 

engineers to acknowledge that this uncertainty is present, and to take steps to demonstrate or quantify this. 

 

Figure 3. Examples of interval travel times calculated using (a) different picks from two depths using 

butterflied waveforms; (b) cross-correlation function between the positive polarity waveforms from (a) (after 

Stolte & Cox 2020) 

 

Figure 4. Comparison of VS profiles developed using a range of travel time picking and processing methods 

(a) pseudo-interval; (b) true-interval; (c) slope method (after Stolte & Cox 2020) 
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3 ACTIVE SOURCE SURFACE WAVE METHODS 

Active source surface wave methods are based on the propagation of surface waves, called as such as they 

travel along the surface of a medium, here the ground surface. In New Zealand this is most commonly 

referred to as MASW, multi-channel analysis of surface waves (Park et al. 1999), and the most common 

application is based on the propagation of Rayleigh waves. Active source methods use an excitation source at 

a known location and receivers at known locations to record the propagation of the Rayleigh waves and use 

this to determine the VS profile characteristics. Here we will focus on Rayleigh wave-based methods as they 

are the most common. Surface wave methods require an experienced analyst in order to provide robust 

outputs, and all aspects of these methods are not able to be fully discussed in this paper. These methods are 

described in more detail by Foti et al. (2017).  

Rayleigh waves have an elliptical particle motion, meaning particle movement both in line and perpendicular 

to the wave propagation direction, elliptical, as shown in Figure 5(a). There are some key features of 

Rayleigh waves that make them useful for surface wave testing. First, two thirds of the energy generated by a 

vertical source on the ground surface are converted to surface waves. Second, as Rayleigh waves travel along 

the surface of a material, their attenuation is not as rapid as body waves. Third, Rayleigh wave velocity (VR) 

is similar to VS, with VS ≈ 1.1VR. Lastly, and perhaps the most important for surface wave testing, is that 

Rayleigh waves are dispersive in layered deposits.  

The dispersive nature of Rayleigh waves means that different wavelengths (that can be related to depth) will 

travel at different velocities. Figure 5(b) shows a schematic soil profile with different Rayleigh wave 

wavelengths. The shortest wavelength has all particle motion within Layer 1, such that the VR is controlled 

by the properties of Layer 1 only (VS, VP and density). The longer wavelength has some particle motion 

within Layer1 and some within Layer 2, meaning the VR with be influenced by the properties of both layers. 

In a soil profile where Vs is increasing from one layer to the next with depth, this means that longer and 

longer wavelengths will have higher and higher VR. Therefore, if a source can create energy over a range of 

frequencies (remembering that velocity = frequency x wavelength), it will create Rayleigh waves over a 

range of wavelengths and be able to characterise over a range of depths through the soil profile.  

The next sections will provide an overview of the different steps required to progress from field acquisition 

through to the development of VS profiles. 

 

Figure 5. (a) Characteristics of Rayleigh waves (Foti et al. 2017); (b) schematic of the propagation of 

Rayleigh waves of different wavelengths 

3.1 Acquisition 

Active source data is collected using a linear array of sensors to record the wave propagation from the source 

through the array. These arrays typically consists of 24 4.5Hz vertical geophones that measure velocity 
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variations with time, often spaced 2 m apart (46 m total array length). Good connection with the ground 

below is required, and this is achieved either through the use of small tripod feet on hard surfaces, or short 

spikes that can be pushed into grass or other soft surfaces. Active source data is most commonly acquired 

using a sledgehammer source impacting onto a strike plate on the ground surface off the end of the geophone 

array. A trigger is attached to the source to that the time of the initiation of the source can be recorded and 

fed into the processing. A good practice is the use of multiple different source offsets off each end of the 

array. This allows for identification of any lateral variability beneath the array, and to account for near source 

effects, which could lead to an inaccurate representation of VS. At each offset multiple impacts should be 

used and stacked in order to improve the quality of the signal (improving the signal to noise ratio). The 

outcome of the data acquisition is velocity time series data for each geophone for the range of source offsets 

used (Figure 6(a)). The array length used for active source testing should be approximately twice the depth of 

interest, with a sledgehammer and 46 m array about to characterise to approximately 20 m depth. To 

characterise deeper, different sources, larger source offsets, or larger geophone spacings could be used. 

 

Figure 6. Examples of: (a) raw time series data from acquisition using 46 geophones (Foti et al. 2017); (b) 

experimental dispersion curve using frequency; (c) experimental dispersion curve using wavelength 

3.2 Processing 

The aim of processing is to extract the experimental dispersion data that is representative of the soil/rock 

beneath the array using the velocity time series data from each geophone location. The experimental 

dispersion curve relates the Rayleigh wave velocity, often referred to as phase velocity, with 

wavelength/frequency (all three are linked as discussed earlier in this section). There is a range of wavefield 

transformation methods available to convert the time series data from each geophone, representing time and 

space, to frequency and wavenumber. This transformation creates a surface plot relating phase velocity, 

frequency and energy, and the peaks in the surface at each frequency/wavelength are extracted to define the 

experimental dispersion curve. The range of different transformation methods will often result in comparable 

dispersion curve estimates, and examples are shown in Figure 6(b). The quality of the data collected will be 

reflected in the quality of the dispersion curve extracted. This data should be provided and the picks of the 

peaks representing the dispersion curves presented, as the quality of this data can be visually assessed by 

someone with a limited knowledge of the methods. 

It is important to try to quantify the uncertainty in this experimental data, as this will have a significant 

influence on the inversion process. The data from multiple offsets enable the characterisation of this 

uncertainty. This is shown in Figure 6(b), with the mean and ±1 standard deviation of the experimental 

dispersion data. The extracted experimental dispersion curve data can then be used to provide an initial 

estimate of the bounds of velocities and depths that can be extracted in the inversion process. The minimum 

wavelength in the dispersion curve data is equal to approximately twice the minimum depth that can be 

resolved. One half to one third of the maximum wavelength can provide an estimate of the maximum depth 
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that can be resolved. As VS ≈ 1.1VR, estimates of the VS of the surface layer can be estimated. This provides 

some constraint on what can be realistically extracted during the inversion process. There a number of other 

factors that should be assessed in the processing stage but these are outside the scope of this paper (see Foti 

et al. 2017). An experienced analyst is needed to be able to interpret this processed data to then inform the 

inversion stage of the analysis. 

3.3 Inversion and Uncertainty 

The aim of inversion is to develop a model of the layers of the ground that has a theoretical dispersion curve 

that shows a good match to the experimental dispersion curve data discussed in the previous section. An 

example of this is shown in Figure 7(a), comparing the experimental dispersion data with a number of 

theoretical ones. A model of a number of linear elastic layers over a half space are assumed, each with a 

thickness, density, VS and VP. A theoretical dispersion curve is calculated for the model and compared to the 

experimental dispersion curve to assess the fit, typically in form of a misfit function. The properties of the 

system are then revised in an iterative sense until a satisfactory fit is achieved. A number of different 

inversion approaches are possible and the key challenges are: 

• The relationship between the experimental data space and the model space in nonlinear 

• The solution is ill-posed, as 4 model parameters are recovered indirectly from two experimental data 

parameters 

• As the model solution for deeper layers is dependent on the solution for shallow layers, the problem is 

mixed-determined. 

As a result many models can fit the experimental data equal well, and rather than providing a single, 

deterministic VS profile for each site, the inversion process should provide a suite of theoretical profiles that 

fit the experimental data well and allow for a measure of the epistemic uncertainty to be reported. Hundreds 

of thousands of possible profiles should typically be considered in each inversion and any of the models with 

sufficiently good match (low misfit) to the experimental data may be representative of the velocity structure 

at the site. 

The user defined constraints for setting up the inversion (parameterization) can have a significant impact on 

the VS profiles that are extracted. If there is knowledge of subsurface layering characteristics from a-priori 

investigation data, this should be used to help constrain the inversion and reduce the number of unknowns 

(range of thickness of the layers and their properties). If there is no knowledge of the subsurface layering, the 

parameterization should be set up to reduce the range of solutions, and also avoid over-constraint of the 

inversion. A systematic approach to this is summarised in Cox & Teague (2016). 

An example of the effect of the parameterization is shown in Figure 7. To simplify the discussion only a 

single VS profile and theoretical dispersion curve is shown. The true solution is shown, which was used to 

develop the mean dispersion curve data. A range of models with different numbers of layers were then 

defined to illustrate how well they could match the true solution. The first observation is that the match 

between the experimental and theoretical dispersion curves for all models are quite similar based on a visual 

assessment. However, comparison of the VS profiles clearly shows a variation in characteristics. For models 

with 9 layers or less, the match to the true solution is fairly good, with a poorer match for the 3 and 5 layer 

models between 9 and 17 m. The clear outlier is the 20 layer solution. Even though more layers might 

suggest better resolution, the match is poor throughout the entire profile. Here the inversion has tried to get 

the best fit to the experimental data, but because so many layers have been defined, each change in slope in 

the dispersion curve has been captured, over-constraining the data. Clearly this must be avoided when 

running an inversion, as although the results has a good fit to the experimental data, it does not reflect the 

real VS profile. Therefore, an assessment of the quality of the inversion should look both at the fit of the 
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theoretical data to the experimental, and a reality check of the VS profile using any geologic or geotechnical 

knowledge. 

 

Figure 7. Examples of: (a) Experimental dispersion curve data with error bounds and the fit of a range of 

theoretical dispersion curves from the VS profiles in (b); (b) a range of VS profiles with different numbers of 

layers 

3.4 2D Active Source Surface Wave Methods 

The steps discussed in the previous section are required in order to extract a single suite of 1D profiles that 

are representative of the soils beneath a single geophone array setup. 2D active source surface wave methods, 

or 2D MASW, produces surface plots of the variation with VS with depth along a section. This is developed 

through the combination of 1D profiles from multiple geophone array locations, To develop the VS surface 

plots that represent this variability along the section, the single VS profiles from each array are interpolated 

between the mid-point of each array location. The key issues with this method are that all the suggested good 

practice approaches discussed in the previous sections are typically not put into practice, such as the use of a 

single source offset, no uncertainty in dispersion curve estimates and single VS profiles for each array 

location.  

4 SUMMARY AND REPORTING REQUIREMENTS 

This paper highlights some of the key aspects related to downhole and active source surface wave methods. 

These are very useful methods, but in order to provide robust input into design and assessment the 

advantages and limitations of each should be acknowledged by the contractor and understood by the 

engineer. In order to assess the quality of the various methods, enough information should be provided to 

enable someone to reprocess or interpret data quality. 

All invasive method reports should contain: 

• Travel time picking method  

• Velocity analysis method  

• Expected waveform voltage polarities for shear waves 
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• Waveform plots with travel time picks identified 

• Tabulated travel times 

• Tabulated velocity profiles 

In addition to this, DH/sCPT reports should contain the source offset used during the test, while all 

CH/DPCH reports should contain tabulated distances as a function of depth. 

• All non-invasive reports should contain: 

• Details of the array geometry, source type, source locations that were used 

• Processing methods/software used 

• Plots of experimental dispersion data and theoretical fits on the same figure 

• Plots and tables of VS profiles with clear indication of near-surface and maximum depth resolution limits 

relative to dispersion wavelengths and array dimensions 

If layer boundaries defined from other subsurface investigation data have been used to constrain 

interpretation, this should also be indicated in any reporting. This helps to reduce any uncertainty in the 

interpretation of seismic methods, and if this data is available, this should be provided to whoever is 

interpreting the seismic results. 
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ABSTRACT 

Using a database of 230 co-located cone penetration tests (CPT) and boreholes with standard 

penetration tests (SPT) from sites across Christchurch, New Zealand, this paper assesses the 

applicability of a range of existing SPT-CPT correlations from international studies. Both simple 

linear CPT-SPT relationships for soil types identified from borehole logs, and correlations based on 

the soil behaviour type index (Ic) from CPT data are assessed. Across all correlations there is a large 

spread in the data, suggesting relatively poor performance, with greater than 50% under and over 

prediction for a large number of datapoints. The effects of both SPT and CPT-based parameters (i.e., 

N60, qc and fs) on representation have been further studied and showed significant variation in 

assessment. These results highlight the significant uncertainty involved in the application of these 

correlations and the care required when they are used in any geotechnical assessment. 

1 INTRODUCTION 

There are a range of approaches that can be taken to estimate soil properties in geotechnical engineering 

practice. While sampling and lab testing can be advantageous for soil characterisation, in-situ investigation 

methods, such as the standard penetration test (SPT) and the cone penetration test (CPT), have more extensive 

application across projects of all scales. A range of correlations are often used to covert the measured data 

from CTP and SPT tests to a range of different soil properties to inform design. These correlations have 

typically been developed based on fairly regionally specific databases, and their applicability in other regions 

is often not clear. A range of SPT-CPT correlations have been developed from relatively independent 

international databases and are also applied worldwide. This paper discussed several widely used empirical 
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SPT-CPT correlations and divided them into two categories with respect to the approach used to represent soil 

deposit characteristics. 

The simplest correlations (Category 1) are linear relationships based on the ratio between CPT cone tip 

resistance, qc and different SPT N-value metrics for each soil type. Schmertmann (1970) suggested several 

linear relationships for different soil types using data from 16 sites in 10 countries. These took the form of n = 

qc/N, where n varied for different soil types. Robertson et al. (1986) proposed a linear relationship for different 

soil types based on n = (qc/pa)/N60 where pa is the atmospheric pressure. The details of both correlations are 

summarized in Table 1. 

Table 1 Details of Category 1 SPT-CPT correlations for a range of soil types. 

Source Soil type n ratio 

Schmertmann 

(1970) 

 

 Silt, sandy silt and slightly cohesive silt-sand mixture 

Clean, fine to medium sand and slightly silty sand 

Coarse sand and sand with little gravel 

Sandy gravel and gravel 

n=(qc/N) 

0.2 

0.35 

0.5 

0.6 

Robertson et al. 

(1986) 

 

Sensitive fine grained 

Organic material  

Clay 

Silty clay to clay 

Clayey silt to silty clay 

Sandy silt to clayey silt 

Silty sand to sandy silt 

Sand to sandy silt 

Sand 

Gravelly sand to sand 

Very stiff fine grained 

Sand to clayey sand 

n= (qc/pa)/N60 

0.2 

0.1 

0.1 

0.15 

0.2 

0.25 

0.3 

0.4 

0.5 

0.6 

0.1 

0.2 

 

Category 2 correlations make use of the soil behaviour type, Ic to represent the influence of different soil types 

on the SPT-CPT correlation. Jefferies and Davies (1993) proposed a correlation based on 195 SPT-CPT data 

pairs for fine-medium sand with trace silt at five sites using the mud rotary drilling method. Lunne et al. (1997) 

updated the Jefferies and Davies (1993) correlation using a ratio between qc and pa. The equation takes the 

form: 

��/��
���

= 8.5 1 − ��
�.��                                                                                                                                        (1) 

This equation is considered to be an improvement on the original Jefferies and Davies (1993) correlation for 

soil types ranging from gravelly sand to organic soils. Robertson (2012) suggested that the Lunne et al. (1997) 

equation underestimated N60 values for some clays when applying the correlation in North America. The study 

also suggested that N60 may be overestimated for highly sensitive fine-grained soils. Robertson developed a 

new equation with the form: 

��
��

�
���

= 10��.������.�������                                                                                                                                  (2) 
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This paper assesses the applicability of these empirical SPT-CPT correlations using a New Zealand specific 

database of 230 co-located CPT soundings and boreholes with SPT from sites in the South Island of New 

Zealand (199 of which are in the greater Christchurch area). The details of the dataset development are 

presented and the measured and estimated N60 values compared. To assess the influence of SPT and CPT 

parameters on the correlation performance, the bias between the measured and estimated values are compared 

as a function of these parameters. The key observation are then discussed and conclusion drawn. 

2 DATASET DEVELOPMENT 

Co-located CPT soundings and boreholes with SPT data were collected from 230 sites in the South Island of 

New Zealand. Most of the sites were located in the greater Christchurch area with the rest of the sites in other 

parts of the South Island (1 in Nelson, 3 in Queenstown, 6 in Blenheim, 5 in Ashburton, 4 in Lincoln, and 12 

in Lyttelton). Fig. 1 summarizes the locations for the 199 BH-CPT data pairs in the greater Christchurch area 

and their location within the surficial geologic map (Brown & Weeber 1992). Many of the sites in Christchurch 

are located along the banks of two main rivers, the Avon and Heathcote Rivers, or near other small streams 

across the city.  

The surficial geologic map in the greater Christchurch area (Brown & Weeber 1992) is shown in the inset in 

Fig.1, indicating predominately postglacial fluvial deposits across the area. The Christchurch Formation 

represented by blue and grey-blue color consists of beach, estuarine, lagoonal, dune, and coastal swamp 

deposits. Fluvial channel and overbank sediment deposits form the Springston Formation and are indicated by 

in yellow and yellow-grey shading in the map. Both the Christchurch and the Springston Formation are 

Holocene deposits (< 10,000 years). The Mt. Pleasant Formation (red and light-red in Fig. 1 inset) consists of 

volcanic rock deposits (≈ 11,000 years), with no sites located in these deposits (Brown et al., 1995). As shown 

in Fig. 1, the majority of the 199 BH-CPT location pairs were located in Springston Formation. The sites 

outside of the Christchurch area are also located in young alluvial deposits of Holocene age.  

 

Figure 1 Map of the location of the 199 BH-CPT pairs in greater Christchurch area, New Zealand. The 

surficial geologic map for this area is inset at left. 
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The raw data from the co-located CPT and boreholes was processed and screened to ensure a high quality 

dataset. This dataset is comprised of tests from different operators and equipment with SPT hammer energy 

efficiencies from calibration tests ranging from 47.9% to 102%. The raw SPT N-values were corrected to N60 

values, adjusting for 60% energy efficiency and to account for the effects of rod length, anvils, and the weight 

of hammer. The cone tip resistance was adjusted to corrected cone tip resistance qt which accounts for the 

effects of unequal end area and pore water pressure. For coarse-grained soils, the value of qc and qt is similar 

and the correction is insignificant. All the CPT-based parameters were adjusted to calculated average values 

within each 300 mm testing interval corresponding to the SPT measurement midpoint. 

The raw database contained 1208 SPT-CPT data pairs across all sites. The overall database was then screened 

based upon the following criteria: 

• Locations affected by heave and artesian water effects as noted in drillers logs were removed due to 

the potential for soil disturbance. 

• SPT tests with drive lengths less than 450 mm were removed as they were considered incomplete. 

• SPT readings of zero were removed. 

• N60 over 50 were removed because of the limitation of hammer energy. 

• CPT variables with values less than zero were removed. 

• Locations where the distance between CPT soundings and borehole was greater than 15 m were 

removed due to the anticipated effect of horizontal inhomogeneity (e.g., soil lensing, dipping layers, 

variable deposition). 

• Tests in gravel were removed due less reliable CPT and SPT test results. 

After screening, there were total 896 SPT-CPT data pairs left as a based dataset. For the selected SPT-CPT 

correlations in Category 1, a reduced number of data pairs were used to align with the soil types that were 

applicable for each correlation. For the Schmertmann correlation, 491 SPT-CPT data pairs were left after 

assigning the soil types based upon descriptions from sampling. For the Robertson et al. correlation, Ic values 

corresponding to clean sand to silty sand were used, resulting in 499 SPT-CPT data pairs. Correlations in 

Category 2 could be applied for the whole dataset of 896 SPT-CPT data pairs. 

3 RESULTS 

Selected empirical SPT-CPT correlations introduced in the previous sections were applied to the database, and 

the predicted N60 from each correlation was compared to the measured N60 for each SPT-CPT data pair. To 

assess performance of the Category 2 correlations, the bias (φ) between the predicted and measured N60 was 

defined as expressed in equation (3) as differences between these values could be large. 

 φ = !"�#$� − ln �#(�                                                                                                                                      (3) 

where Ne is the estimated N60-value and NM is the measured SPT N60-value.  

The variation in bias between the estimated and measured SPT N60 values was explored for various SPT and 

CPT testing parameters and used to analyze the effect of these parameters on the existing empirical 

correlations. When φ > 0 this represented an overestimation from the correlation, and φ < 0 represented an 

underestimation. 
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3.1 Category 1 

For the clean sand to silty sand soil type (refer to Table 1), the n ratio for the Schmertmann (1970) correlation 

is 0.35, and 0.5 for the Robertson et al. (1986) correlation. As noted above, in this study, qt is used instead of 

qc for these correlations as the difference between two is negligible for sandy soils. qt is also another step to 

standardize CPT tests from different cones/contractors and improves comparisons between individual CPT 

soundings. Fig. 2a and b compare the measured and estimated N60 values for the Category 1 empirical SPT-

CPT correlations. There is considerable scatter for both comparisons, suggesting poor performance of these 

correlations. Over 55% and 40% of total applied data points sit outside the ±50% dashed lines for Schmertmann 

correlation and Robertson et al. correlation respectively, and there is a tendency for overestimation of the N60 

values for both correlations, as indicated by a higher density of points above the 1:1 line. Quantitatively, the 

Robertson et al. correlation showed slightly better estimates of the measured data, as indicated by an R2 value 

of 0.38 as compared to the R2 value of 0.24 for the Schmertmann correlation. Given the scatter in the data, 

there should be skepticism when applying these correlations to the soil deposits within this dataset.  

 

Figure 2 Comparison of the measured N60 and estimated N60 using: a) Schmertmann (1970) Correlation for 

491 SPT-CPT datapoints; b) Robertson et al. (1986) Correlation for 499 SPT-CPT datapoints. 

3.2 Category 2 

Fig. 3a and b compare the measured and estimated N60 values for the Category 2 empirical SPT-CPT 

correlations, with each point classified based on the soil behavior type index (Ic). Similar to the Category 1 

correlations, there is significant scatter in this data, with R2 values of 0.428 and 0.431 for the Lunne et al. and 

Robertson correlations, respectively. Again, poor performance of both correlations is evident, with around 

47% of the datapoints outside the ±50% dashed lines. The majority of the points are clean sand to silty sand, 

and these span a wide range of measured N60 values. Most points with an Ic > 2.05 have N60 less than 20 and 

dominate the comparison in this range.  

To provide some context to the performance of these correlations, the original 195 data pairs that were used to 

develop the Jeffries and Davies (1993) correlation are presented in Fig 3c, again comparing the measured and 

estimated N60 values. Due to the smaller range of soil types that make up this dataset, there is better 

performance of this correlation, with an R2 value of 0.607. Nevertheless, there is clearly still some scatter in 

the data, with points beyond the ±50% lines, highlighting the uncertainty inherent in this original correlation. 
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Figure 3 Comparison of the measured N60 and estimated N60 for: a) 896 SPT-CPT datapoints using Lunne et 

al. (1997) Correlation; b) 896 SPT-CPT datapoints using Robertson (2012) correlation; c) 195 SPT-CPT 

datatpoints applied in Jefferies and Davies (1993). 

Fig. 4 presents the variation of bias between the estimated and measured N60 with respect to the measured N60 

value. The black line is the moving average of the bias, and the 95% confidence interval is represented by the 

dashed lines. For each data point in these figures the corresponding Ic value is identified. As shown in Fig. 4a 

and b, the wide range of bias, as indicated by the large 95% confidence interval bounds across all N60 values, 

reinforces prior observation of large scatter and low R2 values in Fig. 3a and b. For measured N60 values less 

than 5, the range dominated by soils with Ic greater than 2.05, both correlation methods overestimate the 

measured values. The range of this overestimation is larger for the Robertson correlation, up to N60 values of 

15. The tendency of the correlations to provide overestimates may be a result of: (1) disturbance of these soils 

during drilling, resulting in lower measured N60 values, or (2) the lack of representation of these soils in the 

original datasets used to develop these correlations. 

The average bias is close to zero in the 10-20 measured N60 range for Lunne et al. and 20-30 range for 

Robertson, where the dataset is dominated by clean sand-silty sand (Ic < 2.05), albeit with the large confidence 

interval range. Above these values, both correlations underestimate the measured values, with much of the 

95% confidence intervals shifting into the negative bias range. These results suggest that the dependence on 

N60 to ensure the applicability and reliability of the considered correlations is not been adequately accounted 

in relation this dataset.  

For the 195 data points from the Jefferies and Davies (1993) study (refer to Fig. 8c), the bias is stable around 

zero for N60 values below 25. Above this range, the correlation underestimates the measured N60 values. The 

95% confidence interval range is much smaller for this dataset, again likely a result of the self-consistent soil 

deposits used in the development of this correlation. 

Fig. 5 summarizes the variation in bias with respect to CPT-based parameters (qt and fs). Again, the 95% 

confidence interval of the bias is large, across all the parameters considered. The bias with respect to qt in Fig. 

5a and b shows an underestimation for the Lunne et al. correlation when qt is less than 10 MPa, while the bias 

in the Robertson correlation suggests an underestimation at very low qt values. The points in the low qt range 

are dominated by Ic values greater than 2.05, representative of silty sand to clayey silt. The negative bias 

transitions to a positive bias as qt increases, shifting much of the 95% confidence interval into a range indicative 

of an overestimation by the correlations. In the positive bias range, the vast majority of data points are clean 

sand to silty sand based on Ic. Similar trends are evident for the bias in terms of fs in Fig. 5c and d, shifting 

from an underestimation to an overestimation as fs increases with the change at about 0.05 MPa. There are 



 

7 

 

 

various soil types when fs is less than 0.05 MPa, however, the underestimates are again dominated by soils 

with an Ic greater than 2.05. 

 

Figure 4 Comparison of the bias as a function of the measured N60 for: (a) 896 SPT-CPT datapoints using 

Lunne et al. (1997) Correlation; (b) 896 SPT-CPT datapoints using Robertson (2012) Correlation(c) 195 

SPT-CPT datatpoints applied in Jefferies and Davies (1993) 

The poor performance of the two empirical correlations, and the large bias in the lower range of the CPT and 

SPT-based parameters could be explained by the differences between the global original dataset and current 

study dataset. In the dataset presented here, there are a wide range of soil types, from organic to gravelly, 

compared to the more consistent soils used in the development of the empirical correlations, and this could be 

the reason why these soils are concentrated in areas of larger bias.  

4 CONCLUSIONS 

The applicability of four existing empirical SPT-CPT correlations were assessed using a New Zealand database 

of 230 sites (199 in the greater Christchurch area) with co-located CPT soundings and boreholes with SPT 

testing. Category 1 simple linear relationships between qc and N60 and a fitted coefficient based on soil type 

provided a poor fit of the NZ-based dataset for the soil type of sand identified by sampling. Category 2 

correlations directly incorporating CPT soil behaviour type index, Ic, into their empirical functions and showed 

improvement over the Category 1 correlations with slightly higher R2, however estimates of the measured N60 

values were over/under-estimated by more than 50% for over 47% of base dataset, with a greater tendency for 

over-prediction.  
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Figure 5 Comparison of the bias with corrected cone tip resistance, qt, cone friction resistance, fs, for the 

Lunne et al. correlation and Robertson correlation. 

To further assess the influence of SPT-based measured N60 value, the CPT-based qt and fs, the bias between 

predicted and measured N60 values was used, and it declined with increasing SPT N60 which was in contrast 

with the trend variation of CPT-based parameters (i.e., qt and fs). The results showed that these empirical 

correlations generally should be applied with care beyond the region and soil types from which the correlations 

were developed. If applied elsewhere, these correlations should only be used to provide initial insight into site 

conditions and further in-situ testing is recommended.  
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ABSTRACT 

This case study describes the design and construction of an MSE (Mechanically Stabilised Earth) wall in the 

geological environment of the Taupō Pumice Formation, a non-welded ignimbrite and reworked deposits 

from the 181 AD Taupō eruption. The engineering properties of the pumice and the causes of the washout 

event will be described followed by the design of the wall that was adopted to reinstate the damaged 

waterfront. The case study will show site photographs of the washout event, photographs taken during 

construction and the finished repair as it stands now. It will describe and illustrate various challenges during 

construction and the design modifications completed as construction proceeded. 

1 INTRODUCTION 

WSP was engaged by Taupō District Council to undertake the detailed design of a wash-out underslip that 

occurred on Lake Terrace in Taupō between Ferry Road and Roberts Street in July 2019.  
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Figure 1: Burst in the water main that caused the underslip (source www.stuff.co.nz, photo supplied by 

James Hunt) 

The erosion of site material was caused by a burst watermain which led to the failure of the slope, pavement 

and subsequently the wastewater pipe. The compounded effect of the high-pressure water and wastewater 

flow scoured a significant volume of soil material in to the lake. 

2 SITE LOCATION AND DESCRIPTION 

The scour site was located on Lake Terrace, a part of Thermal Explorer Highway passing through town of 

Taupō between Ferry Road and Roberts Street. The wider area of the lake front is characterised by 60 - 80º. 

steep bluffs partially covered in low growing vegetation and bush, with some larger trees at the base of the 

slope, on the lake edge. The main cause of the scour was a water main break on 02/07/2019 just after 2pm 

causing a large washout through the dispersive pumice soils. About an hour later the footpath collapsed and 

took out a wastewater pipe causing a wastewater spill in to the lake. The washout is shown in Figure 2. 

 

Figure 2: Full extent of the washout shown on UAV imagery  

The affected area contained several utilities services including the affected water main, wastewater, 

stormwater, telecommunication and power cables. 

2.1 Geology of the site 

The site is located on the edge of Lake Taupo, which lies within the Taupo Volcanic Zone. This zone extends 

from Mt Ruapehu in the south to White Island in the north east and comprises multiple volcanic vents and 

geothermal fields; the largest being Lake Taupo itself. The current lake configuration is the product of 

multiple large-scale eruptions, the largest of which was the Oruanui event, which occurred about 27,000 

years ago.  

With reference to the published 1:250,000 scale geological map of the region (Leonard, G.S.; Begg, J.G.; 

Wilson, C.J.N. (compilers) 2010) the site is located on the Taupō Pumice Formation, a deposit from the 

181AD Taupo eruption that produced approximately 120km3 of material.  
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The Taupō Pumice Formation is a very low-density pumice and non-welded ignimbrite. Site observations 

along the lake front indicate that both reworked pumice deposits and non-welded ignimbrites are present in 

the vicinity of the site. 

 

3 DESIGN 

Since the design was a part of emergency works it was important to start work on the design as soon as 

possible. Investigations completed included the following: site inspection undertaken by WSP Engineers, 

unmanned aerial vehicle (UAV) inspection of the area and survey work consisting of Total Station and UAV 

collected data. 

3.1 Ground profile 

As seen during the washout inspection, the material of the Lake Terrace plateau is formed out of clean 

pumice sand and gravel layers to the depth of approx. 9.5 m and non-welded ignimbrite at depth. The stable 

angle of this kind of material can exceed 70º with no major global stability issues. Modes of failure in these 

kinds of materials are usually face-erosion/vegetative cover, dispersion/rilling, root jacking, toe erosion (lake 

slotting), stormwater overtopping the cliff/running off the roadside verge, seismic events. 

The cliff face adjacent to the washout site is heavily vegetated. To the north west, there is a section of cliff 

with reported minor long-term instabilities and slight overhangs extending for approximately 20m. Visible 

exposed pumice bluffs to the east are near-vertical and show no signs of major instability. To the west of the 

site is an old benched portion of cliff with ponga retaining walls that is in poor state of repair. The benching 

is understood to be a man-made landscape feature for community use rather than for slope stability and there 

is a dilapidated concrete staircase down the middle of the benches.  

The Taupo Formation ignimbrite is a massive non-welded ignimbrite unit comprising pumice sand and 

gravel in a partially cemented fine grained matrix. Based on site inspection it is anticipated that the designed 

remediation of this site will be founded in partially-cemented to non-welded ignimbrite/pumice rock. 

Groundwater was expected to be controlled by the lake water levels. 

3.2 General considerations 

The task at hand was to design a support structure to remediate the washout that had occurred. After 

discussing several options that would be suited for a safe, rapid and permanent solution for the remediation 

of the site, it was decided to proceed with a design of an MSE wall with a vegetated face in order to provide 

permanent support whilst matching the visual character of the surrounding lake front. The narrow base 

section of the washout was to be filled with no fines concrete in order to rapidly fill the part of the void 

which was very narrow and steep and posed a risk to workers constructing MSE at that level. The lower part 

was protected with a rip-rap coarse rock bund. Rip-rap at the base was top-soiled, seeded and then covered 

with turf reinforcement matting (Cirtex T-RECS) and planted with native local plants. 

A MSE type “Duramesh” reinforced soil wall was adopted as the preferred option. Facing panel elements 

were backed with a 200mm wide mix of topsoil and grass seed (the same grass mix as present on site) and 

slow release fertiliser, with bio wool matting on the front face. The “Duramesh” reinforced soil wall system 

was chosen since it provides a stable support option while maintaining a vegetated face of the wall. This was 

especially of interest as the structure is visible from the lake which is a popular tourist destination and 

maintaining a consistent visual result was a key stakeholder requirement. 
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3.3 Geometry of the scour site 

Since the site was considered to be contaminated due to the wastewater spill it could not be inspected close 

up in the early days after the event. UAV data point cloud was used to obtain a rapid 3D model of the area 

and generate design cross sections.  
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Figure 3: Cross sections and corresponding plan views obtained from a UAV point cloud using Global 

Mapper Software. Cross sections from top to bottom: North tie-in, overhang, highest/critical, south tie-in 

The UAV survey was flown the morning after the event and processed some hours later providing a rapid, 

high quality basis for emergency work design, planning and hazard management to the wider project team. 

Taking into consideration the fact that AutoCAD software was known to be problematic with 3D models 

containing overhang geometry and delivering the design was a time sensitive task, cross sections were 

instead quickly obtained using Blue Marble Geographic’s Global Mapper software. 

Four key cross sections were extracted for the purpose of design: tie ins to the north and the south; the cross 

section with the greatest overhang and the highest/steepest/critical section. These are shown in Figure 3. The 

UAV data point cloud also recorded tree tops and shrubbery which were subsequently filtered from the point 

cloud as part of data processing. 

The base of the washout was rather narrow, and the shape was difficult to make out, being concealed by 

greenery. The point cloud was filtered using the software’s native algorithms to remove the vegetation and 

the shape of the base became visible as presented in Figure 4. 

 

Figure 4: Cross section of the washout parallel with lake shore obtained from a UAV point cloud using 

Global Mapper Software. Shape of the bottom and debris of collapsed wastewater and water pipes clearly 

visible. 

3.4 MSE wall calculations 

The MSE wall needed to reinstate the void and provide adequate internal and external resistance supporting 

the traffic lane and footpath. Geogrid tensile resistance, pull-out resistance, direct sliding, limiting 

eccentricity and bearing resistance were required to be assessed. Additionally, the global stability and 

compound stability of the MSE wall required assessment considering the height of the wall and the geometry 

of the slope in front of the MSE wall towards the lake front.  
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The MSE wall design was performed using the Allowable Stress Design (ASD) methodology consistent with 

the slope stability assessment. Three design scenarios including static, seismic and high groundwater cases 

were evaluated. The targeted factor of safety (FoS) for the static case was adopted from the NZTA Bridge 

Manual 3rd Edition. As there was no deep geotechnical investigation data on this site at the design stage, and 

all of the input information was obtained from mapping, experience and literature, a more conservative 

approach was adopted in assessing seismic analysis results; hence the use of target FoS of 1.20 was adopted 

for the seismic case. 

The scour reached from the crest/ upper surface to the beach level (9.1m overall). A layer of no-fines 

concrete 1.8m in thickness was installed in the void beneath the MSE wall which reduced the modelled 

height of the MSE wall to 7.3m. The face of the MSE was modelled as 70º to match the surrounding cliffs. 

The no-fines concrete provided adequate bearing capacity at the toe of MSE. 

The inspection identified that the soil to be retained by the MSE wall comprised approximately 1.3m 

pumiceous SAND and 6m thick pumiceous GRAVEL. In the MSE wall modelling, we adopted retained soil 

parameters of effective friction angle 38 degrees and unit weight of 16 kN/m3. The reinforced soil was 

modelled as AP40 with an effective friction angle 36 degrees and unit weight of 16 kN/m3; and the 

foundation soils comprising of no-fines concrete and pumiceous GRAVEL with inferred soil parameters of 

effective friction angle 40 degrees, cohesion 5 kPa and unit weight of 16 kN/m3. A surcharge of 12kPa traffic 

load and an additional 5kPa live load representing lawn maintenance load on the crest of MSE wall were 

considered in the MSE wall design. The reinforcement adopted was uniaxial polyester geogrid with a long-

term design strength no less than 57.3 kN/m for a design life of 50 years.  

MSE wall design calculations utilised the MSEW 3.0 software by ADAMA Engineering Inc to determine the 

internal capacity of geogrid strength, pull-out and direct sliding and external capacity of sliding, bearing 

capacity and eccentricity. The global stability of the MSE wall was performed using Geostudio’s computer 

program SLOPE/W adopting the Morgenstern-Price limit equilibrium slope stability method and considered 

the optimised non-circular failure model to be suitable for the site geotechnical conditions.  

The MSE wall assessment results indicated that the required geogrid length was 7m to 16m horizontally and 

the geogrid spacing was 0.6m vertically as shown in Figure 5. 

3.5 Obstructions in the Reinforced Soil Mass 

There were two manholes 3.0m in diameter and 0.6m round pipe embedded the reinforced soil mass. The 

strength loss from three layers of geogrid that were cut due to the presence of these obstructions was 

compensated for by two additional measures.  
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Figure 5: Typical cross section of MSE wall with the strengthening measures applied 

The first measure was the extension of geogrid to the back face of the excavation. The inclusion of geogrid 

here stabilises the soil behind the manholes and consequently reduces the lateral earth pressure on the MSE 

wall.  

The second measure is the inclusion of additional geogrid layers which reduced the geogrid spacing to 0.3m 

vertically near the face of the wall. These two measures aid the overall structure, replacing the strength lost 

by cutting the geogrids to accommodate the manhole. The detailed construction drawing is presented in 

Figure 5.  

4 CONSTRUCTION AND CHALLENGES 

Construction work on the MSE wall began as soon as possible and the Detailed Design report for the MSE 

wall was delivered nine days after the washout occurred.  

During the subsequent weeks the design was modified in real time to accommodate the changes due to the 

addition of a downstream defender (DD) unit that was placed within the MSE wall zone – the scour had 

provided the client with opportunity to increase the resilience of water assets along the foreshore and the new 

downstream defender located in the scour formed part of this upgrade. Further changes were adopted with 

the use of clean site-won pumiceous gravel material in the upper sections of the MSE wall in place of AP40. 

A brief overview of the construction process is presented in the site photographs taken during site 

inspections and by on-site WSP engineers.  
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Figure 8: Excavated access ramp to the bottom of the washout site, and the excavated wider area for the 

MSE wall placement. Numerous services visible on site. 

Once the access ramp excavation was complete and the contaminated debris removed, work commenced on 

placing the rock for the rip-rap bund and the placement of the no fines concrete in the foundation area of the 

MSE wall. As visible in Figure 9, the excavated slopes in natural pumice are stable even as steep as 75º from 

horizontal.  
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Figure 9: Final placement of the no-fines concrete in the base of the MSE wall. Temporary excavation of the 

pumiceous material at a steep angle  

 

 

Figure 10: Work on the MSE wall, steel mesh face element placed and geogrid visible 
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Figure 11: Construction of the MSE wall around mid-height utilising quarry materials, downstream 

defender installation within the body of the MSE wall. Challenges with compacting the material and 

installation of the geogrid layers. 

 

Figure 7: Completion of the MSE wall to full height with the use of site won pumiceous gravel material in 

the upper sections.  

The construction of the MSE wall structure was completed on 23/09/2019, 74 days after the initial version of 

the design was delivered to the site team. 

5 CONCLUSION 

This case study presented a real-time emergency response design for a repair of a washout site in pumiceous 

materials at the lake Taupō waterfront. The remedial solution of an MSE wall with a vegetated face was 

selected in order to provide permanent support whilst matching the visual character of the surrounding lake 

front. With no geotechnical investigation on site and only UAV spatial data of the washout geometry, the 

early design had to rely on the WSP experience with the pumiceous materials and local knowledge in the 

region. Appropriate software was used to extract vital information about the site geometry and to perform 

necessary calculations in order to optimise the proposed repair solution. The design was delivered within 

nine days of the washout event and then further amended in real time without delaying the construction 

program.  
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Figure 12: View of the completed MSE wall in November 2019 with the green face partially established 
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in reinforced wall application 
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ABSTRACT 

Tensar uniaxial geogrids are molecularly oriented polymeric grid structures developed for tension 

resistant inclusions in soil walls and slopes. When stressed the geogrid must be capable of 

sustaining the load without rupture over the design life of the structure. The earliest use of high-

density polyethylene grids in civil engineering applications was in the 1960’s in order to reinforce 

volcanic ash fill in a railway embankment in Japan. This paper describes the design considerations 

for geogrid used in a reinforced soil wall at the New Plymouth Mail Centre that was constructed in 

January 1995.  These walls incorporating a treated timber facing were built with local Taranaki 

Ash. Part of the wall up to 3.5 m high was deconstructed in February 2019 as the site was being 

developed into a two-storey commercial building and no longer required the truck access that the 

reinforced soil wall formed part of. Sections of geogrid were removed from the wall and sent to the 

manufacturer for testing. The results of the testing are presented and compared to the original 

design considerations. 

1 INTRODUCTION 

The ability to maintain specified material characteristics over a selected period is defined as durability. The 

service life of a structure incorporating geosynthetic reinforcement depends for a large part on the durability 

of the geosynthetic. In all cases the primary resin used in the manufacture of the geosynthetic is mixed or 

formulated with antioxidants, screening agents, fillers or other materials to satisfy the service life for the 

intended application. In the context of geosynthetics used for soil reinforcement a service life of up to 120 
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years is required. The likely environmental and in-service conditions need to be considered when 

determining the durability of the individual geosynthetic reinforcement product. 

This paper focuses on the durability requirements and testing of one specific geosynthetic reinforcement and 

compares the predicted performance against the results from testing of exhumed product after 24 years of 

service. 

2 DURABILITY OF POLYMER REINFORCEMENT 

The long-term mechanical behaviour of the geosynthetic is highly dependent on the polymer used, additive 

formulation and the environmental conditions that the geosynthetic will be exposed to over the full-service 

life of the structure. 

2.1 Polyethylene 

The polymer polyethylene (PE) is a polyolefin belonging to the hydrocarbon group. The different types of 

PE used in the manufacture of geosynthetics are mainly linear co-polymers formed by catalytic 

polymerisation under low temperature and pressure (Rodriguez, 1996). PE is categorised into the following 

classes found in the manufacture of geosynthetics: 

High density polyethylene (HDPE), density >0.940 g/ml 

Medium density polyethylene (MDPE), density = 0.926 – 0.940 g/ml 

Linear low-density polyethylene (LLDPE), density = 0.919 – 0.925 g/ml 

The physical and mechanical properties of PE are highly sensitive to density and the selection of PE class is 

governed by the function of the geosynthetic product. 

Durability of PE is dependent on the kind of polymer, morphology, residual heavy metals from catalysts and 

chemical impurities from the polymer processing. 

Geogrids for use in soil reinforcement are manufactured from HDPE are typically formulated as shown in 

Table 1.  

Table 1: Composition of HDPE Geogrid by weight percentage. 

Polymer Resin Resin Carbon Black Additive 

High density polyethylene (HDPE) 96 - 98 2 - 3 0.25 - 1 

 

2.2 Chemical Degradation 

Polymers degrade principally due to chemical reactions with the environment. Polyolefins are generally 

known to be highly resistant to a wide range of chemicals with polyethylene being the most commonly used 

polymer in the manufacture of geomembranes for the waste containment industry. They are also inert to 

aqueous solutions of acids and alkalis likely to be found in engineering soils.   

Polyolefins including polyethylene principally degrade by oxidation which is a reaction between polymer 

and molecular oxygen. Increasing temperature can increase the rate of degradation. 

The chemical and physical structure of the polyolefin can have a strong influence on the oxidation. The 

permeability decreases as density (i.e. crystallinity) of the polymer increases. HDPE therefore has greater 

resistance to oxidation than LLDPE. If the polymer is stretched during the manufacturing process, then the 
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polymer becomes more orientated resulting in a much denser amorphous phase and higher crystallinity 

which retards diffusion of oxygen into the polymer. 

Long-term antioxidants are an additive to the manufacturing process of polyethylene products to retard 

oxidation over the service life of the product at the service temperature. 

Manufacturers of HDPE (pipe, geomembrane etc) have their own masterbatch formulations for production 

that include antioxidants to meet the specific environmental exposure requirements for the intended 

application and carbon black to resist the effects of ultra-violet light. There is however no guidance on what 

minimum values are allowable for the polymer used in the manufacture of HDPE uniaxial geogrids.  

PD ISO/TR 20432:2007, Guidelines for the determinations of the long-term strength of geosynthetics for soil 

reinforcement, is the current practice in Europe which states: 

• The durability of the reinforcing element shall be based on life-time assessment according to the 

guidance in PD ISO/TR 20432:2007.  Durability screening tests are not acceptable for predicting 

durability and associated reduction factors for the full design lifetime. 

2.3 Tensar Geogrids 

Tensar geogrids are manufactured by extruding a sheet of high-density polyethylene (HDPE) resin, punching 

holes, then stretching in one direction only.  Due to this method of manufacture the resulting geogrids are 

termed “uniaxial”, with high strength and stiffness in the direction of stretching, and they are used principally 

for reinforced soil applications, such as retaining walls, steepened slopes and bridge abutments. 

Tensar geogrids were first developed in the 1980’s with Tensar SR2 being the first commercially used grade, 

followed by the introduction of Tensar SR55, SR80 and SR110 in 1986. 

Durability tests for environmental stress cracking were carried out which demonstrated that the additives and 

process used to manufacture the SR geogrids resulted in no significant difference between the long term 

creep performance in air and when immersed in a surfactant solution which was known to encourage the 

development of environmental stress cracking. 

The manufacturing and product testing for Tensar SR geogrids was independently assessed by the British 

Board of Agrément (BBA) and certified in 1988 for use within reinforced soil retaining walls to achieve a 

design life of 120 years. Detail Sheet 2 of this certificate states that, with respect to durability, Tensar SR55 

geogrids may be used in most fills normally encountered in civil engineering practice without regard to 

corrosion.  The grids will not deteriorate from normal exposure to sunlight on construction sites, nor when 

buried in wet soil, and have good resistance to biodegradation.  The certificate further states that data was 

examined with regards to resistance to ultra-violet light, and that the durability assessment was based on data 

relating to resistance to biological attack, chemical resistance and stress cracking resistance as mentioned 

previously. 

It should be noted that considerable progress has been made since the publication of the Tensar SR55 BBA 

Certificate with regards to advice and procedures for the assessment of durability of geosynthetics. In 

European practice, the main guidance document for geosynthetic reinforcement is EN 13251:2016, entitled 

“Geotextiles and geotextile-related products – Characteristics required for use in earthworks, foundations and 

retaining structures”. Annex B (normative) of this standard covers durability aspects, including assessment 

based both on EN 12224:2000 for weathering of all products and ISO 13438:2004 for oxidation of 

polyolefins, and gives the following warning: “the tests described in this annex do not allow for the 

determination of reduction factors.. (and) are screening tests to show the ability of a product to serve for a 

certain time”.  EN 12224:2000 states “this is an index test to differentiate between products with little or no 

resistance to weathering and those which do have this resistance”, whereas both ISO 13438:2004 and EN 
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14030:2001 state “the data obtainable are suitable for screening purposes but not for deriving performance 

data such as lifetime, unless supported by further evidence”. 

Therefore, in order to compliment the durability screening tests carried out on Tensar geogrids, it is 

important that life-time prediction studies are carried out, following guidance as given in PD ISO/TR 

20432:2007 as mentioned in the previous section. Lifetime prediction studies can take a variety of forms 

including long term accelerated exposure tests in various environments, normally carried out at high 

temperature, and sometimes at high pressure. However, another important source of information on life-time 

performance comes from testing exhumed samples of geogrid which have been in service for extended 

periods of time.  The case study described in this paper is a very good example of such an investigation. 

3 NEW PLYMOUTH MAIL CENTRE 

3.1 Soils Report 

The site is located on a volcanic ash. The excavated volcanic ash obtained from the site was found to be 

suitable as backfill for the reinforced soil retaining wall and for the ramp construction. 

The soils report lists the following recommended strength parameters for the compacted volcanic ash: 

Table 2: Soil properties. 

Property Value 

Bulk density 15 kN/m3 

Cohesion 20kPa 

Friction angle 25o 

 

There were no Atterberg limits presented in the soils report however a value of >40 for plasticity index (PI) 

has been reported for volcanic ash found in the Taranaki region (Wesley, 1992).  

Soils derived from andesitic ash from Mt Taranaki typically have a pH of between 5.5 to 6.0. 

3.2 Wall Design 

The requirement for this site was to build a wall over an existing stormwater culvert having a retained height 

of up to 3.5m and a face angle of 84o from the horizontal. The wall formed an access ramp to the site to 

support the mail centre B-train truck traffic which was modelled as a 16kN/m2 temporary live load. 

The design incorporated Tensar SR55 geogrids located at 400mm vertical spacing for the first metre 

increasing to 600mm vertical spacing for the remained of the wall (Figure 1). Each geogrid was wrapped 

around a 100 SED Grade 1 pole and connected back onto itself using an approved bodkin. This ensured that 

the full strength of the geogrid could be realised at the timber pole face. 
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Figure 1: Typical section over culvert 

The properties of Tensar SR55 used in the design of the reinforced soil are detailed in Table 3. 

Table 3: Properties of Tensar SR55 

Property Value 

Polymer HDPE 

Minimum carbon black content 2% 

Quality control strength Tult 55.0kN/m 

Characteristic strength * 20.5kN/m 

* in-soil temperature 20oC 

Construction of the reinforced soil timber walls took place in January 1995. 

3.3 Product exhumation and testing 

3.3.1 Product exhumation 

In February 2019 part of the timber wall was deconstructed as the site was being developed into a two-storey 

commercial building and no longer required truck access that the reinforced soil wall formed part of. 

Samples of geogrid were removed from the 2.0m high wall section and sent to the manufacturer, Tensar 

International in the United Kingdom for testing. 

3.3.2 Testing 

The recovered samples were of insufficient size to carry out a full set of wide-width tensile tests, so that 

single-rib tensile tests on five specimens (Figure 4) were carried out at a strain rate of 20%/minute 

(64mm/minute) which is the rate of extension required in the current standard ISO 10319:2015. Further 
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testing was carried out on ten single-rib specimens at an extension rate of 100mm/minute (31%/minute) 

which was the test procedure used for quality control testing of Tensar SR55 at the time of development and 

manufacture, before the current test methods had been developed. 

The results of testing the recovered samples of Tensar SR55 following the both the current standard and the 

original procedure are presented in Figures 2 and 3 and are summarised in Table 4.  

Table 4: Results of tensile testing at a strain rate of 20%/minute and 100mm/minute 

Tensar SR55 Specification 
Exhumed Sample 

20% per minute 

Exhumed Sample 

100mm per minute 

Strength @ Maximum Load (kN/m)* 57.0 57.32 57.33 

Strength @ 2% strain (kN/m) 16.5 19.84 19.28 

Strength @ 5% strain (kN/m) 31.7 37.5 36.9 

* The samples and tests were conditioned and carried out at 20oC which is the normal standard used for 

quality control testing. 

 

 

Figure 2: Single rib load strain test results for strain rate of 64mm/minute 
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The tests at 100mm/minute were well in excess of the specification requirements (see Table 4) although there 

was more variation (Figure 3). 

 

Figure 3: Single rib load strain test results for strain rate of 100mm/minute 

Some of the grid was quite bent and distorted so that some variation could be a consequence of the 

exhumation, packing and sending to United Kingdom through the post. 

  

Figure 4: Images of single rib test and sample 
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4 CONCLUSION 

The design of reinforced soil retaining walls using polymeric reinforcement must consider the long-term 

durability properties predicted from real time investigations and accelerated tests. The challenge facing the 

Industry is that if a geosynthetic reinforcement material is HDPE then there is a common notion that 

published durability data for high quality products may be assumed to apply to all HDPE products, provided 

that they have similar appearance and quality control data. However, this is far from the actual case as 

durability of HDPE polymer is influenced by resin quality, additives incorporated into the masterbatch and 

the manufacturing process. The geomembrane industry has undergone a lot of changes introducing rigorous 

manufacturing and installation quality control standards as the result of a number of costly failures. Adequate 

durability testing of polymeric geogrids is essential to cover the expected environmental conditions to give 

designers confidence that the polymeric reinforcement will meet the service life requirements.  The advice 

provided in PD ISO/TR 20432:2007 represents the current state-of-the-art in European practice, and as 

outline in Section 2, frequently quoted durability screening test results are not appropriate for determining 

life-time predictions nor reduction factors to take into account environmental effects in design.  This can 

only be done by life-time prediction tests, either using accelerated long-term laboratory tests or by recovering 

samples which have been in service for extended periods of time.  The results from the case study presented 

here add to the knowledge and growing body of data concerning durability of HDPE geogrids. 

The results on the exhumed samples of Tensar SR55 geogrid show no loss in tensile strength over the 24 

years of service life and support the durability testing that the manufacturer has carried out on their range of 

uniaxial geogrids to justify the partial factors applied for durability in reinforced soil wall designs. 
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Responses to three 2017 landslide 
events affecting road networks in the 
lower North Island of New Zealand 

D.L. Stewart 
Principal Geotechnical Engineer/WSP, Wellington. 

ABSTRACT 

Case histories are provided for the response to three landslide events that significantly disrupted 

main road networks during 2017 in the lower North Island.  A large rock fall event on 11 July 2017 

blocked traffic into Wellington on State Highway 1 (SH1) in Ngauranga Gorge, followed two 

weeks later by a larger rockslide event on Ngaio Gorge Road, a main arterial road into Wellington 

CBD.  In the Manawatu Gorge, displacement of the slope above the road (SH3) including a 

retaining wall (Kerry’s Wall) was of particular concern to the Waka Kotahi NZ Transport Agency 

from early 2017.  In April 2017 two landslides in the gorge closed the road, and SH3 has remained 

closed due to repeat landslide events and risk of a large-scale slope failure at the Kerry’s Wall site.  

The paper describes the three slope failures and the various stages of the responses to the three 

landslides.  The use of drones and other innovative survey techniques assisted the risk assessments 

and enabled a better understanding of the slope conditions and performance to help manage safety 

for workers and road users.  Lessons learnt will be discussed, which it is hoped may assist response 

to future such events. 

1 INTRODUCTION 

A period of frequent landslide events in 2017 highlighted the vulnerability of key road networks in the lower 

North Island.  In the Wellington area, two rock fall events in July 2017 blocked main road routes to the 

Central Business District (CBD).  Further north, deformation of a retaining wall (Kerry’s Wall) and adjacent 

slope in the Manawatu Gorge had been a concern to Waka Kotahi NZ Transport Agency (NZTA) from early 

2017.  At the time this was being assessed, two landslide slips in the Manawatu Gorge closed the road in 

April 2017. Due to its history of slope failures, the ongoing slope failures issues and risk of a large-scale 

catastrophic slope failure at the Kerry’s Wall site, SH3 has remained closed.  The gorge route is to be 

abandoned, with a replacement route, bypassing the gorge, currently being designed.   
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This paper describes responses to the two significant landslide events in Wellington and assessment of the 

ongoing slope deformation at the Manawatu Gorge site.  Observations from the three events and lessons 

learnt are provided, which it is hoped will assist management of risks for future such events.  These include 

the value of recent survey technologies such as laser surveying, sensors and drones and greater availability of 

data to assist in risk assessment of vulnerable slopes.  The locations of the sites are shown in Figure 1. 

 

 
Figure 1: Main road networks showing location of landslide sites 

2  SH1 NGAURANGA GORGE ROCKFALL 

The route for State Highway 1 (SH1) out of Wellington passes through Ngauranga Gorge (Figure 1).  This 

highway is on a steep grade, with three lanes of traffic each way below steep rock cuttings up to 50 m high.  

Rockfalls and slips are relatively infrequent, however they can be very disruptive when they do occur, due to 

the high traffic volumes affected (80,000 vehicles per day).  On 11 July 2017, a rockfall event occurred just 

after 12 noon affecting the downhill lanes of Wellington bound traffic (Figure 2).  The event occurred in 

relatively fine weather.  The debris landing on the road fortunately did not cause a serious accident, 

presumably as smaller precursor events gave warning for cars to slow and then stop before the bulk of the 

debris fell.   

The event was recorded on a number of car dashcams with video shown on news feeds; refer hyperlink in the 
References at the end of this paper (Stuff 2017a).  A Principal Geotechnical Engineer from Opus (now WSP) 

was mobilised to site to assist the highway network contractor (Capital Journeys) and NZTA to manage the 

remedial actions to get the highway open again. The initial concern was whether further loose rock blocks 

were about to fall from overhanging sections of greywacke bedrock in the source area, delaying the clear-up 

operations.  

In order to address the residual risks of further falling blocks, a number of approaches were considered and 

attempted with varying success. The first approach involved mobilising a fire engine and sluicing the upper 

face with a high-pressure hose (Figure 3). However, the water pressure was insufficient to reach the source 

area due to its height and high winds. A platform of debris was then constructed to attempt to reach the 

source area with a very long reach excavator. The reach of the excavator also proved to be inadequate. The 

approach that provided greatest success was using a helicopter with monsoon bucket to sluice loose material 

Wellington 

CBD 

Ngaio Gorge 

Road site 

SH1 Ngauranga 

Gorge site 
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Manawatu 
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from the upper face.  Following clearing of large amounts of debris off the face in this way, the slope was 

inspected by experienced abseil based staff, removing remaining loose rocks by hand (scaling).   

 
Figure 2: Debris from the 11 July 2017 

Ngauranga Gorge rockfall crossed all three 

southbound lanes with some blocks hopping the 

central barrier.  Full road closure in place at time 

of photo (taken at 1.20pm). 

 
Figure 3: Sluicing of loose debris from the face was 

initially attempted using a fire hose, followed by 

helicopter with monsoon bucket.  A check of the face 

was then carried out using abseil staff.   Photo taken at 

3.45pm on 11 July 2017 

 

In order to open two south bound lanes, a bed of gravel was placed on the outer lane to cushion the energy of 

any falling rocks, with a concrete barrier placed between this and the traffic lanes. To open all south bound 

lanes, removal of some loose rock overhangs were undertaken by the abseil crew by hand scaling (and the 

use of low energy explosives), and a layer of steel mesh was draped across the slope to control any residual 

blocks that may become loosened and fall.  The mesh was hung from steel cables attached to steel anchors 

drilled and grouted into a bench immediately above the site (Figure 4).  The equipment was mobilised to the 

upper bench site using a helicopter. 

The aftermath of the event was also independently observed by GNS Science natural hazards staff, who 

carried out a 3D laser scan of the slope. They subsequently compared this with previous Council LiDAR 

(Light Detecting and Ranging) topographic data which showed about 130m3 of material had evacuated the 

slope in a ‘rock avalanche’ style event.  Opus was able to utilise the laser scan data to quickly establish the 

height to the source area (30m above road level), which accelerated the preliminary remedial design process.  

In addition, a drone was used by Opus to inspect the slope and assist with remedial works observations 

(Figures 4 and 5) and develop a 3D model of the slope geometry following debris clearance. 

  
Figure 4: The solution to enable full reopening of the 

highway involved drilling of ground anchors at the 

upper bench with draped mesh placed over the exposed 

slip face and slope below.       

 
Figure 5: Abseilers completing draped mesh 

installation at SH1 Ngauranga Gorge rockfall 

site. 20 July 2017 Opus Drone image  
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3  NGAIO GORGE ROAD ROCK SLIDE 

On 29 July 2017 a number of small to moderate sized slips occurred following a moderately heavy rain 

event, at a location midway up Ngaio Gorge Road in Wellington (Figures 1 and 7).  This road is a key 

arterial road carrying more than 10,000 vehicles per day from the northern suburbs to the CBD.  Wellington 

City Council immediately responded to manage the risk to the users of Ngaio Gorge Road by closing the 

road, due to the risk of further debris falling. Council also made an immediate decision to engage the 

expertise of an Opus senior engineering geologist and geotechnical engineers to assess the slope stability and 

mitigation options.  
GNS geologists also attended the site on the 29th (and 30th) July and carried out a ground inspection of the 

slope, drone inspections and laser scanning of the slip area. These suggested the possibility of a larger failure 

developing (Figure 6).  Opus geotechnical staff arrived early on the morning of 30th July, to discover that a 

much larger failure had indeed occurred.  Comparison by GNS of a laser scan with Council LiDAR data 

indicated a landslide volume of about 1,300 m3.  A bedrock failure of this size is a relatively rare event in the 

Wellington region, being controlled by moderately steep persistent rock defects (joints/shears).  The failure 

had occurred in a greywacke slope cut in the 1970’s for a corner easing realignment (Figure 7). In addition to 

risk to the road, a Transpower pylon is located at the top of the slope immediately above the landslide 

(Figure 7). 

Remedial works initially involved removal of the over-steepened, loose scarps at the top of the landslide 

using large excavators (Figure 8), operated by highly experienced operators with extensive quarry 

experience.  The risk to the excavators was further managed by installation of survey targets by abseillers 

around the perimeter of the landslide headscarp which were then monitored by surveyors in real-time to 

check for adverse movements.  Locations for targets were chosen by an engineering geologist who was 

highly experienced in rock slope assessments.  Accelerating movement was detected on one target during 

earthworks, which provided warning to allow an excavator high on the slope to safely move away prior to an 

approximately 150 m3 rockfall event (Figure 8).  Helicopter sluicing was using to remove loose debris that 

was out of reach of the excavator.    

Once all debris was removed, a shipping container wall was installed on the downhill lane to contain any 

future rockfalls at the site (Figure 9). Two weeks after reopening the road to two lanes, a 200m3 rockfall 

event from the head of the landslide was halted by the shipping containers (Figures 10 and 11), with no effect 

on traffic.   To allow construction and public traffic to bypass the site, the fortuitous position of the old road 

alignment (Figures 6 and 7) was reinstated as a single lane road.    

 

 
Figure 6: Drone image from 29 July 2017 after the 

initial slips on Ngaio Gorge Road, with the extent of 

the 30 July landslide indicated.  Photographic 

evidence of previous bedrock landslides of smaller 

size at this site in the 1970’s and 1990’s indicates a 

 
Figure 7:  Location plan of the slips occurring in 

July 2017 along Ngaio Gorge Road, including the 

two main rockfall sites and a number of smaller slips 

(blue dots).  The map is built up from drone derived 

imagery taken in late 2017 after site clean-up, 

superimposed over older Council aerials.  

30 July event 

Extent 

1970’s 

and 

1990’s 

slips 

29 July slips 
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precedent for reasonable size bedrock failures here 

(albeit not of the size that occurred in 2017). GNS 

image. 

 

 

 
Figure 8: Ngaio Gorge rock slide site nearing end of 

earthworks to trim the over-steepened upper scarps 

remaining after the main failure. Drone photo taken 

on 3 August immediately following a 150 m3 rockslide 

event, which was mitigated by real-time survey 

monitoring.  

 

 
Figure 9: Site after slope trimming, debris removal, 

and container wall installation. Opus drone image 15 

August 2017 just prior to reopening of two lanes of 

traffic  

 

In addition to the main landslide, a number of other smaller nearby slip events occurred through late 2017 

(Figure 7) which underlined the continuing safety and resilience risks of the cut slopes at the wider site area.  

On 18 August 2017 two rock blocks fell from steep slopes at the lower site, 150 m down the road from the 

main site (Figures 7 and 13). This resulted in a ‘near miss’, captured on dashcams from two cars, with videos 

supplied to news websites.  For the hyperlink for the Ngaio dashcam videos refer Stuff (2017b) in the 

References. 

While the main landslide site is protected by containers, the other sites were not well protected, hence a 

detailed assessment of other slip sites was carried out by experienced abseil contractors and geotechnical 

staff.  Abseil based inspections and loose rock removal occurred at these sites during planned three day road 

closures in late September 2017 and again in February 2018.  

 

 

 

 

 

Figure 11: Comparison of slope profiles from 3D 

Dent in 

container 

8 GPS Sensors 

installed 1 March 

2018  

Pylon  Debris from 

(secondary) 3 

August rockfall  
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Figure 10: Anchored shipping containers installed 

in mid August 2017 allowed re-opening of two lanes 

of traffic; these stopped debris from the 1 Sept 2017 

(200 m3) rockfall  

 

models developed from drone imagery before and 

after the 200m3 rockfall event on 1 September 2017  

 

 

 
Figure 12:  Abseillers installed GPS sensors (left) 

around the two main slip sites in a trial to allow 

future movement trends to be picked up much more 

quickly than from conventional surveying   

 

 
Figure 13: Lower Ngaio Gorge Slip site following 

late August 2017 slope remedial works.   

 

Drones were used on a regular basis to document the site conditions and provide imagery for Council to post 

on their website or to news media (Figure 8). In addition to images, 3D terrain models were generated to 

assist engineering and risk assessments (Figure 11).      

The long-term risks were deemed as significant for this key route, and Wellington City Council secured 

funding for the long-term remedial works, involving one or more of - slope cutbacks, mesh and rock 

anchoring, or large rockfall catch structures.  For the period of WSP involvement until early 2019, short term 

risks were being managed by further abseil inspections / loose rock removal and slope deformation 

monitoring, and periodic drone inspections.  The survey monitoring of the two main sites, comprised 

electronic distance measurement (EDM) survey of reflective targets and a 12-month trial of a network of 11 

GPS slope monitoring sensors (Figures 9, 12 and 13).  The GPS trial carried out in conjunction with Viclink 

(Victoria University), tested GPS data coverage from both solar and battery powered sensors and at a number 

of different site ‘types’, and provided frequent (daily) data on the position of the sensors.  Whilst some 

variation in data quantity and quality was obtained indicating limitations of the technology as installed, it did 

enable identification of some slope movement trends, in particular increased movement rates in sensors in 

one area during the winter of 2018 (which were confirmed by EDM check surveys).         

 

4  KERRY’S WALL, SH3 MANAWATU GORGE   

Kerry’s Wall is a 10m high gabion faced wall (Figure 14), constructed in 1998 to buttress part of the slope 

immediately above SH3 after a number of moderate to large sized landslide events at this location in the 

1990s.  Following a period of relative stability, deformation of the wall was noted in 2012.  Subsequent 

deformation monitoring of the wall and slope above by Beca (part of the NOC team with contractor Higgins) 

in February 2017 identified a significant displacement over a period which included the November 2016 

Kaikoura Earthquake.  NZTA’s Structures Consultant for the area, Opus (now WSP), then carried out an 

assessment of the wall deformation in order to assess remedial options for the wall.  A key part of the puzzle 

involved locating 1990’s reports and wall construction information, which fortunately was able to be sourced 

through NZTA and long-time Higgins and consultant staff involved in the construction.  This enabled 

corroboration, between 1990’s documents, construction photos and staff involved, to determine the “as-built” 

state of the wall and slope.  The second part of the puzzle involved trying to determine the extent and 

GPS Sensors 

installed (3)  

18 August 2017 

Rockfall source 
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mechanism of movement at the wall and surrounding slope.  NZTA had procured LiDAR through the gorge 

after the very large 2011 Manawatu Gorge landslide event (described by Hancox and Robson, 2015), which 

was assessed by GNS to determine landslide features in the gorge, including the slope above Kerry’s Wall.       

 

On 24 April 2017 two almost simultaneous moderate to large landslide events about 2km apart occurred in 

the gorge, during a relatively dry period. One of the events occurred immediately adjacent to Kerry’s Wall 

with debris falling onto the shelf on top of the wall.  The characteristics of this failure in colluvium soils 

appeared to be unrelated to the movement of Kerry’s Wall which was believed to be related to movement in 

the greywacke bedrock (Figures 14 and 15).  Ongoing monitoring by Beca through to May 2017 indicated 

sporadic movement trends of the wall and rock face above, followed by accelerating movement to early July.  

During this period, enlargement of the colluvium slip also occurred with two further moderate to large slips 

occurring in May and June 2017, engulfing a rebuilt rockfall attenuator fence and the road itself adjacent to 

Kerry’s Wall (Figure 15).    

Attempts were made to assess the movement trends and extent of movement in the wall and surrounding 

slopes by comparison of survey models from multiple drone flights and the 2011 LiDAR and LiDAR 

procured by Higgins/NZTA in February 2017.  These proved inconclusive (in large part due to the highly 

vegetated nature of the slope above but also challenges when comparing data utilising different survey 

datums) and the best data continued to be from periodic laser scans of the wall and the upper rock face and 

EDM surveying of targets on the wall face and rock slope to the east of the wall (Figures 14 and 15).   

 

  
Figure 14: Kerry’s Wall at right with survey targets 

visible on the wall.  A laser scanner set up at road 

level surveyed the wall and upper rock face.  Wet 

patches on the road are from deep drainholes drilled 

into the lower rock slope in June 2017. Drone photo 

29 June 2017.    

 

  
Figure 15: Location of Kerry’s Wall and monitored 

rock outcrop, with excavation in progress to clear 

debris from 24 June colluvium slip event 

immediately to the west of the wall (Drone photo 29 

June 2017) 

 

At the time of the NZTA’s decision to close the gorge to all staff, when significant accelerating movement 

trends were identified, a programme of drainhole drilling was underway in an attempt to lower water 

pressures in the slopes at Kerry’s wall (Figure 14).  At that stage proposals had been developed to carry out 

comprehensive slope monitoring and subsurface investigations at the site, to better define the rate and spatial 

extent of movement.  These proposals included remote monitoring techniques such as slope movement 

scanners and real-time instrumentation.  The aim was to gather near real-time data in an attempt to establish 

patterns of movement, in order to see whether changes in slope movement behaviour could be assessed 

ahead of potential or actual failures.  If confidence in the cause and effect relationship could be achieved then 

the risk for access to the site could be managed.  This would be in staged way: firstly for contractors carrying 

out investigations, secondly for carrying out remedial works and ultimately for reopening to the public if 

sufficient confidence in the slope performance could be established.  While our data relates to the period up 

to July 2017, NZTA indicated ongoing issues at Kerry’s Wall since then, as well as significant slope 

Kerry’s Wall 

Colluvium Slip  

targets 

drainholes 

Draped mesh 

Kerry’s Wall 
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movements reported elsewhere in the gorge.  A more detailed account of mechanisms of the failure for the 

Kerry’s Wall area is presented by Punt et al (2019), based on ongoing survey monitoring. 

The combined risk from slope failures at the Kerry’s Wall site and other slopes in the gorge was deemed 

sufficiently high that NZTA are not planning to the re-open the gorge to traffic. A preferred alternative 

Manawatu Gorge route was identified in March 2018 to the north of the gorge, and is currently under 

investigation and design.   

5  OBSERVATIONS AND IMPLICATIONS FOR THE FUTURE  

Some observations and common patterns from the three landslide cases are provided below, as well as 

thoughts on the implication of these for other locations.   It is hoped that these may be of assistance for those 

responding to similar events in the future.           

5.1 Contributing Factors / Triggers 

While large landslides have occurred periodically in the Manawatu Gorge, the size of the two Wellington 

failure events in July 2017 is rare in the Wellington region.  The influence of the Kaikoura Earthquake in 

November 2016 followed by a wet period through 2017 are considered contributing factors to these events.   

Common factors in the cases are : 

• All three failures occurred in aging cut slopes in greywacke bedrock.   

• The two Wellington landslides failed on moderately steep outward dipping persistent rock defects.   

• All sites had a precedent for similar slope events decades in the past; however only at the Kerrys Wall site 

was this common knowledge.   

5.2 Future Risk Management 

• Despite a period of relative quiet since 2018 in central New Zealand, the influence of the current more 

active seismic environment (since the Christchurch earthquake of 2010) in central New Zealand and more 

extreme climate events from climate change, is considered likely to increase the scale and frequency of 

landslide events in the future, resulting in increased challenges for risk managers.  

• Increased preparedness will be required to respond in a timely and appropriate manner to events in order 

to manage the increased impact of landslide events.  This requires greater collaboration for key resource 

availability in terms of staff and plant.  

• Proactive identification of sites with higher risk should include assessing sites with deteriorating cut 

slopes or those with a previous history of failure.   

• Focussing on network resiliency will ensure that disruption is minimised.  Interventions which enhance 

resilience are, according to Mason and Brabhaharan (2017), those that minimise the loss of access 

(availability state) and/or enable quick recovery (outage state) after an event.  Response planning is one 

such intervention.  

5.3 Access to Relevant Data 

• The importance of prompt access to key data on the condition and history of slopes and associated 

structures is highlighted for managing risks in our fragile natural environment.  This allows more accurate 

and timely assessment of the residual risks at the site following a failure event. Access to such data can 

also facilitate proactive (rather than reactive) screening of slopes to identify high risk sites before events 

occur.    

• Obtaining key data on sites immediately after an event can be a lottery.  Hence ideally, access to such 

information on site history would be available on an online portal/database accessible to relevant 

geotechnical personnel.  This would include as-builts for earthworks and structures, past inspection and 

failure reports, along with relevant historical photography, and access to aerial photography and survey 

data e.g. LiDAR data.   

• Precedents and/or databases of relevance include the NZ Geotechnical Database (which holds site 

investigation data), the GNS Landslide Database and the LINZ database (for survey information) and the 
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Retrolens database (for historical aerial photographs).   Possibly one of these databases could be 

expanded or a portal developed to allow access to various databases.  

5.4 Risk Assessment tools  

• Ongoing advances in survey related technology has provided a number of useful tools to provide greater 

certainty on site conditions and assisting risk assessments.  Examples used in the case histories include 

drones (for inspections and 3D model generation), greater coverage of LiDAR data, enhanced and more 

available survey techniques such as laser scanners including real-time monitoring capability of 

instruments, as well as moderately priced remote sensors for detecting real-time or near real-time 

movement of the ground and structures.  Other technologies of relevance for monitoring slope movements 

include satellite radar (inSAR) and ground based radar.   

• GNS Science (being based in Wellington) carried out laser scanning of the two Wellington rockfall sites 

immediately following the events, as part of their landslide database and science research role.  Their scan 

data was requested and provided to Opus, and this assisted in assessing emergency remedial options in a 

timely manner.    

• The use of drones is much more commonly used by engineering consultants, contractors and some 

Councils.  The use of drones for geotechnical assessment is described in more detail by Stewart and 

Follas et al (2019).  Aerial imagery and 3D model outputs are very effective for communicating site 

issues to stakeholders, including the public.  News media are increasingly using drones and posting 

imagery of landslides online which can assist assessments.    

• The ubiquitous presence of dashcams in vehicles now means there is a good chance that landslide events 

will be videoed especially in high volume road areas.  Such videos provide extremely valuable records of 

slope failure mechanisms, as well as the impact and resultant behaviour of the public.  Video links seem 

to readily appear in newsfeeds, hence a mechanism to capture these in appropriate databases such as 

GNS’s landslide database would be helpful. 

• Technology is becoming increasingly available to be able to monitor hazardous sites remotely and in 

some cases in real-time.  This opens up the option of improving site availability/access at times of lower 

assessed risk, based on the knowledge of the relationship between causes / triggers and observed slope 

behaviour.   The trial of GPS sensors at Ngaio Gorge showed the value of this type of technology for 

monitoring movement trends.     

• A good engineering geological model of the site and landslide mechanism is a fundamental input into 

both the risk assessment and monitoring phases for responses to significant landslides.  While the model 

with be crude initially, development of the model is typically an iterative process as more information is 

obtained about the geology and behaviour of the slope.  

5.5 Access to adequate resources  

• Having access to proficient personnel is fundamental for assessing high risk sites following failure.  This 

involves a collaboration between geotechnical and operational staff, the latter who understand the day to 

day performance of the slopes on the network, including the history of the slope in question.   

• Early availability of proficient geotechnical and cut slope earthworks personnel was crucial after the two 

Wellington rockfall events, in order to develop an appropriate risk management plan in a timely manner. 

This allowed assessment of the likely failure mechanism, provisional residual risk and mitigation options 

for the immediate and subsequent stages of the response. 

• If the residual risk is deemed unacceptable, options for addressing slope features of possible imminent 

risk of failure depend on a number of variables such as the access to (and height of) the source area and 

availability of appropriate plant. At the two Wellington sites, options used (with varying success) 

included: helicopter monsoon bucket sluicing, long reach excavator, and abseil scaling, with fire hose 

sluicing also attempted at the Ngauranga site.   

• Response planning including knowledge of the availability and capability of specialist resources such as 

those listed above, will contribute to more effective responses to landslide events, in particular where 

rapid response is needed.     
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6  CONCLUSIONS 

• The number and scale of the landslides that occurred in 2017 in the lower North Island, was unusual and 

appears to be related to the 2016 Kaikoura Earthquake as well as a period of higher rainfall.   

• Landslide events in New Zealand appear to be happening at a more frequent rate and at a larger scale, due 

to climate change as well as the influence of recent seismic events in central New Zealand, resulting in 

increased challenges for authorities responsible for maintaining services such as road availability.  

• The three events all caused significant disruption to road networks.  However, it is noted that smaller 

events can also cause significant disruption, in particular where the residual risk is deemed unacceptably 

high to reopen the road.  

• All three of the landslides occurred in aging greywacke cut slopes, which were all found to have previous 

significant landslide events decades ago.  Identification of similar steep aging cut slopes and those with a 

past history of landslides will assist in planning resilience interventions and managing risks elsewhere.  

• Increased preparedness will be required in order to manage the increased impact of landslide events in the 

future, requiring greater collaboration, in terms of key resource availability for personnel (including 

geotechnical and specialist earthworks staff and abseillers) and plant (e.g. long reach excavators, water 

sluicing options etc). 

• The geotechnical role involves iteratively developing a sound engineering geological model of the site 

and landslide, including assessment of the likely failure mechanism(s), to allow a robust assessment of 

residual risk and the mitigation options for the immediate and subsequent stages of the response.     

• Recent advances in survey monitoring techniques and data management provide the opportunity to 

greatly enhance our understanding of the behaviour of slopes and hence improve risk management.  

Examples include enhanced and greater use of drones (for inspection and 3D model generation), LiDAR 

data, laser scanners, sensors with real-time and near real-time monitoring capability and satellite 

monitoring.  

• Key data related to sites is often very hard to source in a timely manner, hence a coordinated national 

database/portal would greatly assist in carrying out robust risk assessments, especially in times of 

heightened risk.  Such data could include as-built data for earthworks and related structures, past landslide 

records and photographs, aerial photographs, and survey data (including LiDAR).   
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Underground void detection by applying the 

electrical resistivity tomography (ERT) method 

for a limestone quarry in Northland, NZ 

E.M. Sutter and N. Barounis 
Cook Costello, Christchurch, New Zealand 

ABSTRACT 

Undetected cavities and large voids in rock can pose a significant problem to project progress or 

budgeting and are a potential health & safety concern. Often the problem arises from accidental 

detection during the project timeline which is less than ideal. Early detection of such features in 

areas where these have been reported can significantly decrease the risk to infrastructure, personnel, 

project timelines and budgets. Non-invasive geophysical techniques are excellent tools to detect 

cavities and voids on different scales and therefore help remediate negative effects caused by such 

features from the beginning of a project. Electrical resistivity tomography (ERT) is one geophysical 

method used for imaging underground cavities. The usefulness of this method is demonstrated with 

an example field study where this method has been used to detect extensive voiding under the 

working floor of a limestone quarry in New Zealand. An approximately 15,000 m3 area was 

scanned to capture significant voids considered to be a threat to machinery and personnel. The 

findings were confirmed with the use of a total of 32 exploratory boreholes at a success rate of 

about 80 %. As a result of the non-invasive ERT measurements and the invasive bore testing, a 

hazard map of the quarry floor was produced. This study shows the effectiveness of combining 

geophysical methods with traditional geotechnical testing and aims to demonstrate best practice for 

design and construction in environments where voids and cavities pose a threat to infrastructure. 

1 INTRODUCTION 

Today’s construction and engineering disciplines are increasingly confronted with hazards posed from 

undetected cavities in the ground because an increasing area of land will get developed to accommodate an 

increasing population, which may be in areas affected by past mining activities, in areas featuring karst (i.e. 

limestone), or areas that show underground erosion features related to seismic activity. Several construction 
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hazards (e.g. health & safety, economic, feasibility) can result from these, often hidden, features. Although 

detection of voids and cavities may not be an inexpensive task, the risks these undetected features carry are 

often of far bigger concern. There are numerous, and some quite spectacular, cases of sinkhole openings 

caused by cavity roof or wall collapse reported from all over the world and in New Zealand. Where these 

features lead to subsidence or formation of a sinkhole in developed areas, this almost always leads to severe 

damage of infrastructure and, in some cases, fatalities. Detecting cavities and voids before they become a 

hazard, essentially means considerably reducing these risks.  

For developments of any kind, the risk of subsidence or collapse from underground cavities and voids pose a 

safety concern. Furthermore, the related variation in subsurface bearing capacity has implications for 

foundation design (James, 2014). For a detailed discussion of hazards posed by undetected cavities and a 

review of the geophysical methods to detect these, the reader is referred to James (2014). This paper will 

discuss specifically the application of the electrical resistivity tomography (ERT) to detect large scale voids 

at the example of a limestone quarry in Northland, New Zealand. 

2 DETECTING VOIDS AT WILSONVILLE LIMESTONE QUARRY – A CASE STUDY 

2.1 Background Information 

The Wilsonville Quarry is in Hikurangi just north of Whangarei. The quarry is operated since the early 20th 

century and supplies limestone aggregates to the cement works at Golden Bay’s Portland works in 

Whangarei. At the time of the investigation in September 2018, the active mining area measured roughly 

100,000 m2. The deepest mining floor was at an elevation of 53 m RL. and covered an area of approximately 

15,000 m2.  

The quarry uses blasting to mine the limestone and over time, drillings for deploying the explosives for this 

task had randomly encountered deep voids. These became more frequent with further progression to lower 

floor levels such as level 53 m. Increasing concern about health and safety of operating personnel and 

machinery has led to conducting the geophysical investigation presented in this paper. 

2.1.1 Geology and Hydrology 

Basement rocks around the Wilsonville Quarry are formed by the Triassic-Jurassic age Waipapa Group 

greywacke. Overlaying these, are Tertiary sediments consisting of sandstones, coal measures, limestone and 

mudstones as depicted in Figure 1. The sedimentary deposits have a dip angle of about six degrees to the 

west and are at a higher elevation to the south of the quarry as compared to the north end. A survey bore 

northwest of the quarry revealed a Whangarei Limestone thickness of approximately 110 m and was 

described as highly fractured and karstified crystalline limestone (Williams & Miller, 2000). The middle and 

upper Kamo Coal Measures are about 30 m thick. They make up the unit underneath the limestone. During 

the 1920’s and into the early 1930’s coal mines have been operated in the Kamo Coal Measures until the 

mines got flooded with groundwater. From geological cross-sections in Mills (2012) it was estimated that at 

the floor levels existing during the geophysical investigation, the coal seams were expected to be located 

about 15 – 20 m below the RL 53 m floor level and gradually deepening in the east-west direction of the 

quarry. The area around the Wilsonville quarry is subject to geological faulting. Williams & Miller (2000) 

identified four major fault structures, one of which appears to cross the quarry in southwest-northeast 

direction. The displacement is described to be in vertical direction (thrust faults). Where it is not mined, the 

limestone is overlain by older mudstones that have been emplaced laterally through thrusting or gravitational 

sliding. 

Wilsonville Quarry becomes flooded within a few hours after heavy rain events when left undrained. This is 

a consequence of the floor level being more than 30 m below the groundwater level (at RL 90 m in 2012). 
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Mills (2012) implied that recharge following heavy rainfall events is much more severe in terms of floor 

flooding than regular groundwater inflow, which is well managed by continuous pumping at the RL 53 m 

level. There is strong evidence for hydraulic flow between the surface, limestone and coal mines. Williams & 

Miller (2000) concluded that the main water bearing conduits in the limestone are fault controlled and that 

the flooding of the coal mines that led to their closure in the 1930’s, likely was due to newly formed 

hydraulic connections through sinkholes in the overlying limestone formation. 

 

Figure 1: Geology in the vicinity of the Wilsonville Quarry (from http://data.gns.cri.nz/geology, accessed on 

20.09.2018). 

2.2 Geophysical Investigation at Wilsonville 

2.2.1 Investigation Aims 

Due to encountering several relatively deep cavities within the active mining area through explorational 

drilling, concerns were becoming apparent for the health and safety of mining personnel and machinery. The 

aim of the geophysical investigation was to determine:  

• Whether there were any voids existing below the active quarry floor at RL 53 m. 

• To what extent and where these features were located (i.e. mapping).  

• Where possible, identify depth to coal seams. 

For most underground investigation problems, there are usually several geophysical methods suitable to use. 

In the case of the Wilsonville quarry the Electrical Resistivity Tomography (ERT) method was most 

promising to successfully image and map voids and cavities at the scale of interest (i.e. > 2 m diameter, 

potentially > 3 m deep and at an unknown depth) and under the given surface conditions (e.g. standing 

surface water in several locations, undulating and rough surface). The method is briefly explained in the next 

section.  For the given geology, it was considered that ERT methods could potentially delineate the cavity 

features better than any other geophysical methods available at the time of the project (i.e. magnetic and 

seismic).     

http://data.gns.cri.nz/geology
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2.2.2 Electrical Resistivity Tomography (ERT) 

The ratio of measured potential gradient to injected current times the distance the current travels 

underground, is referred to as resistivity. It is an intrinsic ground property defining how easy a ground 

material can transport electrical current. Ground resistivity varies depending on several factors. For example, 

dense crystalline rock typically has a high resistivity, whereas a porous sediment would have a relatively 

lower resistivity and clay or organic material generally having a very low resistivity. Apart from porosity and 

compaction degree, resistivity also depends on pore fluid type and saturation, temperature, and clay content. 

To measure the ground resistivity usually four steel rods are used together. Two of which serve as so-called 

current electrodes, where current gets injected through into the ground. The other two are the points between 

which the potential difference is measured (potential electrodes). The potential difference that is measured 

for one point in the ground is ultimately controlled by the resistance of the ground volume and the distance 

the current travels between electrodes (i.e. the resistivity). Figure 2 shows the principle of this. 

Electrodes can be placed in different relation to each other (i.e. array types), which allows to investigate 

different targets in an optimal way. The further apart the electrodes are placed from each other, the deeper 

the current will travel and the more information from deeper parts of the ground is collected. In a modern 2D 

survey, typically several steel rods get placed in the ground on the surface and the instrument automatically 

cycles through a predefined sequence of electrode combinations always using four electrodes for one 

measurement. This allows scanning of a 2D section below the survey line in a reasonably short time. 

 

Figure 2: Principle of the Electrical Resistivity Tomography (ERT) method (from Sutter (2018)). Current 

gets injected through two steel rods (C1, C2) and the potential gradient is measured between two other steel 

rods (P1, P2). At geophysical boundaries, the current lines are bent and refracted. Hence different 

subsurface conditions excite different potential signals measured at the surface through potential electrodes. 

Electrodes placed into hard crystalline rock can limit the ability of the equipment to transmit an electrical 

current and measure the electrical resistivity of the underground. This is due to the very high contact 

resistances between the host rock and the electrodes for such scenarios. The geophysical investigation at the 

quarry required pre-drilling the holes for the steel rods and used a bentonite-water mixture within these holes 

to lower the contact resistance to a point where current injection to the ground became possible.  

In the office, the field data was edited for faulty points and then processed using geophysical inversion 

techniques. This essentially means that the field survey is simulated with a ground model until a sufficient fit 

is found between the field and modelled data (i.e. getting a small error between the data sets). The final 

model can be regarded as one possible representation of the subsurface resistivity distribution. There is, in 

theory, an infinite number of equally well matching models possible to obtain for a data set when using the 

inversion procedure. Therefore, the final geophysical inversion model should always be compared to known 
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geology and borehole data, where available, to constrain the non-unique character of this technique. The 

Wilsonville Quarry investigation had a total of 32 exploratory boreholes of depths between 3 – 15 m bgl 

available to compare ERT data to. This comparison made the geological interpretation of the geophysical 

data set much more robust than the ERT data would have on its own. 

2.2.3 Geophysical Data Acquisition 

A total of 45 ERT profiles were acquired in five days and over two stages (June 2018 and September 2018) 

with a three-month break between stages due to inaccessibility of the RL 53 m level from heavy flooding 

during the first deployment. The profiles measured between 35 m and 115 m and reached depths of between 

10 – 20 m bgl. Figure 3 gives an overview of the location and direction of the ERT profiles (blue lines) and 

the location of the exploratory boreholes (orange dots). The latest available aerial imagery base map was not 

(and still is not) representative of the mining status at the date of the geophysical survey. Therefore, the ERT 

profiles appear to be distorted on the surface, which is not the case.  

 

Figure 3: Survey map. Note that the latest background aerial imagery (LINZ Northland 0.4 m Rural Aerial 

Photos (2014-2016) was outdated and therefore not accurate of mining status at the date of the geophysical 

investigation. 

All ERT profiles used a Dipole-Dipole type array to measure the resistivity distribution horizontally and with 

depth. The minimum spacing between electrodes was 5 m and therefore a vertical and horizontal resolution 

of only around 2.5 m could be achieved. A resistivity data error of 3 % was estimated from repeat and 
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reciprocal measurements. GPS coordinates of electrode positions were taken with a variety of GPS 

equipment during the two stages of investigation. All of which had difficulties to obtain very accurate 

positioning (accuracy ranged between ~0.5-3 m) due to the > 30 m high quarry walls blocking satellite 

signals. The positioning of the boreholes based on the Stage 1 ERT data was determined using a handheld 

GPS device with an accuracy of ~5 m. Some of the mismatch between boreholes and ERT data can therefore 

potentially be attributed to the mismatch in GPS location between the two data sets. 

2.2.4 Geophysical Data Discussion & Interpretation 

A crystalline limestone of Tertiary age can be expected to have a resistivity of several hundreds to thousands 

of ohm meters (Ωm is the unit of resistivity). To detect voids, these features need to have a significantly 

different resistivity value compared to the host rock. With the groundwater table located above the 53 m RL 

and continuous pumping on that level, it could be expected that open spaces, such as voids and cracks, within 

the limestone would be filled with liquid or saturated debris, rather than air. This was important to determine 

the expected anomaly to look for in the geophysical data. Air-filled voids would have a much higher 

resistivity than limestone, whereas voids filled with liquids or saturated debris would have a relatively lower 

resistivity as compared to crystalline limestone. 

Figure 4 shows three examples of ERT profiles acquired on the eastern side of the dewatering trench 

(marked blue in Figure 3 – Fig. 3: west to east = Fig. 4: top to bottom). The colours of the background 

images correspond to the resistivity models obtained along the profiles. Blue colours are indicating low 

resistivity values and yellow colours are relating to high resistivity values. Based on above expectations, the 

high resistive yellow areas were originally interpreted as limestone rock, whereas the blue low resistivity 

areas were interpreted as potential voids saturated with water or a mixture of water, clay and weathered rock. 

 

 

Figure 4: ERT models of three profiles on eastern side of trench (marked with blue lines in Figure 3). 

Borehole information and interpretations have been overlain on the ERT models. NR refers to “not 

resolved”. The legend shows the borehole descriptions. The coloured squares relate to the resistivity colours 

generally related to that borehole unit. 
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Figure 5: ERT inversion model (background) on western side of the trench (blue in Figure 3) with borehole 

information and interpretation overlain. Borehole classification legend is shown in Figure 4. 

The exploratory boreholes were drilled after the ERT data were analysed and successfully targeted some of 

the indicated/interpreted voids (e.g. v1, v2-2, v5-1, n3). The ERT data interpretation originally only 

distinguished between “limestone rock” and “potential voids”. With the drilling information this was later 

refined with the second stage ERT data completed. Areas of “rubble” where crystalline rock is broken up or 

weathered and may contain clay and/or water in the pore space were additionally identified, especially where 

low resistivity values were apparent close to the surface (i.e. surface weathering). Where the drillers 

encountered crevices in the hard or soft rock, this was assumed to be filled with the encountered saline mud 

as most areas on the ERT models that show larger crevices on the associated borehole logs, have a relatively 

lower resistivity than observed for other areas of rock. Saline mud present in crevices would lower the 

resistivity over the resolved ground volume and lead to this overall lowered resistivity.  

 

Figure 6: Area-wide hazard map for the 53 m RL at the quarry produced from the geophysical investigation. 
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However, as becomes apparent in Figure 5 (and partially also seen in Figure 4), the resolution of the ERT 

method at the used large electrode spacing was not able to identify such features (i.e. crevices) or thin layers 

(e.g. c1-4 to c1-9). This was a further factor (apart from likely GPS inaccuracies) for some discrepancy 

between boreholes and geophysical data and highlights an important consideration when using geophysical 

methods – the trade-off between resolution, possible area of coverage and associated survey cost.   

2.2.5 Investigation Outcome  

The goal of the geophysical investigation at the Wilsonville Quarry was to identify areas on the 53 m RL that 

were of concern to the health & safety of quarry personnel and machinery when working on that level (i.e. 

voids). Furthermore, the depth to the coal seams was also of interest. The latter was not encountered at the 

obtained depths of penetration with both, the ERT data and boreholes, and could therefore be assumed to be 

deeper than 20 m bgl. In order to provide the client with a tool to manage future mining at the 53 m RL, the 

geophysical models (informed by borehole data) were translated to a hazard map shown in Figure 6. Red 

areas are marking ground conditions of high concern (i.e. voids, eroded rock filled with saline mud, deeper 

than 10 m), orange areas were identified as areas where the rock conditions were starting to become a 

concern (i.e. rubble and weathered rock with clay in their matrix, potentially saturated, soft rock), and green 

areas marking portions of the ground where limestone rock was identified (low concern areas). This helped 

enabling the mining engineers to determine a safe plan for future blasting and mining the remaining 

limestone rock below that quarry level. 

3 CONCLUSIONS 

Using the geophysical data led to a good overview of the state of the limestone rock at the 53 m RL. The 

boreholes found to roughly match 80 % of what was predicted by the ERT data, which is a good match. It is 

important to use appropriate GPS gear with acceptable accuracy during the geophysical investigation and 

later to locate the identified anomalies and targets. 

Considering the cost and effort of drilling boreholes, geophysical methods are valuable tools that can provide 

a cost-effective and broad overview of geological and hydrological variations in the underground. If they are 

combined with invasive testing, the geological interpretation of the geophysical models becomes more 

robust. If two or more different geophysical methods can be used at the same site, resolution and ambiguity 

issues of the geophysical methods can be further overcome.  
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Findings from the design and construction 

monitoring of an earthworks treatment at 

Flagstaff Hill, Dunedin 

N. Taghipouran, I.G. Walsh & J.R. Grindley 
WSP, Dunedin 

ABSTRACT 

Flagstaff Hill, also known as Observation Point, is a large hill situated in Port Chalmers, Dunedin. 

The hill is made up of Dunedin volcanic rock, characterised by Port Chalmers Breccia in the upper 

section and Dolerite in the lower section. The hill has been subject to several slip events since 1999, 

resulting in instability and rockfall towards the footpath and the road immediately below. 

An earthworks solution has been designed and constructed in stages to stabilise the hill through 

excavations to flatten the steep slopes and remove areas of known instability. The solution has been 

adopted based on the geological investigations and mapping of the rock face and involves creating 

benches within Breccia in the upper section of the slope, followed by a uniform slope angle of 

approximately 45 degrees within Dolerite in the lower section. Construction of the second stage of 

the project was undertaken in 2019 and involved excavation of around 40,000 m3 of slope materials 

within a residential setting over an approximately 4-month period. 

This paper presents a summary of the site history and discusses the design approach adopted to 

stabilise the hill. The paper also discusses some of the findings and lessons learnt from the design as 

well as the construction of the most recent stage of the project. 

1 INTRODUCTION 

Flagstaff Hill, also known as Observation Point, is a large hill situated in Port Chalmers, Dunedin. The hill is 

in the order of 50m high, with slope angles ranging between typically 50 to 70 degrees. The hill is made up 

of Dunedin volcanic rocks, characterised by Port Chalmers Breccia in the upper section and Dolerite in the 

lower section.  
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Sensitivity: General 

The site has been subject to ongoing instability, particularly since major excavation in 1996. The instability 

has resulted in rockfall towards the footpath and the road immediately below. An earthwork solution has 

been designed and constructed in various stages between 1999 and 2019 to improve the kinematic stability of 

the hill by removing the over-steepened sections of the slope. 

This paper highlights the site history and the remedial design approach adopted and discusses the key lessons 

learnt during the 2019 construction of the latest stage of the project. 

2 SITE DESCRIPTION 

2.1 Location 

The Flagstaff Hill site (the ‘site’) is situated in the suburb of Port Chalmers, approximately 14.0 km to the 

north-east of Central Dunedin. The approximate location of the site in relation to Dunedin CBD is presented 

on Figure 1 below. 

 

Figure 1: Approximate site location relative to Dunedin CBD (image courtesy of DCC's Web Map) 

2.2 History 

A major part of the Port Otago development works in the mid 1990’s was the reclamation of the ‘Back 

Beach’ area which currently accommodates Port Otago’s logging and dairy warehousing activities. This 

reclamation was primarily formed from the material sourced from Flagstaff Hill.  

Practical completion of the reclamation work was achieved in December 1995, however ongoing and minor 

instability of the slope experienced from 1996 through to 1999 led to concern being established on the long-

term stability of the hill. In September 1999, a significant slip on the excavated slope occurred following a 

heavy rainfall event.  Run out from this slip crossed the Beach Street, with rock debris reaching the logging 

facility as shown on Figure 2 below. 
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Sensitivity: General 

 

 

 

In 2000, Opus International Consultants Limited (now WSP) undertook the geotechnical and geological 

investigations and developed a long-term solution to improve the stability of the cut batters that had been 

created during the reclamation borrow operation.  The physical remedial work was staged to initially address 

mitigation of the most unstable western portion of the slope (referred to as Stage 1 works). A factor in this 

staging decision was the limited availability of spoil disposal sites at the time and their insufficient capacity 

to accommodate the total volume expected to be generated by the full remediation programme. The design 

included construction of benches within the upper section of the slope to allow for practical construction 

access from above together with the establishment of landscaping vegetation in this area. 

With commitment to further spoil disposal arrangements and resource consenting in 2016, construction of 

Stage 2 of the project was undertaken by Fulton Hogan Ltd over an approximately 4-month period in 2019. 

This latest phase of work included extending the remedial earthworks solutions to an approximately 200 m 

long section of the hill immediately to the east of the Stage 1 works. The extended period of time between 

completion of stage 1 and commitment to stage 2 works enabled a review of the performance of the Stage 1 

works relative to design expectations to be undertaken to confirm the suitability of the earlier design solution 

for the eastern flank.  

3 GEOLOGICAL SETTING 

The Published Geology Map by GNS Science indicates the site is underlain by Dunedin Volcanic Group 

trachytic rocks (Unit Mb). This unit predominantly consists of trachytic flows, pyroclastic deposits and 

subvolcanic intrusives of Miocene age. An extract from the Web Map is presented on Figure 3 below. 

Figure 2: Photographs of the site following 1999 event 
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Sensitivity: General 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 3: Site geology (image courtesy of the GNS Web Map) 

The hill consists of Dolerite overlain by Port Chalmers Breccia. The sequence is associated with the first 

main eruptive sequence of the Dunedin Volcanic Field.  

The Dolerite is likely the eroded remnant of a former plug intruded into the Port Chalmers vent. This is a 

hard medium to fine grained rock that contains many discontinuities. The Dolerite appears to be consistent 

across the site. 

The Port Chalmers Breccia is carbonate cemented Breccia that consists of unsorted clasts of volcanics and 

minor schist, and acts as a vent filling material. The high energy environment in which it was deposited 

means there may be some differentiation between exposures. The Breccia is massive at this site; however, 

this differs in other areas around Port Chalmers. 

4 PREVIOUS ASSESSMENT 

As part of Stage 1 remedial design in 2000, detailed geological assessments were undertaken to investigate 

the stability of the slopes and develop a suitable stabilisation solution. As stated above, these earlier 

assessments and their associated failure mechanisms were reviewed and calibrated against the actual site 

performance experienced on both remediated and un-remediated sections to ensure the Stage 1 design 

solution was optimal for Stage 2 construction. 

4.1 Geological 

Geological mapping was undertaken by an experienced engineering geologist to facilitate assessment of the 

stability of the rock slopes. Scan lines were conducted using abseil methods supplemented with site 

observations of rock mass features such as discontinuity and persistence. Rock strength data was based on 

site descriptions supplemented with historical testing.    

Late Quaternary 

alluvium and 

colluvium (Unit IQa) 

Dunedin Volcanic Group 

trachytic rocks (Unit Mb) 

Approximate 

site location 

(indicative only) 
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Sensitivity: General 

Given the hill forms a pronounced headland, it was possible to view the geology from slope exposures in 

various orientations to support development of the geological model. 

The geological model highlighted that instability of a significant scale was driven by the condition of the 

Dolerite in the lower section of the slope. Shallow failures may be expected within the overlying breccia, 

however, the presence of a stable rock-mass below limited the size and depth of potential failures.  

The Dolerite rock mass exhibited two persistent discontinues (J1 and J2) as well two less persistent but 

regular discontinuities (J3 and J4). As such, instability was defined by the structural control and assessed by 

kinematic stability. The assessment focused on more persistent joints as well as a mapped dike, as these had 

the potential to result in larger scale failures. A summary of the discontinuities and structural trends is 

presented on Figure 4.    

 

Figure 4 – Stereonet showing the joint sets 

4.2 Kinematic Stability Assessment 

Detailed kinematic assessments were undertaken as part of Stage 1 and 2 remediation design to determine 

the stability of the slope profiles. These assessments considered the stability of both pre-remediated and post-

remediated slopes. The headland topography led to the assessment of multiple slope orientations related to 

different portions of the headland. 

Summary plots showing potential wedge failures for Stage 2 is presented on Figure 5. This shows both the 

north-eastern and south-eastern sections of the slope face with the old and newly cut slope face.  

J3 
J1 

J2 

J4 
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Sensitivity: General 

 

Figure 4 - Potential wedge failures in Stage 2, the north-eastern (left) and south-eastern sections (right) of the 

slope face  

The main findings from the kinematic assessments are as follows: 

• The overall stability of the slope is governed by the lower Dolerite section. In order for large failures 

to occur, the failure plain must extend into the Dolerite. Stabilisation of the Dolerite section would 

therefore limit the instability within Breccia to shallow-seated failures. 

• Due to the rock mass strength and presence of several discontinuities in the Dolerite, this material is 

likely to fail as a structurally controlled rock mass.  

• The assessment showed that overall wedge failure limits the slope design. This is due to the 

combination of possible wedges given the slope orientation. As the slope transitions into north 

eastern facing slopes, wedge failure starts to become more prominent. There were a number of 

potential wedges and this limited the stable angle that these slopes can be cut. Toppling by 

comparison poses no problem along this section. The slopes are not steep enough to generate toppling 

failures. 

• Although wedge failures tend to be the limiting failure mode, some potential planar failures may also 

be expected. These are likely to occur in the middle of the slope and limit the slope excavation angles. 

The new proposed slopes were at 40 to 50 degrees and removed the potential failure mechanisms for large 

scale failures. 

5  REMEDIAL SOLUTION 

Based on the findings from the assessments, a practical solution was developed to concentrate on the global 

stability of the Dolerite section. Shallow and surficial instability within the Breccia was not expected to create 

large scale slips affecting the road below the site, and was therefore able to be addressed with local treatment 

methods. 

The proposed earthworks solution included the following: 

• Excavation of Dolerite in the lower section to form slope angles varying between 40 degrees to 50 

degrees along slope to improve the kinematic stability and reduce the likelihood of wedge failure. 

pre-treatment slopes 

Post-treatment slopes 

Post-treatment slopes 

pre-treatment 

slopes 
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Sensitivity: General 

The variation in the slope angles was to accommodate different potential failure mechanisms that 

varied with the changes in the slope orientation transitioning from south-east to north-east. 

• Formation of approximately 5m wide benches at approximately 5m height intervals within the 

Breccia in the upper section of the slope to contain any localised shallow-seated instability and 

fretting of this material. The adoption of benches in the upper slope also facilitated revegetation 

objectives  

• Installation of an appropriate rockfall catch fence at the base of the slope to manage isolated small-

scale failures. 

An indicative sketch of the proposed remedial measures is shown on Figure 6 below. 

 

Figure 5: Indicative sketch of the proposed design solution 

6 STAGE 2 DESIGN CONFIRMATION 

In early 2019, WSP undertook the site inspections to review the performance of the Stage 1 design and the 

previously identified kinematic mechanisms within the un-remediated eastern slope to confirm the suitability 

of the original design for implementation in the Stage 2 works. The inspections revealed generally 

satisfactory performance of the Stage 1 works, with no signs of major instability of the hillside. Several 

rockfall debris accumulations were observed at localised zones the base of the slope and behind the catch 

fence, however the frequency and magnitude of these events were not able to be established. Wedge 

mechanisms in the eastern portion of the slope had not progressed beyond superficial fretting in recent years, 

confirming the earlier prioritisation decision. 

A Safety in Design (SiD) register was developed prior to construction to address potential hazards and 

develop appropriate control measures during construction and maintenance. The main identified hazards 

included slope instability during construction, incidents with traffic (both vehicles and pedestrians) along 

Beach Street and sediment discharge. 

 

Pre-remedial 

treatment slope 
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Sensitivity: General 

7 STAGE 2 CONSTRUCTION 

7.1 Methodology 

Construction of Stage 2 of the project was undertaken by Fulton Hogan over an approximately 4-month 

period in 2019.  

The methodology for bulk excavation included the use of excavators to form a track to the top of the 

excavation area. The site was then cleared of vegetation to allow for drone survey to confirm excavation 

quantities. Two excavators worked in tandem to bring the material from the top to the bottom. Once the 

stockpile of fill at the bottom of the slope was of sufficient size, one excavator moved to the opposite end of 

the face to continue excavation and the second excavator moved to the stockpile area. 

The lower excavator was used to load materials into the truck and trailer units to be carted away. A safe 

working zone was delineated for the loading excavator and trucks. This was managed with spotters providing 

traffic management control and calling trucks in for loading when there was safe space. 

A staged approach was developed to minimise the risk of instability affecting the construction workers. This 

meant that the excavation work was undertaken on a separate section of the site to where the loading of the 

trucks was undertaken. 

Upon completion, the slope face was hydroseeded to minimise the risk of fretting of the slope face and 

sediment generation.  

A photograph of site during construction is presented as Figure 7. 

 

 

 

 

 

 

 

 

 

 

 

Figure 7: View of the site during construction 

7.2 Observations 

Geotechnical observations were made during the construction phase, including regular drone photography. 

The condition and strength of rock was generally consistent with the geological mapping findings during 

stage 1 and design expectations. 

A photograph of the site during construction is presented on Figure 8. 
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Sensitivity: General 

 

Figure 8: View of the site and logging facility during construction 

Following construction of the earthworks measure, a non-rated chain link mesh rockfall barrier was 

constructed at the base of the slope. A view of the site following construction is shown on Figure 9. 

 

 

Figure 9: View of the finished site including the catch fence 

8 CONCLUSIONS  

The Flagstaff Hill has experienced occasional instability since 1996 following extensive reprofiling and 

over-steepening A practical remedial earthworks solution has been designed and constructed in stages to 

improve the kinematic stability of the hill. The design solution has allowed for the stabilisation of the hill by 

re-profiling to safe slope angles within Dolerite and creating benches to contain potential minor shallow-

seated failures within the overlying Breccia and to facilitate landscaping and revegetation objectives. This 

has resulted in a considerable improvement in the stability of the hill and substantially reduced residual risk 

levels to the public including road and footpath users below. 
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Sensitivity: General 

Several factors have been instrumental in developing a practical design solution as well as the successful 

construction of Stage 2 works, as summarised below. 

• A geotechnical assessment was primarily based on mapping of the exposed slope faces, minimising 

the need for expensive intrusive investigations, whilst providing a sufficient level of geological 

understanding. The assessment allowed for a pragmatic earthworks stabilisation measure to be 

developed to focus on improving the stability of the Dolerite section. The observations of rock 

condition and behaviour during construction were generally consistent with the investigation 

findings. 

• The design solution aimed to remove the source of deep-seated instabilities by creating safer slope 

angles. This allowed a cost-effective non-rated rockfall fence to be adopted at the base of the slope to 

capture any fretting and shallow instability in the future. This highlights the importance of exploring 

and evaluating both active and passive stabilisation methods at early stages of the project. 

• Finally, the site walkovers and review of site performance were key in ensuring the Stage 1 design 

solution was appropriate for the Stage 2 works. In the case of this project, the time gap between 

Stage 1 and Stage 2 works allowed the designers to review the effectiveness of Stage 1 remediation 

works and confirm the suitability of earlier proposals for stage 2 remediation in the lower risk zone.  
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ABSTRACT 

This study reports the results of an experimental investigation into the use of ground rubber (GR) 

products, at varying contents and sizes/gradations, as a sustainable solution towards improving the 

inferior geotechnical attributes of a subgrade clay deposit located in Adelaide, South Australia. A 

total of seven soil–GR mix designs, consisting of one control (i.e., natural soil) and six GR-blended 

cases (at two GR contents and three GR sizes/gradations), were examined. As a result of GR 

inclusion, both the maximum dry unit weight and the optimum moisture content manifested a 

monotonically-decreasing trend; the exhibited reductions were in favour of both a higher GR content 

and a larger GR size. For any given GR size, the greater the GR content, the higher the developed 

UCS up to 5% GR, beyond which the dominant GR-to-GR interaction adversely influenced the UCS 

while still maintaining a notable advantage over the natural soil. The GR inclusions were able to 

control the soil’s swelling potential. The higher the GR content and/or the larger the GR size, the 

higher the reduction in swelling. Based on the experimental results, a suitable soil–GR mix design 

was adopted and applied to stabilise a subgrade clay deposit from a local road in Adelaide, Australia. 

In-situ field density testing confirmed that the soil–GR mixture is a suitable subgrade material. 

1 INTRODUCTION 

In arid and semi-arid climates, the design and construction of infrastructure are often adversely affected by the 

presence of expansive/reactive soil deposits. A notable fraction of expansive soils consists of active clay 

minerals, such as montmorillonite, which are highly susceptible to seasonal fluctuations, and undergo 
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significant expansion or contraction upon the addition or removal of water (Soltani et al. 2019a). The 

consequent cyclic increase and decrease in soil volume results in foundation distortion and wall cracking, and 

in the case of road infrastructure, undulating and cracking of pavements and embankment slumping. These 

issues are costly to maintain and repair, and also compromise road safety (Jones and Jefferson 2012). 

Accordingly, these adversities demand engineering solutions to mitigate the associated socio-economic 

impacts on human life. 

The geotechnical engineer can either complete the design within the limitations imposed by the expansive soil 

or preferably alleviate the soil’s adverse behaviours employing soil stabilisation techniques. The term 

“stabilisation” refers to any physical, chemical, biological or combined practice of altering the soil fabric to 

meet the intended design criteria (Winterkorn and Pamukcu 1991; Soltani et al. 2017). Conventional 

stabilisation practices often suffer from sustainability issues, attributed to high manufacturing and/or 

transportation costs, as well as environmental concerns due to greenhouse gas emissions. A sustainable soil 

stabilisation scheme can be characterised as one that maintains a perfect balance between infrastructure 

performance and the social, economic and ecological processes required to maintain human equity, diversity, 

and the functionality of natural systems. The transition to sustainable stabilisation warrants incorporating solid 

waste materials as an “additive” or “reinforcement” to expansive soils, while opting for non-conventional, 

environmentally-friendly chemical binders for further enhancements. 

Discarded tyres are among the most significant and problematic sources of solid waste, owing to extensive 

production and their durability over time; for instance, annually, around 0.5 million tons of scrap tyres are 

stockpiled in Australia, annually (Li et al. 2018). Quite clearly, discarded tyre rubber materials are not desired 

at landfills, owing to their low mass-to-volume ratio, resilience, and the fact that they are rarely “flat-packed”. 

These adverse characteristics, from a landfill perspective, also make them one of the most reusable waste 

materials for soil stabilisation practices. This is because, the rubber is resilient, lightweight, and possesses a 

rough surface texture. The latter, its rough surface texture, may potentially promote adhesion and/or induce 

frictional resistance at the soil–rubber interface, and thus alter the soil fabric into a unitary mass of enhanced 

strength resistance. The use of recycled tyre rubbers in geotechnical engineering dates back to the early 1990s, 

where theoretical concepts governing the mechanical performance of soil–rubber blends were put into 

perspective. Much like fibre-reinforced soils, the rubber particles randomly distributed in the soil matrix and 

when optimised in content and geometry (i.e., size/gradation and shape), enhance the inferior engineering 

characteristics of the host soil. The literature from this era, however, was mainly geared towards coarse-grained 

soils. As such, the rubber’s capacity of improving the adverse behaviours of fine-grained soils, and expansive 

clays, in particular, remained rather vague. Ever since, several studies have documented the effects of rubber-

reinforcement, with and without cementitious binders, on the physical and mechanical behaviours of expansive 

clays. The clay–rubber amending mechanisms can be attributed to the rubber content, with higher contents 

often producing a more pronounced reduction in the swelling capacity. Moreover, the rubber’s geometrical 

features may also play an important role, and thus demands further investigation. 

This study reports the results of a comprehensive experimental investigation, as well as a subsequent field trial, 

into the use of ground rubber (GR) products, at varying contents and sizes/gradations, as a sustainable solution 

towards amending the inferior geotechnical attributes of a subgrade clay deposit from a local road located in 

Adelaide, South Australia. 

2 EXPERIMENTAL STUDY 

2.1 Materials 

The soil used in this study was collected from a local road in Adelaide, Australia. It manifested the same typical 

texture and plasticity features as commonly reported for expansive clays. The physical and mechanical 
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properties of the soil were determined in the laboratory. The conventional grain-size analysis indicated a clay 

content (< 2 μm) of 43%, along with 37% silt (2–75 μm) and 20% sand (0.075–4.75 mm), dry mass basis. The 

liquid limit (as determined for 20-mm cone penetration depth using the 80 g–30° fall-cone device) and standard 

thread-rolling plastic limit were measured as wL = 37.8% and wP = 22.1%, respectively; giving a plasticity 

index value of IP = 15.7%, such that the soil was classified as clay with intermediate plasticity (CI) in 

accordance with the Unified Soil Classification System (USCS). The free swell ratio (FSR) — a quantitative 

measure of clay mineralogy and hence the soil’s expansive potential (Prakash and Sridharan 2004) — was 

obtained as FSR = 1.55, thereby indicating that the soil’s clay fraction was mainly dominated by active smectite 

minerals, such as montmorillonite. In terms of expansivity, the FSR corresponded to a moderate expansive 

potential. The standard Proctor compaction test resulted in an optimum moisture content of wopt = 19.7%, along 

with a maximum dry unit weight of γdmax = 16.9 kN/m3. 

Three types of commercially available tyre-derived ground rubber (GR) products, with varying 

sizes/gradations (hereafter designated as A, B and C), were used as the additives to partially replace the low-

grade host soil. In terms of gradation, GR A, B and C were similar in size to fine (0.075–0.425 mm), medium 

(0.425–2 mm) and coarse (2–4.75 mm) sand, respectively. Other physical attributes included a specific gravity 

of Gs
GR = 1.09 for all three GR types, which is approximately 2.5-fold lower than that of the clay soil (Gs

S = 

2.69). The chemical composition of the GR material, regardless of its gradation, was mainly dominated by 

styrene–butadiene copolymer and carbon black, with mass fractions of 55% and 25–35%, respectively. 

2.2 Testing Program 

The experimental program was carried out in two phases. The first phase involved investigating the soil’s 

physical and mechanical properties by means of conventional laboratory tests — namely, Atterberg limits (i.e., 

liquid and plastic limits, and plasticity index), grain-size distribution (i.e., sieve and hydrometer analyses), 

standard Proctor compaction, and sediment volume (to measure the free swell ratio) tests. The results obtained 

from this phase were analysed to classify the soil in terms of its plasticity, mineralogy and degree of 

expansivity. The second phase involved investigating the effects of GR inclusion, in terms of both content and 

size, on the soil’s compactability, shear strength and volume change behaviours. A total of seven soil–GR mix 

designs, consisting of one control (i.e., natural soil) and six GR-blended cases (at two GR contents and three 

GR sizes/gradations), were examined. This phase consisted of standard Proctor compaction, unconfined 

compressive strength (UCS) and oedometer swell tests. The results obtained from these three tests were then 

carefully analysed, and cross-checked with each other, to arrive at the optimum GR content and size. 

3 EXPERIMENTAL RESULTS 

3.1 Effect of GR on Soil Compactability 

Figures 1a and 1b illustrate the variations of optimum moisture content wopt and maximum dry unit weight 

γdmax, obtained in accordance with the standard Proctor compaction test (ASTM D698–12), against GR content 

for the natural soil and various GR-blended samples, respectively. For any given GR size/gradation, the greater 

the GR content, the lower the optimum moisture content and the maximum dry unit weight, both following a 

monotonically-decreasing trend with respect to GR content. Similarly, for any given GR content, an increase 

in GR size led to a further, yet slightly less pronounced, decrease in the soil’s compaction characteristics. 

Reduction in the compaction characteristics, particularly the maximum dry unit weight, advocates the use of 

GR as a sustainable, lightweight fill alternative to traditional quarried materials, such as sands and aggregates. 

The GR material’s lower specific gravity of 1.09, as well as its hydrophobic character (< 4% water adsorption), 

compared with that of the soil grains, and active clay minerals, in particular, corroborate the observed 

reductions in the compaction characteristics (Cabalar et al. 2014; Signes et al. 2016; Soltani et al. 2019b). 
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Moreover, the compacted GR particles, though rather resilient, may gradually recover their initial shape due 

to the elastic rebound, thereby reducing the efficiency of compactive effort and hence leading to lower 

maximum dry unit weights (Soltani et al. 2019b). Quite clearly, the larger the GR size, the more pronounced 

the elastic rebound recovery and hence the lower the maximum dry unit weight. 

                

Figure 1. Variations of (a) optimum moisture content wopt, and (b) maximum dry unit weight γdmax against GR 

content for the tested samples. 

3.2 Effect of GR on Shear Strength 

Figure 2a illustrates the variations of UCS, obtained as per ASTM D2166–16, against GR content for the 

natural soil and various GR-blended samples. For any given GR size, the greater the GR content, the higher 

the developed UCS up to 5% GR, beyond which the GR material was found to adversely influence strength 

development in the matrix while still maintaining a notable advantage over the natural soil. The only exception 

was 10% GR A (the fine rubber), which exhibited a lower UCS value compared with that of the natural soil. 

In terms of GR size, the addition of GR C, the coarse rubber, was found to consistently outperform the medium 

and fine rubber variants. The samples blended with 5% and 10% GR C resulted in UCS values of 248.5 kPa 

and 193.7 kPa, respectively. In other words, the soil’s strength is improved, respectively, by almost 100% and 

50% when mixed with 5% and 10% GR C. 

Figure 2b illustrates the variations of axial strain at failure εu, a measure of the material’s ductility, against GR 

content for the natural soil and various GR-blended samples. For any given GR size, the greater the GR content, 

the higher the axial strain at failure and hence the more ductile the sample’s response to unconfined 

compression, attributed to GR’s higher deformability compared with that of the soil grains. Similarly, the larger 

the GR size, the more ductile the sample’s response to unconfined compression. 

The elastic Young’s modulus, denoted as Es, is a measure of the material’s stiffness in the elastic compression 

domain (Iyengar et al. 2013). In general, the variations of Es, as shown in Figure 2c, exhibited a trend similar 

to that observed for the axial strain at failure; however, in an adverse manner. The greater the GR content 

and/or GR size, the lower the developed stiffness, attributed to GR’s inherent lower stiffness compared with 

that of the soil grains. 

As stated by the authors in their previous publications (e.g., Soltani et al. 2019a, 2019b), the GR inclusions 

can alter the soil fabric through improvements achieved in two aspects: (i) frictional resistance generated at 

soil aggregate–GR interfaces; and (ii) mechanical interlocking of soil aggregates and GR particles. The 

generated interfacial frictional resistance is a function of the soil aggregate–GR contact area, with greater 

contact levels offering a higher shear resistance against external forces. The greater the percentage of included 

GR particles and/or the larger the GR particle size, the greater the contact levels achieved between the GR 
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particles and soil aggregates, and thus the higher the developed frictional resistance against compression. The 

mechanical interlocking of soil aggregates and GR particles is achieved during sample preparation (or 

compaction); it may induce sample adhesion by immobilising the soil aggregates undergoing shearing. Quite 

clearly, the more pronounced the achieved mechanical interlocking, the higher the resistance against 

compression. As such, this amending mechanism can also be ascribed to the GR content (and potentially the 

GR shape/elongation) — that is, the greater the GR content, the greater the number of potentially interlocked 

soil aggregates, and thus the higher the developed resistance against compression. In practice, however, these 

two amending mechanisms, interfacial frictional resistance and mechanical interlocking, only hold provided 

that the GR particles are well distributed in the soil medium, meaning that the GR particles do not cluster (or 

adhere to each other) during compaction. At high GR contents, the behaviour at some points within the blended 

sample could be governed by a dominant GR-to-GR interaction; this effect referred to as “rubber-clustering”, 

promotes a notable improvement in the sample’s ductility while offsetting the desired soil-to-GR interaction 

capable of enhancing its UCS. Such adverse effects were evident for all samples containing 10% GR, as the 

previously-improved UCS began to drop (see Figure 2a). 

                

                

Figure 2. Variations of (a) UCS qu, (b) Axial strain at failure εu, (c) Elastic Young’s modulus Es, and (d) 

Swelling potential SP against GR content for the tested samples. 

3.3 Effect of GR on Swelling Potential 

Figure 2d illustrates the variations of swelling potential SP, obtained as per ASTM D4546–14 under a nominal 

overburden stress of 7 kPa, against GR content for the natural soil and various GR-blended samples. For any 

given GR size, the greater the GR content, the lower the swelling potential, following a monotonically-

decreasing trend. Similarly, for any given GR content, an increase in GR size led to a further, but marginal, 

decrease in the swelling potential. In addition to the two amending mechanisms “interfacial frictional 
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resistance” and “mechanical interlocking”, the swelling potential is also a function of the soil’s expansive clay 

content, with lower contents exhibiting a lower tendency for swelling. Consequently, an increase in GR content 

substitutes a larger portion of the expansive clay content with non-plastic, hydrophobic GR particles, thereby 

leading to a further decrease in the swelling potential. The swelling potential can be employed to specify the 

soil’s degree of expansivity. The natural soil can be classified as “highly expansive” based on the classification 

framework suggested by Seed et al. (1962). The use of 10% GR A, B and C led to an improved “moderately 

expansive” classification. 

3.4 Recommended Soil–GR Mix Design 

Although all three GR variants were consistently effective at weaving the soil into a coherent matrix of 

restricted swelling (i.e., improvement in the swelling potential was in favour of higher GR contents), when 

excessively included, they could raise strength (and stiffness) concerns. Based on the experimental results, a 

GR content of 5% is able to satisfy a decrease in the soil’s swelling potential while increasing its strength-

related features, and thus can be deemed as the optimum choice. Moreover, GR B and C both outperform the 

finer GR A in terms of higher UCS and lower swelling potential values. Meanwhile, the use of GR B and C 

produced similar results with marginal differences. Accordingly, both GR B and C can be deemed as optimum 

GR sizes. Based on the experimental results, as well as discussions with the steering committee of the road 

subgrade stabilisation project, the inclusion of 5% GR C (with D50 = 3.12 mm) was recommended. 

4 FIELD TRIAL 

The optimum soil–GR mix design was applied to stabilise a subgrade clay deposit from a local road located in 

Adelaide, South Australia. The total length of the project area was 210 m, and it was divided into three different 

zones, each having a length of approximately 70 m. The GR stabilisation technique was implemented in two 

zones using a GR content of 5% (i.e., Zones A and C). The third zone, Zone B, in the middle of the road, was 

repaired by changing the asphalt layer. Zone B served as a control area for short- and long-term comparisons. 

The process of constructing the soil–GR mixtures is described below. 

a. Spreading 5% GR uniformly across the pavement width. A spreader truck was used to enable the supply 

and distribution of the GR material (see Figure 3a). The spreader truck can cover 3.6 m of the road width 

both to the right and left. Three distinct passes were required to distribute a total of 5% GR on the surface. 

b. Improving the native soil by mixing in GR using soil stabiliser equipment (Figure 3b). At this stage, the 

soil stabiliser machine used its milling and mixing rotor to mix GR into the existing clay soil layer (which 

had a moisture content of approximately 9%). The soil stabiliser equipment was able to inject water into 

the mixture to achieve the required moisture content. The equipment granulates the soil without loosening 

it to produce a homogenised soil–GR mixture. This process transformed the previous existing soil surface 

to a soil–GR layer which was ready for a new compaction process and subsequent paving. Then, 3% of 

lime was added to the clay–GR mixture to further enhance the subgrade’s load-bearing capacity (see Figure 

3c). The soil stabiliser machine was used to mix lime with the soil–GR layer. 

c. Using multi-wheel rollers for the first pass after producing the soil–GR mixture (see Figure 3d), followed 

by up to six passes of a vibrating drum roller operating at a high amplitude and a low frequency (see Figure 

3e), and then a smooth drum roller operating with a high wheel pressure (see Figure 3f) to knead the 

mixture into a compacted, evenly-textured soil–GR surface. 

d. Then, class PM2 subbase material (Department of Planning, Transport and Infrastructure, 2018) was 

delivered to the site. For this, a wet-mixed of unbound granular PM2 was used. The PM2 was delivered 

using covered trucks, such that the material arrived on site at or near its optimum moisture content. The 

PM2 material was spread uniformly across the soil–GR layer using a road grader machine (see Figure 3g). 

The final PM2 mixture was achieved with a layer thickness of 100 mm. 
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e. Upon constructing the PM2 layer, steel-wheeled static rollers were used in the first pass, followed by 

approximately five passes of a vibrating drum roller operating at a high magnitude and a low frequency 

(similar to the compaction process of the soil–GR layer) (see Figure 3h). The compaction process was 

completed by means of pneumatic tyred rollers operating with a high compacting pressure to prepare a 

tight, evenly-textured base having a condition most beneficial for asphalt paving (see Figure 3i). 

f. The PM2 layer was surfaced with 40 mm of bitumen-based asphalt, which is consistent with the traffic 

demand of the road (see Figure 3j). 

The main objective of this field practice was to assess the feasibility of the GR stabilisation solution in terms 

of field implementation — that is, to understand the possible issues that may be encountered when mixing GR 

with the soil subgrade. It was observed that by implementing common paving practices, the GR particles can 

be mixed with the soil in a uniform manner — that is, potential mixing issues such as segregation and its 

adverse effects on compaction were not observed. Dynamic cone penetration (DCP) and field density tests 

were also performed on the base material. The results of field investigations demonstrated that the soil–GR 

could be used as a reliable subgrade material for road construction projects. Results of the field investigations 

will be reported in the near future. 

(a)  (b)  (c)  

(d)   (e)  (f)  (g)  

(h)  (i)   (j)  

Figure 3. Field application of GR: (a) Spreading GR on the existing soil; (b) Mixing GR and the existing 

soil; (c) Adding lime to the soil–GR mixture; (d) Multi-wheel roller operating after completing the mixing 

process; (e) Vibrating drum roller operating at a high frequency and a low amplitude; (f) Smooth-drum 

roller operating at a high wheel pressure; (g) Spreading the PM2 material on the soil–GR–lime layer using 

a grader machine; (h) Compacting the base with a vibrating drum roller; (i) The road view after compaction 

of the base; and (j) Laying the asphalt layer on the road. 

5 CONCLUSIONS 

This study has arrived at the following conclusions. 

• As a result of GR inclusion, both the maximum dry unit weight and the optimum moisture content 

exhibited a monotonically-decreasing trend with increasing the GR content. Similarly, for any given GR 

content, an increase in GR size led to a further decrease in the soil’s compaction characteristics. 
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• For any given GR size, the greater the GR content, the higher the developed UCS up to 5% GR, beyond 

which the dominant GR-to-GR interaction (i.e., rubber-clustering) adversely influenced the blended 

samples’ UCS while still maintaining a notable advantage over the natural soil. The sample stiffness, 

however, manifested a monotonically-decreasing trend with GR content. Similarly, for any given GR 

content, an increase in GR size promoted a notable increase in the UCS and a decrease in stiffness.  

• As a result of GR inclusion, the swelling potential exhibited a monotonically-decreasing trend with 

increasing the GR content. Similarly, for any given GR content, an increase in GR size led to a further, yet 

less pronounced, a decrease in the soil’s swelling capacity. 

• The GR material, at its optimum 5% content, was used to stabilise a subgrade clay deposit from a local 

road located in Adelaide, South Australia. It was concluded that by following standard paving practices, 

the GR particles can be mixed with the soil in a uniform manner, and potential mixing issues such as 

segregation and its adverse effects on compaction were not observed. This field application demonstrated 

that the soil–GR blend can be used as a reliable subgrade material in road construction projects. 
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Identifying and classifying expansive soils in 

New Zealand – time to find a better way? 

J. Teal, N. Rogers 
Tonkin + Taylor Ltd, Auckland. 

ABSTRACT 

Expansive soils are present across the wider Auckland region and in many other parts of New 

Zealand, where residential buildings are increasingly supported on shallow slabs and footings in 

clay-rich soils subject to shrinking and swelling behaviour.  Currently NZS3604 provides first-line 

guidance on the identification of these so-called expansive soils, based on the use of Atterberg 

Limits and Linear Shrinkage.  Since 1999, NZS3604 has codified the use of Australian Standard   

AS2870 to guide residential foundation design which requires the classification of a site based on 

the expected ground surface movement. 

There are several limitations in the application of AS2870 to New Zealand conditions, which have 

been known about for some time, yet still remain unresolved today.  Of even greater concern, 

however, is the unreliability of the shrink swell test for New Zealand soils. If the test results are 

unreliable, then so too must be the site soil classification from which it is derived. Apart from New 

Zealand, no other country (besides Australia) has adopted the shrink swell test to classify expansive 

soils. 

Internationally there are alternative methods available to systematically identify and classify 

expansive soils for the purposes of foundation design, including the Volume Change Potential 

approach used in Britain. Without the shrink swell test, AS2870 cannot be practically applied in 

New Zealand.  This paper reviews the known problems associated with NZ’s current approach to 

identifying and classifying expansive soil, comparing it with some international alternatives and 

poses the question: Is it time to ditch AS2870 from the New Zealand Building code? 
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1 INTRODUCTION 

1.1 Consideration of expansive soil in NZ increasingly important 

In New Zealand, as in Australia, the trend in residential construction in recent decades has been towards 

increasingly routine use of shallow foundations, in particular stiffened raft slabs and waffle raft slabs, for 

residential buildings. Traditional subfloor systems such as short timber piles and suspended timber floors 

seen in yesteryear have given way to slab-on-grade flooring systems, particularly for buildings in new 

subdivisions on relatively level ground.  

A significant portion of the new housing stock recently constructed, and currently under construction, in the 

greater-Auckland area especially, is on lithologies dominated by highly plastic and clay-rich soils. In these 

areas the “expansive” properties of the soil, (i.e. soil shrinking and swelling) warrant close attention by the 

foundation designer. The issues related to expansive soils in Auckland have been known about since the 

early 1970s when drought conditions caused damage to new buildings in Pakuranga. Harvey et al (1982) 

provided guidance on these issues, and Wesseldine (1980, 1981) estimated that such damage-causing 

droughts might have a return period of about 20 years.  

Without the correct identification and foundation design detailing, shallow footings and slabs constructed on 

expansive soil can cause costly damage to the structure due to the shrinking and swelling movements of the 

supporting ground. Furthermore, in some parts of the country future climate change effects are expected to 

manifest in the form of more frequent and more severe droughts. Foundations constructed on expansive soils 

therefore need to be designed with the appropriate degree of resilience to withstand such events.  

1.2 The need for robust procedures 

The standard methods and code requirements for identifying and designing foundations on expansive soils 

are a critical part of the residential building construction process. But the procedures need to be finely 

balanced. The required investigation and reporting should be sufficiently comprehensive whilst not 

producing overly conservative outcomes that add significant cost to the construction process (e.g. an over-

assessment of risk leading to very deep embedment of footings over many houses in a large subdivision). A 

robust and accurate procedure is the clear objective. 

A closer examination of the procedures currently used in New Zealand reveals a litany of inconsistency and 

error, both in the technical methods used and the building code framework that requires use of those 

particular methods. It is the contention of the authors that the time has come to review the methods required 

for identifying and classifying expansive soils and drawing on experience from overseas to decide on the 

path New Zealand should take in future.  

Geotechnical practitioners around New Zealand should take an interest in this regardless of where they 

currently practice. Engineers and geologists need to have confidence in the processes required to be used 

because if there are potential flaws in those methods they could leave practitioners open to liability when 

building damage occurs. While expansive soil issues might be expected to arise most frequently within 

Auckland and Northland, they are not restricted to those regions. 

2 IDENTIFICATION AND ASSESSMENT OF EXPANSIVE SOIL IN NEW ZEALAND 

2.1 NZS3604 

Since 1990 the New Zealand Standard for Timber-framed buildings NZS3604 and its predecessor code have 

required identification and assessment of expansive soil. The overall philosophy of NZS3604 is to provide 

for standardised design of low-rise timber framed buildings without the need for specific design. The 
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geotechnical threshold for non-specific design is to establish the site conditions in accordance with the 

definition of “good ground”. Expansive soils are excluded from the definition of good ground. In NZS 

3604:2011 expansive soils are defined as those with: 

• Liquid Limit, LL > 50% (as tested by NZS4402.2.2:1986) 

• Linear Shrinkage, LS > 15% (as tested by NZS4402.2.6:1986). 

Changes to NZS3604 have essentially transformed these tests into a first line screening tool, with further 

classification and design to be undertaken in accordance with AS2870. However, prior to those changes, if 

the soil was not expansive and passed other tests it could be classified as good ground and standard 

foundation designs could be applied to lightweight timber framed buildings. 

2.2 Incorporation of AS2870 into New Zealand practice 

In 1999 NZS3604 was updated to require designers to classify the site in accordance with AS2870 

‘Residential slabs and footings’ where the definition of good ground for expansive soil was not met (Section 

17). 

First prepared in 1986, AS2870 was most recently updated in 2011 and provides for classification of the site 

based on the assessed ‘reactivity’ (i.e. expansivity) into one of six classes as shown in Table 1. The 

classification is typically established by calculation of a ‘characteristic surface movement’ based on certain 

assumptions about the soil suction profile, cracked soil depth, climatic zone, and an Instability Index 

parameter usually determined via one of three laboratory tests (see section 3 below). 

Table 1: Classification of Site Reactivity (AS 2870-2011). 

Class* Relative Reactivity 
Characteristic surface movement, 

ys (mm) 

A 
Sand and rock sites with no ground 

movement from moisture change 
- 

S Slight  0 < ys ≤ 20 

M Moderate 20 < ys ≤ 40 

H1 High 40 < ys ≤ 60 

H2 Very High 60 < ys ≤ 75 

E Extreme ys ≤ 75 

* A ‘Class P’ classification also provides for sites where ground movement would be significantly affected 

by factors other than reactive soil movements due to normal moisture conditions (e.g. soft ground, 

collapsible soil, landslide instability etc).  

The standard provides guidance and typical values for crack depth and soil suction profiles for various 

locations in Australia. No guidance is provided for New Zealand soils or climatic conditions.  

The question of whether AS2870 is applicable to New Zealand conditions at all (and if so, what 

modifications would be required) was canvassed within the geotechnical community immediately following 

the publication of NZS3604:1999. The question does not appear to have been ever satisfactorily settled 

(Grayson, 2000, and NZGS, 2001), and the guidance that emerged (research under the auspices of BRANZ 

2002 - 2008, see section 5 below) seemed to implicitly accept that AS2870 could be applied to New Zealand 

conditions. 
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2.3 Place in NZ regulatory framework 

Design based on NZS3604:2011 is considered compliant with the New Zealand building code, and it is 

estimated that over 90% of homes and other low-rise timber framed buildings in New Zealand are designed 

to this standard. The 1999 changes to NZS 3604 effectively brought the usage of AS2870 formally into the 

building code framework.  

Recently the government has used amendments to Building Code Clause B1 Structure – Verification Method 

VM1 General as an omnibus mechanism to modify standards including NZS 3604, without updating the 

standards documents themselves. In 2019 amendments to B1/VM1 brought the site classification provisions 

of AS2870 directly into the building code (albeit using the older 1996 version of site classes in AS2870 

1996), and included provisions for standard footing designs for various expansive soil site classes. This 

raises questions about whether expansive soil is still considered outside the definition of good ground, and 

the status of testing in terms of Liquid Limit and Linear Shrinkage as a basis for establishing good ground 

(see section 5.2 below for further discussion). 

Since 1999 various local authorities have also incorporated into their engineering standards the requirement 

for geotechnical professionals to classify sites in terms of AS 2870. For example, Section 2.6 of Auckland 

Council’s Code of Practice for Land Development and Subdivision (version 1.6, September 2013) requires 

the geotechnical report to:  

“…identify any specific design requirements which would necessitate the building design deviating from 

NZS3604. 

The expected level of site movement from reactive soil (expansive soils) under AS2870:1996 shall be 

identified by their respective class and included in the geotechnical completion report (GCR). The soil 

properties used in determining the class are to be recorded in the report.” 

Thus it can be seen that in spite of the widespread usage of AS2870 in New Zealand, inconsistencies are 

present in its application, and questions remain as to its applicability to New Zealand soil and climatic 

conditions. 

3 THE SHRINK-SWELL INDEX TEST 

3.1 Overview 

There are three tests in AS1289 which produce index values that can then be used as a basis to estimate the 

characteristic ground surface movement. Of these, only the shrink-swell Index test (AS1289.7.1.1 (2003) has 

been found to have a practical application in determining the characteristic ground surface movement (Xi, 

Sun et al, 2017). The earlier tests (AS1289 7.1.2 and 7.1.3 (1998) either took too long (8 weeks), were not 

suitable if the soil was too dry or had difficulty with soil suction measurements. 

The shrink swell test is a simplified procedure developed to determine the shrinking and swelling properties 

of the soil without the need to measure soil suction. The test combines the measured soil shrinkage and 

swelling strains to produce an index value. In calculating the index value it was assumed that magnitude of 

soil suction to volume change is 1.8pF for all tests. Also, since the swelling component of the test is confined 

within the oedometer ring, and due to concerns that the swelling strain would be overestimated, the swelling 

strain is divided in half (Fityus et al, 2005).  

Thus the Shrink Swell Index is defined as: 

𝐼𝑠𝑠 =
𝜖𝑠ℎ𝑟𝑖𝑛𝑘+

1

2
𝜖𝑠𝑤𝑒𝑙𝑙

1.8
           (1) 
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3.2 Initial moisture content 

One of the fundamental rationales for the adoption of the shrink swell test (in addition to its speed and low 

cost) was that it tested an undisturbed soil sample over the full moisture content range, and therefore 

removed the initial moisture content bias which beset core shrinkage tests alone. 

Apart from a limited amount of testing to demonstrate that this is in fact true (e.g. Fityus 1996), it is 

surprising that this assumption has not been subject to closer scrutiny, given the fact that it forms the basis of 

determining a soil’s site classification, and therefore foundation design. Even in the seminal paper on the 

shrink swell test, Fityus et al (2005) stated that, “to the authors’ knowledge, a general assessment of the 

effectiveness of the shrink swell test, and its associated application in routine geotechnical practice, has not 

been undertaken formally in any quantitative way.” 

On the assumption that the shrink swell test is reliable, considerable research effort has gone into attempting 

to find correlations between the shrink swell index and other simpler, and more widely used, soil parameters 

such as Atterberg limits. Where little correlation has been found, it has been the Atterberg limits that have 

been concluded to be unreliable for identification of expansive soil. 

Some researchers had been concerned that the shrink swell test does not in fact remove the initial moisture 

content bias (e.g. Hargreaves, 2017). It was not until researchers in New Zealand1 undertook a critical 

analysis of over 1000 shrink swell test results was it found that not only did the shrink swell test not remove 

the initial moisture content bias, but that the swell test generally contributed little if anything to the shrink 

swell index values, thus producing an overwhelming shrinkage strain bias. The risk in using the test is that 

samples collected in summer with relatively lower moisture content may return low index values, when in 

fact the soil may be highly expansive. The shrink swell index test is considered by the authors to be fatally 

flawed. 

4 METHODS USED INTERNATIONALLY 

4.1 Overview 

Given that expansive soils are present in many countries and major cities, and are a major geohazard for 

residential buildings, it is important to look at how other countries are practically dealing with the problem of 

expansive soils. Approaches in the UK, the US and South Africa are surveyed here briefly. 

Nelson and Miller (1992) note that the various rating and classification schemes in use around the world 

provide only an indication of the true soil expansion and results often differ considerably from actual field 

conditions, mainly due to local variations and issues with sampling and testing. Practitioners should be 

familiar with the soil type and conditions used to develop the particular classification system, otherwise 

results can be misleading, and “if used with design options outside the region where the rating was 

established cause significant difficulties”.  

A wide range of approaches have been developed around the world that attempt to universally classify 

shrinking and swelling. There is some difficulty in direct comparison since there is no standard definition of 

swelling potential (Nelson and Millar 1992). 

4.2 United Kingdom (UK) 

Two approaches are in common usage across the UK, a method based on the assessment of a ‘modified 

plasticity index (I’P) advanced by the Building Research Establishment (BRE), and a very similar ‘volume 

 

1 Research undertaken by Tonkin + Taylor, currently planned to be published in the June 2020 edition of NZ Geomechnics News. 
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change potential’ classification advanced by the National House-Building Council (NHBC) which utilises 

the modified plasticity index. 

The BRE method involves adjustment of the Plasticity Index (IP) based on particle size, the fraction passing 

the 425μm sieve. 

𝐼𝑃
′ = 𝐼𝑃 ×

%< 425𝜇𝑚

100%
            (2) 

Thus soils are able to be classified into one of several categories, with corresponding design 

recommendations provided in the issued guidance. The BRE guidance clearly emphasises that the risk is 

related to the clay minerology and clay content of the soil, with the risk to foundations being related to 

changes in soil moisture (BRE, 1993). 

Table 2: ‘Clay volume change potential’(BRE, 1993) 

Modified Plasticity Index, I’P (%) Volume change potential class 

> 60 Very high 

40 - 60 High 

20-40 Medium 

< 20 Low 

 

Among the recommendations by BRE for building foundation design they note: 

“Work carried out by BRE in the 1940s showed the need for a minimum foundation depth of 0.9 m; 

below this, seasonal wetting and drying, and the influence of minor vegetation, produced no 

significant ground movement. This depth has become the accepted minimum for foundations on most 

clay soils.” 

This is twice as deep as the minimum embedment (450mm) required by NZS3604 before it was removed in 

the 1999 update. 

With the usage of the BRE or NHBC approaches it must be remembered that the calculated values indicate 

potential swelling and shrinkage movement, which are dependent on changes to in-situ moisture content. In 

contrast to the AS2870 philosophy, there is no suggestion that the values calculated represent intrinsic 

properties of the soil, or that there is a need to precisely calculate the in-situ swelling and shrinkage 

movements (which are themselves based on a set of assumptions). Usage of this method requires judgement 

and careful design allowance for the appropriate range of conditions expected to eventuate onsite, and a 

focus on the amount and type of clay in the soil as the potential sources of uncertainty. 

4.3 United States of America (USA) 

Perhaps unsurprisingly there is no agreed method of expansive soil determination across all the states in the 

USA. In terms of soil types and climate, parts of California share some similarities to those of Auckland. 

California developed a method (ASTM D-4829) for determining the Soil Expansion Potential which was 

designated as Uniform Building Code (UBC) test standard in 1994. According to ASTM, the Expansion 

Index (EI) has been determined to have a greater range and better sensitivity of expansion potential than 

other indices (such as Atterberg limits). This is essentially a swell test, but the soil is remoulded and 

conditioned and then compacted into a 100mm diameter mould prior to wetting and measuring the 

volumetric strain. 
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EI = 100 x percent swell x %passing the No 4 sieve 

Table 3: Soil Expansion Potential (ASTM D-4829) 

Expansion Index, EI Expansion Potential 

10 to 20 Very Low 

21 to 50 Low 

51 to 90 Medium 

91 to 130 High 

130+ Very High 

 

The UBC mandates that “special (foundation) design consideration” be employed if the EI is 20 or greater. 

4.4 South Africa 

The approach to expansive soils in South Africa appears to be guided by a method developed by Van der 

Merwe (1964). Originally based on observations of building heave in Free State clays, it provides an 

empirical classification framework using standard particle size gradings and Atterberg Limits to predict 

ground heave.  

The method is applied by classifying the potential expansiveness of the soil in accordance with the chart in 

Figure 1. The potential expansiveness class is related to unit heave using a correlation table and correction 

for depth, and the potential heave value is evaluated for a hypothetical 3m thick stratum comprising three 

layers of differing potential expansiveness. 

 

Figure 1: Van de Merwe plasticity chart reproduced from Jones (2017). 

Jones (2017) pointed out that the distinction between Van der Merwe’s maximum potential heave calculation 

and the realistic or probable heave was often ignored by practitioners, and the “accuracy of this prediction 

will be governed by the actual moisture changes that occur in the soil”. Jones (2017) proposed some 
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modifications to the original method to adjust the heave prediction to what were deemed more realistic 

results. 

The South African experience over some 50 years usage of Van der Merwe’s method suggests that there is a 

place for a local empirical classification framework for expansive soil. Although in comparing it to New 

Zealand conditions it is important to recognise that the expansive properties of clay soils in the upper North 

Island tend to be dominated by shrinkage rather than swelling for the Free State clays, a likely reflection of 

climatic differences as much as geologic differences. Jones and Jefferson (2012) note that whilst high 

swelling soil will manifest high index properties, the converse does not always seem to hold true. 

4.5 Australia 

The issues around the AS1289 tests have been set out in this paper. 

A new approach for characterising expansive clay soils has been developed by Dr Dominic Lopes. (HEDRA 

2019). 

The fundamental aspects of this new Conditioned Core Shrinkage (CCS) test is that it is commenced at a 

‘fixed’ suction (3-3.3 pF) and does not have the problem of the AS1289 tests which are tested in their field  

condition and hence at various field suctions and moistures.  

The CCS test does not need a swell test, as the full test range is in the shrink mode. In the CCS test, suctions 

are measured at a range of 3-3.3pF, 3.5-4.5pF, 4.5-5.5pF and 6pF. 100% shrinkage is measured at 7 pF. 

The shrink index values (Ips) are calculated along the appropriate suction range and used to calculate the (ys).  

The laboratory test can be carried out in 4-7 days depending on the type of soil and the soil moisture during 

which the samples are taken. 

Like all testing for soil expansivity, the CCS test results will need to be critically analysed over a range of 

soil types before it can be adopted as a reliable basis for site soil characterisation. 

4.6 Observations regarding various approaches 

The fact that there is no internationally agreed test method for soil expansivity attests to the extreme 

difficulty of trying to predict soil shrinkage and swelling with any precision. The various methods essentially 

fall into two main approaches:  

Those based on traditional soil classification tests such as Atterberg Limits, or  

Those that determine an index classification, usually based on core tests, which may be on undisturbed or 

remoulded samples, and may involve measuring shrink strains, or swell strains, or both. 

5 NEED FOR CHANGE IN NEW ZEALAND 

5.1 Research involving expansive soils 

The BRANZ research study (Brown et al, 2003, and Brown et al, 2008) is the only recent major publicly 

funded study of expansive soils in NZ, but this was based on a very limited set of data and was focussed on 

Auckland soils. 

That study essentially concluded that the AS2870 approach was suitable for NZ practice, but based on a clear 

set of assumptions, and with numerous suggestions and opportunities for improvement. Since the BRANZ 

research findings were published in 2008, there has been no further research undertaken on expansive soils in 

NZ. Due to the unreliability of the shrink swell index test, those findings have now been called into question. 
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5.2 Building code regime 

The 2019 amendments to the Building Code relating to expansive soil introduced two areas of inconsistency: 

5.2.1 Inconsistency with NZS3640 and AS2870 

- In 2019 provisions included in B1/AS1 requiring assessment of expansive soils in terms of AS2870, 

however the site categories do not align with the latest version of AS2870-2011. 

- The use of amendments to B1/AS1 the effectively modify standards such as NZS3604, when in fact 

the standards themselves should be amended and updated. 

- The overarching philosophy of NZS3604 that provides for non-specific design of timber-framed 

buildings has been compromised by the recent amendments via B1/AS1. Buildings designed in 

compliance with NZS3604 are permitted so long as the ground conditions meet the definition of 

“good ground”. However for sites where expansive soil is present, specialist engineering advice is 

required to determine the site classification in terms of AS2870.   

5.2.2 Performance requirements for drought conditions 

The building code has until recently effectively required compliant building performance on expansive soil 

for an SLS drought event of 1 / 300 years (AS 2870 is calibrated to a 5% exceedance in 50 years). The recent 

amendment to B1/VM1 introduced the AS 2870 framework directly to the building code provisions for the 

first time. With that introduction it appears that the value ranges for characteristic movement for each soil 

class have been scaled compared to original values. The scaling factor adopted would correspond to a 1 / 500 

year drought event in accordance with the BRANZ research. The reasons why this was done are unclear, as 

no commentary or guidance on this point was release by MBIE with the amendment. Without a clear 

researched basis for the change, it is unclear whether even the new 500-year SLS level provides sufficient 

protection from projected future drought conditions of climate change.  

Furthermore, as future drought effects to be experienced around the country are unlikely to be uniform, one 

would expect there to be location-specific adjustments based on local conditions to adjust the design and 

embedment of foundations on expansive soil. In the absence of further explanation, it is assumed that MBIE 

have used the drought scaling factors determined for Auckland and determined that they are applicable 

across New Zealand. 

6 CONCLUSIONS 

The Shrink-Swell Index test, and thus the AS 2870 method of site classification, has been shown to be 

unreliable at accurately predicting the expansive potential of soils at various sites in the upper North Island. 

This is because the test does not in fact remove the bias for initial moisture content as it was designed to do. 

Geotechnical practitioners will need to exercise caution when providing engineering advice regarding the 

determination of expansive soils. Accordingly, there is currently no reliable basis for determining a site soil 

class. If the shrink swell test is unreliable, then we need to look for other measures of soil expansivity. 

The advantage of the approaches that utilise traditional soil classification based tests (plasticity, particle size 

distribution) is that they keep the focus, and the thinking of the engineer on the identification of the soil and 

mineral type in question, rather than on the “black box” determination of an index value. Various methods 

have been canvassed that could provide an alternative basis for identification and classification of soils, 

albeit with their own limitations. These need to be evaluated as a replacement for the current codified method 

of expansive soil classification. 

Until changes are made to various codes, it is suggested that geotechnical reports with expansive soils 

include additional commentary regarding aspects such as the proportion of clay in the soil, and the presence 
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of known expansive clay mineral types, in addition to the NZS3604 requirements for LL and LS values. PI is 

clearly also identified in many other countries as a reliable measure of soil expansivity. 

Recent building code changes have simply added confusion and inconsistency into an already problematic 

area of New Zealand geotechnical practice. The authors of this paper encourage MBIE to carefully review 

the recent building code amendment, and release additional commentary regarding the change in return 

period drought. As there is no basis for reliably determining a site soil class, AS2870 cannot be used for 

foundation design in New Zealand.   
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The use of SCPT and HVSR for site period and 

subsoil class estimation  

M. Holtrigter 
Ground Investigation Limited, Auckland. 

A. Thorp 
Ground Investigation Limited, Wellington. 

ABSTRACT 

NZS 1170.5:2004 provides a subsoil classification system of classes A to E, which are determined 

by specific criteria of soil or rock characteristics.  The fundamental site period, T, is a key 

parameter in the classification system and is particularly useful in deciding between soil classes C 

and D, where the boundary is T = 0.6 s. The site period can be estimated from a shear wave velocity 

profile, such as that obtained from a downhole seismic test. The seismic cone penetration test 

(SCPT) provides a rapid means of obtaining shear wave velocity without having to drill a borehole. 

In addition, to the downhole seismic (S) part of the test, the CPT component can also provide an 

independent estimate of Vs by way of empirical correlations. Alternatively, the site period can be 

estimated directly using the horizontal to vertical spectral ratio (HVSR) method. 

This paper describes how SCPT and HVSR techniques can be used separately or in combination to 

estimate site period and subsoil class for soil sites where rock is within 50 m of the ground surface, 

or to a far greater depth in the case of HVSR alone. Methods for interpolating SCPT data and 

extrapolating beyond the depth of the tests are also discussed. The methods are illustrated by a case 

example from a site in Mangere, Auckland in Puketoka Formation soils. 

1 INTRODUCTION 

The New Zealand earthquake loadings standard (NZS 1170.5:2004) provides a subsoil classification system, 

which categorises sites into five classes, A to E.  Classes A and B represent rock sites and are relatively easy 

to identify, whereas determining the soil classes, C to E, can be more difficult.  In simple terms, Class E is 

defined as sites where there is 10 m or more of soil with shear wave velocity, Vs, of less than 150 m/s.  If not 
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Class E, then Classes C and D are distinguished by the fundamental site period, T; Class C if T < 0.6 s and 

Class D, if T > 0.6 s. There are other alternative criteria that relate to borehole information. 

NZS 1170.5 specifies a hierarchy of methods for site subsoil classification, as follows: 

1.  From the site period based on four times the travel time of shear waves from the underlying rock to 

the ground surface 

2=.  From borelogs, including measurement of geotechnical properties (undrained shear strength, su or 

SPT N) 

2=.  From site period determined from Nakamura ratios (HVSR) 

2=.  From site period determined from recorded earthquake motions 

3.  From boreholes with descriptors but no geotechnical measurements 

4. From surface geology 

The hierarchy would suggest the intent of the Standard is that some form of determination of site period is 

the preference. Although, classification from borelogs with geotechnical properties is ranked second equal in 

the hierarchy, such borehole information does not measure Vs or site period directly. In boreholes, the 

geotechnical properties that are mentioned in NZS 1170.5 (su and SPT N values) are typically determined by 

handheld shear vane or SPT tests taken between drill runs (usually 1.5m). These tests, particularly SPT, have 

a high degree of uncertainty associated with them (Mayne 2000) and the large depth interval between tests 

provides sparse, non-continuous information with depth. Furthermore, correlations between su or SPT N with 

shear wave velocity are generally based on empirical correlations which are difficult to verify on a site-

specific basis without comparison to direct in situ measurement of Vs. In comparison, CPT provides data in a 

near continuous fashion and correlations from CPT to Vs can be site-specifically verified if done in 

conjunction with downhole seismic testing (i.e. SCPT). 

In the authors’ opinion the hierarchy of testing, in alignment with the believed intent of NZS 1170.5, would 

more aptly be: 

1. Site period determined from in situ shear wave velocity testing (e.g. SCPT) 

2. Site period determined from HVSR 

3. Site period determined from CPT correlations to Vs (using verified correlations) 

Boreholes, either with or without su and SPT N information, would sit well below these three methods in the 

hierarchy. Larkin and van Houtte (2014) found that applying borehole information to Table 3.2 of NZS 

1170.5, which helps identify class C sites, provides inconsistences and may result in the unconservative 

selection of subsoil class. Consequently, Larkin and van Houtte (2014) recommended that Table 3.2 be either 

amended or removed from future iterations of the Standard. This illustrates the unreliability of determining 

subsoil class from borehole information. 

The in situ testing of shear wave velocity, the first of the three methods listed above, can be achieved by a 

variety of means, such as direct push downhole seismic, MASW, cross-hole seismic, borehole downhole 

seismic or downhole p-s suspension logging. Many of these methods require either a borehole to be drilled 

and/or significant post processing. Direct push downhole seismic, such as SCPT, is rapid and cost-effective 

in comparison to the other methods and does not require a borehole.  A SCPT combines the downhole 

seismic component with a conventional CPT, which allows an independent correlation to Vs to be made.  

Consequently, SCPT provides two independent estimates of Vs, which can be used to determine site period. 

By adding the HVSR method, a further independent estimate of site period can be obtained.   
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It is the use of these methods (SCPT and HVSR) for estimating site period that is the topic of this paper. 

2 HVSR 

The horizontal to vertical spectral ratio method (HVSR), or Nakamura method, is a method to estimate the 

fundamental site period from ambient vibrations of the ground, recorded passively at the ground surface. The 

method is described by Nakamura (1989). A more detailed analysis of the method is given in a European 

study named, SESAME (Acerra, et al. 2004). 

The method has been shown experimentally to provide a peak frequency that closely approximates the 

fundamental frequency of a site where there is a significant impedance contrast between the rock and the 

overlying soil. The exact geophysical mechanism behind the method is still disputed, with several contesting 

theories, the leading two based on Rayleigh wave propagation and the total wavefield. All theories work on 

the basis that there is a disparity between the horizontal particle motion and the vertical particle motion at the 

fundamental site frequency, such that the ratio of the horizontal to vertical approaches infinity. This can be 

defined by mathematical analysis of the recorded ground motion. 

To calculate the H/V ratio signals are first recorded at single stations on site, using a three-component 

seismometer, comprising two horizonal sensors (North-South and East-West) and one vertical sensor (up-

down). The signals from each of the three sensors are initially processed in parallel by splitting each 

component into matching time windows, usually of thirty seconds or one minute. This allows windows with 

unusable signals to be removed. The recorded signals in each window are split into their component 

frequencies using a Fourier transform algorithm. The results are smoothed using the method by Konno & 

Ohmachi (1998). The two horizontal components are averaged and then divided by the vertical. The resulting 

H/V ratios are plotted on frequency spectra for each time window. The mean of all the H/V ratios is made to 

provide a single averaged spectra line, along with lines indicating one standard deviation above and below 

the mean, as can be seen in Figure 1(a). The energy in the horizontal components also can be processed to 

evaluate energy propagation in a specific azimuth, and multiple azimuths can be combined to provide a view 

of how the peak frequency varies rotationally. A heat map of an azimuthal analysis is provided in Figure 

1(b).  

A peak in the H/V spectra indicates an impedance contrast between materials associated with that frequency. 

It is possible to have multiple impedance contrasts corresponding to interfaces between soil layers above the 

rock, for example between a soft clay and a dense sand. In such cases the lowest frequency peak is taken as 

the fundamental site frequency. The SESAME 2004 guidelines provide criteria for identification of a clear 

frequency peak to allow the user to assess the reliability of the indicated resonant frequency. Once the 

resonant frequency of the site is defined, the site period can be determined by 

𝑇0 = 1 𝑓0⁄             (1) 

where T0 = fundamental site period and f0 = fundamental resonant frequency. 

The SESAME guidelines provide recommended recording times based on the peak frequency at the site, with 

a lower peak frequency requiring more recording time than higher peak frequency. Basic evaluation of the 

peak frequency can be carried out during recording on site, giving an indication of the peak frequency range, 

and allowing the required recording time to be calculated on site. To obtain a more defined peak with a lower 

degree of uncertainty some windows will be removed, so for this reason, especially on sites with a high 

degree of local noise, the recording times may be longer than the guidelines. A typical recording time at each 

station is usually between thirty minutes and one hour, although may need to be longer for very deep soil 

sites.  

The example of a HVSR plot given in Figure 1 has been derived using the open source software, Geopsy 

(Wathelet et al. 2020). The data is from a site in Mangere, Auckland, on Puketoka Formation soils with a 
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depth to rock of approximately 38 m. The graph shows a solid line that represents the mean of the data with 

dashed lines above and below representing one standard deviation either side of the mean. There is a distinct 

peak in the plot, which meets the SESAME 2004 criteria.  The peak indicates a fundamental resonant 

frequency, f0 = 1.5 Hz. This corresponds to a fundamental site period, T0 = 0.67 s. 

 

 

Figure 1: Example of HVSR for site in Mangere, Auckland: (a) squared average mean and standard 

deviation lines; (b) heat map considering frequency by azimuth, warm colours have a higher amplitude. 

Due to the nature of the method there are some situations where it is not possible to define a peak frequency, 

such as when there is a very gradual transition to rock, or where the overlying soils have a shear wave 

velocity similar to that of the underlying rock, neither providing a detectable impedance contrast. In other 

circumstances, local noise from sources such as industrial machinery or building resonance cause by wind 

can mask H/V peaks. 

H/V spectra displaying multiple peaks may suggest complex ground conditions and it may be necessary to 

consider the effects of the various impedance contracts and how their related resonant frequencies affect the 

dynamic response of the site for design purposes. Regardless of whether there is a single peak or multiple 

peaks, a good knowledge of the geological setting is especially important for correct interpretation of the 

results. HVSR should not be used as a standalone method. It should be supported by existing ground 

information or used in combination with other testing methods, such as SCPT. 

3 SCPT 

3.1 Determining Vs from SCPT 

The seismic cone penetrometer test (SCPT) utilises a conventional CPT probe coupled with a seismic 

module, which enables a downhole seismic test to be done in conjunction with a normal CPT. The test is 

performed by direct push from a CPT rig. The seismic module that was used in the examples presented in 

this paper is a true-interval system with two geophones spaced at 0.5 m apart.  Downhole seismic tests are 

carried out every 0.5 m depth by hitting a beam on the ground surface and recording the signals received at 

the two geophones. Computer software is used to cross-correlate the two signals using curve-fitting 

algorithms to obtain the shear wave velocity, Vs. This specific method is described in more detail by 

Marchetti, et al. (2008). The advantage of this system is that it provides real time estimation of Vs as the test 

is being carried out on site. Post-processing of the results can be undertaken to refine the results, if necessary. 

f0 = 1.5 Hz 

T0 = 0.67 s 

(a) (b) 
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The result is a shear wave velocity measurement of each 0.5 m interval over the full depth of the sounding. 

These tests have been conducted on many sites in Auckland in the Puketoka Formation, which is a 

geological unit comprising Pleistocene to Holoscene Age sedimentary deposits of clay, silts and sands. The 

resulting Vs with depth for three of these sites is illustrated in Figure 2 as the red line in each plot.  

 

Figure 2: Examples of Vs measured from downhole seismic and estimated from CPT correlations for three 

sites in Puketoka Formation soils in Auckland 

3.2 Estimating Vs from CPT 

The seismic component (S) and the CPT component of the SCPT are independent tests that can be done 

concurrently in the same push or done as separate pushes. The CPT component provides cone resistance, qc, 

sleeve friction, fs and pore pressure, u2, that can be correlated to various soil properties via empirical or semi-

empirical correlations (e.g. Robertson 2009). There are many correlations that have been established for 

estimating Vs from CPT (e.g. Andrus, et al. 2007, Hegazy and Mayne 2006, Robertson 2009, Wair, et al. 

2012). For this paper, we are considering the correlation developed by Robertson (2009), which is 

represented by Equation 2, below. This is also the equation that is utilised in the popular computer software 

program, CPeT-IT v3.0.3.2, by GeoLogismiki.  

Vs = [vs (qt - v)/pa]0.5 (2) 

where vs = 10(0.55 Ic + 1.68), Ic = soil behaviour index, qt = total cone resistance, v = overburden stress. 

The estimated Vs from the CPT data using Equation 2 is represented in Figure 2 as the blue lines in the plots. 

By plotting both the measured Vs from the downhole seismic test and the estimated Vs from the CPT 

correlation, a comparison between the results can be made. This can provide validation to the particular 

correlation that is used or allows a site-specific correlation to be developed. If the measured and estimated Vs 
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values are in agreement, as they generally appear to be in the plots in Figure 2, then some level of confidence 

is provided. It is the Authors’ experience, that Vs estimated from CPT using Equation 2 compares reasonably 

well with Vs measured from downhole seismic testing in the Puketoka Formations soils. 

A comprehensive study of empirical correlations to Vs from CPT was carried out in the Christchurch area 

using a large database of SCPT’s (Wotherspoon, et al 2019). That study compared a number of published 

correlations, including that represented by Equation 2 (Robertson 2009). In that study, the function form 

represented by the Robertson equation was found to be one of least applicable for the Christchurch dataset, 

which are mainly sandy soils. Correlation to the Auckland Puketoka soils has not been as comprehensively 

studied. The purpose of this paper is to provide a mechanism for using Vs for site period and subsoil 

classification. It is not intended to be a comprehensive validation of the Robertson equation. The Robertson 

equation (Equation 2) was chosen in this paper due to its ease of use in the CPeT-IT software. More 

experimental evidence is required, however, for the purposes of this paper, it would appear that Equation 2 

provides a reasonable estimation in these soils. 

3.3 Time averaged shear wave velocity Vsz 

The average shear wave velocity can be calculated by 

𝑉𝑠𝑧 =  
𝑧

𝑡𝑍
            (3) 

where Vsz = time averaged shear wave velocity to depth z from the ground surface, and 

𝑡𝑧 = ∑ (
ℎ𝑖

𝑉𝑠𝑖
)

𝑛𝑧

𝑖=1
           (4) 

where tz is the total time (s) for a shear wave to travel from the surface to depth z (m), Vsi is the shear wave 

velocity (m/s) over depth interval hi (m), nz is the number of depth intervals from the surface to depth z. 

For the seismic component of the SCPT, each depth increment, h, will be equal to the interval depth; in this 

case, 0.5 m. There is potentially some error in the calculation of tz in this approach as the depth intervals in 

practice may not necessarily be perfectly aligned in sequence. In addition, any minor errors in the calculation 

of Vs at each interval may present a larger cumulative error. For the CPT estimated Vs values, the depth 

increment, hi, can be taken as the measuring interval of the CPT (e.g. 10 mm).  

Figure 3(a) shows Vs with depth profiles from a SCPT on a site in Mangere, Auckland in Puketoka 

Formation soils. This is the same site as the HSVR example given in Figure 1, above. The measured Vs 

values are from the downhole seismic part of the test and the estimated Vs values are derived from the CPT 

data using Equation 2. The measured Vs and estimated Vs plots in Figure 3(a) do not compare overly 

favourably, but they do follow the same general trend.  

Figure 3(b) shows the time averaged shear wave velocity, Vsz, plotted with depth from the same SCPT.  Both 

those determined from measured and estimated Vs are plotted. These averaged Vsz plots show a better 

agreement than that suggested by the Vs plots, with the two Vsz lines coming together nicely. 
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Figure 3: Plots of; (a) Vs ;(b) Vsz and; (c) T with depth for site in Mangere, Auckland 

3.4 Determining site period and subsoil class 

The site period, T, can be estimated by four times the shear wave travel time through the soil from the 

surface to the underlying rock (NZS 1170.5:2004).  

T = 4tH             (5) 

where tH = total shear wave travel time (s) from the ground surface to the underlying rock using Equation 4. 

Alternatively, the site period can be calculated by 

𝑇 = 4
𝐻

𝑉𝑠𝐻
            (6) 

Where H = total depth of soil from the ground surface to the underlying rock, VsH = time averaged shear 

wave velocity at depth H. 

It should be noted that Equations 5 and 6 are estimates of T for simple soil profiles only. For more complex 

profiles where there are layers of significantly different soil types, densities and shear wave velocities, a 

more detailed methodology would be required (e.g transfer function). It is assumed for the purposes of this 

paper that the example site, and other similar sites within the Puketoka Formation in Auckland represent a 

‘simple’ soil profile; being one ‘layer’ of the same geological formation over a rock material. 

Equation 6 can be presented as a plot with depth, as illustrated in Figure 3(c). The purpose of this plot is to 

show a trend with depth, but it is only the point at the underlying rock interface that provides the site period. 

The depth to the top of the rock as suggested by the CPT refusal is 38 m. At this depth, the CPT estimated 

curve in Figure 3(c) suggests a site period, T = 0.71 s. This is slightly higher than the 0.67 s estimate from 

the HVSR (see Figure 1).  The downhole seismic testing stopped short at 33.5 m depth. By extrapolating the 

(a) (b) (c) 

CPT refusal at 38 m = rock depth? 
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seismic curve in Figure 3(c) down to the rock depth, an estimate of site period, T = 0.69 s is obtained. A 

method for extrapolating the curve is explained further below. 

We now have three independently derived estimates of site period from the same location. These are 

summarised in Table 1, below. 

Table 1: Estimates of site period from the various methods. 

Method Estimated Site Period, T (s) 

Downhole Seismic (SCPT) 0.69 

HVSR 0.67 

Empirical correlation from CPT 0.71 

 

There is reasonable agreement between the three methods considering the potential uncertainty in these 

methods and in the ground conditions. More weight would be put on the downhole seismic and HVSR 

methods, although the use of all three at the same location provides a level of confidence. It would be 

reasonable to choose a site period, T = 0.7 s for design purposes. This is greater than 0.6 s, so the site would 

be classified as Class D in accordance with NZS 1170.5. 

3.5 Extrapolation of Vsz and T with depth 

In some cases, a SCPT may refuse before reaching rock. In those cases, it may be useful to extrapolate the 

Vsz and T curves. If the depth to rock is known from existing information, e.g. a borehole, then these curves 

can be extrapolated to that depth, thus allowing T to be estimated. If a HVSR test has also been done at the 

same location, the estimated T from that test can be used for comparison. In cases where the rock depth is not 

known, then the site period estimated from the HVSR test can help estimate the rock depth by the 

extrapolation of the T curve from SCPT.  

The extrapolation of the curves is reasonable provided that a distinct trend can be seen in the curves and that 

the data is not extrapolated too far, say, no further than 25% beyond the bottom depth of the SCPT. If the 

SCPT has reached a significant depth and there is an obvious trend, then the average shear wave velocity, 

Vsz, is likely to continue to follow that same trend as changes in Vs below that depth will have little effect on 

the overall average; at least over a small additional depth and provided the shear wave velocity doesn’t 

change dramatically. 

In the above example site in Mangere, the downhole seismic test stopped about 5 m short of the rock. A clear 

trend can be seen in the plot and extrapolation over that relatively short distance would not seem 

unreasonable. In that case, the data correlated from the CPT continues to the rock depth and provides a guide 

for the potential extrapolation of the seismic data. From Figure 3(c), it can be seen that continuation of the 

orange downhole seismic line results in a value of T at the rock depth slightly less than that of the blue line 

that was estimated from the CPT. 

To develop this extrapolation in a more quantitative manner, the Vsz with depth relationship can be estimated 

by a power function. This can be developed by plotting (Vsz)2 with depth and considering the straight-line 

portion of the graph as shown in Figure 4 below. This is using the data form the downhole seismic part of the 

SCPT for the Mangere example site and is a site-specific function. 
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Figure 4: Development of relationship between Vsz and depth 

This provides a site-specific function of Vsz with depth as 

𝑉𝑠𝑧 =  √940𝑧 + 12200          (7) 

A relationship for T with depth can be determined by combining equations (6) and (7). The resulting 

interpolated plots with depth for Vsz and T are shown in Figure 5, below. This shows only the downhole 

seismic data, but similar relationships can be determined this way for the CPT estimated Vsz and T. 

 

Figure 5: Interpolation and extrapolation of Vsz and T data 

4 CONCULSIONS 

Borehole information is considered a poor indicator of site period or subsoil class in soil sites (Larkin and 

van Houtte, 2014). In the authors’ opinion the use of borehole information as a method of site subsoil class 

Vsz
2 = 940z + 12200 
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determination in NZS 1170.5:2004 should be given a much lower ranking. The hierarchy of test methods, in 

alignment with the believed intent of NZS 1170.5, would more aptly be: 

1. Site period determined from in situ shear wave velocity testing 

2. Site period determined from HVSR 

3. Site period determined from CPT correlations to Vs (using verified correlations) 

The combination of SCPT and HVSR methods allows all three of these methods to be obtained in a rapid and 

cost-effective manner. The SCPT provides two independent estimates of Vs: one measured from the 

downhole seismic part (S); and, the other estimated from empirical correlations from CPT. If done in 

combination with HVSR, three independent estimates of site period can be obtained. This provides a level of 

confidence in the results and allows for cross-validation of the methods. 

In the example site at Mangere, Auckland, the three methods showed reasonable agreement in site period 

estimation (within 3%). This methodology is likely to be appropriate for the Puketoka Formation soils in 

Auckland but could also be suitable for other single layer soil sites where depth to rock is within 50 m depth.  

Further research, however, is required to verify these findings. 

The empirical correlation for Vs from CPT used in this paper (Robertson 2009) appears to provide a 

reasonable estimate of Vs in the Puketoka Formation soils. However, this should not be relied on alone. 

Correlations of Vs from CPT data should only be relied upon if they can be validated on a site-specific basis 

or have been verified from research in the geological unit in question and shown to be reliable. 
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ABSTRACT 

Laponite is a nanomaterial that can transform the pore water into a viscous gel and continues to 

harden with time and can recover its strength after liquefaction. Initially, laponite suspension has 

very low viscosity, so it could be used in passive site remediation to improve the ground in highly 

populated areas. In this study, a constitutive model able to reproduce the behaviour of both granular 

and cohesive materials under different loading conditions is calibrated and validated using several 

laboratory experimental results. The calibrated parameters are then used to simulate the impact of a 

sequence of two earthquakes on a residential building with a shallow foundation on a loose 

saturated soil deposit containing sand that was treated with 1% laponite. This study attempts to 

provide insights on the level of improvement that laponite could provide as a liquefaction mitigation 

method in real applications and to show practitioners the potential of using this material for 

remediation purposes. 

1 INTRODUCTION 

1.1 What is laponite?  

Laponite is a non-toxic entirely synthetic layered silicate with a chemical composition equivalent to that of 

naturally occurring smectite clay minerals (similar shape and structure to Na-montmorillonite, but one order 

of magnitude smaller). Unlike natural clays, laponite has no impurities which make its suspension properties 

more controllable and stable. For instance, it is possible to prepare it with very low initial viscosity when 

injected and it has high yield shear stress with time. Compared with bentonite, laponite’s plasticity index has 
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Sensitivity: General 

been reported to be 1200% (BYK Additives & Instruments 2014), twice that of bentonite. Its particle size is 

5-10 times smaller than bentonite, and its initial viscosity and density are similar to water; these features 

favour laponite over bentonite for use in mitigating liquefaction. Besides, the use of highly plastic clays has 

been shown to increase the cyclic strength of sands (e.g. Ishihara 1993; Ishihara and Koseki 1989). 

Laponite particles are disk-shaped, which makes its edges naturally positively charged, and its surface 

negatively charged. When laponite is in dry-powder form, its platelets arrange themselves electrostatically 

through sodium bonds (Figure 1a). However, when dispersed in water, the sodium ions are released, and the 

particles repel each other from their mutual positive charges. At this stage, the dispersion displays low 

viscosity and Newtonian behaviour (BYK Additives & Instruments 2014). When the equilibrium of the ions 

is reached, laponite particles start re-arranging themselves due to electroactive forces (the positive edge of 

some particles attracts the negative surface of other particles), and the formation of a “house of cards” 

structure starts taking place (Figure 1b). This change in internal structure is responsible for a change in the 

rheological behaviour of the fluid, i.e. a thixotropic gel. One of the key features of this behaviour relates with 

its yield shear stress, which increases with time. The gel does not flow unless a shear stress larger than this 

threshold is reached (𝜏 >  𝜏𝑦𝑠); at this stage, the network breaks and the material flows, decreasing its 

viscosity (Figure 1Figures 1c and 1d), but maintaining solid-like behaviour, which means that the elastic 

components are predominant over the viscous components. When the shear stress is suppressed, the network 

recovers and the resistance to flow increases, which is an indicator that laponite could recover after an 

earthquake and continue to harden with time. 

 
 

 
 

a) Dispersed particle (BYK Additives & 

Instruments 2014) 

b) Scheme of house of cards 

formation 

c) Thixotropic behaviour (modified 

from Barnes 1997)  

d) Viscosity of a thixotropic 

material 

Figure 1: Laponite particle dispersion and gel formation 

1.2 This study 

This study presents a numerical model using the finite element method to simulate the effects of two 

successive earthquakes on a loose saturated soil deposit containing sand with and without treatment of 1% 

laponite. The purpose of this numerical simulation is to provide an insight on the level of improvement that 

laponite could provide as an option to mitigate liquefaction after a series of earthquakes, and to show 

practitioners the potential of using this material for remediation purposes. 

The application study is inspired by the 2010 Darfield and 2011 Christchurch Earthquakes, where the two 

earthquakes struck the same area 5 months apart (Figure 2). The main earthquake (Mw 7.1) occurred on 3 

September 2010, 40 km west of Christchurch Central Business District (CBD) at 10 km depth. Liquefaction-

induced damages were observed near Avon River (Figure 2). The aftershock (Mw 6.3) occurred on 21 

February 2011, 10 km south of the CBD at a depth of 5 km. The aftershock, being shallower and closer to 

the CBD, caused even more damage and the extent of liquefaction was even larger (Figure 2). 

Among the different types of structures, residential houses built on soft soils suffered more damage during 

the two earthquakes. Therefore, this numerical analysis is focused on the performance of a shallow 

foundation on a loose saturated sandy deposit subjected to a sequence of two ground motions (the 

Darfield/Christchurch earthquake sequence). The soil is represented by a multi-mechanism constitutive 
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Sensitivity: General 

model capable of reproducing the behaviour of a wide range of soils under different loading conditions 

(drained, undrained, cyclic, monotonic). This constitutive model is used to represent the behaviour of the 

granular material used in this study (Mercer sand) and the addition of 1% laponite. 

 

 

a) New Zealand map 
b) Satellite image showing epicentres of 

main earthquakes 

c) Distribution of liquefaction induced damage in Christchurch during the main 

earthquakes (modified from Orense et al. 2011) 

Figure 2: Location of epicentres of main earthquakes and distribution of liquefaction around Christchurch 

2 DESCRIPTION OF THE MODEL  

The model consists of a single-story structure on a shallow foundation on top of a 30 m thick layer of 

liquefiable soil deposit and underlain by bedrock (see Figure 3). The structure represents a one-story house, 

where the mass is distributed in the upper beam only, while the columns provide the strength and stiffness of 

the structure. The model is two-dimensional under plane strain condition.  

At the bottom of the model, a 2.5 m thick elastic bedrock and a paraxial element was added to simulate the 

deformable unbounded bedrock and to prevent the reflection of seismic waves (Modaressi 1987). Only shear 

waves propagating vertically are considered. The computations are carried out in the time domain. The 

model was analysed in three steps: (1) Initialisation; (2) 2010 Earthquake; and (3) 2011 Earthquake. Figure 3 

shows the boundary conditions used in each step. In the initialisation step, the model was consolidated under 

self-weight. In the next steps, the input motion was introduced through the paraxial element.  

 
 

 

Initialisation step Earthquake loading (Steps 2 and 3) 

a) Schematic of the model (not to scale) b) Boundary conditions  

Figure 3: Model and boundary conditions 

The soil deposit was divided into two layers, as depicted in Figure 4, allowing the possibility to use different 

constitutive models for the top 6 m soil and for the rest of the deposit for comparison purposes. In total, three 

models were analysed, in which Soils 1 and 2 (Figure 4) were represented by different combinations of pure 

sand and sand with 1% laponite, as summarised in Table 1. Model 1 is the control case, in which the whole 

soil deposit was modelled as pure sand (calibrated using the experimental results for Mercer sand).  

The soil was modelled using the Hujeux constitutive model (Aubry et al. 1986; Hujeux 1985) implemented 

in the open source computational tool GEFDyn (Aubry et al. 1986). This is a multi-mechanism constitutive 

model that can reproduce the behaviour of granular and fine materials under static and dynamic loading. 

Table 2 shows a summary of the calibrated properties for each material.  
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Sensitivity: General 

 

Figure 4: Mesh for the different models 

Table 1: Summary of models  

Depth (m) 

(top - bottom) 
Layer ID 

Model 1:  

Sand 

Model 2 

1Lap 

Model 3 

1Lap6m 

0 – 6 Soil 1 Mercer sand 1% Laponite 1% Laponite 

6 – 30 Soil 2 Mercer sand 1% Laponite Mercer sand 

 

Table 2: Summary of the calibrated parameters used for the different materials  

    Pure Sand 1% Laponite Phase 1 1% Laponite Phase 2 

E
la

s
ti
c
 

P
a
ra

m
e
te

rs
  Kref (MPa) 15.8 23 26.3 

 Gref (MPa) 9 13 15 

 ne 0.5 0.57 0.57 

 pref (MPa) 1 1 1 

L
o
a
d

in
g
 

fu
n
c
ti
o
n
 

p
a
ra

m
e
te

rs
 

 φ' (°) 33 19 19 

 ψ (°) 32 24.5 24.5 

 β 38 38 38 

 d 3.5 3.5 3.5 

 b 0.15 0.337 0.337 

H
a
rd

e
n

in
g
 

P
a
ra

m
e
te

rs
 

amon 0.02 0.048 0.048 

acyc 0.001 0.001 0.001 

cmon 0.00001 0.001 0.001 

ccyc 0.004 0.004 0.004 

αψ 0.4 0.5 0.5 

D
o
m

a
in

 r
a

d
ii 

o
f 

b
e
h
a
v
io

u
r 

 rela 0.005 0.009 0.009 

 rhys 0.08 0.186 0.228 

 rmob 0.5 0.5 0.54 

 riso 0.01 0.001 0.001 

 xM 0.5 1.6 2 
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Sensitivity: General 

The materials were calibrated using the results of the cyclic simple shear tests, in which laponite-treated 

specimens were subjected to a series of two consecutive shear loadings applied until the samples reached 

liquefaction (defined as double amplitude shear strain 𝛾𝐷𝐴 = 7.5%). The calibrated parameters were 

validated using the results of the other element testing, such as consolidation, drained and undrained simple 

shear tests; further details are provided by Tobar (2019). Figure 5 shows the results of the calibration for 

cyclic simple shear tests, in terms of the shear strain curves versus the number of cycles to liquefaction for 

the simulated and the experimental (in black) results at different levels of cyclic stress ratios (𝐶𝑆𝑅 = 𝜏 𝜎𝑣0
′⁄ ). 

All the tests were performed at an initial vertical effective stress of 100 kPa.  

(a) Sand (b) Laponite Phase 1 (c) Laponite Phase 2 

  

 

Figure 5: Calibration of the parameters based on CSST  

 

(a) 2010 Earthquake (b) 2011 Earthquake 

  

Figure 6: Records of earthquake motion 

CSR=0.26 

CSR=0.20 

CSR=0.14 

CSR=0.12 

CSR=0.10 

Experiment 

CSR=0.18 

CSR=0.16 

CSR=0.14 

CSR=0.12 

CSR=0.10 

Experiment 

CSR=0.20 

CSR=0.16 

CSR=0.12 

Experiment 
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Sensitivity: General 

The selected motions were those recorded in one of the strong motion stations in Christchurch (RHSC station 

in Figure 2). As the earthquake motions were recorded at the surface of the soil deposit, it was necessary to 

de-convolute them to obtain the equivalent motions at a depth of 30 m. For this purpose, a frequency domain 

analysis with equivalent linear assumption and visco-elasticity was performed, while the degradation of shear 

modulus and damping were also considered. Additionally, each component was zero-padded to increase the 

length of the earthquake record (see Figure 6), in order to allow the excess pore water pressure to drain after 

the earthquakes. 

3 RESULTS 

3.1 Settlement 

Figure 7 shows the evolution of the vertical displacement 10 cm below the foundation, in which the time 

scale has been split into two to show the co-seismic settlement in more detailed scale, and the settlements 

after the earthquake have been presented in a larger scale to show the overall behaviour.  

During the initialisation phase (Figure 7a), the soil started with an initial stress state very similar to the stress 

conditions due to self-weight. The construction of the structure started at 4000 s, and the three models 

experienced similar settlements due to the weight of the structure, which is between 6.1 − 6.6 cm. However, 

the models with laponite (1Lap and 1Lap6m) experienced the highest settlement at Dv = 6.6 cm.  

 

Figure 7: Vertical displacement under the foundation  

Regarding co-seismic settlements, the soil deposits experienced more deformation during the 2010 

Earthquake than the 2011 Earthquake. That is, the vertical displacement during the effective duration of the 

first earthquake was between 7 − 11 cm, while during the second earthquake, the deformation was almost 

negligible because the sand particles had already densified considerably following the previous quake, and 

had little room for more deformation, so the co-seismic settlement varied between 0.1 − 0.4 cm. Most of the 

deformation occurred after the motions have finished due to the dissipation of the excess pore water pressure, 

which led to a total settlement of the soil deposit between 23 − 29 cm at the end of the simulation.  

3.2 Excess pore water pressure ratio 

Figure 8Figures 8a and 8b show the vertical profiles of the excess pore water pressure ratio under the 

foundation for the 2010 and 2011 Earthquakes, respectively. Moreover, Figures 8c and 8d show the vertical 

profiles of the excess pore water pressure ratio in the free field (24 m away from the centre of the structure) 

for the two earthquakes. In these figures, the lines represent the envelope of all the excess of pore water 

pressure ratios for each model. In both earthquakes and locations (i.e. under the foundation and in free field), 

the case with pure sand developed the highest level of excess pore water pressure ratio, reaching a maximum 

value close to ru = 1 in free field during the 2010 Earthquake. On the other hand, the case with 1% laponite 

developed a maximum ru = 0.73 in the same conditions. 
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Sensitivity: General 

Under the foundation Free field  

a) 2010 b) 2011 c) 2010 d) 2011  

    

 

Figure 8: Pore water pressure ratio profiles under the foundation and free field  

The shape of the ru distribution is similar among the models. In the free field, the peak value occurs near the 

surface, while under the foundation, it occurs at a depth of about 𝑧 = 3 − 8 m. Below this depth, the excess 

pore water pressure is minor, being less than 0.15 at a depth of 𝑧 = −30 m, except for the case with 1% 

laponite where the increase in pore water pressure is distributed in a wider zone, affecting deeper layers. 

Additionally, from Figure 8Figures 8a and 8c, it is possible to observe that at the end of the motions, the 

excess pore water pressure had dissipated considerably in all the models before the 2011 earthquake started. 

The development of the excess pore water pressure during 2011 Earthquake was less compared with that 

during the 2010 Earthquake, but a similar trend was obtained. Thus, the case with pure sand exhibited higher 

excess pore water pressure, while the case with 1% Laponite in the whole soil deposit performed better. 

Table 3: Summary of the results of the simulation 

  Model 1: Sand Model 2: 1Lap Model 3: 1Lap6m 

𝐷𝑣 (2010EQ) (cm) 22 20 21 

𝐷𝑣 (2011EQ) (cm) 0.97 0.58 0.64 

Total Settlement 𝐷𝑣𝑡 (cm) 29 27 28 

Max 𝑟𝑢 (FF, 2010EQ) (-) 1 0.6 0.7 

Max 𝑟𝑢 (FF, 2011EQ) (-) 0.62 0.24 0.20 

PGA (FF, 2010EQ) (g) 0.23 0.16 0.22 

PGA (FF, 2011EQ) (g) 0.37 0.32 0.28 

PGD (FF, 2010EQ) (cm) 46 43 45 

PGD (FF,2011EQ) (cm) 30 26 29 

Sand
1Lap
1Lap6m
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Sensitivity: General 

Table Table 3 shows a summary with the maximum values obtained for the different models analysed: (i) 

pure sand; (ii) sand with 1% laponite; and (iii) sand with 1% laponite only in the top 6 m. In the table, the 

notation FF stands for free field; and 2010EQ and 2011EQ denote the 2010 and 2011 Earthquakes, 

respectively. Moreover, for each variable, the cells corresponding to the best performing model are 

highlighted in grey. In general, the control case (pure sand) performed worse than those models with 1% 

laponite. The model with 1% laponite throughout the depth had better results in more categories, but it has 

the excess of pore water pressure distributed over a broader zone, reaching deeper than the rest of the 

models. 

4 CONCLUDING REMARKS 

This study presented a numerical simulation inspired by the 2010- 2011 Canterbury earthquake sequence that 

caused great damage due to liquefaction, especially in residential houses. For this reason, a model of a 

structure with a shallow foundation on liquefiable ground was analysed. The soil deposit was represented 

using a multi-mechanism constitutive model that was calibrated using experimental data.   

The results of the simulation show the potential of laponite as a possible mitigation option on large-scale 

applications. Laponite could be injected into the groundwater and, based on the results presented, it would be 

more beneficial to cover as deep as possible, because laponite could reduce the peak excess pore water 

pressure which could also lead into a smaller shear deformation.  

It is important to note that the results obtained in the numerical simulation are a direct consequence of the 

quality of the calibration parameters selected to represent each of the materials. The set of parameters used in 

this study were considered acceptable because they allowed reproducing the macro-response of the materials 

under both cyclic and monotonic stress paths. However, the viscous behaviour of the laponite suspension or 

its capacity to harden with time or to recover after the removal of shear loading was not modelled. To date, 

there is no constitutive model able to capture its behaviour and its interaction with the pore matrix. 
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Numerical simulation of inclined piles under 

liquefaction-induced lateral spreading 

Y. Wang & R.P. Orense 
Department of Civil and Environmental Engineering, University of Auckland, Auckland 

ABSTRACT 

Inclined piles have been widely applied to resist excessive lateral loading in engineering practice. 

Although some unsatisfactory observations were found in past earthquake events, supportive 

evidence was also observed in recent years. This paper aims to clarify the performance of inclined 

piles against liquefaction-induced lateral spreading via the finite element approach. A sloping 

ground under seismic base excitation is adopted to induce the lateral spreading. A parametric 

analysis is carried out to study the performance of a 2×1 pile group consisting of vertical and 

inclined piles. By changing the raked angles of the piles, both symmetric and asymmetric inclined 

pile groups are considered while vertical pile groups are investigated as reference. The numerical 

results indicate that inclined piles with appropriate inclinations have better performance than 

vertical piles when considering the response of the soil-pile-cap system. 

1 INTRODUCTION 

In previous large-scale earthquakes, lateral spreading was identified as one of the main causes of damage to 

pile foundations under bridges and offshore constructions (e.g. Seed et al. 1991; Finn & Fujita 2002). The 

use of inclined piles was considered as a countermeasure to resist significant horizontal loadings. However, 

unacceptable performance observed in previous earthquakes (e.g. Seed et al. 1991; Haskell et al. 2013) 

resulted in the discouragement of the use of inclined piles. Drawbacks of inclined piles, such as residual 

bending moment, reduction in flexural capacity, large kinematic force and undesirable cap rotation, have 

been frequently mentioned in engineering practice (Gerolymos et al. 2008). 

The benefits of inclined piles were recognised in some recent laboratory studies. Seismic experiments of 

inclined piles in sand performed by Escoffier et al. (2008), Li et al. (2016a; 2016b), and McManus et al. 

(2005) provided supportive evidence for inclined piles regarding the enhanced lateral stiffness of the pile 

foundation and the strengthening of the soil profile. In terms of the numerical investigations of pile 

foundations against lateral spreading, the Beam-on-Nonlinear Winkler-Foundation approach has been widely 
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adopted, such as by Khosravifar et al. (2014), Shafieezadeh et al. (2012), and Wang & Orense (2014). The 

three dimensional (3D) finite element method has also been applied extensively, such as by Cheng & Jeremić 

(2009), Cubrinovski et al. (2008), and McGann et al. (2011). When it comes to inclined piles, most of the 

numerical studies investigating their dynamic responses were conducted without the consideration of lateral 

spreading. For instance, Gerolymos et al. (2008), Giannakou et al. (2010), and Sadek & Isam (2006) 

performed seismic analysis on pile groups with inclined piles in elastic soil deposits numerically. Rajeswari 

& Sarkar (2019) and Wang & Orense (2019) studied the performance of inclined piles in liquefiable soils 

through a parametric analysis without being subjected to lateral spreading. Nevertheless, the performance of 

inclined piles against lateral spreading is still not well established. 

To clarify the seismic performance of inclined piles against liquefaction-induced lateral spreading, a 

parametric study has been carried out through the OpenSees platform (Mazzoni et al. 2007). A sloping 

ground is adopted to induce lateral spreading while the level ground is studied as reference. Factors 

considered in this research include the pile inclination, ground slope, and occurrence of soil liquefaction. 

2 PARAMETRIC ANALYSIS DESCRIPTION 

The problem under consideration is a 2 × 1 pile group (Fig. 1a), similar to that employed by Li et al. (2016a; 

2016b). The piles have a diameter of D = 0.72 m and a section stiffness of EI = 505 MN·m2. The pile spacing 

is fixed as 4D = 2.88 m. The pile heads are connected by the cap, which is 1.0 m above the soil surface, with 

a lumped mass of 100 ton. The fully-saturated soil deposit contains two soil layers: 12.0 m thick dense sand 

sublayer (relative density Dr = 80%) and medium-dense sand upper-layer (Dr = 55%). The 1995 Kobe 

earthquake motion (Fig. 1c) is scaled to different amplitudes (amax,base = 0.1g or 0.3g) and used as base 

excitation towards the x-axis. By applying different inclinations of the left and right piles (i.e. αL and αR 

ranging from 0°, 5°, 10°, 15°, 20°, and 25°), three pile group configurations are investigated, including “IV” 

(inclined left pile + vertical right pile), “VI” (vertical left pile + inclined right pile), and “II” (two 

symmetrically inclined piles). For example, Figure 1a shows a pile group configuration VI with αL = αR = 

15°, and the corresponding 3D numerical model in OpenSees is demonstrated in Figure 1b. Additionally, the 

configuration with two vertical piles (“VV”, i.e. αL = αR = 0°) is also analysed for comparison purposes. In 

addition to the level ground case, sloping ground (i.e. surface slope β = 2° or 4°) is considered to induce 

lateral spreading towards the x-axis. Due to symmetry along the y-axis, only half of the model is simulated, 

and laminar boundaries are adopted. Besides, a free drainage boundary is applied at the ground surface. The 

modelling details regarding the boundary conditions, soil constitutive model (Pressure-Dependent Multi-

Yield surface material for Nevada sand), pile modelling, soil-pile interface, and validation process can be 

found in the work of Wang & Orense (2019). 

 

Figure 1: Problem definition (all dimensions in metre): (a) geometry for pile configuration II with αL = αR = 

15°; (b) numerical model layout; and (c) normalised Kobe earthquake acceleration time history 
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3 RESULT ANALYSIS 

A parametric analysis is conducted to investigate the responses of soil, cap, and piles. To reflect the 

performance of inclined piles and evaluate quantitatively the influence of pile inclinations on the system 

response, a performance index P (in percentage) is adopted, based on Li et al. (2016a; 2016b): 

𝑃 =
𝑄𝐼−𝑄𝑉

𝑄𝑉
× 100% (1) 

where QV and QI are the calculated quantities for pile groups with vertical (i.e. αL = αR = 0°) and inclined 

piles (i.e. αL ≠ 0° or αR ≠ 0°), respectively. Therefore, a positive or negative index indicates the increase or 

decrease, respectively, of the investigated system response due to pile inclination. 

3.1 Soil response 

The soil responses considered in the interpretation include the excess pore water pressure ratio (ru) and the 

lateral deflection (Usoil) at different depths. Note that the pore pressure is derived from the free field and the 

soil center under the cap node (i.e. point A to B in Fig. 1b). 

The distributions of the maximum ru in the free field and in cases with vertical piles are presented in Figures 

2a and 2b, respectively. The ground slope and amplitude of the input motion are shown in the legends (e.g. 

“4S-0.3g” means β = 4° and amax,base = 0.3g). The depth indicated in the figures is measured from the ground 

surface. It can be seen from Figure 2a that soils above 6 m depth liquefy in cases with amax,base = 0.3g, 

although a slight reduction can be seen for steeper slopes. With amax,base = 0.1g, however, the soil deposit does 

not liquefy. Therefore, cases with amax,base = 0.1g are classified as “non-liquefied” cases, while the rests are 

“liquefied” cases. As presented in Figure 2b, the presence of vertical piles in liquefied cases reduce the 

maximum ru significantly, which can be attributed to the strengthening effects of pile groups on the soil. 

The distributions of the maximum ru from cases with pile configuration II in the level ground scenario are 

demonstrated in Figures 2c-2d. The increasing inclination of the pile reduces the maximum ru in the upper 

part of the medium-dense soil layer, which may be due to the increased lateral stiffness of the inclined piles. 

Note that this reinforcement effect of inclined piles on liquefiable soil deposits was also observed in the 

shaking table experiments performed by McManus et al. (2005). However, the pile inclination promotes the 

development of maximum ru at deeper depths in the liquefied cases (Fig. 2d). The stiffening effect of the 

piles is weakened as inclined piles are further away from the observation points (i.e. A-B at the soil centre). 

The maximum soil deflections in cases of the free ground and pile configuration VV are shown in Figure 3. 

Varying magnitudes of lateral deflection have been induced due to soil liquefaction. In Figure 3a, sharply 

increasing deflections can be observed at 8 m depth which is the interface of the two soil layers. With the 

presence of piles, the deflections near the interface, shown in Figure 3b, change gently with the depth. To 

investigate the influence of pile inclination, the performance index for soil deflection, PUsoil, is evaluated 

based on Equation 1 and illustrated in Figure 4. The pile inclination α represents αL, αR, and αL = αR for pile 

configurations IV, VI and II, respectively. Most indices are negative and decrease with the pile inclination, 

i.e. that the presence of the inclined piles reduces the soil deflection, with larger pile inclinations enhancing 

such beneficial effect. The indices in Figures 4b-4c are generally lower than those in Figure 4a, which 

indicates that inclined piles in sloping grounds have more pronounced beneficial effects than in the level 

ground. The beneficial effects of the configuration VI (PUsoil is down to -50%) are more pronounced than 

those of the configuration IV (PUsoil is down to -37%) but less pronounced than those of the configuration II 

(PUsoil is down to -60%). The soil deflection is mitigated by the inclined piles due to the larger lateral 

stiffness. Moreover, pile groups with one pile inclining in the upslope direction are more beneficial to the 

ground in terms of the soil response. Besides, indices for the liquefied cases are generally lower than in non-

liquefied cases, showing that inclined piles have more pronounced beneficial effects when the soil liquefies. 
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Figure 2: Distributions of the maximum ru in soil 

 

Figure 3: Distributions of the lateral deflection of soil 

 

Figure 4: Performance index for the maximum soil deflection  

3.2 Cap response 

The lateral displacement (Ucap) and rotation (θ, the rotation of the cap node is along the y-axis) of the cap are 

investigated here. The corresponding performance indices (i.e. PUcap, and Pθ) are presented in Figures 5-6.  

The negative PUcap shows beneficial effects on the cap which is also observed in other numerical studies (e.g. 

Giannakou et al. 2010; Li et al. 2016a, 2016b; Sadek & Isam, 2004). Inclined piles are more beneficial in the 

sloping ground than in the level ground, as the indices shown in Figures 5b-5c are lower than those in Figure 

5a. Besides, the configurations II and VI show more beneficial effects than the configuration IV.  
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Figure 5. Performance index for the maximum lateral deflection of cap 

 

Figure 6. Performance index for the maximum rotation of cap 

As shown in Figure 6, the cap rotation in the level ground (Fig. 6a) decreases for small pile inclinations (α < 

10°). For example, indices for cases with α = 5° are down to -83%, while those for cases with α = 25° are up 

to 256%. It is noted that the use of inclined piles often induces considerable cap rotation, as indicated by 

Giannakou et al. (2010) and Li et al. (2016a). For the liquefied sloping ground cases, indices are negative, 

indicating a beneficial effect. The configurations IV and VI induce lower Pθ than the configuration II, with 

the exception of cases with α < 10° in liquefied sloping ground. This result indicates that a combination of 

vertical and inclined piles is generally better than the symmetrically-inclined pile groups in terms of the cap 

rotation. 

3.3 Pile response 

The pile response investigated in this study includes the maximum bending moment M and shear force FS in 

the piles. The corresponding performance indices (i.e. PM and PFS) are also investigated. 

3.3.1 Maximum bending moment 

Figure 7 presents the maximum bending moment profiles experienced by the inclined right pile of 

configuration VI. The maximum bending moment increases significantly with the slope inclination. The peak 

values generally occur at the pile heads, except for cases with a large ground slope (i.e. Figs 7e-7f) in which 

the locations of the peak values are closer to the interface of the two soil layers (i.e. 8 m depth). The increase 

in pile inclination generally reduces the bending moment at the pile heads and around the layer interface. The 

decreased bending moment at the pile head is in accordance with those reported in the literature (e.g. 

Gerolymos et al. 2008; Giannakou et al. 2010; Li et al. 2016a, 2016b; Sadek & Isam, 2004). Giannakou et al. 

(2010) explained that the prevalence of inertial loading results in such smaller bending moment. 
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Figure 8 shows the corresponding performance indices for the maximum bending moment PM. In the non-

liquefied level ground cases, only configuration II induces lower maximum bending moment. In other cases, 

however, both configurations VI and II are beneficial. The increase in pile inclination generally induces more 

pronounced effects in non-liquefied cases but have minor impacts in liquefied cases. Based on the 

investigation of Giannakou et al. (2010), the liquefied soil will result in a large pile-soil stiffness ratio, and 

thus the additional stiffness provided by the inclined piles has only minor influence on the system response. 

3.3.2 Maximum shear force 

Figure 9 demonstrates the maximum shear force profiles for the left pile of configuration II. It is observed 

that the shear force profiles are amplified significantly with the increase in ground slope. Locations of the 

peak maximum shear force are generally in the lower part of the medium-dense soil layer. The pile 

inclination tends to enlarge the maximum shear force at the pile head and lower locations (e.g. at 4 - 8 m 

depth) in the liquefied cases (i.e. Figs 9d-9f) but tends to decrease those in the non-liquefied cases (i.e. Figs 

9a-9c). It is worth noting that due to the adoption of a frictional interface between the pile tips and adjacent 

soil, the pile tips show non-zero shear forces although they have free ends. 

The corresponding performance indices for the maximum shear force PS are demonstrated in Figure 10. In 

non-liquefied cases, the pile configurations VI and II are beneficial in reducing the maximum shear force. In 

the liquefied level ground, the presence of the inclined piles increases the maximum shear force by 34% at 

most. With the increase in the slope inclination, however, this detrimental effect becomes less pronounced 

and even turns to be beneficial overall, with the exception of the configuration IV. Therefore, in terms of the 

maximum shear force, the pile inclination in configurations VI and II has a beneficial effect in the sloping 

ground and non-liquefied level ground cases. 

 

Figure 7. Distribution of the maximum bending moment developed in the right pile for configuration VI 

 

Figure 8. Performance index for the maximum bending moment 
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Figure 9. Distribution of the maximum shear force developed in the left pile for configuration II 

 

Figure 10. Performance index for the maximum shear force 

4 CONCLUSIONS 

This paper investigated the seismic performance of inclined piles when subjected to liquefaction-induced 

lateral spreading through a parametric FEM analysis. The primary outcomes are as follows: 

• In the sloping ground scenario, better performance can be found with the use of pile group configurations 

“II” (two symmetric inclined piles) and “VI” (the combination of vertical and inclined piles with the 

inclined pile downslope). 

• In the non-liquefied ground case, the use of inclined piles with appropriate configurations (i.e. VI and II) 

can be beneficial for most of the soil-pile system responses, except for the cap rotation. However, 

inclined piles with small inclinations (i.e. < 10°) can also be beneficial for the cap rotation. 

• With the presence of large lateral spreading (liquefied sloping ground), inclined piles are found to be 

beneficial in reducing the response of soil-pile system regarding the lateral deflection of soil and cap, cap 

rotation, shear force and bending moment of the pile. 

Within the scope and conditions investigated in this paper, inclined piles, when used at appropriate 

configurations, could produce better performance for the soil-pile system when subjected to liquefaction-

induced lateral spreading. 
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The use of hydrofraise cutter technology to 

construct diaphragm walls in Auckland 

N.J Wharmby 
March Construction, Auckland, New Zealand. 

ABSTRACT 

Deep basements and structures such as shafts for infrastructure often require embedded retaining walls to 

allow safe excavation and the control of groundwater. In urban environments the effects of retaining 

structure deformation and settlement associated with dewatering or groundwater drawdown can be 

significant factors. In recent years diaphragm walling has proven to be a good solution where soft ground and 

high groundwater pressures are present. The challenges of weak rocks, space optimization and construction 

constraints has resulted in the successful deployment of hydrofraise cutter use on a couple of recent projects 

for the first time in New Zealand. 

The paper will cover the following aspects related to hydrofraise cutter technology: 

• Outline methodology 

• Guidance systems 

• Comparison of retaining wall methodologies 

• Support equipment 

• Project examples  

• Challenges 

1 OUTLINE DIAPHRAGM WALLING METHODOLOGY 

Diaphragm walling was first developed in the 1950 when the drilling fluid technology from the oil industry 

was applied in civil engineering to stabilise excavations. The enable the construction of deep rectangular 

bentonite fill trenches to be formed in unstable soils below the water table. The outline methodology (figure 

1) comprises excavation using support fluid, placement of prefabricated reinforcement cage and concreting 

using the tremie method has not changed. The typical diaphragm wall thickness of 0.6m to 1.2m is excavated 

in discreet 2.8m or 6.0m to 7.0m length panels with joints between panels. A guidewall is used to aid digging 

tool positioning, provide safe access, ensure near surface stability given plant loading and support the 

reinforcement cage. Some significant developments in these fundamental processes have taken place. 
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1.1 Grab excavation of the trench 

The use of a rope operated 2.8m length grab suspended from a heavy-duty crane is widely used to dig into 

the soil and remove the spoil. These grabs are limited to digging soils and very weak rock unless used in 

conjunction with chiselling when they become slow and can generate unacceptable vibration. Achievable 

excavation verticality tolerance of 1 in 100 with a grab are aligned to piling tolerances. 

1.2 Hydraulic grab excavation 

The application of hydraulic grab closing mechanisms facilitated the use of heavier and more compact grabs 

with less impact on the crane. Improved digging rates in some materials is possible and more consistent 

productivity is achievable with less operational sensitivity. The real benefit of the hydraulic guide systems 

and associated monitoring instrumentation developed was the ability to improve the verticality digging 

tolerances. This is reflected in the Specification for piling and embedded retaining walls (Institution of Civil 

Engineers 2017) which recommends a standard verticality deviation of 1 in 150 for hydraulic grab 

excavation. 

1.3 Hydrofraise excavation 

In the 1970s hydrofraise technology started to be developed which was a step change as it adopted the 

reverse circulation approach that uses the support fluid not only to maintain excavation stability but also to 

transport of the excavated spoil. To achieve this the soil or rock must be broken up so that it can be 

maintained in suspension within the support fluid as it is pumped to the surface. As the digging tool was not 

being used to remove the spoil the excavation rate was not affected by the depth and it was possible to 

excavate deeper and faster.  

The use of rotary “milling” action is well aligned with the need to break up the soil and, with careful 

selection of drums and teeth, the excavation of strong rock. The hydrofraise methodology requires a plant 

Figure 1: Diaphragm wall construction sequence & LRB rig-mounted hydrofraise  
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capable of treating 450m3 per hour and removing the spoil from the support fluid so that it can be re-used. 

The use of a long guide frame and the ability to make continuous alignment correction (Wharmby et al 2001) 

using the rotary drums inclination and speed improves tolerances to 1 in 250 and better. 

The hydrofraise has further developed with improved instrumentation and alignment controls that has 

enabled construction in low headroom and small site whilst maintaining accuracy. 

1.4 Real-time monitoring and guidance systems 

The value of sophisticated guidance control is only realised if the real-time monitoring systems are as equally 

refined and visually presented to allow the Operator to understand the correction required and observe the 

impact of the actions taken. The Enpafraise system has been developed over several years to incorporate 

technological improvements and allow the operation of data acquisition modules to operate at ever increasing 

depths. The current hydrofraise machines operate with Enpafraise Version 5 which has a central control unit 

and two data acquisition units; the bottom unit is mounted on the fraise chassis. The multitude of data is 

presented on a screen in real-time to support the operator as shown in figure 2. 

 

For the suspended hydrofraise cutter there are is also the use of instrumented “Cablets” that are aligned to a 

frame on the guidewall and linked to the Enpafraise to improve verticality monitoring.  

1.5 Support fluid and panel stability 

The use of bentonite and, more recently, polymers is a critical component in the diaphragm walling process 

from a trench stability and final concrete quality perspective. Given the limited supply of naturally occurring 

sodium bentonite and the use of sodium activated bentonite, bentonite with polymer and polymer there has 

been significant research into the materials and how they should be controlled and monitored during each 

phase of diaphragm wall construction. The subject is well covered by Specification for Piling and Embedded 

Retaining Walls (Institution of Civil Engineers 2017) and industry best practice guides such as the “Guide to 

Support Fluids for Deep Foundations” (EFFC / DFI 2019).  

The guide also provides recommendations for the assessment of panel excavation stability. The key 

parameter when considering panel stability is the groundwater level and the positive support fluid pressure 

that can always be maintained whilst the excavation is open. In normally consolidated soils a 1.5m 

Figure 2: Real-time monitoring with multiple views – primary excavation screen for Kelly-mounted XS2 

Operators cab 

“Cablets” Frame 
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stabilising positive head will typically ensure stability. But with surcharge loads and young sensitive soils, 

peat, etc. instability or squeezing can occur; pre-treatment using cement-bentonite can be used as noted in 

Blackpool paper (Wharmby 2001).  

Pure polymer support fluid is used less in diaphragm walls albeit their use is increasing. Particular attention 

to the selection of a polymers support fluid is required as they behave very differently to bentonite. 

Consideration of the ground conditions and excavation method is required; with grab excavation stability is 

the primary requirement but for a hydrofraise the ability to transport spoil and maintain properties with high 

capacity pumping must also be considered. 

1.6 Tremie concrete placement method 

The concrete process requires the fluid concrete to displace the support fluid hence placement using a 

multiple hopper and tremie pipe sets are used to deliver concrete to the base of the panel without segregation 

or contamination. The initiation of the pour results in an interface zone but the tremie pipe remains 

embedded in the concrete throughout and the pour completed in a continuous operation. The concrete pour is 

extended above the design top of concrete level to ensure no interface and contamination is present. 

The success of the tremie concrete pour is a function of many factors including reinforcement design & 

detailing, condition of bentonite, cleanliness of the panel base, trench stability, concrete placement, concrete 

mix design and delivery rate.  

Given the changes concrete mix designs and observed defects internationally there has been many working 

groups around the world that have independently and collectively sought to provide good guidance to the 

foundations industry. This included research on materials, testing, methodologies and international case 

studies. The European Federation of Foundation Contractors and Deep Foundations Institute combined 

representing large geographic area and published “Guide to Tremie Concrete for Deep Foundations” (EFFC / 

DFI 2nd Edition 2018) which should be referenced as international best practice in this subject area. 

1.7 Joints between discrete diaphragm wall panels 

Early diaphragm wall panels were constructed with circular 

formers / stopends that needed to be progressively jacked out as 

the concrete achieved early strength; late nights and 

occasionally lost stopends. The development of the CWS 

stopend system in the 1980s provided protection to the adjacent 

completed panel during excavation, guided the excavation tool 

and facilitated the installation of a waterbar across the cold 

joint between two panels (figure 3).  

The CWS system requires the installation of robust stopend 

element to 1.5m of the base of the diaphragm wall panel 

excavation; for most basement wall structures this is not a 

limitation. This is not practical for very deep shafts (Wharmby 

2001) or in restricted headroom. However, given the 

hydrofraise is likely to be preferred excavation method in such 

situations the use of a re-bitten or milled joint can be adopted 

as an alternative (figure 4). 

Figure 3: CWS panel joint 

Figure 4: Milled panel joint 
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2 LOW HEADROOM HC05 HYDROFRAISE PROJECT 

This project required a structure to facilitate an 11m excavation that would also serve to underpin the 

existing historic building and support the new structure. This was to be constructed from inside the existing 

basement structure with a headroom limited to 6.68m. The ground conditions generally comprise 

Reclamation Fill (5m) over Marine Deposits (1 – 6m) and Tauranga Alluvium (1 – 2m) underlain by East 

Cost Bays Formation (ECBF). Given the proximity to the waterfront the groundwater is 2m below street 

level and influenced by tidal conditions.  

Following a design and methodology optioneering exercise the use of the HC05 hydrofraise was selected 

over other piling and jet grouting options given the buildability and reliability when compared to multiple 

overlapping secant piles; jet grouting was applied surgically under existing structural elements where 

necessary. The 64No. 630mm thick diaphragm wall panels had an average depth of 17m. The HC05 machine 

could work efficiently in 6.5m to install panels up to 40m deep but given the spacing of the fragile columns 

that supported the structure, the machines hydraulic powerpack was placed on an independent carrier to 

improve manoeuvrability.  

Once the rig has been set up on a panel the spoil is pumped in suspension to the conditioning plant outside 

the building (figure 5 & 6) with minimal movement of plant inside the structure. The initial set up of the 

treatment plant did require some fine tuning of the hydro-cyclones to treat 450cu.m/hr and deliver spoil with 

moisture content to truck off site.  

Working in low headroom means that installation and removal of the CWS stopend is problematic; the 

ability construct a re-bitten joint using the hydrofraise was an advantage.  

 

With all forms of embedded wall construction, the placement of reinforcement cages when working inside a 

building requires detailed assessment and planning from the design stage, detailing, fabrication, 

transportation, handling and placement. During the ECI design and detailing it was identified that the cage 

lengths of 4m and HD50mm reinforcing steel would necessitate the use of couplers to connect cage; this 

provided time for the materials procurement and testing required. The cages were fabricated in a single piece 

with couplers connecting the longitudinal and then de-coupled to allow transport, handling and subsequent 

reconnection during insertion into the diaphragm wall panel. The process was trialled off-site to confirm the 

process given the precision required, difficulty of getting cage sections into the building and risk associated 

with rectification over an open trench inside a building. 

Figure 5: HC05 with spoil bins, drilling fluid conditioning plant and storage tanks  

HC05 

Spoil Pits 

Primary & Secondary 

Treatment plant 

Storage Tanks 

Mixer 
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The building loads were transferred over from the existing precast pile foundations to the diaphragm walls 

via steel underpinning beams and jacks to ensure controlled transfer of load. This permitted the excavation 

and structure construction. The exposed diaphragm walls required some breaking back of overbreak 

particularly just below the guidewall which is not surprising given the nature of the ground and impact of 

obstructions encountered.  

3 LRB155 WITH KELLY-MOUNTED XS2 HYDROFRAISE PROJECT 

This commercial development included a 5-level basement 

car park which required an 18m deep bulk excavation. The 

site is approximately 30m x 50m bounded by a multi-lane 

arterial road, narrow lane, and two buildings that become 

incorporated into the development; one of these has historic 

value. The generalised ground conditions comprise 

Reclamation Fill (4 - 6m) over Tauranga Alluvium (0 – 2m) 

underlain by ECBF. The groundwater is 2 - 3m below street 

level dependent upon tidal conditions. The site had 

previously occupied by structures with single storey 

basements extending to water level and constructed of 

unreinforced masonry or reinforced concrete. These 

structures were along all the site boundaries and clashed 

with the new construction to maximise the development 

space available. 

The design of the basement walls was based upon 

permanent 600mm thick diaphragm walls extending to 21m 

depth with 5 rows of ground anchors to provide an open 

excavation for the bottom up construction of the internal 

structure of the basement. The size of the site was suitable 

for diaphragm walling but evaluation of the ECBF and 

associated digging rates using a grab made it an 

uneconomical option with unacceptable programme risk. 

International experience of hydrofraise digging rates in 

similar materials was carried out which showed that the digging rate would be at least 5 time faster than a 

grab and which meant that meant it provided an economical solution. The use LRB155 with kelly-mounted 

XS2 hydrofraise (figure 1 & 7) was proposed.  

Figure 6: HC05 excavating panel and crane lowering cage into panel inside building. 

Figure 7: LRB155 + XS2 Hydrofraise and 

lowering cage into panel. 
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The site was small and required detailed planning to locate treatment plant and maintain access / egress for 

materials such as reinforcement, concrete, etc. into the site and spoil, etc. to be transported from the site. To 

operate efficiently, the diaphragm wall digging process is ongoing whilst reinforcement cage insertion and 

concrete placement are carried out on a panel where the excavation has been completed. 

The use if a 600mm diaphragm wall provides an efficient rectangular structural form. When this is combined 

with a 1:200 verticality tolerance and the inter-panel joint waterproofing provided the overall diaphragm wall 

thickness for space-proofing is 0.95m. The comparable secant pile wall structural solution has a thickness of 

1.55m. The diaphragm wall design was refined through an ECI process resulting in the wall reinforcement 

level at 275kg/cu.m and anchor spacing aligned with diaphragm wall panels. However, the subsequent 

adoption of a construct only contract and enforced changes had a significant impact on the project and 

diaphragm wall construction; the primary items included: 

1. The Developer was unable to gain the necessary agreement to use ground anchors. The retention scheme 

was re-designed by the Client to include 3-levels of props which increased the reinforcement in the 

diaphragm wall from to up to 400kg/cu.m. 

2. Foundations from existing structures extended into the site and to depths of up to 5m; this affected 

obstruction removal. The unreinforced masonry also provided highly permeable zone for groundwater 

and bentonite flow requiring cement-bentonite pre-treatment.  

3. The Client was unable to secure a lane closure for an unloading bay and access via the lane at the back 

of the site resulting in a single access / egress for all deliveries, cage storage on site and no waiting / 

stacking area for concrete trucks. 

4. The Client was required to underpin the foundations and stabilise the historic building which prevented 

flow of plant around the central bentonite treatment plant and restricted movement of spoil removal and 

concrete trucks.  

In the upper 3 to 4m of the exposed diaphragm wall there was an unacceptably high level of defects. The 

upper portion is concreted under the lowest concrete head and at the end of the concrete pour. From 

inspection of the wall and analysis of the construction records it was clear that concrete flow was affected by 

the duration of the tremie concreting process and the level of reinforcement congestion resulting in classic 

“venting” / “chimney flow” and “mattressing” as described in the “Guide to Tremie Concrete for Deep 

Foundations” (EFFC / DFI 2018). Large overbreak (figure 8) with corresponding inclusions either adjacent 

to or on the opposite faces of the diaphragm wall were evident in areas associated with obstruction removal 

and backfilling by others prior to backfilling. 

 

Figure 8: Poor backfill & removal of obstructions during diaphragm walling 

resulting in large overbreak and preferential concrete flow outside cage. 
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The diaphragm wall below this was generally of good quality and built within tolerances as can be seen in 

figure 9 demonstrating that the diaphragm wall processes adopted were effective. However, these have been 

undermined by the combination of reinforcement congestion and concrete pour duration. 

 

4 CONCLUSIONS 

The diaphragm walling process has been used for over 50 years and the technology has developed 

significantly over this time. In the last couple of years state of the art digging technologies have been 

deployed to NZ that have enabled the delivery of two challenging projects that would have otherwise not 

been possible. The HC05 worked effectively in restricted headroom and the LRB155+XS2 on a small 

restricted site; both demonstrated the suitability of the hydrofraise digging technology in Auckland soils and 

ECBF rock.  

Other aspects of the diaphragm walling process such as support fluids and tremie concrete have seen 

significant research and development in response to the changes in the nature and availability of materials. 

Specifications and guidance documents have been published by internationally renowned organisations such 

as the ICE, EFFC and DFI to disseminate this information. One project demonstrated that, even with good 

planning, unforeseen changes and several factors can combine resulting in a poor quality; such issues are 

likely to be avoided if all parties commit to international best practice guidance. 
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Figure 9: Exposed diaphragm wall 17m and corner panel (joint offset = 60mm) 
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3D ground modelling: Geotechnical 

Investigation for dolphin replacement and jetty 

strengthening at Cape Lambert A (CLA) 

B.D. Whiteman 
Aurecon, Perth, Western Australia. 

ABSTRACT 

This paper outlines the increasing importance of incorporating digital tools and initiatives into large 

scale infrastructure projects subject to complex ground conditions. The development and operation 

of large-scale iron ore mining operations in the Pilbara, Western Australia necessitated the upgrade 

of the wharf and jetty facility at Cape Lambert (CLA). The upgrades include replacement of 

dolphins at the wharf and strengthening of the existing jetty. Cape Lambert is located in the north-

western part of the Pilbara Craton within Archaean granite-greenstone terrane.  

Geotechnical investigation was undertaken by Aurecon and others to provide factual data to 

produce an engineering 3D ground model. Digital tools such as Leapfrog Works 3D geological 

modelling software were used to interpolate, analyse and communicate subsurface stratigraphy 

leading to the identification of key geotechnical risks. The effective communication of these risks 

and facilitation of multi-disciplinary collaboration early in the design process allowed for more 

confidence in pile design decision making and ultimately a large saving in costs incurred during 

construction for the client. 

1 INTRODUCTION 

Digital tools and initiatives are developing rapidly within geotechnical engineering including the 

implementation of 3D ground models. Growth in large scale infrastructure projects on more challenging 

ground conditions has increased the importance of developing detailed ground models to understand and 

communicate potential geo-hazards.  
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This paper presents a case study of geotechnical 

investigation and implementation of 3D ground 

modelling for the strengthening of jetty and 

wharf structures at Cape Lambert A port 

(CLA). The site is located at Port Walcott, 

approximately 40 kilometres north east of the 

regional centre of Karratha in the Pilbara region 

of Western Australia (Figure 1). The existing 

wharf and jetty structure were constructed 

between 1972 and 2002 and following recent 

structural integrity inspections, defects were 

identified. A risk assessment found that 

strengthening of the wharf and jetty structure 

were necessary to comply with safety and 

current Australian Standards requirements. New 

dolphin piles including driven steel raker piles 

both with and without grouted pin anchors are 

to be constructed at the wharf. Jetty 

strengthening entails the addition of two new 

bent raker piles per jetty segment bracing back to the main jetty. Geotechnical investigation was undertaken 

to gather information for the design of new dolphin piles and jetty stabilising bent piles.  

2 GEOLOGICAL SETTING 

Cape Lambert is in the north-western margin of the Pilbara Craton. Hickman et al. (2000) further subdivided 

this region as an Archaean granite-greenstone terrane, now referred to as the West Pilbara Granite-

Greenstone Terrane (WPGGT). The different tectono-stratigraphic domains, including the WPGGT, in the 

wider region of the site are presented in Figure 2. 

The Roebourne 1:100,000 onshore geological map of the region published by the Geological Survey of 

Western Australia (Figure 2) illustrates that bedrock at the CLA site consists of both volcanic and 

metasedimentary geological units. Key ground features apparent along the wharf and jetty include: 

• Shoreline rock platform in chert (east) and basalt (west) with shearing evident along the contact 

onshore. Basalt is inferred to be the Mount Roe Basalt (Afr); basalt with minor sandstone interbeds. 

• Marine sediments onlap a coastal limestone reef exposed on the seabed inshore. 

• An island / rock shoal composed of chert exists nearshore to the east of CLA along a north east 

trending fault line. Chert has been identified as Cleaverville Formation (Aci, Acf, Acw); banded-iron 

formation (BIF), chert and phyllite / shale beds. 

• Basement geology, including metasediments and igneous rock types are collectively assigned to 

Regal Formation (Ab); porphyry and weathered basaltic rock. 

Figure 1: Location of CLA wharf and jetty project 
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Figure 2: Tectono-stratigraphic domains of the West Pilbara Granite-Greenstone Terrane (Modified from 

Hickman, 2002 & Hickman, 2000) 

3 GEOTECHNICAL INVESTIGATION 

The need for a 3D geological model was driven by the project constraints and the need to communicate 

ground-borne risks to the client.  Some key constraints included: 

• Existing geotechnical information in the form of borehole data across the site was available but was 

limited due to depth of investigation at the wharf and scarcity of test locations along the jetty 

alignment.  

• The port facilities are heavily utilised so the operational windows to undertake extensive intrusive 

borehole investigations was limited.  Instead the investigation had to rely heavily on geophysical 

survey to develop ground interpretations between boreholes.  These semi-continuous sections formed 

the basis of the 3D model. 

• 2D models were not an effective tool for communications with the client to understand the spatial 

extent of an inferred fault structure mapped across the site. 

3.1 Geophysical survey 

Geophysical survey was selected as means of developing an inferred ground model in compliance with port 

operational constraints and to help plan future intrusive investigations. Two stages of geophysical survey 

were undertaken including a first stage along the wharf and second stage along the jetty.  

Results summary 

Geophysics provided an efficient and cost-effective means of collecting subsurface information. The primary 

benefit of utilising geophysical techniques was the ability to increase spatial sampling density so that 

background and inconsistent conditions could be identified early in the investigation. The first phase of 

geophysics identified two main anomalous features around CH2080 m and CH2200 m in the replacement 

dolphin area (Figure 3). At CH2080 m a low seismic velocity gradient zone is observed on the section and 

indicates less competent basement rock. In contrast at CH2200 m, a velocity inversion was identified above 

the basement rock, which indicates potential floaters or stronger material over weaker material. Boreholes, 

BH-A2 and BH-A3, were planned at these two locations to further investigate these anomalous velocity 

gradient changes as these locations also coincided with proposed new dolphin locations.  
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Geophysical surveys should not be intended to replace intrusive borehole investigations as the results can be 

representative of non-unique interpretation of ground conditions. However, with experience and in parallel 

with borehole data, they can aid in quickly and economically extending subsurface characterisation over 

large areas.  

 

Figure 3. Interpreted seismic section line at wharf structure. Note that blue rings identify two main 

anomalous features with impacts on the proposed design. 

3.2 Borehole investigation 

Borehole investigations were limited to three boreholes along the wharf structure (BH-A1, BH-A2 and BH-

A3). Due to disturbance of port operations, it was not feasible to drill at every dolphin or proposed jetty 

bracing structure. After the analysis of the first stage of geophysical results, borehole investigation locations 

were chosen at zones of uncertainty or inferred risk. Two boreholes were targeted at high compression wave 

velocity zones and one borehole was targeted at a zone of low compression wave velocity inferred to be less 

competent basement rock as identified previously.  

Results summary 

The results identified highly fractured extremely low to low strength basaltic rock in the identified zone of 

low compression wave velocity confirming a potential shear zone. The high compression wave velocity 

zones were identified by the drilling as more cemented anomalies in the profile. Along with identifying 

points of uncertainty in the geophysics results, borehole information was useful in calibrating the geophysics 

allowing identification of lateral changes in geology along the wharf and jetty alignment. 

4 3D GROUND MODELLING 

3D geological models are becoming increasingly more influential in engineering design. They are valued for 

their ability to communicate information about complex geological/geotechnical geometries and processes to 

a wide audience. By digesting technical information such as borehole logs, geophysics, laboratory data etc. 

into a 3D visualisation tool, it allows proportionate understanding of geological and engineering complexity 

to technical and non-technical parties involved.  

4.1 Creating a 3D ground model 

Many commercially available 3D geological modelling software packages now exist allowing the 

presentation of various sources of information in an efficient and more representative manner than traditional 

2D methods. Seequents Leapfrog Works software was used to develop the 3D ground model for the wharf 
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and jetty strengthening project. Leapfrog Works allows for fast and dynamic modelling of geological 

conditions on a 3D visualisation platform. It also allows the incorporation of engineering properties as well 

as the integration of 3D engineering designs from other software packages such as CAD. This was an 

integral step in this project allowing geological surfaces and zones of risks to be visualized in a centralised 

digital 3D environment.  

Table 1 below provides a summary of all data inputs required in the model building process. 

Table 1: Summary of data inputs for 3D ground model. 

Data Description Source Use 

Digital elevation contours Elevation contours  Client geospatial database Used to create 3D ground surface 

topography 

Borehole data (historical) 53 boreholes  Clough 1970, Dames & Moore 1982, 

Douglas Partners 1997, Halpern 

Glick Maunsell 2000, SKM/Coffey 

2006 

Used to create 3D stratigraphy of 

geological units 

Borehole data (recent) 3 boreholes (BH-A1, BH-A2, BH-

A3) 

Aurecon 2017 Used to create 3D stratigraphy of 

geological units 

Geophysics 7 survey lines Marine & Earth Sciences 2017 & 

2018 

Used to create 3D stratigraphy of 

geological units (cross referenced to 

borehole data) 

Hydrographic survey Seabed profiling to identify any 

piling obstacles 

PH5 Hydrographic Services 2017 Used to create 3D ground surface 

topography 

Laser survey (LiDAR) Point cloud data capture of existing 

structure 

Veris 2018 Used to geospatially truth structural 

model input 

Client Site Context Capture 

(photogrammetry) 

Photogrammetry model of onshore 

site area 

Client 2018 Used to visualize onshore geological 

trends and site geomorphology 

As-built Tekla structural model Structural wharf and jetty 3D model Aurecon 2017 & 2018 Used to show as-built structure in 

ground model 

 

Many different datasets were utilised in building and increasing the accuracy of the 3D ground model, all 

from different sources and in diverse file formats. These various file formats were simultaneously being 

developed during design requiring constant updating and data conversions. This prescribed the need for an 

efficient and user-friendly data conversion workflow which was developed using FME software. FME is a 

workflow conversion and automation software that can manipulate many different data formats within a 

convenient user interface. An example of how FME was used was the integration of the Tekla structural 

model with the Leapfrog geological model. A conversion pathway was required between the two models so 

that the structural design could be continually visualized in Leapfrog for purposes of geotechnical design and 

vice-versa in that the Leapfrog geological model mesh files could be visualized in Tekla all while both 

models were simultaneously updated. Both models were developed in alternate geographical coordinate 

systems. The Tekla model was developed in Robe River Grid (RRPG), which is a client site specific grid and 

the Leapfrog model was developed in Map Grid of Australia (MGA), which is a national grid. The Leapfrog 

model was produced in an alternate grid to the RRPG due to the format of the input files used to build the 

geological model. All site investigation data, including borehole location and geophysical survey data were 

all captured in MGA. Instead of converting the source input files of the geological model into RRPG and 
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rebuilding the model, the MGA model itself was converted to RRPG simultaneously with data format 

conversion through the conversion workflow model developed in FME.  

 

Figure 4: FME workflow for the conversion of "Basalt" DXF in MGA to RRPG. 

Firstly, the geological model meshes were exported from Leapfrog as AutoCAD Drawing Exchange Format 

(DXF) files. These were then allocated as the reader feature types in the workflow. The transformer was then 

manually developed through a set of conversion coefficients specific to the conversion from MGA to RRPG. 

The writer feature type is also set as a DXF file type. When the workflow is run, the geospatial references of 

the geological meshes are converted depending on the set data flow coefficients. The geological meshes 

could then be visualised in Tekla for design verification. An example of the FME workflow is present in 

Figure 4 demonstrating the “Basalt” geological mesh being converted. The same workflow in reverse was 

used to convert the Tekla structural model into MGA for visualization in Leapfrog. Overall, the use of FME 

has allowed for simple multi-way conversion of data across different file formats and coordinate systems 

improving design clarity during the simultaneous model building process between disciplines. 

4.2 Utilisation of the 3D ground model 

3D ground modelling was fundamental in this project to identify and communicate geotechnical risk having 

an impact on decision making during pile design.  

During early stages of geotechnical analysis, the conceptual ground model aided by illustrating the extent of 

historical site investigation data. The model was used to allocate zones of geotechnical risk and plan 

additional site investigations. Initial communications between geologists and engineers about uncertainty in 

the ground conditions relevant to the design was noticeably improved during this process.  
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Figure 5: Leapfrog 3D ground model (Identified shear zone alignment shown by red dashed line). 

Once additional geotechnical investigations were undertaken, borehole results were input into the 3D model 

and geological surfaces adjusted appropriately. CMSR geophysics plots were georeferenced into the 3D 

model and stratigraphic contacts refined based on shear wave velocity results. Together with the conceptual 

model information, this information provided geological truthing along the wharf and jetty alignment. Risks 

established from the geotechnical investigation and analysis were then highlighted in the ground model and 

communicated to the design team allowing the necessary pile design changes to be implemented. Some key 

examples of this was the discovery of a not previously known shear zone aligned through the wharf structure 

(Figure 5) and identification of cemented anomalies in the geological profile. Identifying these features and 

communicating there risk visually from the outset allowed for design pile lengths to be refined accordingly. 

The requirement of pile rock socket anchoring could also be allocated with more certainty in the piling 

schedule. Through implementation of the Tekla structural model into the ground model (process described in 

Section 4.1) the final pile design could be easily verified. By further simplifying and constraining the model, 

through extracting geological meshes from the proposed dolphin and jetty bracing pile designs, the model 

unit interface levels and locations (x, y, z) were conveniently verified (Figure 6). Illustrating these risks in a 

3D ground model environment allowed non-traditional users of ground models to be more immersed due to 

the visual methods of communication that it provided. Overall, the effective communication of these risks 

early in the design process allowed for more confidence in pile design decision making and subsequently a 

large saving in costs incurred during construction for the client. 
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Figure 6: Proposed dolphin and jetty bracing pile geological meshes and associated point location meta-

data. 

5 VIRTUAL REALITY (VR) 

The advancement in immersive and interactive technologies of recent has caused digital innovations such as 

VR to branch into the discipline of engineering. The advantage of 3D ground modelling for design purposes 

has been recognised, however with the incorporation of VR technologies the model can be a part of a useful 

client/stakeholder visualisation product (Rose et al., 2018). For the CLA project, a VR experience was 

developed of which incorporated the 3D ground model and many other datasets outlined in Table 1. The VR 

model was constructed in Unity which is a real-time 3D development platform for creating interactive virtual 

environments. The VR model allows the user to fly around in an immersive 3D space and view the proposed 

dolphin and jetty bracing pile designs in a scaled environment (Figure 7). The demonstration of this 

immersive experience allowed non-technical stakeholders involved to visualise and understand variations in 

ground conditions and how the associated geotechnical risks have impacted decision making relating to pile 

design and scheduling. 

 

Figure 7: VR model of Cape Lambert A in Unity 
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6 CONCLUSION 

The calibration of geophysics results with borehole data proved to be an effective way to characterise sub-

surface ground conditions and ultimately lead to the development of a 3D ground model. Due to the 

variability in data formats that were required to build a ground model many challenges were encountered. 

With the use of other digital tools such as FME, datasets could be easily manipulated to assist in their 

consolidation. 

In areas where the complexity of project or ground risk warrant it, 3D geology modelling represents current 

best practice in developing a common understanding of ground risk (Ireland et al. 2014). The generation of 

3D ground models should be a fundamental aspect of any geotechnical project. In conceptual stages, they 

form the basis for determining methodology and effectiveness of the site investigation. The highly visual 

aspects of 3D models allow for the illustration of complex engineering geological data to specialist and non-

specialist stakeholders. Early and clear communication of the ground complexities across the multiple design 

disciplines involved on the project resulted in early design modifications that resulted in millions of dollars 

in construction savings.  

With the continuing development of digitals visualisation tools such as VR, communication of geotechnical 

ground risk and design solutions will become more in depth and highly immersive in the future. 
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Prototype Timber Catch Fence 

A. Wightman & G. Crisp 
ENGEO Limited, Wellington. 

ABSTRACT 

Design engineers often require rockfall protection structures that have relatively low impact energy 

resistance.  Proprietary catch fences are available to the designer, but these can have capacities that 

greatly exceed the computed demand energy, and therefore may be overly expensive to construct.  

At a Wellington subdivision site, a simple prototype timber catch fence was constructed, 

comprising timber posts and timber lagging.  The fence was tested by rolling rocks down the steep 

un-vegetated slope above and into the fence.  A rock with an estimated impact energy of 4.5 kJ 

broke two pieces of the lagging without penetrating the fence.  The structure was essentially 

undamaged by all lower energy impacts.  This fence design, with some adjustments, was then used 

to protect houses within the subdivision.  We propose that similar fences could be used for similar 

sites in future. 

1 INTRODUCTION 

On developments below steep land, passive rock fall protection structures are often needed to mitigate the 

effects of falling rocks. In the authors’ experience in Wellington greywacke, where the rock typically breaks 

off into fairly small pieces, the rock fall demand energy can be quite low, such as 5 kJ or less.  

There are many types of passive rock fall protection structures, and these are described in detail in MBIE 

(2016).  For low energy demands, the designer is likely to select either a rigid barrier (stiff) or a flexible 

barrier, in the terminology of MBIE.   

If choosing a flexible barrier, the following proprietary catch fences are available to the designer: 

• Proprietary flexible systems with EAD (previously known as ETAG) certification.  The lowest level 

of EAD certification is 100 kJ; 

• Proprietary systems with capacities lower than 100 kJ – for instance, 10 kJ (Geobrugg 2017) and 

35 kJ (Geobrugg 2014) fences are available, although these do not have EAD certification.  

• The Roads and Traffic Authority of New South Wales have produced drawings with several different 

standard rock fall fences, with stated energy absorption capacities as low as 4 kJ (RTA 2007).  
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All of the above fences comprise steel posts with steel mesh between. Barriers with capacities of 100 kJ or 

more require a specialist contractor. 

In this paper, we describe the testing of a prototype rock fall fence comprising timber posts and timber 

lagging.  The potential benefits of this system included that it: 

• Was made from readily available materials 

• Could be installed by a non-specialist contractor 

• Looked not much different from a typical boundary fence, so might be more acceptable to a resident 

(or potential purchaser) 

• Would, at least, provide a plausible alternative to the steel systems. 

In MBIE terminology, this prototype is a structural wall, a subset of rigid barriers. 

2 PROJECT BACKGROUND 

ENGEO were the geotechnical engineers for a substantial residential development in the hills of Wellington, 

where cuts of up to about 25 m height into greywacke were required.  These cuts were mostly sloped at 45°, 

which is considered to be typically a safe angle, but we considered that small pieces of rock coming loose 

from the slopes presented a credible rockfall hazard.  

We recommended to our client that a catch fence should be constructed at the base of these cuts to reduce the 

likelihood of damaging rocks entering the residential properties below. We proposed a trial to establish if this 

fence would resist the demand energy for the specific site. 

The trial had two key purposes: 

1. Assess if the prototype fence was sufficiently high and strong enough to stop damaging rocks from 

entering the properties beyond the fence. 

2. Assess a minimum energy rating of the prototype fence such that it could be used within other areas 

of the proposed subdivision or on similar sites.  

 

Figure 1: Prototype catch fence design 
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3 PROTOTYPE FENCE DESIGN 

The prototype fence was designed by ENGEO and constructed by Keith Bullock Contracting - the design is 

shown in Figure 1.  

The as-built fence differed in some minor respects to the design. The as-built details were as follows: 

• The fence was about 16.5 m long and comprised 12 square posts with lagging between posts. 

• It was 1.5 m high to the top of the lagging.  The base of the lagging sat 50 mm off the ground, and 

there were seven lagging boards with a total height of 1.45 m – an average board height of just over 

200 mm. 

• The lagging was 55 mm thick.  The five bays of the southern end of the fence had a double thickness 

of lagging; the remaining six bays at the northern end had a single thickness of lagging. 

• The posts were 155 mm square timber. 

• The centre-to-centre spacing of the posts varied from 1.33 m to 1.70 m, with an average of 1.51 m.  

The average spacing of the double-lagging section was 1.49 m; of the single-lagging section 1.52 m. 

• The angle of the slope immediately above the fence varied from 43° above horizontal at the southern 

end to 35° at the northern end.   

It is estimated that the construction cost of this prototype fence was roughly $300 per linear metre – the fence 

was constructed in 2018.  

4 ROCK SELECTION 

The lower parts of the cut batters on the subdivision mostly exposed highly to moderately weathered 

greywacke. In general, the approach for cut batters on the subdivision was to cut the slopes shallow enough 

that medium or large scale slips, those in the order of several cubic metres, were unlikely to occur.  With this 

design, it would still be possible for small rocks to dislodge from the completed cut batters.   

The intention of the catch fence was to stop such small rocks.  We therefore selected rocks in the trial that 

were as large as we, or the contractor, could find on site.  We reasoned that if larger rocks were not readily 

available in a working earthworks site with many existing cuts, then they were unlikely to come loose from 

the batters. 

5 THE TRIAL 

The rocks were carried by hand to the top of the slope above the prototype fence, as it was not possible to 

drive machinery to the top of the slope. The trial was divided into a series of “Runs”, which were groups of 

two to eight rocks that were dropped down the slope. Two different launch positions were chosen, as shown 

in Figure 2 below. The higher launch position (green circle), used for Runs 1 to 5, was located about 23 m 

vertically above the fence and the lower launch position (red circle), used for Runs 6 to 9, was located about 

15 m vertically above the fence. 
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Figure 2 - Site Plan. The green line is the fence, the green circle is the higher rock launch position and the 

red circle the lower rock launch position. Contours shown are at 1 m vertical intervals. 

For the higher launch position, the horizontal distance from the rock launch point to the fence was about 

38 m. The average gradient of the trajectory was about 30°, varying from about 20° at the top of the slope to 

a maximum of about 43° at the base. The horizontal distance from the second launch position to the fence 

was about 19 m, with a vertical drop of about 15 m, and an approximate average trajectory of 38°. 

The trial was filmed by a camera located near the southern end of the fence for Runs 1 to 5, and by cameras 

at both ends for Runs 6 to 9.  Markings were made with spray paint on the slope indicating 4 m from the 

fence.  By watching the films in slow-motion, we estimated the time for the rocks to travel the final 4 m 

before impact, and hence were able to estimate their velocity at impact. The two cameras used were both 

GoPro cameras, one with a frame rate of 30 frames per second, and the other 60 frames per second. 

After a rock had struck the fence, the rock would be removed from the behind the fence and its impact point 

noted.  Any pieces that had clearly fractured from the rock during impact were also collected. The rock, and 

any associated fragments, was weighed, using digital bathroom scales, after striking the fence.  This method 

is conservative, as the rock may have weighed more at impact than we measured.  However, based on the 

films, few rocks lost significant weight during impact with the fence. 

Unfortunately, the prototype fence was located below an area of slightly convex slope.  This resulted in 

many rocks missing the fence to the sides, in particular from the higher launch position.  The run-out 

distances of these rocks past the fence were measured.  Moving the launch position to the lower position for 

the later runs increased the proportion of rocks that struck the fence without any noticeable reduction in 

mean impact velocity.   

6 TRIAL RESULTS 

6.1 Fence Impact Results 

We rolled 51 rocks that either struck the fence or travelled over it.  Of these, we were able to record data for 

55 impacts with the fence.  We observed 10 to 11 rocks or fragments that travelled over the fence – these 

were from six rolled rocks. 

Table 1 presents the ranges of estimated impact velocities, recorded impact heights, measured masses and 

calculated impact energies.  Where the impacts were recorded by multiple cameras, we typically used the 
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camera closest to the impact to record the velocities and impact heights.  Where rocks broke into several 

smaller pieces during their descent, and where the individual pieces could be clearly seen in the video, then 

individual impacts were recorded. Kinetic energy was calculated for each impact using Equation 1.  

𝐸𝑟 = 0.5 × 𝑚 ×  𝑣2 (1) 

where 𝐸𝑟= Kinetic Energy; 𝑚 = Mass of Rock; and 𝑣 = Velocity at Impact  

Table 1: Summary of Rock Impact Data 

Impacts Velocity at Impact (m/s) Impact Height (m) Mass (kg) Kinetic Energy (J) 

55 5.7 – 15.4 0.1 – 1.6 0.5 - 54 8 - 4495 

 

The fence withstood all of the impacts in Table 1 without significant damage, with the exception of Run 7, 

Impact #6, which broke the lowest two pieces of lagging at the northern end of the wall, where the wall was 

single lagged.  This impact had the largest energy of all of the rocks, approximately 4500 J, and camera 

footage from this impact is shown in Figure 3. The lowest piece of lagging permanently deformed outwards 

by about 80 mm, and the second lowest piece by 30 mm.  The rock, which weighed 54 kg, did not penetrate 

the wall, although had there been a subsequent similar impact at the same location, it may have penetrated 

the wall. The details of the 54kg impact, along with the three other largest impacts, are provided in Table 2.  

Other impacts noticeably indented the back of the lagging in several places, but did not loosen or break any 

timber. 

Table 2: Details of Four Rocks with Highest Energy 

Impact No.  Velocity at Impact (m/s) Impact Height (m) Mass (kg) Kinetic Energy (J) 

Run 7  #2 12.1 0.5 25 1837 

Run 7  #3 11.8 1.0 21 1453 

Run 7  #6 12.9 0.4 54 4495 

Run 9  #2 13.3 0.8 19 1689 
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Figure 3: Trial fence, shown just before impact of 54 kg rock that broke some lagging.  The researcher who 

rolled the rock can just be seen top right of picture. 

6.2 Rocks that travelled over the fence 

Several rocks passed over the fence during the trial. The details of these rocks are recorded in Table 3.  In all 

cases the rocks that passed over the fence were associated with larger rocks that struck the fence. The rocks 

that passed over the fence had separated from the main rock, either on impact with the slope, or on impact 

with the fence. 

Table 3: Overtopping Rock Data 

Mass Category 
Number of Rocks in 

Category 

Height Passing Over Fence 

(m) 

Distance Travelled Past 

Fence (m) 

Less than 100 g 3 0.2 - 0.8  13.5 – 19.5  

About 100 g 6 - 7 0.1 – 0.2 Up to 10 

5 kg 1 0.4  4.5 

6.3 Rocks that missed the fence 

Several rocks missed the fence to the side. This situation mostly occurred in the runs when the rocks were 

launched from a higher location on the slope. Rocks missing the fence on the southern end travelled up to 

12.5 m past the fence, with the heaviest being a 4 kg rock which travelled 12 m into the flat building 

platform.  Rocks missing the fence on the northern end travelled down a 2.5 m high, approximately 45° slope 

shortly below the fence and then onto a flat building platform.  The maximum runout distance was 34 m past 

the fence, by the heaviest rock, which weighed 11.5 kg.   
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7 TRIAL ANALYSIS 

7.1 Energy 

The catch fence ultimately achieved its purpose of no rocks breaking through. There was one rock that broke 

two of the lagging boards but the intention of the fence was still fulfilled.  

This largest impact struck near the bottom of the fence.  There were some 1200 J to 1400 J impacts nearer 

the top of the fence (one example is shown in Table 2), which suggests that the fence has some strength near 

its top, although there were no impacts near the top of the fence approaching 4500 J.  Our qualitative 

assessment is that a 4500 J impact at the top of the fence would likely break lagging, but that the vertical 

posts would be unbroken because the fence is more flexible at the top and hence deflects more, producing 

less force, and the breaking of the lagging will absorb energy.   

We used the impact data to assess the fence’s capacity in terms of MBIE, which defines a Maximum Energy 

Level (MEL) approach and a Service Energy Level (SEL) approach.  We assessed the fence using both 

approaches.   

At MEL, a barrier should be designed to withstand one impact with the design energy, and it is expected that 

the barrier will have to be repaired or replaced following impact.  Following a 4500 J impact, the fence 

suffered some broken lagging, and needed repair.  But the rock did not penetrate the fence, so we considered 

that the fence had demonstrated a MEL capacity of at least 4500 J. 

At SEL, a barrier should be designed to withstand two impacts with the design energy with no repairs 

allowed after the first drop.  We should disregard the 4500 J, which caused damage, and consider the next 

two highest energies (see Table 2) of 1689 and 1837 J, and hence the SEL is at least 1689 J.   

As the energy rating for a fence should be the minimum of MEL and 3 x SEL, the rating for the fence is 

assessed as at least 4500 J. As the fence was only slightly damaged during the test, it maybe that the rating of 

the fence is much larger than this.  

Although we are not suggesting that our testing is equivalent to EAD testing, we do note that the maximum 

velocity in subject test was 15.4 m/s, below the 25 m/s in an EAD test regime (EOTA 2018).  Therefore, we 

suggest that the 4500 J rating is only appropriate for impact velocities up to about 15 m/s.    

7.2 Rock Height 

From the trial we calculated a 95th percentile bounce height, consistent with MBIE (2016). This was achieved 

by considering a total of 61 bounce heights, after all measurable split off segments of the 51 rocks rolled 

were taken into account. The 95th percentile of 61 data points is the 58th lowest, which is the 4th highest.  As 

fragments from six rocks travelled over, the 4th highest bounce height must be higher than the fence, and was 

1.7 m above the ground surface.   

7.3 Comparison to Previous Modelling 

Our physical testing suggested that the 95th percentile bounce height is 1.7 m, whereas the computer 

modelling indicated a bounce height of 2.8 m, suggesting that the computer modelling overestimated the 

bounce height by 1.1 m, a relatively large distance. 

Computer modelling suggested a 95th percentile energy demand of 1.7 to 2.5 kJ for the various analysed 

cross sections within the subdivision.  The 95th percentile of the impact energies calculated during testing 

was 1680 J (1.7 kJ), suggesting that the computer modelling was reasonable.   
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7.4 Runout Distances 

Runout distances for rocks outflanking the fence were substantial, up to 34 m.  New houses were planned to 

be within a few metres of the base of the cuts.  Grant et al (2018) suggest that rock blocks with impact 

kinetic energies of 2 kJ to 5 kJ are unlikely to penetrate more than about 0.2 m – 0.3 m into a typical 

dwelling (which is only slightly further than a typical wall thickness).  However, given the fairly small 

sample sizes of Grant et al’s research, and ours, we considered that it would be imprudent to rely on the new 

houses to resist the rock impact.  Further, it was likely that at least some of the houses would be laid out with 

patio doors or other large glazed areas facing gardens at the base of the slope.  In these cases, a 2 kJ – 5 kJ 

impact might penetrate an unacceptable distance into the house, emphasising the need for the catch fence on 

this site and in other similar scenarios.  

8 CONCLUSIONS 

8.1 Trial Findings 

We considered that the prototype fence was generally acceptable for the remainder of the base of the cut 

slope on site. As the runout distances recorded were so large, we considered that it is impractical to have a 

no-build zone for houses.  Therefore, we considered that a catch fence was the most practical and sensible 

measure.  A similar fence, single lagged, was eventually constructed for the remaining lots beneath the cut, 

but at a height of 1.7 m, as that was the 95th percentile bounce height in the physical testing. 

8.2 Recommendations for Industry Standards 

The prototype fence described in this document appears to be capable of resisting impact energies of around 

4.5 kJ, and possibly more, at impact velocities up to about 15 m/s.  We consider that this it is sensible to use 

this type of fence for future design situations with low calculated design energies.  We would encourage 

others to design, test and document other similar fences. 
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Aznalcòllar Progressive Tailings Dam 
Failure: A Numerical Analysis  
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Formerly ATC Williams Pty Ltd, Brisbane, Australia. 

ABSTRACT 
The tailings dam failure occurred in Spain 1998, allowing 7 million m3 of tailings and water to spill 

downstream. The Aznalcollar tailings dam slipped laterally 55m downstream along bedding planes of brittle 

high-plasticity clay located 14m below the natural ground surface. The failure resulted from a combination of 

factors including high pore-water pressures developed within the clay foundation due to the loading from the 

embankment and tailings. 

 

The initial design had upstream and downstream slopes of 1V:1.9H and 1V:1.75H, respectively; which were 

steepened to 1V:1.24H downstream in 1985. Despite the existence of monitoring and routine inspections, the 

dam failed without detectable signs of failure. 

The finite element method used in this study was able to approximately simulate progressive failure of the 

dam, capture the initiation and the propagation of the shear zones along the failure surface. The numerical 

analysis was also able to closely model the development of high excess pore water pressures within the Marly 

Clay foundation. 

The results illustrate after a series of sensitivity analyses, a plane-strain simple elastic plastic finite element 

analysis was able to capture the progressive failure of Aznalcollar tailings dam, by analysing shear strain 

development in the foundation during staged construction. Finite Element Method (FEM) was also used in this 

analysis (Rocscience (2019)) - RS2) and was able to closely back-calculate the construction induced pore 

pressure in the foundation using coupled hydro-mechanical analysis which illustrated pore pressures generated 
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due to tailings and embankment loading and did not dissipate significantly due to the very low permeability of 

blue Marly Clay.  

1 INTRODUCTION 

The Aznalcollar Mine tailings storage facility (TSF), located near Seville, Spain failed in April 1998 causing 

one of the worst environmental disasters in Spain. The mine consisted of a large open cut pit that had been in 

operation for decades, situated approximately 2 kilometres from the town centre. The mining operation was 

for the recovery of metals such as copper and lead with pre-failure mined ores/tailings included pyrites, 

blende/sphalerite, galena, chalcopyrites and other minor mineral traces (Alonso and Gens, 2006). The TSF was 

designed as a downstream-raised embankment and was split into two lagoons comprising a Northern Pond 

consisting of pyroclastic tailings and a Southern Pond consisting of pyritic tailings.  Of note with the tailings 

ponds was the unit weight of the deposited tailings at 20 kN/m3 and 31 kN/m3 for the Pyroclastic and Pyritic 

Ponds respectively (Figure 1). 

 

Figure 1: Aznalcollar TSF and typical embankment cross section at the failed section (Alonso and Gens, 2006) 

The TSF embankment comprised rock fill with a bentonite cement wall which extended into the Marly Clay 

foundation to act as an impervious core and an upstream clay face (comprised of low plasticity red clay). The 

design included a continuous series of downstream raises with batter slopes at 1V:1.90H upstream and 

1V:1.75H downstream. However, dam construction did not follow design specifications; with a significant 

change in the downstream slope profile which in 1985, was revised to a slope of 1V:1.24H and continued for 

all future embankment construction raises (Gens & Alonso, 2006).  

Stability analyses were undertaken as part of the original design using several assumptions including liquefied 

tailings, seismic coefficients kh=0.048g and kv=0.976g, and friction angle of 25o for the Marly Clay. The 

analysis was carried out under drained condition with no cohesion for any materials. It should be noted that by 

drained analysis, it implied that no construction-induced pore pressures in the foundation was considered. 

Based on a calculated factor of safety (FOS) of 1.3, it was concluded that the dam was deemed safe.  



 

 

 

3 

 

 

 

A safety evaluation was undertaken in 1996 which was associated with a 2m design modification above the 

original design. It is not clear if the safety evaluation included any comprehensive stability assessment. The 

safety evaluation concluded that the dam was stable and satisfied stability requirements. In addition, a routine 

visual dam in safety inspection carried out in 24 April 1998 did not detect any cracks or surface instabilities in 

the ground (Alonso and Gens, 2006). 

However, just after midnight on 25 April 1998 - several hours after the inspection, a section of the east pyrite 

(Southern) embankment and at the southeast corner of the pyroclastic pond (Northern), laterally slipped. The 

failure was followed by the release of tailings from behind the embankment. The breach was initiated by a 

foundation failure in the pyrite embankment, which resulted in a about 700-m-long section of dam, alluvium, 

and Marly Clay moving as much as ~55 m laterally to the east with a maximum dam-crest settlement of 2.4 m 

(Figure 2).  

 

Figure 2: Cross section through failed embankment section (a) Post-failure (b) Reconstructed position of initial failure 

and sliding planes at the start of sliding motion (after Gens & Alonso, 2006) 

This paper models the embankment progressive failure using finite element method involving strain weakening 

materials. This includes a series of sensitivity cases based on material strengths and pore water pressure 

conditions in the foundation. 

2 GEOLOGY AND DAM FOUNDATION 

The site is located on the south-west extreme of the Guadalquivir River Basin which consists primarily of 

marine and transgressive Neogene sediments (Olalla and Cuellar, 2001). The mine site is situated on the 
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alluvial terrace deposits of the Agrio River which overlies a thick layer of blue and grey Marly Clays dating 

back to the Miocene geological age. This formation is very common in the Southern Spain and is interpreted 

as the geology profile of the failure, located at the south-eastern embankment perimeter of the TSF (Alonso 

and Gens, 2006). 

Table 1: Soil Profile at the Location of the Failure Description (Alonso and Gens, 2006) 

Material Description Geological Age Depth (m)  

Alluvial gravels and sands. Terraces of Agrio River. Quaternary 0.0 – 4.0 

Carbonate marine high-plasticity clay (Guadalquivir blue marl) Miocene 4.0 – 75.0 

Gravels, sands and sandstones Miocene 75.0 – 82.0 

Shales Palaeozoic >82.0 

3 PROPERTIES OF PYRITE TAILINGS AND MARLY CLAY  

3.1 Pyritic tailings 

The tailings stored at the southern basin comprised of a pyritic mineral, with unit weight of approximately 

31kN/m3 (Alonso and Gens, 2006). This unit weight is considered unusually high as compared to other tailings 

from gold and copper. (Alonso and Gens, 2006) Triaxial tests were undertaken on undisturbed specimens 

which reports drained friction angles of 37°. They also found that the tailings had a significant unconfined 

compression strength for saturated samples ranging between 100 and 200kPa, perhaps due to high cementation. 

After the failure, they observed that the height of the stable scarp in the tailings after the failure was about 20-

m, corresponding to undrained strength of about 165 kPa (Alonso and Gens, 2006).  

The tailings were found to have a low permeability with values between 10-9 and 10-8 m/s (Alonso et al, 2010). 

3.2 Marly Clay 

The blue Marly Clay is a high plasticity clay with Liquid Limit (LL) of 63-67%, Plasticity Index (PI) of 32-

35%, natural water content (wn) of 30-35% and a clay content of 47-58%. The natural water content is close 

to its Plastic Limit and only about half of the Liquid Limit. The Liquidity Index of the clay is about 0.1-0.2, 

indicating that the clay is not sensitive. However, the shear test results show significant strain-softening 

behaviour at low strain due to the presence of weak horizontal bedding planes with clean slickensides. This is 

confirmed by the results of drained direct shear testing at 400 kPa normal effective stress (Alonso and Gens, 

2006). The results from triaxial consolidated undrained tests at effective confining pressures of 300 kPa, 400 

kPa and 600 kPa also showed similar brittle behaviour with slightly larger strains (Olalla and Cuellar, 2001), 

as shown in Figure 3. 

Strength envelopes of Guadalquivir Marly clay based on direct shear testing was plotted to determine its peak 

and residual strengths (Figure 4). The test results indicate that the peak strength envelope can be characterised 
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with a friction angle of 24°and cohesion, c’=65kPa. Using Skempton (1970) definition for stiff fissured clay, 

the fully softened strength is c’=0 and φ=24o and the residual strength of the blue clay is 11o (Alonso and Gens, 

2006, Alonso et al, 2010).  

 

Figure 3: Triaxial test results of blue Marly Clay with effective confining stresses of 300, 400 and 600 kPa showing 

significant loss of strength at relatively low strains (Olalla and Cuellar, 2001). 

 

Figure 4: Peak and softened strength of blue Marly Clay (modified from Alonso & Gens, 2006). 
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Permeability (k) tests also indicated very impervious material ranging from k = 2 to 7 x 10-11 m/s, with average 

value of 4 x 10-11 m/s, and coefficient of consolidation (cv) of 10-3-10-4 cm²/s, with average value of 5x10-4 

cm2/s (Olalla and Cuellar, 2001, Alonso and Gens, 2006). As will be discussed later, failure to recognise the 

behaviour of very low permeability clay under high load will grossly underestimate the pore pressure 

developed during construction and therefore will overestimate the foundation strength. 

4 CONSTRUCTION-INDUCED PORE WATER PRESSURES 

About one year after the failure, 15 vibrating wire piezometers were installed in the vicinity of the sliding 

surface. The sensors embedded in 1 m long sections of corresponding boreholes at the target depths, back filled 

with saturated sand and the remaining borehole was sealed with cement bentonite mixture (Alonso & Gens 

2006).  

The piezometric readings showed that a high pore-water pressure still resided within the foundation, some 

indicating as high as approximately 800-900 kPa total pressure and dissipating down to approximately 800 

kPa over approximately a 6-month period. The elevated pore pressures in the foundation were measured in the 

pyroclastic embankment section (Northern) with tailings unit weight of 20 kN/m3. It is expected that the 

foundation pore pressure beneath the pyrite embankment with 31 kN/m3 unit weight would be much higher. 

Based on the back-calculated B-bar value of about 1.0 at this section, the pore pressures under the pyrite 

embankment was extrapolated to be about 1000 kPa before the failure. 

 

Figure 5: Elevated pore water pressures in the dam foundation about 1 year after the failure at the pyroclastic 

embankment section outside the failure zone (modified from Alonso et al, 2010). 

The very slow pore pressure dissipation is not unexpected in low permeability Marly Clay. Using simple 

Terzaghi consolidation theory, Duncan et al (2014) suggested that the time required to reach 99% pore 

pressure dissipation can be computed using: 

��� �
��

�

��
       (1) 
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In which H is the length of drainage, which is taken as 15m, and cv=5x10-4 cm2/s.  

Based on this simple calculation, the time required to reach 99% pore pressure dissipation in the foundation 

is 570 years. Also, using the same Terzaghi consolidation theory (Holtz and Kovacs, 1981), the foundation 

pore pressure is expected to dissipate only less than 10% of its excess pore pressures for 20 years of mine 

operation. Thus, all stability analysis involving low permeability Marly Clay must be carried out under 

undrained condition. 

5 ASSESSMENT OF PROGRESSIVE FAILURE 

Finite element method (FEM) was used to back-analyse the progressive failure of the dam. Griffiths & Lane 

(1999) illustrated that the finite element method can be used to assess the deformations of a slope as well as 

the factor of safety against failure using Strength Reduction Method (SRM). The failure mechanisms within 

the FEM develop following the path of least resistance where the shear stresses acting within a soil profile are 

greater than the shear strength of the soil profile. The software used for this analysis was RS2 (Rocscience, 

2019). 

The soil model used in this analysis is simple elastic-plastic model with Mohr-Coulomb failure criteria. The 

intention of this paper is to demonstrate that even using simple model, we can estimate the potential of 

progressive failure based on the shear strains development in the foundation during staged construction. 

Typical soil properties used in the analyses are presented in Table 2. 

Table 2: Typical soil properties used in the finite element analysis 

Material type 

Unit 

weight 

(kN/m3) 

Cohesion, 

c (kPa) 

Friction 

angle (o) 

Young's 

Modulus 

(kPa) 

Poisson's 

ratio 

 

kv (m/s) kv/kh 

Pyrite Tailings 31 0 37 10,000 0.3 1.5 x10-08 2 

Rockfill 20 0 40 40,000 0.3 1.5 x10-05 1 

Alluvium 20 1 35 20,000 0.3 1.5 x10-07 1 

Upper Marly Clay 21 Varies 60,000 0.3 1.0 x10-11 1 

Lower Marly Clay 21 65 24 60,000 0.3 4.0 x10-11 1 

Red clay 21 0 27 30,000 0.3 1.5 x10-08 1 

Bentonite cut-off 20 10 15 10,000 0.3 1.0 x10-12 1 

 

A plane-strain stress-deformation analysis with and without consolidation were carried out. The analysis with 

consolidation means that changes in pore pressure affects deformation; and similarly, changes in loading or 

deformation in a soil element affects its pore pressures. This was carried out using coupled hydro-mechanical 
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analysis option to compute the excess pore pressure in the foundation due to tailings and embankment weight. 

This option calculates both deformation and pore pressure changes at the same time. 

Stress-deformation analysis without consolidation is the most widely used approach in practice. This approach 

gives reasonable results for medium permeability foundation, but it tends to underestimate the construction-

induced pore pressures in the foundation for very low permeability soils. 

The factor of safety against failure was also calculated for each construction stage using FE Strength Reduction 

Method. 

5.1 Cases considered in the analyses 

Several cases with different strength, permeabilities and drainage condition for the Upper Marly Clay were 

analysed. However, due to space limitation, only the following cases are presented in this paper: 

Table 3: Cases considered in the finite element analysis 

Case No 

Upper Marly Clay Notes 

Cohesion, c (kPa) Friction angle (o) 

1 52 24 Reduced strength, partially drained with coupled 

hydro-mechanical analysis 

2 0 24 Softened strength, partially drained with coupled 

hydro-mechanical analysis 

3 0 24 Softened strength, drained analysis. 

6 RESULTS AND DISCUSSION 

6.1 Foundation Pore Water Pressures 

The results of analysis for Case 1 (reduced strength with coupled hydro-mechanical analysis) are plotted 

together with the extrapolated values from nearby section at the site in Figure 6. As can be seen in the plot 

below, the computed foundation pore pressures at about 25-m below original ground surface were in good 

agreement to those extrapolated from the measured pore pressures of the non-failed pyrite embankment 

section. 

The high construction-induced pore pressure was due to combination of high B-bar value of about one and 

very low permeability of Marly Clay which impede pore pressure dissipation or consolidation. Based on this, 

it can be concluded that the Marly Clay practically behaves in undrained manner during loading. Thus, any 

drained analysis without considering excess pore pressures in the foundation will grossly overestimate the 

computed factor of safety. 
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Figure 6: Calculated total pore water pressures in the foundation before dam failure. 

6.2 Shear strain development during staged construction 

Progressive failure in stiff fissured clays is related to non-uniform mobilization of shear strength along a 

potential slip surface. This will be demonstrated by looking at the shear strain development in the foundation 

during staged construction for Case 1, as illustrated in Figure 7 below. Each strain at locations A, B, C and D 

are plotted in the stress-strain curve from triaxial tests in the inset. These stress-strain curves are provided as 

illustrative only and do not represent the actual stress-strain curves used in the finite element analysis. 

As can be seen in the figure, shear strains at points A and B at day 4135 are very small (Figure 7a), whereas 

at points C and D are respectively about 0.5% and 1.5%. If a proper brittle stress strain curve is used in the 

analysis, points D is close to reach its peak, while points A and B still have low mobilised strength. Note that 

axial strain (εa) is calculated using εa = γ/(1+µ), in which γ is shear strain, and µ is Poisson’s ratio=0.3. 
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Figure 7: Progressive shear strain development in the foundation during staged construction (a) at day 4135 (b) At 

day 6600 and (c) At day 7300, just before failure. 

With the increase of shear strain, the mobilised strength is also increasing (Figure 7b), and the peak strength 

is reached by point D at shear strain of about 3%. Then at day 7300, just before the failure, point D passed 

the peak and reached its softened strength (Figure 7c). Due to strength reduction at point D and soil elements 

adjacent to this point, the dam further deforms so that all soil elements at the potential sliding surface 

develop enough deformations to mobilize their softened peak strength (c=0kPa and φ=24o). Then the dam 

starts to fail and develop large deformations when most of the soil elements at the sliding zone reach their 

softened strength, as illustrated in Figure 8 below. 
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Figure 8: Results of coupled hydro-mechanical analysis indicating embankment failure at 7300d after softened 

strength (c=0 and ϕ=24o) is mobilised. 

6.3 Progressive changes in FOS during staged construction 

The progressive failure of the embankment was also assessed by plotting the computed FOS versus time, for 

different cases, as shown in Figure 9. As can be seen in this figure and Table 4, the factor of safety against 

failure was high (>1.50) at the initial stage of tailings dam operation, for all cases. Using c=52 and φ of 24o 

and coupled analysis (Case 1), the FOS is 1.90 when the dam height was 11.6m at day 2005 after initial 

construction. At day 4135 when the dam height reaches 22.2m, the FOS against stability reduced to 1.14 which 

then reduces further to 1.10 at day 6600, when the dam height is 24m. As shown before in Figure 7, at this 

stage the foundation started to develop relatively large strains and started to lose it strength and slowly reaches 

its softened strength. With the increase of crest height by 3-m and tailings elevation at day 7300, the FOS 

dropped further to 1.07 (Case 1) and 0.96 using softened strength (Case 2), indicating failure. 

Under drained condition (Case 3), however, the factor of safety at day 7300 was still about 2.0, even when the 

softened strength was used. These results are obviously incorrect as the dam failed with high foundation pore 

pressures. 

Table 4. Progressive changes in FOS during construction. 

Day from initial 

construction (day) 

Case 1 : FEA - 

c=52kPa phi=24 

(coupled analysis) 

Case 2: FEA - c=0 

phi=24o (coupled 

analysis) 

Case 3: FEA - 

c=0 phi=24o 

(drained) 

H (m) 

1125 2.3 2.3 2.28 8 

2005 1.88 1.54 2.27 11.6 

2430 1.41 1.24 2.24 14.2 

3525 1.17 1.05 1.96 22.2 

4135 1.14 1.05 2.19 24 

6600 1.10 1.00 2.11 25.5 

7300 1.07 0.96 2.06 27 
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Figure 9: Progressive reduction of factor of safety during staged construction. 

7 CONCLUSIONS 

Based on proceeding discussion, the following conclusions were derived: 

• A plane-strain simple elastic plastic finite element analysis has been carried out to model the 

progressive failure of Aznalcollar tailings dam. Despite its simplicity, the model was able to capture 

the progressive failure of Aznalcollar tailings dam, by analysing shear strains development in the 

foundation during staged construction. This information was then used to estimate the potential 

progressive failure on brittles soils by looking at the corresponding potential mobilised strength for 

each strain. 

• The FEM used in this analysis (RS2) is also able to closely back-calculate the construction induced 

pore pressure in the foundation using coupled hydro-mechanical analysis, which takes into account 

the coupling between soil deformation and pore pressures increase. It was reported that the pore 

pressure generated due to tailings and embankment loading did not dissipate significantly due to very 

low permeability of blue Marly Clay.  

• For very low permeability fissured blue clay found at this site, the use of softened strength without 

taking into account the elevated pore pressure in the foundation is not enough to correctly back-

calculate the embankment failure. Both softened strength and construction-induced pore pressures 

must be considered in the analysis to correctly “predict” the embankment failure. Failure to consider 

construction-induced pore pressure in the foundation will grossly overestimate the computed factor of 

safety. 
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