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was observed, the moisture content of the clay back-
fill was 787% which is just above liquid limit of the
svil. In Test No.2, the molsture content was 52%
and produced a decreasing rate of wall movement.

This apparent discrepancy may be explained 1f in

Test No.l the wall movement is considered to be de-
creasing at an extremely slow rate. Therefore, it
can be postulated that as the natural moisture cont-
ent of a clay backfill decreases, the decrease in the
rate of outward wall movement becomes more apparent.

In all retaining wall tests the undrained shear
strength of the clay backfill after consolidation was
determined by vane apparatus. These insitu values
of the undrained cohesion,cy were determined at var-
ious depths throughout the clay profile. The main
advantage of this apparatus is that it permits values
of shear strength to be obtained in extremely soft
soils, The vane shear strength variation with depth
corresponding to Test Nos.l and 2 are shown in Table
II.

In addition to the vane tests, strain-controlled
torsion shear stage tests were conducted on kaolin
sampleg duplicating the vertical effective stress
and moisture content of the clay backfills., The val-
uves of the undrained shear strength,Cy and the resi-
dual shear strength,Cp from the torsion shear tests
are also shown in Table II. During the tests it was

TABLE

observed that the undrained shear strength was com-
patible with a finite strain rate, since the shear
streas decreased immediately deformation was termin~
ated. It was noted that after all shearing stages,
the shear strength of the sample relaxed and fell to
a fixed level which was compatible with zero dis-
placement. The shear stress corresponding to this
level may be termed the "relaxed" shear strength,t%
of the soil, the values uf which are tabulated in
Table IT correspondi g to Tests Nos. 1 and 2.

In addition to the strain-controlled torsion
shear tests, creep tests were performed on Kaolin
samples corresponding to the stress conditions at the
mid-depths of the backfills in Test Nos. 1 and 2,
These were essentially stress-controlled tests in
which a constant shear stress was applied to the sam-
ples and the deformation characteristics observed.
The magnitude of the constant shear stress,'® used
in the creep tests ranged from 50% to 88% of the
drained peak shear strength. It was observed that
creep did not occur if the applied shear stress was
below the relaxed shear stress,tb . Typlcal results
of the creep tests are provided in Figure 3. As
expected, the creep behaviour is gsimilar to that
observed with the retaining wall. A tabulation of
results for both series of creep tests is given in
Table TII.

I1 - SHEAR STRENGTH OF CLAY BACKFILL AFTER CONSOLIDATION

Test No. Vane Tests Torsion Shear Stage Tests
Cy (psi) Culpsi) Cr(psi) Lo (psi)
1, 8" above base 0.19 - - -
6" above base - 0.22 0.22 0.08
2" above base 0.23 - - -
2, 8" above base 0.23 - - -
6" above base - 0.25 0.25 0.10
2" above base 0.27 - - -
TABLE TII -~ TORSION SHEAR CREEP TEST
Creep Test Applied Shear Obgerved Deformation Rate
No. Stress (psi) (in./min.)
c.T.1 0.27 2.3 x 10'2
0.22 5.6 x 107
0.17 7.6 % 108 Constant Creep Rate
0.15 7.6 x 10-9
Day 2 5 7 Factor
c.T.2 0.30 34 20 18 | x107°
0.25 3.33 2,00 1.85 x 10__6
0.20 0.30 0.18 0.17 x 10_6
0.17 0.07 0.05 0.04 x 10
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Fig.3. Torsion Shear Creep Tests

These results tend to confirm the earlier state-
ment that the creep behaviour of a soil is depend-
ant upon the stiffness of the material. It seems
that an almost constant rate .of creep can be expect-
ed for very soft solls, whereas for stiffer clays
the creep rate has been observed to decrease with
time.

V.- THEORETICAL ANALYSIS

To predict the deformation behaviour of retain-
ing walle the theory of absolute reaction rates,
commonly known as rate process theory (Ref.7) has
been used to describe the creep behaviour of clay
under stress. In particular Mitchell, Gampanella
and Singh (Ref.8) have adopted the principles of the
rate process theory to determine a simple three
parameter expression for the creep rate, under con~
ditions of constant temperature and over a stress
range of engineering interest. The expresslion has
been derived using experimental test results and is
glven below:

é:A-(t;/t)m'ex'D ... (1)

In its present form equatiom (1) is unsuitable as a
means of predicting retaining wall behaviour from
torsion shear creep tests. If the strain rate &

is replaced by the deformation rate, & and the shear
stress increment (&-=Ts) substituted for the devia-~
tor stress (D), then the creep equation becomes:

8= A; -(t’/-ﬁ-)mla ede.('t“t'o) D

Equation {2) can now be used to prediet deformation
rates from the results of torsion shear creep tests
allowing values of the constant A, my and e, to be
found.

The creep equation derived above only gives the
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displacement rate along & fallure plane within the
soll mass which, according to the conventional analy-
sis, passes through the base of the wall and slopes
at an angle< to the horizontal. Therefore the hor-
izontal wall displacement rate, é;v can be determined
from:

Suv - é;-(:()s =

where from the conventional analysis:

= artan(1fJi+ cwfcCua)

If a typlcal value of Cw is assumed such that Cwlcu
is equal to 0.33, then it can be shown that:

SW: 0768 L. (3)

yI.- DISCUSSION OF EXPERIMENTAL RESULTS

As derived earlier the expression for the rate
of displacement along an assumed fallure plane by
the theory of rate processes 1s given by equation (2).
For the conditions corresponding tco Test No.l, the
observed results from the torsion shear and retaining
wall tests revealed that after a perlod of transient
creep, deformation occured at a constant rate so that
my is zero in equation (2). Also, since the observ-
ed behaviour corresponds to the fully active condition
(P = 54 1b.) in which the undrained shear strength,
Cy 1s mobilized then equation (2) becomes:

§= A, Lr(eurto) )

To determine the constants Alandaclit it necessary
to plot the shear stress increment, (fﬁ*tb) agalnst
the logarithm of the deformation rate,8 from the
torsion shear creep tests. This plot is shown in
Figure 4. The slope of the line of best fit passing
through the experimental points gives the value of
of; , which in this case is 88.0. The value of A; is
3.1 x 10~11. obtained from the intercept where (T-Zp)
is zero. Therefore the deformatlon rate along the
assumed fallure plane within the clay backfill is
given by:

§=31x 0" esa-o(cu~‘1:'°) ‘ (5
= e - Teost Hal

S
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Rock Structures and Associated Rock Alteration,
Danjera Creek Dam, N.S.W.
By

A. D. M. BELL, M.Sc., M.Aus .M. M.
(Lecturer in Engincering Geology, The University of New South Wales)
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SUMMARY. - Danjera Creek damsite is am interesting case history of the association of Tock structure and rock
alteration. The most critical conditions are where fracture zones form permeability paths for hypogene and
supergene circulations. Petrographic studies combined with structural analysis indicated sub-surface Tock de-
fects. At this damsite bedrock is comprised of steeply dipping intercalations of low-grade meta-sediments and
basalt. Rock defects are caused by a combination of fracture and alteration assgciated with possible thrust
faults. The "axial plane” of an anticline is parallel tothe valley and dips 70°W. The resultant discontinuity
pattern is asymmetric to the valley profile and rock cuts in the right abutmegt are 1355 stable than those

in the left abutment. Later deformation produced two fault/fracture sets at 50 and 90  to the valley axis.
Secondary fracture porosity is greatest at the intersection of faults and is associated with alteration within
basalt. Decomposition of basalt was initiated by hypogene circulations producing sulphide mineralization and
weathering of basalt to clay is deepest in zones previously effected by hypogene alteration. Geological inves-

tigations during preliminary excavation work were utilised to redesign the concrete foundations.

INTRODUCTION

Danjera Creek is a right bank tributary of the
Lower Shoalhaven River in the central coastal belt of
New South Wales. The dam is located 15 miles west of
Nowra and is being constructed to augment water stor-
age for the Shoalhaven Shire Council.

Wallis (Ref.1} has described the preliminary in-
vestigations of 1965/66. 16 vertical diamond holes
were drilled during 1965 in the dam foundations. The
area was geologically mapped and bulldozer trenching
utilized to gain further geological information.
Electromagnetic survey of a quartzite breccia zone
associated with a suspected fault in the eastern part
of the valley floor was interpretated to indicate
this fault zone had a steep easterly dip (Note that
excavation showed this fault dipped 70°W). Six addi-
tional angle diamond holes were then drilled into
this zone,

The geology of Danjera Creek damsite provides an
interesting case history concerning the affect of
rock structures and hypogene rock alteration on the
engineering properties of rock foundations. The oc-
currence of rock decomposition resulting from hypo-
gene processes, i.,e. hydrothemmal activity, minerali-
zation, auto-metamorphism, etc., is of specific im-
portance in foundation studies in view of its persis-
tance at depth. Normal weathering by supergene water
percolation is on the other hand a surface phenomen-
on. Hypogene rock alteration is most extensive in
chemically unstable igneous rock. It is difficult to
recognise hypogene rock alteration in the surface
exfoliated zone where it is normally masked by wea-
thering.

Basaltic rocks are particularly prone to altera-
tion. Auto-metamorphism (decomposition by entrapped
volatiles} in extrusive basalt complexes is wide-
spread in Eastern Australia and recent investigations
in northern N.5.W. indicate that rock structures
partly control the extent of decomposition in basalt

flows where contemporaneous movements have occurred.
At Danjera Creek, basalt forms sill-like masses in
which auto-metamorphic alteration is slight and ex-
tensive alteration is associated with sulphide miner-
alization in zones of fracture along faults.

GEOLOGY

The dam is founded on steeply dipping intercala-
tions of Upper Devonian sediments and basalt, part of
the western limb of an asymmetric anticline. The sedi-
ments consist of massive units of interbedded silty-
mudstone and siltstone which contain thin beds of
fine-grained quartzite and tuffaceous sandstone.
These sediments have been affected by low-grade meta-
morphism and the rocks are indurated and cleaved,
particularly parallel to a prominent "axial plane"
cleavage trending 20°E of N and dipping 70%. Bedding
is indistinct, the few measurements possible indicate
the bedding strikes 20°6 of N and dips 60°W. The
rock masses are isotropic, the asymmetric of the dis-
continuities resulting in the right bank foundations
being less stable than the left bank in open cut.

The basalt varies in texture from sub-vitreous
fine-grained to coarse-grained, Glassy material
occurs near the sediment contact and it is assumed
the basalt masses are sill intrusions. Decomposition
of the basalt has selectively occurred along fault
planes in association with pyrite/galena mineraliza-
tion. Frequently the meta-sediment/basalt contacts are
faulted.

Meta-sediments form the rock foundation in the
abutments and basalt in the valley floor - see Fig. 1.

ROCK STRUCTURES

The fold axis trends 20°E of N and is parallel to
the river course. An "axial plane" cleayage dips 70
W with two complementary sets dipping 35 /40 W and
50°E. Two near-vertical joint sets trend 40° and 80°
W of N. Faults in the latter directions have displaced
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Some Effects of Structure on the Behaviour
of Argillaceous Sediments

P. M. Jamss, B.Sc., M.Sc. (Eng.), Pa.D., D.I.C.

(Senior Lecturer in Civil Engincering, University of Queensland)

SUMMARY.- Structure of clays and clay shales is discussed from three points of view.
(1) Directional effects, along or across the bedding, which appear to control the path or strain.

requirements in moving from peak to residual conditions.

Examples are given to indicate that much smaller

strains will be required to produce the residual strength along the bedding, although its ultimate value may

be independent of directien.

(i1) Tectonic effects are briefly reviewed. Faulting, folding of sedimentary series, and also the
general consolidation and erosion cycle stress changes are all found to produce similar shear zones within
argillaceous sediments., Examples of flexural 8lip are given.

(1i1) Mineralogical effects, taken to include the presence of slightly variable seams or layers in
otherwise "homogeneous" clay formations. Examples from sites both in Australia and overseas are given to

demonstrate how such layers will often control stability.

In many cases the untypilcal behaviour can be put

down to the localisation of montmorillonite during deposition of the formatiom.

I.- INTRODUCTION

Argillaceous sediments, comprising the bulk of
rocks on the earth's surface, are consequently of
major importance in many aspects of human activity.
They also, by their very nature, envelope the
widest spectrum of soil mechanics problems. In this
paper some attempt is made to outline the
behaviour with respect te structure of one general
class, the clay shales, (which is taken te ineclude
most overconsolidated clays},

Over the past decade it has become increasingly
apparent that attention to what might be termed
minor geclogical or structural details forms one of
the most important facets of an engineering
geologist's role; for example, observation of small
slickensides in a shale interbedded with sandstones,
which 1s the sort of phenomenon likely to be
overlooked in a regional survey. Secondly, while
the geological observation and recording of such
detalls are essentlal, the observations themselves
must be further subjected to scrutiny from the
mechanics point of view. To continue the example:
if the slickensides above are present, is the shale
layer at or near its residual strength condition
and what effect will this have on the stability
of structures associated with the formation?

It is in this latter transition from
observation to meaningful interpretation that
communication between geology and engineering is
most critical and where, unfortunately, it is most
likely to break down.

Below some common and some less common
effects of structure in clay shales are discussed

from this point of view. The subject is treated,
for convenience, under three headings: directional
properties, tectonic effects, and mineralogical
effects.

IT.- DIRECTIONAL PROPERTIES

In any sediment there will generally be a
pronounced preferred orientation parallel to the
bedding. This will occur for two reasons, the first
being that deposition under gravity of non spherical
particles will favour such a structure, The effect
of this on field permeability is well documented.
Secondly, it has been observed that conaolidation
of argillaceous sediments causes severe
re-orlentation of the clay platelets in a direction
normal to the consolidating load, i.e. glving a
horizontal orientation under gravity loadings.

This will tend to override the physioc-chemical
effects of deposition.

Little work has been done, to the author's
knowledge, concerning the effects of this bedding
orientation on the shear strength properties of
overconsolldated clays. However, an extensive
set of triaxial tests on the London Clay by Bishop
et al (1965) indicated that both peak and residual
strengths were sensibly constant whether samples
were cut across or parallel to the beddimg. London
Clay is, of course, a relatively isotropic
formation and more shale like material may be
expected to produce a marked variation in the peak
strength; mainly peak strength for 1t is considered
unlikely that the ultimate value of the residual
strength would be much affected by direction even
in shales. Residual strength is generally taken as
an intrinsic property of a particular material and,
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PROPERTIES
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Fig.2, Slip zone at Maroon Dam

V.- DISCUSSION

The problem therefore arises in determining
the presence of structures described above, or in
predicting the presence of seams of different
(deleterious) mineralogy in a clay formation. Such
a procedure, or an attempt at it, should preferably
be made in the site investigation stage of any
project. Unfortunately in a number of cases
conventlonal drilling techniques have not provided
the necessary core recovery in soft or slickensided
shaéles or clays within a harder formation to give a
true picture of subsurface conditions, The presence
of such layers then becomes known only later, and
usually through some semi-catastrophic event.
Conversely, 1t would be equally uneconomical to
design a slope, say, on the assumption that a weak
layer may be present in a formation without specific
confirmation of this by the site investigation.

A multi-stage approach for majJor works appears
necessary. Firstly, a thorough engineering

geologlcal appraisal of the project which, in addition

to the conventional aspects, should also include
index properties of fault gouges, shear strength
parameters along discontinuities, and perhaps a
preliminary analysis of the mechanics of the
structure/subsurface interaction. (This appraisal
will often be extended to run concurrently with the
excavation phase.} Secondly, drilling or boring
techniques should be maintained at the highest
standards for all engineering investigations to
provide good centinuous samples, if not in all drdill
holes, then in a selected number. This would be of
particular importance in alternating sedimentary
serles. Finally, trial pits or adits should be
excavated for detailed mapping of the accessible
sub-strata and the findings be scrutinised by both
the engineering geologist responsible and the design
engineers.
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IV.- INVESTIGATION AT TALBINGO

(a) Procedure

During the construction of Talbingo Dam an
investigation was made of moisture content
and OMC movement during storage of seil in
airtight containers. One hundred and ten
samples were taken. Moisture content and OMC
were determined during placement and after
varying time intervals. Moisture contents on
sampling and testing were compared. In mois-
ture content subsampling losses were inevi-
tably associated with the removal of the rock
fraction. These were evaluated by specially
controlled tests on 17 samples. A skudy was
also made of changes in OMC using 24 of the
110 samples mentioned above.

(b) Results

The following relationships were found between

moisture content of placement and at testing

{Table II):

TABLE 1II

Age . R Correla- | Signifi-
(days) Relationship No. tiom cance
0-40 = 4.960 + 0.590x [ 58 { r = 0.718 | p<0.001
40-80 = 3.632 + 0.666x (22 | r = 0.639 | p<0.001
80 + |y =5.143+ 0.628x 130 | r = 0.570 ] p=0.001

where y = moisture content at testing and

¥ * moisture content at placement. The rela-
tionship for samples aged more than 80 days
was shown by Student's t test to be signifi-
cantly different from those aged 0-40 and
40-80 days. However, the latter two groups
did not differ significantly from each other.

The 17 specially controlled samples showed
that, although moisture losses caused by rock
removal were about two-thirds of the observed
variation in moisture content, they could not
account for the changes alone. Furthermore,
similar losses must have occurred in taking
moisture content subsamples at the time of
sampling.

The relationship between OMC at the time of
placement and OMC tested after storage in the
laboratory (y and x respectively) was:

y=1.740+0.833x r=0.939 p<0.001....(1)

Furthermore, there was an associatiom with
the difference between OMC and moisture con-
tent at placement, and the change in OMC
during storage. Relationships for samples
wet of OMC differed from those dry (Table
III):

where y = increase in OMC during storage and
x = difference between moisture content and
OMC at the time of placement. There was no
relationship for samples within 0.5 per cent
of OMC.

TABLE III
Rela- ——
tion Relationship No. CorFela- Signifi-
to OMC tion cance
-g;:e]];ry y = 1.090x - 2.2762 71 r = 0.854|p<0.01
-g;e;et y = 0.535x - 1.012 | 34 r = 0.722{p<0.001

V.~ SPECIAL INVESTIGATION

(a)

(b)

General

As each layer of soil was placed at four
selected sites at Talbingo Dam, quadruplicate
samples were taken in airtight jars. The
places were marked with plastic markers.
Sampling was repeated for each layer through
a rise of about 5 feet. Sampling times were
recorded. Afterwards excavations were made
and a corresponding series of samples taken
from the same places. Embedment varied from
1% hours to several weeks. The fourth site
was in finer plastic soil. A fifth site was
selected for soil structure studies. Only
one level was sampled but undisturbed samples
were taken.

Moisture Content

Moisture content changes, other than those
within experimental error, were in the same
direction in the embankment as in storage.
Changes in the embankment always exceed those
in storage. These remarks apply equally to
105°C and 200°C moisture contents.

For 38 routine control samples from Talbingo,
105°C and 200°C moisture contents were very
significantly related:

y=1.84+0.978x r=0.892 p=<0.001....(2)
IOSOC moisture

where y = 200°C and x =
content.

For 70 specially controlled samples from the
special investigation, changes in 105  and
200°C moisture contents were very signifi-
cantly related:
y=0.781x~0,173 r=0.758 p=0.001...(3)

where y = 200°¢ and x = 105°C moisture con-
tent changes during storage.

The change in 105°C moisture content was very
highly significantly related to "adsorbed"
(10500-20000) moisture for 69 points:

¥*#1.552-0.504x 1r=0.628 p<0.001...(4)
where y * adsorbed moisture, x = 105°C mois-
ture content change on storage.

Soils stored after a period of embedment be-
have in the same way during storage as those
sampled immediately on placement.












166

reflected in the arrangement patt-
erns of the other major soil compon- .
. ]
ents. Often they can be determined 100 Clay | sint i Sand | Gravel
more conveniently in the latter. //,— e
90

pd Il

For the beach sand, therefore, the
preferred orientation of the skeleton
grains is the only 'micro' criterion that

can be used to define the fab?ic (Ref. 3 s"“n’Mamowm I
and 13). In the krasnozem soil, although 60 siity clay
there is a small percentage of the clay 50 /

material showing preferred orientation
(associated with the planar pore pattern), 40
the three-dimensional arrangement of the
Planar pores (Ref. 3} will be used as a l
criterion to define the fabric. 20

/

{a) Fabric Criteria of Portsea Beach Sand 10 _’//

Percentage passing

I Portzea beach
sand

The particular material is a fine to ﬂoa 1079 107 10 10° 10!
medium-grained, rather well-sorted beach
sand with an average grain diameter of
approximately 0.5 mm (Fig. 1). The major
constituent is quartz with smaller amounts Fig. 1.- Grain size distribution of Portsea beach sand
of rock fragments, a few well-worn shell and Silvan krasnozem silty clay
fragments, and possibly a very minor quan-
tity of other organic material (Fig. 2).
The majority of grains is subangular to
subrounded, and in thin-sections a sub-
stantial percentage of elongated grain
cross-sections can be observed.

mm 0%
Particle diameter

In undisturbed vertical cross-sections
through the deposit a distinct bedding can
usually be seen, dipping seaward at an
angle of about 5 degrees. Closer inspect-
ion indicates that relatively small diff-
erences in average grain size, and poss-
ibly also small variations in the amount
of darker coloured grains are responsible
for the bedding (Fig. 3). A number of
vertically and horizontally oriented thin-
sections has been prepared from undisturb-
ed specimens with known orientation (one
series of sections vertical and parallel
to the coastline, another series vertical
but perpendicular to the ceoastline, and
the third series horizontal). In each of
these thin-sections the orientation of
the long axes of elongated grain cross-

sections has been measured for several 5 mm

hundreds of grains. The results are S

shown in Fig, 4, and indicate a distinct,

preferred orientation of the long axes in Fig. 2.- Stereopair of Portsea beach sand grains, showing their
all three instances. The simplest inter- compesition, shape, and roundness. Ordinary reflected
pretation of the diagram is that in the light

particular beach sand a substantial number

of more or less platy grains, i.e. grains

in which the two longest of the three geo-

metrical axes are of approximately the same magnitude, that their intersection line is horizomtal and parallel

are oriented in such manner that one of these long to the coastline. Since it cannot be assumed a priori

axes is parallel to the ceoastline, whereas the other that the two planes are of identical significance in

dips landward at an angle of approximately 10 degrees. regard to the mechanical behaviour of the undisturbed

In other words, these grains show a very distinct im- sand, the fabric pattern must be considered as having

brieation. In other samples, however, a preferred only one plane of symmetry, namely a vertical plane

grain orientation corresponding to the bedding plane perpendicular te the coastline. This single symmetry

has alsc been observed. plane, that alsc contains the transport direction in
the depositional phase {Ref, 14, 15, and 16) is the

In conclusion, it can be stated that the major characteristic feature of a monoelinie fabric.
fabric characteristics of the particular beach sand
are the bedding plane and the plane of imbrication. It should be pointed out and emphasized at this

These two plane surfaces are oriented in such way stage, that the determination of the critical fabric
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VERTICAL CYLINDERS
SEA

LAND

COAST LINE  COAST LIHE

HORIZONTAL CYLINDERS HORIZONTAL  CYLINDERS
e PERPENDICULAR TO sia PARALLEL TO
COASTLINE COASTLINE

Fig. 7.- Failure planes in undisturbed Portsea beach
sand specimens in stereographic projection.
Horizontal projection plane, poles in lower
hemisphere; F = failure planes, B = bedding
plane, I = imbrication plane. The broken
line figures indicate the orientation of the
test cylinders., (Ref. 13}

standard deviation = * 0.23 x 102 kg cm”2,

5, Horizontal cylinders, perpendicular to coastline;
mean = 3,62 x 102 kg cm-2,
standard deviation = % 0.54 x 102 kg cm~2,

It has been stated elsewhere (Ref. 13) that:

(i} the mean secant modulus for the vertical cyl-
inders is statistically significantly differ-
ent at the 5 per cent confidence level from
those for the horizontal cylinders.

(ii) the simplest 'best-fitting' curve to repres-
ent the data on the directional variation of
the modulus in the horizontal plane is not a
circle but an ellipse, where the major ellipse
axis is parallel to the coastline, and the
minor ellipse axis is parallel to the symmetry
plane of the pre-testing geometrical fabric.

In other words, as far as the secant modulus is con-
cerned the Portsea beach sand does not possess a hor—
taontal plane of isotropy. Furthermore, the symmetry
of the secant modulus distribution in the horizontal
plane shows a logical and very simple relationship
with the monoclinic symmetry of the original geomet-
rical fabric pattern,

(c} Test Results of Silvan Krasnozem Silty Clay

In the triaxial loading tests on the Silvan kras-
nozem silty clay varying numbers (three or more) of
specimens in each of three orientation groups have
been used. The three crientation groups comprise one
set of oriented, vertical cylinders, one set of orien-
ted, horizontal cylinders where the major cylinder
axis runs north-south, and, finally, one set of orien-
ted, horizontal cylinders with the major cylinder
axis running east-west.

As mentioned earlier, all triaxial loading tests

on the particular soil have been performed with a stan-
dard type triaxial machine. Since there was some
doubt initially about the possible influence of the
type of endplates on strength and on deformation patt-
erns, about half of the tests on vertiecal cylinders
have been carried out with standard ('high-friction')
ceramic endplates. The others were tested using high-
ly polished ('low-friction'} brass endplates that were
lubricated and covered with a thin rubber membrane.
The differences of the mean strengths and of the mean
secant moduli, using 'high-friction' as compared with
'low-friction' endplates are clearly statistically in-
significant at the 5 per cent confidence level. Con-
sequently, as far as strength or secant modulus is
concerned, the type of endplates used seems to be ir-
relevant.

A similar irrelevance of the types of endplates,
used in testing, is suggested by the deformation patt-
erns of loaded krasnozem cylinders of various orient-
ations, shown in Fig, B8, 9, 10 and 11, It will be
noted that the discontinuity or planar pore patterns
in the four specimens are basically the same, irres-
pective of their orientation and the types of end-
plates used. All four specimens show a major 'horiz-
ontal' discontinuity perpendicular to the major axis
of the cylinder, and dividing this axis into two app-
roximately equal parts. This major discontinuity, in
a number of instances, approaches a plane surface; in
other cases (Fig, 11) it may be somewhat curved. In
addition to this major feature, other less evident
discontinuities parallel to the edges of the cylinders
may be present. The development of one or two inter-
secting failure planes inclined to the axis of the
cylinder, like the Portsea beach sand, has not been
observed to occur in the particular Silvan krasnozem
silty clay. The discontinuity patterns demonstrated
in Fig. 8 to 11 (inclusive) or observed in any other
of the triaxially tested specimens of the particular
soil do not show any clear evidence of a monoelinic
symmeiry. It could possibly even be argued that, in
this particular instance, the discontinuity patternms
seem to reflect the 'higher' symmetry of the triaxial
test itself. As there are nc radial strain measure-
ments available for the tested specimens, there is
presently no evidence either to support or to invalid-
ate the hypothesis of monoelinic syrmetry of the de-
formation process available from the discontinuity
patterns. The results of the corresponding secant
modulus determinations to be discussed later, however,
do support the hypothesis of monoclinic symmetry of
the mechanical properties of the particular soil.

Apart from mutual differences in deviator stress,
the stress-strain curves of the triaxially tested un-
disturbed krasnozem specimens do not show any unusual
features (Fig. 12): the curves commence approximately
linear with varying steepness, and, onwards from about
5 to 10 per cent axial strain tend te run horizontally
or nearly so.

The stress-strain curves shown in Fig, 12 suggest
in themselves differences in mechanical properties,
e.g., peak strength, secant modulus, for the three
orientation groups. Such differences, however, could
possibly also result from significant differences in
void ratio and/or moisture content in the original
test specimens. To examine this possibility, data on
both void ratio and moisture content have been arrang-
ed according to the three orientation groups with the
following results.
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where dA= sin 6!de'dy

Here k is a measure of the concentration of
values around the origin,a large value of k represent—
ing a tight clustering and a small k a more dispersed
distribution.

Eq.4 defines what will be called the Spherical
Normal Distribution,and it will be written in terms
of its parameters as

P{6,y)= S(Bo,ao:k;p)

in general,where p is the proportion of the whole
population of joints following this particular
distribution.

If the concentratien factor k is zero then the
joints are distributed uniformly over the whole sphere
and,since only one hemi-sphere need be considered,

dP{(R,a)= dP(a,¢)_ 1-cosB
do dy 27

(5)

0O<R< gn , O<a< 29
Since the only parameter is the proportion p,this
Uniform Distribution will be written

P(B,ﬁ) = U(P)

If the dip angles are not concentrated about a
point but spread about a great circle of the unit
sphere then,measuring 8'and ¢y from By,0q ,the pole of
this great cirele,the Girdle Distribution can be
defined by

0<8 < Iw

a
o . L
P8,y i exp{-m.cos6’)dA o<y < 21 (6)

where m is again a concentration factor,and large
values of m represent a tight clustering about the
great circle. This Girdle Distribution will be
written

P(8,1) = G(By,a:m;p)

The estimation of the parameters Bo,ao;ﬁl,a 3k and m,
and tests for significance,are deseribed in Refs.4,5,
6,&7. The following results summarize the analysis
of the two examples of Figs.2A and 3A.

(b) Decomposed Granite.

The jeints are clustered but there are three
distinet clusters,two with high dips and one with a
low dip. A satisfactory distributiom is a combinat—
jon of three Spherical Normal Pistributions with
parameters

5,(90,16 :7;0.5)

5,(79,270:35;0.3)

53(16,315:7:0.2)
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Fig.2B shows the probability density function
contours of the comhined distribution S +5,+Sqon an
equiareal projection. The three cluster centres
(marked with crosses)} are almost orthogonal. A chi-
squared test of goodness of fit of S1+52+53 compared
with the observations of Fip.2A gave X=13.7 with
11 degrees of freedom,thus Proh(x®> 13.7)=24%,
indicating an excellent agreement.

{c) Decomposed Rhyolite.

Fig.3A shows a more dispersed pattern than for
the decomposed granite but with some clustering at
high dips. A satisfactory distribution is a
combination of a Uniform and an equatorial Girdle
Distribution with parameters.

U(0.5)
G(0,0 :7;0.5)

The combined probability density contours are
showm on Fig.3B. The goodness of fit test gave
¥?=11.3 with 7 degrees of freedom,Prob(y2> 11.3)=10%,
again indicating excellent agreement.

vI.-STRENGTH DISTRIBUTION FOR JOINTED SPECTMEN

Knowing the distribution of dip angle and the
variahility of the strength components it is
relatively simple to calculate the distribution of
shear strength q,for a specimen containing a single
joint plane, Two cases need distinguishing,tbe
triaxial test specimen where failure will occur om
the joint if HO<B<31irrespective of bearing angle «,
and the plane-strain specimen vhere the orientation
of the specimen might influence the occurrence of
failure.

(a) Triaxial Strength.

The strength will be controlled by the marginal
distribution of dip angle P(3)= SP(f,a)da ,since
failure can occur on any dip plane at any bearing.
The expected distributien of strength,the marginal
distribution P(q) obtained by numerical integratiom,
is shown by the solid lines of Tigs.4 & 5 for coated
joints with zero joint cohesion,at low and high
stress levels. The distributions are,of course,
bimodal with the two modes at the average strengths
for matrix and most critical joint dip respectively.

1-0

Plg)—

P4

High Stress

/11
0 200 400 600
STRENGTH q kN/m?*

Fig.4. Distribution of strength,Pecomposed Granite.
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The Use of In-situ Tests in a Study of the Effects of Fissures on
the Properties of Stiff Clays
By

A. MarsLanDp, M.Sc.
(Principal Scientific Officer, Building Research Station, United Kingdom)

SUMMARY. - The large variations in the shear strengths and modulii measured in triaxial tests on standard
76 mm long x 38 mm dlameter specimens of stiff fissured clay has led to the use of large in-situ tests to

measure these properties.

The undrained properties have been measured by means of loading tests on

plates with diameters of up to 865 mm at various depths in boreholes and effective strength parameters have
been determined by in-situ tests using a 610 mm square shear box.

A detailed study has been made of the effects of plate diameter, fissure spacing, degree of confinement of
the borehole immediately above the test level, the method of preparing the test surface and the interval of

time between excavation and loading the plate.

Eifective strength tests have been made in the large shear box using effective normal stresses between 17.5

and 100 kN/m2 which is the range of particular interest in many engineering applications.

In some of the

tests pore pressure measurements were made on the plane of shear to check that the rate of shear was suf-
ficiently slow to ensure that the pore pressure remained zero.

Large in-situ tests have provided a better measure of strength and deformation parameters applicable to full-

scale conditions for two highly fissured clays.

By comparing the results obtained from both field and labora-

fory tests of various sizes a better understanding of the influence of fissures on the properties of stiff fiss-

ured clays has been obtained.

The paper describes these tests, gives typical results to illustrate the influence of fissures and compares the

results with laboratory tests.
applicable to a particular problem are discussed.

I. - INTRODUCTION

The difficulties of sampling and the wide scatter
of resulis obtained from laboratory tests on small
samples of stiff fissured clays has raised severe
doubts as to the value of present procedures for ob-
taining the mechanical properties of these clays.
During detailed investigations of the London Clay in
a deep shaft at Ashford Common (Refs 1 and 2) large
variations in strength were measured in triaxial
tests on 76 mm high and 38 mm diameter specimens
even though the specimens were carefully prepared
from hand excavated block samples. These large
variations made it almost impossible to decide which
values were representative of the large scale
strengths of the clay. In-situ loading tests on a 152
mm diameter plate and on a 38 mm diameter cone
penetrometer made at various levels in the deep
shaft from which the block samples were obtained
showed that the shear strength of the clay that was
mobilized depended on the size of the test in relation
to the spacing of the fissures in the clay. They also
suggested that the lower sirengths obtained in the

The use and limitations of in-situ tests for determining the full- scale strength

laboratory tests on small specimens were more re-
presentative of the large-scale strengths than were
the average values. The conclusions drawn from
this investigation have led to an increased use of in-
situ plate loading tests to estimate the undrained
strength of fissured London Clay (Ref 3) for use in
the design of piled foundations (Ref 4). These tests,
together with loading tests on instrumented piles
{Ref 5) confirmed that the large-scale strengths of
the fissured London Clay were appreciably lower
than the average values given by tests on small spe-
cimens. Tests on different sized specimens of
London Clay, and Barton Clay which is also highly
fissured, showed that the measured strength decrea-
sed as the size of the specimen was increased (Refs
6, 7and 8). As a consequence of these findings the
author initiated a study of in-situ tests using differ-
ent sizes and types of equipment in conjunction with
laboratory tests on specimens of various sizes pre -
pared and sampled by the best available techniques.
Loading tests on a 865 mm diameter plate installed
at various levels in boreholes and in-situ shear tests



using a 610 mm sq shear box formed an important
part of the investigations. The present paper des-
cribes these tests and gives some typical results
and compariscns with the results of laboratory
tests. The use and limitations of both in-situ and
laboratory tests for determining the strengths
applicable to particular problems are discussed.

II. - THE USE QF IN-SITU LOADING TESTS FOR
MEASURING THE UNDRAINED PROPERTIES
OF STIFF FISSURED CLAYS

fa) Factors Which May Affect the Undrained Pro-
perties of Stiff Fissured Clay Estimated From
In-Situ L.oading Tests

The undrained properties of stiff fissured clay
determined from in-situ plate loading tests may be
influenced by the following factors:

i} The mineralogical composition, strength,
and the type of discontinuities present in
the clay. Stiff clays contain numerous
discontinuities in the form of bedding
surfaces, joints, shear dislocations, and
fissures. Even in clays with similar
mineralogical properties the discontinui-
ties can vary in size, continuity, inclin-
ation and surface roughness with both
depth and location.

ii) The forces and restraints imposed on the
ground around the test levels by different
arrangements adopted for the tests.

iii) Dirnensions of the test equipment and in
particular the relative dimensions of the
loaded plate and the spacing of the
fizssures in the clay.

iv} The reduction in stress and the accompa-
nying strains which occur in the clay
during drilling and insertion of the test
equipment.

v} The interval of time between drilling the
hole and loading the plate.

vi) The rate of penetration during loading.

The effects of the type of clay and the different
structural weaknesses will only become apparent
when comparable results are available from tests
in a number of clays with widely differing proper-
ties.

The effect of forces or restraints imposed on
the ground near the test level may vary with the
type and structure of the clay. Model studies of
deep in-situ loading tests in soft unfissured clay
made by the author (Ref 9) showed that the maxi-
mum bearing pressure which could be applied to &
plate ingtalled in a borehole having a diameter equal
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to that of the plate was the same for tests made in
unlined and lined boreholes irrespective of whether
the liner remained stationary or moved down at the
same speed as the plate. However, the maximum
bearing capacities measured on a plate of a given
size decreased rapidly as the ratio of the hole to
plate diameter increased from 1.0t{o 1.5. At pre-
sent there is only limited data available from tests
in stiff fissured clays. In-situ loading tests in fis-
sured London Clay at Wraysbury near London Air-
port using 292 mm diameter plates in cased and un-
cased boreholes gave almost identical results. At
another site inm London Clay a few tests made on a
292 mm diameter plate pushed from inside a thick,
very tight fitting liner gave ultimate bearing pres-
sures of up to 10 to 15 per cent greater than loading
tests on plates at the same levels in unlined bore-
holes.

Loading tests on 38 mm diameter probes and on
a 152 mm diameter plate at Ashford Common (Ref2)
clearly showed the importance of the size of the test
equipment in relation to the spacing of the fissures.
The large scatter obtained from loading tests in
London Clay on plates with diameters less than 200
mm (Ref 3) also showed the importance of the size
of the test equipment. The main purpose of the
large-diameter plate tests described in the next sec-
tion of this paper was to provide a reliable basis for
evaluating the resulls of both smaller in-situ tests
and laboratory tests on various sizes of specimens.

Very little data is available on the influence of
the interval of time between excavation and loading
the clay, but deformation moduli determined irom
plate loading tests made in the base of the Ashford
Common shaft at time intervals from % hour to 2%
days after completion of excavation showed an appre-
ciable decrease with time.

No exhaustive series of tests have yet been made
to study the effect of the rate of penetration during
loading on either the load- settlement curves or the
ultimate bearing pressures measured on plates. The
limited data available from plate and pile loading
tests where rates of loading several times lower and
higher than the rate of 2.5 mm/min used in our
loading tests were employed suggests that this is a
minor factor at these rates of loading. Further in-
vestigations are however required, particularly in
those clays which expand rapidly when unloaded.

{b) Loading Tests on a 865 mm Diameter Plate in
900 mm Diameter Boreholes

Loading tests on a 865 mm diameter plate in
900 mm diameter boreholes have been made for the
purpose of evaluating the reliability of the undrained
properties of stiff fissured clay as measured by in-
situ and laboratory tests. One of the principle aims
was to keep the interval of time between drilling and
testing as short as possible. The tests were made
in unlined boreholes apart from the short lengths of
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Fig 1 Vertical section through the plate loading test equipment
lining provided at the top of the boreholes to ensure auger was used to take out the remainder so asg to
the safety and efficiency of the operations. A crane- produce a flat-bottomed hole. Loose and protruding

mounted drilling rig of the type used for constructing clay was removed from the bottom of the hole by hand
large bored piles was used to drill the boreholes and  for all tige tests and for some of the tests additional
to erect the test equipment. A vertical section clay wag removed from the bottom using a sharp
through the plate loading equipment is shown in Fig1. spade and a hand scraper.

The loading frame was designed so that the major

part of it could be left in place during drilling and Operations in the bottom of the borehole were
erection of the test equipment. In the particular carried out from a safety cage fitted with a removable
application illustrated in Fig 1 the reaction was pro- base to allow a man to alight at the bottom of the bore-
vided by 10 small tension piles which were pulled hole and work under the protection of the cage. A

out by a crane after completion of the tests, but the continuous clean air supply was also provided down
arrangement is sufficiently flexible to permit other the borehole and the operations were generally in
tension pile arrangements. The main reaction accordance with the requirements of British Standard
frame consisted of two 7 m long 610 mm x 320 mm CP 2011:1969.

I-section steel girders spaced 1200 mm apart with a

fabricated centre table having a 1200 mm diameter As soon as the removal of gpoil from the base of
hole. The frame was fixed at ground level to sprea- the borehole was completed, a quantity of high

der beams connected across the tops of the tension strength gypsumn plaster was taken down in the safety
piles. A helical flight auger was used to drill the cage and gpread on the bottom of the borehole to form
900 mm diameter borehole to within about 6§00 mm & layer 15-20 mm thick. The plaster mix used con-

of the test level, and a flat-bottomed bucket sisted of 2% parts by weight of Crystacal EN plaster
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hounced interlocking of the clay probably accounted
for the high strength measured on both 38 and 98

strengths calculated from the plate tests. At this
24-4m site the strength measured on both the 38 and 98 mm
diameter specimens from a depth of about 15 m
were about 1.75 times those calculated from the
plate tests. Comparable figures from tests at a
similar depth made at another site in London Clay
{briefly reported in Ref 11) were 1.1 for tests on
the 98 mm diameter specimens and 1.35 for tests

on 38 mm diameter specimens.

-
-

The results of the 5.5 mm diameter penetra-
tion tests provided an approximate measure of the
strength of the 'intact’ clay within the lumps
K um. 865 diam. plate tests between the fissures. At the site in Chelgsea the
! {50mm removed by hand) shear strengths calculated from the penetrometer

tests increased from about twice to more than four

']
." _____ 292mm diam plate tests €
! times the large-scale strength of the clay as de-
1
’

g

g

{machine finished)
termined by the large in-situ test between depths of
5 and 15 m. The large difference between the labo-

)
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H

'." ratory and the large-scale in-situ strength values
i have clearly shown the fallacy of using strengths
i from laboratory tests on small specimens for

design purposes.
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B Load tests on 140 mm, 292 mm and 865 mm
Typical load settlement curves obtained diameter plates in London Clay at Hendon showed
from loading tests on 292 and 865 mm that the bearing pressures on 292 mm diameter

plates at a seitlement equal to 15 per cent of the

diameter plates in London Clay at

plate diameter were in reasonable agreement with
the maxima measured on the 865 mm diameter
plates. Tests on 140 mm diameter plates gave
very erratic results which could not be satisfactorily

interpreted.

Fig 3

Hendon

tearing action of the auger. Initial concavity in

the load settlement curves did however occur in a

few of the large diameter tests in which only the

loose clay was removed from the base of the bore- In addition to providing better measures of the

hole prior to setting the plate on plaster. large-scale strengths of fissured clays the large
in-situ plate tests also gave moduli nearer the

values deduced from movements of foundations and

Shear strengths calculated from the 865 mm
The values of the secant moduli at

diameter plate tests in London Clay using a bear- excavations.
ing capacity factor N, of 9.25 (which value is based half the ultimate load calculated from the load
on results of model tests by the author (Ref 9) and settlement curves obtained in tests on 865 mm dia-
on plasticity theory (Ref 10} have given very repro- meter plates in which 50 to 75 mm of clay was
ducible results, see Fig 2 of reference 11}, The removed by hand digging were appreciably greater
shear strength of London Clay calculated from 865 than values measured in triaxial tests on speci-
mm diameter plate tests made in London Clay at mens obtained by carefully pushing in the thin-walled
Chelsea are compared in Fig 4 with triaxial tests sampling tubes. Values of E calculated from

on 38 mm and 98 mm diameter specimens and smaller plate tests, where it was not possible to
with laboratory penetration tests in which a 5.5 mm prepare the test surface by hand, were appreciably
loading plate was used. At this particular site the lower than those caleulated from the large tests.
average spacing of the fissures increased from

about 15 mm at a depth of 4 m to about 100 mm at III.- LARGE IN-SITU SHEAR BOX TESTS TO

DETERMINE THE EFFECTIVE STRESS

a depth of 15 m. The surface of many of the

fissures were very curved and the lumps of clay PARAMETERS OF STIFF FISSURED CLAYS
between the fissures were interlocked to a con-
siderable extent. Some idea of the extent of the In order to investigate the stability of excava-
interlocking can be obtained from the fact that it tions and earth retaining structures reliable shear
was safe to work in a deep unlined borehole for at strength parameters in terms of effective stresses
least 9 days as against a maximum of 2-3 days at are required. The results from large in-situ plate

tests given in the first part of this paper have

other sites in fissured London Clay. This pro-
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Fig 4 Comparison of shear strengths estimated from 865 mm diameter plate tests and laboratery
tests on 38 mm and 98 mm diameter specimens in London Clay at Chelsea

shown that lahoratory tests on small samples gave
higher undrained shear strengths than those deter-
mined by large in-situ plate tests. Since this dif-
ference wasg largely attributed to the fact that the
proportion of the shear planes which passed through
hard intact elay between the fissures was larger in
the laboratory than in the field tests it followed that
effective stress parameters determined from tests
on small laboratory specimens were also suspect.
During the early stages of construction of a large
power station at Fawley, Hampshire, tests on 150
mm high x 75 mm diameter specimens of stiff fis-
sured Barton Clay gave an effective strength enve-
lope which was appreciably lower than the envelope
from tests on 76 mm high x 38 mm diameter speci-
mens carried out as part of the original site inves-
tigation. In order to check this di screpancy and
obtain more reliable stress parameters a number
of large in-situ shear tests using a 610 mm square
shear box were made.

{a) Details of Large In-Situ Shear Box and
Method of Test

A diagrammatic section through the shear box
and loading arrangements are shown in Fig 5. In
plan the shear box was square with sides having an
internal length of 610 mm. It was constructed in
two halves, each suitably reinforced to form rigid
units which could be bolted together to facilifate

installation. The lower half of the box was made of
perforated sheet steel, fitted at the lower end with a
sharpened cutting edge. When making a test a level
surface was prepared by hand digging in undisturbed
clay 75 to 100 mm above the proposed level of shear.
An outline of the box was marked on the prepared
surface and a shallow trench about 100 mm deep was
carefully dug from around the outside leaving an un-
disturbed pedestal of clay a little larger than the in-
side dimensions of the box. The box was then placed
centrally over the pedestal of undisturbed clay and
pushed down evenly using a heavy concrete block sus-
pended from a crane. The trench around the box was
deepened in small stages and the box was pushed
down each time until the horizontal joint between the
two halves of the box was 75 to 100 mm below the
level of the prepared surface. The trench around
the lower half of the box was filled with a gravel
filter up to the top of the lower half of the box to pro-
vide drainage during the consolidation and shearing
stages. The area around the shear box was kept
flooded up to the level of the shear plane throughout
the test. A porous concrete block and piston were
placed on the clay surface in the top half of the box.
A bhallast tank was used to apply a vertical load to

the piston through a ball-seating fixed to the centre
of the piston and the clay inside the shear box was
allowed to come to equilibrium under each applied
load. When consolidation or expansion was complete,
the bolts connecting the two halves of the box were
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Fig 8 Results of in-situ shear tests expressed in terms of effective stresses

To obtain reproducible and reliable estimates
of the modulii of stiff fissured clays it is necessary
to make loading tests in boreholes which are gsuffi-
ciently large to enable a man to remove loosened
clay from the test level. The effects of drilling the
boreholes and the interval of time between excava-
tion and testing require further investigation. Even
though in the present tests this interval has been re-
duced to a few hours some reduction of the modulii
and to a smaller extent of the shear strength due to

the opening of the fissures in the clay was inevitable.

This effect was probably greatest in tests made at
the deeper levels and may have accounted for the
very small increase in both strength and modulii
with depth which was obiained from the tests below
about 20 m. More tests are required in which dif-
ferent periods of time are allowed between excava-
tion and testing, and in which strains are measured
in the clay below the loaded area. Ideally such
tests should include measurements of strains occur-
ring during excavation or drilling.

The complex nature and variability of fissured
clays make it necessary to consider each clay indi-
vidually. New problems are bound to arise when
the techniques described in this paper are used to
measure the properties of harder clays than those
already tested, but even so they should provide a
more reasonable measure of the large-scale proper-
ties than laboratory or small in-situ tests.
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penetrated by mercury increases, Thus as the
effective stress in the unintruded meterial increases
it acts within a steadily diminishing volume. It is
therefore probable thet any disturbance of the pore
geometry will be ccnfined to the finer pores in the
material. Although it does not appear possible to
experimentally assess the extent to which mercury
intrusion may modify pore structure, it is unlikely
that the disturbance would be any more severe than
that associated with most alternative methods of
measuring pore sizes.

It is normally impossible to evacuate all traces
of pore air when preparing a sample for intrusion.
Thus, as the pressure is increased during a test
there will be an apparent change in volume due to
compression of the residusgl air. It is therefore
necessary to make corrections, based on Boyle's law,
for this effect. The application of pressure also
produces changes in the volumes of the dilatcmeter,
the mercury and the soil skeleton as the result of
hydrostatic campression. Corrections, based on
observations of volume changes in the apparatus in the
absence of a sample, can be made for changes in the
volume of the dilatcmeter and the mercury it contains,
However, volume changes in the mineral skeleton of a
soil or rock specimen cannot be readily assessed and
may give rise to small errors in the determination of
pore volumes.

One other source of error arising from the test
procedures needs to be considered. This is the effect
of a change in temperature. When mercury is campress—
ed its temperature increases causing a chenge in the
surface tension. Thus the rate at which the pressure
is increased should be kept sufficiently low to per-
mit the temperature of the mercury to continually
equalise with that of the laboratory which itself
should be maintained constant.

{c) Interpretative Procedures

It is customary to drastically simplify the
problem of interpreting the test data by making the

assumption that the pores have circular ecross-sections.

Eg.1 may then be used to determine the equivalent
eircular pore radius, R, corresponding to any value
of the applied pressure,p. However, before Eg.l may
be solved it is necessary to assign values to the
surface tension, T, and the contact angle, 9 .
Although T is a constant for a particular temperature,
reported values vary widely. Values of T varying from
473 dynes/cm to 484 dynes/em (Ref.£) have been used
in investigations of soils and rocks. The contact
angle, § , depends on the nature of the material under
examination. The only values so far reported that are
applicable to soils are for clay mingrals (Ref.6).
These range from a mean value of 139 for bentonites
and montmorillonites to L47° for kaolinites and
illites. Thus at present it is often necessary to
assume values for B which are not supported by exper-
imental evidence. However, the error in determining
the equivalent pore radius essuming an erroneous
contact angle is probably less than that incurred by
essuming that the pores are cylindrical (Ref.10),

The need to employ some mathemstically tractable
model of pore geometry such as that represented by
Eq.1, places a restriction on the interpretation of
intrusion data. Whilst the effects of this restriction
can be minimised by the development of more reslistic

models, it should be recognised that the intrusion
method imposes a fundamental limitation on &l1 models
of pore geometry. This concerns the manner in which
the pores are interconnected. Where entry to a pore
is constricted it will not be penetrated by mercury
until the applied pressure is sufficiently high to
cause intrusion of the narrowest portion of the
entrance to the pore. Consequently the entire volume
of a pore wil) be assigned to a pore size equivalent
to the smallest dimension of the pore entrance rether
than to the mean or predominant size of the pore.

VI.- PARAMEIERS USED TC CHARACTERISE PCROSIMETER DATA

The data cobtained by intrusion porosimetry comprise
the frequency distributions of equivalent pore radii
and of pore volumes. From the limited evidence avail-
gble (Ref.5) including that presented below it appears
that the distributions will often be multimodal. It
is then necessary to derive suitable parameters from
these distributions to enable different pore systems
to be compared. Essentially the problem is to seleet
established statistical parsmeters for this purpese.
These include measures of lccation such as the mean,
median and mode, measures of dispersion, i.e.mcments
measured about the mean and other arbitrary origins
and measurement of kurtosis.

The selection and manipulation of suitable para-
meters is neither an obvious nor a simple decision,
In view of the exploratory nature of the experimental
work reported here it was decided only to use measures
of location and dispersion which were expected to be
comparatively insensitive to changes in the frequency
distributions. It was thought that if a change in
these simple parameters was observed it would reflect
a significant change in the frequency distributions.
The measures selected were the 10th, 50th {median)
and 60th percentile pore radii, but it is not suggest-
ed that these were necessarily the most suitable
parameters. However, it will be shown later that these
measures provided a useful if limited basis for com-
paring different pore systems.

VII.- THE EXPERIMENTAL WORK

In this section an experiment, which investigated
the concept of optimum moisture content in the com-
paction of scils, is described. This serves as an
illustration of a particular application of intrusion
rorosimetry to a well known, if hitherto intractable,
problem in Geomechanics,

(a) The Problenm

The gross porosity, n, of a compacted soil is an
inverse function of the energy expended during com-
raction. It has long been known (e.z. Ref.1ll) that
tfor most soils the minimum porosity is attained when
the degree of saturation, S_, lies within an optimum
range of approximately O.BSTto 0.90. Although simple
conceptual models, based on considerstions of soil
Structure, have been propocsed to explain the character—
istie peaked relation between dry density and
moisture content (e.g. Ref.12,13), such models are
generally restricted to clay soils. Thus it ought to
be recognised that, where changes in the structure of
soils, other than clays are involved, the mechanisms
of compaction are still not fully understood. It was
therefore decided to examine whether it was possible
to relate changes in the pore system of a soil to its
compaction characteristics.
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a ground glass joint (Fig.2). The presence of this
Joint provided s second porous space for the mercury
to penetrate during a test. Attempts to entirely
eliminate this source of error by calibration failed.
Consequently some of the intruded volumes, attributed
to the sample,sctually arose from a movement of mer-
cury into the Joint. Tests indicated that the joint
was completely intruded at a pressure corresponding
to an Equ%valent pore radius of approximately

6 x 10* A”., It is possible to remove this source of
error by using one piece dilatometers into which the
semple may be introduced through an opening which
m&y be subsequently sealed by fusing the glass walls
of the opening together (Ref,10).This requires the
use of a fresh dilatometer for each test. The high
initial cost of the dilatcmeters used by the suthors
prohibited this solution.

From the literature it appears that most of the
reported pore size distributions of socils and rocks
have been obtained using dilatometers sealed by
ground glass joints. It is probable therefore that
these distributions may be in error in the macrepore

Trange.

. In order to determine the digtribution of the
micropores smpller than 75,000 A™ the dilatometer was
transferred to the apparatus shown schematically in
figure 3. Here the dilatometer was placed in a high
pressure bomb which was then filled with alcohol.

The alcohol was connected to the high pressure side
of & pressure multiplier. By pumpling ©il into the
low pressure side of the multiplier, pressures of

up to 1,000 atmospheres could be developed in the
alcchol. The position of the mercury in the capillary
of the dilatometer was sensed by & steel follower
driven by a motor to maintain electrical contact with
the mercury. Signals representing the applied press-
ure and the movement of the follower were fed to a
chart recorder which kept a continuocus record. The
equipment was fully autcmatic and could complete a
test in sbout 1% to 2 hours. The range of eguivslent
pore sizes th%t could be mgasured using this equip—
ment was TS5 A~ to T5,000 A,
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PUMP PRESSURE BOMB
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Fig.3 Equirment for measuring micropores

It was observed that on relessing the pressure at
the end of = test a small volume of the mercury tended
to remnin in the semple. Visual exsmination of
specimens at the completion of a test revealed that

the s0il matrix was invariebly stained g grey colour
by the mercury retained in it. Thus mercury intrusion
is not a fully reversible process.

{d) The Results of the Experiment

The test data were interpreted using the simple
model represented by equation 1. lere wvalues of the
surface tension, T, of 480 dynes/cm and of the
contact angle, 8, of 141.3° were assumed,

A typical frequency distribution of equivalent
pore sizes in the msoil is shown in figure L. It will
be seen that the freguency distribution is multimodsl
and in this respect is similar to the distributions
observed elsewhere for highly indurated rocks (Ref.5).
The cumulative frequency distribution is shown in
figure 5.
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In view of the uncertainties introduced by the
presence of the ground glass Joint of the dilatometer
and in the method used to measure the macropores, it
was decided to restrict further analysis to equivalent
pore radii 1lying between 75 A° and 37,500 A”, It was
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believed that the results obtained in this range of
sizes was relatively free of errors arising from
defects in the appsaratus.

Two parameters were used to characterise the
distributions of pore sizes. These were the median
pore radiuvs, R_., and a uniformity coefficient,R&) RJ.O'
As shown in figures 6 and T, for particular porosities,
these parameters were found to be functions of the
initial degree of saturation, i.e. the degree of
saturation existing immediately after campaction. Tt
can be seen that the median pore sizes and uniformity
coefficients converged to single values at saturations
of 0,855 and 0.865 respectively.
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Fig.6 Median pore radius as e function of the
initial saturation

In fig.8, the total volumes of pores, in unit
dry weight of the soil, having equivalent radii of up
to 37,500 A” are plotted as a function of the initial
saturation for wvarious porosities. It was established
that, for a given gross porosity, the effect of a
change in saturation was to vary the total veolume of
the pores falling within the prescribed range of
equivalent pore radii. Moreover the pore volumes
were a maximum when the initial saturation was
0.865, i,e. samples campacted at this saturation
exhibited a greater proportion of the pore volume
made up of small pores than exhibited by samples
compacted on either side of this cptimum saturaticn.

Thus within the small range of saturations from
0.855 to 0.865, both the median pore sizes and
uniformity coefficients appeared to be single valued,
and the pore volumes were a maximum. This range of
saturation closely corresponded to that known to give
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leached with distilled water to achieve different
final salt concentrations in the pore fluid. The
fourth sample was prepared in sodium hexametaphos-
phate solution and this is referred to as the dis-
persed soil. It is recognized that considerable
flocculation probably existed in both samples, but as
will be seen later, the dispersed soll appeared to
exhibit a less random orientation than the floccu-
lated soil.

TABLE I

GENERAL SOIL PROPERTIES

Properties Values

Natural water content 63.5 - 66%
Liquid limit 70 - 71.5%
Plastic limit 32 - 34.5%
Specific gravity 2.70
Particle size distribution

sand 2-0.074 rmn 4%

silt 0.074~0.005 mm 38%

clay 0.005 mm 58%

The method of preparation was similar to that
adopted by Bjerrum and Rosenqvist (Ref. 1l1) and is
discussed briefly below, A more detailed discussion
of the procedure is presented elsewhere (Ref. 12).

Sedimentation of the flocculated soil was accom-
plished by introducing a suspension into perspex
¢ylinders in increments of about 550 grams, The
s0il suspension had a water content of 200 per cent
and used 1.5 N sodium chloride solution as the pore
fluid, For the samples that were subjected to
leaching, distilled water was allowed to percolate
through the soil until the salt concentration in the
porefluid had redched 17 gm/1 (0.3 N) in one sample
and 6 gm/1 (0.1 N) in the other, All samples were
consolidated one~dimengionally in the cylinders under
a pressure of 10 1b/in? prior to sampling. Thisg
pressure was equivalent to the in situ overburden
pressure of the natural soil.

The dispersed sample was prepared in a similar
manner except that the suspension was introduced in
increments of about 150 grams and sodium hexameta-
phosphate solution was used as the pore fluid,

The s0il samples were divided inte four groups
according to the conditions of sedimentation and
leaching as desecribed previously. Isotropically
congolidated undrained triaxial tests with pore
pressure measurement were performed on each sample.
The samplss were consolidated under a pressure of
120 1b/in“ and then unloaded to obtain overconmsoli-
dation ratios of 24, 15, 8, 3, and 1.

All samples were tested by using conventional
triaxial equipment and procedures. A loading rate
of 0.00156 in/min was used throughout.

III.- RESULTS AND DISCUSSION
{a) General Soil Properties
Table II summarizes the properties of the

artifically sedimented soils used in this study. of
particular interest is the fact that although the

horizontal shrinkage of the dispersed sample is only
slightly greater than that of the flocculated samples,
the vertical shrinkage is considerably more. This
suggests a more orderly particle arrangement in the
dispersed sample. If the orientation were random
the shrinkage should have been the same in all
directions as was nearly true for the flocculated
soil,

(b} Consolidation Characteristics

Fig. 1 shows the isotropic consolidation
characteristics of the various samples. For the
flocculated soil the compressibility was unaffected
by leaching. However, the unleached soil expanded
less than the leached soil when unloaded. When the
pressure had decreased to less than about 15 lb/in?
the rebound curve for the unleached soil approached
the curves for the leached soils.

At small strains, the compressibility of the
soil depended primarily on the geometric arrangement
of the particles (Ref. 13). Since the particle
arrangement was not influenced appreciably by the
leaching process, the compression portiomns of the
curves for all flocculated gamples coincided,

The difference between the rebound curves re-
flects the difference in the amount of strain energy
that was stored in the soils, As the soil was
loaded, strain occurred by deformation of the parti-
cles and by changes in the particle spacing so as to
produce electrical interparticle forces and inter-
particle contact forces of a magnitude that would be
in equilibrium with the extermally applied forces.
During loading, diagenetic bonds were formed between
the particles (Ref. 8)., When the soil was unloaded
these diagenetic bonds prevented the particles from
returning to the spacing to which they would have
returned if the bonds had net existed. Therefore,
some of the recoverable strain energy of the soil
was stored in the diagenetic bonds (Ref. 9). The
stress induced in the bonds was a function of the
imbalance between the interparticle forces and the
externally applied forces. Thus, for any particu-
lar goil the greater the OCR was, the greater should
have been the stress induced in the bonds, i.e. the
amount of stored strain energy.

The exact mature of these diagenetic bonds is
not clear but they are believed to be the result of
extremely high stresses and very close contact be-
tween particles at points of "contact". Another
contributing factor to these bonds may have been a
bridging type of bonding resulting from a higher
concentration of adsorbed fons at points of close
proximity between particles (Ref. 14). The de~
crease in salt concentration during leaching would
decrease the strength of this type of bond., The
effect of leaching on other factors influencing bond
strength is not clearly known, but it appeared that
the net effect of leaching was to decrease the bond
strength.

Leaching would alsc have increased the elec-
trical repulsion forces between particles. This
could result in the interparticle forces changing
from a net attraction force to a net repulsion force
at certain interparticle gpacings.

During unloading more bonds failed in the
leached so0il than in the unleached soil because of
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TABLE II
PROPERTIES OF SOIL AFTER SEDIMENTATION
Flocculated Soil
Soil Property Dispersed Soil
Unleached Leached Leached
Soluble salt contentl 84 gm/1 17 gm/1 6 em/l
(1.5 N) (0.3 W) (0.1 H)
Ligquid limit 68 - 70% 68 - 71% 69 - 70% 74 - 76%
Plastic lim%t 32 - 33% 31 - 33% 33 - 347 37 - 38%
Sensitivity 3.4 4.7 5.3 5.4
Vertical shrinkage 1.19-1.23 1.18-1.28 1.19-1.24 1.30-1.32
Horizontal shrinkage 1.16 1.16 L.16 1.19
Effoctive cohesion intercept | 3.3 1b/in? | 2.7 1b/in?| 2.2 1b/in?| 4.2 1b/in’
Effective angle of friction 24,19 22.3° 22.3° 18.1°

1 From measurement of the conductivity of the solution

2 From unconfined compression tests

3 Ratio of linear dimension of undisturbed soil to that of oven dry soil

1.8
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Fig. 1 Isotropic Consclidation Characteristics

the weaker bonds and the greater stresses induced in
them by the larger repulsion forces. Thus, during
rebound more strain energy was stored in the un-
leached soil. Also, it is seen from Fig. 1 that
the amount of strain energy stored in the soil was
inversely proportional to the amount of leaching.

At high values of OCR, the imbalance between
internal and external forces was great emough to
cause failure of an increased number of bonds in the
unleached soil. Hence, the rebound curves for all
three flocculated soils tended to converge at low
pressures. Nevertheless, the amount of strain
energy stored in the various flocculated soils at
all pressures was inversely proporticnal to the
degree of leaching.

Because of the difference in initial water
contents, the consolidation curve of the dispersed
goil is displaced considerably from those of the
flocculated soils. Also, the dispersed soil was

more compressible than the flocculated soil, This
was because the dispersed soil had a comparatively
thicker double layer, a more parallel particle
arrangement and less actual particle contact, Be-
cause of the less random particle arrangement the
dispersed soil had fewer interparticle contact points
at which diagenetic bonds could form during comsoli-
dation. In addition the different electrolyte may
have resulted in weaker diagenetic bonds in the dis-
persed soil. Consequently, the dispersed soil re-
bounded more than the flocculated soil and consider-
ably less recoverable strain energy was stored in the
dispersed soil during unloading.

{(c) Stress-Strain Relationships

Fig. 2 through Fig. 5 show the normalized
deviator stress as a function of strain for the
various samples. Stregses Were normalized by divid-
ing by the value of the consclidation pressure prior
to shear.

By comparison of the various curves it can be
seen that the maximum deviator stresses of the nor-
mally consolidated gsamples did not differ signifi-
cantly from each other. Along the loading porticn
of the consolidation curve no stresses were induced
in the diagenetic bonds other than what could normal-
ly be carried just by contact between particles, with
the exception of possibly some small sliding or shear
gtresses. Thus, these bonds contributed little or
no strength to the normally consolidated samples.

For overconsolidation ratios greater than
unity, the normalized deviator stress decreased with
an increase in the amount of leaching. The increase
in mormalized deviator stress with OCR is caused by
the stored strain energy in the diagemetic bonds.
Thus, the bonds caused the internal stress in the
soil to be greater than what would have existed if
the bonds had not stored energy. The increase in
internal stress resulted in a strength greater than
what the soil would have had at that consolidation
pressure if it was normally consolidated. Further-
more, the relative increase in strength was greater
at higher overcomsolidation ratios because of the
greater imbalance between internal and external
stresses.
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values of OCR.

The particle arrangement of the flocculated
soils was probably similar to a "card-house' type of
arrangement and a considerable amount of inter-
particle contact probably existed. As was pointed
out by Bjerrum (Ref. 8), deformation of the particles
may contribute greatly to the recoverable strain
energy. Thus, in the flocculated soil even if the
net electrical force was attraction the resultant
interparticle force would be repulsion. The re-
pulsion force then induced stress in the diagenetic
bonds in all soils during unloading of the soil.

However, if the leaching increased the re-
pulsion forces and if a sufficient amount of elec-
trical interaction existed in the flocculated soils
this would have had the effect of increasing the
stresses induced in the bonds in the leached soil.
If the greater stress was sufficient to cause fail-
ure of more diagenetic bonds this would explain, in
part, why the leached scil stored less strain energy
during rebound. Considerably more research is
necessary, however, to explain fully the reasons why
the various soils stored different amounts of strain
energy.

It was seen from Fig. 1 that the unleached
80il appeared to store the greatest amount of strain
energy. As seen from Fig. 8 it also exhibited the
greatest tendency to dilate. Similarly, a greater
amountt of leaching decreased the amount of strain
energy stored in the bonds, and hence, decreased the
tendency of the soil to dilate,

In Fig. 1 it is seen that the dispersed soil
exhibited the greatest amount of rebound and in
Fig. 8 it showed the least tendency to dilate. The
anomalous point at an OCR of 24 in Fig. 8 is believed
to be due to the residual pore pressure in this soil
after rebound, as discussed previously., In view of
the expected greater electrical interaction between
particles and the less random orientation of
particles this soil should have contained more re-
coverable strain energy than the flocculated samples.

However, formation of diagenetic bonds would have
occurred mainly at points of high interparticle
stresses and close proximity between mineral sur-
faces, i.e. points of edge to face contact (Ref. 8).
Because of the less random particle orientation
fewer such points existed in the dispersed soil and
fewer diagenetic bonds were formed in this soil.
Consequently, a relatively small amount of strain
energy was stored in the soil, and it exhibited a
relatively small tendency to dilate.

Finally, it was stated previously that under
normally consolidated conditions little or no strain
energy was stored in the diagenetic bonds, Thus,
dilatation did not occur in the normally consolidated
clay samples.

IV,~ CONCLUSION

A mechanism for the dilatation of clays has been
put forth, According to this hypothesis it was
considered that during consolidation, dilageneric
bonds were formed in the soil. When the consolida-
tion pressure was reduced, these bonds carried some
of the internal stress, and hence, recoverable
dtrain energy was stored in the bonds. When the
soil wag gheared, the bonds were broken and the con-
sequent release of strain emergy resulted in dila-
tation.

It was seen that the amount of recoverable strain
energy stored in the bonds, and hence, the amount of
dilatation that the soil exhibited depended on 1) the
stress history of the soil 2) the strength of the
diagenetic bonds and 3) the amount of recoverable
strain energy in the soil.

As the OCR increased, the amount of strain energy
stored in the bonds increased. Thus, the dilatation
increased as the OCR increased.

The stronger the diagenetic bonds were the
greater was the ability of the so0il to store strain
energy. If the bonds were too weak, they failed
during rebound of the soil after consolidation,
Hence, soils with weak bonds were not capable of
storing as wmuch strain energy as -soils with stronger
bonds, and the dilatation decreased as the strength
of the bonds decreased.

Soils with a small amount of recoverable strain
energy would not induce much stress (i.e., strain
energy) in the diagenetic bonds. Hence, not much
dilatation would occur in such soils.

In normally consolidated clays, diagenetic bonds
may have been formed, but there was little or no
recoverable strain energy stored in them, Conse-
quently, dilatation did not occur when these soils
were sheared.
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E;f = tan2(60 + ) = tan?(45 + ¢/2) ekl
or
b= ¢ + 30° v..d.2

!

In an ideal isotrepic element however, all values
of 'i' are equally possible and the maximum pessible
strength at failure is

S1p

Ugf
The maximum strength must therefore lie between the
values given by equations 4,1 and 4.3, It is to be
noted that, in the ideal situation, a given systone
may be reduced from infinite strength to the minimum
value merely by rotation with respect teo the princi-
pal stress directions through an angle of i = (30 -

2],
4,/0)
V.- THE STRONG SYSTONE HYPOTHESIS

b cea 3

Consider a random array of disc systones repre-
senting an isotropic element. If a line - represent-
ing a potential failure plane - is drawn through such
an array, then all orientations of the systone have
an equal probability of being found on this line, in-
cluding some systones of, theoretically, infinite
strength (equation 4,3}. In contrast with the simple
tension mechanism, which depends on its weakest ele-
ment, a shear mechanism cannot be propagated until
the strongest systones collapse and, ideally, thie
shear strength is therefore dependent on the stabil-
ity of the strongest systone - which in the case of
the simple disc systone is infinite, Clearly, in a
practical situation infinite strength is unattainable
because, apart from the fact that the discs themsel-
ves cannot be infinitely strong, inevitable geometri-
cal imperfections will mitigate against this situ-
ation. Nevertheless it is important to recognise
that the maximum strength in shear is governed by the
stability of the strongest systone(s). Once the
strength of the strongest systone(s) is reached it
will fail by the process of gap formation which in-
volves dilation, The systone dilation cannot contin-
ue indefinitely as the discs will come into contact
with new neighbours giving a new systone with orient-
ation differing from the original critical value., It
should be noted that the new systone orientation can
be developed without involving a body rotation of the
original systone. The limit of this process occurs
when, along the failure 'line! a uniform orientation,
corresponding with the appropriate minimum (principal)
stress ratio in Figure 4, is reached.

In practical terms, the strength of the strongest
systone(s) is identified with the peak strength of a
material such as dense sand while the stable uniform
orientation is associated with the ultimate or resid-
ual value., The physical model resembles the behawvi-
our of slender columns, where the ideal infinite
strength of a theoretical centrally loaded strut can-
not be achieved practically because of the limitat-
ions of material strength and the influence of imper-
fections in loading and strut geometry.

Figure 5 illustrates the application of the above
hypothesis to a typical stress-strain diagram for a
dense sand.

| b

\
\

0
\
\ ] 0,
G, P

STRAIN and i

Systone Orientation and the Stress/Strain
Behaviour of Dense Sand

Fig. 5.

There are a number of factors which preclude the-
oretical prediction of the orientation of the strong-
est systone(s). Thus further means of predicting the
peak strength must be sought.

VI.~ THE SPHERE SYSTONE

The simple disc systone is not adequate to des-
cribe fully the phenomencn of collapse of granular
materials, When a three-dimensional systone of
spheres is considered, the intermediate principal
stress is found to have a significant influence on
the collapse conditions.

Rennie presented a general analysis of this pro-
blem, taking into account the orientation of the Sys-
tone, He showed that for the minimum strength con-
dition, i.e, when the systone is orientated in its
least favourable direction, equivalent to the lowest
points of troughs in Figure 4, the principal stress
ratie at collapse could be expressed as

9l = 2+42v6tand +7tan¢ - 3 Yétandp v..6.1
ag ¥ u 9 1
Scott (Ref. 5) has pointed out that this equation is

identical with that he produced from the earlier work
of Thurston and Deresiewicz viz:

3f3+4tan2¢u + (731272ian¢u)

= vedb,2
93 3/3+4tan2¢u - (/3+472tan¢u)
which in turn can be expressed as
V3 + 4V2 tan ¢
tan ¢ = ————— M vee6.3

2({6~tan¢u}

where tan ¢ is the Coulomb friction parameter.

Subsequently, using the method developed by Ren-
nie, Parkin (Refs. 6,7) has shown that an essential
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requirement for equations 6.1 to 6,3 to be valid is
that s

o 3 Ttd ...6.4
] @& )

] 5
Thus, in particular, these results are not applicable 5/ o _‘5\\>//
I

to the conventional triaxial test condition,

The solutions obtained by Parkin for the values T 4/ p
of op outside those covered by equation 6,4 are shown L ’
in Figure 6, O3 ,

It should be emphasised that in applying the re- -
sults of equations 6,1 to 6.3 to test results on P
materials such as sand they are only applicable ta 2 #
the ultimate or residual condition. /

As the orientation of the strongest systone cor- S
responding to the peak condition is again indetermin- 1 5
ate it is not possible to predict directly the peak 1 2 o 3 4
strength ratio. /0,

Nevertheless it may be inferred from the analysis
that the shape of diagrams showing the principal
stress relationships at peak is similar to that for
the residual condition. Evidence in support of this Thick Cylinder Tests (Kirkpatrick 1957)
is given in Figures 7 and 8, (Kirkpatrick Ref, 8,
Bell Ref. 9 and Ko Ref. 10), Similar results were Fig. 7.
obtained by Sutherland and Mesdary (Ref. 11).
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Because of the restraint of stronger neighbouring
systones however they cannot develop failure at this
stage. The effect of these neighbouring systones on
the weaker ones is analogous to the increased streng-
ths developed in a multi-stage triaxial compression
test, As the stresses are increased further towards
failure of the sample as a whole the stronger sys-
tones being also stiffer will attract a greater pro-
portion of the applied loads. If stiff end platens
are used the load concentrations on the stiffer sys-
tones will be amplified. This suggests that stress
controlled boundary tests in which the loads are all
applied through flexible membranes should show higher
peak strengths than deformation controlled boundary
tests in which some or all of the loads are applied
through stiff platens,

The stress controlled tests reported by Ko and
Scott (Ref. 15) have been criticised by a number of
authors (Ref, 11) because of the influence of corner
restraints on the test results and the relatively
high strengths observed have been attributed to this
influence. The present argument suggests however
that this may not be the sole or critical factor in
producing these higher strengths.

If this argument is correct it also follows that
the real values of the plane strain and triaxial com-
pression results should be higher than those shown in
Figure 9,
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These results from oriented drill core can be
compared with those from exposure mapping (Fig. 6).
The main difference between these two sources of

DATA FROM DRILL CORE

Natural fractures
discontinuous across core

Naturai fractures
continuous across core

Natural bedding
plana breaks

Drilling induced fracturas
ona weakness plane

Fig. 5 Data from diamond drill core for proposed
underground crusher excavations., Plots of
poles to planes on lower hemisphere sterco—
graphic projection.

DATA FROM UNDERGROUND MAPPING

Fractures not continucus
tor 10 by 10feet

Fractures continuous
for 10 by 10 feet

N

Fig. 6 Data frcm underground mapping for proposed
underground crusher excavations. Plots of
poles to planes on lower hemisphere sterso-
graphic projection.

data are that, for exposures, fractures which contin-
ue more than 10 feet by 10 feet are separated from
thogse continuing less than 10 by 10, and that fract-
ures smaller than 2 feet by 2 feet are not measured.
The three orientation sets for fractures from
exposure mapping are the same as sets I, II and III
from drill core (Fig. 7).

ALL FRACTURE DATA COMBINED

Drill core

underground
N

274 poles

Contours:  24,68,10% per 1% area

Fig. 7 M1 fracture data combined for proposed
underground crusher excavations. Plots of
poles to planes on lower hemisphere stereo-
graphic projection.

Table I shows that for exposure mapping many of set
I and some of set II continue more than 10 feet by

10 feet, but that set III are all less continucus.

Many of set I are shear fractures.

TABLE I
RELATIVE PROPERTIES OF SETS OF FRACTURES AND BEDDING
PLANE BREAKS
Fracture set I II I1Y v v

Drill core data
Relative number
Relative number
Continuity index
Cohesion index

¥ 9% 4
10% (only sts I-II)
1.4 0.25 1.0 0.67
1 1 1.3

Qw1 O
.
co

-
AR

Exposure mapping
data

Relative number 9% 15 &%
Continuity index 0.58 0,20 0

Bedding plane breaks,
from drill core
Continuity index 5.1
Cohesion index 0.41

By considering data from both sources, weighing
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III.- GENERAL OBSERVATIONS

The vertical loads required to scratch glass,
silica glass, and quartz, were very comparable in
magnitude and were of the order of 1 kg for the
diamond of radius 0.5 mm and 7 kg for the 1,0 mm
radius diamond. This would result in an average
pressure of = 50,000 kg/cm® over the area of contact,
though the actual pressure at the centre would be
much higher. A precise calculation is not possible
without making some assumptions about the degree of
plastic deformation. The formation of the “chatter
cracks" seems to be a statistical process, and the
threshold load 1s not easy to determine. Many of
the lighr-load tracks, for instance, may have only
one or two Hertzlan cracks along their entire length;
others may show a great length of regular cracking,
followed for no apparent reason by an equally great
length in which there is no cracking at all - merely
the plastically deformed track. The cracking
patterns may be “developed" by etching in dilute
solutions of HF.

The effects of lubrication and other variables
cannot be evaluated quantitatively because of the
qualitative changes which often occur in the erack-
ing pattern. We used water, a 10% solution of
soluble 0il, a 10% solution of teepol detergent, a
10% bentonite suspension, and machine oil as
lubricants or cutting fluids. In addition some
surfaces were prepared by vibratory polishing and
some by polishing on a rotary lap. In the case of
quartz, some plates were cut with the ¢ axis normal
to the surface, and some with c¢ parallel with the
surface. In the latter case, scratching was carried
out both parallel to the axis and across it.

In almost all cases, the least cracking occurred
with a dry surface, or when the surface was lubri-
cated with machine oil. The greatest damage was
caused when the surface was flooded with the bento-
nite slurry or the detergent solution. There were
some exceptions to these generalizations, e.g. when
scratching occurred parallel to the ¢ axis on
quartz, the lubrication by machine oil became less
effective, and considerable cracking occurred.
Another peculiarity of the machine oil scratches was
the large amount of residual stress in the substrate
after cracking. With other cutting fluids such
stresses were not observed (compare Dalladay
(Ref.10)). The residual stress with oil may be due
to adsorption of an o1l film within the cracks, but
it could not be removed by washing in detergent
solution. Some relief of the strain could be effected
by further sub-surface cracking when the specimen was
etched, Other effects due to the cutting fluid are
small, although in some cases it 1s apparent that
the bentonite slurry and detergent soclution cause
surface abrasion in preference to deeper longitudi~
nal cracking.

The radius of the diamond affects the width of
track and the load required to induce cracking, but
does not greatly affect the cracking pattern. The
frequency of longitudinal cracks is much greater
with the small than the large radius diamond.

The substrate itself is the variable that affects
most the appearance of the cracking patterns, but
the amount of damage for a given load and speed does
not vary greatly between soda glass, silica glass,

and quartz. The patterns in soda glass were usually
much closer to the simple Hertzian geometry than in
the silica compositions. Cracks in crystalline
quartz tended t~ follow particular crystallographic
directions, but never intersected to form a sharp
angle like those on diamond (Ref. 3). For plates cut
parallel to the c¢ axis, scratches across the axis
produced much less damage than those parallel to it.
The latter were comparable with those on the basal
Plane. An interesting effect of the method of
surface preparation occurs with the small radius
diamond and with bentonite slurry or detergent
solution; the tendency to surface abrasion already
mentioned 1s much greater in the vibratory polished
specimens where the surface layer of disordered
material is probably less. The abrasion is
accompanied by finely spaced reverse cracking as
shown in fig. 2.

Fig. 2

Closely spaced reverse cracking and surface
abrasion associated with bentonite slurry
and detergent solution. Arrow shows
apparent direction of motion of the diamond.

IV.- DETAILED CRACK STRUCTURE

Some interesting features can be observed by
microscopy at magnifications up to 500 times. The
cracking patterns on glass are the simplest, and for
both large and small diamonds suggest the usual
regular sequence of Hertzian cracks radiating out-
wards and downwards from the surface at an angle of
40-500 (fig. 3a). Closer examination usually shows

AEANANANANAN

» L L L L
¢ ——L—00»













222

Some Basic Aspects of Diamond Drilling

D. RowLaNDS, B.Sc. (Hons.), M.E., Dir.MET.MIN., M.Aus.LM.M.
(Senior Lecturer in Mining Engineering, University of Queensland)

SUMMARY.- A theoretical model of the fracture pattern associated with the penstration of a diamend into

brittle rock is presented.
properties of the rock.

Diamond bit design is discussed in terms of this model and the physical
The operating variables associated with diamond drilling are discussed, and some

laboratory results are given tegether with details of fnstrumentation and methods used te normalize results.

I.- INTRODUCTION

At this date it would be correct to talk about
the "state of the art" when discussing the operaticn
of diamond drilling. Very little basic informaticn
is available regarding this rather costly operation,
and that which can be obtained is rather subjective
in nature. The work described in this paper arises
from the initial part of a programme of diamond
drilling research aimed at obtaining basic data,
based upon measurement, from which it is hoped to
establish a more scientific understanding of the
operation.

II.~ THEQORETICAL MODEL OF THE CUTTING ACTION OF A
DIAMOND BIT

The cutting action of the diamond bit depends
upon two basic mechanisms, the axial penetration of
the diamond into the material being drilled, and the
rotary ''shearing" action of the applied torque. These
may be modified by the physical preperties of the
rock.

(a) Agial Penetration

Consider the penetration of a single diamend
octahedron intc a homogeneous isotropic brittle rock.
Fig. 1.

Hoek {Ref. 4) has shown that in a brittle rock
under the action of a compressive force, tensicn
cracks develop in the direction of the applied major
stress. Thus in Fig. 1 tension cracks would be ex-
pected to develop at the apex of the octahedron, and
normal to the cleavage face of the diamend. 1In
addition, due to the lateral displacement associated
with the wedge penetration, shear stresses and shear
cracks develop as illustrated. Penetration would be
associated with the initial elosing of open
"Griffith" cracks follewed by elastic deformation up
to the point of brittle crack initiation. Plastic
yield then occurs as cracks develop (both tensile
and shear) until final fracturing develops. Tensile
cracks may locate and initiate later shear failure.

THRUST

~~.SHEAR
CRACK

Fig. 1. Penetration of diamend into brittle rock.

{b} Rotational Cutting

In addition to the thrust that results in axial
penetration, the diamond is alsc subjected to a torque
which develops a rotary cutting or shearing action.
The torque force will cause shearing along the shear
cracks illustrated in Fig. 1, while additional shear
Planes may also be developed. The transition from
elastic straining to sudden failure of the rock, under
the action of the shearing torque force, accounts for
the vibration associated with diamond drilling.
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TRANSOUCER
LDAD CELL

Fig. 2. Diagramatic illustration showing a section

of drill rig.

Bit penetration is measured with an electrical
displacement transducer fitted to the rotary swivel
which carries the drilling bit.

Drilling fluid flow is obtained from an instru-
ment designed about a mercury manometer which
measures the differential pressure associated with
the drilling fluid flowing through a restricted pipe.
The mercury forms the variable plate of a capacitor
which actuates a capacitance bridge as deseribed by
(Ref. 10).

The range and sensitivities of the various trans-
ducers under operating conditions are tabulated
below. Table 1 lists the combined sensitivity of
transducer and recorder, i.e. the minimum variation
that can be clearly read on the recorder.

In order to make an adequate study of the inter-
relationships between the drilling variables, it was
decided that continuous recording of all measuring
transducers was essential. A six pen graphic re-~
corder was chosen in preference to a magnetic tape
recorder because of the recording speed range and
the ability to visually follow the transducer cutputs.
Any malfunction of a transducer can be immediately
observed and corrective action can be taken. In
addition the recording of all variables on one chart
greatly simplifies the problems of data correlation,

storage and processing.

TABLE I

COMBINED TRANSDUCER AND RECORDER SENSITIVITY

Variable Sensitivity Range
Torque 0.5 1lbs. 0~70 lbs.
Thrust 3.5 1bs. 0-450 1bs.
Penetration 0.016 ins. + 3 ins,
Rotary Speed 10.0 r.p.m. 2,000 r.p.m.

Water Flow 0.0004 gall/min.

0.003 gall/min.

0-0.15 gall/minl.
0-1,0 gall/min.
0-100 p.s.i.

Water Pressure 0.25 p.s.i,

(b) Discussion of Results

The following results were obtained for an EX
diamond coring bit cutting a hole of 1.459 inches
diameter and yielding a core 0,839 inches diameter.
Fig. 8 i1s a plot of torque force in lbs. against
thrust in lbs. The results were obtained from
measurements taken in four holes over a depth of
approximately 12 inches, at various rotary speeds
and thrust. Water flow was maintained constant at
0.12% galls per minute. The plot shows clearly that
torque force is proportional to thrust for a given
rock/bit combination, irrespective of the rotary

speed. The conditions indicated are thus specified
by equation 5.
C,N
_ 2
e = — 5.

Fig. 4 is a plot of penetration rate in inches per
minute against rotary speed in nevolutions per minute
at various thrusts. The figure shows that the pene-
tration rate is proportional to the rotary speed for
a constant thrust, and also that the penetration rate
increases with thrust, Since the cut area of the
hole is 1.119 square inches the range of mnominal
stresses varies from 160-390 pounds per square inch.
Fig. 4 shows that R is proportional to N, which
indicates that the specific energy is constant for a
given thrust. Fig. 5 shows the relationship between
specific energy and thrust. One plot at a constant
speed has been reproduced since it was found that
above a critical thrust of some 250 lbs., the
specific energy did not vary with rotary speed, but
vwas dependant upon thrust alone for a constant rate
of drilling fluid flow. A possible explanation of
this relationship is as follows, In drilling
operations, energy is expended to bring about elastic
deformation, plastic deformation and create new
surface in the rock. The greater the penetration of
the diamonds into the rock, the larger the particles
produced, resulting in a reduction in the energy used
in creating new surface area; this reduction being
independant of the rotary speed of the drill,

Fig. 6 shows this relationship in another form.
In this figure specific energy has been plotted
against rotary speed at various bit thrusts.
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Fig. 6. Relationship between specific energy and rotary speed at various thrust,

"new-bit" conditions.

The data previously presented has been normalized
to account for wear, the corrections being made as
follows, For each new rock specimen, in which some
10-12 inches of drilling was undertaken, a small
depth was drilled at standard conditions of thrust,
rotary speed and water flow. The penetration rate
and the specific energy for these standard conditions
were then tabulated against the cumulative depth
drilled, A least squares regression Program was
executed on the data with the aid of a digital com-
puter to give the best fit relationship. The raw
data was then corrected back to "new-bit" conditions
by this normalizing curve.

For the data presented the general form of the
normalizing curve is given by

R = a(exp)_bD 6.
So that log R = log a ~ bD log (exp)

where R = Penetration Rate {thousandth of an ineh/
minute)

D

cumulative depth (inches)

a and b are constants; a gives the initial drilling
rate, while b depends upon the abrasitivity of the
rock being drilled.
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Model Studies of Fragmentation of Explosives

G. D. Just, B.E,, Pu.D., A.M.Avus.L.M.M.
(Lecturer in Mining Engineering, University of Queensland)

D. S. HeNDERsoON, B.E.
(Postgraduate Research Scholar, Department of Mining and Metallurgical Engineering, University of Queensland)

SUMMARY .- Measurement of the size distribution of rock particles produced by explosive charges should indicate

the relative effectiveness of any blasting design.

Such data, although commonly used to optimise rock breakage

in mineral processing, has not apparently been used to optimise the explosive rock breakage process. The paper
describes the results of investigations into the size distribution of particles produced by blasting in small
scale models. Crater testing techniques were used with the charge located at varying distances from the surface.

A method of analysis has been developed toc describe the

particle size distribution in terms of the geometry and

size of the explosive charge. The significance of these results to full scale blasting operations is discussed
in relation to the modelling parameters used in the experiments.

I.-INTRODUCTION

The rock breaking process is an essential Feature
of most mineral extraction and processing operations.
Fragmentation in primary and secondary breaking
affects materials handling preoblems in mineral ex-
traction, and crushing and grinding processes control
the liberation of mineral particles in mineral pro-
cessing. Although major technological advances have
been made in the materials and power sources avail-
able to the mineral industry for rock breaking, the
real efficiency of the rock breaking process remains
very low. If the efficiency is to be increased,
research is necessary to develop entirely new con-
cepts.

Advanced research into the nature of rock
breakage has not yet resulted in the develcpment of
a satisfactory theory to explain the observed
phenomena in a rock mass subjected to impact loading.
A rock breakage process cannot therefore be described
using basic scientific prineiples. Initially an
empirical approach must be made, followed by contin-
uous improvements as the results of full scale
applications become available until sufficient re-
liable data are obtained for a sound theory to be
developed and tested. An example of this approach
has been the development and application of rock
breakage models in mineral processing. These models
are based on size distribution analyses of the
initial and final products. The application of this
technique to rock breakage by explosives is restric-
ted by a lack of knowledge of the size distpibution
of the material broken by blasting.

One major problem on the use of size distrib-
ution as a measure of blasting efficiency is the
difficulty associated with the measurement of this
parameter in full scale blasting operatiens. Attempts
to overcome this problem by the use of photographic
and sampling techniques have not yet been successful.
However, further tests have been planned in which all
material from a large-scale blast will be screened to
obtain statistical information to improve sampling

techniques. The main objective of the research pro-
gramme on fragmentation in small scale blasting
experiments, as described in this paper, was to
develop a method of analysis which would indicate
the nature of any relationship between size dis-
tribution and charge burden. This should reduce the
amount of costly full-scale testing required to
develop a practical mathematical model to optimise
industrial rock breakage operations.

The current pestgraduate research programme on
rock fragmentation by explosives has been in Progress
since 1970, This paper describes the detailed
results achieved during this period. A method of
analysis to relate these results to full-scale
operations is presented. Further large scale
testing is planned to determine the significance of
these model relationships. Because the available
literature on this subject does not contain any
reference to studies of this nature, detailed results
have been presented in the Appendix to this paper.

II.- CRATER TESTING THEQORY

The most commonly used method of evaluating the
performance characteristics of a particular explosive
in a given material is a series of crater tests. This
allows the determination of critical depth, strain
energy factor and optimum depth ratio as defined by
Livingston in 1956 (Ref.1). Also inherent in the
Livingston Crater theory is a method of scaling,
which allows larger scale blasts to be designed from
testing on a small secale.

The Livingston theory has been successfully
applied to large scale production blasts by Bauer in
1961 (Ref. 2) and Grant in 1964 (Ref. 3).

For a concentrated charge buried below a free
face, Livingsten defined four ranges of behaviour of
the blast, depending upon the burden or distance from
the charge to the free face. These wepe;:-
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VII.- APPENDIX
RESULTS OF CRATER TESTS - CONCENTRATED CHARGES Sereen Cumulative % Passing (100Y)
. Size
Block 24 - No. 6 detonators in mortar (x) IAB 247 248 249 2810
CONCRETE - Sand/Cement/Water = 2:1:;0,5 (ems)
SAND - Coarse river sand 2,69 100 100 100 93,46 4.8
1.885 90.55 86.35 83.48 80.91 4.84
Compressive strength = 5730 psi 1.33 72,41 70.78 63.22 58,58 4.84
N _ . cas .9n23 66.23 55,25 43.93 Lo.91 3,90
Tensile strength = 425 psi (Brazilian Test} 566 51.u4| as.08 | 30.18| 26.57 o 77
Specific gravity = 2,15 .3327 39.85 31,15 20.48 18.99 1,33
.1981 33.89 25.81 17.88 14,43 .93
CRATER INFORMATION (2A) .085 20.53 13.66 9.08 6.69 .37
o] Q Q 0 o] 0
Hole | Burden Burden to C/G Crater Av. Crater
0. Drilled | of Charge Vol. Radius These results plotted in the form
(ems) (cms ) (ces) (cms)
log 1n (100Y) vs. log %
2A1 0 0,32 8.5 2.2 % f
2A2 0.5 0.B2 17 3.0 . . . 1 4.8(=)
A3 1 1.32 1.5 a.o Elve the relationship Y = T30 © L
2AL 1 1.32 24 4.4 1 d.2
2A5 2 2,32 56 5.4 where f = g—gg-(ﬁa i.e. E = 5,63
248 2 2,32 60 5.7 ’
2A7 2.5 2.82 102 6.7 = burd
2A8 | 3 3.32 148 7.5 . en
2A9 3.5 3.32 148 7.3 = optimum depth
2A10 3.5 3.82 95 6.0
2A1] 3.5 3.82 Misfired
2412 4 4,32 Cracks occurred BLOCK 2B - No. 6 detonators in mortar
2A13 4 4.32 " "
2814 | 4.5 4,82 No effect CONCRETE - Sand/Cement/Water = 2:1:0.5
From Crater results, SAND = Coarse river sand
Optimum depth (D) = 3.32 em Compressive strength = 5,500 psi
Critical depth (CD) = 4.00 em Tensile strength = W10 psi (Brazilian Test)

.. A = 0.83 Specific Gravity = 2,15
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An Analysis of Pile Loading Tests in a Stiff Clay
By

S. B. Bromuam, B.Sc.

(Senior Scientific Officer, Country Roads Board, Victoria) %)
AND Qv
J. R. StyLEs, D1p. C.E., B.E. (Civil), Grapn.I.E.AusT.
(Lecturer in Civil Engineering, Preston Instirute of Technology) -
? /2Lé&27 igbvevz¢¢

I.- SUMMARY - Results are presented for loading tests performed on two steel shell piles driven into the stiff
clayey soil of the Dandenong Valley area - about 15 miles south-east of Melbourne. The observed behaviour is
compared with predictions based on the parameters obtained from extensive sampling and laboratory testing, and
from the results of in-situ testing, including S.P.T. and Friction Penetrometer soundings which provide a
direct measurement of both end bearing and side friction for each soil type.

The effect of load duration on the settlement characteristics of a single pile was examined by using three
distinct loading pericds. The data obtained do not support the concept of a unique stress - strain relation~
ship but indicate that the relationship is dependent of loading duration.

II.~- INTRODUCTION

One of the major projects currently being under- is shown in Fig.l. From the test informationm a soil
taken by the Country Roads Board of Victoria is the profile could be compiied and assessment made of any
construction of the Mulgrave Bypass Road, which is a
major freeway system linking the south-east of the
Melbourne city area with Dandenong and the Princes

DiAL GAUGES MOUNTED

- Iy 3 E
Highway. It was prop?sed to use driven pile : jgf;ﬁﬁ“ﬁ{ﬁtgﬂ?um
foundations for all pier and abutment positions at PIVOT (WELD ! / ON TEST PILE.
the Stud Road Overpass. HINGE 5POT} -
7 . o HINGE

Consequently a series of pile driving and pile g 7 3 T _L; g

loading tests was performed to assist in evaluating 14 J 1ES1 PILE L Al
i i i ili A B PIERS.| ] il e

the relative merits of various types of piling. T::J.gggtlﬁ::%g}ames ] ?;;.1 }

The alternative proposals were 18" diameter steel CROSS SETIOH A-4

shell friction piles or 10" H. section steel piles
driven into the bedrock. This paper contains an
analysis of the predicted performance and presents

the results of loading tests on the steel shell pile. [ :I I: ~|—COHCRETE BLOCK SUPPORTS

III.- GEOLOGY OF THE AREA

The basement or "bedrock" underlying and
forming the valley walls of this section of the
Dandenong Creek is a monotomous sequence of broadly ‘
folded marine siltstones and laminated fine sand- - -+ + i

stones of Upper Silurian-Lower Devonian age. DATUM BEAM o4
A AND SUPPORIS.
PO co

In Pleistocene and recent times aggradation of E —= T

the Dandemong Creek has buried the basement by the o
deposition of up to 90 feet of clay, sandy clay, o - | L
clayey sands and minor sand horizons. +

BEAMS &9 o 5SPI

LEGEND
IV.- SITE EXPLORATION MATH SUPPORLv L @ PENEIROMETER TEST
} & BORES

{(a) Standard Penetration Testing.

The initial site investigation of the area l: ]‘[ :I
consisted of bores drilled at pier and abutment

positions. -

Standard Penetration Tests were conducted at 5ft Figure 1. Pile Loading Test Arrangement and
intervals in each bore. The location of test sites Location of Bores and Penetration Tests.
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important step in the subsequent analysis of secondary
compression, but the data obtained in this pile
loading test do not support this concept., Evidence
obtained from plate load tests, where the loading
duration has been deliberately varied, also indicates
that this concept does not appear to be valid,
especially for field loading cases,

VII.- CALCULATION OF BEARING CAPACITY

The general equation for the bearing capacity of
a pile, as given by Lee (Ref.3) is

W+ Qy = ApcyNE + NgY AL + Ageq

pCu vee (1)

where Q; = ultimate bearing capacity
W = weight of pile
Ap = area of pile tip
Ag = area of pile shaft
cy = apparent cohesion of soil

cy = average adhesion between soil and pile
shaft

Nesy Na are general bearing capacity factors
for deep footings

¥ = bulk density of soil
L = length of pile
(a) Laboratory Tests

The values of ¢, have been determined from tests
described as Series A and Series B, (see Table I).
The resulting average shear strength for each of the
layers is shown in Table II, and these values serve
as a basis for estimating cg. Information quoted by
Lee (Ref.2) suggests that for a medium to stiff clay.

c
a o~
z: = 0.25 e n(2)

The values of the bearing capacity factors N'c
and N, for each of the layers has been estimated from
the chart published by *Meyerhof (Ref.4) using the
average values of @y for that layer. It must be
noted that the value of N{ in particular varies
greatly with small variation in the value of . The
analysis shown here uses a value of @ = 12° which
gives N: = 29, but if ¢ = 15° is used then a value of
N'c = 40 1s appropriate,

The initial series of laboratory testing (Series
4) was on 3" diameter samples which were simply
extruded from the sample tube and tested. Series B
samples were restored to the estimated field condi-
tions before testing and these are considered to give
more reliable values of the shear strength parameters
(See Table I). Average values of these parameters
have been used for each layer and the calculations of
side friction and end-bearing components of the pile
capacity are shown in Table III.

The soil parameters at toe levels 38! and 76'
are assumed to be -

¢y = 2200 lb/ft? gy = 12°
and thus from Meyerhof's chart -
ND = 29 N = 4

q

The detailed calculations of total ultimate pile
capacity are shown in Table IIIL

TABLE II -~ PILE FRICTION VALUES

Layer | Depthj cy By Ag Agca J¥Agcy
ft }1b/ft2| degree} ft2 1b 1b

0 -16' 16" 1150 4 76 21,800

161-35"1 35" 1870 7 90 42,000

15601 38! 2200 12 14 7,700] 71,500
60' 2200 12 104 57,200

K0'-781 78! 2200 12 85 46,8001175,500

TABLE III - PILE CAPACITY CALCULATIONS

Toe ¢y Ng N'ZJ’A.8 L AgCy Qu
Level Ja“’(m) g (1b) (ton)
38! 113,000 35,000 71,500 98
76° 113,000 70,000 175,500 152

% GSimilar analyses have been presented by other
workers {see Vesic, Ref.ll}. The values calculated
by Meyerhof have been used in this paper since they
provide an "average" figure for bearing capacity
coefficients.
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Model Tests on Piles in Clay
By

N. S. MaTTES, B.E., STUD.I.E.AUST.
{Engineer, Docker and Smith, Sydney)
AND
H. G. Pouros, B.E,, Pu.D., M.I.LE.AUsT.
(Senior Lecturer, School of Civit Enginecring, University of Sydney)

SUMMARY.~- A series of tests on model piles in Kaolin.is described.
end-bearing piles, and floating pile groups have been tested.

Single floating piles and
Using control pilesto obtain

the soil moduli, theoretical predictions of pile settlements, based on elastic theory have

bheen made.

The good agreement found between predicted and observed settlements indicates that

elastic theory can be successfully used to predict the effects of pile length and compressib-

ility and group action on settlements.
I.- INTRODUCTION

Recent papers by Poulos and Davis (Ref., 1)
Poulos {(Ref. 2), Mattes and Poulos (Ref. 3},
and Poulos and Mattes (Refs. 4 & 5), have des-
cribed the use of elastic theory to predict
the settlement behaviour of piles and pile
groups in clay. In several instances good
agreement has been found between the theoret-—
ical behaviour and that measured in tests re~
ported in published literature, but some
available comparisons are obscured by such
practical complications as layering of the
soil profile, anisotropy of the soil, and un-
certainties involved in the effects of dif-
fering installation procedures. In addition,
there is little reliable data available on
the effects on settlement behaviour of such
basic and important parameters as the relative
length and stiffness of the pile.

In this paper, results of a series of
carefully controlled tests on model piles are
described. Most of the tests have been car-
ried out on single floating piles to determ-
ine the effects of the length-to-diameter
ratio and relative pile stiffness on the pile
settlement behaviour. BAll the piles have
been tested by dead-loading, after which many
of the floating piles have been tested to
failure under constant rate-of-penetration
{C.R.P). Some tests have been carried out on
single end-bearing piles, to measure the load
transferred to the base, and on two floating
pile groups to measure group settlements. The
measured values have then been compared with
values predicted from theoretical analyses of
pile behaviour.

II.~ APPARATUS

The testing apparatus was basically simi-
lar to that used by Davis and Poulos (Ref. 1}
for pad footing tests. However, because of
the need to maintain extremely careful con-
trol over the model pile tests, it was neces-

sary to make improvements to the apparatus.

The main piece of equipment was a pressure
vessel which contained the clay and model
piles and allowed the piles to be loaded while
maintaining a constant overburden pressure on
the soil. Ancillary apparatus consisted of
pressurized water sources, loading devices,
and pile displacement measuring equipment.

The main features of the apparatus are shown
in Fig. 1, and the major components are deg-—
cribed below.

(a} Pressure Vessel and Drains

The pressure vessel consisted of a steel
base with a drainage tapping, one or more
tubular steel body sections.12 inches in di-
ameter, in which the soil and piles were
placed, and a steel lid containing water which
provided the consolidation pressure for the
clay. O-rings and bolts were used to seal
and connect the various sections of the ves-
sel. A rubber membrane 0.0l17 inches thick
separated the water in the top section from
the clay. Holes in the lid allowed loading
plungers to be located at the centre, and at
four equally spaced positions around a 3 inch
radius circle,

The loading plungers consisted of a hard-
ened steel shaft, 3/8 inch in diameter, moving
in a pair of precision ball bushings. The
bushings were housed in a brass body which was
bolted to the pressure vessel 1lid, and an O-
ring located in a groove in the brass body
provided an effective low-friction seal around
the loading shaft.

Drainage was provided at the top and base
of the clay, andat 4 vertical drains equally
spaced around the sides of the central body
of the vessel. Each drain consisted of a
piece of 100 mesh gauze wrapped in 2 lavers
of filter paper; the top drain was connected
to a sand pocket over a drainage outlet in the
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APPENDIX - NOTATION Su immediate or undrained settlement
CRP constant rate of penetration test St total final settlement
E, undrained Young's modulus of soil Ca gggiained adhesion between pile and
Eg' dfained Young's modulus of soil cy undrained cohesion of soil
Es giisplizgtiement ratio = ratio of d pile diameter

settlement of group to settlement vg' drained Poisson's ratio of soil.

of single pile carrying same average
load as a pile in the group
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of the base. The bottom of the shaft was cleaned by
hand triwmming and then covered with a l~inch thick
layer of sand.

A special precast concrete pile was manufactured
to serve as the leoad transfer unit. This member con-
sisted of a standard 26-inch square, prestressed con-
crete pile with a 4-foot long, 16-inch diameter
reinforced concrete extension cast monolithically at
its base. A 19% -inch diameter, 2-inch thick steel
plate was bolted concentrically to the base of the

- _ty"‘é&r'
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pile extension. A number of small fillets were
welded to the projecting upper face of the bearing
plate to prevent binding of the pile with shaft
casing during withdrawal.

The pile was installed by heoisting from two
lifting lugs. The insertion of the base plate ex-
tension into the close-fitting base shaft was assisted
by the provision of four steel guides welded to and
projecting from the base shaft casing. The vertical
alignment of the load transfer pile was established by
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Fig, 3 PLAN ON SECTION Z - Z

KEY TQ FIGS 1, 2, 3 and 4:-

A Standard Freyssinet cables (12 nos %" strands)
B Cable anchor heads
Fig. 2 LOADING FRAME DETATLS ¢ Load frame support (15" x 5" x 42 1b RSJ®)
D 42" x 42" x 5" steel plate with aligned bearing
plates for cable anchor heads
E Hemispherical bearing
Q@ | F 42" x 42" x 45" steel plate
3 G 4 nos 100 ton hydraulic jacks
3 | H 33" x 33" x 4%" steel plate
/ I 26" x 26" hollow-cone, pretensioned, prestressed
® . concrete pile
- § —\\ J 4" diam cased anchor cable holes
o K 48" diam cased shaft
@ g } D L 46" diam cased shaft
M 42" diam cased shaft
@ N 42" diam uncased shaft
0 16" diam reinforced extensign cast manolithically
; , with pile
! P 4 nos steel angles to guide pile into shaft
) . Q 20" diam cased shaft
®_® NS 9'uncased R 19%" - diam steel plate, 2" thick
H i 5 4" diam uncased anchor cable shafts
4 T %" thick fillet plates
U dial gauges to record vertical movement
Fig.4 : PILE BASE DETAILS v dial gauges to measure horizontal movement

Figs. 2, 3 and 4

TEST PILE DETAILS









(b) The success of any loading test, as con-
firmed by this project, depends more
eritically on preliminary planning than
on any other single related factor.
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APPENDIX
LABORATORY STRENGTH TESTS

The shear stremgths of the Waitemata series
sandatones and siltstones were determined by three
laboratory testing methods; unconfined compression,
triaxial shear and direct shear.

Samples of the Waitemata series deposits were
recovered as a continuous series of 3-foot long cores
in an NX triple-tube core barrel. Although few
cores were lost, the samples tended to break along
horizontal bedding planes into 1 - te 12-inch lengths.
All cores tested were of consistent diameter and re-
quired no preparation other than end trimming to the
required test length. The samples were tested at
their field moisture contents within 24 hours of
recovery.
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(a) Unconfined Compression Tests

All unconfined compression tests were performed
at nominal confinement pressures of 10 PSI. A
summary of the results of these tests is given in
Table 1 below.

TABLE 1
UNCONTFINED COMPRESSION TESTS

Siltstone Sandstone
Number of Tests 54 75
Minimum Strength 19 PSI 12 PSI
Maximum Strength 285 PSI 383 pSL
Average Strength 113 PSI 106 PSI
Median Strength 102 PSI 95 PSI

(b) Triaxial and Direct Shear Tests

Eleven quick, undrained triaxial shear tests
were performed on selected cores of the Waitemata
series deposits. In addition, 19 strain-controlled
direct shear tests were carried out under quick,
undrained conditions and surcharge pressures &pprox-
imately equal to or greater than the natural over-
burden pressures.

(¢) Strength Parameters

For the purpose of pile design, the strength
parameters of the supporting foundation deposits
were assessed from the combined results of the above
strength tests. The apparent angles of internal
friction were determined from a combination of the
results of the triaxial and direct shear tests.
These values are given in Section III of the main
text.
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Analysis of the Movements of Battered Piles

By

H. G. Pouros, B.E., Pu.D., M.1.E.AUsT.
(Senior Lecturer, School of Civil Engineering, University of Sydney)

AND

M. R. MapHay, M.E., Pu.D.
(Assistzat Professor in Civil Engineering, Indian Institute of Technology, Kanpur, India--Presently Post-Dactoral Fellow, University of Sydney)

SUMMARY.- Analyses are made of the axial displacement of a battered pile in an elastic soil

mass subject to axial loading,
moment.
of the pile over a practical range

general loading system.

and of the normal displacement due to normal loading and

It is found that these displacements are almost independent of the angle of batter
of batter angles,
cal pile may be used to analyse relatively simply the

so that available solutions for a verti-
movements of a battered pile under a

The simplified method of analyzing a single pile is extended to the

consideration of groups containing battered piles.

I.- INTRODUCTION

In recent years, several analyses have
been made of the movements of pile foundations
in which the soil is assumed to be an elastic
mass {e.g. Refs, 1,2,3) and sufficient correl—
ation has been found between predicted and
observed hehaviour to suggest that such ap~
proaches may be of practical value. To date,
these analyses have dealt only with vertical
piles subjected to axial or horizontal loads.
However, piles are often battered in practice,
especially when significant lateral loads and
moments are to be resisted.

In this paper, extensions to previous
analyses for single vertical piles are des-
cribed for single battered piles. On the
basis of these analyses, a relatively simple
method of analyzing the movements of a batter~
ed pile is developed and an extension for pile
groups is then described. The characteristics
of a single battered pile and a group contain-
ing battered piles ame examined in relation to
two illustrative examples,

IT.~ ANALYSIS
The analysis is considered in two stages:

(i) a battered pile subjected to an axial
load

(ii} a battered pile subjected to a normal
load and a moment.

In both cases, the soil is assumed to be
an ideal elastic material with parameters E
and vg which are constant throughout the mass.
(a) Battered Pile SGbjected to Axial Load
The analysis follows directly from Poulos
and Davis (Ref. 3}. The pile of diameter 4
and length L, is assumed to be inconmpressible

and the axial force is considered to
only shear stresses on the periphery
uniform normal stress on the base of the pile.
The pile (Fig. la) is divided into n elements
of equal length and each dement is assumed to
be acted upon by an average stress Pir, and the
base by an average normal stress Pp- The
axial displacement of the pile and the soil

at the centre of each element are evaluated
and equated, the resulting equations being
solved to obtain the unknown stresses and dis-
placements. In evaluating the soil displace-
ments, the unknown force on each element is
resolved into vertical and horizontal compon-—
ents, and vertical and horizontal displace-
ments due to each of these components are
calculated using Mindlin's equations (Ref. 4).
These displacements are then combined to give
the axial displacement.

mobilize
and a

A similar analysis may be carried out for
a compressible pile, following the analysis
of Mattes and Poulos (Ref. 5) for a vertical
compressible pile. In this case, the compres-—
sibility of the pile relative to the soil is
expressed conveniently in terms of the pile
stiffness factor X,

(1)

where E_ = pile modulus

Rg ratio of area of pile section to
gross plan area of pile cross-—
section

(Ra = 1 for a solid pile.}

(b) Battered
and Moment

Pile Subjected to Normal Load

The analysis in this case follows closely
that of Poulos (Ref. 9). Here, it is assumed
that only stresses normal to the pile are
mokbilized in the soil by the applied loads and



P (a) Axially Loaded Pile

Straesses on Pile.

g Ve anticlockwise
-ve clodkwise

(b)Normally Loaded Pile

Stresses on Pile, Width d.  Stresses on Soil.
FIGURE 1

moments, and that the plane of the batter and
of the loading are identical. The pile is
divided into (n+l) elements as shown in Fig.
1 (b}, and the scil and pile displacements are
evaluated at each element and eguated, the
resulting equations being solved for the un-
known normal stresses and displacements. The
soil displacements are evaluated in a similar
manner to the axially-loaded pile, while the
pile displacements are obtained from the beam
equation.

The flexibility of the pile relative to
the soil is conveniently expressed in terms
of a pile flexibility factor Kg.

E_I

R @

where E_ and I_ are the pile modulus and
mbment of inertia.

For a rigid pile, Xp = « while for an infin-
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itely flexible or long pile, K = 0. 1In
practice, a pile can be considered as rigid
if Kg = 1.

The following cases have been studied:

1. Pile free at top and tip and subjected to
{a) Normal load, and
(k) Moment

2. Pile fixed at the top but free at the tip,
and subjected to normal load.

III.- RESULTS

Typical results for battered pile displace-
ments are given in Table 1 for axial load and
in Table 2 for normal load and moment. In
each case, the appropriate displacement coef-
ficient is given for piles with a batter angls
v, of 0 (a vertical pile) and 30°. It should
be noted that the solutions for positive and
negative batter angles are identical.

It is very significant that both the axial
and normal displacements are almost unaffected
by the batter of the pile; the maximum effect
for a batter angle of 30° is only of the order
of 4%. The virtual independence of the normal
displacement on batter angle appears to be un-
affected by the pile flexibility factor Ep
and the boundary conditiona the pile head.

It is therefore reasonable to assume that the

compressibility of the pile in the axial dir-

ection will similarly not affect the independ-
ence of axial displacement on batter angle.

TABLE I
AXTAL DISPLACEMENT DUE TO AXIAL LOAD

Incompressible Pile

Vg = 0.5
L/d Ipa
=20 p = %30
10 1.415 1.382
25 1.860 1.859
100 2.542 2.538

The fact that the axial and normal dis-
placements of a pile are almost independent
of the pile batter means that solutions pre-
viously obtained for vertical and horizontal
displacements of vertical piles may be applied
to calculate the axial and normal displace-
ments of battered piles. This in turn leads
to a relatively simple method of calculating
the horizontal and vertical displacements of
a battered pile subiected to vertical and
horizontal loads and moments. The vertical
and horizontal loads V and H are first re-
solved into axial and normal components P
and @ as follows:-—
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IV.~ ANALYSIS OF PILE GROUPS

A number of analyses have been developed
for determining the movements and load dis-
tribution within a pile group. Analysis
such as those described by Priddle (Ref. 8),
Francis (Ref. 9) and Saul {Ref. 10) are of
considerable generality in that battered piles
can be considered, but they are based on sub-
grade reaction or "Winkler" theory and conse-
quently cannot correctly consider the effects
of interaction between the piles in the group.
Analyses of group behaviour, assuming an
elastic soil model rather than a Winkler model,
have been proposed for axially-loaded groups
{Refs. 11,12,13) and for laterally-loaded
groups (Ref. 14), but these methods at pres-
ent do not allow for consideration of battersd
piles. However, on the basis of the simpli~
fied approach described above for battered
piles, it appears feasible now to extend the
previous elastic analyses to groups contain-
ing battered piles.

Previous analyses for vertical piles
(Refs,12,13,14) have been based on the use of
"interaction factors", which express the in-
crease in movement of a pile due to an ad-
jacent loaded pile, and which are functions
of the pile spacing, relative stiffness, and
geometry, and for horizontal loads, on the
direction of loading. By summation of the
interaction factors for each pile in a group
due to all the other piles in the group, the
displacement of each pile may be written in
terms of the loads on each pile in the group.
For example, for a typical pile in a group of
n vertical piles subjected to vertical load,
the following expression is obtained:

pvl{ T oa.. P (8}

37
vertical displacement of a single
pile due to unit vertical load

+ Pi}

where Pyl =

= interaction factor for vertical

1] displacement corresponding to
spacing between piles i and j
Pj = vertical load on pile j.
Values of w«ij have been presented by Poulos
(Ref. 12} ana Poulos and Mattes (Ref. 13).

Similar expression may be obtained for verti-
cal piles subjected to horizontal load and
moment. By solving the series of equations
thus obtained for the appropriate boundary
condition at the pile head (e.g. equal dis-
placement of each pile or equal load in each
pile}, the load and displacement distribution
within the group may be obtained.

A similar approach can be adopted for
groups containing battered piles. The case
will be considered first of a group in which
all the piles are battered in the same plane
and on which the horizontal load acts in the
same plane. It will be assumed for simplicity
that the interaction factors for battered
piles are identical with those for vertical
piles with a spacing corresponding to the

centre-~to-centre distance between the piles
halfway along their length. Thus, on this
assumption, which appears reasonable in view
of the correspondence between displacements
previously found, the interaction factor for
normal displacement due to normal load is the
same as that for vertical displacement due to
vertical load on a vertical pile, and the
rotation and normal displacement interaction
factors due to normal load and moment are
identical with those for rotation and horizon-
tal displacement due to horizontal load and
moment.,

On the basis of the above assumption, the
resulting equations for vertical and horizon-
tal displacement and rotation may be written
conveniently in matrix form. For a group of
free-head piles, the following equation is
obtained:
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where the coefficients of the sub-matrices are
as follows:

Avij = palaijcos¢icos$j+pNQlapHijsinwisinwj
Bvij = palaijcos$isin$j~pNQlapHijsinwicoswj
Cyig = “PaM1%pmij Sinty

Ahij = paluijsinwicoswj-pNQlupHijcos$isinwj
Bhij = paluijsinwisinwj+pNQ1upHijcos$icos$j
Chij = Pumi%pmiy COSVi

Rpiy = “Oy1%gmigsinty

Boiy = Oni%emijcosvy

Coij T Om1%amij

PalvpﬂglrpNle@Nl and 9M1 are the displacements
and rotations due to unit axial load and
moment. They may be calculated from the

theoretical relationships (see Notation) if
values of the soil moduli can be estimated,

or if pile load test data is available, from
the pile deflections at the working loads.

The interaction factors ¢ may be found from
Ref. 12 or 13, while values of the interaction
fictors OgHrOoMragy and agy are given in Ref.

The submatrices Ay, By etc. are of order
nxn while the vectors V, p, etc. are of order
n. Equation {9), together with the three
equations expressing vertical and horizontal
load equilibrium and moment equilibrium, may
be solved to obtain the 3n+3 unknown vertical
and horizontal loads, moments, displacements
and rotations for the desired boundary con-
ditions at the pile heads.
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The Bearing Capacity of Strip Footings from the Standpoint
of Plasticity Theory
By

E. H. Davis, B.Sc. (Exc.), F.1.E.AusT.
(Professor of Civil Engincering (Soil Mechanics), University of Sydney)

AND

J. R. Booker, B.Sc., PH.D.
(Post-Doctoral Fellow, University of Sydney)

SUMMARY, —

Solutions, by the theory for a perfectly plastic material with a non-~associated

flow rule, are presented over the full range from the limiting case of no body forces (the

Prandtl solution) to the limiting case for no surcharge.

It is shown that in between these

limiting cases the principle of superposition implied in the ordinary concept of bearing
capacity coefficients Ng and Ny is approximately true, the error being no more than a maximum

of 30%.

The results confirm previous solutions by Sokolovski and by Cox for smooth footings and
also show that for such footings the nature of the flow rule of the material has no influence

at all on the collapse locad.

On the other hand the results show that the ultimate bearing

capacity of a rough footing may be as much as double that of a smooth footing when there is
no surcharge although with increasing surcharge the effect of roughness decreases. Terzaghi's
values of Ny for a rough footing are shown to be significantly optimistic for high values of
$. The nature of the flow rule also has a theoretical influence when the footing is rough
but, over the full range from a constant volume material to one which dilates at the extreme
rate required by an associated flow rule, the influence is so small as to have negligible

practical impeortance.
I.—- INTRODUCTICN

Most of the methods in common use in soil
and rock mechanics for analysing the stabili-
ty of slopes, earth pressures and ultimate
bearing capacity of foundations suffer from
lack of rigour when viewed from an applied
mechanics point of view. In such methods,
an arbitrary assumption with regard to the
shape of a rupture plareor velocity discon-
tinuity is frequently made and only the
strength properties, often in incomplete
form, are taken into account, whereas the
complete specificationaf the failure proper-
ties of an ideal plastic involves not only a
statement of the stress combinations for
failure but alse the interrelation between
strains (as exhibited by dilatancy) during
failure. This is not to say that approximate
engineering methods of stability analysis are
not satisfacteory for most practical purposes;
their continued successful use is evidence
that they are, and they certainly have the
advantage of greater flexibility in appli-
cation to complicated practical situations as
compared with the more restricted problem
solving potential of rigorous methods. How-
ever it is clearly desirable that the accur-
acy of the approximate engineering methods
should be checked against more rigorous solu-
tions wherever possible. The purpose of this
paper is therefore to examine the class of
stability problems concerned with surface
bearing capacity in the light of previcusly
published and the authors' own solutions

using the theory of plasticity, particular
attention being paid to the effect of the
plastic deformation properties or flow rule
of the material and to the effect of footing
roughness. This must be the authors' excuse
for writing yet another paper on bearing
capacity theory. A similar examination of
retaining wall problems has been undertaken
by Lee and Herington (Refs. 1 and 2).

IT.~ BASIS OF PLASTICITY THEQRY

A plasticity theory based on a class of
simple ideal materials with a non-associated
flow rule has been proposed by Davis {Refs.

3 and 4). Restricting attention to plane
strain problems, the usual Mohr-Coulomb fail-
ure criterion is assumed,

= N¢Ua + 2c/ﬁ; (1)

where N¢ = tan?(n/4 + ¢/2)

and the strain rates in plastically deforming
regions are related by:

éS/él = = NI\U {2}
where N, tan? (/4 + p/2)

9

For the ideal material the parameters c,
¢ and Yy are constants and, in relation to
real solls or rocks, may be equated to experi-
mentally determined values, in particular
those at the peak or at ultimate strengths.
At the ultimate, deformation is at constant
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The soil properties for the in situ and
remoulded states are given in Table I.

The indirect tensile strength of the clay was
determined on undisturbed samples 1.5" x 1,5
diameter by the Brazilian method using a
standard unconfined compression testing
machine as the loading mechanism. The
procedure is simple and tests were made in
parallel with the unconfined compression
strength test on samples cut from the same
tube. Some scatter in the properties
occurred throughout the soil profile with
indication of a very slight increase in their
mean value below 9' depth where the indirect
tensile strength values increased from about
4 to 6 1b/in?, apparent cohesion strengths
increased from about 11 to 20 1b/in? and
moisture contents reduced from 30% to_20%.
Overall mean values of 5 and 15 1b/in® for
tension and cohesion strengths respectively
were used in the theoretical calculations of
uplift capacity.

(b) CORRYONG SITE - IN SITU SILTY SAND - The soil
at this site is a residual silty sand derived
from weathered granite. It is poorly graded,
and firm in the undisturbed state. Light
usage of a pneumatic spade was required
during excavation but the spoil collapsed to
a cohensionless silty sand. Some slight
fracturing of the soil mass occurred and
light timbering was used to prevent minor
collapses. Again no water table was
detected within the 14' deep excavations.

The soil properties are shown in Table I.

IV.- METHOD OF APPLYING TEST LOAD

Test loads on the bored piles were applied by a
hydraulic jack and yoke arrangement set at the centre

of a 20' loading beam which was simply supported on
timber packers at each end. The capacity of the
loading jack and beam was 240,000 1b,

For the higher capacity buried slab footings the
larger test beam and jacking system shown in Figure 1
was used, The beam, 36' long and 5' deep was
supported clear of the ground on timber packing at
each end. An uplift force of up to 500,000 lb was
applied by hydraulic jack to a central yoke attached
to the footing. A pair of 125,000 1b jacks at each
end of the beam allowed a total uplift displacement
of 10" at the test footing.

The load was read directly from a calibrated test
pressure gauge fitted to the central jack. Displace-

ments were measured by a scale fitted to the footing
and a marker attached to an independent static beam.
Displacements were also checked by survey level
located some 30' from the footing,

Fig. 1 Loading beam arrangement at site;

500,000 1b uplift capacity.

TABLE I

SOIL PROPERTIES AT KEILOR AND CORRYONG TEST SITES

Dry Apparent Indirect Liquid Plast- Percentage Passing
Site and Moisture Density ppare Tensile T icity -
Soil Tyoe Content Cohesion Strength Limit Index Clay Silt Sand
P Yd 5 reng n .002mm | .06 mm| 2.0 mm
(%) (1b/£t”) (1b/in™) (1b/in?) £%) (%) %) (%) (%)
() KEILOR
Basaltic clay (CH)
In Situ 28 av, 93 av. 15 av, 5 av. 105 80 60 34 6
17-32 86-104 8.29 3-9 99-110 69-87
Re-moulded 25 a5
Optimum Yq max.*
(b) CORRYCNG
Granitic silty sand (SM)
In Situ 12 av. 95 3.0 o} Generally 9 25 64
9-15 90-102 B = 34° Indeterminate
Re-moulded 13-18 118-106
Optimum Y4 max,*

¥ ¥q max. = Maximum dry density (Aust. Standard A8Y - 1966)
























292

sure distributions at large vertical base de-
flections for the purpose of comparison with
the passive pressure plasticity solution.

The width of the monitored base was 52.1
inches, being composed of seven strips either
8.6 or 4.3 inches wide by 85.75 inches long.
A clearance of 0,02 to 0.04 inches was main-
tained between adjacent strips. Each strip
was supported at three points by calibrated
thin metal straps operating in tension.
Adjacent strips were horizontally connected
by two similar calibrated straps. Actual
strains in each strap were recorded by a pair
of series connected electric resistance strain
gauges attached to opposite sides of the
strip. Details of the equipment are given by
Herington (Herington (Ref. 9}).

All of the straps were calibrated by dead
loading prior to assembly and an in-situ dead
loading calibration after assembly produced
identical calibration relationships. Although
only a single dummy pair was used for all of
the vertical straps, and a second single dummy
pair for all of the horizontal straps, errors
due to a drift caused by warming up of the
active gauges was found to be negligible pro-
vided the gauge readine were taken immediately
after switching to the active gauge.

In the present test series a quartz sand
was used. The sand was intially washed to
remove particles of silt - clay sizes. After
washing the sand was dried and sieved to re~
strict the size range to 0.2 to 0.6 mm, This
procedure rejected approximately 10 per cent
of the sand. Finally, the sand was stored in
sealed containers except during use. Exposure
to the atmosphere over the testing periods
caused an increase in moisture content of less
than 0.04 per cent.

To provide suitable end restraint, verti-
c¢al segments were attached to each strip.
Thin overlapping metal items covered the gaps
between the segments and a greased membrane
was placed across the segments to form a
"shear-free" continuous end support.

The results reported in this paper are
confined to the sand placed in a relatively
loose state, the average dry density being
55.6120.5 p.c.f. Uniformity was achieved by
fluvial pouring at a constant rate from 15
inches above the surface.

Three construction segquences were used in
order to study the progressive development of
the stress systems and to establish whether
the loading history had a significant effect
on the stresses when a final identical pro-
file was formed. At this final stage the
side slopes equalled the angle of repose (30
degrees}). The constructién sequences con~
sisted of pouring the sand from a hopper
moving back and forth along the centre line
until the final profile was formed (final
wedge sequence), secondly, forming the pro-
file in three layers each layer being formed
by continuous pouring over the plan area

until the appropriate thickness had been
built up (layered sequence), and finally, the
wedge sequence in which the side slopes were
increased in increments (slope sequence).

To translate the measured forces into
stresses it was initially assumed that the
stress distribution across the two outer
strips was triangular and trapezoidal across
the inner strips. Commencing at one stress
free edge, an analysis was progressively
completed across the full width which finally
provides a statical check at the remaining
stress~free edge. Such a procedure required
extremely accurate load measurements since
small errors had a dominant effects locally
and despite the fact that the overall accur-
acy of total recorded weight was within 2 to
4 per cent, the normal stress at the "stress
free" face was up to 10 per cent of the maxi-
mum stress. For this reason the alternative
Procedure of calculating the average stress
over each strip from the forces applied to
that &trip alone was adopted. The position of
the average stress was calculated for plotting
purposes from moment equilibrium.

Taking into account the sensitivity of
the straps, the zero drift over a test, the
overall weight check, the consistency between
replicate tests and the symmetry of the normal
stress distributions, the accuracy of the
local average pressure was found to be within
t2 -3 per cent of the calculated value. Al-
though the shearing stress calculation requir-
ed the difference of readings the force dif-~
ference was, fortunately, quite large, and
again taking all factors into account it was
concluded that the accuracy of the shear
stresses was similar to that for the normal
stresses provided there was no deformation
imposed on the base. When the base was de-
formed the bending strains in the horizontal
strips affected the readings despite the use
of a pair of strain gauges, and the procedure
adopted was to place greatest significance on
the measurements taken from the loaded to un-
loaded state since the base deformation was
un-changed during unleading. By applying the
corrections obtained by deforming the unloaded
base to the unloaded-loaded sequence compara-
tive results were obtained and taking into
account the other checks available it was con-
c¢luded that the recorded shear stresses were
determined within a %5 per cent accuracy for
central deflections not exceeding 0.25 inches.
The accuracy of the vertical stresses was un-
changed at this deformation compared with no
base deflection.

As shown in the following section, the
stress distributions for a non-deforming base
did not manifest severe local stress gradients
so that the measurement of average stress over
a finite width is a satisfactory technique.
The technique is less satisfactory for the
stress distributions associated with large de-
formations (Lee, (Ref. 7)) and use of pressure
cells appears to be a better procedure,
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only to a special deformation state, and the
work will be later extended to impose both
the vertical and horizontal displacement com-
ponents which occur in a field embankment.

However, the normal stress distribution
is not critically dependent on the horizont-
al displacements, and Fig.7 shows the normal
stress distributions obtained for vertical
displacements of $0.l" at the centre of the
embankment. There is a progressive transfer
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Fig.7 Experimental Normal Stress Distribution.
Central Deflection of 0.linch. Concave
and Convex Foundation Daflection.

of normal stress from the central regioms,
and under large concave displacements the
distribution is similar to that obtained for
an infinite wedge in a passive state (Ref.
10). A further detailed guantitative com-
parison is not relevant as the passive state
requires horizontal displacements along the
base.

It is also of interest to note that con-
vex base displacement also causes a reduction
in normal stresses in the central region
(Fig. 7}, again in agreement with the plas-
ticity solution - the relevant plasticity
solution corresponds to the active state,

The shear stress distributions recorded
when the base was deformed are shown in Fig. 8.
Here the direct influence of the finite slopes
of the base appeared to have a dominant ef~
fect on the shear stresses, so that there was
a progressive decrease in these stresses as
the concave profile was developed. This
trend is opposite to that expected by a con~
sideration of the passive pressure plasticity
solution. The shearing stresses increased
rapidly as a convex base profile was developed
and the distribution was similar to active
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Fig.8 Experimental Shear Stress Distribution.
Central Deflection of 0.1 inch. Concave
and Convex Foundation Deflection.

pressure solution with theoretical and experi~—
mental peak values occurring at the section

of the base 1.2H from the stress-free edge.

The recorded maximum value of 0,18YH was
0.06YH in excess of the maximum theoretical
value.

V.~ CONCLUSIONS

Use of the linear elastic model to pre-
dict the normal and shear stresses along the
base of a loose granular embankment supported
on a rigid foundation leads to a close pre-
diction of the normal stresses, and an under-
estimate of the shearing stresses. The pre-
dicted trends in shear and normal stress dis-
tributions as the embankment is constructed
agree with observed trends.

As the base of the embankment is deformed
in a convex pattern there is a progressive
decrease in normal stresses in the vicinity
of the centre of the embankment. The passive
and active plasticity solutions agree quali-
tatively with the observed limiting normal
stress distributions but a proper comparison
requires the development of the appropriate
horizontal deformations in the model.
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Joints have been designated "A" or "B" Joints
according to their direction.

Faulting and jJointing tend to be in the same
directieons. The major faulting is along faults 1
end 2. When other faults appreach these they become
more open and show greater displacement. On the
right abutment nc near verticel faults could be found
in the region downstream of fault 1. On the left
abutment three faults occeur dipping steeply towerds
the river. Of these, faults 3 snd 5 do not
constitute a stability problem as the rock wedges
they form are supported at their downstream end.

Fault 4 is the only nearly horizontal feult at
the site. It commences close to the riverbed near
fault 1 and is continuous in a downstream direction.
Fault b mekes en angle of about 16° to the horizon-
tal, rising in a downstream direction. It consists
of a zone several feet thick containing sound quartz~
ite separated by undulating shear Planes of chlorite
which are typically one half to three inches thick.

Fig. 3 is a photograph of a model which was
construeted to aid interpretation of the geological

data. It consists of a series of horizontal peErspex
plates. The plates are generelly located at adit
levels, M1 significant observations are recorded

on the model. The velue of the model as an aid in
visualising the relationship between the dem and the
underground features cannct be overemphasised.

Fig., 3. - Perspex Model of Damsite.

IV.-  INITIAL DESICHN

(a) During the course of the investigation the dam
was moved progressively further downstream in order
to lie completely clear of faults 1 and 2. (Refer
to Fig. 2.) TFault 7 on the left abutment then lay
immediately beneath the dam contact and emerged on
the abutment a short distance downstream. Calcul-
ations showed that this block would be unstable under
the dam thrust, Tt was decided to extend the dam
profile end the excavation behind fault 7. This

ARINCIRAL
INT CNRECTIONS

MNATURAL, SURFACE

Fig. 4. - Horizontel Section.

eccentuated the asymmetry of the dem and gave greater
chord lengths across the arch. The volume of rock
excevation on the left sbutment was thereby increased.
Totel left ebutment excavetion volume was 170,000
cub.yds.

The dam is oriented in the gorge with its thrust
directions approximately equelly positioned with
respect to surfece contours. This is illustrated by
Fig. 4 which is a horizontel section through the dem
and the abutments,.

(b) LEFT ABUTMENT STABILITY

Beyond the foundation contact lay a prominent
tight joint designated joint Al. Bluicing of the
abutment surfece indicated that it emerged at the
swrface downstresm of the dem (see Figs. 2, 4}, Of
the Joints exposed by the aditing and sluicing this
vwas the only Joint that was continuous in the
foundation immedietely downstream of the dem.

Joint Al was oriented such that it made a smgll angle
with the thrust and therefore its stability warranted
scrutiny, As the vertical height between the adits
was epproximetely 120 ft. there wes some difficulty
in identifying joint Al in the different adits, In
order to confirm the joint identification adits at
three levels were driven along it thereby obteining
an exposure of the Joint in the roof. The joint
was limonite stained but very tight for most of its
length.

The depth of Joint Al wes such that it would
have been very costly to extend the dam beyond it.
Preliminery celculations were made using & polar plot
to eid in the vector manipulations, and these
confirmed that deteiled study wes received. The
devastating feilure of the Malpasset erch dam in
France (Ref. 3) has also emphasized the necessity for
deteiled studies of rock defects below or behind arch
dam foundations.

In order to avoid delays in the design programme
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of this. Tasmenia is in en area of very low
seismicity, the largest earthquake on record heing
magnitude 5.3. Earthquakes of magnitude 5-6 require
rupturing to occur simultaneously over a length of
perhaps 10 miles of fault and they tend to occur on
existing active faults (Ref. 14). The Lake Edgar
fault scarp passes through the storage 15 miles fromw
the damsite and has a length of approximately 20
miles. The decision was made not tc include
earthquake loading on the foundstions after taking
into account the complete absence of population
downstrear of the dam.

In order to obtain detailed information on the
seismicity before and after filling, the State
seismic net has been extended by five stations,
microseismic recorders installed at Strathgorden,
precise surveys carried out, and in the dam a strong
motion instrument and four seismoscopes will be

installed. A full time seismologist has been
appointed.
.- STABILITY ANALYSES

(a} POTENTIAL FAILURE BIOCK

The potential failure block analysed is illust~

rated in Fig. 9. The boundaries of the block are:

(i) A plane defining the base of the block (Fault

(ii) A steeply dipping plane which intersects the
base plane and forms the side of the block.
Prominent Jjoint Al is the side plane,
The surface of the abutment after excavation.
An upstream boundary formed by the tension
crack,

(4it)
{iv)

After considering the deformation charuacteristies
of the foundation rock it was decided to assume that
the potentiel failure block behaved as a rigid body.
The weight of the block was computed assuming a rock
density of 160 1b./cub.rt.

(b) DAM THRUST

Streases in the dam shell due to its own weight
and due to water at maximum flood level were deter-
mined mainly by means of the Commission's computer
programme for the anelysis of erch dams. Stresses
were confirmed by model studies, The reanlts gave
radial, tangentiel and vertical components of thrust
at various levels on the foundation contact. As a
check the thrust components acting dowmstream were
integrated around the perimeter of the dam and com-
pared with the water load. Finally the thrust com-
ponents were used to determine the single resultant
thrust vector applied by the dam to the potential
feilure block.

{c} METHOD OF ANALYSIS

The literature on arch dam foundations contains
many epproaches to the problem (e.g. Refs, 10, 11,
12). For the Gordon damsite a lengthy computer
progreme was written to perform all steges of the
analysis including the calculation of rock weight,
dam thrust and percolation forces. The main value of
the progremme was that it enabled a large number of
cases to be studied covering the meny conbinations of
possible values of the parameters. It would also

permit a rapid reasssessment of the stability if other
weaknesses were found during construction.

Unit vectors (ng and np) normal to the side and
base planes are used to compute the unit vector (t)
of the plane intersection. This gives the direction
of movement for zero wave angles. The true
direction of incipient sliding (t;) makes an angle
equal to the wave angle with each surface. (Bee
Fig. 9). TUsing the vector cross product,

t

Lg X ng
ty = t —{ng){sin eg ) - (mg)(sin ag)

Unit vectors normal to the wave angle faces (ng end
n’y } are then camputed after making t1 & unit vector.

nf =ty x (ng x ty)
nfg =ty x(ngxt)

The externsl forces acting on the block are combined
into a single load vector for convenience.

V=W+R+T,

By neglecting the tensile strength of the upstream
crack and using the vector dot product the total
foree in the direction t; is given by the vector T
from which its scalar megnitude (T) can be computed.

T= tT(V‘tT-'-US.t'T +UB' tlT)

It is to be noted that the wave angle concept required
that there be = component of Ug and Up in the direct-
ion of sliding, This effect is illustrated in Fig.
10. However the small increase thus obtained in T
is offset by the improved thrust directions relative
to the wave angle faces. The reactions { N§ and N§ )
on the wave angle faces are cbtained by apportioning
V Dbetween them to satisfy the condition:

V- (Vrty) iy = -NS(nf) - N(nb)

TENSION CRACK FORMING
UPSTREAM SURFACE OF BLOCK

NT
RACES OF
FAULT AND JOINT
T~ L FORMING BASE % R‘ F“ AC" ”‘E’ PAL
T~araock

Fig. 9. ~ Potential Failure Block,



The solution, which is obtained by resection, is
possible because there are two unknowns but three
equations implied in this expression. The minus
signs on the right correct for the convention adopted
in Fig. 10.

The original percolation forces acting on the
mean failure surfaces are then corrected to obtain
the percolation forces applicable to the wave angle
Taces.

Ué = Us - (Us .tT)tT
Ug = Ug — (Tp "ty

These are then converted to cbtain the corresponding
scalars UL ana Uf.

The factor of safety is defined as the ratio of
the forces resisting sliding to the forces tending to
cause sliding. The only forces actively resisting
the sliding are the shear forces mobilised on the
active faces of the wave angle surfaces. The net
forece tending to produce sliding is T

F= {N% ~ UL Ytan @5 + (Nf - Uf )tan 8 +Agcg + AgCg
T

Attention is drawn to the fact that, by this
definition, the component of the rock weight acting
upstream has been included in the denominator,
thereby reducing the net sliding force. It is also
worth noting that if (NL — UL) is negative the
problem must be re-analysed as a block sliding on a
base plane, making suitable changes to the wave
angle if necessary. In this condition, which did
not oceur, the side plane would not be providing any
resistance to sliding.

(d) RESULTS

By means of the computer programme snalyses were
made not only for the most probable values of shear
paremeters but alsc for possible combinations of the
range of parameters. It was considered unlikely
thet every parameter could have its most adverse
velue simultanecusly. However the stability was
checked vhen one parameter at a time had its most
adverse value. For the most realistic case normal
percolation pressure was assumed and mean values of
shear parameters were used. The measured wave
angles (925 = 20° and B35 = 10°) were used. This
gave a value F = 3.0 for the factor of safety. For
the assumption of maximum percolation pressure F=
2.6. TFor the most unfavourable case the assumptions
were: meximum percolation pressure, minimum shear
strength parameters, and measured wave angles. This
case gave a factor of safety F= 1.2, Qther studies
showed that the stabllity was sensitive to changes in
the predicted crack direction. Rotating the
assumed crack direction 10° in a downstream direction
gave a factor of safety F=1.6 for all other
conditions assumed normal.

It was required that the factor of safety be
greater than 2.4 for normal cenditions and that it
should be greater than 1.0 for the worst case. On
this basis it was concluded that the stability of the
block was satisfactory.
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XI.- DESIGN FOR STABILITY

(a) DRAINAGE DESIGN

Tt is essential that drainage be adequate to hold
percolation pressures to the design limits. The
drainege curtain as designed consists of 3" dia.
holes drilled at 15 ft. centres. To prevent the
possibility of the drains becoming blocked, all drain
holes connect between the adits. The required
drilling accuracy can be achieved with percussion
equipment by the use of 2%" tuberod extensions and by
restricting the adit spacing to 120 feet. This was
verified by drilling trials. Within the inclined
plane of the curtain all holes are inclined relative
to the steepest line on the plene to give frequent
intersections with the near verticel Joints.

Supplementary drainage holes will be drilled from
the adits to intersect any features that appear to be
important sguifers. All significant weeknesses
should be evident in the drainage adits. Other holes
mey be drilled to intersect fault UL and joint Al at
wide spacings downstream of the curtain. As a check
on the percolation pressures 33 Kyowa plezometers will
be installed.
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: Toppling failure in a jointed system.
{ After Cundall, Ref 11 ).

slope failure. Just as the computer produced diagram
reproduced in figure 1 can give a useful insight into
the mechanics of certain types of slope failure, so
models can be used as tools for the communication of
ideas and, if sufficient care is taken to satisfy the
similitude requirements, for the quantitative study
of slope failure. A recent model study by Barton
(Ref. 12) provided useful information on both model-
ling techniques and on the mechanism of failure of a
Jointed slope.

(¢) - Limit Equilibrium Methods

W.Cos B

Fig. 2 : Forces acting on a block on an inclined
plane.

The only form of slope stability analysis which
has been developed to the extent that it can be class-
ed as a widely accepted design tool is the method
based upon the concept of limit equilibrium. The
grinciple of this method is illustrated in figure 2

which shows a block of rock resting on an inclined
plane and acted upon by the forces U and V generated
by water pressure on the base and rear face of the
block. The factor of safety against sliding of this
bleck is given by

c.A + (W.Cos B - U) Tan &

F o= W.Sin P+ V

(1)

¢ is the cohesive strength of the base
¥ is the angle of friction
and A is the base area of the block .

(i) - Soil slopes

The simple principles illustrated in figure 2
have been successfully ay *lied to the stability
analysis of soil slopes for many vears and it is
worth considering why the method works so well in
soil. Skempton and Hutchinson (Ref. 13) have shown
that, in most cases, the strength properties of soils,
determined by triaxial or shear tests in the labora-
tory, bear a close relationship to the strength prop-
erties of those soils calculated by back-analysis of
slope failures. This suggests that there is no serious
scale effect in soil testing and that the process of
progressive failure which takes place in a soil under
laboratory test conditions is similar to the process
of failure which occurs under field conditions. Since
the laboratory test is an adequate model of field
behaviour, one is justified in using the results of
these tests as input information for a stability
analysis and this convenient separation of the analysis
into two relatively simple stages facilitates the
production of practical engineering designs.

(ii) - Simple rock siopes

In the case of rock slopes containing planar
discontinuities which strike parallel to the slope
face and dip inteo the excavation at an angle greater
than the angle of friction, the stability of the
slopes can be calculated by means.of simple two-
dimensional limit equilibrium methods. The author
has recently published a set of design charts which
can be used to obtain estimates of the Ffactor of
safety for simple rock slopes (Ref. 14 ).

In the case of rock slopes , the intact material
plays an almost insignificant part in the failure
process since sliding cccurs aleng structural dis-
continuity surfaces. The definition of the location
of these structural surfaces and the determination
of their mechanical properties are the most serious
problems in rock slope stability and these problems
will be discussed in greater detail in a later section
of this paper.

(1ii) - Three-~dimensional slope problems.

The simple slopes discussed in the previous
section are the exception rather than the rule and,
generally, failure in a jointed rock slope occurs
as a result of sliding, on two or more surfaces, of
wedges or blocks of rock separated from the surround-
ing rock mass by a number of intersecting structural
features. A relatively simple case of such a failure
is illustrated diagrammatically in figure 3 which
shows a wedge of rock sliding on two intersecting
oblique planes.
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Although it is widely recognised that water flow
in rock masses is strongly dependent upon the frequen-
cY and direction of jointing, most forms of analysis
are based upon the assumptions of porous media flow.
More sophisticated forms of analysis are available
{(Ref. 32} but the difficulty of determining relevant
hydraulic parzmeters is such that these technigques
have not yet found general acceptance in rock mechane
ics (Ref. 33). Provided that sufficient allowance is
made for changes in water level and for the filling
of tension cracks and vertical fissure systems during
heavy rains, the author feels that the results of sta-
bility calculations based upon the assumption of por-
ous media flow are acceptable for most practical pur-
poses ( Ref. 14). In order to carry out these calcu-
latjons, it is important that some attempt should be
made to locate the groundwater surface in the slape
and this can be done by observation of the level of
face seepage, measurement of the standing water level
in adjacent wells and, where necessary, the installa-~
tion of piezometric devices.

(d) - Influence of External Factors on Slope Stability

External factors such as accelerations imposed by
nearby earthquakes or large blasts or the additional
loading of the slope by the deposition of a waste
dump or the passage of heavy equipment are sometimes
blamed for slope failures. Whitman (Ref. 34 ) suggests
that the most important of these factors, namely the
accelerations due to a nearby earthquake, will only
cause slope failure when the factor of safety is close
to unity. Simple calculations of the loads impo sed
by these external factors confirm that these loads
are normally small as compared with the gravitational
loads in the rock mass. Exceptions can, however, occur
if a fault passing through the site is activated by
an earthquake or if liquefaction can occur in a soft
saturated layer or tailings dam slope. TFor most prac-
tical rock slope problems, the author feels that it is
acceptable to increase the factor of safety from say
1.3 to 1.5 to allow for additional loading in areas
which are known to be prone to earthquakes or where
it is intended to use very heavy blasting.

One form of damage which is seldom considered in
rock slope design is that caused by the actual process
of excavating the slope. It is becoming increasingly
common to use large blasts in excavating slopes and
the damape to the rock faces left by these blasts
can have a significant influence on the stability of
the slopes. Experienced slope engineers who have
compared slopes which were excavated by hand tools and
small charges with modern opencast mine slopes feel
that a reduction of 5 to 10  in the safe slope angle
is caused by blasting demage. The use of pre-split
blasting techniques ( Ref. 35) can substantially red-
uce this damage and the author believes that research
into this aspect of rock slope design is urgently
required.

IV -~ CONCLUSIONS

How far away are reliable slope design methods ?
There is no simple answer to this problem since the
process of designing a rock slope cannot be compared
with the design of a structure such as a bridge or
an aircraft which is constructed entirely of man-made
materials with known mechanical properties. A rock
mass is a complex assembly of elements with widely
differing properties in different directions and on

different surfaces. The stability of this mass can be
affected by the presence of groundwater and by factors
such as the damage caused by blasting during excava-—
tion. The most serious problem in rock slope design

is the definition of the location, orientation and
inclination of structural discontinuities since these
discontinuities control the mechanical properties

and hence the stability of the rock slope.

In spite of these difficulties, the author feels
that significant progress has been made in the dev-
elopment of a practical engineering approach to rock
slope design. As the basic mechanisms which control
slope behaviour are understood and applied in slope
design, some of the malpractices which have grown
out of ignorance will begin to dissappear. The imple-
mentation of simple and inexpensive surface drainage
measures to prevent tension cracks from becoming
water-filled, the use of pre-split blasting to avoid
excessive damage to final slope faces and the re-rout-
ing of highways to avoid extremely difficult slope
conditions - these are positive steps which can be
taken to minimise the risk of major slope failure.
Most important is the realisation that rock slopes
can and do fail if they are made too high or too
steep and several techniques are now available for
estimating the limiting heights and angles of slopes
under different conditions. Further research will
certainly improve the accuracy and reliability of
these technigues but such research will only be
Justified when available techniques have been applied
and a need for greater accuracy in slope design has
emergeda
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