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FOrewOrd

It is with great pleasure that I welcome you to the 19th New Zealand Geotechnical 
Society Symposium which is being held in the Millennium Hotel, Queenstown on 
21 and 22 November 2013.

In recent memory our planet has suffered tragic loss of life and collateral damage 
due to the occurrence of natural disasters. Many types of natural disasters, in 
particular earthquakes, are of direct relevance to the geotechnical and engineering 
geology community in New Zealand due to their relatively high rate of occurrence 
and potentially disastrous human, social and economic impact.

The recent Canterbury earthquake sequence has had an unprecedented impact on 
the geotechnical profession in New Zealand. It has raised the profile of our science 
through all levels of society, from home owners to our nation’s leaders, and, has 
been the catalyst for a surge of invaluable observations, data and learning. It has 
also been a reminder to all nations as to the terrible social and economic damage 
which a relatively moderate but unfavourably located seismic event can inflict.

It was with the above issues in mind that the organising committee selected the 
subject for this Symposium:

“Hanging by a thread? Lifelines, infrastructure and natural disasters”.

It is the sincere hope of the Symposium organising committee that the proceedings 
of this conference will

Assist future generations improve the planning, design and construction of urban 
areas and infrastructure,

Help reduce adverse effects of major disasters on society, and, 

Expedite the short-term emergency response and long-term recovery process 
following future natural disasters.

At the start of day one, Professor Harry Poulos is scheduled to present a keynote 
address entitled “Practical approaches to seismic design of deep foundations” and 
at the start of day two, Dr Lelio Mejia will present his keynote address entitled 
“Analysis and design of embankment dams for foundation fault rupture”. Both of 
these lectures have strong alignment and compatibility with the Symposium theme. 
The Symposium organising committee is extremely grateful that both of these 
world-renowned experts accepted the offer to speak at this Symposium and share 
some of their wisdom first-hand with the New Zealand geotechnical fraternity.

Finally, I wish to acknowledge the financial support which was afforded by the 
Symposium sponsors, and, the effort which was made by the Symposium organising 
committee. This event would not have occurred without each and every one of these 
organisations and individuals.

Tony Fairclough 
Convenor 
19th NZGS Symposium
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welCOme FrOm nZgs Chair

As Chair of the NZ Geotechnical Society, I extend a warm welcome to participants at the 
19th NZGS Symposium: Hanging by a thread? Lifelines, infrastructure and natural disasters. 
These events are the lifeblood of our Society. They provide our practitioners the opportunity 
to share research and experiences around a common theme, and I’m sure everyone will 
leave this event better informed and with new ideas to implement in their daily practice. 
Our Symposia also provide the opportunity to catch up with old friends in the profession 
and make new contacts. I hope you will make the most of all the opportunities that the 
Symposium provides.

I would like to acknowledge our Sponsors, who have played a vital part in making this event 
affordable. Thank you. Our exhibitors are also an essential part of an event like this, and I 
encourage you not just stroll past their stands but to take the time to talk to them and learn 
more about what they offer. They add an important dimension to our business and to this 
Symposium, so use this chance to find out more about them!

My sincere thanks go to the Symposium Convenor, Tony Fairclough, his organising 
committee, their respective home organisations and our professional conference organisers, 
The Conference Company, for all their efforts over the past 18 months to make this 
Symposium a success. They have put together an impressive programme of seminars and 
field trips to accompany the main sessions. The Symposium has certainly exceeded all 
expectations in terms of papers submitted and registrants. Well done.

All that remains is for me to welcome you to Queenstown and to the 19th NZGS 
Symposium. I trust you will all enjoy the Symposium and associated events.

Gavin Alexander 
Chair, New Zealand Geotechnical Society



Tonkin & Taylor are delighted to be 
a sponsor of the 2013 New Zealand 
Geotechnical Society Conference 
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For more information visit www.tonkin.co.nz

Neat Facts:
•  Tonkin & Taylor have provided niche 

expert services in geotechnical engineering 
since 1959

•  We employ over 130 geotechnical 
engineers and engineering geologists 
throughout New Zealand

•  The experience of our current NZ staff 
exceeds an unparalleled 1,100 man years of 
geotechnical practice and experience

• We are Proudly New Zealand Owned

•  We have built and operate the largest 
geotechnical database in the country 
(Since 2010 the public Canterbury 
Geotechnical Database alone has captured 
over 11,000 CPT records!)

We look forward to meeting and sharing 
with our professional colleagues our 
collective learnings from the geotechnical 
wonderland that is New Zealand.

ENVIRONMENTAL AND ENGINEERING CONSULTANTS



VI

N
ew

 Z
ea

la
nd

 G
eo

te
ch

ni
ca

l S
oc

ie
ty

 In
c.

 1
9t

h 
S

ym
po

si
um

, Q
ue

en
st

ow
n 

20
13

Table of Contents
day 1

KeynOte leCture                                                                                                Page
Practical approaches to seismic design of deep foundations Poulos, H.G. 1

seismiC BehaviOur – 1
Use of the dynamic cone penetrometer to assess the liquefaction 
susceptibility of Christchurch alluvial soils

Ashfield, D., Ashby, G., Fitch, 
N., Ladley, E., Power, P., & 
Smith, T. 

29

Soil characterization using SDS data in Christchurch Mirjafari, Y. , Orense, R.P. & 
Suemasa, N. 

37

Liquefaction induced ground damage in the Canterbury 
Earthquakes: Predictions vs. reality

Bowen, H.J. & Jacka, M.E. 45

A review of colloidal silica stabilisation and microbial-induced calcite 
precipitation and their use to mitigate liquefaction using passive site 
remediation

Buhagiar, L.R. 53

seismiC BehaviOur – 2
Prediction of earthquake-induced liquefaction for level and gently 
sloped ground

Chiaro, G. & Koseki, J. 61

Liquefaction Resistance and Possible Aging Effects in Selected 
Pleistocene Soils of the Upper North Island

Clayton, P.J. & Johnson, J.T. 69

Nonlinear shear stress reduction factor (rd) for Christchurch Central 
Business District

Dismuke, J.N. 77

A practical seismic liquefaction zoning system for risk management 
of urban development

Halliday, G. Faulkner, P. Salt, G 
& Clements R. 

85

The importance of accurate pore pressure response measurements 
when conducting CPTu as exemplified using data collected in 
Christchurch following the Canterbury earthquake sequence  

Hébert, M.-C. 93

Use of Mononobe-Okabe equation in seismic design of retaining 
walls in shallow soils

Chin, C.Y. & Kayser, C. 101

Seismically induced displacement of land affecting multiple 
residential properties in the Port Hills, Christchurch, New Zealand, 
following the 2010/2011 earthquake sequence

Hunter, R.P. 109

seismiC BehaviOur – 3
Pore Pressure Response during High Frequency Sonic Drilling and 
SPT Sampling in Liquefiable Sand

Wentz, F.J. & Dickenson, S.E. 117

Evaluation of liquefaction and re-liquefaction observed in 
Christchurch using CPT data

Lees, J., Ballagh, R. & Orense, 
R.P.

125

Liquefaction potential of Rotorua soils Pearse-Danker, E. 133
Comparison between predicted liquefaction-induced settlement 
and ground damage observed from the Canterbury Earthquake 
Sequence

Power, P.M. & Jacka M.E. 140



VII

N
ew

 Z
ea

la
nd

 G
eo

te
ch

ni
ca

l S
oc

ie
ty

 In
c.

 1
9t

h 
S

ym
po

si
um

, Q
ue

en
st

ow
n 

20
13

seismiC BehaviOur – 4
Sensitivity of predicted liquefaction-induced lateral spreading 
displacements from the 2010 Darfield and 2011 Christchurch 
earthquakes

Robinson, K., Cubrinovski, M., 
Bradley, B.A.

148

An initial assessment of the effects of seismically induced ground 
deformation on the occurrence of localised instability following 
rainfall in the Port Hills, Christchurch

Udell, H. 156

LSN – a new methodology for characterising the effects of 
liquefaction in terms of relative land damage severity

van Ballegooy, S., Lacrosse, V., 
Jacka, M. & Malan, P.

163

Reliability of lateral spreading estimates in 2010-2011 Canterbury 
earthquakes

Wightman, A. & Norris, N. 171

Correlations between liquefaction induced damage and former river 
channels in Kaiapoi  

Wotherspoon, L.M., Pender, 
M.J. & Orense, R.P.

179

Cyclic Softening Case Study: Wendover Retirement Village, 
Christchurch

Heritage, R.J. 187

Design of a contiguous bored pile wall to reduce lateral spreading 
potential; force based and displacement based design approaches

Sutherland, S.W., Murahidy, 
K.M. & Palmer, S.J. 

195

Fundamental sOil & rOCK meChaniCs – 1
Undrained monotonic behaviour of pumice sand Orense, R.P. 203
The undrained cyclic strength of undisturbed and reconstituted 
Christchurch sands 

Taylor, M.L., Cubrinovski, M., 
Bradley, B.A. & Horikoshi, K. 

211

Investigating Rock Mass Conditions and Implications for Tunnelling 
and Construction of the Amethyst Hydro Project, Harihari

Savage, E.S., Villeneuve, M. & 
Lambert, C. 

219

Improvement of shrinkage and expansive soil properties using 
nano-copper

Taha, M.R. & Taha, O.M. 227

design – 1
Strength reduction factors for foundations and earthquake load 
combinations including overstrength

Palmer, S.J. 235

A comparison of methods for measuring defect orientation from 
boreholes in weak rock 

Roberts, R.C., O’Loughlin, B. 
& Elvy, J.

243

Estimation of vertical subgrade reaction coefficient from CPT 
investigations: applications in Christchurch

Barounis, N., Saul, G. & Lally, 
D. 

251

Soil-foundation-structure interaction in shallow foundation spring 
bed modelling  

Storie, L.B. & Pender, M.J. 259

Modelling of pile response in laterally spreading liquefiable ground Wang, S. & Orense, R.P. 267
Settlement considerations for AMETI Panmure Phase 1 Ni, B. & East, G.R.W. 275
Proposed amendments to geotechnical requirements of NZTA 
Bridge Manual  

Murashev, A.K., Kirkcaldie, 
D.K., Keepa, C. & Lloyd, J.N. 

282

geOlOgy/hydrOgeOlOgy
Characterisation of active faults in the Canterbury region: a tool 
for risk-based minimisation of fault surface-rupture hazards to 
communities and infrastructure

Barrell, D.J.A., Jack, H., 
Gadsby, M., Strong, D.T., Van 
Dissen, R.J., Litchfield, N.J., 
Townsend, D.B. & Begg, J.G. 

290

3D geological and geotechnical models of the Christchurch urban 
area

Begg, J.G., Jones, K.E., 
Rattenbury, M.S. & Ramilo, R.

298

Engineering geological characterisation of the Torlesse composite 
terrane in Canterbury, New Zealand   

Irvine, A.G., Eggers, M.J. & 
Villeneuve, M. 

306

Characterisation of modern and paleo-liquefaction features in 
eastern Christchurch, NZ following the 2010-12 Canterbury 
earthquake sequence

Bastin, S.H., Quigley, M., 
Bassett, K. & Green, R.A.

314

Development of a median groundwater table surface for 
Christchurch

van Ballegooy, S., Cox, S.C, 
Thurlow, C., & Reynolds, T.

322

The role of the ground model in design of low cost slip repairs on 
rural New Zealand roads  

Watson, J. 330



VIII

N
ew

 Z
ea

la
nd

 G
eo

te
ch

ni
ca

l S
oc

ie
ty

 In
c.

 1
9t

h 
S

ym
po

si
um

, Q
ue

en
st

ow
n 

20
13

Case histOries - 1

Nelson-Tasman December 2011 Storm, Maitai pipeline emergency 
engineering response

Ellis, R.M., Fon, A.J.A., & 
Haydon, S.L.  

338

The EQC geotechnical investigation project - Part A  Project 
overview, evolution and SPT hammer energy calibration

Fairclough, A. & Ashfield, D.J. 346

The EQC geotechnical investigation project - Part B Lessons learnt 
during the CPT investigations

Fairclough, A., Ashfield, D.J., 
Soutar, C.M. & Wentz, F. J. 

354

Lessons learnt using GIS to map geological hazards following the 
Christchurch Earthquake

Gerrard, L.C, Herbert J.A & 
Revell T.A.J 

362

Case histOries – 2

Managing ground uncertainty from investigation to design and 
construction

Griffin, A.K. 370

Caversham highway four laning – a case study in risk management 
and earthquake resistant design

Grindley J.R., Saul G., & Walsh 
I.

377

Earthquake Design Considerations for a Critical Water Supply 
Pipeline near Meckering, Western Australia

Harvey, B.M., Robins, P.N. & 
Kain, D.J.

385

Preservation and capping of a Mineshaft under SH25 in Thames, 
New Zealand

Hughes, C.G.C., Mokhtari, A. & 
West, B.

391

Realignment of SH35 across an active landslide on the East Cape 
of the North Island 

Jennings, I. 399

Resilience of transportation lifelines in the greater Wellington area Mason, D. & Brabhaharan, P. 407
Seismic response of underground utilities following the Canterbury 
earthquakes 

McLachlan, R., Morris, J., 
Kathirgamanathan, P. & 
Callosa-Tarr, J. 

415

Case histOries – 3

Tui Mine Tailings Remediation Project – Geotechnical, Environmental 
and Construction Challenges

Quickfall, G.P., Croucher, 
B., Willson, T., Basheer, G., 
Jenkins, I.R. & Fellows, D.L. 

423

Old Pacific Highway embankment collapse at Piles Creek – 
Highlighting the importance of effective maintenance and asset 
management of aging infrastructure  

Retsos, P. & Shackell, C. 431

Land use planning for Blenheim, considering geotechnical hazards Mason, D., Brabhaharan, P. & 
Hayes, G.

439

Lochnagar landslide-dam – Central Otago, New Zealand: 
geomechanics and timing of the event

Sweeney, C.G. Brideau, M.A., 
Augustinus, P.C. & Fink, D. 

447

Towards the development of design curves for characterising 
distributed strike-slip surface fault rupture displacement: an example 
from the 4 September, 2010, Greendale Fault rupture, NZ

Van Dissen, R., Hornblow, 
S., Quigley, M., Litchfield, N., 
Villamor, P., Nicol, A., Barrell, 
D.J.A., Sasnett, P. & Newton, 
K. 

455

Security of power transmission line tower foundations affected by 
natural hazards

Farquhar, G.B, Underhill, J.P. 463

A discussion of the monitoring of co-seismic land displacement 
observed on the Port Hills as a result of the 2010/2011 Canterbury 
earthquake sequence

Jackson, M. & McDowell, B. 470



N
ew

 Z
ea

la
nd

 G
eo

te
ch

ni
ca

l S
oc

ie
ty

 In
c.

 1
9t

h 
S

ym
po

si
um

, Q
ue

en
st

ow
n 

20
13

Hanging by 
a thread?

Our multiple strands deliver strong 
foundations for the future.



X

N
ew

 Z
ea

la
nd

 G
eo

te
ch

ni
ca

l S
oc

ie
ty

 In
c.

 1
9t

h 
S

ym
po

si
um

, Q
ue

en
st

ow
n 

20
13

Day 2

KeynOte leCture                                                                                               Page

Analysis and design of embankment dams for foundation  
fault rupture

Mejia, L. 478

invited leCture

Management and documentation of geotechnical hazards in the 
Port Hills, Christchurch, following the Canterbury earthquakes

Macfarlane, D. F. & Yetton, M.D. 494

slOPes – 1

Terrestrial laser scanning methods to assess rockfall risk Archibald, G.C., Massey, C.I., 
Lukovic, B., & Carey J.M.

513

2011 Manawatu Gorge Landslide Remediation Avery, M.B. & Bourke, S.J. 521
Advanced numerical modelling of geogrid-reinforced rockfall 
protection embankments

Murashev, A., Easton, M. & 
Kathigamanathan, P. 

529

Landslides in Sensitive Soils, Tauranga, New Zealand Moon, V.G., Cunningham, M.J., 
Wyatt, J.B., Lowe, D.J., Morz, 
T. & Jorat, M.E.

537

slOPes – 2

The incidence and importance of landslide dams in inland Otago Bryant, J.M. & Goldsmith, M. 545
Pragmatic management of slope hazards in Wellington Greywacke Cassidy, G.A. & Mahoney, A.G. 552
Reopening Evans Pass Road, Sumner to Summit Road  Engel, J.M. 560
Millerton Cutting - Assessment and mitigation of rockfall hazards on 
a critical supply route 

Forrest, P.D. & Molloy, J.W.H. 568

Risk Management of a complex rotational failure at Whales Back 
Saddle on the Inland Road, North Canterbury, New Zealand

Graafhuis, R.B. & Underhill, J.P. 576

Rockfall protection of west angelas iron ore mine using tecco mesh Guerra, P.G. & Le, T. 584
Assessment of Post-Event Slope Stability Risk across the Central 
Otago Highway Network

Hodgkinson, E.J. 592

slOPes – 3

A rockfall risk assessment and selection of appropriate mitigation 
measures for The Christchurch Gondola following the 22 February 
2011 Magnitude 6.3 earthquake

Howard, M.E. & McMorran, T.J. 600

3D Rockfall Modelling and Rockfall Protection – Port Hills 
Christchurch  

Avery, M.B., Teen, A. & 
Salzmann, H. 

608

SH2 Waioeka Gorge, Observations of failure mechanisms prior to 
and during a major rock slide, March 2012   

Read K.J. & Jennings I. 616

Slope Assessment Procedures; a closer look Pletz, Z.J., Codd, J. & Swatton, 
L. 

623

slOPes – 4

SH35 Maraenui Hill Realignment: Use of Risk Assessment in Slope 
Design Optimisation and Route Security 

Read K.J, Hughes C.G.C. and 
Cooke S.

631

Geotechnical Risk Assessment of Hilly Terrain during Post-
Earthquake Response

Yates, K. Villeneuve, M. Wilson, 
T. 

639

2011 Hawkes Bay Landslips:  A Geotechnical Perspective Soysa, S.R. & Pomfret, A.D, 647
SH6 Rocks Road, Nelson, New Zealand – Observations on Cliff 
Instability Risk Assessment 

Stewart, D.L. & Brabhaharan P. 655

Rockfall Protection Systems – the French Approach Villard, N. & McHugh, N. 662
Macro and micro scale assessment and quantification of sloping 
ground damage following the  Canterbury 2010/2011 earthquake 
sequence

Wallace, S. 670



XI

N
ew

 Z
ea

la
nd

 G
eo

te
ch

ni
ca

l S
oc

ie
ty

 In
c.

 1
9t

h 
S

ym
po

si
um

, Q
ue

en
st

ow
n 

20
13

COnstruCtiOn – 1

The use of polystyrene (EPS) as a lightweight embankment fill East, G.R.W. 676
Investigation, design and construction of remediation of karstic 
solution feature affecting major motorway

Holliday, J.K. 683

Ground conditions and implications for construction in close 
proximity to a major faultline 

Bradshaw, J.D. & Clayton, P.J. 691

Design and construction of a synthetic lining system for the seismic 
enhancement of Stuart Macaskill Lakes, Upper Hutt, New Zealand

Cherrill, H.E., Eldridge,S.F. & 
Torvelainen,E.P.  

699

COnstruCtiOn – 2

Mitigating geotechnical risk to embankments on mud flats – 
illustrated by the SH15 Waterview motorway widening

Pinches, G.M. 707

Christchurch Ocean Outfall Pumping Station Liquefaction Mitigation  Price, C.H. de G 715
Removable flood barriers: Geotechnical considerations Sinclair, T. J. E. 723
A simplified numerical model of deep soil mixed columns used for 
road slip mitigation in 2D vs. 3D

Tatarniuk, C.M. & Bowman, E.T. 731

The use of vibro-replacement on the Ngaruawahia Section of the 
Waikato Expressway to mitigate potential seismic liquefaction

Wharmby, N., Clark, L. & 
Johnson, J.  

739

Low mobility grout (LMG) at the Southern Cross Hospital to re-level 
ground bearing floor slabs and improve seismic performance

Wharmby, N., Gibb, N. & 
Koelling, M.  

747

Case histOries – 2

The effect of hydrothermal alteration on the mechanical and physical 
rock properties of lithologies from the Ngatamariki, Rotokawa and 
Kawerau geothermal fields, Taupo Volcanic Zone, NZ

Wyering, L.D, Villeneuve, M. & 
Wallis, I.

754

Estimation of site-specific and spatially distributed ground motion in 
the Christchurch earthquakes: Application to liquefaction evaluation 
and ground motion selection for post-event investigation

Bradley, B.A. 762

Use of Geographical Information Systems to Assist with 
Management of the EQC Canterbury Geotechnical Investigation 
Project

Carter, J.J. & Fairclough, A. 770

Recognition of Geotechnical Considerations in Planning 
Documents

Curley, B.A., Beetham, R.D. & 
Simms, B.S.

778

FOundatiOns – 1

Geophysical testing of soft soils and embankments for road 
construction and risk assessment

Whiteley, R.J, Kelly, R.B & 
Stewart, S.B 

786

Bearing capacity of foundations on slope Balachandra, A., Yang, Z. & 
Orense, R.P.

794

Engineering Properties of Pumice Material and the Design of Piled 
Foundations  

Clendon, N.K., Ho, K, & 
Poulos, H.

802

Designing earthquake resilience into pump station foundations  Gibson, M.F.L., Green, D.P., 
Holmes, S.F., & Newby, G.

810

Grouting of basalt to improve seismic resilience for bridge 
foundations

Hillier, R.P. & Langbein, A.C. 818

Snap-back Response of Piles in Stiff Clay Millin, R.J.M., Wotherspoon, 
L.M. & Pender, M.J.

826

A Pragmatic and Non-Intrusive Procedure for Assessing the Post-
Earthquake Structural Integrity of Piled Foundations  

Moniz, S.R., Harwood, N. K., & 
Poulos, H. G.

834



XII

N
ew

 Z
ea

la
nd

 G
eo

te
ch

ni
ca

l S
oc

ie
ty

 In
c.

 1
9t

h 
S

ym
po

si
um

, Q
ue

en
st

ow
n 

20
13

For more information, contact:
Jan Kupec, Technical Director, Ground Engineering  
T 03 366 0821  M 021 350 674  E jan.kupec@aurecongroup.com

Complete solutions for 
ground engineering infrastructure

Aurecon provides engineering, management and specialist technical 
services for public and private sector clients globally. 

Our skilled team work across the geotechnical spectrum of studies,  
ground investigations, interpretation, analysis and design, inspections  
and remediation.

POster sessiOns

Mitigation of a Landslide Impacting a Rural Road in Alameda 
County, California

Bruggers, D; Skinner, R. & 
Rudolph, W.R.

841

The impact of new springs affecting residential properties in 
Christchurch following the Canterbury 2010/2011 Earthquake 
Sequence

Lochhead, S.E. 850

Effect of specimen size on the laboratory measurements of 
electrical resistivity of soils  

Neishabouri, M.N. & Abuel-
Naga, H.M.

858

Developments in Geotechnical Site Investigations following the 
Canterbury Earthquake Sequence  

Neeson, F.C. 866

Stress path approach to settlement analysis of soft ground O’Sullivan, A., Soric, D. & 
Terzaghi, S.

874

A new multiple-step loading triaxial test method for brittle rocks Taheri, A. & Chanda, E. 882



N
ew

 Z
ea

la
nd

 G
eo

te
ch

ni
ca

l S
oc

ie
ty

 In
c.

 1
9t

h 
S

ym
po

si
um

, Q
ue

en
st

ow
n 

20
13



1

N
ew

 Z
ea

la
nd

 G
eo

te
ch

ni
ca

l S
oc

ie
ty

 In
c.

 1
9t

h 
S

ym
po

si
um

, Q
ue

en
st

ow
n 

20
13

Poulos, H.G. (2013) 
Practical approaches to seismic design of deep foundations 

Proc. 19th NZGS Geotechnical Symposium.  Ed. CY Chin, Queenstown 
 

Practical approaches to seismic design of deep foundations 
 
H G Poulos 
Coffey Geotechnics, Australia 
harry.poulos@coffey.com (Corresponding author) 

Keywords: buckling; design; earthquakes; lateral response; liquefaction; pile; remedial methods 

ABSTRACT 

This paper sets out a simplified approach by which the practical foundation designer can 
undertake the relevant calculations to satisfy the requirements for deep foundation design in 
seismic areas. The following matters are dealt with: 

a. Design issues that should be addressed; 
b. Pile design for axial loading, including the possible effects of liquefaction; 
c. Pile design for lateral loading where liquefaction does not occur; 
d. Pile design for lateral loading where liquefaction does occur; 
e. Measures to mitigate against liquefaction effects. 

1. INTRODUCTION 
 

Consideration of the effects of earthquakes and seismic loadings is an increasingly important 
aspect of modern foundation design, and most contemporary standards have a mandatory 
requirement for such consideration. For example, the Australian Piling Code, AS 2159-2009, 
states that “a pile shall be designed for adequate strength, stiffness and ductility under load 
combinations including earthquake design actions”. However, the methods by which such 
considerations can be undertaken are generally not set out in the standards, and many 
approaches have been utilized, ranging from very simplistic methods to extremely complex 
computer analyses. Accordingly, there appears to be scope for an approach that is soundly based 
but which is neither too simplistic nor too complex.  

Poulos (1989) has suggested that there are three categories of analysis and design, as follows: 

1. Category 1: empirical methods. 
2. Category 2: simplified but soundly-based methods. 
3. Category 3: more comprehensive methods that are soundly-based, and site-specific. 

The objective of this paper is to set out a systematic but simplified approach which falls into 
Category 2 above, and by which the foundation designer can undertake the relevant analyses to 
satisfy the foundation design requirements for seismic regions.  Emphasis is placed on methods 
that do not require “black box” software or which employ complex soil models in which the 
physical meaning of the parameters is unclear. 

2. DESIGN ISSUES 

In addition to the conventional design issues of axial load capacity, settlement, structural 
adequacy and durability under static imposed loadings, the design of deep foundations in 
seismic areas requires consideration of the following factors: 

1. The effects of earthquake excitation on the axial load capacity of the foundation 
system; 
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2. The effects of earthquake excitation on the lateral response and the structural 
integrity of the foundation system. 

In both cases, the possible loss of soil support during the earthquake due to liquefaction or 
partial loss of soil strength must be considered. Both the geotechnical and the structural strength 
of the foundations can be compromised by the earthquake effects, and so each has to be 
examined in turn. 

For assessment of the response of the foundation during a seismic event, it is also necessary to 
estimate the stiffness and damping of the foundation system, since the foundation response can 
influence the natural period of the supported structure. 

3. EFFECTS OF EARTHQUAKES ON FOUNDATION SOILS 

Soil deposits at a site subjected to an earthquake may experience the following effects: 
 Increases in pore pressure within the soils; 
 Time-dependent vertical ground movements during and after the earthquake; 
 Time-dependent lateral ground movements during the earthquake. 

In foundation design, consideration must therefore be given to possible reductions in soil 
strength arising from the build-up of excess pore pressures during and after the earthquake. In 
extreme cases, the generation of pore pressures may lead to liquefaction in relatively loose 
sandy and silty soils. 

As a consequence of the earthquake-induced ground movements, piles and other deep 
foundations will be subjected to two sources of additional lateral loading: 

a. Inertial loadings – these are forces that are induced in the piles because of the 
accelerations generated within the structure by the earthquake.  Consideration is 
generally confined to lateral inertial forces and moments, which are assumed to be 
applied at the pile heads.  

b. Kinematic loadings – these are forces and bending moments that are induced in the 
piles because of the ground movements that results from the earthquake. Such 
movements will interact with the piles and because of the difference in stiffness of 
the piles and the moving soil, there will be lateral stresses developed between the 
pile and the soil, resulting in the development of shear forces and bending moments 
in the piles. These actions will be time-dependent and need to be considered in the 
structural design of the piles. 

Thus, in addition to the usual design considerations for static loading, the above factors of 
strength reduction, inertial loadings, and kinematic loadings, need to be incorporated into the 
design process. 

When considering both the strength and stiffness of soils, consideration should also be given to 
the effects of the high rate of loading that occur during a seismic event. Such loading rate effects 
tend to increase both the strength and stiffness of soils, especially clay soils. 

Appropriate assessment of the geotechnical parameters is a critical component of geotechnical 
design for seismic actions, as it is for other types of imposed loadings. This issue is however 
outside the scope of the present paper, and reference should be made to references such as 
Kramer (1996) who discusses such issues as the effects of strain, cyclic loading and loading rate 
effects. 

3.1 Earthquake Characteristics Required for Foundation Design 
 
Seismic design of foundations requires information on a number of characteristics of the 
anticipated earthquakes at the site, including the following: 
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 Earthquake size or magnitude; 
 Seismicity rate; 
 Maximum bedrock acceleration, and it attenuation with distance from the causative 

fault; 
 The duration; 
 The predominant period; 
 Representative time-acceleration relationships at bedrock level. 

More details of these and other earthquake characteristics can be found in Kramer (1996). 
However, interaction with seismologists is highly desirable in making the above assessments for 
a specific site or area. 

 
4. PILE DESIGN FOR AXIAL LOADING 

4.1 Without Liquefaction 
 

In soils that are assessed to be non-liquefiable, the conventional methods may be adopted to 
assess the ultimate shaft friction and end bearing capacity of the piles, including the possible 
effects of group action.  

Only limited attention has been paid to the axial response of piles during and after an 
earthquake. Poulos (1993) has provided an example of a pile in clay subjected to earthquake 
action. The generation of excess pore pressures, and the consequent loss of strength of the clay, 
has been incorporated into the analysis. The main conclusions drawn from this study are as 
follows: 

1. Earthquakes with a Richter Magnitude in excess of about 6 have the potential to 
generate significant excess pore pressures in the clay, causing subsequent consolidation 
settlement. 

2. The rate of development of these settlements is similar to that obtained from Terzaghi’s 
consolidation theory, using the coefficient of consolidation for the soil in an over-
consolidated state. 

3. Piles in clay may be subjected to a short-term loss of axial capacity due to the 
“softening” of the surrounding soil arising from pore pressure build-up. 

4. Piles may also experience a long-term increase in settlement and axial force, due to the 
ground settlements induced by the earthquake. 

 
4.2 Effects of Liquefaction 

 
If liquefaction is assessed to be likely to occur within soils supporting a piled foundation, some 
of the issues that require consideration are as follows: 

(a) Seismic excitation will cause settlements as well as lateral ground movements and thus 
there will be a tendency for the development of negative skin friction on those parts of 
the pile which tend to settle less than the soil.  

(b) There will tend to be a substantial reduction in effective stress in the soil due to the 
generation of excess pore pressures, and this will lead to a reduction in the lateral 
effective stress between the pile and the soil, and a consequent reduction in the ultimate 
shaft friction. This will reduce the axial capacity of the pile and the factor of safety 
against geotechnical pile failure. This reduction of capacity is however temporary and 
the initial shaft resistance should be largely re-instated after the excess pore pressures 
have dissipated.  

To avoid temporary failure, a check should be made of the ultimate axial capacity of the pile, 
excluding any resistance from the liquefiable layers. Ideally, this reduced capacity should 

3



4

N
ew

 Z
ea

la
nd

 G
eo

te
ch

ni
ca

l S
oc

ie
ty

 In
c.

 1
9t

h 
S

ym
po

si
um

, Q
ue

en
st

ow
n 

20
13

 
 
 

Poulos, H.G.  (2013) 
Practical approaches to seismic design of deep foundations   

 

 

exceed the design axial load that is likely to be applied to the pile during the earthquake by a 
suitable factor of safety, for example, 1.25. 

An additional mode of failure, buckling of the pile, may be initiated. This matter is discussed 
further below. 

4.3 Pile Buckling 
 

Bhattacharya and Bolton (2004) have identified another mechanism of axial failure of piles in 
liquefiable soils, namely buckling under axial loading due to loss of lateral support. This 
mechanism is generally overlooked in design, yet can be an important contributor to foundation 
failure. They emphasize that buckling of a pile is an unstable and destructive failure mechanism, 
whereas pile bending is a more stable mechanism. Pile buckling is a possible mechanism if the 
following conditions exist: 

 The pile is end bearing and socketed into rock; 
 The pile is carrying a relatively large axial load compared to the Euler buckling 

load of an equivalent column. 

Madabhushi and May (2009) recommend that the pile design process should incorporate the 
following considerations: 

 The ratio of the axial load to the Euler buckling load should be limited to about 1/5 
to provide a safety margin on buckling; 

 The slenderness ratio of the piles, SR = L/(I/A) 0.5 (where L=effective pile length 
within the liquefiable layer, I = minimum moment of inertia, A = pile cross-
sectional area),  in the buckling zone should be no greater than 50 to avoid buckling 
instability. 

The Euler buckling load PE can be estimated as follows: 

  PE = 2 EI/Le
2        (1) 

 
  where   EI=flexural rigidity of the pile 
   Le = equivalent length of pile. 

The equivalent length Le depends on the end conditions of the pile. For the extreme case of a 
pile head that is unrestrained against both translation and rotation, but with a fixed base, Le =
2Lo, where Lo = length of pile in liquefied soil, while for a pile head that is restrained against 
rotation, Le = Lo. Alternatively, estimates of the pile buckling load can be made using the results 
summarised by Poulos and Davis (1980). 

5. PILE DESIGN FOR LATERAL LOADING – NO LIQUEFACTION 
 

5.1 Assessment of Inertial Loadings 

For geotechnical analysis, the inertial forces imposed on the foundation system by the structure 
are usually obtained by the structural designers. Broadly, the maximum lateral force on the 
structure is generally estimated by multiplying the mass of the structure by the peak spectral 
acceleration, asmax.   asmax can be obtained most readily via the use of code-specified values for 
bedrock acceleration and then applying site factors to obtain surface acceleration. For a piled 
foundation, the lateral inertial force can be estimated as P.asmax /g where P = axial force on pile, 
and g = gravitational acceleration.  

Rather than simply adopting a code-specified site factor, a site response analysis using 
representative earthquake records at “bedrock” level (e.g. where vs> 750m/s) may be carried out 
to assess the ground response.  From this analysis, response spectra can be obtained for the 
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acceleration versus time history at an appropriate depth in the layer, e.g. at about 1/2 to 2/3 of 
the pile length, to reflect the effect of the structure being founded on a pile foundation system.  

If an elastic analysis is applied to the pile and a linearly varying Young’s modulus with depth is 
assumed to apply within the soil, then the maximum bending moment due to inertial loading, 
Mimax, can be estimated approximately from the following expression given by Randolph 
(1981): 

(a) For a free-head pile: 

Mimax = 0.1HiLc/c      (2) 

(b) For a fixed head pile: (fixing moment at the pile head): 

Mimax = -0.1875 Hi Lc /(c) 0.5     (3) 

where Hi = inertial force on pile  
  Lc = effective pile length = d(Ep/Gc) 2/7      (4) 

Gc = average shear modulus of soil over a depth equal to the 
effective length of the pile 
c = ratio of soil modulus at a depth of ¼ of effective length to 
that at a depth of ½ of the effective pile length. 
 

5.2 Assessment of Kinematic Loading Effects 

To estimate the possible additional bending moments and shears in the piles arising from the 
kinematic ground movements during and after a seismic event, there are at least two design 
approaches that may be adopted: 

a. A simple approach employing the results of analyses reported by Nikolaou et al 
(2001), among others 

b. A more detailed approach involving the use of a pseudo-static analysis in which the 
results of a site response analysis are combined with a pile-soil interaction analysis 
(e.g. Cubrinovski and Ishihara, 2004, Tabesh & Poulos, 2001). 

 
 5.2.1   Simplified Analysis Method for Kinematic Moments in Pile 
 
A convenient design approach for estimating the maximum moment induced in a pile by 
kinematic bending has been provided by Nikolaou et al (2001). They found that the induced 
moments were a maximum at interfaces between layers of different stiffness and then undertook 
a series of analyses to compute the bending moment at the interface between two layers (see 
Figure 1). They recognised that a distinction must be made between the maximum bending 
moment under steady state harmonic motion and the bending moment that would be developed 
under transient excitation, such as during an earthquake. The latter would generally be smaller 
than the steady state value, which would only be developed after a very large number of cycles. 
This distinction was also emphasized by Sica et al (2011) and Figure 2 shows, 
diagrammatically, the relationship between the bending moment and the frequency ratio (ratio 
of the predominant frequency of the earthquake to the natural frequency of the subsoil.  

The following approximate relationship was developed for the peak bending moment, Mpk,
during the transient phase of seismic excitation: 

  Mpk = . Mres        (5) 

  where  Mres = bending moment developed under resonant conditions 
        = reduction factor to allow for non-resonant conditions. 
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From the results of a frequency domain analysis, Nikolaou et al developed the following fitted 
formula for Mres: 
   

Mres = 0.042 c d3 (L/d) 0.30 (Ep/E1) 0.65 (vs2/vs1) 0.50   (6) 
  
  with   c = as 1 h1       (7) 
  

where  d = pile diameter 
L= pile length 
Ep = Young’s modulus of pile
E1 = Young’s modulus of upper layer
vs1 = average shear wave velocity in upper layer 
vs2 = average shear wave velocity in lower layer 
as = peak ground surface acceleration  
1 = mass density of upper layer 
h1 = thickness of upper layer. 

 
 
 
 
 

 
 
 
 
 
 
 
 
 

Figure 1  Model adopted by Nikolau et al (2001) for kinematic moments in pile 

In the original paper, Nikolaou et al give the following expressions for the reduction factor : 

Case 1: For resonant conditions in which the fundamental period of the deposit lies within the 
range of predominant periods of the excitation: 

 = 0.04Nc + 0.23       (8) 

Case 2: For non-resonant conditions where the fundamental period of the deposit lies outside 
the range of predominant periods of the excitation: 

 = 0.015Nc + 0.17 ≈ 0.2      (9) 

where Nc = effective number of cycles within the earthquake record. 
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Figure 2  Relationship between pile bending moment and frequency ratio (Sica et al, 2011) 
 
Subsequently, Sica et al (2011) have suggested the following alternative expression for the 
average value of  based on a series of parametric analyses: 

   = 0.68(finput/f1) -1.5                 (10) 

  where  finput = predominant frequency of earthquake 
   f1 = natural frequency of soil profile. 

The above expression holds for (finput/f1) ≥ 1.5, but for frequency ratios less than 1.5,  = 0.37, 
with a standard deviation of 0.17. 

The value of finput can be obtained from the input earthquake record, but can also be estimated 
(very approximately) as the inverse of the predominant period. The value of the natural period 
of the soil deposit, f1, can be obtained from the following expression: 

  f1 = vsav /4H                   (11) 

  where  H = thickness of soil profile 
  vsav = average shear wave velocity of soil profile. 

5.2.3 Pseudostatic Analysis for Pile Response 
 
Tabesh and Poulos (2001) have proposed a pseudostatic approach for estimating the maximum 
response of a pile during an earthquake. The approach involves the following steps: 

1 A free field site response analysis is carried out to obtain the time history of surface motion 
and the maximum horizontal displacement of the soil along the length of the pile. In 
general, a one-dimensional analysis can be employed, using commercially available codes 
such as SHAKE or DEEPSOIL, or else custom codes such as ERLS (Poulos, 1991).

2 The surface motion obtained in the above step is used in a spectral analysis of a single 
degree of freedom system whose natural period is equal to that of the supported structure. 
The spectral acceleration aspec is thus obtained. 
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3 A static analysis of the pile is carried out in which the pile is subjected simultaneously to 
the application of the following loadings: 

(i) A lateral force at the pile head equal to aspec.P, where P = vertical load acting 
on pile head; 

(ii) The maximum ground movements along the pile length, as obtained from 
Step 1. 

The analysis will give the maximum moment and shear force developed in the pile by the 
simultaneous application of the inertial and kinematic loadings.  
 
5.3 Combined Inertial and Kinematic Effects 
 
The approach employed by Tabesh and Poulos (2001) may be conservative as the analysis 
implicitly assumes that both the inertial and kinematic loadings are in phase. However, they 
have found that this approach gives reasonable agreement with the results of a more complete 
dynamic analysis, although it does tend to be conservative, and also good agreement is found 
when applied to a case history in Japan. 

A modification has been suggested by Tokimatsu et al (2005), using the following approach to 
deal with combined inertial and kinematic loadings: 

 If the natural period of the superstructure is less than that of the ground, the 
kinematic force tends to be in phase with the inertial force, increasing the stress in 
the piles. The maximum pile stress occurs when both the inertial force and the 
ground displacements take the peak values and act in the same direction. In this 
case, the maximum moment is the sum of the values for inertial and kinematic 
effects. 

 If the natural period of the superstructure is greater than that of the ground, the 
kinematic force tends to be out of phase with the inertial force. This restrains the 
pile force, rather than increasing it. The maximum pile stress tends to occur when 
both inertial force and ground displacement do not become maxima at the same 
time. In this case, the maximum moment is the square root of the sum of the squares 
of the moments due to each effect. 

The moments via this approach have been found to be in good agreement with model tests, both 
with and without the effects of liquefaction. 

 
5.4 Design Charts 
 
Using the pseudostatic approach, Tabesh and Poulos (2007) produced some simple design 
charts for piles within a uniform soil profile. Figure 3 shows the problem addressed and Figure 
4 gives examples of these charts for the case of a 20m long pile with a vertical load 
corresponding to a factor of safety of 2.5 against geotechnical failure. These charts are meant to 
provide only a very preliminary estimate of lateral pile response. 
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Figure 3  Problem considered for design charts 

Figure 4  Typical design charts for maximum moment in 20m long pile (Tabesh & Poulos, 
2007). 

6. PILE DESIGN FOR LATERAL LOADING – INCLUDING LIQUEFACTION 

6.1 Introduction 

Soil liquefaction during a seismic event results in almost a complete loss of strength and 
stiffness in the liquefied soil, and consequent large lateral ground movements. The 
consequences of liquefaction on pile foundations can be very significant and can result in failure 
of the piles, as evidenced by many case histories during the 1995 Kobe earthquake (e.g. Ishihara 
and Cubrinovski, 1998) and the 2010-2011 events in Christchurch (e.g. Cubrinovski, 2013). A 
rational analysis of the behaviour of a pile in a liquefiable soil during and after an earthquake 
needs to take account of the effects of liquefaction on the soil properties, the natural period of 
the ground and the ground movements.  

 
6.2 Simplified Analysis Based on Soil Stiffness Reduction 

A procedure that has been employed in Japan to allow for the effects of liquefaction is to reduce 
the soil parameters by a factor which depends on the following factors: 

i. The factor of safety against liquefaction, FL; 
ii. The depth below the ground surface; 
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iii. The original SPT (N) value of the soil. 

An example of values of a reduction factor (rk) for the modulus of subgrade reaction (k) for 
building foundation design in Japan is shown in Table 1 (JGS, 1998). This approach is very 
simplified, and considers only the effects of inertial loading. It does not incorporate the effects 
of kinematic loading. 

Table 1 Reduction factor for modulus of subgrade reaction – building foundations (JGS, 1998) 

Factor of 
Safety 

Against 
Liquefaction, 

FL

Depth z 
below 

ground 
surface (m)

Reduction factor rk, applied to modulus of subgrade 
reaction k

N≤8 8<N≤14 14<N≤20 N>20

≤0.5 0≤z≤10
10<z≤20

0
0

0
0.05

0.05
0.1

0.1
0.2

0.5<FL≤0.75 0≤z≤10
10<z≤20

0
0.05

0.05
0.1

0.1
0.2

0.2
0.5

0.75<FL≤1.0 0≤z≤10
10<z≤20

0.05
0.1

0.1
0.2

0.2
0.5

0.5
1.0

 
 

6.3 Simplified Approach Based on Parametric Analyses 

 
Valsamis et al (2012) have carried out an extensive set of parametric analyses and developed 
simplified expressions for lateral pile response in a laterally spreading soil profile. Three cases 
have been considered, as illustrated in Figure 5, and are as follows: 

1. Case a: a 2-layer soil profile where a thick liquefiable layer overlies a non-liquefiable 
layer, and the pile head is unrestrained. 

2. Case b: a 2-layer soil profile, as in Case a, but with the pile head restrained from both 
translation and rotation. 

3. Case c: a 3-layer soil profile, where the liquefiable layer lies between two non-
liquefiable layers, an overlying crust, and a lower continuous layer.  The pile head is 
restrained from rotation but can translate freely. 

The following expressions were derived for the maximum pile deflection, pile: 

Case a:  pile = min[1.22gr, 29b1.44.gr
0.28.J0.72]      (12) 

Case b: pile = min[0.15gr, 0.12b0.74.gr
0.26.J0.74]      (13) 

Case c: pile = 1.22gr         (14) 

where  gr = ground surface movement (m) 
 J = H6

liq.d/EI 
 E = pile modulus (kPa) 
 I = pile moment of inertia (m4) 
 Hliq = depth of liquefied soil (m) 
 d = pile diameter (m) 
 b = parameter related to corrected SPT value (N1)60,cs and derived from Figure 6. 

The maximum bending moment, Mmax, is approximated by the following expressions: 
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Case a:  Mmax = 2.2EI.pile/H2
liq        (15) 

Case b: Mmax = 18EI.pile/H2
liq        (16) 

Case c: Mmax = 17(EI.pile/H2
liq)0.65       (17) 

In all cases, it is very important to use the correct units indicated above. 

Figure 5  The design cases considered by Valsamis et al (2012) 

Figure 6  Parameter “b” related to corrected SPT value (Valsamis et al, 2012)

A practical difficulty with the above procedure is that the ground surface movement of a 
liquefied layer, gr, is very difficult to estimate, and the computed responses depend greatly on 
this value. 

6.4 Modified Approach Using Nikolau et al (2001) 

6.4.1 Procedure 

Use can be made of the equations developed by Nikolau et al (2001) to develop a simpler 
approach in which the amount of computational effort is relatively limited. This approach 
involves the following steps: 

1. Estimate the reduction in shear modulus via the approach suggested by Ishihara and 
Cubrinovski (1998), in which the post-liquefaction shear modulus, Gpl, is given by: 

Gpl =  G                    (18) 

   where   = reduction factor; 
G = shear modulus prior to liquefaction. 
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2. Estimate the bending moment for resonant conditions via equations 6-11. The shear 
wave velocity in the (upper) liquefied layer is now vs1-liq = vs1√where vs1 is the original 
shear wave velocity of the layer. 

3. Estimate the modified natural frequency of the liquefied layer from equation 11, using 
the reduced shear wave velocity vs1-liq. 

4. Compute the correction factor  from either equations 8 and 9, or equation 10. 

5. Compute the bending moment from equation 5. 

6.4.2 Modulus Reduction Factor  
 

A key parameter choice is the value of the modulus reduction factor . Cubrinovski (2006) 
suggests that  values range between 0.02 and 0.10 for cyclic liquefaction, and 0.001 to 0.02 for 
lateral spreading.  

An alternative approach to estimating  is to relate it to the factor of safety against liquefaction 
FL, or perhaps more logically, to the liquefaction potential index LPI, which is defined as 
follows: 

  LPI = ∫ F(z) w(z) dz                          (19) 
   
  where  F(z) = 1-FL when FL<0.95, and FL = factor of safety against liquefaction 
   F(z) = 2x10 -6 exp(-18.427FL) when 0.95<FL<1.2 
   F(z)= 0 when FL ≥ 0
   W(z) = 10-0.5z 
   z = depth below surface in metres. 

The integration in equation 19 is carried out from the surface to a depth of 20m. Table 2 
summarises the general levels of risk based on LPI. 

To do this, use can be made of the recommendations shown in Table 1, from which ranges of 
values of LPI can be obtained from the range of values of FL given in that table for the upper 
10m of the profile and profile from 10 to 20m depth. Figure 7 shows the values of the modulus 
reduction factor  can be plotted against the derived average values of LPI, and from this plot, 
an empirical relationship can be drawn as follows: 

   = lim + e b.LPI (1-lim)                     (20) 

  where lim = lower limit value of 
b = index derived from fitting through the points in Figure 7, and found 
to be approximately -0.20 

   LPI = liquefaction potential index. 

This relationship is also shown in Figure 7 for b = -0.2 and lim = 0.01, and shows reasonable 
agreement with the points derived from Table 1, despite the considerable scatter. 
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Table 2: Liquefaction Risk Based on Liquefaction Potential Index, LPI 

LPI Liquefaction Risk

0
0-2
2-5

5-15
>15

Non-liquefiable
Low

Moderate
High

Very high
 

 

 
 
Figure 7 Relationship between modulus reduction factor b and liquefaction potential 
index LPI 
 
6.4.2 Upper Limit to Kinematic Bending Moment 
 
There will be an upper limit to the kinematic bending moment, which will occur if the layer 
has completely liquefied and flows past the pile. In this case (assuming that the applied 
pressure from the liquefied layer acts in the same direction along the whole layer), the 
limiting kinematic bending moment, Mklim, will be given by the following approximate 
expression): 

  Mklim = n.su-Liq.d h1(h1+dh)                   (21) 

where         n = undrained shear strength multiplier for limiting lateral pile-soil 
pressure 

  su-Liq.= shear strength of liquefied soil 
          d = pile diameter 
      h1 = thickness of liquefied layer 
      dh = additional distance within underlying layer at which the 
             maximum moment occurs (typically expected to be 0.5d-1d). 

Data presented by Cubrinovski et al (2009) indicate that the parameter n in equation 21 may be 
about 9 (i.e. 4.5 times the Rankine passive pressure).  
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6.4.3 Estimation of Inertial Bending Moment in Pile 
 
In cases where complete liquefaction of the upper layer occurs, with resultant lateral spreading 
of the liquefied soil, it has been suggested by Klimis et al (2004) that inertial effects can be 
neglected. However, the analyses and comparisons carried out by Liyanapathirana and Poulos 
(2005) indicate that inertial effects can be present and should be considered.  

Following the recommendations of Liyanapathirana and Poulos (2005), the inertial force Hi can 
be estimated as follows: 

  Hi = as. P                     (22) 

 where  as = peak ground acceleration; 
   P = vertical load acting on pile. 

Assuming (albeit boldly) that an elastic analysis can be applied to a pile in a liquefied layer, and 
that a constant Young’s modulus applies to the liquefied layer, the maximum bending moment 
due to inertial loading, Mimax, can be estimated from the following expression derived from  
Randolph (1981): 

(a) For a free-head pile: 

Mimax = 0.1Hi (Lc + h1)         (23) 

(b) For a fixed head pile: Fixing moment at the pile head): 

Mimax = -0.1875 Hi (Lc + h1)        (24) 

where Hi = inertial force on pile  
  h1 = depth of liquefied soil 
Lc = critical pile length in the non-liquefied soil, and 
approximated as: 
Lc = d(E2/Gred) 2/7          
Gred = shear modulus of the non-liquefied layer. 

6.4.4 Effect of Near-Surface Crust above Liquefiable Layer 
 
In cases where a stiffer (and non-liquefiable) crust may exist above the liquefiable layer, 
account needs to be taken of the effect of the stiffness of this crust on the behaviour of the pile 
under inertial loading, and its effect on the limiting bending moment that can be imposed on the 
pile. 

An approximate, but conservative, allowance for the stiffness of the crust may be made by using 
a weighted average Young’s modulus, Ecl, of the crust and the liquefiable layer, as follows: 

  Ecl = (Ec. hc + El.hl)/(hc + hl)            (25) 

  where  Ec = Young’s modulus of crust
   hl = thickness of crust 
   El = Young’s modulus of liquefiable layer
   hl = thickness of liquefiable layer. 

The maximum inertial bending moment can then be obtained from equation (23) for a free-head 
pile, or equation (24) for a fixed head pile. 
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To obtain the maximum kinematic bending moment at the interface between the liquefiable and 
non-liquefiable layers, the crust should not influence this value, and the simplified approach 
may again be used, using as before, the modulus of the liquefiable layer Gpl (equation 18). 
When estimating the limiting bending moment that can be imposed on the pile, an additional 
shear force, Hcr and moment Mcr will be applied to the pile by the crust. These can be estimated 
as follows: 
  Hcr = hcr. pucr.d             (26) 

  Mcr = Hcr (h1+0.5hcr + Lc)         (27) 

   where  hcr = thickness of non-liquefied crust 
pucr = ultimate lateral crust-pile pressure, and which can be 
estimated as approximately 4.5 times the Rankine passive 
pressure exerted by the crust. 

    d = pile diameter 
    h1 = thickness of liquefied layer (below crust) 

Lc = critical pile length in the non –liquefied soil layer (see 
equation 24).

The combination of inertial and kinematic effects can then be considered as per the 
recommendations of Tokimatsu et al (2005) in Section 5.3.  

6.5 Pseudostatic Analyses 

6.5.1 Cubrinovski et al (2009). 

The model developed by Cubrinovski  et al(2009) is shown in Figure 8. The soil profile contains 
three components: 

 A surface layer or crust which does not liquefy; 
 A liquefiable layer; 
 An underlying base layer that does not liquefy. 

Each layer is characterised by a stiffness (expressed in terms of a modulus of subgrade reaction) 
and a limiting pile-soil pressure. The pile is analysed as a beam-spring model, and non-linear 
behaviour of the pile, as well as the soil, can be incorporated into the analysis by use of a finite 
element approach. Account is taken of both inertial and kinematic loadings.  

Figure 8 Model for pile in liquefied soil (Cubrinovski et al, 2009) 
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6.4.2 Liyanapathirana and Poulos (2005) 
 

For piles in soils subject to liquefaction, Liyanapathirana and Poulos (2005) have developed an 
extension of the approach used by Tabesh and Poulos (2001) for piles in non-liquefiable soils. 
Account has been taken of the degradation of shear modulus of the soil that occurs with the 
generation of pore water pressure in the soil. The shear modulus of the soil is assumed to vary 
with the effective stress level of the soil as shown below: 

  MPapavKoGGs
5.0

0 /')21(  (28)                                                                     

where v’ is the effective stress level of the soil, K0 is the coefficient of earth pressure at rest, pa 
is atmospheric pressure, and G0 is a constant which varies with the relative density, Dr, of the 
soil.  

Although spectral acceleration has been used by Tabesh and Poulos (2001), it has been found 
that the inertial force at the pile head calculated using the spectral acceleration may overestimate 
the pile response when the surrounding soil starts to liquefy. Hence, the maximum acceleration 
at the ground surface, rather than the spectral acceleration, has been used to calculate the inertial 
force at the pile head.  

The calculation steps involved in this approach can be summarised as below:  

1. First, a free-field site response analysis is performed by taking into account the pore 
pressure generation and dissipation in the soil deposit due to the earthquake loading 
(Liyanapathirana and Poulos, 2002). From this analysis, the maximum ground surface 
acceleration, maximum ground displacement along the length of the pile, the minimum 
shear modulus and the effective stress level attained during the seismic activity can be 
obtained. 

2. The superstructure is modelled as a concentrated mass at the pile head. Generally the 
superstructures supported by pile foundations are multi-degree-of-freedom systems but 
in the design of pile foundations, the superstructure is reduced to a single mass at the 
pile head to simplify the analysis. 

3. The lateral force to be applied at the pile head is the cap-mass (vertical load divided by 
g), multiplied by the maximum ground surface acceleration obtained from the ground 
response analysis. 

4. The pile-soil interaction is modelled using the spring coefficients calculated from elastic 
theory, based on the minimum shear modulus of the soil deposit at each depth, at any 
time, given by the free-field site response analysis (Step 1). 

5. A non-linear static load analysis is carried out to obtain the profile of maximum pile 
displacement, bending moment and shear force along the length of the pile by applying 
the lateral forces calculated in Steps 3 and 4, and the soil movement profile calculated 
in Step 1, simultaneously to the pile. 

This approach has been verified by comparison with the results of centrifuge tests (Wilson et al, 
1999; Abdoun et al, 1997). 

Comparisons have also been made with the field measurements made in the piles at the Pier 211 
in Uozakihama Island after the Hyogoken-Nambu earthquake which occurred on 17th January 
1995. Piles at bridge Pier 211 have a diameter of 1.5 m, and Figure 9 shows the crack 
distributions observed in piles after the earthquake. Ishihara and Cubrinovski (1998) have 
simulated this case, using their approach, and Liyanapathirana and Poulos (2005) also analysed 
it using their pseudostatic approach. The water table was 2.0 m below the ground surface and 
the upper 20 m of this site consisted of Masado sand with an initial shear modulus of 57.8 
MN/m2 and density of 2000 kg/m3. Soil liquefaction was observed in the Masado sand layer 
below the water table only. Therefore only the top 20 m layer was analysed using the effective 
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stress method incorporating pore pressure generation and dissipation. After liquefaction, the 
effective stress level in the soil was reduced to a minimum of 2% of the initial effective 
overburden pressure. For this analysis the cyclic shear strength curve for the Masado sand given 
by Ishihara (1997) was used. It was assumed that the base rock had a density of 2200 kg/m3 and 
a shear modulus of 75 GN/m2. 

Figure 9 shows the maximum bending moment profile along the pile obtained from the 
pseudostatic approach of Liyanapathirana and Poulos (2005), and also that calculated by 
Ishihara and Cubrinovski (1998). The lower end of the RC pile was assumed to be fixed while 
the pile head was assumed to be fixed to the footing but free to move in the horizontal direction. 
The predictions made by the pseudostatic approach agree reasonably well with the results given 
by Ishihara and Cubrinovski (1998). The yield moment for these piles is about 5 MNm. The 
computed maximum bending moment profile exceeds the yield moment near the pile head and 
in the vicinity of the boundary between the liquefied and non-liquefied layers. This is consistent 
with the location of cracks observed after the earthquake shown in Figure 9.       

 
 
 
 
 
 
 

 

 

 

 

 

Figure 9   Cracks observed in piles at the bridge pier 211 in Uozakihama Island (Ishihara 
and Cubrinovski, 1998) and (b) Bending moment of the pile at Bridge Pier 211 in 
Uozakihama Island calculated from the pseudostatic approach and Ishihara and 
Cubrinovski (1998) results (=0.01). 

6.6 Example of Simplified Approach 
 
To illustrate the application of the simplified approach, the above case of the bridge pile BP211 
that was damaged in the 1995 Kobe earthquake (Ishihara and Cubrinovski, 1998) will be 
considered. The pile is one of a group of 22 bored piles, 1.5m in diameter, and is 41.5m long 
below the pile cap. The liquefiable layer is a reclaimed deposit 16m thick (below the pile cap) 
and has an average SPT-N value of about 10. The underlying layers consist of strata of sandy 
silt, with gravel, with SPT-N values ranging between about 10 and 50, with an average value of 
about 25. The average vertical load on a pile is 2.94 MN. A Young’s modulus of the pile of 
30000MPa will be assumed. 

Using the relationship between shear wave velocity and SPT-N suggested by Imai and Tonouchi 
(1982), the shear wave velocity of the upper and lower layers is 173 and 234 m/s respectively, 
and the consequent small-strain shear moduli are 53.7 MPa and 103.9 MPa. Minimum and 
maximum damping ratios of 0.025 and 0.26 have been assumed for the strata at the site. 
The earthquake characteristics at the site have not been documented, but based on other 
available information, it is assumed that the peak bedrock acceleration is 0.45g and that the 
predominant period of the earthquake is 1s.  
Assuming that the piles have a fixed head, the inertial and kinematic maximum bending 
moments can be estimated for two cases: 

            Figure 8. Cracks observed in the piles at bridge pier 211 in
            Uozakihama Island (Ishihara and Cubrinovski, 1998).
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 During the cyclic loading stage and prior to liquefaction; 

 After liquefaction of the upper layer has developed. 

(a) Cyclic Loading Phase 

For the first case, the first step is to assess the amplification of ground motion, and based on 
the above assumptions, the natural period of the site is about 0.79s. Using, as an 
approximation, the classical expression for amplification of uniform harmonic motion, the 
ratio of predominant period to natural period is about 1.27, and for a damping ratio of 0.025, 
the amplification factor is found to be 2.64. Thus, the peak ground surface acceleration is 
estimated to be 0.45*2.64 = 1.188g. Using the small-strain modulus values, the following 
maximum moments are computed: 

Inertial:  -7.65 MNm (using equation 24) 
Kinematic: 3.10 MNm (using the method of Nikolau et al, 2001, equations 5 to 9). 

(b) Post-liquefaction phase 

The small-strain modulus is used for the lower non-liquefiable layer, but a degraded 
modulus is used for the liquefied layer. To obtain this degraded modulus, given that 
liquefaction did indeed occur, a Liquefaction Potential Index, LPI, of 50 can be used. From 
equation 20, the reduction factor  is 0.01 (the limiting value assumed). The corresponding 
value of shear modulus is 0.54 MPa. The site period now becomes 1.10s, while the damping 
ratio has increased to its assumed maximum value of 0.26. Accordingly, the amplification 
factor from the classical dynamic theory decreases from 2.64 (for no shear modulus 
degradation) to 1.64 (for LPI=50), and the peak ground acceleration is then 0.45*1.64 = 
0.738g. 

From the expressions for inertial and kinematic bending moments (equations 24 and 5 to 9), 
the following values are obtained: 

 Inertial moment (at pile head): -11.96 MNm 

 Kinematic moment:   121.1 MNm. 

However, a check needs to be made with the limiting kinematic bending moment that can occur 
when the liquefied layer flows past the pile. Adopting an undrained shear strength of 3 kPa for 
the liquefied soil, the limiting bending moment is found, from equation 27, to be 12.3 MNm. It 
is clear that the assumption of elastic behaviour in the Nikolau et al method (giving a huge 
kinematic moment of 121.1 MNm) is not valid in this case. 

The values obtained from this simple analysis compare reasonable well those reported by 
Liyanapathirana and Poulos (2005) (approximately -9 MNm at the pile head and about 12 MNm 
at the base of the liquefied layer). Ishihara and Cubrinovski (1998) incorporated pile cracking 
into their analysis, and their computed maximum moments of about 7MNm reflect the 
occurrence of pile cracking, which limited the moment that could be induced in the piles. Figure 
9 shows details of two piles that were excavated and shows the cracks in the piles at or near 
these two locations.  

Most importantly, the simplified analysis indicates that large moments would have been 
generated at both the pile head and at the interface between the liquefied and non-liquefied
layer. 
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6.7 Group Effects 
 

Under inertial loading, it is now well-recognised that group effects are detrimental in that they 
tend to reduce the stiffness of piles within the group and decrease the overall group capacity. 
Methods of dealing with these effects are given by Poulos and Davis (1980) and Fleming et al 
(2009). 

Under kinematic loading, group effects however tend to be beneficial, due to the “shielding” 
action of the piles. In particular, inner piles within a group tend to be subjected to smaller forces 
and moments developed by ground movements than outer piles, and all piles in the group tend 
to experience less effect than a single isolated pile. As a consequence, the consideration of a 
single isolated pile will generally be conservative when considering kinematic effects. 

Towhata (2008) has presented an approximate approach for estimating the reduction in lateral 
earth pressure on a pile due to soil movement or flow past a group of piles. This reduction can 
be expressed in terms of two components: 

1) A “shadow factor” which reduces the “downstream” pressure by a factor of 0.8 for each 
successive row of piles; 

2) A spacing factor, p, which can be expressed as follows: 

(i) For a non-liquefied layer: 

p = (0.877(1-)f) / (0.877 + 0.123) +1 .0    (29) 

where  f = 1.0    when hl/d ≤ 3.8
 f = 14[1/(hl/d)2] + 0.03   when hl/d > 3.8 
 hl = depth of flowing soil 
 d = pile diameter 

 = ratio of pile diameter to pile spacing (d/s). 

(ii) For a liquefied layer: 

p = 1 / (0.599 +0.401)      (30) 

For practical use, it is convenient to derive a group reduction factor for the pressure developed 
by moving soil. If, from a practical viewpoint, s/d = 20 is considered as being sufficiently 
widely-spaced to represent a single pile, then the Group Reduction Factor for Pressure, RFp, can 
be defined as: 

  RFp = p / p (s/d=20)       (31) 

Figures 10 and 11 plot the resulting values of RFp for the non-liquefied and liquefied soil cases. 
The beneficial effects of group action can clearly be seen from these figures. For the non-
liquefied case, the effects of grouping become increasingly beneficial as the ratio hl/d decreases, 
i.e. as the thickness of the moving soil decreases relative to the pile diameter. 

When both inertial and kinematic effects are present, the group effects may tend to counteract 
each other. 
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Figure 10  Group reduction factor for lateral pile-soil pressure – non-liquefied soil 
 
 

 
 

Figure 11  Group reduction factor for lateral pile-soil pressure – liquefied soil 
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7  FOUNDATION STIFFNESS AND DAMPING 
 

Piles will experience vertical and horizontal movements during an earthquake due to the inertial 
loadings imposed by the supported structure. These movements will generally be dynamic in 
nature and therefore it is necessary to consider the pile head stiffnesses under dynamic loading, 
and the damping that will be generated by the dissipation of energy away from the piles into the 
surrounding soil (the radiation damping). Knowledge of foundation stiffness and damping is 
also required to assess the effects of structure-foundation interaction on the natural period and 
damping of a structure. 

Theoretical solutions for the axial and lateral stiffnesses of a single pile have been provided by 
Novak (1987) among others. Convenient approximate solutions have been given by Gazetas 
(1991) for various simplified soil profiles. 

In contrast to static loading, where the interaction factors between piles decrease with increasing 
distance between the interacting piles, the dynamic interaction factors can either increase or 
decrease, depending on the frequency of the loading and the spacing between the piles. It is 
possible that the interaction factors can be negative under some circumstances, so that group 
effects may possible lead to an increase in stiffness of the piles within a group, as compared 
with the case of static loading, where group effects generally reduce the stiffness of piles in the 
group. For practical design, it may often be more convenient to simplify the group as an 
equivalent pier, and then to use the corresponding solutions for stiffness and damping as given 
by Gazetas (1991). 

 

8 MITIGATION OF LIQUEFACTION EFFECTS 
 
8.1 Categories of Mitigation Measures 
 
Conventional remedial measures to mitigate the effects of liquefaction can be divided into three 
broad categories (JGS, 1998): 

 Treatment of the liquefiable soil to strengthen it; 
 Treatment of the soil to accelerate the dissipation of seismically-induced excess 

pore pressures; 
 Measures to reduce liquefaction-induced damage to the structure or facility. 

8.2 Conventional Measures to Strengthen the Liquefiable Soil 
 
An extensive discussion of measures that can be used to strengthen liquefaction-susceptible 
soils is given in JGS (1998). Some of the more common measures are as follows: 
 Soil densification, by a variety of means, e.g. vibroflotation, blasting; 

 Insertion of stiffer columns; 

 Provision of drainage via stone columns. 

A major limitation of all of these methods is that they cannot be used to remediate sites on 
which structures or facilities already exist.  A number of the methods for soil densification may 
also not be feasible if the site is within a commercial or residential area, because of the noise 
and vibrations involved. 
Methods involving the insertion of stiffer columns can be effective and generally involve less 
noise and vibration than conventional methods of densification.  
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8.3 Conventional Measures to Accelerate Excess Pore Pressure Dissipation 
 
The use of stone columns or gravel drains to accelerate pore pressure drainage was developed 
by Seed and Booker (1977) and has been used successfully in a number of cases.  In the design 
of stone columns for liquefaction mitigation, it is common to specify a limiting maximum pore 
pressure ratio (excess pore pressure divided by vertical effective stress), and this is often taken 
as 50%. The required length of the columns will depend on the depth of the liquefiable layer, 
while the required spacing of the columns will depend on the following factors: 

1. The specified maximum pore pressure ratio;
2. The permeability and compressibility of the liquefiable layer; 
3. The earthquake duration; 
4. The equivalent number of cycles of loading from the earthquake; 
5. The number of cycles to cause liquefaction; 
6. The column diameter; 
7. The finite permeability of the column and the effects of well resistance. 

 
8.4 Mitigation Measures for Pile Foundations 
 
Sato et al (2004) have suggested various countermeasures for pile foundations subjected to 
lateral flow of liquefiable soils. Three of these measures are illustrated in Figure 12.  

The “drain piles” method aims to prevent the liquefaction of the lower layers while reducing the 
stiffness of the stiffer crust above the liquefiable layers. The drain piles should extend only 
about half-way into the upper crust, and the permeability of the drain piles should be greater 
than that of the liquefiable layers so that the excess pore pressures that are generated are 
transmitted to the upper layer. In the “earth retaining wall” method, an earth retaining wall is 
constructed in front of the pile foundation, to block the lateral flow. The “streamlined shield 
block” method involves the casting of an angled face on the upstream side of the pile cap. This 
angled face is meant to disperse the flowing soil and reduce its effect on the foundation.  

Centrifuge tests were carried out by Sato et al (2004) to examine the effectiveness of the above 
countermeasures. Figure 13 summarises the test results and indicates that the “streamlined 
shield block” method is very effective in reducing the residual lateral displacement, and also the 
bending strain in the piles. It has the advantage of not requiring any ground improvement.  
 

 
Figure 12  Countermeasures for lateral ground flow (Sato et al, 2004) 
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Figure 13  Measured residual lateral movements for various countermeasures (Sato et al, 

2004) 
 

8.5 Some Innovative Methods for Liquefaction Risk Mitigation 
 
There are a number of recent innovative methods that have been explored for reducing the risk 
of liquefaction, several of which have the potential to be used for sites on which structures or 
facilities exist. A brief review of some of these methods is given below. 

 
8.5.1 Passive Remediation via Infusion of Colloidal Silica 
 
Colloidal silica is a dispersion of silica particles in water. With about 5% weight of silica, a 
colloidal silica aqueous dispersion has density and viscosity values that are similar to water, and 
this dispersion becomes  a permanent gel abruptly after a period of time, generally a few months 
at most. Colloidal silica is non-toxic, biologically and chemically inert, and relatively durable. 
The influence of the gel is to reduce the strains in the treated soil developed by cyclic loading, 
and to reduce the soil permeability. 

Figure 14 shows results of cyclic triaxial tests on Monterey sand, both untreated, and treated 
with 10% colloidal silica. The increased resistance to liquefaction is very clearly demonstrated 
in this figure. 

Gallagher et al (2007) have described field tests to assess the performance of a dilute colloidal 
silica stabilizer in reducing the settlement of liquefiable soils. Slow injection methods were used 
to treat a 2m thick layer of liquefiable sand, using eight injection wells around the perimeter of a 
9m diameter test area. The gel times ranged between 10 and 30 days. A subsequent blasting test 
revealed that the settlement of the treated soil was only about 60% that of an adjacent untreated 
area. Interestingly, there appeared to be no significant increase in the CPT resistance or the 
shear wave velocity, and the mechanism of improvement was considered to be due to the 
development of cohesion within the treated soil due to the formation of interparticle siloxane 
bonds. 

Gallagher and Lin (2009) demonstrated that colloidal silica could be successfully delivered 
through 0.9m diameter columns packed with loose sand. The main factors influencing the 
transport of the stabilizer were the viscosity of the colloidal silica stabilizer, the hydraulic 
gradient, and the hydraulic conductivity of the liquefiable soil.  
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Figure 14  Comparison between cyclic behaviour of untreated sand and sand treated with 

10% colloidal silica (Gallagher 2000). 
 

 
8.4.2 Biogeochemical Remediation 
 
Over the past decade, new biogeochemical techniques have been explored for the improvement 
of ground properties. DeJong et al (2011) summarise some of these techniques, and at least two 
of these have the potential to improve the liquefaction resistance of soils. The first of these 
involves the use of microbes to induce calcite precipitation between soil particles. The second 
involves the use of microbes to generate small gas bubbles within the soil and thus increase the 
resistance to liquefaction.  

Microbially Induced Calcite Precipitation (MICP) occurs through a variety of microbiological 
processes, such as urea hydrolysis and denitrification.  The process of calcite precipitation 
appears to have been discussed initially by van Meurs et al (2006), using the terms “smart soils” 
and “biogrout”. In Biogrout, specific bacteria create a reaction which results in the precipitation 
of calcium carbonate in the form of crystalline calcite on the surface of the sandy particles (see 
Figure 15). When this reaction occurs under the right conditions, crystals are formed between 
two adjacent particles, producing a connection between them. This connection increases the 
strength and stiffness of the soil. The longer the nutrients, bacteria and reactants are present, the
thicker the layer of mineralization. An important characteristic of this process of cementation is 
that the permeability of the porous material only reduces slightly. The biomineralization process 
progresses slowly in natural circumstances, but the rate of mineralization can be enhanced by 
stimulating the conditions.  
Test data presented by Meurs et al indicated that the strength of a treated sand could be 
increased by a factor of almost 5, while the stiffness was increased by a factor of 3. 
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Figure 15 Scanning electron micrograph showing the mineralization of calcite 
onto sand grains. 

 
DeJong et al (2010) provide a more detailed description of the process of calcite precipitation 
and its consequences on the geotechnical properties of the treated soil. Significant increases can 
be obtained in both strength and stiffness, and the volumetric behaviour can be altered from 
contractive to dilative, thus improving the resistance to liquefaction. 

DeJong et al (2011) point out that there are a number of major challenges in implementing 
MICP technology. One is related to upscaling to a field scale, with issues related to cost, the 
stimulation of native biota, the uniformity of treatment, and the management of potentially 
harmful by-products. Another issue relates to the alternatives of employing bio-stimulation of 
native bacteria species, or the augmentation of a specific species of bacteria for a treatment 
zone. They suggest that bio-stimulation may be the preferred approach. A further issue may be 
the longevity of the treated soils, which is related to the pH of the groundwater. Tests suggest 
that MICP products will remain stable provided that the pH remains above 6.3. 
 
With respect to the second technique involving microbial gas generation, Chu et al (2011) 
discuss some types of microorganisms that may contribute to biogas effects. This latter 
approach, sometimes referred to as the “Induced Partial Saturation” technique, involves the 
injection of non-hazardous chemicals into the ground to create gas bubbles and hence to reduce 
saturation. This in turn reduces the potential for liquefaction. This again has the potential to be 
used to improve liquefaction resistance below existing structures and buildings. 

Updated information on bio- and chemo-mechanical processes in soils is provided in 
Geotechnique (2013). 
 
9. CONCLUSIONS 

This paper has provided a review of practical methods of assessing the effects of seismic events 
on the behaviour of piles, and thereby, a means of designing the piles to resist seismically-
induced actions. Consideration has been given to both axial and lateral effects on piles, and for 
cases involving no liquefaction and also where liquefaction is assessed to occur. 

In cases where liquefaction may occur, consideration needs to be given to the following issues: 

1. Temporary loss of axial load capacity; 
2. The possibility of axial buckling of the pile; 
3. Bending moments and shears developed in the pile due to both inertial and kinematic 

loadings; 
4. The possible beneficial effects of group action in reducing kinematically-induced 

bending moments. 
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It has been demonstrated that bending moments are likely to be a maximum at or near soil layer 
interfaces where there is a significant difference in the stiffness of the layers. An important case 
is at the junction between liquefied and non-liquefied layers. A further consequence of this 
behaviour is that large bending moments may occur well below the pile head, where it has been 
customary in the past to reduce or eliminate reinforcement in concrete piles because the 
moments due to inertial loads have become small. Unfortunately, in cases of earthquake 
loading, the kinematically-induced moments may be substantial at depth if the soil is layered 
and the stiffness of adjacent layers differs markedly. 

There are a number of methods available for mitigating the effects of liquefaction. While some 
of the more traditional methods may be suitable for green-field sites, they may not be feasible 
for existing sites. In such cases, some of the more recent innovative methods involving bio-geo-
chemical processes hold considerable promise, provided that they can be demonstrated to be 
economically feasible at field scale. 
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ABSTRACT 

Thorough geotechnical investigation and in-situ testing of alluvial, and marine, soils in 
Christchurch is often fraught with difficulties.  Unfavourable and/or dramatic changes in 
material characteristics in locations where inter-bedded layers of gravel, sand, silt and/or 
organic materials are present, often means that a combination of Cone Penetrometer Tests 
(CPTs) with “pre-drilling” and rotary mud and/or sonic drilling needs to be undertaken so that 
adequate minimum investigation data and depth is achieved.   

In Christchurch alluvial and marine soils, sample disturbance, artesian ground water pressures, 
and/or base heave, often result in incomplete data and some doubt as to the reliability of the 
investigation results.  Two configurations of the dynamic probe (DP) have been identified by 
the authors as a reliable and cost-effective method to obtain geotechnical data for liquefaction 
hazard assessment purposes: dynamic probe heavy (DPH) and super heavy (DPSH-B).  
Collectively DPH and DPSH-B are referred to as DP. 

This paper describes the logistical, technical and financial advantages of using the above 
dynamic probe tests and presents comparisons between test results obtained at numerous control 
locations using DPH/DPSH-B, and CPT and Standard Penetration Test (SPT) apparatus.  
Recommendations for normalising factors to correct DPH/DPSH-B test results and calculate an 
equivalent SPT N60 value are discussed, and comparisons between the results of liquefaction 
hazard assessment based on DP to SPT and CPT data is also presented.   

1 BACKGROUND 

Dynamic probing (DP) is a geotechnical investigation tool that provides continuous equivalent 
SPT-N data for depths of up to 20m and is referenced in the British and German Standards for 
Soils Testing and ISO 22476-2.  It is used in many countries as indicated in the literature, 
including, MacRobert et al (2011) and Gadeikis et al (2010).  The DP test equipment is compact 
and mobile, and able to be utilised when access constraints prevent the use of conventional 
larger track or truck mounted machine borehole drilling rigs.  The blow counts obtained from 
the test are most commonly converted and presented as equivalent SPT N blowouts.  
Presentation of this data is typically as a continuous soil strength profile, unlike conventional 
SPTs which are typically undertaken from the borehole base at 1m to 1.5m depth intervals.   
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2 GEOLOGY AND GEOTECHNICAL MODEL 

Christchurch near-surface geology is broadly described as predominantly alluvial channel and 
overbank deposits comprising interbedded silt, sand, and gravel, with lenses of organic silt and 
clay of the Springston Formation, which in the east of the city is underlain by predominantly 
marine sand deposits of the Christchurch Formation (Brown & Weeber, 1992).  Groundwater is 
typically encountered between 1 and 3m below ground level although this can vary depending 
on local geomorphology and in response to seasonal rainfall and evapotranspiration rates.  The 
site investigation information now available on the Canterbury Geotechnical Database 
reinforces that that substantial variability in the soil conditions, both laterally and with depth, 
can be expected. 

3 EQUIPMENT DETAILS 

In the above standard specifications several different combinations of hammer weights, drop 
heights, and cone diameters are available for different anticipated ranges of soil strengths; 
(Dynamic Probe - Light, Medium, Heavy, and Super Heavy).  Details for the DPH and DPSH-B 
are specified in the above listed standards. 

The DPH rig is mounted on a two wheel adjustable chassis, with an attached or separate petrol 
power pack, and can be manoeuvred onto a site by one person.  With a width of 790mm and a 
net weight of 110kg (plus hammer weights, rods and jack) the rig is very portable.   The DPSH-
B rig used for this study is mounted on a self-propelled terra rig (approximately1.2m wide and 
3m long).   

The test procedures used follow the ISO 22476-2:2005 (E) standard.  Hammer blows are 
undertaken at a rate of 15 to 30 blows per minute and counted for each 100 mm penetration, 
which is then recorded as DPN100.  At each addition of a 1m driving rod the full rod string is 
rotated using a torque wrench.  The measured torque is used to estimate the skin friction on the 
drive rods and used to correct the recorded blow count for rod skin friction effects.  At the 
conclusion of testing the rods are withdrawn by a mechanical or hydraulic jack leaving the 
sacrificial cone behind. 

4 CHRISTCHURCH APPLICABILITY 

Within New Zealand, the DPH and DPSH-B have been utilised by a number of geotechnical 
consultants for more than 20 years, and has been used in geotechnical investigations throughout 
New Zealand in a variety of ground conditions ranging from residual soils to alluvial and 
colluvial soils.  The earthquake events in Christchurch since 4 September 2010 have highlighted 
the high liquefaction potential of significant parts of Christchurch and the importance of 
undertaking appropriate investigations to assess liquefaction hazards.  The assessment of 
liquefaction hazard is typically based on an analysis of either CPT data or SPT ‘N’ data.  This 
data is respectively typically derived from track or truck mounted CPT and machine borehole 
rigs.   

Gravel lenses/layers, particularly within the near-surface alluvial soils, can present a significant 
limitation to CPT testing, and where the layers are shallow can result in shallow refusal on 
gravels overlying liquefiable soils.  We have observed many cases where this has occurred in 
investigations we have undertaken and have also noted that this is a feature evident in CPTs for 
the area wide investigations undertaken by EQC. 

The DP is capable of penetrating the shallow gravel layers on many sites in Christchurch where 
CPT equipment has refused and DP testing has revealed low strength and potentially liquefiable 
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soils below.  DP testing is considered to have a significant advantage over the CPT on the basis 
that the DP can penetrate gravel layers and provide a strength profile on these layers. 

5 DP TO BOREHOLE SPT CORRELATION PROGRAMME 

For this study a series of test locations were selected on 23 different sites in Christchurch where 
data was available from SPTs collected using high quality rotary mud machine boreholes, DP
tests, and in some places CPTs, all obtained from relatively coincident test locations.  At 19 
locations a separation of about 5m was used between machine boreholes and DP tests.  This was 
reduced to a separation of 1m to 2m at four of the locations, in the Halswell area (west 
Christchurch), improving the correlation of the DPH results with the adjacent borehole SPTs.   

6 CORRECTION FACTORS TO ENABLE COMPARISON OF BOREHOLE SPT 
AND DP DERIVED SPT 

A moving average of three DPN100 increments is calculated to compare borehole SPT N-values, 
which are obtained over a 300mm test increment.  A number of correction factors are then used 
to standardise both the borehole SPT and DP data.  Note that the marine and alluvial deposits 
have not been differentiated at this time. Corrections applied to the DP data include: 

a) Hammer Efficiency 

The efficiency of the energy transfer from the falling weights to the DP driving rods is 
periodically calibrated (e.g. annually) using PDA high strain dynamic testing.  This used SPT 
analyser equipment, manufactured by Pile Dynamics USA in general accordance with the 
recommendations of ASTM D4633-10 (Standard Test Method for Energy Measurement for 
Dynamic Penetrometers).   The hammer energy ratio (ER, measured in percent) is the ratio of 
the measured energy transferred into the rods to the theoretical energy.  Adopted energy ratios 
for the DPH and DPSH-B rigs used and reported in this paper are 92.7% and 75.95%, 
respectively and result in energy correction factors (CE) of 1.545, and 1.266 respectively.   

b) DP Solid Cone to SPT Split Spoon Factor 

The solid cone tip used in the DP test displaces the soil rather than cutting a sample from it as 
with the tubular SPT split spoon.  Gawad (1976) undertook research comparing the resistance of 
a number of different diameter solid cones with a standard ASTM SPT split spoon sampler in 
medium to coarse sand.  This indicated that when standardising from a 51mm diameter solid 
cone driven by continuous penetration in an uncased situation (as with a DP) to the 51mm 
diameter split spoon sampler at the base of a cased borehole, a multiplying factor of 0.56 should 
be applied to the apparent N-value.  Regression analysis from the Halswell area database (35 
data points) with the DPH indicates a factor of 0.56 provides reasonably good correlation in 
sand and sandy gravel but appears to be slightly low for clean gravel, (overall R2 = 0.84).  
Regression analysis for a much larger data set (nearly 200 data points) from 20 DPH locations 
confirmed a factor of 0.56 (Figure 5) which has been applied in this study for all DPH analysis.  
Similar regression analysis from the 10 sites providing DPSH-B data indicated an overall factor 
of 0.65 was more appropriate for data obtained from that rig with a larger diameter cone. 

c) Dynamic Probe Area Ratio 

The energy applied to the cone area over each 100mm penetration increment is normalised to
account for the difference in cone areas between the DPH and the DPSH-B tests.  Corrections 
have been applied to the borehole SPT values, after Clayton (1995), to account for rod length, 
borehole diameter, and hammer energy efficiency (the SPT data used in this study was obtained 
from hammers recently calibrated for energy efficiency) to calculate an SPT N60 value.   
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Additionally, corrections were made for the SPT Split spoon liner.  The standard ASTM SPT 
split spoon sampler has a 51mm outside diameter (OD) and a 35mm inside diameter (ID) with 
an 8mm wall thickness.  Many Christchurch drilling companies use the standard 51mm 
OD/35mm ID cutting shoe at the base connected to a split spoon, which allows a removable 
liner with a 3mm wall thickness to be installed inside.  This sampler has an ID of 41mm without 
the liner.  The liner is normally intended for environmental sampling to prevent contamination.  
When the sampler is used without the liner the frictional resistance to driving is reduced, giving 
a lower apparent SPT N-value.  Clayton includes the results of research into the effects of 
omitting the split spoon liner.  This data indicates that from tests in the same materials and 
similar depths, consistently greater N-values would have been achieved with a constant 35mm 
ID split spoon compared to the larger 41mm ID sampler without the liner.  Our analysis of the 
graphical data indicates a mean multiplying factor of 1.2 should be applied to N-values obtained 
from the 41mm ID sampler (without liner) to give the equivalent standardised N-values for the 
35mm ID sampler. 

7 RESULTS AND DISCUSSION

7.1 Comparison of DPH N60 and Borehole SPT N60 

Comparison of the corrected DPH records and the adjacent machine borehole SPT records for 
four Halswell sites was made.  This is shown on Figure 1 plotting the N60 variation with depth.  
The soils in the upper 7.5m to 9m of the area comprise interbedded silts and sands. The graphs 
on Figure 1 (Sites 1 to 4) comparing the derived DPH N60 (continuous lines) values with SPT
N60 (point locations) indicate a reasonably good correlation within these near-surface materials. 

Below approximately 9m the Halswell site is underlain by sandy gravel alluvium.  The plots 
indicate DPH N60 values varying between about 20 and 80 (continuous lines) below 9m.  At Site 
2, at 8.9m depth, the borehole SPT N60 = 62 whereas the DPH derived N60 = 49.  This degree of 
variation may be due to the presence of cobbles within the gravels giving a localised apparent 
strength increase. 

7.2 Comparison of Tip Resistance Between CPT and DPH Derived Data 

A comparison was also made between the corrected DPH blow counts converted to equivalent 
CPT tip resistance (DPH qc) and the adjacent CPT sounding.  The only correction factor applied 
to derive equivalent tip resistance from DPH data is an allowance for inertia (e.g. no correction 
for solid cone, and 100% hammer energy efficiency assumed).  This comparison, developed for 
five locations from the Halswell site, is shown on Figure 2.  Note that all five CPT tests 
terminated at the first layer where the soil strength exceeded SPT N60 = 35, the practical limit of 
the CPT machine.  At Sites 4 and 4A, the two CPT tests straddle a single DPH test location 
indicating the variation between two CPTs 7m apart.   

7.3 Particle Size Effects 

The effects of particle size on the relationship between DPH N60 and SPT N60 data have been 
evaluated for four test sites in Figure 3, using 35 data points.   The pairs of tests (BH and DPH) 
were located 1m to 2m apart.  Regression analysis confirmed Gawad’s factor of 0.56 for 
converting DP solid cone to SPT split spoon using all materials – silt, sand and gravel, with a 
coefficient of determination of  R2=0.84.  The silt and sand data plots just below the linear 
regression line and the gravel data plots around to above the line.  The linear regression line 
plotted just above the ideal 1:1 line (dashed). 

The Gawad (1976) correction factor converting solid cone to split spoon was developed from 
research using medium to coarse sand.  When testing gravel the cone tip geometry may require 
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a different conversion factor compared to sands.  When a split spoon is driven it is essentially 
advancing a ring at the tip that is more likely to intercept, and be affected by, coarse gravel sized 
particles, than the point of a cone that can more easily push them to the side. 

            
Figure 1: Halswell Sites 1 to 4 (DPH N60 and SPT N60 vs Depth). 

   
Figure 2: Halswell Sites 1 to 4 and 4A – comparison of CPT tip resistance 

and equivalent tip resistance derived from DPH data 

Figure 4 shows data from 10 sites using a DPSH-B test rig.  Figure 5 shows nearly 200 DPH N60
data points, from 20 sites in Christchurch, including the Halswell data from Figure 3.  The sites 
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for the DPSH-B and DPH data shown in these figures are different.  While the separation 
between machine boreholes and DPs in Figure 3 was 1m to 2m, the additional sites in Figures 4 
and 5 had a separation of up to 5m.  Key points from the comparison include: 

Figure 3: Comparison of BH N60 – DPH N60 results for Sites 1 to 4 

 In Figure 4, showing the DPSH-B data, the linear regression line through the origin is 
very close to the ideal 1:1 line (dashed) but the large spread of the point cloud gives a low 
coefficient of determination of R2=0.245.  Much of the gravel data plots above the line, 
and much of the silt below it.  This test rig may be more sensitive to changes in grain size 
of the material being tested and further comparisons will be undertaken.

 In Figure 5 showing the DPH data, the linear regression line through the origin given a 
coefficient of determination of R2=0.527.  The point cloud for the DPH data is located 
close to the ideal 1:1 line (dashed) but as with the DPSH-B much of the gravel data 
plots above the line and much of the silt below it.   

 Variability in the soil composition/strength/stratigraphy (even over a short distance of 
5m) could explain the much greater variation in the silt and gravel data in Figures 4 and 
5 compared to Figure 3, where the separation between machine boreholes and DP
probes was only 1m to 2m.   

 Substantial horizontal and vertical changes in the geological stratigraphy and strength 
profile, over short distances, have been highlighted by the post-earthquake geotechnical 
investigations in Christchurch.  In spite of this geological variability we consider that a
satisfactory relationship, centred on the ideal 1:1 line (dashed), is evident in the 
presented DP N60 and SPT N60 comparisons of Figures 4 and 5.  We recognise that there 
are anomalies in the data, as in most geotechnical empirical data correlations, but 
conclude that the technique is useful for Christchurch conditions.   

8 ANALYSIS OF LIQUEFACTION SUSCEPTIBILITY 

Methods for correcting DP data to derive equivalent SPT N60 values have been outlined above.  
We have found that the derived DP N60 values can be used for the analysis of liquefaction 
susceptibility for Christchurch sites.  Key points related to this include: 

 The DP data has the advantage of being an equivalent ‘continuous’ strength profile 
(i.e. data points at 300mm centres).

 The DP profiles are a “blind tool” and require borehole samples from nearby to 
confirm the deep ground profile.  An estimation of fines content must be made from 
another data source in order to assess liquefaction-induced volumetric strain in a DP 
strength profile.  This can be either in the form of a fines assessment from a nearby 
CPT data, or from machine borehole samples.   
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Figure 4: Comparison of BH N60 – Figure 5: Comparison of BH N60 –
DPSH-B N60 results for Sites 5 to 11 + 21 to 23 DPH N60 results for Sites 1 to 20 

An analysis of liquefaction susceptibility has been undertaken at four Halswell sites where 
machine boreholes were located within 1m to 2m of DPH tests.  A total of seven CPT tests were 
also undertaken on these sites.  The liquefaction assessment has been completed in line with the 
MBIE guidelines for liquefaction assessment using the methods of Idriss & Boulanger (2008),
with the water table set at 1m depth and a magnitude Mw 7.5 earthquake.  Both the geotechnical 
ultimate limit state and serviceability limit state levels of seismic shaking were considered i.e.
0.35g and 0.13g, respectively.  Liquefaction induced settlement estimates were undertaken 
using the method of Zhang et al.  (2002).   

Figure 6 shows a comparison between BH SPT and DPH N60 data with CPT predicted 
liquefaction settlements.  Fines content in the N60 analyses were estimated from the borehole 
soil descriptions.  Our analysis of this small data set indicates the greatest variation from the 1:1 
line occurs where the continuous DPH profile shows a substantial change in strength between 
the discrete SPT test locations (i.e. 1.5m centres), refer to the illustration of DP profiles vs SPT 
in Figure 1. 

The magnitude of the settlements derived from any liquefaction analysis is highly dependent on 
the level at which liquefaction is triggered within sub-layers.  A few percentage points 
difference in the strength of a layer can cause a 30% to 50% difference in the total settlement at 
a particular location. 
 
 
 
 
 

Figure 6: Settlement comparison (Test locations 1m to 2m apart) 
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9 CONCLUSIONS 

From this study the following key conclusions are made: 

 DP tests have been used to provide a continuous strength profile, of near-surface 
alluvial and marine soils in Christchurch; a major advantage compared with discrete 
SPT data.   

 The DP test can penetrate stronger near-surface gravel deposits, which can prematurely 
refuse CPT soundings.  The DP test rigs are relatively small compared to other deep 
ground profiling investigation rigs and are more accessible to confined sites.   

 When conversion factors are applied to the DP data, the derived DP N60 values correlate 
reasonably well to the borehole SPT N60 values: the correlation being close to the ideal 
1:1 line.  The solid cone to split spoon factor varies with DP solid cone diameter and 
material grain size.  Average correction factors have been presented in this paper.    

 The DP test is ‘blind’ and should be used to support primary liquefaction analysis 
techniques using data from other deep ground investigation methods e.g.  high quality 
CPT and SPT data from rotary mud boreholes. 

 Further refinement of the DP correction factors and N60 correlations is ongoing. 
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ABSTRACT 

During past major earthquakes in Christchurch, enormous damage to engineered structures and 
lifelines has been caused by liquefaction-induced ground failures. Standard penetration test is 
the most commonly used in situ test for soil characterization of liquefaction resistance. However 
this test has some limitations. A major disadvantage of SPT is the lack of repeatability and 
variation of energy delivered to the drilled rod. Moreover, this test cannot provide continuous
profile of the soil. Screw Driving Sounding test (SDS) is a new testing method developed in 
Japan which consists of a machine drilling a rod into the ground surface at different steps of 
loading while rotating. This machine can continuously measure the required torque, load, speed 
of penetration and rod friction during the test, so can give a brief overview of soil profile along 
the depth of penetration. Based on many SDS tests conducted in Japan, it was shown that by 
measuring penetration velocity, rod friction and applied torque and load, soil properties can be 
identified with acceptable accuracy. Based on a number of SDS tests conducted in Christchurch, 
a correlation is made in this study between the normalized SPT N value and SDS results and 
using the obtained correlation factor, it is shown that liquefaction potential of soil can be 
measured by using SDS data which is simpler and faster test compared to SPT.

1 INTRODUCTION 

The devastating earthquakes which recently hit Christchurch caused a large number of structural 
damage requiring extensive repair and rebuild.  The city of Christchurch is situated on the east 
coast of the South Island of New Zealand, which borders the Pacific and Indian-Australian 
tectonic plates. Adequate knowledge of ground conditions is very important for analyses, design 
and construction of geotechnical systems as most of damages in Christchurch were caused by 
ground failures induced by liquefaction. In preventing similar damages in the future, the 
designer of a building foundation must perform a detailed surface and subsurface (soil) 
exploration of the potential site prior to deciding on the nature and type of the foundation. Two 
basic approaches have been used to predict the liquefaction resistance of soil strata. First 
method is evaluation based on cyclic laboratory tests on soil samples and second is empirical 
methods based on observations of field performance in previous earthquakes. Unfortunately, 
liquefaction evaluation based on laboratory tests has some limitations such as obtaining high 
quality undisturbed sample in loose sands and difficulties in transporting the samples due to 
their sensitivity. Hence in-situ test has become popular for many geotechnical applications. 
Several in-situ tests have been used for evaluating liquefaction resistance of soils. The two most 
common field tests, which are used worldwide for assessing the liquefaction potential of soils, 
are the Standard Penetration Test (SPT) and the Cone Penetration Test (CPT). In this study after 
a review of SPT and Swedish Weight Sounding (SWS) test which is a popular in-situ test in 
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Nordic countries and in Japan for soil characterization, a new in-situ test called Screw Driving 
Sounding (SDS) method is introduced and the results of the tests in Christchurch are compared 
to SPT data. 

2 POPULAR IN SITU TESTS FOR SOIL CHARACHTERIZATION 

In many countries, the standard penetration test (SPT) has been the most commonly used in situ 
test for characterization of liquefaction resistance and is performed during the advancement of a 
soil boring to obtain an approximate measure of the soil resistance. The test was introduced by 
Raymond Pile Company in 1902 and remains today as the most common in-situ test worldwide. 
The procedures for the SPT are detailed in ASTM D 1586 and AASHTO T-206 (AASHTO, 
1988). Factors that tend to increase the liquefaction resistance (density, prior seismic straining, 
over consolidation ratio, lateral earth pressure) also tend to increase the SPT resistance. 
Although SPT is a popular test and is widely used in the world, there are some limitations in this 
test such as lack of repeatability and variation of delivered energy to the drilled rod. 

An alternative test, which is much cheaper than SPT to perform, is the Swedish Weight 
Sounding test (SWS). There are several correlations established between SWS and SPT results, 
which are mostly presented by Japanese and Nordic engineers. The SWS was originally 
developed in 1915 and standardised shortly thereafter by the Swedish Railway Association. It 
has been used ever since in predominantly Nordic countries either manually or by hydraulic 
machinery with the number of half-turns and resistances measured by electronic sensors 
(Smoltczyk & Bauduin, 2002). It has also been adopted by the Japanese as a standard test 
required for small scale housing development investigations. Consequently extensive field 
experience has been obtained using this technique (Ishihara, 1993). The key advantages of this 
test are that it is highly portable, low cost and provides a continuous profile of the soil. SWS 
consists of some pieces of weights (a 5kg clamp, two 10kg and three 25kg weights), a screw-
shaped point, 22mm extension rods and a handle (or a motor) for rotating the rods (Habibi, 
2006). Figure 1 shows a schematic view of the apparatus and its screw-shaped point.  

Figure 1: Swedish Weight Sounding equipment: (a) Schematic view of apparatus 
(Bergdahl et al., 1977); (b) Screw shaped point (ENV19 97:3, 2000). 

The penetration resistance of soil can be estimated either by measuring the required load or the 
number of half-turns that the screw point is rotated to penetrate up to a planned depth. When 
sounding is performed in soft soil, the penetration resistance is typically measured only through 
the weight required for penetration of the rods. This means that the weight is increased up to the 
weight which could penetrate the soil. The levels of static loading used in the test are 0, 5, 25, 
50, 75 and 100kg. If the penetration does not occur with 100kg loading, the rod is rotated by 
using the handle. Although the SWS test is highly portable and simpler than other in-situ tests, 
this test has some disadvantages. For instance the result is fairly influenced by rod friction, 
which may affect the measured results.  

38



39

S
E

IS
M

IC
 B

E
H

AV
IO

U
R

 –
 1

N
ew

 Z
ea

la
nd

 G
eo

te
ch

ni
ca

l S
oc

ie
ty

 In
c.

 1
9t

h 
S

ym
po

si
um

, Q
ue

en
st

ow
n 

20
13

 
 
 

Mirjafari, S.Y., Orense, R.P. & Suemasa, N. (2013). 
Soil characterization using SDS data in Christchurch

 

3 SCREW DRIVING SOUNDING TEST 

3.1 Background and test procedure 

A new system for conducting the SWS, the Screw Driving Sounding test, hereafter called SDS 
test, has been recently developed in Japan to minimize the disadvantages of the SWS as well as 
to incorporate a procedure to measure the rod friction. The machine originally used for the SWS 
test has been improved to be suitable for the SDS test. In the SDS test, monotonic loading 
system is used and the load is increased in 7 steps until reaching 25cm penetration, while the 
rod is always rotated at a constant rate (25rpm) during the test. The step loads are 0.25, 0.38, 
0.50, 0.63, 0.75, 0.88, and 1kN. In this order the load is increased at every complete rotation of 
the rod. This process is repeated at every 25 cm of penetration. Measured parameters in the test 
are maximum torque (Tmax), average torque (Tavg), minimum torque (Tmin) on the rod, penetration 
length (L), penetration velocity (V) and number of rotations (N) of the rod. The parameters are 
measured at every complete rotation of the rod. In the SDS as well as the SWS, a set of loading 
is conducted at every 25cm of penetration and after each 25cm penetration, the rod is lifted up 
by one centimetre and then rotated to measure the rod friction. 

3.2 Plasticity model for the SDS test 

To clarify the interaction between the torque and the vertical force, a plasticity theory analogy 
model for the Swedish weight sounding was proposed by Suemasa et al. (2005) by using the 
results of a SWS miniature test. A summary of the model is described below for better 
understanding of the SDS result. Further details are provided by Suemasa et al. (2005). 

An incremental work done E by torque and vertical force is given by  

      (1) 

where T is the required torque to rotate the screw point, W is the required vertical load, htn is 
the number of incremental half turns and ts is the incremental settlement caused by the load. 
The penetration load, Wp, is defined as a the load by which the screw point is penetrated into 
ground without rotation. The incremental work is normalized by the penetration load as shown 
in Eq. (2). 

    (2) 

In the above equation, D is diameter of the screw point, and Tn and Wn are the normalized T and 
W, respectively. From the observations of the test results, an elliptical yield locus centred on the 
origin is assumed in this model, i.e. 

(3) 

where cy is the coefficient of yield locus. A function of plastic displacement potential is also 
assumed to be elliptical, i.e. 

        (4) 

where cp is a coefficient of plastic potential. If the associative flow rule is adopted, cp must be 
equal to cy. Differentiating this plastic potential function gives the displacement incremental 
vector as 

       (5) 

where NswD is the number of normalized half-turns. From these results, it is found that each soil 
type has different values of cp. Thus, by measuring the applied torque in SWS, soils can be 
classified by using the theory developed for SWS (Tanaka, 2012).  

tht sWnTE  

D
sWnT

D
s

W
Wn

DW
T

DW
E t

nhtn
t

p
ht

pp




122  nny WTc

122  nnp WTc

WD
Tc

Ds
nDN p
t

ht
sw






/

39



40

N
ew

 Z
ea

la
nd

 G
eo

te
ch

ni
ca

l S
oc

ie
ty

 In
c.

 1
9t

h 
S

ym
po

si
um

, Q
ue

en
st

ow
n 

20
13

 
 
 

Mirjafari, S.Y., Orense, R.P. & Suemasa, N. (2013). 
Soil characterization using SDS data in Christchurch

 

3.3 Estimation of rod friction  

Due to the effects of rod friction during penetration, the measured load and torque for 
penetration are more than the required values at screw point. The rod friction can be divided 
into a vertical component (Wf) and a horizontal component (Tf) as the rod is rotated and 
penetrated into the ground (Tanaka, 2012). 

The applied load (Wa) and applied torque (Ta) by the SDS machine are defined as follows: 

         (6) 

(7) 

where W and T are load and torque at the screw point, respectively. The maximum shear stress 
acting on the rod surface is computed as 

             (8) 

where Tm is the torque resisting the rod friction measured at the end of a loading set, r is a radius 
of the rod and L is a total penetration depth. Assuming that the directions of rotational velocity 
(Vθ) and of settlement velocity (Vz) are equal to those for horizontal shear stress (  ) and 
vertical shear stress ( z ) on rod surface, respectively, the formulas can be given as follows:  

                     (9) 

(10) 

Figure 2 shows the concept of measuring rod friction in SDS test. 

Figure 2: Concept of measuring rod friction in SDS test (Tanaka, 2012). 

By substituting Eq. (8) into Eqs. (9) and (10), the vertical and the horizontal components of the 
rod friction are obtained as 

   (11) 

(12) 
 
 
3.4 Estimation of SPT value using Japanese data  

ΣE is defined as the sum total of penetration energy in every incremental load steps as follows, 

(13) 
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ΣE represents the energy to penetrate a screw point by 25 cm. Normalized settlement is defined 
for every 25 cm of penetration 

   (14) 

Figure 3 shows a typical relationship between penetration energy (ΣE) and normalized 
settlement (Σst/0.25)2/3 at each 0.25m section. In order to express relationship between ΣE and 
Σst with approximate slope, Σst is raised to the power of 2/3. The normalized energy (E0.25) is 
calculated as the linear slope of ΣE and Σst/0.25 relation. 

Figure 3: Typical relationship between penetration energy (ΣE) at each 25cm section and 
normalized settlement (Σst/0.25)2/3 for Christchurch soil 

Based on a large number of SDS tests conducted in Japan, it was shown that there is a 
relationship between penetration energy and SPT blow counts. It was shown that as the SPT 
blow counts increase, the penetration energy increase and by drawing an approximate line, a 
correlation can be made between these two parameters (Tanaka, 2012).  

4 SDS TESTS IN CHRISTCHURCH

Four SDS tests were conducted in Christchurch near boreholes with SPT data in order to make a 
comparison between the SDS output and measured SPT N value. All these areas showed 
evidence of liquefaction during 2011Christchurch earthquake. Figure 4 shows the location of 
selected sites where the red points show the SDS test sites and yellow ones are the borehole 
sites. The measured PGAs for 2011 earthquake at each site is also indicated (Bradly & Hughes, 
2012). The borehole and SPT data were obtained from the Canterbury Geotechnical Database.  

       (a) PGA=0.4g                (b) PGA=0.35g                 (c) PGA=0.5g                    (d) PGA=0.65g 
Figure 4: Location of test sites in Christchurch: (a) Avonside Drive; (b) 55 Brooker Ave; 

(c) Avonside Drive; and (d) Ferry Road 

Figure 5 shows a sample of SDS data which was be obtained by SDS. Using the results of tests, 
a correlation was made between E0.25 and (N1)60. (N1)60 is the normalized penetration resistance 
in sand to an equivalent 0'v of Pa=1 atm (100kPa). This normalization takes the form: 

(16) 

in which the (N)60 value corresponds to the SPT N value after correction to an equivalent 60% 
hammer efficiency, while CN is defined by (Idriss & Boulanger, 2004): 
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Figure 5: Sample of SDS data obtained by SDS in Avonside Drive. 

7.1
' 0













 v

a
N

PC                                                                                                                      (17) 

From the above equation, solving for CN requires iteration. Figure 6 illustrates the relationship 
between E0.25 and (N1)60. It should be noted that this relationship was obtained based on the 
results of only 4 tests and more tests are needed to improve the correlation. 

Figure 6: Relationship between normalized energy and (N1)60

By using the proposed correlation factor, E0.25 can be used for predicting the liquefaction 
potential of soil. Figure 7 shows the relationship between the cyclic shear stress ratio (CSR) for 
earthquake with magnitude of 7.5 and normalized energy for the 4 selected sites in 
Christchurch. The curve indicates the boundary between liquefiable and unliquefiable soil for 
clean sand based on correlation with normalized SPT value in Idriss and Boulanger (2004) 
method. 
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Figure 7: Relationship between CSR and E0.25 based on the 4 tests conducted in 
Christchurch. 

From Figure 7, it can be seen that in all liquefied sites, most of the E0.25 are located to the left 
site of the boundary line. Similar to the proposed graph by Idriss and Boulanger (2004), data 
points on the left of boundary line are susceptible to liquefaction. Based on the results of SPT 
test conducted at the site and borehole data, the points on the right side of boundary were dense 
sand layers within the soil profile and hence not liquefiable, so being on right side of the 
boundary is reasonable. However, the effect of fine content has not been considered in this 
graph. Note that although there was significant scatter in the results shown in Figure 6, the 
affected points are within the bounds of the boundary curve. 

Thus, by making a correlation between normalized SPT blow counts and normalized SDS 
penetration energy, soil characterization for liquefaction resistance can be done using SDS 
testing which is a simple, economical and fast test. The preliminary results of four tests 
conducted in Christchurch confirmed this although and more tests are needed to obtain better 
relationship between normalized penetration energy of SDS and (N1)60 value for different soil 
types. Moreover, it is planned to make use of the SDS parameters to identify regions of high 
liquefaction potential using the Christchurch experience as benchmark. Indeed, the SDS method 
has a very good potential in geotechnical in-situ investigation. 

5 CONCLUSIONS

In this study, after a review of SPT and SWS as two popular methods for soil characterization, a 
new in-situ test called Screw Driving Sounding (SDS) was introduced. Based on a large number 
of tests conducted in Japan, it was shown that correlation can be made between SPT N value 
and SDS parameters. Moreover using the data obtained from SDS test in Christchurch it was 
shown that E0.25 in SDS is proportional to (N1)60 and a correlation can be made between these 
two parameters. By using the correlation factor in conjunction with Idriss and Boulanger (2004) 
method, a boundary was defined to determine the liquefaction potential of soil. As SDS is 
simpler, faster and more economical test when compared to SPT, it can be a good alternative as 
an in-situ test for soil characterization. More tests are currently planned in New Zealand to 
obtain an accurate relationship between these two tests as well as possible correlation with CPT 
data. Also it is planned to develop a method for real-time assessment of liquefaction potential 
using SDS data. 
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ABSTRACT 
Predicting the severity of liquefaction induced ground damage is the key outcome from a 
liquefaction assessment. Ishihara (1985) developed a simple and logical method to predict the 
occurrence of sand boils, ground fissures and other features of liquefaction damage. This paper 
examines the effectiveness of Ishihara’s method in predicting the liquefaction damage that 
occurred in the recent Canterbury earthquakes.  

The applicability of the method to complex multi-layered soil profiles encountered in 
Canterbury is addressed, and a procedure for calculating an equivalent liquefied layer thickness 
in such profiles is proposed. This procedure is applied to a large number of sites with CPT data 
in Christchurch, combining simplified liquefaction analyses with detailed observations of 
ground damage following three large earthquakes.  

Ishihara’s method was generally successful in predicting the occurrence of liquefaction damage, 
and is considered appropriate for simplified assessments of liquefaction hazard in layered
Canterbury soils. However, the Ishihara method may unconservatively predict no damage for 
sites where thin liquefiable layers are present within the upper 3m of the soil profile; 
observations from the Canterbury earthquakes indicate that significant damage may occur in 
these cases. The data from Canterbury suggests that once liquefaction is triggered the 
occurrence of liquefaction damage is primarily dependent on the proximity of the liquefied layer 
to the ground surface, not the ground shaking intensity. Finally, it was observed that a crust 
thickness greater than 3.5-4m was sufficient to prevent liquefaction induced damage, even with 
significant thickness of liquefied soil below. 

1 INTRODUCTION 
Ishihara (1985) observed that while liquefaction can cause severe damage to buildings, roads 
and buried infrastructure, little damage occurs unless liquefaction results in some form of 
ground surface manifestation such as sand boils, fissures or cracking. A simple method was then 
developed to predict the occurrence of liquefaction induced ground damage.  The method 
considers:  

1. The thickness of the non-liquefied crust layer (H1) – if a non-liquefied crust is too thin, 
excess pore water pressures from the fluidised soil can easily ‘break through’. 

2. The thickness of the underlying liquefied layer (H2) – the liquefied layer must have 
sufficient thickness to enable significant excess pore water pressures to develop, in 
order to allow significant ground deformation and soil deformation to occur. 

3. The intensity of ground shaking – the more severe the earthquake the greater crust 
thickness needed to prevent liquefaction damage. 

Using these principles, a chart was developed using observations from the M7.7 Nihonkai  
Chubu earthquake in 1983, where occurrences of damage and no damage were plotted. The H1
and H2 thicknesses were determined from liquefaction triggering analysis; Ishihara concluded 
sandy soils with SPT N < 10 would have liquefied in this earthquake. Three boundary curves 
were superimposed onto this data representing earthquakes with different peak ground 
accelerations. This figure is reproduced in Figure 2(a). If a site plots above the boundary curve, 
liquefaction induced ground damage is likely. 
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Youd and Garris (1995) undertook an evaluation of the Ishihara method using data from 15 
different earthquakes ranging in magnitude from 5.3 to 8.0. Layer thicknesses were calculated 
using the Seed and Idriss (1985) triggering method. They concluded that the Ishihara method 
was reasonably successful in predicting the occurrence of liquefaction damage. However, the 
method was not accurate for sites affected by lateral spreading. Following these observations, it 
is now accepted in practice that lateral spreading ground damage arises from a different 
mechanism, and that lateral spreading cracks can exacerbate the occurrence of sand boils as they 
provide a path for liquefaction ejecta. 

This study is essentially an application of the Ishihara method to sites affected by the 
Canterbury earthquakes with two minor modifications: 

1. A method is proposed to calculate an equivalent liquefied layer thickness, H2, for 
interbedded layers of liquefiable and non-liquefiable soil. 

2. The magnitude scaled peak ground acceleration (PGAM=7.5) is used as a ground shaking 
intensity measure rather than the peak ground acceleration (PGA). 

Both of these modifications are considered necessary to allow for correct interpretation of the 
method in the Canterbury earthquakes. Interbedded soil profiles are common due to the alluvial 
overbank deposits and all three major earthquakes had magnitudes less than M=7.5. 

2 CRUST THICKNESS CALCULATION 
The proposed calculation procedure can be summarised as follows: 

 The crust thickness, H1, is identified as the depth to the shallowest soil layer where the 
factor of safety against liquefaction (FOSliq) is less than one. FOSliq is evaluated using a 
simplified liquefaction triggering calculation (Idriss and Boulanger, 2008). 

 The thicknesses of non-liquefied layers between liquefied layers are calculated. 
 If a non-liquefied layer is thicker than 1m, then it is considered thick enough to 

effectively separate the liquefied layers above and below. 
 If the thickness of the non-liquefied layer is less than 1m, it is not considered effective 

in separating the liquefied layers above and below. 
 Therefore the bottom of the H2 layer is the top of the shallowest non-liquefiable layer 

that is thicker than 1m. 
The automatic calculation procedure was applied to 46 locations in the Canterbury region. Table 
1 summarises the input data used in the calculations.  

Table 1:  Inputs to crust thickness calculation 
 

Parameter Description Reference
Geotechnical 
investigation 
data

Cone Penetration Test (CPT) data from Canterbury 
Geotechnical Database (CGD), primarily from post-
earthquake CPTs undertaken by Earthquake Commission. 
CPTs in areas affected by lateral spreading were excluded 
from the data.

CERA (2013)

Ground 
shaking 
intensity

Peak ground acceleration (PGA) contours from CGD 
interpolated from strong motion stations across region; 
magnitude scaled using factors from Idriss and Boulanger 
(2008) 

Bradley et al.
(2012)
Idriss and 
Boulanger (2008)

Groundwater 
depth

Event specific groundwater contours from CGD created using 
data from monitoring bores across the region and LiDAR 
scans of ground elevation 

GNS (2013)

Liquefaction 
triggering

Simplified liquefaction triggering analysis using CPT data
(fines correction using Roberston and Wride (1998)) 

Idriss and 
Boulanger (2008)
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Figure 1:  Example calculation of H1 and H2 in layered soil profile: (a) CPT results, (b) 
Soil classification index, (c) Factor of safety against liquefaction, (d) Liquefaction 

triggering and equivalent crust layer thickness schematic 

The choice of 1m as a nominal thickness of non-liquefied soil to separate the effects of two 
liquefied layers is somewhat arbitrary. Nonetheless inspection of the data indicates that this 
limit seems to be effective when explaining the occurrence (or otherwise) of observed post- 
earthquake liquefaction damage following the Canterbury Earthquakes. 

To illustrate the application of the method, Figure 1 shows an example CPT from south-western 
Christchurch. The soil stratigraphy consists of interbedded layers of loose sand and soft to firm 
low plasticity silt. A liquefaction triggering analysis (using Idriss and Boulanger, 2008) predicts 
that the sand layers will liquefy in a large earthquake (M=7.5 with PGA=0.35g) and that the silt 
layers are non-liquefiable. 

Figure 1(d) indicates the H1 and H2 values calculated using the automated procedure. The 
liquefied layer thickness H2 is determined to be H2 = 3.1m.

3 RESULTS FROM CANTERBURY EARTHQUAKES 
Figure 2 summarises the H1 and H2 values calculated at 46 sites around Christchurch for three 
earthquake events; the Mw = 7.1 4 September 2010, Mw = 6.2 22 February 2011 and Mw = 5.9 
and Mw = 6.0 13 June 2011 earthquakes. The locations were selected to ensure a wide range of 
locations, geological conditions and experienced ground shaking intensity.  

The data are divided into three bins based on the magnitude scaled peak ground acceleration 
(PGAM=7.5) experienced at the site. Each bin corresponds to a boundary curve proposed by 
Ishihara (1985) to enable a comparison. 

(a) (b) (c) (d) 
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Figure 2:  Ishihara crust thickness chart: (a) Boundary curves proposed by Ishihara in 
1985, (b) to (d) Data from Canterbury earthquakes using the proposed simplified method 

divided into three bins based on magnitude scaled peak ground acceleration with the 
corresponding Ishihara boundary curve 

 
4 DISCUSSION 
4.1 Performance of method for Canterbury soils 
From inspection of Figure 2 it can be concluded that the proposed equivalent layer thickness is 
able to provide a good characterisation of the layers critical to predicting the occurrence of 
liquefaction. Figure 2(b) shows a number of ‘false positive’ results; this may be due to the 
triggering calculation being slightly conservative, as is necessary for a simplified screening tool. 

When assessing the performance of the method it is useful to re-examine the three aspects 
identified by Ishihara that contribute to the occurrence of liquefaction damage: 
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1. The thickness of the non-liquefied crust layer (H1) – if a non-liquefied crust is too thin, 
excess pore water pressures from the fluidised soil can easily ‘break through’

The Canterbury data supports the idea that the non-liquefied crust layer is the most critical 
parameter in determining the occurrence or otherwise of liquefaction induced ground damage.  

2. The thickness of the underlying liquefied layer (H2) – the liquefied layer must have 
sufficient thickness to enable significant excess pore water pressures to develop, in 
order to allow significant ground deformation and soil deformation to occur. 

The results suggest that H2 thickness is a less critical parameter in the occurrence of liquefaction 
damage. It is possible that the build up of excess pore water pressure is not related to the 
thickness of the liquefied layer. There have been many sites where a thin (0.5 – 1m) liquefiable 
layer close to the surface has caused a large amount of damage; this suggests the location of the 
liquefied layer is more important than its thickness.  

3. The intensity of ground shaking – the more severe the earthquake the greater crust 
thickness needed to prevent liquefaction damage 

The data do not seem to support this conclusion; once the ground shaking intensity is great 
enough to trigger liquefaction further increases in intensity do not seem to affect the occurrence 
or otherwise of liquefaction damage on the ground surface. However it must be noted that there 
are limited data for sites where large accelerations were experienced, and the earthquake 
magnitudes are all in the moderate range (less than Mw = 7.5). 

The three observations above are reinforced by analysis of Canterbury dataset using a separate 
liquefaction vulnerability indicator, the Liquefaction Severity Number (LSN) (T&T, 2013). In 
calculating LSN, a heavier weighting is given to shallow liquefiable layers than deep liquefiable 
layers. Analysis of the LSN results across Canterbury indicates that: (1) greater damage is 
predicted if the liquefiable layer is closer to the ground surface; (2) the thickness of the 
liquefiable layer is not critical, especially for deeper soil layers; and (3) once liquefaction has 
triggered in all susceptible soils, further damage is not predicted with increasing ground shaking 
intensity. 
 

4.2 Required crust thickness to prevent liquefaction damage 
The data from the Canterbury earthquakes indicates that H1 is more important than both H2 and 
the intensity of ground shaking. Therefore, it is useful to examine if a threshold crust thickness 
H1 exists above which damage is unlikely. Figure 3 collates all observations from the 
Canterbury earthquakes and the Ishihara (1985) and Youd and Garris (1995) papers. It can be 
seen in Figure 3 that no damage was observed when H1 > 3.5m. The exception to this 
observation are six points from the Youd and Garris dataset. These points correspond to sites 
with very high peak ground accelerations (PGA = 0.56 to 0.78g). Nonetheless, the data suggests 
that if H1 > 3.5m liquefaction induced ground damage is unlikely to occur. 

 
Figure 3:  Summary of all observations from this study, Ishihara (1895) and Youd and Garris (1995) 
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Figure 4:  Calculation of crust thickness effect on post- liquefaction bearing capacity 
(a) FLAC model parameters and failure mechanism; (b) Analysis results 

 
4.3 Numerical modelling 
Two observations can be made regarding liquefaction damage in the Canterbury earthquakes: 

1. The severity of damage to houses in the Canterbury earthquakes was strongly correlated 
with the manifestation liquefaction induced damage on the ground surface.  

2. There is a strong correlation between non-liquefied crust thickness and the occurrence 
of liquefaction induced damage at the ground surface. 

A simplified numerical model was developed to link these two observations. The aim of the 
modelling was to determine the effect of the thickness of a non-liquefiable crust layer on the 
post- liquefaction bearing capacity of a typical shallow foundation detail used for lightweight 
houses in Canterbury. Canterbury houses typically have a perimeter concrete foundation with 
either short timber piles or an at grade concrete slab in the interior. The numerical model is 
shown in Figure 4(a) and consists of a strip footing 300mm wide and 400mm deep. A non-
liquefied crust with a friction angle of  = 30° was adopted; the thickness of this layer was 
varied from 0.5 to 3.0m thick. The liquefied layer, H2 was 10m thick and modelled using a 
residual strength ratio of Su/vo’ = 0.04. This represents a residual strength for very loose sand 
calculated using the recommendations of Idriss and Boulanger (2008).  

The geotechnical ultimate capacity of the foundation was determined by increasing the 
foundation load until bearing failure occurred using the finite difference software FLAC. Figure 
4(a) shows the failure mechanism observed in the model, and Figure 4(b) shows the increase in 
geotechnical ultimate capacity with increasing crust thickness. It can be seen that once  
H1 > 2.5m the ultimate geotechnical bearing capacity is above ‘good ground’ as defined by the 
New Zealand standard for timber framed houses, NZS3604. While this does not suggest that 
sand boils or differential settlements cannot be expected in this situation, it does suggest 
adequate bearing capacity for timber framed houses is likely to be maintained if the non-
liquefied crust thickness is greater than 2.5m. From this it can be inferred that, if the crust 
thickness is greater than 2.5m, then damage to houses is likely to be relatively minor. 

4.4 Christchurch wide observations 
The second approach taken to verify the threshold crust thickness approach was to compare 
estimated crust thicknesses for many locations across the city and compare this with the 
occurrence of liquefaction induced damage. Figure 5 shows three maps of observed ground 
damage in the 4 September 2010, 22 February 2011 and 13 June 2011 earthquakes. The 
symbols superimposed onto the maps indicate CPT locations. Sites with H1 > 4m are plotted as 
blue symbols, sites with H1 < 4m are plotted as black symbols.  

It can be seen that liquefaction induced ground damage generally did not occur in locations 
were the crust thickness is greater than 4m. There were many locations with crust thickness less 
than 4m where no damage occurred – this observation suggests that while damage may not be 
expected if H1 > 4m, it does not imply that damage is likely to occur if H1 < 4m. In these cases 
further analysis of crust quality, post-liquefaction bearing capacity, liquefaction induced 
settlements and the Liquefaction Severity Number (LSN) (T&T, 2013) is warranted.  
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Figure 5:  Maps of Christchurch showing correlation of crust thickness, H1, and 
observations of liquefaction damage 

4 September 2010 earthquake, Mw = 7.1

22 February 2011 earthquake, Mw = 6.2

13 June 2011 earthquakes, Mw = 5.9 and 6.0
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5 CONCLUSIONS 
The performance of a widely used empirical method to evaluate the occurrence of liquefaction 
induced ground damage was examined using observations from the Canterbury earthquakes. 
Key conclusions include: 

 The Ishihara H1/H2 method provides a useful framework for predicting liquefaction 
induced damage, especially given the uncertainties present in geotechnical earthquake 
engineering. 

 Observations from the Canterbury earthquakes indicate that if H1 > 3.5 – 4.0m then 
liquefaction damage is unlikely. Numerical analysis suggests that bearing capacity is 
likely to be adequate for lightly loaded shallow foundations if H1 > 2.5m. 

 Liquefaction of relatively thin layers close to the ground surface caused a large amount 
of damage at certain sites during the Canterbury earthquakes. This suggests the
occurrence of liquefaction damage is less sensitive to the thickness of the liquefiable 
layer, H2. Consequently, Ishihara’s method may be unconservative for the case where 
0.5 – 2m thick liquefiable soil layers are present within the upper 3m of soil. 

 Once liquefaction is triggered, observations from the Canterbury earthquakes indicate 
that occurrence or otherwise of liquefaction induced damage is less sensitive to intensity 
of ground shaking. Rather, the proximity of the liquefied layers to the ground surface is 
the more important aspect. 
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ABSTRACT 

The damage to Christchurch’s lifelines has been observed widely across the region as a result of 
the Canterbury earthquake sequence. In order to incorporate earthquake resilience into 
infrastructure repair and design, a cost effective and non-intrusive method of liquefaction 
mitigation is required. Commonly applied methods of ground improvement to mitigate 
liquefaction are best suited to coarse grained soils, are intrusive and they may require 
dewatering and a large green-field site to be cost effective.   

The purpose of this paper is to review two emerging methods of ground improvement to 
mitigate liquefaction-induced land deformation using passive site remediation. Emerging 
ground improvement methods that will be effective in fine grained soils and can be applied with 
minimal disturbance to existing structures have a potential to provide significant environmental 
and cost savings in the future.  

Two of the most promising emerging methods of ground improvement are passive site 
remediation using colloidal silica and microbial-induced calcite precipitation (MICP). Several 
studies have indicated that colloidal silica treated sands have shown significantly increased 
resistance to cyclic loading.  The primary focus of biological engineering research to date, 
MICP has been shown to increase resistance to liquefaction of loose sand. Successful field trials 
have been carried out for both methods.  

1 INTRODUCTION 

1.1 Background 

The 22 February 2011 earthquake event created the largest lifeline disruption to a New Zealand 
city in 80 years, with much of the damage caused by extensive and severe liquefaction in the 
eastern Christchurch urban area (Giovinazzi et al. 2011).  

As a result of the 22 February 2011 earthquake approximately half of the population lost power 
as a result of damage to approximately 50% of the 66kV underground cable network and 14% 
of the 11kV cable network. All the 66kV lines located in the northeast of Christchurch, where 
liquefaction was most severe, were damaged beyond repair. Additionally, 86% of the damaged 
11kV lines were in areas mapped by the Earthquake Commission (EQC) as having suffered 
moderate to severe liquefaction (Giovinazzi et al. 2011).
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Christchurch’s water and waste networks suffered extensive damage as a result of the 22 
February 2011 earthquake and subsequent aftershocks. Estimates are that it will take many years 
to return water and waste water functions to pre-earthquake functions. 

One of Christchurch’s treasured natural resources, the artesian water supply, was either 
disrupted or cut off to many parts of the city, and was contaminated in others. More than a third 
of households were without a water supply for over a week and 5% of occupied houses had no 
water for over a month (Giovinazzi et al. 2011). Once reinstated, the city’s water supply was 
required to be chlorinated for 10 months due to contamination from wastewater. Wastewater 
systems had been severely damaged and raw sewerage was discharged into the rivers and 
estuaries. The city relied on a temporary sewerage service facilitated by chemical and portable 
toilets, with some areas still currently using this system.

Local roads in the eastern suburbs were most affected, with five out of six bridges across the 
lower Avon River and 83 sections of 57 roads closed due to damage from the 22 February 2011 
earthquake. In general the transport network performed well, with most major roads remaining 
open. However, two years later the disruption is to continue with over 98 infrastructure repair 
projects underway and another 230 yet to begin (SCIRT, 2013). Roadworks, road closures and 
detours are now a way of life in post-earthquake Christchurch.  

1.2 Liquefaction mitigation

In order to incorporate earthquake resilience into infrastructure repair and design, a cost 
effective and non-intrusive method of liquefaction mitigation is preferable. The commonly 
applied methods of ground improvement to mitigate liquefaction are dynamic compaction and 
permeation grouting. These methods require a high hydraulic conductivity (Mitchell, 2008) and 
are likely to be complicated by the complex geology of the Christchurch soil profile. Soil types 
in Christchurch can vary over short distances, from gravel and sand to interbedded sand, silt, 
and peat. Alternative methods such as stone columns, deep soil mixing, and ex- and in-situ 
cement stabilisation are all common ground improvement methods used in soils with high fines 
contents. However, all these methods are intrusive, may require dewatering and require a large 
green-field site to be cost effective.   

Ground improvement methods that will be effective in fine grained soils and can be applied 
with minimal disturbance to existing structures have the potential to provide significant 
environmental and cost savings in the future. The author has selected two promising emerging 
ground improvement methods; Colloidal silica stabilisation, and microbial-induced calcite 
precipitation. These two methods are reviewed and assessed on their suitability to mitigate 
liquefaction in Christchurch using passive site remediation.  

1.3 Passive site remediation 
 
Passive site remediation is a concept which has been proposed for non-disruptive liquefaction 
mitigation on developed sites (Gallagher, 2000). Passive site remediation takes advantage of a 
site’s natural groundwater flow. The concept involves introduction of a stabiliser at the up 
gradient (hydraulic) edge of a site, allowing the groundwater flow to distribute the stabiliser to 
the target area (refer Figure 1). The set time (or gel time) of the stabiliser is controlled to allow 
sufficient time for the stabiliser to reach the target area before setting, gelling or precipitating. If 
the natural ground water flow is inadequate it can be enhanced using extraction wells and low 
pressure injection. Passive site remediation was found (using numerical analysis) to be feasible 
for an area of approximately 3,700m2 in formations with hydraulic conductivity of 0.05cm/s or 
more and hydraulic gradients of 0.005 and above. This numerical analysis was validated in later 
field trials (Gallagher et al. 2007).  
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Figure 1: Passive site remediation (Gallagher, 2000) 

1.4 A sustainable approach 

“The consideration of soil as a living ecosystem offers the potential for innovative and 
sustainable solutions to geotechnical problems.” (DeJong et al. 2013) 

One of the attractive attributes of biotechnology is the utilisation of natural biogeochemical 
processes to improve soil. These processes also have the potential for significant reductions in 
embodied energy and carbon emissions. Biological ground improvement has the potential to 
treat large volumes of soil with less injection points than traditional ground improvement 
methods and can be applied beneath existing structures. 

Two of the most promising sustainable, emerging methods of ground improvement to mitigate 
liquefaction are colloidal silica stabilisation and microbial-induced calcite precipitation (MICP).

Several studies have indicated (Diaz-Rodriguez & Antonio-Izarraras, 2004; Gallagher & 
Mitchell, 2002; Mollamahmutoglu & Yilmaz, 2010) that colloidal silica treated sands have 
shown significantly increased resistance to cyclic loading.  The primary focus of biological 
engineering to date, bio-augmentation MICP, has been shown to increase the resistance to 
liquefaction of loose sand (Montoya et al. 2013) and several successful field trials have been 
carried out (DeJong et al. 2013).  

In both of these emerging methods, the stabilising solution has a viscosity and density similar to 
water, making them prime candidates for passive site remediation. The methods have been 
shown to be effective in fine grained sands and gravels, which are common soil types in 
Christchurch. However, the efficacy of the processes will need to be assessed for complex 
fluvial deposits with interbedded fine grained soils. While the stabilising solutions require a 
hydraulic conductivity similar to that of a fine sand to be transported to the target area, the 
ground improvement does not need to be activated throughout the entire soil profile. This 
scenario is similar to traditional ground improvement methods such as deep soil mixing, where 
surface installed columns of cement grout reduce the shear stresses across a soil profile.  
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2 COLLOIDAL SILICA STABILISATION 

2.1 Process 
 
Colloidal silica is a non-toxic and inert solution of silica nanoparticles in water which has a 
density and viscosity similar to water at low concentrations.  The gel time of the colloidal silica 
stabiliser is controlled by the size and concentration of silica solids, pH of solution and the salt 
concentration. The addition of a (sodium chloride) saline solution is commonly used as a 
reagent to shorten gel time (Mollamahmutoglu & Yilmaz, 2010). Studies have reported gel 
times of between 49 and 200 days (Gallagher, 2000; Noll et al. 1992). 

Samples of colloidal silica grouted sand have been preserved for periods of 1 year to 1000 days 
without any occurrence of syneresis, which is a common form of degradation of some chemical 
grouts. Furthermore, the unconfined compressive strength was shown to increase by as much as 
28% after a 1000 day curing period (Mollamahmutoglu & Yilmaz, 2010). 

Gallagher & Mitchell (2002) have carried out cyclic triaxial tests on 5% to 20% concentrations 
of colloidal silica treated Monterey sand No. 0/30 which comprises a fine to medium sand, 
similar in grading to the Christchurch Formation sands encountered along the coastal fringe of 
Canterbury.  Results of the testing indicated the following: 

 Treatment with colloidal silica grout significantly increases the deformation resistance 
of loose sand to cyclic loading 

 For passive site remediation, a 5% concentration of colloidal silica is expected to 
achieve adequate mitigation for earthquake loading.  

Stress controlled cyclic simple shear tests on colloidal silica treated samples of sand from the 
Port of Lazzaro Cardenas, Mexico have been performed. Results indicate that a small amount of 
colloidal silica significantly increases the cyclic strength and resistance to liquefaction of 
untreated loose sand (Diaz-Rodriguez & Antonio-Izarraras, 2004).  

Costs of colloidal silica grouting are expected to be competitive with other chemical grouting 
methods depending on the concentration of colloidal silica used (Gallagher, 2000).  

2.2 Field trials 

Gallagher et al. (2007) performed a full-scale field trial to assess the performance of a dilute 
colloidal silica stabiliser in reducing the settlement of liquefiable sand. A 9m diameter test area 
was treated at a depth of 6.5m to 8.5m with a 7% concentrated solution using eight injection 
wells around the perimeter and one extraction well in the centre. The efficacy of the treatment 
was tested by inducing liquefaction using blasting techniques in the treated area and in an 
adjacent untreated area. Measured maximum settlements were 0.5m in the untreated area and 
0.3m in the treated area. They concluded that that the settlement in the treated area to have 
occurred in layers underlying the treated zone, with the reduction in settlement being attributed 
to the treated layer. 

56



57

S
E

IS
M

IC
 B

E
H

AV
IO

U
R

 –
 1

N
ew

 Z
ea

la
nd

 G
eo

te
ch

ni
ca

l S
oc

ie
ty

 In
c.

 1
9t

h 
S

ym
po

si
um

, Q
ue

en
st

ow
n 

20
13

 
 
 

Buhagiar, L. R. (2013). 
A review of colloidal silica stabilisation and microbial-induced calcite precipitation and their use to 

mitigate liquefaction using passive site remediation 

 

3 MICROBIAL-INDUCED CALCITE PRECIPITATION 

3.1 Process 

The process of microbial-induced calcite precipitation (MICP) occurs when calcium carbonate 
(calcite) is produced as a result of microbial metabolic activity (DeJong et al. 2013). The most 
energy efficient method of MICP involves the introduction (bio-augmentation) of the reagents 
urea and calcium chloride, with a bacterial solution, to the treatment area. The ensuing 
enzymatic hydrolysis of urea (known as urease activity) raises the pH of the proximal 
environment, initiating the precipitation of calcium carbonate (DeJong et al. 2006). The process 
produces a by-product of ammonium chloride, which can be extracted via groundwater. In some 
cases calcium carbonate may already be present in the groundwater and does not need to be 
added.  

The bacterial species most commonly known for producing urease and hydrolysing urea is 
Sporosarcina pasteurii. This species is well known for its ubiquity in nature and resistance to 
chemical and physical agents, which suits the use in open field environments (Qabany et al. 
2012).

Geotechnical centrifuge tests (Montoya et al. 2013) have demonstrated an increase in resistance 
to liquefaction of MICP-treated sands when compared to untreated loose sand. Under dynamic 
loading ranging from 0.2g to 0.7g, pore pressures generated were greatly reduced in the MICP 
treated samples. MICP treated samples showed a reduction in shaking-induced settlements 
when compared to untreated samples, until the cementation began to break down under high 
dynamic loading.  

In a study into the effects of the subsurface environment on MICP which may be encountered in 
commercial applications, Mortensen et al. (2011) has shown that the treatment is robust over a 
wide range of soil types and salinities ranging from distilled water to seawater. Qabany et al. 
(2012) have also shown that the MICP process can be optimised for different ground conditions 
by adjusting reagent and bacterial concentrations.  

An alternative method of MICP involves the bio-stimulation of in-situ, native bacteria in the 
soil. This process involves the introduction of reagents such as urea and calcium carbonate (if 
required) to stimulate the native bacteria. Research is on-going into the use of pre-treated waste 
streams as a reagent for the MICP process (Van Paassen et al. 2013). This method could have a 
real potential in New Zealand using farm waste as a reagent.  

3.2 Field trials 
 
Two, full scale treatments using MICP have been documented to date, the first using a bio-
augmentation strategy and the second stimulating the indigenous species to induce precipitation 
(DeJong et al. 2013).  

3.2.1 MICP gravel stabilisation, Netherlands 2010  

An MICP treatment was applied to a loose gravel deposit to enable horizontal directional 
drilling (HDD). The treatment comprised the addition of urea, calcium chloride and a bacterial 
suspension of Sporosarcina pasteurii. Groundwater was extracted until ammonium 
concentrations returned to background levels. The treatment was considered a success as HDD 
was possible without instability (DeJong et al. 2013). 
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3.2.2 MICP to immobilise heavy metals, USA 2010  
 
A set of field trials  using biological-stimulation to immobilise heavy metals (strontium-90) was 
initiated at the Idaho National Laboratory and is on-going at the US Department of Energy site 
in Rifle, Colorado. The treatment comprised the injection of molasses and urea, with 
groundwater extraction at a nearby extraction well. Native microbes have been successfully 
stimulated and calcite precipitation is in progress. The rate of precipitation is as expected, 
slower than the bio-augmentation application in the Netherlands (DeJong et al. 2013). 

3.3 Biogas dentrification 

Another method of microbial-induced ground improvement which deserves further research as a 
method of liquefaction mitigation is biogas dentrification, where soil is “de-saturated” via the 
addition of bacteria which produce nitrogen bubbles within the soil (He et al. 2013).

Initially this method was explored by injecting gas directly into the soil however it proved to be 
difficult to inject gas into the sand in a uniform manner. This problem was overcome by using 
bacteria to deliver the gas. The dominant species of denitrifying bacteria used in the He et al. 
(2013) study were extracted from anaerobic wastewater sludge. The bacterial suspension has a 
low viscosity and can be easily distributed in sand.  

Results from shaking table tests have demonstrated the biogas method is effective in lowering 
the degree of saturation and significantly reducing the liquefaction potential of saturated sand.  

One area where the He et al. (2013) has indicated more research is required is the longevity of 
the gas bubbles in the soil.  

4 DISCUSSION 
 
While the environmental benefits of these emerging technologies have not yet been quantified, 
Egan & Slocombe, (2010) have shown that traditional ground improvement methods have 
significantly lower embodied carbon dioxide (ECD) than piled solutions.  By further reducing 
the need for cement based grouts, emerging technologies which use inert and non-toxic grouts, 
can provide even greater opportunities to reduce the environmental impact of ground 
improvement methods.  

The achieved strength and resistance to cyclic loading, low viscosity and controllable gel time 
of colloidal silica stabilisation makes it a suitable stabiliser for passive site remediation.  

Using the passive site remediation method, colloidal silica has been shown to be cost effective 
and has the potential to be used as a commercially viable ground improvement method for the 
mitigation of liquefaction.  

For passive site remediation in fine grained soils the low hydraulic gradient is likely to lead to 
the use of pumps, and may require extended precipitation or gel times or smaller sites (i.e. a 
residential site).  

Further research is required to assess the suitability of MICP and colloidal silica for use in fine 
grained soils. However, the author considered that as long as suitable continuous layers within 
the soil profile are present to deliver the stabiliser solution, and a significant proportion of the 
profile can be treated; an effective reduction in liquefaction potential will be achieved.  
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The production of reagents, the process of cultivating the bacteria and removal of resulting by-
products needs to be assessed in terms of embodied energy and carbon dioxide to quantify the 
environmental benefits of MICP.

Issues such as the unpredictability of the homogeneity of cementation, costs of reagents,
cultivation of bacteria and removal of by-products are all issues which could limit the 
commercial viability of bio-augmentation methods of MICP. Bio-stimulation methods may 
address these issues and the author sees great potential using an existing by-product or waste 
stream to stimulate native in-situ bacterium in New Zealand.

The emerging methods of ground improvement discussed in this paper are based on processes 
which strengthen the soil and decrease the hydraulic conductivity. The author is unaware of any 
research into the effects of the reduction of hydraulic conductivity on the rate of pore pressure 
dissipation during and after seismic loading. It is presumed that as long as the strength increase 
is sufficient the reduced permeability should not be an issue.  

5 CONCLUSIONS 

Liquefaction-induced ground deformation was one of the major factors affecting infrastructure 
damage in the Christchurch earthquake. This paper has reviewed two emerging methods of 
ground improvement which have the potential to be used as sustainable and cost-effective 
methods of mitigating liquefaction in design and repair of infrastructure.  

The achieved strength and resistance to cyclic loading, low viscosity and controllable gel time 
of colloidal silica stabilisation makes it a suitable stabiliser for passive site remediation. Using 
the passive site remediation method colloidal silica stabilisation has the potential to be used as a 
commercially viable, environmentally sustainable ground improvement method for the 
mitigation of liquefaction. While this method has been proven in fine to medium grained sand, 
further investigation is required to assess the suitability in fine grained soils. However, due to 
the long and controllable gel time the author sees no reason why this method could not be 
successful in a fine grained soil. 

While research is still needed into the cost effectiveness of bio-augmentation methods of MICP, 
the author believes there is a real potential for bio-stimulation methods in New Zealand using 
farm waste as a reagent.  
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ABSTRACT 

This paper presents a simplified procedure for predicting earthquake-induced level and sloped 
ground failure, namely liquefaction and shear failure. It consists of a framework where cyclic 
stress ratio (CSR), static stress ratio (SSR) and undrained shear strength (USS) are formulated 
considering simple shear conditions, which simulate field stress during earthquakes more 
realistically. The occurrence or not of ground failure is assessed by means of a plot ηmax (= 
[SSR+CSR]/USS) vs. ηmin (= [SSR-CSR]/USS), where a liquefaction zone, a shear failure zone 
and a safe zone (i.e. no-liquefaction and no-failure) are defined. Using this procedure, a soil 
column was examined and failure assessment was obtained for various soil elements, located at 
different depths beneath ground level. A total of 6 cases were generated by considering 2 slope 
inclination levels (i.e. i=0% and 5%) and 3 relative density states (i.e. Dr=25%, 50% and 75%). 
The 2012 Emilia Earthquake (Mw=5.9 and amax=0.26g), that produced an extensive liquefaction 
scenario in Northern Italy, was used as seismic input. For the case study examined, the 
prediction confirmed that soil was likely to experience severe liquefaction, except for the case 
of dense sand in level ground conditions. In addition, it clearly appears that gentle sloped 
conditions significantly decrease the resistance of soil against liquefaction. Based on past case 
histories, such a prediction is rational and, thus, the proposed procedure may represent a useful 
tool to assess earthquake-induced failure mechanisms for both level and sloped ground. 

1 INTRODUCTION 

Liquefaction of level and sloped ground is a major natural phenomenon of geotechnical 
significance associated with damage during earthquakes. In the last few decades, in most 
seismic events with a magnitude greater than 6.5-7 which usually produce also very strong 
ground acceleration (PGA > 0.15g), the extensive damage to infrastructures, buildings and 
lifeline facilities have been associated with the occurrence of lateral spreading and/or flow (i.e. 
ground failure) of liquefied soils. Prediction of ground failure involving earthquake-induced 
liquefaction of sandy sloped deposits is vital for researchers and practising engineers to 
understand comprehensively the triggering conditions and consequences of liquefaction, and to 
develop effective countermeasures against liquefaction.  

Aimed at investigating the role which static shear stress (i.e. slope ground conditions) plays on 
the liquefaction behaviour and large deformation properties of saturated sand, Chiaro et al. 
(2012) performed a series of undrained cyclic torsional simple shear tests on loose fully-
saturated Toyoura sand specimens (Dr = 44-50%) under various combinations of static and 
cyclic shear stresses. From the study of failure mechanisms, three types of failure (i.e. cyclic 
liquefaction, rapid flow liquefaction and shear failure) were identified based on the difference in 
effective stress paths and the modes of development of shear strain during both monotonic and 
cyclic undrained loadings. The study confirmed that to achieve full liquefaction state the 
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reversal of shear stress during cyclic loading is essential. Alternatively, when the shear stress is 
not reversed, large shear deformation may bring sand to failure although liquefaction does not 
take place. Following these findings, Chiaro and Koseki (2010) developed a graphic method 
able to predict the failure behaviour of Toyoura sand specimens as observed in the laboratory. 
Later, in order to establish a framework to directly compare field and laboratory liquefaction 
behaviours of sand, Chiaro and Koseki (2012) presented a simplified procedure for predicting 
earthquake-induced sloped ground failure, namely liquefaction and shear failure.  

In this paper, the proposed simplified procedure is described in detail and its performance is 
assessed for the case of the 2012 Emilia Earthquake (Mw=5.9 and amax=0.26g) by considering a
soil profile consisting of uniform clean sand and varying systematically the key factors that 
govern soil shear behaviour such as soils density and slope ground inclinations.  

2 PROPOSED SIMPLIFIED PROCEDURE FOR SEISMIC SLOPE FAILURE 
ANALYSIS 

The proposed simplified procedure for seismic sloped ground failure analysis consists of a 
framework where cyclic stress ratio (CSR), static stress ratio (SSR) and undrained shear 
strength (USS) are formulated considering simple shear conditions, which simulate field stress 
during earthquakes more realistically. Hereafter, procedure details are described. 

The earthquake–induced CSR at a depth z below the ground (Figure 1) is formulated by 
adjusting the well-known Seed and Idriss (1971) simplified procedure for evaluating the CSR to 
the case of simple shear conditions. Therefore, by converting the typical irregular earthquake 
record to an equivalent series of uniform stress cycles (Seed and Idriss, 1975), considering the 
flexibility of the soil column throughout a stress reduction coefficient (Iwasaki et al., 1978) and 
introducing a magnitude scaling factor (MSF; Idriss and Boulanger, 2004), the following 
expression can be derived (Chiaro, 2010). Note that, values of the unit weight of soils below and 
above the ground water table have been assumed to derive CSR.  

)]/(5.01[]3/)21[(
)/(65.0

'
CSR

w0

dg5.7

0

cyclic
5.7 zzK

raa
p 


 (1)

MSF/max5.7 aa 

8.1]058.0)4/Mexp(9.6[MSF w 

(2)

(3)

)015.01(d zr   (4)

where amax (g) is the peak ground (horizontal) acceleration; ag is the gravity acceleration (=1 g); 
a7.5 (g) is the effective peak ground acceleration; Mw is the moment magnitude of the 
earthquake; K0 is the coefficient of earth pressure at rest; and z (metres) is the depth below the 
ground surface. It should be noted that the stress reduction coefficient (rd) is a unit-less factor. 
MSF is a factor for adjusting the earthquake-induced CSR to a reference Mw = 7.5, provided that 
such an earthquake induces 15 equivalent stress cycles of uniform amplitude.  

Assuming infinite slope state and simple shear conditions, the SSR induced by gravity on a soil 
element of sloped ground, at a depth z underneath the ground surface and a depth zw beneath the 
water table, can be calculated as follows (Chiaro, 2010):  

)]/(5.01[]3/)21[(
100/

)]/(5.01[]3/)21[(
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'
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w0w00

static

zzK
i

zzKp 






(5)

where i is the gradient of slope (%). 
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Finally, combining laboratory test results on Toyoura sand (clean sand) and simulation results 
using a newly developed model for liquefiable sand (Chiaro et al., 2013b); an empirical 
formulation for USS is proposed: 

SSR180.00046.01015.0USS r  D (6)

Figure 1: Stress conditions acting on a soil element beneath sloped ground during an 
earthquake 

Once the stress conditions and soil strength are known, the occurrence or not of ground failure 
can be assessed by means of a plot ηmax (= [SSR+CSR]/USS) vs. ηmin (= [SSR-CSR]/USS), 
where a liquefaction zone, a shear failure zone and a safe zone (i.e. no-liquefaction and no-
failure) are defined (Figure 2).  

Figure 2: Soil liquefaction/failure modes based on the proposed simplified procedure 
(Experimental  data from Chiaro et al., 2012 & 2013a; Chiaro and Koseki, 2010; De Silva, 

2008; Kiyota, 2007; Arangelowski and Towhata, 2004)
 
 
3 ASSESSMENT OF LIQUEFACTION BEHAVIOUR FOR LEVEL AND SLOPED

GROUND 
 
In May-June 2012 a seismic sequence hit an extensive area of the Emilia-Romagna region in 
Northern Italy, producing an unusual and widespread soil liquefaction scenario (at least 485 
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cases over an area of about 1200 km2 as reported by Alessio et al., 2013). In Figure 3, two 
pictures, taken by the authors (Koseki, 2012) a few days after the seismic event, show the extent 
of liquefaction at Sant’Agostino town. The ground surface inclination (i) was between 0% and 
5% i.e. from level to very gentle sloped ground conditions. Although the existence of fine clean 
sand layers in the uppermost 5-10 m along with the presence of a high water table represented 
the most favourable conditions for the occurrence of soil liquefaction, it is still difficult to fully 
understand why such severe liquefaction was produced by an earthquake of a moderate 
magnitude of Mw = 5.9. To address this issue, hereafter, the assessment of liquefaction 
occurrence for the case of the 2012 Emilia Earthquake (Mw=5.9 and amax=0.26 g) is made using 
the proposed simplified procedure. Thus, a soil column was examined and failure assessment 
was obtained for various soil elements, located at different depths beneath ground level. A total 
of 6 cases were generated by considering 2 slope inclination levels (i.e. i = 0% and 5%) and 3 
relative density states (i.e. Dr=25%, 50% and 75%).

Figure 3. Liquefaction induced by the 2012 Emilia earthquake, Italy (Koseki 2012)

3.2  Evaluation of field cyclic stress ratio and static stress ratio characteristics 

Figure 5(a) shows the variation of CSR7.5 with depth and density. It can be seen that CSR7.5
increases up to a depth of about 5-6 m and then slightly decreases independently from density 
state. Yet for loose soil, the maximum CSR is approximately 0.28, while for the denser soil the 
maximum CSR is 0.32. Thus, the looser the soil is, the lower the CSR7.5 is. This is because loose 
soil is much more deformable than denser soil.  

Figure 5(b) displays the variation of SSR with depth, density state and ground inclination. SSR 
increases with both soil density and depth, being nil for level ground conditions. 

It should be noted that both the CSR and SSR values change with Dr through the coefficient of 
earth pressure at rest (Jaky, 1944; K0 = 1- sin ϕ’; where ϕ’ is the friction angle). In this study it 
was assumed that ϕ’ = 28+0.14 Dr (Schmertmann, 1978). 

3.3  Evaluation of field undrained shear resistance 

Figure 5(c) shows the variation of USS with depth, soil density and ground surface inclination. 
It can be seen that USS increases markedly with increase in density. For dense sand (Dr=75%) 
USS=0.45 is approximately double than the case of loose sand (Dr=25%) USS=0.21. In 
addition, the presence of static shear provides additional resistance to the soil. The latter 
behaviour although may appear peculiar it has been experimentally confirmed by conducting 
torsional shear tests with initial static shear stress on Toyoura sand specimens (Chiaro et al., 
2012).  
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Figure 5. Variation of (a) CSR, (b) SSR and (c) USS with depth, density and ground 
inclination  

3.4  Evaluation of field maximum and minimum stress components 

In Figures 6 and 7, maximum (ηmax) and minimum (ηmin) shear stress variation with depth,
density and ground inclination is shown. It can be seen that for level ground conditions, ηmax and 
ηmin values are symmetrical respect to the zero stress line, being the SSR=0 (i.e. ηmax =
CSR/USS and ηmax = - CSR/USS). For sloped ground conditions, ηmin moved toward the zero 
stress line, while ηmax increases, resulting in a non-symmetrical stress conditions that may 
induce much more severe liquefaction. In addition, it was observed that both ηmax and ηmin are 
much lower for dense sand compared to loose sand.  

Figure 6. Variation of (a) maximum and (b) minimum shear stresses with depth and 
density for level ground conditions (i =0%)

Figure 7. Variation of (a) maximum and (b) minimum shear stresses with depth and 
density for sloped ground conditions (i =5%)
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3.4  Prediction of liquefaction behaviour for level and sloped ground 

Figure 8(a) and (b) show the predictions of liquefaction behaviour obtained by using the Chiaro-
Koseki simplified procedure for the case of level and gentle sloped ground conditions, 
considering three different level of density. One can see that for the 2012 Emilia Earthquake 
(amax= 0.26g and Mw=5.9), soil is likely to experience severe liquefaction, except for the case of 
dense sand in level ground conditions. Also, it clearly appears that gentle sloped conditions 
significantly decrease the resistance of soil against liquefaction.  

Figure 8. Liquefaction prediction based on the proposed simplified procedure for: 
(a) level ground and (b) gentle sloped ground conditions 

4 DISCUSSION  

In the case of the 2012 Emilia Earthquake, the existence of fine clean sand layers in the 
uppermost 5-10 m along with the presence of a shallow water table represented the most 
favourable conditions for the occurrence of soil liquefaction. However, it is not fully understood 
yet why such severe liquefaction was produced by an earthquake of a moderate magnitude of 
Mw = 5.9. An attempt is made hereafter to find a plausible explanation.  

In order to evaluate the liquefaction hazard at a site, both the amax and the effective number of 
cycles are needed. The magnitude scaling factor (MSF) can then be used to correct the analysis 
for earthquake magnitudes other than 7.5 (Youd and Idriss, 2001; Idriss and Boulanger, 2008;
etc.), provided that such an earthquake induces 15 equivalent stress cycles of uniform 
amplitude. In this study, the concept of effective peak ground acceleration (a7.5 = amax/MSF) was 
introduced. It may represent a critical input parameter for calculating CSR7.5, and thus assessing 
and comparing the extent of liquefaction induced by earthquakes with different magnitudes and 
accelerations, as described hereafter.  

For the 2012 Emilia Earthquake (Mw = 5.9 and amax = 0.26g), MSF=1.52 and a7.5 = 0.17g (i.e. 
amax is reduced by a factor of 0.66). On the other hand, for the 1964 Niigata Earthquake, Japan 
(Mw = 7.5 and amax = 0.16g), which also produced extensive liquefaction and ground failure 
(refer to Chiaro and Koseki (2012) for liquefaction assessment). Despite the difference in 
magnitude and acceleration levels, it appears that the Emilia and Niigata earthquakes have 
similar ground motion characteristics when evaluated in terms of effective peak ground 
acceleration, a7.5 (Figure 9). Thus, it may be expected that also their effects in terms of 
liquefaction level and ground failure are similar.  
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Figure 9. Ground motion features for 2012 Emilia and 1964 Niigata earthquakes 

5 CONCLUSIONS 

Prediction of ground failure involving earthquake-induced liquefaction of sloped sandy deposits 
is essential for understanding comprehensively the triggers and consequences of liquefaction. In 
this paper, an attempt is made to identify key factors that govern failure of sandy sloped ground 
during earthquakes and a simplified procedure, to assess whenever liquefaction or shear failure 
occurs within a saturated sandy sloped deposit, is presented. It is shown that the proposed 
simplified procedure is capable of predicting the severe liquefaction behaviour observed for 
level-gently sloped ground in Northern Italy following the 2012 Emilia earthquake.  

This study also may suggest that the effective peak ground acceleration (a7.5 = amax/MSF), 
introduced in this paper, may be a good parameter to judge the severity of an earthquake in 
terms of ground motion characteristics, compared to the peak ground acceleration and moment 
magnitude used singularly. 

Despite the number of approximations that can be made in this kind of study (with regards to 
determination of soil densities, cyclic and static stress ratios, and undrained strength in the 
field), the proposed method provides a useful framework for assessing liquefaction and shear 
failure of sloped ground in many practical proposes. Whenever greater accuracy is justified, the 
method can be readily supplemented by test data on particular soils or by ground response 
analysis to provide evaluations that are more definitive.  

REFERENCES 

Arangelowski, G. and Towhata, I. (2004): “Accumulated deformation of sand with initial shear 
stress and effective stress state lying near failure conditions”, Soils and 
Foundations, 44(6): 1-16.

Alessio, G., Alfonsi, L., Brunori, C. A., Burrato, P., Casula, G., Cinti, F. R., Civico, R., Colini, 
L., Cucci, L., De Martini, P.M., Falcucci, E., Galadini, F., Gaudiosi, G., 
Gori, S., Mariucci, M.T., Montone, P., Moro, M., Nappi, R., Nardi, A., 
Nave, R., Pantosti, D., Patera, A., Pesci, A., Pezzo, G., Pignone, M., Pinzi, 
S., Pucci, S., Salvi, S., Tolomei, C., Vannoli, P., Venuti, A. and Villani, F. 
(2013): “Liquefaction phenomena associated with the Emilia earthquake 
sequence of May–June 2012 (Northern Italy)”, Natural Hazards and Earth 
System Sciences, 13, 945-947. 

Chiaro, G. (2010): “Deformation properties of sand with initial static shear in undrained cyclic 
torsional shear tests and their modelling”, PhD Thesis, Department of Civil 
Engineering, University of Tokyo. 

67



68

N
ew

 Z
ea

la
nd

 G
eo

te
ch

ni
ca

l S
oc

ie
ty

 In
c.

 1
9t

h 
S

ym
po

si
um

, Q
ue

en
st

ow
n 

20
13

 
 
 

Chiaro, G. & Koseki, J. (2013). 
Prediction of earthquake-induced liquefaction for level and gently sloped ground   

 

 

Chiaro, G., Kiyota, T. and Koseki, J. (2013a): “Strain localization characteristics of loose 
saturated Toyoura sand in undrained cyclic torsional shear tests with initial 
static shear”, Soils and Foundations, 53(1): 23-34. 

Chiaro, G. and Koseki, J. (2010): “A method for assessing the failure behavior of sand with 
initial static shear”, Proc. of 12th International Summer Symposium of JSCE, 
Funabashi, Japan, 155-158. 

Chiaro, G. and Koseki, J. (2012): “Liquefaction and failure mechanisms of sandy sloped ground 
during earthquakes: a comparison between laboratory and field 
observations”, Proc. of Australian Earthquake Eng. Society Conference, 
Gold Coast, Australia, CD-ROM, 1-7. 

Chiaro, G., Koseki, J. and Sato, T. (2012): “Effects of initial static shear on liquefaction and 
large deformation properties of loose saturated Toyoura sand in undrained 
cyclic torsional shear tests”, Soils and Foundations, 52(3): 498-510. 

Chiaro, G., Koseki, J. and De Silva, L.I.N. (2013b): “A density- and stress dependent elasto-
plastic model for sands subjected to monotonic torsional shear loading”, 
Geotechnical Engineering Journal, SEAGS, 44(2), 18-26. 

Jaky, J. (1944): “The coefficient of earth pressure at rest”, Journal for Society of Hungarian 
Architects and Engineers, 355-358. 

Koseki, J. (2012): “Survey of damage caused by the May 20 & 29, 2012 earthquakes in North 
Italy”, Research Report, http://soil.iis.u-tokyo.ac.jp/Activity.htm. 

Idriss, I.M. and Boulanger, R.W. (2004): “Semi-empirical procedure for evaluating liquefaction 
potential during earthquakes”, Proc. of 11th International Conference on Soil 
Dynamics and Earthquake Engineering and 3rd International Conference on 
Earthquake Geotechnical Engineering, Berkeley, CA, 32-56. 

Idriss, I.M. and Boulanger, R.W. (2008): “Soil liquefaction during earthquakes”, Earthquake 
Engineering Research Institute.

Iwasaki, T., Tatsuoka, F., Tokida, K. And Yasuda, S. (1978): “A practical method for assessing 
soil liquefaction potential base on case studies at various sites in Japan, Proc. 
of 2nd International Conference on Microzonation for Safer Construction –
Research and Application, San Francisco, CA, Vol. 2: 885-896. 

Schmertmann, J.H. (1978) Use of SPT to measure dynamic soil properties? – Yes, but...!”, 
Dynamic Geotechnical Testing, SPT 654, ASTM, Philadelphia, PA. 

Seed, H.B. and Idriss, I. M. (1971): “Simplified procedure for evaluating soil liquefaction 
potential”, Journal of Soil Mechanics and Foundation Division, ASCE, 
97(SM9): 1249-1273. 

Seed, H.B. (1987): “Design problems in soil liquefaction”, Journal of Geotechnical Engineering 
Division, ASCE, 113(8): 827-845. 

Seed, H.B., Idriss, I.M., Makdisi, F. and Banerjee N. (1975): “Representation of irregular stress 
time histories by equivalent uniform stress series in liquefaction analyses”, 
Report No. EERC 75-29, University of California, Berkeley. 

Youd, T.L. and Idriss, I.M. (2001): “Liquefaction resistance of soils: summary report from the 
1996 NCEER and 1998 NCEER/NSF Workshops on evaluation of 
liquefaction resistance of soils”, Journal of Geotechnical and 
Geoenvironmental Engineering, ASCE, 127(4): 297-313. 

68



69

N
ew

 Z
ea

la
nd

 G
eo

te
ch

ni
ca

l S
oc

ie
ty

 In
c.

 1
9t

h 
S

ym
po

si
um

, Q
ue

en
st

ow
n 

20
13

S
E

IS
M

IC
 B

E
H

AV
IO

U
R

 –
 2 Clayton, P.J. & Johnson, J.T. (2013) 

Liquefaction resistance and possible aging effects in selected Pleistocene soils of the Upper North 
Island  

Proc. 19th NZGS Geotechnical Symposium. Ed. CY Chin, Queenstown 
 
 

 

Liquefaction resistance and possible aging effects in selected 
Pleistocene soils of the Upper North Island 
 
P J Clayton  
Beca Infrastructure, Auckland NZ.  
philip.clayton@berce.com (Corresponding author) 

J T Johnson 
Beca Infrastructure, Auckland NZ
james.johnson@beca.com  

Keywords: Liquefaction, Aging, CPT, VS, MEVR, KDR, Waikato, Pleistocene 

ABSTRACT 

The assessment of a soil’s liquefaction potential can often have major financial implication for 
infrastructure projects. An overly conservative assessment can lead to unnecessary expenditure 
on foundations or ground improvement. 

The assessment of liquefaction potential in recent deposits of alluvial soils with grains of lithic 
origin is becoming increasingly well defined, however where older soils or soils of volcanic 
origin are analysed, the level of uncertainty is higher.  It has been suggested that comparison of 
liquefaction analysis based on the most commonly applied investigation methods e.g. Standard 
Penetrometer and Cone Penetrometer Tests against smaller strain methods e.g. Shear Wave 
Velocity might provide useful evidence of aging, cementation or particle crushing effects in 
some soils. 

We have sought evidence of such effects by comparing liquefaction potential of soils of Recent 
and Pleistocene age and/or volcanic origin at sites in the Waikato Region using large and small 
strain methods. Our analyses, utilising a small strain method, indicated a higher liquefaction 
resistance than large strain tests in a selection of the Early Holocene and Late Pleistocene soils.  

1 INTRODUCTION 
 
A number of significant infrastructure projects are in progress or have recently been completed 
within the Waikato region of the upper North Island of New Zealand. This area is characterised 
by a comparatively low seismicity, and significant deposits of Early Holocene and Late 
Pleistocene deposits of tephra and volcanogenic alluvium.  Despite an age of >10,000years,
insitu testing of these materials often indicates a relatively loose state. Consequently, where 
saturated, conventional liquefaction assessment methods typically indicate a significant 
liquefaction potential. This appears inconsistent with the liquefaction risk indicated by 
screening tools such as that proposed by researchers Youd and Perkins (1978).  

A number of authors have suggested that the application of conventional investigation and 
liquefaction assessment tools may be inappropriate in such soils for the following reasons: 

 Such volcanogenic soils may contain a high proportion of crushable particles e.g. 
Pumice, such that large strain test methods may underestimate their resistance to 
cyclic stress Marks (1998) and Wesley (1998) Orense et.al (2012). 
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 Soils in a low seismicity area may, over long periods of time may develop a degree of 
cementation that improves their resistance to cyclic stress but is not fully recognised 
by a large strain test, Hayati and Andrus (2009).   

In order to investigate these potential effects within commonly encountered soils in the Waikato 
region we have compared data gathered on two recent infrastructure projects in the Waikato 
region utilising large strain conventional penetrometer (CPT) and small strain Seismic Cone 
Penetrometer (SCPT) methods.  Initially we carried out liquefaction analysis on the data and 
compared the derived liquefaction risk. From these analyses we noted a trend of lesser 
liquefaction risk predicted by small strain methods compared to large strain methods, suggestive 
of aging or particle crushing effects. In order to evaluate these effects we have first carried out a 
visual assessment of crushable grain (pumice) content and then compared the age implied by 
this trend through the use of age to Measured to Estimated (shear wave) Velicity Ratio (MEVR) 
correlations proposed by Hayati and Andrus (2009).  The resulting conclusions regarding 
liquefaction risk are compared against that indicated by the screening tool proposed by Youd 
and Perkins (1978). 

2 GEOLOGY AND SEISMICITY OF THE STUDY AREA 

2.1 Geologic Setting 
 
The Waikato area encompasses a wide variety of Geologic Terranes including Palaeozoic and  
Mesozoic bedrock, Tertiary volcanics and sedimentary units and Quaternary volcanics, tephra 
and alluvial deposits. The study area is within the Hamilton Lowlands, a part of the Waikato 
area which consist of a large depression formed in between uplifted basement hills to the west 
(Western Uplands) and east (the Central Hills – separating the Hamilton and Hauraki Basins).  
The Basin records a history of infilling and subsequent erosion/reworking of many volcanic 
airfall and pyroclastic deposits from the Taupo / Coromandel Volcanic Zone by the Waikato / 
Waipa river system McCraw (2011). 
 

Fig 1: Location of Study Area 

The geological units represented in 
investigations considered in this study can be 
described as follows, Edbrooke (2005), Lowe 
(2008):

 Post Oruanui Ash and Allluvial Deposits 
including Taupo Pumice Formation and 
Recent alluvium/colluvium (17ka to 
present). Not considered in this study.

 Hinuera Formation (Late Quaternary, two 
phases 50 to 27ka, and 27 to 17ka) and 
Volcanic Airfall Deposits (61 to 21ka) The 
Hinuera Formation typically comprises 
cross bedded sands/ gravels and silty sands.  

 Walton Subgroup – Within the study area 
comprising Puketoka Formation (Late 
Pliocene to middle Quaternary, 1.8 Million  
Ma) to 340,000 (340ka))  The Puketoka 
Formation comprises interfingering lenses 
of primary (ignimbrite – unwelded in the 
study area) and reworked rhyolitic 
sand/gravelly sand and silt.
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2.2 Tectonic Setting 
 
According to national seismic hazard model developed by Stirling et al. (2000) the Hamilton 
Lowlands are located in a Normal Faulting Seismotectonic Zone.  Based on NZS1170.5:2004 
the study area has a seismic Hazard Factor (Z = 0.18) approximately 140% of Auckland and 
45% of Wellington ie a low to moderate ground shaking hazard.   

3 SITE INVESTIGATION  
 
Each of the sites considered in this study have been investigated utilising both conventional 
large strain testing comprising Cone Penetrometer (CPT) and small strain tests comprising shear 
wave velocity measurements carried out downhole concurrent with CPT testing through the use 
of a seismic cone penetrometer (SCPT) test methods.  
 
4 CASE STUDY SITES 
 
4.1 Site 1 Unnamed Near Cambridge 
 
This site near to the town of Cambridge is underlain by a shallow ‘cap’ of alluvium/tephra 
around 1-2m deep (Post Oruanui), then underlain by sandy/gravelly Hinuera Fm, in turn 
underlain at a depth of around 22 to 30m by Walton SGp silts/sands/unwelded ignimbrite.

4.2 Site 2 Waikato Expressway  
 
Data from this project was collated from a number of sites, in particular the Tamahere, 
Cambridge and Ngaruawahia sections. Varying thicknesses of Hinuera Formation, underlain by 
Walton Subgroup are found along the alignment that extends from north of Hamilton to South 
of Cambridge. 

Fig 2 – Example Insitu Testing Results
 
 

Recent Interbedded Sands and Silts 

Walton SGp, Puketoka 
Fm Interbedded 
Tephra, Sands and Silts

Walton SGp, 
Unwelded Ignimbrite 

Walton SGp, Puketoka 
Fm Sands/unwelded 
ignimbrite?
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5 LIQUEFACTION ANALYSIS 
 
5.1 Assessment based on depositional environment and age 
 
Youd and Perkins (1978) prepared qualitative estimates of liquefaction susceptibility of soils by 
age of deposit based on field observations following earthquakes. According to their 
assessment, deposits < 500 years old generally have high to very high susceptibility. For older 
deposits, the susceptibility to liquefaction is generally moderate to high for Holocene age (< 
10,000 years) sediments, very low to low for Pleistocene age (10,000 to 1.8 million years) 
sediments. An initial assessment of liquefaction potential of the soils encountered in this study 
has been performed utilising inferred depositional environment and published age of the 
deposits. The indicated liquefaction resistance is presented in Table 1.  

Table 1:  Assessment Based on Depositional Environment and Age 
Deposit Inferred age of 

deposit
Depositional 
Environment

Liquefaction risk based  on 
SCDOT method

Holocene Alluvium 
(Post Oruanui Ash)

<17ka River channel and 
Floodplain

Very high to moderate (however 
unsaturated in study area)

Hinuera Fm 21Ka to 61Ka Floodplain and 
Alluvial fan

Low

Walton SGp 340Ka to 1.8Ma River channel and 
Floodplain

Low to very low

Based on the above assessment soils of the Hinuera Fm and Walton SGp could be generally 
expected to have a low susceptibility to liquefaction. 

5.2 Comparison of Semi Empirical Liquefaction Assessments 

Fig 3 – Example plots of FOSliq 

Assessment based on large strain testing

Analysis of liquefaction potential utilising 9 sets of CPT 
data was been carried out in accordance with the 
recommendations of researchers Idriss and Boulanger as 
published in EERI MNO-12 (2008). Fig 2 presents a plot 
of FOS vs depth for an example test location within 
Walton SGp soils (Hinuera absent at this location, Recent 
soils (top 6m) not shown for clarity

Assessment based on small strain testing

Analysis of liquefaction potential based on 9 
corresponding sets of SCPT data has been carried out in 
accordance with the recommendations of Youd and Idriss 
(2001) after Andrus and Stokoe (2000) who set a limiting 
upper value of Vs1 for cyclic liquefaction at 215 m/s for 
sands with fines content of up to 5%. Within this plot, 
and typically within other profiles analysed the 
normalised shear wave velocity is greater than the 
reference value (200-215 m/s depending on fines content) 
as indicated by arrowhead. 
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6 DISCUSSION 

The resistance of soils to cyclic shaking as experienced during an earthquake is commonly 
expressed as the Cyclic Resistance Ratio, CRR. Typically in engineering practice the CRR is 
estimated using the simplified procedure as proposed by Seed and Idriss (1971). The simplified 
procedure uses semi-empirical relationships for the CRR as a function of either the standard 
penetration test (SPT) ‘N’ value, the cone penetration test (CPT) qc, or the shear-wave velocity 
(Vs). A limitation of this approach is that the relationships are largely based on observed 
behavior of soils deposited < 3,000 years ago, Andrus et.al (2009). A further limitation of this 
approach is that the strains involved in the in-situ tests do not match that of the earthquake 
ground shaking causing liquefaction. SPT and CPT tests involve significantly higher levels of 
strain than earthquake shaking and pore pressure build up. Age related effects such as particle 
interlocking and bonding exist in the medium strain range; Hayati and Andrus (2008) and 
therefore may affect liquefaction resistance and shear wave velocity but not necessarily 
penetration resistance. Similarly it has been suggested that while pumice soils may exhibit 
similar medium strain properties to quartzose soils, Marks et.al (1998), large strain tests may 
underestimate soil strength (and hence liquefaction resistance) in soil containing a significant 
proportion of particles of low crushing resistance such as pumice; Wesley et.al (1998).

6.1 Pumice Effects 
 
The studies carried out to date on the liquefaction potential of pumice soils appear to have been 
carried out on soils with high concentration of crushable pumice particles. Testing carried out 
by researchers Marks (1998) and Wesley (1998) have been carried out on refined sands with 
near to 100% pumice particle content (Puni Sand). Based on visual logging of recovered 
samples the Hinuera Fm and Walton SGp, appear to have relatively low pumice concentrations 
at these sites and pumice effects are considered minor for the test results considered. 

Fig 4: MEVR, KDR &Age (y)

6.2 Aging Effects

A number of researchers have observed that 
liquefaction potential tended to decrease as age 
increased. Based on their observations the 
liquefaction susceptibility of sediments placed in the 
last hundred years are more susceptible to 
liquefaction than early Holocene sediments, that 
Pleistocene sediments are significantly more 
resistant. Pre-Pleistocene sediments are considered to 
present a low liquefaction risk.  Various relationships 
to account for soil aging have been suggested e.g. 
Leon et al., (2006), Monaco and Schmertmann 
(2007), Monaco and Marchetti, (2007) or Hayati and 
Andrus, (2009). The method proposed by Hayati and 
Andrus (2009) recognising that the divergence of 
large and small strain testing, represented as a
Measured to Estimated (shear wave) Velocity Ratio 
(MEVR), is indicative of increasing ‘aging’ effects.
This can be used to develop an age related 
liquefaction resistance factor (KDR) and an estimate 
of age in years. 
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Hayati and Andrus evaluated both laboratory and field correlations of with MEVR and 
recommended the following: 

KDR = 1.08 MEVR – 0.08  (1) 

They also suggested the following correlations of age (t) in years with MEVR 

MEVR = 0.082 log(t) + 0.935  (2) 

An example plot of MEVR, KDR and age is presented in Fig 4, Recent soils are not shown for 
clarity. 

6.2 Calculation of KDR 
 
While there is significant scatter in the MEVR between sites and within each layer a consistent 
pattern emerges of MEVR (and hence a KDR) of greater than 1.0, potentially indicating a 
consistent aging effect.  Analysis of the distribution of KDR values (plotted here normalized to 
allow comparison of Hinuera Fm and Walton SGp) indicates a KDR value for both of around 1.3 
to 1.4.

Fig 5: Plot of Normalised KDR
 

6.3 Comparison of isotope and estimated age
 
In order to evaluate the KDR estimated using the MEVR we have compared the indicated age to 
that established by Isotope testing as part of previous studies of the Hinuera Fm and Walton 
SGp Edbrooke (2005),. The inferred age of the deposits are compared to isotope derived age in 
Fig 6.

74



75

N
ew

 Z
ea

la
nd

 G
eo

te
ch

ni
ca

l S
oc

ie
ty

 In
c.

 1
9t

h 
S

ym
po

si
um

, Q
ue

en
st

ow
n 

20
13

S
E

IS
M

IC
 B

E
H

AV
IO

U
R

 –
 2

 
 
 

P.J. Clayton & J.T. Johnson (2013). 
Liquefaction resistance and possible aging effects in selected Pleistocene soils of the Upper North 

Island   
 

 

Fig 6: Plot of Normalised Age (y) 

In general the ages inferred from the MEVR correlation are generally less than that indicated 
from Isotope testing. The distribution of age indicated for the Hinuera Fm based on the MEVR 
method correlates moderately well with that determined by isotope testing, however the age 
indicated for the Walton SGp is generally significantly less than both the Isotope testing and 
that inferred from MEVR analysis for the Hinuera Fm. It is possible that the ages determined by 
correlation to MEVR may be less than that inferred by Isotope testing due to ‘resetting’ of the 
aging process in past liquefaction events.  
 
7 CONCLUSIONS 
 
A discrepancy was noted between liquefaction resistance determined using semi empirical 
methods based on large strain (CPT) testing and that determined using small strain Shear Wave 
Velocity (SCPT) based testing within soils of the Hinuera Fm and Walton SGp at two sites 
within the Waikato region.  

A number of researchers have suggested that penetrometer tests i.e. large strain tests may 
underestimate soil strength (and hence liquefaction resistance) in soil containing high pumice 
content. This factor is considered unlikely to be relevant as these deposits, at the sites discussed, 
have relatively low pumice contents. 

An alternative and in the authors opinion, more likely explanation, relates to the potential for 
particle interlocking and bonding to develop over time that are not discernable by large strain 
testing, but may be measured by small strain shear wave velocity testing. This aspect is of 
interest to the geotechnical designer as this effect may lead to unnecessary conservatism in the 
assessment of liquefaction risk. 

In order to evaluate the potential for age related increased liquefaction resistance in soils at the 
test sites Measured to Estimated Velocity Ratios (MEVR) were used to estimate Age related 
liquefaction resistance factor KDR and infer an age since deposition.  

While there is significant scatter in the data, our analyses appear to indicate age related 
liquefaction resistance within some Waikato soils. Based on analysis of MEVR a KDR value of 
around 1.3 to 1.4 appears potentially applicable for some Hinuera Fm and Walton SGp soils. 
Should this value be applied in analysis, the liquefaction potential of these soils will tend to 
increase to values more consistent with the liquefaction resistance suggested by the screening 
tools such as that proposed by Youd and Perkins (1978). 
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ABSTRACT 

Simplified procedures for evaluating liquefaction triggering potential use the nonlinear shear 
stress reduction factor, rd, to estimate the peak earthquake-induced cyclic shear stress within the 
soil strata. Previous studies have derived rd by considering the response of representative ground 
profiles subjected to input ground motions with a range of ground motion characteristics. In this 
study, site–specific rd for serviceability limit state (SLS) and ultimate limit state (ULS) design 
ground motions are developed using site response models of the Christchurch Central Business 
District (CBD). The site response models are generated for typical geologic conditions with 
shear wave velocity, VS, profiles developed from the results of multichannel analysis of surface 
waves (MASW) surveys conducted across Christchurch CBD. A total of 528 simulations were 
conducted using 1D nonlinear time domain site response analyses subjected a suite of input 
ground motions that are representative of controlling ground motion scenarios for seismic 
hazard of Christchurch. The results of the ground response analyses are used to determine 
Christchurch CBD-specific rd relationships for liquefaction triggering assessments.  The 
proposed relationships provide a better estimate of the cyclic stress ratios induced below 
Christchurch CBD when subjected to design SLS and ULS ground motions as compared to 
typical practice using generic liquefaction assessment methodologies. 

1 INTRODUCTION 

Simplified procedures for evaluating liquefaction triggering potential account for the interaction 
of earthquake ground motion and site response in the development of cyclic shear stress ratio, 
CSR, at a specific depth of interest using the shear stress reduction factor, rd. Following the 
original simplified method proposed by Seed and Idriss (1971), rd relates earthquake-induced 
cyclic shear stress for a deformable soil column, cyc, to the peak ground acceleration, PGA, and 
maximum cyclic stress for a rigid soil column, rigid, as:   

rd = τcyc,z/τrigid           (1) 

where  τcyc,z is the computed cyclic shear stress at depth z; and τrigid is equal to v∙PGA.

rd is a nonlinear function of soil stratigraphy, dynamic soil properties (eg. low strain shear 
modulus and soil damping), and input earthquake ground motion. Relationships for rd have 
evolved since the development of the simplified method. The two current widely used 
relationships, Idriss (1999) and Cetin and Seed (2004), were developed using site response 
analyses to determine CSR for a range of subsurface models and input ground motions. 
Although these generic rd relationships provide acceptable accuracy for most liquefaction 
triggering assessments, site-specific seismic ground response analyses are a more accurate 
method to assess rd and CSR induced by specific ground motions. However, site-specific 
analyses are often saved for projects of higher importance, generally because of cost 
considerations.   
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In Christchurch, current practice for assessment of liquefaction triggering uses magnitude-
weighted-design peak ground acceleration, PGA, with earthquake magnitude of M7.5 (MBIE, 
2012). This practice is appropriate for ensuring that PGA and duration weighting factor are 
compatible with the design seismic hazard, but does not accurately represent the seismic ground 
response because a) the Christchurch seismic hazard is dominated by ground motion scenarios 
with magnitude less than M7.5, b) the ground motions used to derive generic rd relationships do 
not necessarily  have spectral compatibility with Christchurch design seismic hazards, and c) the 
effect of local site conditions are not explicitly considered. The influence of these factors on 
CSR induced by earthquake shaking was explored in this study, and it was found that typical 
practice in Christchurch using magnitude-weighted-design PGA and M7.5 overpredicts the CSR 
on average by 15 percent when considering rd determined according to Idriss (1999), but is 
reasonable when using rd determined according to Cetin and Seed (2004).   

2 SITE RESPONSE MODELS 

Christchurch CBD is underlain by 20 to 30 m of interbedded coarse- and fine-grained alluvium, 
which overlies a sequence of very dense gravels that are several hundreds of meters thick 
(Brown and Weeber, 1992). The surficial geologic units comprise deposits of the Christchurch 
and Springston Formations.  These deposits are Holocene-aged alluvium and are relatively 
similar, comprising various mixtures of sand and silt; however, the Christchurch Formation was 
deposited in a coastal environment while the Springston Formation was deposited in a fluvial 
environment. A notable transition between Christchurch and Springston Formations occurs 
roughly between about 5 and 10 m below Christchurch CBD.  This interface is commonly 
marked by the presence of either dense sand and gravel or soft cohesive soil with various 
amounts of organics. The Christchurch and Springston Formations are separated from the 
uppermost gravel unit, known as the Riccarton Gravels, by soft silts and clays with various 
amounts of organics up to 5 m or more in thickness (Tonkin and Taylor, 2011).  

The general conditions described above are adopted for this study to create typical geologic 
profiles. Geologic Profile Types C, G, S, include a 4 m thick transition between Christchurch 
and Springston Formations comprising either clay, gravel, or sand, respectively. The transition 
is also modelled as occurring over 2 thinner layers in Profile Types CC, CG, CS, GC, GC, GS, 
SC, and SG, where the first letter designates the composition of the upper transition layer and 
the second letter designates the composition of the lower transition layer. Figure 1 summarizes 
the geologic models. 

Figure 1: Geologic site response models used in this study (A) Profile Types C, G, and S, 
and (B) Profiles Types CC, CG, CS, GG, GC, GS, SC, and SG 

78



79

N
ew

 Z
ea

la
nd

 G
eo

te
ch

ni
ca

l S
oc

ie
ty

 In
c.

 1
9t

h 
S

ym
po

si
um

, Q
ue

en
st

ow
n 

20
13

S
E

IS
M

IC
 B

E
H

AV
IO

U
R

 –
 2

Dismuke, J.N. (2013).   
Nonlinear shear stress reduction factor (rd) for Christchurch Central Business District 

VS profiles of Christchurch CBD were developed in order to estimate the low strain shear 
modulus, Gmax, for site response analyses. Development of VS profiles used the results of 
MASW surveys conducted for the Post-Canterbury Earthquakes response, which are available 
from the Canterbury Geotechnical Database (CERA, 2013). The extent of MASW survey is 
shown on Figure 2. Discretised MASW data was downloaded from the Canterbury Geotechnical 
Database (37,045 data in total) and grouped into 39 overlapping depth bins of varying thickness, 
each containing about 1,800 - 2,000 data. A lognormal distribution was fit to the VS data in each 
bin. The VS data, and computed median, ± 1 standard deviation, and ± 2 standard deviation VS
are plotted at the mean depth of each bin on Figure 3.  The standard deviation used to compute 
the smoothed profiles on Figure 3 was taken as a constant equal to ln(VS) of 0.3.  A constant 
value was used for simplicity, while providing a reasonable fit to the data.  The smoothed VS
profiles shown on Figure 3 can be programmed in a spreadsheet using Eq. 2:   

VS = exp (max (4.97, 0.570∙ln z + 3.98) + N∙0.3)      (2) 

where  the coefficient of 4.97 corresponds to median VS of 144 m/s near the ground surface; 
z is depth below ground surface in metres; and  
N is the number of standard deviations. 

Figure 2: Layout of MASW surveys conducted across Christchurch CBD 

Models for site response analyses were developed for typical geologic conditions using the VS
profiles determined in this study. The basis for assigning VS in the site response models is 
highlighted on Figure 4, where the VS profiles determined in this study are compared with VS
determined using correlation with CPT data (Robertson, 2009). As expected, a majority of the 
correlated VS fall within ± 1 standard deviation of the median values determined in this study.  
Clayey soil (assumed for CPT data with Ic greater than 2.6), is generally softer with VS between 
the median value and median -2 standard deviations; and gravelly soil (assumed for data with Ic
< 1.31), is generally denser with VS in the range of the median value to median +2 standard 
deviations.  These observations were adopted for seismic ground response analyses as follows: 

1. Median values of VS were used for the interbedded silt and sand alluvium;
2. +1 standard deviation VS values were used for upper gravels;  
3. -1 standard deviation VS values were used for upper clay and lower silt and clay; and 
4. Median values of VS were used for lower gravels.  
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Figure 3: VS data and smoothed VS profiles (A) Depth 0 to 10 m and (B) Depth 0 to 45 m 

Figure 4: Comparison of proposed VS profiles with VS determined using CPT correlation 

3 GROUND MOTIONS 

Ground motions for the site response analyses were selected to be representative of a) local 
Christchurch practice, b) the probabilistic ground motion hazard for Christchurch, and c) New
Zealand Standard NZS1170.5, “Structural Design Actions, Part 5: Earthquake actions – New 
Zealand.” Typical practice in Christchurch uses the recommended ground motions presented in 
MBIE (2012), which comprise PGA of 0.13 g for the SLS and 0.35 g for the ULS.  These 
ground motions are weighted to M7.5 and were developed for NZS1170.5 Site Class D.  
Although MBIE (2012) is a guidance document for residential projects, these ground motions 
are typically adopted for non-residential projects in Christchurch.  
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The probabilistic ground motion hazard for Christchurch is dominated by three earthquake 
scenarios: the ‘Local’ Scenario is a M5 – 5.5 earthquake at distance less than 20 km; the 
‘Foothills’ Scenario is a M6.9 – 7.4 earthquake at distance of less than 50 km, and the ‘Alpine 
Fault’ Scenario is a M8 earthquake at distance of 75 to 150 km (Stirling et al., 2007).  
Examination of the magnitude and distance deaggregation plot for the 475-year return period 
PGA (≈ ULS design ground motion for Christchurch indicates that the Local Scenario 
dominates the ULS hazard, with lesser contribution from the Foothills Scenario and marginal 
contribution from  the Alpine Fault Scenario.  The deaggreagation plot for the 25-year return 
period ground motion (≈ SLS design ground motion for Christchurch) is not available in Stirling 
et al. (2007); however the SLS hazard is assumed to be strongly biased toward the Local 
Scenario given the relatively low return period. Additionally, the Alpine Fault Scenario is 
assumed to be too rare to contribute significantly to the SLS hazard. 

Input ground motions for the site response analyses were selected to represent each of the three 
earthquake scenarios that contribute to the Christchurch CBD seismic hazard. The PEER 
Ground Motion Database (PEER, 2013) was queried to find input acceleration-time histories 
consistent with the spectral shape of NZS1170.5 Class A and B (rock) to ensure spectral 
compatibility over the periods of interest.  Preference was given to magnitude and distance 
combinations matching the three earthquake scenarios discussed above.  A total of 12 ground 
motion records were selected, corresponding to 4 records for each of the three scenarios. 

The selected ground motions were linearly scaled to be compatible with the non-weighted 
design SLS and ULS ground motions. As discussed, seismic hazard in Christchurch is codified 
as M7.5-weighted PGA.  In order to evaluate the effect of magnitude on rd, the magnitude 
weighting was removed by computing aggregate magnitude weighting factors for SLS and ULS 
separately using the PGAs and magnitude-weighted-PGAs presented in Stirling et al. (2007).  
The weighting factors and were applied in reverse to the SLS and ULS ground motions to 
remove the magnitude weighting. Table 1 summarizes the selected ground motions and linear 
scale factors. As shown on Figure 5, the selected ground motions cover the NZS1170.5 Class A 
and B response spectra over the periods of interest.  

Table 1:  Input ground motions 

Scenario Earthquake M Distance 
(km)

SLS
Scale Factor

ULS
Scale Factor 

Local Coyote Lake 5.74 6.1 1 2.85
Local Coalinga-04 5.18 <10 1 2.85
Local Whittier Narrows-02 5.27 <15 1 2.85
Local Sierra Madre 5.61 18.7 1 2.85
Foothills Loma Prieta 6.93 41.0 1 2.85
Foothills Northridge-01 6.69 31.5 1 2.85
Foothills Kocaeli, Turkey 7.51 32.4 1 2.85
Foothills Chi-Chi, Taiwan 7.62 42.7 1 2.85
Alpine Fault Kocaeli, Turkey 7.51 142.3 1 4.28
Alpine Fault Chi-Chi, Taiwan 7.62 94.8 1 4.28
Alpine Fault Denali, Alaska 7.90 141.3 1 4.28
Alpine Fault Denali, Alaska 7.90 127.0 1 4.28

4 SITE RESPONSE ANALYSES

Site response analyses were performed using the 1D nonlinear time domain site response 
analysis program DEEPSOIL (Hashash et al., 2012).  Both horizontal components of each of the 
12 ground motion records (24 acceleration-time histories) were run through the eleven models 
at the SLS and ULS scale factors summarized in Table 1 for a total of 528 simulations.   
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Figure 5: Summary of 5% damped horizontal acceleration response spectra for input 
ground motions for (A) Local Scenario, (B) Foothills Scenario, (C) Alpine Fault Scenario, 

and (D) comparison of all scenarios 

5 PROPOSED CHRISTCHURCH-CBD-SPECIFIC RD RELATIONSHIPS 

Christchurch-CBD-specific rd relationships were developed using the results of the nonlinear 
site response analyses described in this paper. rd was determined according to Eq. 1, and the 
computed rd are shown on Figure 6. Results from Local and Foothills Scenarios were used in 
determination of rd for the SLS case, rd,SLS. The Alpine fault scenario is assumed to be too rare 
to contribute significantly to the SLS seismic hazard, so results from Alpine fault analyses were 
not used in determination of rd,SLS. In contrast, results from all scenarios run at ULS were used 
in determination of rd for the ULS case, rd,ULS.  The proposed CBD-specific rd relationships were 
determined as the median rd computed for SLS and ULS input ground motions.  The proposed rd
(median values) have R2 of 0.82 and 0.78 for SLS and ULS, respectively. The proposed rd

relationships may be used directly in computation of CSR with magnitude-weighted PGA and 
can be programmed into a spreadsheet using Eqs. 3 and 4:   

rd,SLS =  -8.017E-08∙z6 + 5.729E-06∙z5 - 1.634E-04∙z4 + 2.345E-03∙z3    (3) 
- 1.637E-02∙z2 + 1.375E-02∙z + 1        

rd,ULS =  -4.475E-08∙z6 + 3.420E-06∙z5 - 1.082E-04∙z4 + 1.755E-03∙z3    (4) 
- 1.344E-02∙z2 + 9.049E-03∙z + 1       

Where z is depth below ground surface in metres. 

82



83

N
ew

 Z
ea

la
nd

 G
eo

te
ch

ni
ca

l S
oc

ie
ty

 In
c.

 1
9t

h 
S

ym
po

si
um

, Q
ue

en
st

ow
n 

20
13

S
E

IS
M

IC
 B

E
H

AV
IO

U
R

 –
 2

Dismuke, J.N. (2013).   
Nonlinear shear stress reduction factor (rd) for Christchurch Central Business District 

The rd relationship of Idriss (1999) and Cetin and Seed (2004) are shown on Figure 6 in 
comparison with the proposed CBD-specific rd relationships. The use of the M7.5 rd relationship 
of Idriss (1999) overpredicts the cyclic stress ratio on average by about 15 percent compared to 
the proposed CBD-specific rd relationships. The use of M7.5 and 0.13g PGA rd relationship of 
Cetin and Seed (2004) is reasonable for SLS, but using M7.5 and 0.35g PGA overpredicts the 
ULS CSR on average by about 5 percent compared to the proposed CBD-specific rd
relationships.  

Figure 6: rd computed for Christchurch CBD overlain with median and ± 1 standard 
deviation rd for (A) SLS input ground motions and (B) ULS input ground motions 

6 CONCLUSION 

The effect of seismic ground response in determination of CSR for simplified liquefaction 
triggering calculations can be approximated using the nonlinear shear stress reduction factor, rd.
Available generic relationships parameterize rd using earthquake magnitude, intensity of ground 
shaking, and site conditions. Current practice in Christchurch relies on magnitude-weighted-
design PGA and employs M7.5 for liquefaction triggering calculations.  This practice is 
appropriate for ensuring that PGA and duration weighting factor are compatible with the design 
seismic hazard, but does not accurately represent the seismic ground response because a) the 
Christchurch seismic hazard is dominated by ground motion scenarios with magnitude less than 
M7.5, b) the ground motions used to derive generic rd relationships do not necessarily have 
spectral compatibility with Christchurch design seismic hazards, and c) the effect of local site 
conditions are not explicitly considered. The influence of these factors on the peak cyclic shear 
stress induced by earthquake shaking and rd was explored in this study, and it was found that 
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typical practice in Christchurch using magnitude-weighted-design PGA and M7.5 overpredicts 
CSR on average by about 15 percent when considering rd determined according to Idriss (1999), 
but is reasonable when using rd determined according to Cetin and Seed (2004).  The proposed 
CBD-specific rd relationships provide an improved estimate of the nonlinear seismic ground 
response for evaluating CSR for liquefaction triggering analyses in Christchurch CBD, and can 
be used directly in liquefaction triggering assessments using magnitude-weighted-design PGA, 
in lieu of rd computed for M7.5. 
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ABSTRACT 

Following the Canterbury earthquakes, affected land was zoned to indicate the potential of 
future land damage due to liquefaction or lateral spreading under earthquake loading. In order to 
apply a corresponding zoning for unaffected land, as well as land in other provinces, a zoning 
system has been adopted for mapping purposes. In this way a guide to the appropriate level of 
site investigations that would be warranted for any particular development could be indicated on 
hazard maps for any district. In view of the implications of the events in Canterbury, 
Queenstown Lakes District Council commissioned a revision of liquefaction hazard maps 
covering their urban regions. This article addresses the developed zoning system, as well as its 
application within council. The zoning system is pragmatic and allows owners and developers 
to tailor investigations to the level of hazard presented. It could be readily applied to other areas 
of New Zealand, particularly those situated on recent normally consolidated sediments where 
subsurface information from liquefaction investigations is sparse.  To facilitate liquefaction 
assessment in such cases, a heavy duty dynamic probe (in common use in the UK) has  been  
adopted that allows testing in remote areas or where access is poor,  to depths of up to 25m, at 
somewhat lower mobilisation cost than the more traditional testing rigs  (CPT or SPT). 

1 INTRODUCTION 

Following the Canterbury earthquakes, affected land in the Christchurch area was zoned TC1-
TC3 to indicate the potential of future land damage due to liquefaction or lateral spreading. This 
paper describes a parallel liquefaction hazard zoning system developed for land not affected by 
the current liquefaction problems present in Canterbury.  Hazard zoning was commissioned by 
the Queenstown Lakes District Council (QLDC) to cover the major urban areas of the 
Queenstown Lakes District region.  The QLDC deemed the assessment necessary as it would 
provide a structured and clear method with which to address planning, development and 
consenting issues in the region. The assessment was completed in 2012.  

The hazard zoning system is based on the local site investigation database, Otago Regional 
Council groundwater data, and existing geological mapping.  The system was developed for use 
in the Queenstown –Lakes district, but may well be applicable in other areas of New Zealand, 
where subsurface information from ground investigations is sparse. 
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2 GEOLOGICAL SETTING OF THE QUEENSTOWN -LAKES DISTRICT 

Basement rock in the district is Otago Schist that has been tectonically uplifted over the past 10 
million years along regional faults and the Alpine Fault to the west.  Successive Pleistocene 
glacial advances have eroded the rising Southern Alps, depositing glacial till and outwash 
gravels in the Queenstown and Wanaka areas. During interglacial periods, and the post-glacial 
era, lake sediments of silt and sand have been deposited in lakes behind the terminal moraines.  
In the early post glacial period lake levels were different to those present today.  Lake 
Wakatipu, for example, was approximately 50m higher than its current level.  Lake sediments 
can therefore be found in elevated locations around the edges of the lakes, often in locations 
attractive for development.  Alluvial sediments have also accumulated in post glacial times, 
often in fans and deltas deposited in low lying areas and lake margins.   These young, normally 
consolidated materials, particularly the lake sediments, are considered most at risk of 
liquefaction during a major earthquake. 

3 SEISMIC HAZARDAND LIQUEFACTION EFFECTS 

Historically, most earthquakes affecting Queenstown and Wanaka have originated in Fiordland, 
with felt intensities typically up to MM6.   

The strongest shaking reported in the district in historic times appears to be as a result of  the 
1943 Lake Hawea earthquake, which subjected Wanaka to MM7 and Queenstown to MM6 
(Reyners, 2005).  In Wanaka “Practically no shop or house... escaped damage. Many articles 
were shaken from shelves, and bricks and mortar fell from chimneys “ Southland Daily News , 
10 May, 1943. 

There are no known reports of liquefaction effects or lateral spreading in the Queenstown  
Lakes District during this or any other historic earthquake. However, sand boils and lateral 
spreading were reported on the shoreline of Lake Te Anau to the west of the district during the 
2003 Fiordland earthquake, with a local felt intensity of MM7 (Hancox et al.,2003). This 
occurred in an area where fine grained lake sediments, similar to those around the shoreline of 
Lakes Wakatipu and Wanaka, are believed to be present beneath beach gravels. 

Queenstown and Wanaka lie about 80 km from the Alpine Fault that forms the Pacific- 
Australian plate boundary. Paleoseismic data indicate an average return period of about 300 
years for earthquakes on the fault, with the last event in 1717. A recent review of previous 
Alpine Fault studies has indicated a 30% probability of a major quake in the next 50 years,
likely to be up to Mw 8.1 (Berryman et al., 2012).  Felt intensities ranging from MM7 in the 
east to MM9 in the extreme west (Figure 1) would be expected. The main population centres of 
Queenstown and Wanaka lie between the MM7 and MM8 isoseismals. 
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Figure 1: Isoseismals, Magnitude Mw 8.0 on the Alpine Fault (from ORC report, 2004)

Earthquakes on local regional faults, such as the Nevis-Cardrona and Pisa Faults are considered 
capable of generating more intense shaking. However, they present a much lower seismic risk 
because of their long average assessed return periods, typically ranging from 5,000-20,000 
years. 

4 PREVIOUS LIQUEFACTION HAZARD MAPPING 

The first QLDC Natural Hazard Register maps to include liquefaction risk were printed in 2002.  
These A3 map books were an update of the original map series created in 1999.  As part II of 
the Hazards Register project, Opus was commissioned to collect and provide additional hazard 
information.  Woodward-Clyde (1998) provided the information on seismic hazards.   It was 
noted in the report that “The ground shaking hazard area has been mapped as merely the areas 
underlain by Quaternary sediments, without consideration of earthquake sources and 
amplification likely.” It further stated that “In the present form, the existing ground shaking 
hazard information in the Hazards Register is of limited use, without further study of the 
seismicity and ground shaking hazard.” Areas were categorised as ‘susceptible’ and ‘possibly 
susceptible’ to liquefaction.
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More recently the Otago Regional Council report on seismic risk in Otago (Opus, 2004)
categorised the liquefaction and settlement hazards as either ‘Possibly Susceptible’, ‘Low  
Susceptibility’ or ‘Not Susceptible’.  The latter maps were based essentially on geology, and 
appear conservative in the assessment of liquefaction hazard. 

5 NEW MAPPING PROGRAMME 

In 2012 QLDC commissioned a revision of liquefaction hazard information covering the urban 
areas of the Queenstown area, Wanaka, Glenorchy and Kingston, in view of the implications of 
events in Canterbury. 

QLDC now stores hazard related information in a Geographic Information System (GIS) and no 
longer produces hardcopy hazards maps. Hazards information is layered in a GIS viewing 
package available to QLDC staff and to the public via bespoke maps.  This allows the users to 
view information at any scale and to combine different layers of data together.  Below we can 
see the liquefaction risk layer which is a composite of Tonkin & Taylor Ltd (2012) data and 
Opus (2002) data.  Presenting this information in a GIS environment also allows council to 
attribute each risk polygon and store full metadata in the database.  This application is currently 
only available internally but is ultimately intended to be disseminated via QLDC’s public 
webmaps application. 

               Figure 2: Liquefaction risk map of the Queenstown area 

The chief difficulty for liquefaction hazard mapping in the district is the low density of cone 
penetrometer test (CPT) and standard penetrometer test (SPT) data in most of the QLDC region.  
Whilst extensive ground investigations have been completed in recent years, this information is 
often confined to isolated pockets, e.g. central Queenstown.  It was thus not possible to produce 
accurate hazard maps based purely on quantitative data, as has been possible in Christchurch 
where intensive CPT testing has been carried out to define zones TC1, TC2 & TC3.  
To deal with this issue, a parallel system for risk zoning in terms of Liquefaction Investigation 
Categories (LIC) as given below was devised based on geology and groundwater data.  For the 
key geological units of the district, liquefaction risk was assessed using grain size, material 
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properties and geological history, coupled with available CPT and SPT results and groundwater 
data.   Shaking intensities were based on those expected from an Alpine Fault earthquake. The 
liquefaction risk map of the Queenstown area is shown in Figure 2. 

The maps are intended to provide QLDC engineering and planning staff with a broad scale 
assessment of liquefaction risk, and a guide for both Council and developers in regard to 
appropriate requirements for liquefaction investigations depending on the respective LIC. The 
level of geotechnical professional input considered appropriate is specified for each category, 
and recommendations for probable foundation solutions are provided. Four Liquefaction 
Investigation Categories (LIC) were established, as shown in Table 1. 

LIC 1 covers areas where the liquefaction risk is considered nil to low based on reliable 
geological and groundwater data obtained in nearby ground investigations.  This category 
typically covers areas in which schist bedrock, and soils such as glacial till are present, or 
groundwater can reliably be proven to be at depth. 

LIC 1(P) covers areas where the liquefaction risk is probably low, however further 
investigations should be completed to provide confirmation. The level of investigations will 
vary depending on the site.  In lake foreshore areas this will require subsurface investigations to 
a depth below surficial beach gravels or alluvium to determine the presence or absence of 
potentially liquefiable lake deposits. In other areas it may be possible to analyse liquefaction 
risk without subsurface investigation from surface geology and existing groundwater data.  The 
level of investigation will be determined by the individual consultant who will need to be 
confident the geological model has been sufficiently defined. 

LIC 2(P) covers areas assessed to have a possibly moderate liquefaction risk (i.e. minor to 
moderate land damage).  LIC 2 (P) areas typically occur where there are young normally 
consolidated sediments (silts and sands), and the watertable is close to the ground surface.  The 
limited CPT and SPT data from similar sites and geological materials suggest a possible 
moderate liquefaction risk is present.  Deep subsurface investigations are required in accordance 
with the guidelines provided by the Department of Building and Housing (DBH).  

LIC 3(P) covers areas of young normally consolidated silts and sands with a high water table 
and a high liquefaction risk (i.e. moderate to significant land damage is expected) indicated for 
adjacent sites by CPT and SPT data.  This category is limited to a small area in central 
Queenstown. 

For each category there was a provision that if initial site investigations find evidence of 
potentially more adverse liquefaction conditions, investigation requirements are to be raised to 
the next category up, e.g. if saturated silts and sands are found in a LIC 1(P) zone, it will then 
need to be investigated  as for LIC 2(P). 

6 COUNCIL PERSPECTIVE 

The QLDC has developed ‘guidelines for investigation and reporting of liquefaction hazard’ 
based on the recommendations of Tonkin & Taylor Ltd. Table 4specifies the workflow required 
when the site (or part thereof) is shown as being in any category other than LIC 1. Workflows 
exist for Subdivisions and Boundary adjustments, and land use consents activities.  Information 
is also provided and mapped as part of the LIM process as is required in the Local Government 
and Official Information and Meetings Act 1987. 
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7 LIMITATIONS  

The accuracy of the mapping is limited by the availability of actual ground investigation data.  
The ground investigation data that are available were often obtained in discrete locations and 
was not always obtained specifically for the purposes of liquefaction work.  A certain level of 
extrapolation was therefore required when determining the extent of each category.  It is 
therefore possible that areas at risk of liquefaction exist outside the mapped areas, and the 
mapped areas may be subject to change of category if future ground investigation data become 
available.   Regular upgrading of the maps could be completed using newly acquired site 
investigation information.  Alternatively, in key or problematic areas, specific ground 
investigations could be completed specifically to improve mapping accuracy. 

8 DYNAMIC PENETROMETER 

In the Queenstown Lakes District deep liquefaction investigations in LIC 2(P) and LIC 3(P) 
zones have been typically carried out using SPT and CPT equipment, however  the cost is high, 
particularly for individual residential buildings, and rig availability is frequently an issue for 
Otago and Southland sites.  A quicker and lower cost alternative is the use of the Dynamic Cone 
Penetrometer (DCP).  Costs to complete an isolated investigation hole using a DCP would 
typically be between 10 and 20% of that expected for a traditional borehole with SPT testing.  
The DCP uses a falling weight to advance a rod into the ground and blow counts per 100mm 
advancement are recorded.  The blow counts can be quickly converted to an equivalent SPT 
N300 value.  The DCP is light and portable, and can be used in areas where access is difficult for 
larger machinery with minimum surface disturbance. 

The DCP can test to maximum depths of 25m, depending on the ground conditions, and a 
piezometer can usually be installed in the finished hole.   

Figure 3: Dynamic Penetrometer 
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9 DISCUSSION 

In general, the liquefaction risk in the QLDC district is considered significantly lower than that 
of Christchurch. A small area in the Queenstown CBD underlain by very loose-loose post-
glacial lake sediments with low SPT/CPT test results is the area of greatest concern. Much of 
the potential liquefaction risk in the district is associated with young, normally consolidated 
sediments comprising silts and sands. 

The hazard zoning system provides an initial assessment of liquefaction risk and a guide to 
appropriate investigation requirements for urban development, and is thus a useful risk 
management and planning tool. The system may well have application to other regions of New 
Zealand, particularly those with recent, normally consolidated saturated sediments, where 
subsurface liquefaction investigation data is sparse.  

10 CONCLUSIONS 

Prior to 2012, QLDC’s Hazards Register was based on data derived from a desktop study of the 
underlying geology.  The result was generally an over-conservative view of the liquefaction risk 
in the district.  With increased public awareness of natural hazards and the considerable costs 
being incurred during the subdivision and land use consent process, QLDC required better 
information about liquefaction risk and geotechnical investigation requirements for assessing 
liquefaction risk across the district. Liquefaction risk zoning of the Queenstown urban area has 
been undertaken and Guidelines have been developed for undertaking geotechnical 
investigations to assess liquefaction risks that are dependent on where the site is located. The 
Guidelines are  pragmatic and provide value for money for ratepayers. The system provides 
much greater certainty for owners and developers who can tailor investigations to the expected 
level of liquefaction risk and provides clarity to council planners in their dealings with 
developers and owners of land potentially at risk. 
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The importance of accurate pore water pressure measurements when 
conducting CPTu as exemplified using data collected in Christchurch 
following the Canterbury earthquake sequence 
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Keywords: CPTu, pore water pressure, liquefaction analysis, Canterbury earthquake sequence 

ABSTRACT 

Piezocone penetration testing (CPTu) is a widely used investigation method for geotechnical 
analysis and liquefaction assessments. In addition to recording tip resistance (qc) and sleeve 
friction (fs), pore water pressure (u) is measured by a pressure transducer via a porous filter 
commonly located behind the cone tip.  In this paper, data collected in Christchurch following 
the 2010-2011 Canterbury earthquake sequence is used to exemplify the variable quality of 
CPTu data, focusing on pore pressure response. It has been found that if the probe is not 
properly maintained or prepared prior to testing, it can have undesirable effects on the measured 
CPTu data.  A skilled operator could improve the quality of the CPTu sounding by monitoring 
the data and pausing the test to verify the pore pressure response. With accurately measured 
pore pressure response, dissipation tests can be conducted during CPTu. Dissipation tests can 
provide important geotechnical parameters such as ground water level and soil permeability. 
Accurate pore water pressure data can improve liquefaction analysis results by providing a 
representative groundwater level and providing a mean for a more accurate estimation of 
liquefiable layer thickness. Inaccurate pore pressure response during CPTu sounding can lead to 
incorrect interpretation of the data when describing soil behavior, especially for fine grained 
soils such as those found in Christchurch. Quality control is important when conducting CPTu 
to assure accurate pore pressure response recordings and effective dissipation testing. 

1 INTRODUCTION 

The Piezocone penetration test (CPTu) has become a popular in-situ test for site investigations, 
liquefaction analysis and foundation design in Christchurch, following the 2010-2011 
Canterbury earthquake sequence. In addition to recording tip resistance (qc) and sleeve friction 
(fs), pore water pressure (u) is measured by a pressure transducer via a porous filter commonly 
located behind the cone tip. CPTu data can provide important geotechnical parameters. This 
paper discusses factors which hinder the quality of pore pressure data, and suggests ways to 
remediate them. The aim of this paper is to demonstrate the importance of pore water pressure 
data in distinguishing between soil behaviour types, for liquefaction analysis, and the effect of 
poorly collected porewater pressure data on geotechnical analysis.

Following the 2010-2011 Canterbury Earthquake Sequence, the Ministry of Business, 
Innovation and Employment (MBIE) released guidelines titled “Guidance: Repairing and 
rebuilding houses affected by the Canterbury earthquakes”. These guidelines are used by 
geotechnical engineers to investigate ground conditions for rebuilding and repairing all sites 
zoned residential in the greater Christchurch area. The guidelines promote CPTu as the 
preferred ground investigation method, where conditions permit. This has resulted in thousands 
of CPTu in the greater Christchurch area since 2010.  
 
The advantage of using CPTu is that the high resolution of the data can detect layers in the scale 
of tens of centimetres. This is particularly useful in Christchurch, which is known to be 
underlain by a series of inter-bedded coarse and fine grained sedimentary deposits (Forsyth et al 
2008). Geotechnical parameters, such as soil behaviour type (SBT) and liquefaction potential 
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index (LPI), change both horizontally and vertically showing a significant variability at the 
scale of metres. CPTu may be applied to a variety of soil types but for sites with increased 
gravel content or gravel layers, the probe may not be able to penetrate with the potential to 
damage the cone. It is common practice in Christchurch to conduct piezocone tests up to a 
specific target depth or until probe refusal, which is generally at the underlying gravel layers or 
dense to very dense sands. CPTu may be performed in soft soils following drill-out through a
gravel layer, but more commonly, borehole drilling with standard penetration tests is used for 
estimating the strength and the density beneath impenetrable gravel layers. 

2 FACTORS AFFECTING THE COLLECTION OF PORE WATER PRESSURE 
DATA 

 
In Christchurch, several tests have been performed and although tip resistance and sleeve 
friction results are consistent and more or less comparable, pore water pressure is often not. This 
disparity may be attributed to a number of factors, some of which are described in the following 
sections. 
 
2.1 Insufficient or Improper Maintenance of Equipment 
 
There are many companies that manufacture CPTu equipment, each with their own 
specifications. It is important for the CPTu operator to understand the limits of their equipment, 
so that they can obtain high quality data.  Regular maintenance is important for data accuracy, 
and includes properly cleaning the probe after each use, inspection for wear and lubrication of 
the seals. The probe’s electronic parts can be damaged from exposure to water if worn seals are 
not replaced, which could result in a seemingly functioning probe collecting inaccurate data. 

A transducer in the probe measures the pore water pressure through a porous filter. If the porous 
filter is damaged, it can change the pore water pressure response and reduce data quality. Due to 
the varying amounts of fine and granular soils in Christchurch, it is common practice to use the 
robust sintered metal porous filters, rather than the more fragile plastic or ceramic filters. The 
sintered metal porous filters can be reused but must be inspected regularly for damage by the 
CPTu operator (see Figure 1). Over time, the metal may “smear” and become less porous as it is 
pushed through abrasive soils. It may also become more porous if dented by gravel. After each 
sounding, the porous filters must be inspected for damage by the operator, deemed reusable or 
not, and if reusable, must be cleaned in an ultrasonic device, saturated and stored in an 
appropriate saturation fluid such as glycerine.  

 
 

Figure 1: Wear on porous filters. From left to right: a new porous filter, a worn filter 
which may be reusable at the discretion of the operator and an unusable worn filter. 

 
 
2.2 Improperly Saturated Pore Water Pressure System 
 
The pore water pressure system on the CPTu probe must be properly saturated prior to testing. 
Entrapped air in the system can slow the pore water pressure response. An effective way to 
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saturate the system is to prepare the probe in a cup of warm glycerine. The porous stone should 
be stored in cold glycerine and then transferred to the cup with the probe, along with the conical 
tip. The operator should inspect the components to make sure they are free of air bubbles. Once 
all components are submerged in glycerine, the probe can be screwed together. Between each 
sounding, the probe must be cleaned and prepared again using a fresh saturated porous filter.  

2.3 Cavitation 
 
Cavitation occurs when the pore pressure system is exposed to air, or when it is subjected to 
extreme negative pore water pressure values during testing. It can be due to an improperly 
saturated pore water pressure system, or when pushed through a dilatant soil without stopping in 
order to allow the negative pore pressure to recover to hydrostatic equilibrium. When cavitation 
occurs, air bubbles are formed in the fluid, which produces a slower pore water pressure 
response. This can occur in dilatant soils, such as dense granular sands or fine grained clay-like 
cohesive soils. It is possible to avoid cavitation by momentarily pausing penetration and 
allowing the system to recover from the extreme negative pore water pressure. 

2.4 Lack of Dissipation Tests 
 
During testing, it is recommended to stop pushing at least once to allow the pore water pressure 
to recover to the hydrostatic equilibrium pressure at the stopped depth by performing dissipation 
tests. During testing in soils that are relatively undrained, pore water pressure fluctuates from 
the hydrostatic equilibrium pressure, and it may be difficult to identify the true hydrostatic 
gradient without any dissipation tests. The rate at which excess pore water pressure dissipates 
can provide useful geotechnical parameters, such as soil permeability (k) and coefficient of
horizontal consolidation (ch). Noting the depth at which a test was conducted together with the 
final equilibrium pore water pressure allows for the calculation of an accurate groundwater level
(see Section 4.1 for discussion on the importance of groundwater level in liquefaction analysis).

2.5 Operator Skills 
 
It has been found that skilled operators with some knowledge of soil mechanics can help avoid 
the issues mentioned above. An operator with a better understanding of the recordings during 
testing could identify malfunctions in the equipment, erroneous data, depths where a dissipation 
test should performed, or where a simple pause of thrust should be done to allow pore water 
pressure to recover back to equilibrium. A skilled operator will properly maintain and setup the 
CPTu equipment in order to provide accurate and repeatable data. To avoid misinterpretation of 
CPTu results at a later stage, it is important to mitigate these issues during testing. 

3 EFFECTS OF INACCURATE PORE WATER PRESSSURE MEASUREMENT 
 
Several CPTu results in similar soil formations, conducted after the 2010-2011 Canterbury 
earthquake sequence, were used and compared in order to demonstrate how the factors 
discussed in Section 2 affect the recorded pore water pressure. In each pair of results, the tests 
have been conducted by different contractors and within a distance of 50 m from each other. 
Cone resistance and sleeve friction traces were comparable in each pair of tests, suggesting that 
the soil conditions were similar. It would be expected that the pore water response should also 
be similar, however significant variation was observed. It is proposed that these differences are 
due to improperly saturated pore water pressure systems with a resulted cavitation effect, a 
slower pore water response and the lack of pauses during sounding.  
 
3.1 The Effects of Cavitation 
 
Once cavitation has occurred, subsequently collected pore water pressure data is compromised 
and is likely to have unrealistically high negative values.  
Figure 2 illustrates pore water pressure data from two different test locations in Woolston, 
Christchurch, separated by 25 m. For the trace on the left, the pore water pressure response was 
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instantaneous, facilitating an accurate interpretation of the soil behaviour. A dilatant layer was 
encountered from approximately 1 m to 4 m below ground level (bgl). Between 4 m and 6 m 
bgl, the pressure started recovering to the hydrostatic pressure, and the test was paused at least 
twice to prevent cavitation and to allow for pore water pressure to recover. Between 6 m and 13 
m bgl, there was relatively free draining soil where the pore water pressure remained mostly 
around the hydrostatic equilibrium. The record on the right represents a poorly collected data 
and does not provide an accurate representation of the pore water pressure response. The test 
was not paused to allow for pore water pressure recovery from the extreme negative values 
encountered in the dilatant layer near surface. In the relatively free draining layer between 6 and 
13 m bgl, the trace on the right shows a slow recovery of the pore water pressure, but never 
actually reaching the hydrostatic line, which is an indication that cavitation has occurred.  

               
 (a) (b) 

Figure 2: Pore water pressure (MPa) traces for two sites shown to 20 m bgl depth. (a) an 
accurate trace of pore water pressure response and (b) a trace of record with cavitation 

effects. 

 
3.2 Sluggish Pore Water Pressure Response
 
When the pore water pressure response is slow to change, it is referred to as a sluggish pore 
water pressure response. This is usually due to an improperly saturated pore water pressure 
system that contains some air. The effect on the test may not be as significant as with cavitation, 
but the quality of the data is still compromised. 

Figure 3 illustrates pore water pressure data from two piezocone cone penetration tests, 
separated by 1 m in New Brighton, Christchurch. The results shown on the left illustrate a
properly saturated system. At 4 m bgl a dilatant band is encountered where an instantaneous 
drop in pore water pressure is visible. As expected, once the probe penetrated the layer and 
encountered relatively free draining soil, pore water pressure recovers until and following the 
hydrostatic gradient from approximately 6 to 14 m bgl. In the trace on the right, the same 
dilatant soil layer is encountered at approximately 4 m bgl. The transition into and out of that 
layer is sluggish, suggesting that the probe has not been properly prepared prior to testing. 
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 (a) (b) 

Figure 3: Pore water pressure (MPa) traces for two sites shown to 20 m bgl depth. (a) an 
accurate trace of pore water pressure response, and (b) an example of sluggish pore water 

pressure response.

3.3 Lack of Hydrostatic Equilibrium Reference Point 
 
In a relatively free draining soil, pore water pressure trace will follow the hydrostatic line. Upon 
entry in a relatively undrained soil, the pore water pressure may fluctuate from the hydrostatic 
gradient (see Section 2.4). A penetration rate of 20 mm/s is usually appropriate to allow for the 
pore water pressure to equilibrate to hydrostatic equilibrium upon entry into a free draining soil.  

Figure 4 shows pore water pressure data from two CPTu separated by 50 m in Edgeware, 
Christchurch.  The trace on the left is the result of a properly saturated system, with dissipation 
testing conducted at 7 m bgl and 13 m bgl. The hydrostatic gradient can be identified on the 
trace from approximately 8 to 15 m bgl. The dissipation tests conducted provide the hydrostatic 
pressure at the tested depths, which confirms the location of the hydrostatic gradient. An 
accurate groundwater level and / or soil permeability can be interpreted from this data. The trace 
on the right does not appear to follow the hydrostatic gradient and the data was presented 
without any evidence of dissipation tests having been conducted.  
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exemplified using data collected in Christchurch following the Canterbury earthquake sequence  
 

                     
(a) (b) 

Figure 4: Pore water pressure (MPa) records for two sites shown to 20 m bgl depth. (a) an 
accurate trace of pore water pressure response, with a reference to the hydrostatic line, 

and (b) data without a dissipation test and the equilibrium gradient cannot be identified. 

4 CONSEQUENCES OF INACCURATE PORE WATER PRESSURE 
MEASUREMENTS ON GEOTECHNICAL ANALYSIS  

 
The following sections describe why accurate measurements and results of pore water pressure 
are important for geotechnical evaluation and analysis.

4.1 Pore Water Pressure Data in Liquefaction Analysis 
 

A representative groundwater level is required for liquefaction analysis. This can be determined 
by using good quality pore water pressure data, by providing the hydrostatic equilibrium 
pressure at certain depths, as discussed previously in Section 3.3. The groundwater level 
determined from the piezocone tests can be used together with the seasonal fluctuation data in 
order to select a representative groundwater level for liquefaction analysis purposes. 

Quality pore water pressure data can be used to identify layers with different soil behaviours. 
Figure 6 illustrates the CPTu data from a site in Edgeware, Christchurch. The transition zones 
when the probe enters different soil layers (e.g. 10 m and 12 m bgl) are gradual in the cone 
resistance and friction sleeve data. This is an expected response from the probe, as the conical
tip “feels” the change in resistance in advance before actually penetrating it, while the 10 cm 
friction sleeve is too long to pick up intricacies in the soil column. The pore water pressure 
response, however, is instantaneous when entering different soil types provided the probe is 
maintained, properly prepared and the sounding is correctly supervised. These sharp changes in 
the pore water pressure response may help in identifying contacts between soil types and thin 
soil layers. This could be a useful analysis tool when evaluating and estimating the liquefaction 
potential, in order to better understand when a transition zone correction is required. Volumetric 
strain rates calculated during liquefaction analysis may be applied over the actual thickness of 
the liquefiable layer, and can be better estimated using the pore water pressure response, rather 
than the gradual transitions in the cone resistance and sleeve friction values.  
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Figure 5: From left to right: cone resistance (MPa), sleeve friction (MPa), pore water 
pressure (MPa) traces for a site shown to 20 m bgl depth. 

 
4.2 Pore Water Pressure Data and Soil Behaviour Type 
 
Accurate identification of soil behaviour is important for liquefaction analysis and foundation 
design in geotechnical evaluation process. When a piezocone penetration test is conducted in 
Christchurch, it is not a common practise to extract soil samples for laboratory testing, and 
estimation of the soil type. Therefore, piezocone data is essential and used to provide insight 
into the soil behaviour type. Using the proposed soil behaviour type chart as defined by 
Robertson (1990, Figure 6), most of the soils encountered in Christchurch fall into categories 4
and 5 of silt and sand mixtures. The soils that fall in these categories can exhibit either dilative 
or contractive behaviour, and drained or undrained behaviour (Robertson 2012).  

A study by Bol (2013) shows that pore water pressure data can be used to differentiate soil 
behaviour in fine grained soils. The new parameter proposed by Bol, which uses the rate of 
change in pore water pressure to adjust the Robertson & Wride (1998) soil behaviour type 
model, could be applied in Christchurch to differentiate the soils plotted in zones 4 and 5 above, 
using credible pore water pressure data. A parameter such as the one described by Bol could aid 
in the accurate identification of soil behaviour when differentiating soil behaviour using only tip 
resistance and sleeve friction is problematic.  
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Figure 6 Approximate boundaries between dilative-contractive behaviour and drained 
undrained CPTu response (after Robertson 2012). The majority of soils in Christchurch 

plot in zones 4 and 5. 

5 CONCLUSIONS 

With qualified and well trained CPT operators, it is possible to achieve repeatable high quality 
pore pressure data by doing the following:  

 Properly maintaining equipment 
 Properly saturating the pore water pressure system before each test 
 Conducting dissipation tests 
 Preventing cavitation of the pore water pressure system 

Erroneous or unusual data must be identified in the field, before or during testing, and mitigated 
appropriately. Inaccurate data cannot always be identified by the geotechnical engineer and an 
initial interpretation during testing is essential to assure that the data provided is of high quality.
Accurate pore water pressure data can improve liquefaction analysis by providing a 
representative groundwater level during testing and determining more accurate the liquefaction 
potential. Inaccurate pore pressure response during piezocone testing (CPTu) can lead to 
incorrect interpretation of the data when describing soil behavior, especially for fine grained 
soils such as those found in Christchurch.
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ABSTRACT 
 

In pseudo-static analysis, the Mononobe-Okabe (M-O) solution is typically applied to determine 
seismic earth pressures acting on retaining walls where resulting displacements are relatively 

large.  These equations require the input of a horizontal seismic coefficient which is frequently 

chosen to be equivalent to the free-field Peak Ground Acceleration (PGA).  Recent work by 
Anderson et al. (2008) and Al Atik & Sitar (2008, 2010) have highlighted the conservatism of 

derived earth pressures when applying PGA to the M-O method. 

 

Based on dynamic numerical analysis using US-centric time histories, Anderson et al. (2008) 
described the effects of wave-scattering and propose height-dependent scaling factors to reduce 

PGA to derive earth pressures.  Al Atik & Sitar (2010) studied earth pressure responses on 

cantilever walls using centrifuge model testing and numerical analysis based on a number of 
different acceleration time histories.  They propose amongst other recommendations that for 

both stiff and flexible walls, using 65% of the PGA with the M-O method provide a good 

agreement with measured and calculated pressures. 
  

This paper describes the analysis of cantilever retaining walls using deconvoluted acceleration 

traces of 7 acceleration time histories appropriate for the shallow soils (Class C, NZS 

1170.5:2004) of parts of the North Island (North A, Oyarzo-Vera et al., 2012) of New Zealand.  
Results of numerical analyses for cantilever walls using Quake/W & Sigma/W 2012, based on 

these deconvoluted traces, are presented.  The calculated seismic earth pressures are compared 

to the M-O method.  It is shown that where maximum outward wall displacements at the top of 
the wall fall between ~0.7% – 5% of the exposed wall height, calculated maximum dynamic 

active forces (PAE) had a reasonable match against M-O derived forces based on a seismic 

coefficient equal to 65% of the free-field PGA up to 0.3g.  When free-field PGA exceeds 0.3g, 

the analyses suggest that M-O derived forces based on 65% of free-field PGA over-predict 
PAE.  It is noted that these are geographic- and soil-specific recommendations, based on a 

modelled wall height of 3m. 

 
1 INTRODUCTION 
 

The determination of seismic earth pressures acting against retaining walls is a complex soil-
structure interaction problem.  Factors which affect these earth pressures include the nature of 

the input motions (including amplitude, frequency, directivity and duration), the response of the 

soil behind & underlying the wall, and the characteristics of the wall (including the strength and 

bending stiffness).  One approach to determining the magnitude and distribution of earth 
pressure acting on a retaining wall is to consider the magnitude of permanent wall 

displacements that will occur as a result of combined gravity and earthquake earth pressures 

acting on the wall.  This process is iterative with the underlying logic being that a wall which 
does not yield will provide a significant reaction to soil inertial loads with correspondingly large 

earth pressures.  Conversely, a wall that is relatively flexible will provide a reduced reaction to 

soil inertial loads.   

 
The Mononobe-Okabe (M-O) solution (Okabe, 1926 and Mononobe & Matsuo, 1929), assumes 

that sufficient wall movement will occur to allow active conditions to develop, provides a 
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convenient method of determining seismic earth pressures acting on retaining walls.  Various 

publications differ on the magnitude of outward wall deformations (h) to allow the use of the 

M-O solution.  These are expressed as ratios of h to the exposed wall height (H); h/H.  The 
range of h/H, which the M-O solution is said to apply, varies from h/H > 0.1% (Greek 

Regulatory Guide E39/93) to h/H > 0.5% (Wood & Elms, 1990).  The amount of soil shear 

strains that need to develop before active soil conditions are reached have been quoted by 

Steedman (1997) based on Bolton (1991) indicating that some 90% of active conditions are 
reached by outward movements as small as h/H of 0.1% in dense sands, and somewhat more 

in looser sands.  

 
There are differing views as to whether the application of free-field PGA in the M-O solution 

results in smaller unconservative (Green et al., 2003), reasonably matching (e.g., Seed & 

Whitman, 1970 and Steedman & Zeng, 1990) or larger conservative estimates of dynamic earth 

pressures (Gazetas et al., 2004, Psarropoulos et al., 2005, Anderson et al., 2008 and Al Atik & 
Sitar, 2010).  

 

Anderson et al. (2008) described the effects of wave-scattering and propose height-dependent 
scaling factors to reduce free-field PGAs to be used in M-O solutions for deriving earth 

pressures.  They use US-centric acceleration motions and demonstrate differences in these 

scaling factors as a function of location within the United States (Western, Central or Eastern 
US).  Using centrifuge model testing and numerical analysis of cantilever walls, Al Atik & Sitar 

propose amongst other recommendations that for both stiff and flexible walls, using 65% of the 

PGA with the M-O method provides a good agreement with measured and calculated pressures.  

As the seismic events used by the above authors have unique seismic signatures which may not 
apply to New Zealand, it was decided to carry out dynamic numerical analyses based on 

acceleration records applicable to New Zealand.  

 
2 SELECTION OF GROUND MOTIONS 
   

Based on the recommendation of McVerry (Personal communication, 2012), ground motion 

records suitable for shallow soils (Class C) in Zone North A (Table 1 and Figure 1 from 

Oyarzo-Vera et al., 2012) were used for dynamic analyses.   

 

 
Figure 1 – Seismic hazard zonation for North Island of New Zealand proposed for the 

selection of suites of ground-motion records (Oyarzo-Vera et al., 2012) 

 

Characteristics of seismic motions (including PGA, frequency content, directivity and duration) 

are known to influence the response of soil and acceleration time-records selected by Oyarzo-
Vera et al., (2012) meet the criteria in NZS 1170:2004:-  
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“actual records that have a seismological signature (i.e., magnitude, source characteristic 

(including fault mechanism), and source-to-site distance) the same as (or reasonably consistent 

with) the signature of the events that significantly contributed to the target design spectra of the 

site over the period range of interest.  The ground motion is to have been recorded by an 

instrument located at a site, the soil conditions of which are the same as (or reasonably 

consistent with) the soil conditions at the site.”   
 

2.1 Deconvolution of Acceleration-time records 
 
The acceleration-time histories are ground surface motions (referred to as Acc1, Figure 2).  As 

the acceleration in the numerical model needs to be input at the base of the model, time histories 

were deconvoluted (e.g., Meija & Dawson, 2006) based on one-dimensional (1D) equivalent 

linear analyses using STRATA (2013).  The deconvoluted signals at the base of the one-
dimensional (1D) column (Acc2) were subsequently applied at the base of a two-dimensional 

(2D) numerical model in Quake/W and transmitted accelerations at the ground surface 

corresponding to the free-field (Acc3) were subsequently compared against the original ground 
motion (Acc1, Figure 2).  Although there are some differences in the cyclic peaks, both surface 

acceleration time-histories and acceleration spectra were found to be comparable (Figure 3 and 

Figure 4). This therefore confirmed the appropriateness of the 2D Quake/W model as far as the 
free field ground motion at depth is concerned. 

 

 

 
 

Figure 2 – 1D Seismic deconvolution and appropriateness of 2D numerical model 

accelerations  
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Figure 3 – a) Original ground acceleration time history (Acc1) for the Delta, Imperial 
Valley record scaled to 0.206g and b) Comparison between Acc1 and 2D numerical model 

ground acceleration time history (Acc3) for a time period between 10sec and 20sec 

 
Figure 4 – Comparison between original ground acceleration spectra (Acc1) and 2D 
numerical model ground acceleration spectra (Acc3) for 5% damping  

 
3 NUMERICAL MODELLING 
 

In order to simulate Class C shallow soil conditions, a 10m deep layer of firm to stiff clay was 

modelled overlying bedrock.  A 3m high cantilever retaining wall supporting compacted 
granular backfill was modelled.  Acceleration histories from Table 1 were amplitude-scaled (by 

multiplying accelerations in a given trace by a constant multiplier) and deconvoluted using 
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STRATA based on a 10m thick soil layer to emulate site conditions prior to any retaining wall 

construction.  The deconvoluted histories were subsequently applied at the base of a 2D  

Quake/W model (Figure 5).  This enabled acceleration time-histories to retain seismic frequency 
characteristics and allowed a range of free-field PGAs to be developed.  Free-field PGAs at the 

top of the granular backfill were determined and used in subsequent M-O calculations.  

 

 
Figure 5 – 2D model set-up in GeoStudio 2012 (Sigma/W & Quake/W) 

Table 2 – Summary of soil properties used in Strata and Quake/W & Sigma/W 
 

Layer # Layer* Elevation 

(m) 

su 

(kPa) 

’ 

(deg) 

c’ 

(kPa) 

 
(-) 

 
(kN/m3) 

ko 

(-) 

1 EMB1 12.5 - 38 0 0.3 19 0.384 
2 EMB2 11.5 - 38 0 0.3 19 0.384 
3 EMB3 10.5 - 38 0 0.3 19 0.384 
4 FC1 9.5 42 - - 0.49 18 1.000 
5 FC2 8.5 46 - - 0.49 18 1.000 
6 FC3 7.5 50 - - 0.49 18 1.000 
7 FC4 6.5 54 - - 0.49 18 1.000 
8 FC5 5.5 58 - - 0.49 18 1.000 
9 FC6 4.5 62 - - 0.49 18 1.000 

10 FC7 3.5 66 - - 0.49 18 1.000 
11 FC8 2.5 70 - - 0.49 18 1.000 
12 FC9 1.5 74 - - 0.49 18 1.000 
13 FC10 0.5 78 - - 0.49 18 1.000 

* EMB: Embankment, FC: Firm to Stiff Clay 

 
The values for Maximum Shear Modulus (Gmax) were based on shear wave velocity values 

obtained following the method by Ohta & Goto (1978). Variations in Gma x are plotted in Figure 

6.  Damping ratios and G/Gmax values were derived from Idriss (1990) and are plotted in Figure 

7.  The undrained shear strengths, su, for Firm to Stiff Clay (FC) were selected to vary between 
42kPa to 78kPa. The 10m thick FC layer was modelled as 10 one metre thick layers with 

constant properties within each 1m thick layer.  All soil parameters are presented in Table 2. 

 
The 3m high cantilever retaining wall comprising 750mm diameter concrete piles with 2.25m 

spacing and a Young’s Modulus of 27.8GPa was modelled in Sigma/W & Quake/W. To model 

the interaction between wall and soil, a 0.2m thick interface layer was generated. In this case the 

interface layer was taken to have the properties of the surrounding soil with an angle of wall 

friction  equal to 
2

3
 ’. 

 

For these analyses, the wall height was kept constant and a total of 21 acceleration records were 
input to the base of the numerical model.  Each of the 7 acceleration records (from Table 1) was 

amplitude-scaled in order for approximately 3 records to be generated from every original 

record.  

105



106

N
ew

 Z
ea

la
nd

 G
eo

te
ch

ni
ca

l S
oc

ie
ty

 In
c.

 1
9t

h 
S

ym
po

si
um

, Q
ue

en
st

ow
n 

20
13

 

 

 
Chin, C.Y. & Kayser, C. (2013) 

  Use of Mononobe-Okabe equations in seismic design of retaining walls in shallow soils 
  

 

 

 

 
Figure 6 – Maximum Shear Modulus of soil used in Quake/W & Sigma/W

 

   
Figure 7 – Damping ratio and G/Gmax properties for (a) Granular embankment and (b) 
Firm to Stiff Clay  

Table 3 - Free-field Peak Ground Accelerations (PGA) derived from Quake/W 

Record Name PGA1* (g) PGA2* (g) PGA3* (g) 
El Centro 0.08 0.25 0.29 

Delta Valley 0.11 0.20 0.25 

Convict Creek 0.13 0.25 0.31 

Bovino 0.09 0.21 0.30 

Kalamata 0.14 0.34 0.39 

Matahina Dam 0.13 0.41 - 

KAU001 0.11 0.27 0.32 

* Surface Free-field Peak Ground Acceleration    

4 RESULTS 
 

The maximum total active force was determined by assessing discrete total active forces derived 

from integrating total pressures over the height of the active side of the wall at 0.1sec intervals 
for the duration of the seismic event from Quake/W.  The dynamic active force (PAE,Quake/W) 

was subsequently determined by subtracting the static total force on the active side of the wall 

(derived from Sigma/W) from the maximum total active force.  This dynamic active force 
(PAE,Quake/W)  was selected for comparison against the dynamic active force determined using 

the Mononobe-Okabe method (PAE,M-O). 

 

The horizontal seismic coefficient, kh, used in the M-O equation was set to equal the free-field 
surface PGA (Table 3) to determine PAE,M-O,100%PGA.  The results comparing PAE,M-O,100%PGA 

against PAE,Quake/W are shown in Figure 8a.  These showed that the M-O method with a seismic 

coefficient equal to 100% of free-field surface PGA overestimates the dynamic active force.  
For a moderately conservative outcome, the calculated dynamic active force using a seismic 

coefficient set to 65% of free-field PGA in the M-O method (PAE,M-O,65%PGA) had a reasonable 
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match against PAE,Quake/W (Figure 8b). For surface PGA’s exceeding 0.3g, the M-O equation 

over-predicts the dynamic active forces.  At larger displacements and PGA’s, the authors are 

conscious that modelling inaccuracies will increase for such finite element analyses.  Hence, 
results shown in Figures 8a & b exclude free-field PGAs > 0.3g and wall displacements 

>300mm.  Whilst the Quake/W analyses accounts for the stiffness of the wall, inertial effects of 

the wall are not included.  Hence, wall design should separately consider wall inertial effects. 

    
The point of thrust of the dynamic active force, PAE, has been discussed by many authors. 

Pressure distribution diagrams associated with the calculated dynamic active forces (PAE-

Quake/W) were analysed for the location of this force. The average point of thrust was found to be 
0.3 H, from the base of the exposed wall, with a standard deviation of 0.02 and a coefficient of 

variation of 1.0%. 

 
  

Figure 8 – Comparison of dynamic active forces determined by Quake/W (PAE-Quake/W) 

against dynamic active forces calculated using M-O based on (a) seismic coefficient = 

100% PGA (PAE,M-O,100%PGA) and (b) seismic coefficient = 65%PGA (PAE,M-O,65%PGA) 

5 RECOMMENDATIONS 
 
The above results are specific for (a) parts of the North Island of New Zealand (North A, 

Oyarzo-Vera et al, 2012) (b) shallow soils (Class C, NZS 1170, where the fundamental period is 

less than 0.6 seconds) and have been based on analyses for a 3m high cantilever wall which 
experienced maximum outward deflection h/H  0.7%.  For such relatively flexible and low 

cantilever walls, a seismic coefficient equal to the 65% of surface free-field PGA used in the 

Mononobe-Okabe equations was found to reasonably match results from dynamic numerical 

analyses. The location of the dynamic active force, PAE was found to apply at a point 0.3H 
above the base of the exposed wall.  Wall inertial effects should be separately assessed and 

considered in wall design.  Conservatively, wall inertial effects should be assumed to act 

concurrently and in-phase with M-O pressures.  Further work for other wall configurations, soil 
classes and for other parts of New Zealand form part of on-going research for the seismic design 

guidelines for retaining walls to be published by the New Zealand Geotechnical Society.   
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ABSTRACT 

This paper presents a summary of land damage observed in the Port Hills of Christchurch, New 
Zealand, following the earthquake sequence of 4 September 2010, in particular the land damage 
associated with a period of high seismic activity which commenced in February 2011.  The 
earthquakes that occurred in this period have been collectively termed the Canterbury 
Earthquake Sequence (CES), consisting of four main earthquakes causing land damage in the 
Port Hills and some 20 significant aftershocks. 

In New Zealand, the Earthquake Commission (EQC) administers and assesses claims made 
under the Earthquake Commission Act 1993 for residential land damage from earthquakes, (and 
other events included in the Act).   

During the initial steps in property land damage mapping and assessment in the Port Hills for 
the EQC, it became apparent that in some areas, land deformation and movement observed on 
individual properties may have been the result of a mechanism that extended across many 
adjoining properties.    Ultimately 22 such areas were identified to EQC and the observations 
made in those 22 areas form the basis of this paper. 

1 INTRODUCTION 

The Canterbury Earthquake Sequence (CES) that commenced on 4 September 2010 resulted in 
significant land deformation to the Port Hills in Christchurch.  The strong intensities of shaking 
resulted in the yielding of soils on slopes, rocks from cliff faces, and retaining walls. The New 
Zealand Earthquake Commission (EQC) insures specific residential land damaged as a result of 
certain natural disasters.  Assessment of the damage to assist insurance claim settlement is 
required.  The authors firm has managed assessment of land damage on properties on the Port 
Hills for EQC since September 2010.  The mapping assessment and quantification of damage 
are discussed in Wallace (2013).  During the initial stages of land damage mapping and 
assessment, it became apparent that many individual properties had land damage that was the 
result of a mechanism which extended across numerous properties.  In total, 22 such areas were 
identified.  These were labelled ‘Area Wide Assessment Areas’ (AWAA), which required a
more detailed assessment and understanding of their failure mechanism to be developed.  
Investigations included walk over surveys, test pitting, rotary drilling with core recovery, cone 
penetration tests, piezometer and inclinometer installations and monitoring. This paper 
summaries observations and possible mechanisms of failure leading to deformation, made 
during these area wide investigations. 
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2 PORT HILLS GEOLOGY AND GEOMORPHOLOGY 

The Port Hills (Forsyth et al, 2008) are comprised of a non-homogeneous sequence of strong 
basaltic lava flows which are interclasted with weaker scoria and pyroclastics, formed by main 
two volcanic centres (and other smaller volcanic centres) originating in the Miocene. While 
lavas have well developed cooling joints, breccias and ash are typically massive with only 
occasional joints. These volcanics are capped by loess, a windblown glacial silt, typically 1 to 
20m thick.  The lower slopes typically comprise loess colluvium, or reworked loess that has 
been eroded from the upper loess slopes and redeposited in the lower slopes, to form a wedge of 
soil at a lower slope angle than the in-situ loess slopes above.  Loess and loess colluvium can be 
up to 50m thick at the base of the hills.  Ridges and peaks on the hills have a thin cap of loess, 
with sporadic protruding volcanic rock. The flat land at the toe of slopes is typically comprised 
of alluvial silts, sands and deeper gravels, interbedded with marine deposits, such as beach 
sands.

A series of ridges and valleys trend out from the hill peaks, formed by volcanic lava flows and 
the incision from intermittent stream flows.  Near vertical coastal cliffs have formed by marine 
erosion and seismic events, with cliff heights exceeding 100m in many places.   

3 FAILURE MECHANISMS 

There were four main failure mechanisms observed on the Port Hills that caused deformation of 
land to multiple adjoining properties, as a result of the CES.  These range from the more severe 
cliff collapse, which cannot be remediated, to repairable slope displacements that caused 
cracked and compressed land, to the yielding of retaining walls.  This section will discuss 
observations made during area wide assessments, summarising land deformation typical for 
each type of failure mechanism. 

3.1 Cliff collapse 

Land displacement initially occurred in the M6.2 Christchurch Earthquake of 22nd February
2011, with toppling of the rock mass being the main driver of tension cracks within loess, and 
the opening and formation of joints and fractures within the volcanic basalt, breccia and ash 
layers. This land deformation resulted in the evacuation of land (and in some cases, parts of 
residential structures) at the top of cliffs, and inundation of land by the settling debris at the base 
of cliffs. This type of land damage is mostly confined to the coastal suburbs of Sumner and 
Redcliffs.

Ground deformation is characterised by persistent tension cracks that trace generally parallel to 
cliff edges (Figure 1), and the formation of head scarps. These tension cracks opened further in 
subsequent aftershocks, particularly in the M6.4 earthquake on 13th June 2011, where some 
tension cracks that formed as a result of the 22nd February earthquake, became the location of 
the new cliff edge. Factors that have affected the individual site response include topographic 
amplification, seismic wave directionality, and the locali geology. 
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Figure 1:  Tension crack traverses parallel to cliff edge along Whitewash Head showing 
the opening of the fractured volcanic lava and the overlying soil 

It is thought that the toppling and sliding would have occurred on largely pre-existing fractures 
in the rock mass, with the likelihood that additional tension cracks also opened up back from the 
cliff as the rock mass dilated when shaken. There is evidence that amplification of seismic 
acceleration, of the order of 2 to 4 times that recorded locally, occurred on ridge crests.  The 
relatively weathered state of the volcanic units on the outer cliff faces, where zones of 
cavernous weathering and marine undercutting were apparent, is likely to have facilitated 
tension crack development and subsequent failure under seismic loading.  Figure 2 shows 
schematic sketches of typical cliff profiles, geology and possible cliff collapse mechanisms.  

Figure 2:  Schematic diagrams to show the failure mechanisms of cliff collapse 

Cliff collapse has affected a number of residential properties, public, private and commercial 
land, with the loss of land at the top of the cliff, and deposition of fallen rock and soil debris at 
the base (Figure 3).  Some structures have been affected as the retreating cliff edge has caused 
the dwelling foundations to be undermined, resulting in the partial collapse and loss of building 
structures over the edge of the cliff face (Figure 4), and the evacuation of private accessways, as 
shown in Figure 5.  At the bottom of cliff faces, some buildings have also been damaged as a 
result of the fallen rock and soil material (Figure 6).
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Figure 3:  Cliff collapse at Redcliffs showing the large amount of rockfall material at the 
base of the cliff 

Figure 4:  A property above Peacocks Gallop (Main Road, Sumner) that has lost land and 
foundation support as a result of cliff collapse 

Figure 5 (left):  Cliff collapse resulting in the loss of access way to a dwelling on 
Whitewash Head 

Figure 6 (right):  Dwellings at the bottom of a failed cliff that were damaged by fallen rock 
debris 
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While some cliffs have experienced no or only a small volume of rock ejection from the cliff 
face and no regression of the cliff edge, others have had several meters of cliff edge regression, 
such as Whitewash Head which lost up to 30m of land.  The lateral extent of tension cracking 
upslope of the cliffs is dependent on factors such as the topography, geology and distance from 
the epicentre, and can extend up to 550m in a semi continuous length.  Tension cracks can 
extend up to 50m back from the cliff edge, with crack widths generally decreasing in offset with 
distance back from the cliff top. 

3.2 Colluvial wedge deformation 

Land displacement initially occurred in the M6.2 earthquake event of 22nd February 2011. 
Ground deformation observed is characterised by semi-continuous, stepped and en-echelon 
tension cracks (Figure 7 and Figure 8), either narrowly focussed or in a broader zone. These 
features are generally present at elevations ranging between relative level (RL) 10 m and RL 25 
m and slope angles between 4 and 24° at the toe of the Port Hills. Down slope displacements 
from all seismic events were up to 670 mm, with lateral extents extending up to 850 m in any 
one area. Some AWAA’s also exhibit compression features aligned in the same orientation as
the tension cracks and located at the edge of the valley floor. A schematic sketch of the geology 
and potential failure surface is shown in Figure 9. 
 
As a majority of the Port Hills is characterised by colluvial wedge like geology at the toe of 
slopes, this type of land deformation is widely observed, with generally decreasing 
displacements away from the 22nd February and 13th June earthquake epicentres.  For the many 
dwellings that straddled the cracks in the land, stretching of foundations and structures has 
occurred, while dwellings above and below the cracks have sustained significantly less 
structural damage, most of which can be predominantly attributed to the strong seismic 
accelerations.  Some structures in the zones of compression have experienced foundation and 
structural damage as a result of these compressive forces (Figure 10).
 
A liquefaction analysis based on Cone Penetration Tests (CPTs) in valley floors, identified 
layers of soil that have the potential to liquefy in earthquake events.  The driving mechanism for 
these colluvial wedge failures may be partially driven by a softening of liquefiable layers in the 
toe region of these slopes, resulting in a reduction in the resisting force, allowing the slope to be
more easily displaced during seismic accelerations.  Newmark slope stability modelling showed 
that the high seismic acceleration, especially the vertical acceleration, was the most sensitive 
parameter imposed on the slope to exceed the cohesive and frictional resistance resulting in
slope displacement.   

Figure 7 (left):  Tension cracking across a driveway on Vernon Terrace

Figure 8 (right):  Typical tension crack in the lower colluvial wedge slope area near 
Ramahana Road 
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Figure 9:  Schematic diagram to show the possible colluvial wedge failure mechanism. 

Figure 10:  Compression expressed in the fence and driveway of a property on Vernon 
Terrace.

3.3 Slope mantle deformation 

Land displacement in the slope mantle (loess and loess colluvium on mid to upper Port Hill 
slopes) initially occurred in the M6.2 Christchurch Earthquake of 22nd February 2011.  Ground 
deformation is characterised by persistent tension cracks and formation of a head scarp (Figure 
12) with some lateral scarp shear displacement.  This damage was also characterised by a
minimal visible compression zone or toe breakout of the slope displacement. As a result, 
dwellings straddling land cracks have been stretched, making some unsafe and/or not 
practicable to occupy. 

Slope displacements resulted from the high vertical and horizontal accelerations originally 
during the 22nd February earthquake, and again during the 13th June earthquake.  There is also 
evidence that smaller, harder to measure displacements have occurred as a result of other 
significant seismic events.  Failure mechanisms may be attributed to separation and shearing 
near the loess-rock interface, combined with some internal deformation within the loess.  As 
this paper is prepared, it is not yet clear whether any of this deformation can be attributed to 
dilation within the underlying rock mass.  Seismic amplification, seismic wave directionality 
and contrasting seismic wave velocities between the bedrock and loess may have had a 
significant role in initiating this mechanism. Figure 11 shows a schematic cross section 
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showing the typical slope profile and geology, illustrating the possible deformation 
mechanisms. 

Total down slope displacements accumulated across multiple seismic events typically range 
from 50mm to 200mm, with the exception being Kinsey Terrace which has experienced up to 
1100mm of displacement (Figure 13 and Figure 14).   

Figure 11:  Schematic diagram to show a possible slope mantle deformation failure 
mechanism. 

Figure 12:  Head scarp region of a slope mantle displacement – direction of movement 
towards right side of page. 

Figure 13:  Head scarp crack tracking through a dwelling, pulling it apart. 

3.4 Retaining wall deformation 

High vertical and horizontal accelerations resulting from earthquake events have caused a 
seismic loading on retaining walls that have exceeded their capacity, resulting in deformation 
generally visible as rotation, bulging and sliding or, in some cases, total collapse.  This 
deformation has resulted in displacement of soils behind the walls manifesting as land cracks 
and settlement of soil and/or fill. 

There are thousands of damaged retaining walls across the Port Hills, many of which are un-
engineered rock facings that have a purpose more closely aligned to erosion protection.  
However, there are also many examples of yielded engineered timber pole walls, timber and 
concrete crib walls, concrete in-situ walls and concrete block walls that have also experienced 
some damage as a result of the earthquakes.  In some locations, generally along road cuts, there 
are laterally continuous sections of retaining structures that have all experienced some 
deformation.  As a result, retained soils have also deformed and caused cracking at the land 
surface across multiple properties. An example of this is shown in Figure 14, where a concrete 
crib retaining wall extending over a 500m length deformed and resulted in the relaxation and 
settlement of the retained fill, which manifested in cracks that extend for the length of the 
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retaining structure. As a result, the footpath and road have been compromised, with foot and 
road traffic being diverted.

Figure 14:  Deformation behind a concrete crib retaining wall, affecting approximately 
500m of footpath and roadway along Mt. Pleasant Road. 

4 CONCLUSIONS 

As a result of the earthquake occurring on 22nd February 2011 and the subsequent seismic 
events that followed, 22 areas were identified on the Port Hills in Christchurch where laterally 
continuous land damage had occurred, affecting multiple residential properties. Area wide 
investigations were carried out to determine likely failure mechanisms occurring at each site, 
which can generally be summarised into cliff collapse, colluvial wedge deformation, slope 
mantle deformation and retaining wall deformations. The resulting damage to land includes 
cracking, settlement of the ground, compression of the ground, the loss of land down cliff faces 
and the inundation of land from falling soil and rock debris.    
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ABSTRACT 

The potential for systematic variations in SPT N –values between mud rotary and sonic drilling 
methods has been the focus of a pilot investigation at a site that exhibited extensive liquefaction 
during the 22 February 2011 M 6.3 Christchurch Earthquake. In an attempt to quantify the 
impact of drilling methods on N-values, 2 pairs of closely-spaced sonic and mud rotary 
boreholes were advanced in deposits of predominantly silty sand and sand silt with SPT tests at 
1.5 m intervals. Pore pressure transducers (PPTs) were employed at depths ranging from 4.6 to 
17.5 m to monitor the effects of soil disturbance imparted by the sonic drilling procedure. The 
excess pore pressure response provides an indirect correlation to the level of soil disturbance 
due to drilling and sampling. The PPT data demonstrated clear trends during the sonic drilling 
process.  Key preliminary findings indicate that: 1) transient pore pressures are relatively small 
as close as 300 mm from the sonic casing (ru < 0.15); 2) excess pore pressures generated during 
advance of the casing are largely dissipated by the time of the SPT test; and, 3) changes in pore 
pressure during normal, non-vibratory and common aspects of the drilling process can be as 
large as that due to the core barrel advance with vibration.  

The direct comparison of the N-values demonstrates weak trends in the ratio Nrotary/Nsonic; 
however, the close proximity of the boreholes to each other may have affected the N values.  
Additionally, much of this difference is considered to be within the range of variability of SPT 
data in uniform soil deposits and no systematic trend is evident on the basis of the small 
database obtained in this first phase of the investigation. Additional SPT data from similar 
investigations are being collected in order to develop a statistically significant basis for 
comparison. 

 INTRODUCTION 1

1.1 Background

The empirical methods routinely used in practice for assessing liquefaction resistance using N-
values (Idriss and Boulanger, 2008; Youd, et al, 2001) are largely based on SPT data obtained in 
boreholes advanced using “non-vibratory” drilling methods (e.g., mud rotary, solid stem auger).   
While each drilling method imparts a level of soil disturbance the predominance of SPT data 
from “non-vibratory” methods used in the development of the liquefaction triggering procedures 
suggests that similar methods are preferable when evaluating liquefaction susceptibility of 
sandy soils. In fact, current “best practice” requires that SPT be performed in accordance with 
ASTM D 6066, which does not allow “vibratory” methods.

The prevalence of shallow gravel layers throughout the Christchurch region often precludes the 
use of CPT testing and  drilling is  required for many projects to obtain soil samples and 
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Standard Penetration Test blow counts (SPT N-values), and to reach the target investigation 
depth.  Rotary wash drilling with tri-cone bits or HQ-double tube core barrels have often been 
utilised, however, in the aftermath of the 22 February 2011 Christchurch earthquake, there was 
recognition by some in the drilling industry that there would be a large demand for the ability to 
rapidly drill through the gravelly soils, obtain SPT blow counts and collect continuous core.  
The methodology identified as most suitable for this task was high frequency vertical vibratory 
(“sonic”) technology.   For the purposes of this paper, high frequency sonic drilling is defined as 
drilling with a vertical vibratory frequency of between 120 and 150 Hz.   

Due to its vibratory nature, questions were inevitably raised about sonic drilling as it pertains to 
liquefaction assessment.  Often raised questions include: 

 Does the methodology result in soil disturbance that is substantially greater than that 
imparted by common rotary methods? 

 If so, what is the potential influence on SPT N-values; i.e., N values artificially high in 
loose sand, and artificially low in medium dense to dense sand?   

It is the authors’ experience that these questions have also been raised in the geotechnical 
engineering community along the West Coast of the U.S. and Canada where liquefaction 
assessment is often a primary investigation objective.  

1.2 Purpose / goals of investigation 

The purpose of this investigation was to evaluate the possible degree of soil disturbance during 
high frequency sonic drilling and provide a preliminary assessment of potential influence of 
high frequency sonic drilling on SPT N-values.  The primary goals of the investigation were to: 

 measure excess pore pressure generated during sonic advancement; 
 assess residual excess pore pressures at the time of the SPT test; and 
 compare N-values from adjacent boreholes holes advanced by mud rotary and sonic 

methods. 
 
1.3 Methodology 
 
The characteristics identified as most important for a suitable investigation site included: 

 a soil profile consisting primarily of sandy soils extending to a depth of roughly 20 m, 
the range of depth over which the simplified liquefaction procedures are applicable –
with no gravel to influence SPT N-values; 

 a range of densities from loose to dense; and 
 the site was known to have sustained liquefaction-induced damage during the 2010-

2011 Canterbury earthquake sequence.   

Two locations at the site were selected for drilling and instrumentation.  In an attempt to 
quantify the possible impact of the sonic method on N-values with direct comparison of N-
values from closely-spaced  sonic and mud rotary boreholes, SPT data were obtained from two 
sets of 3 boreholes (2 mud rotary / 1 sonic) at each site.  The use of 2 mud rotary holes allowed 
installation of two PPTs at different depths.  The site was well characterized with 6 CPT 
soundings during a previous investigation, and the sandy deposits found to be suitably uniform 
laterally allowing for a direct comparison of N-values obtained by closely spaced boreholes. 
The soil deposits were predominantly silty sands and sandy silts with N-values from mud rotary 
borings generally ranging from 8 to 30 blows/30cm.  

At each location, a CPT was first performed and target depths for installation of 2 PPTs 
identified as discussed in Section 3. Following each CPT, 2 rotary wash boreholes were drilled 
to just below the target PPT depth using a 75mm-dia tri-cone bit (deflected discharge) and 
105mm-dia casing system.  SPT samples were obtained at 1.5m intervals, and a standpipe 
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piezometer was installed in each borehole and then the PPT.  To maintain hole stability and 
reduce the potential for plugging of the piezometer screen, polymer drilling fluid was utilised.  
The bottom of the borehole was sounded immediately prior to performing the SPT and no heave 
was recorded in any of the holes. 

The final stage of the investigation consisted of drilling a single sonic borehole (105mm-dia 
core barrel, 133mm-dia casing), performing SPT at the same depth interval as the adjacent mud 
rotary hole, and monitoring the pore pressures throughout the entire drilling process as
described below.  The 3 boreholes were laid out in a triangular pattern as illustrated in Figure 1.  
All rotary and sonic drilling was performed with a Mobile 1000 drill rig equipped with a 
SonicSampDrill Rotosonic 0-150 Hz drill head and automatic SPT hammer (Figure 2).   

The primary steps during sonic drilling were as follows:  1) the core barrel is advanced 1.5m 
using sonic vibration – no water is circulating through the system; 2) the sonic head is 
disconnected from the rod holding the barrel and connected to the outer casing; 3) the casing is 
advanced to just above the depth of the barrel tip using sonic vibration – water is circulating 
through the annulus between the core barrel and the casing to remove cuttings; 4) the core barrel 
is retrieved and a SPT is performed; 5) the process is repeated.  Figure 3 presents a graphical 
illustration of the drilling sequence.  

Figure 3:  Sonic drilling sequence (courtesy of SonicSampDrill) 

During rotary wash drilling, the sonic vibration was simply turned off.  The use of the same drill 
rig and SPT hammer for all boreholes insured equivalent hammer energy for all SPT tests. All 
SPT testing was performed in general accordance the ASTM International test standard ASTM 
D 6066 (2011).  The SPT samples were logged in accordance with the Unified Soil 

Figure 1:  Layout of boreholes 
and CPT at each site

Figure 2:  SonicSamp roto sonic 
drill head
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Classification System, and particle size distribution or fines content tests were performed on 
select samples.   

 SITE DESCRIPTION 2

2.1 Location and earthquake damage 

The site was located in the suburb of Bromley in eastern Christchurch; approximately 3km from 
the Pacific coastline and about 100m from a series of large water treatment ponds that feed into 
an estuary.  An approximately 2m deep drainage channel ran along the southern site boundary. 
The site was essentially flat, and located in a light industrial use area. 

At the time of the 22 February 2011 Christchurch earthquake, the site contained several 
structures including a large concrete tilt panel warehouse with slab-on-ground floor and a 
timber-frame office building with a suspended concrete floor.  These structures reportedly 
sustained major liquefaction-induced damage including differential settlements in the order of 
+100mm and racking and partial collapse due to lateral spreading of the site towards the 
drainage channel (identified by others as having a total of displacement in the order of 200 to
400mm). 

2.2 Subsurface conditions 

The site is mapped as being underlain by sand, silt and peat of drained lagoons and estuaries 
(Brown & Weeber, 1992).  A previous post-earthquake geotechnical investigation by others 
consisting of 7 CPT soundings indicated that the site soil profile generally consisted of about 
1.5m of soft clayey silt overlying interbedded layers of poorly graded sand and silty sand with 
occasional layers of low plasticity to non-plastic silt and sandy silt.  The density of the soils was 
noted to generally increase with increasing depth.  The data from the CPTs and boreholes 
completed for this SPT study generally confirmed the results of the previous investigation.  The 
results of the CPT, and the mud rotary SPT N-values are summarised in Figures 4 and 5. 

The depth to groundwater was measured between approximately 1.5 and 1.6m.  Based on the 
available data, it was concluded that the soil conditions were relatively uniform across the 
location of each group of 3 boreholes and CPT.   

 INSTRUMENTATION AND MONITORING PROGRAMME 3

3.1    Instrumentation 

As previously described, a standpipe piezometer and PPT were installed in each rotary wash 
borehole adjacent to the sonic hole.  Each piezometer had a 300mm long screened interval 
located with its centre point at the target PPT depth (ranging from 4.6 to 17.5m – refer to 
Figures 4 and 5).  To facilitate accurate installation of the piezometers and minimise borehole 
disturbance, prefabricated screen sections complete with filter sand pack and bentonite seals 
were utilised (Figure 6).  The piezometer pipe had an inside diameter of 25mm and the sand 
pack was approximately 30mm thick around the pipe and wrapped in filter fabric.  The top and 
bottom bentonite seals were 1.25m long and 75mm in diameter.  The use of these prefabricated 
units allowed the screen interval to be set in about 10 mins with accuracy in the order of +/- 
25mm.  After setting the piezometer and allowing several minutes for the bentonite seals to 
expand, the annulus above the screened interval of the piezometer was backfilled with tremmied 
cement grout.  The grout was placed through the drill casing as it was withdrawn to minimise 
the potential for relaxation of the wall of the borehole.  After allowing the piezometers to set for 
48 hours, they were thoroughly flushed and conditioned by low pressure pumping of clean 
water through them for several minutes. 
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To monitor the pore pressure changes within the soil during drilling, the water level in each 
piezometer was continuously monitored using a Levellogger Edge “water level data logger” 
manufactured by Solinst Canada Ltd.  The units utilise piezoresistive silicon with a Hastelloy 
sensor and are temperature compensated.  They have a maximum sampling rate of 480 Hz and 
measure absolute pressure with an accuracy of +/- 0.05 to 0.10 kPa (for the model nos M10 and 
M20 used).  After flushing the piezometers, the PPTs were suspended at the target depth.  A 
fifth PPT was suspended near the top of one of the piezometers, above the high water level, to 
record barometric pressure at 10 minute intervals for barometric compensation of the measured 
water pressures. 

3.2    Monitoring 

Transient, excess pore pressures were monitored within 300 mm of each sonic borehole to 
measure:  1) the change in pore pressure from hydrostatic conditions as the sonic casing 
approached the elevation of the PPTs; 2) the extent of the zone of elevated pore pressure from 
the sonic casing; and, 3) the rate of dissipation of excess pore pressure that occurred prior to 
performing the SPT.  The PPTs provided clear trends in the pore pressure during advance of the 

Figure 4:  Site 2 CPT and SPT data Figure 5:  Site 1 CPT and SPT data

Figure 6:  Prefabricated piezometer screen

Sand 
pack 

Bentonite seal 
top and bottom 
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core barrel and overcasing, removal/replacement of drill stem for SPT tests, and changes in 
circulation of drilling fluid.  

Prior to the beginning of sonic drilling, the PPTs were set to read at 10 minute intervals and 
allowed to run for 48 hours to confirm that they were responding correctly.  This static water 
level data was downloaded and compared to the water levels checked manually with an 
electronic “dipper.” 

Prior to the beginning of sonic drilling, the PPTs were set to begin logging simultaneously at a 
frequency of 480 Hz.  The real time data collection was periodically monitored during drilling 
to confirm that the loggers were working properly.  The drilling crew was instructed to drill and 
sample as they would during a normal job with engineer / geologist site supervision.  No 
unusual conditions or operational issues were encountered during drilling, and both boreholes 
were completed normally.  The bottom of the borehole was sounded immediately prior to each 
SPT and no significant (i.e., > 30mm) heave was encountered with the exception of a small 
amount of heave (~200mm) in borehole BH-1S at the SPT sample depth of 10.6m.  The depth 
was rechecked after 5 minutes and found to be stable.  The driller cleaned the hole by slowly 
raising the outside drill casing 200mm and using low pump pressure to “wash” the casing back 
down to the SPT depth. 

 GENERAL OBSERVATIONS 4

The primary objectives during this first phase of the pilot project were the assessment of soil 
disturbance during drilling as inferred from pore pressure response, and quantification of excess 
pore pressure in the soil at the time of SPT testing following sonic advance. For this reason the 
sonic boreholes were closely spaced to the rotary wash boreholes containing the PPTs.  The 
sonic holes were drilled after the mud rotary holes, and given their very close proximity 
disturbance of the soil at the sonic locations from the rotary holes and piezometer installation 
cannot be precluded.  While an attempt was made to demonstrate relative trends in N-values 
assuming borehole disturbance would be minimal, it became clear during the field work that this 
would be difficult.  The values of Nrotary and Nsonic from the adjacent test holes are shown in 
Figures 4 and 5.  No systematic bias in the N values provided by the two methods is evident;
however, the proximity of the boreholes and small data set preclude generalization regarding the 
influence of the drilling methods on the N-values.   

The full time histories for the deepest PPTs at each sonic location are shown in Figures 7 and 8,
along with enlargements of the pore pressure response at the depth of each PPT.  The maximum 
rise in pore pressure measured by the 4 PPTs was 11.1 kPa and the maximum computed pore 
pressure ratio, ru, was 0.13.  Table 1 presents a summary of the main data at each PPT location.  
It is notable that a pore pressure response for both the sonic vibration and SPT blow counts was 
clearly measured.  As would be expected, the pore pressure response is greatest when the drill 
bit / SPT is closest to the PPT.  The peak pore pressures due to the sonic vibration can be seen 
to rapidly dissipate over a period of approximately 2 minutes; dropping to or very close to 
hydrostatic by the time the SPT is performed.  The distinctive double peak in pore pressures 
during advance of the sonic drill is a result of the drilling method, i.e., the core barrel is 
advanced with vibratory drilling, the vibration is turned off to connect the casing and then 
turned back on to advance the casing. 
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Table 1:  Data summary at each PPT location 
 

PPT Depth
(m)

Eff. vert. 
stress (kPa)

Hydrostatic PP 
(kPa)

Max. 
measured 
pore press 

(kPa)

Pore 
press. 
ratio

1A 10.6 104.7 89.2 100.3 0.11
1B 4.6 57.1 26.7 28.3 0.0001
2A 7.1 80.2 49.8 60.3 0.13
2B 17.5 164.6 150.9 156.00 0.03

Figure 7:  Pore pressure vs time – BH1-A at 10.6m

Figure 8:  Pore pressure vs time – BH2-B at 17.5m
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 FINDINGS AND CONCLUSIONS 5

The primary findings and conclusions that in the authors’ opinion can be made from this initial 
investigation are as follows: 

 Pore pressure measurements taken at a horizontal distance of 300mm of the sonic drill 
bit gave estimated ru values prior to SPT testing ranging from 0.0001 to 0.13. The ru
values are likely much greater at the tip of the sonic casing however the gradient of pore 
pressure between the casing and the PPT was not modelled in the investigation.   

 Excess pore pressures due to SPT sampling and flushing of the borehole can approach 
those due to sonic drilling. The simplified SPT-based empirical methods for assessing 
liquefaction potential implicitly incorporate the effects of these “non-vibratory 
disturbances” (i.e., SPT sampling and flushing of the borehole) if one accepts the 
premise that they are generally performed in the same manner irrespective of the 
drilling method used.   

 Soil disturbance and significant excess pore pressure generation (defined as ru ≥ 0.8) is 
presumed to occur immediately adjacent to the sonic drill bit.  However, on the basis of 
the PPT data obtained in this study, this effect is demonstrated to be minor (ru ≥ 0.15) at 
a distance of 300 mm from the tip of the sonic core barrel across a range of fines 
contents. This zone of influence is likely a function of soil type, density, and confining 
stress, and is the focus of additional investigation.   

 In relatively clean sands, the excess pore pressures due to the sonic vibrations are 
shown to essentially dissipate to hydrostatic in approximately 1 to 2 minutes – less time 
than typically elapses between cessation of sonic drilling and performing the SPT.   

 If it can be assumed that the pore pressure generation and dissipation is equal in both 
the horizontal and vertical directions, the influence of excess pore pressure on SPT N-
value can be considered to be negligible over the distance which the N-value is 
measured (i.e. between 150mm and 450mm in advance of the sonic casing).  

 The comparison of SPT N-values obtained during high frequency sonic drilling and 
rotary wash drilling at this site are considered equivocal as discussed in Section 4.  This 
is attributed to the close proximity of the boreholes and possible ground disturbance 
during rotary drilling, and to the small data set.  Additional SPT data from more widely 
spaced boreholes in laterally uniform sand deposits are being collected to expand the 
database in support of correlations that may be more statistically significant.   
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ABSTRACT 

The Canterbury region experienced widespread damage due to liquefaction induced by seismic 
shaking during the 4 September 2010 earthquake and the large aftershocks that followed, 
notably those that occurred on 22 February, 13 June and 23 December 2011. Following the 
2010 earthquake, EQC directed a thorough investigation of the ground profile in Christchurch,
and to date, more than 7500 cone penetration tests (CPT) have been performed in the region. 
This paper presents the results of analyses which use a subset of the geotechnical database to 
evaluate the liquefaction process as well as the re-liquefaction that occurred following some of 
the major events in Christchurch. First, the applicability of existing CPT-based methods for 
evaluating liquefaction potential of Christchurch soils was investigated using three methods 
currently available. Next, the results of liquefaction potential evaluation were compared with the 
severity of observed damage, categorised in terms of the land damage grade developed from 
Tonkin & Taylor property inspections as well as from observed severity of liquefaction from 
aerial photography. For this purpose, the Liquefaction Potential Index (LPI) was used to 
represent the damage potential at each site. In addition, a comparison of the CPT-based strength 
profiles obtained before each of the major aftershocks was performed. The results suggest that 
the analysis of spatial and temporal variations of strength profiles gives a clear indication of the 
resulting liquefaction and re-liquefaction observed in Christchurch. 

1 INTRODUCTION 

The Christchurch sequence of earthquakes in 2010 and 2011 caused widespread liquefaction 
and re-liquefaction in many parts of the Canterbury region. Following the major earthquake on 
4 September 2010, the Earthquake Commission (EQC) engaged engineering specialists Tonkin 
& Taylor Ltd (T&T) to coordinate a subsurface investigation of the ground conditions in the 
Canterbury region. To date, 7500 cone penetration tests (CPTs) have been carried out in 
addition to an accompaniment of boreholes, scala penetrometer tests and shear-wave velocity 
profiles. This information is currently stored in the Canterbury Geotechnical Database (CGD). 

In order to analyse the liquefaction and re-liquefaction observed in Christchurch, the CPT 
component of this database was employed to retrospectively determine the applicability of 
currently available CPT-based methods in evaluating cyclic liquefaction potential to the ground 
profile in Canterbury and to see which method best compare with the severity of observed 
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damage. In the process of analysing the data, the CPT strength profiles that were obtained 
before and after major aftershock events at sites of re-liquefaction were compared.

2 EVALUATION OF LIQUEFACTION POTENTIAL 

2.1 CPT-based Liquefaction Potential Evaluation

For the purpose of this research, three CPT-based methods were used to evaluate the 
liquefaction potential at each site: (1) the method by Robertson & Cabal (2010), which is a 
refined version of the method by Robertson & Wride (1998); (2) the method by Idriss and 
Boulanger (2008); and the method by Moss et al. (2006). Broadly speaking, the differences 
between these methods relate to four factors: the means of normalising the tip resistance; qc; the 
correlation between the normalised tip resistance qc1N and the cyclic resistance ratio, CRR; the 
modification factors applied to the calculation of the cyclic shear stress ratio, CSR; and the 
calculation of the magnitude scaling factor, MSF. Due to space limitation, the intricacies of 
these methods are not presented here. 

2.2 Liquefaction Potential Index

In order to represent a measure of observed land damage, the Liquefaction Potential Index (LPI) 
developed by Iwasaki et al. (1984) was used. In addition to taking into account important 
parameters (liquefaction triggering and earthquake loads), it also considers the severity of 
liquefaction and the relative location of liquefied layers with respect to the ground surface, i.e., 
liquefaction at shallower region would be more damaging to the ground surface than 
liquefaction at deeper one. The weighting function for liquefaction severity decreases linearly 
with depth, i.e. from 10 at the surface to 0 at 20m (the target limiting depth). LPI values range 
from 0 (no liquefaction) to 100 (Factor of safety = 0 throughout the 20m depth). Based on case 
history analyses, LPI < 5 indicates minor damage and LPI > 15 means major damage. 

3 METHODOLOGY 
 
3.1 CPT data set used 

Using an up-to-date log of all available CPTs (1402 during the time this research was conducted 
in mid-2012), six raw CPT data sets were assembled through the Google Earth interface. Three 
event-specific CPT data sets were also constructed for tests performed before the three main 
aftershock events (22 February, 13 June and 23 December, all in 2011). The remaining two data 
sets were made for strength profile comparisons between pairs of across event CPTs at sites of 
re-liquefaction. Two datasets were used to differentiate between the comparisons of CPTs 
within 20m of each other and those within 50m. Note that significant variations in soil 
stratigraphy can occur within close proximity in Christchurch; unfortunately, very few data at 
very close proximity to each other were available (at least when the study was made) and 
therefore distances of 20m and 50m were considered in analysing re-liquefaction cases.

3.2 Water table models 

The water table depth is an integral input into all of the chosen CPT methods for assessing 
liquefaction potential. Event-specific groundwater models were constructed using a system of 
wells monitored by Environment Canterbury (2012). From the archives of 21 wells spread over 
Christchurch which were freely available online, the most recent recorded depth before each 
major earthquake event was used for constructing earthquake-specific water table interpolations. 
Extrapolation between the wells was done using the cubic-spline method (Sandwell, 1987). The 
results of these interpolations were validated through a comparison with the average annual 
depths which in all cases were found to have a similar spatial form. 
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3.3 PGA Inputs 

The peak ground accelerations (PGAs) required for each of the earthquakes analysed were 
sourced from 34 strong-ground-motion stations of GeoNet (GNS 2012). Using the three closest 
stations, the PGA at each CPT location for a specific earthquake was estimated through a 
triangulated linear interpolation. 

3.4 Land Damage Information 

Maps of a land damage grade, developed from T & T’s property inspections, were used for the 
February and June events (Figure 1). The benefit of these maps was that lateral spreading sites 
could be filtered out to avoid potential skewing effects. The only land damage data available for 
the December 2011 aftershock event was based on observations of liquefaction from aerial 
photography. There were also incremental, non-tectonic settlements from light detection and 
ranging surveys (LiDAR) on the CGD for all events. These were used to perform a 
supplementary analysis addressing the uncertainties associated with the other measures of 
observed land damage. 
  

3.5 Data analysis 

MATLAB was the main platform used to code the computational components of this research. 
For the first objective, this involved implementing the three chosen CPT-based liquefaction 
assessment methods and calculating the corresponding LPI. The code was developed to allow 
bulk processing of CPT data sets. This functionality facilitated a broader analysis than could be 
achieved using discrete calculations. MATLAB code was also used for the re-liquefaction 
objective to output overlaid CPT strength profiles. 

Following this initial implementation work, a sensitivity analysis was performed on a 
representative dataset of 11 shallow CPTs (depth < 10m) and 15 deep CPTs (depth > 10m). This 
was done to determine the sensitivity of the three CPT-based methods to variations in 
earthquake magnitude, PGA and water table depth. Additionally it gauged the impact of 
different analysis depths which was important to validate assumptions made in the full-scale 
analyses. Each of these aspects was varied individually using arbitrary values for the purposes 
of comparison. Graphical and spatial comparisons were made between the analysed liquefaction 
potential and the observed liquefaction land damage. These comparisons were initially 
performed using pre-event CPTs for the three main aftershock events and were later extended to 
include the entire CPT data set for all earthquake events. 

 
Figure 1. Visual description of land damage grade, developed for the Canterbury 

earthquake recovery (Reproduced from Canterbury Geotechnical Database, 2012b)
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The statistical graphics package R was used to construct side-by-side boxplots of this 
comparison. These plots were judged to be the best means of performing graphical comparisons 
for entire populations of analysed CPTs. LPIs (analysed land damage) were plotted on the 
vertical axis with observed land damage (derived from damage maps) on the horizontal axis. 
Once constructed, individual event plots were amalgamated to summarise all major earthquake 
events. The observed damage axis was broken down into three segments which were allocated 
to each aftershock event. Using these boxplots, the applicability of the individual CPT-based 
methods and the LPI to Christchurch soils could be gauged by how well the analysed damage 
potential corresponded to what was observed. To clarify the physical meaning of these 
correlations, event-based LPI interpolation maps were constructed for each CPT liquefaction 
assessment method. 

4 RESULTS AND DISCUSSION
 
4.1 Sensitivity Analysis 

It was essential to establish the depth over which each of the CPT analyses would be performed 
before carrying out full-scale processing. Initially, an analysis depth of 20m was applied to deep 
CPTs and used as a baseline because this is the threshold depth to which the LPI is calculated. 
This baseline was compared to the shallow CPT portion of the dataset and an alternative 
analysis depth for deep CPTs of 15m. Despite these cases having shallower analysis depths than 
20m, the traditional LPI weighting function was still applied over the actual CPT depth. Using a 
15m analysis depth reduced the computation time for bulk processing by 30% to between 2-4
hours. From the sensitivity analysis it was determined that the difference between a 15m and 
20m analysis depth was minimal in terms of the calculated LPIs from all methods (typically 
<5%). Therefore, a 15m maximum depth was adopted for full-scale analyses which would 
incorporate both shallow (<10m) and deep (>10m) CPTs.  

The sensitivity of the shallow and deep CPTs to PGA was determined using a fixed earthquake 
magnitude of 7.5 and an arbitrary water table depth of 1m. LPIs were calculated for all CPTs, 
for PGA values varying between 0.1g and 1.0g at 0.1g increments. For both shallow and deep 
CPT populations the general trend was as expected from all CPT methods: increasing PGA 
resulted in higher LPIs which tended towards a reduced gradient at PGA values beyond 1.0g. 
LPIs calculated from the Robertson and Cabal (2010) method were the most sensitive to PGA. 
This was for a PGA change from 0.3g to 0.4g which resulted in a median LPI change of 
approximately 8. The increased sensitivity associated with the Robertson and Cabal (2010) 
method is likely due to the calculation of the stress reduction coefficient (rd) which only 
depends on depth. The two alternative methods use other variables in this calculation (e.g. PGA 
and magnitude).  

The sensitivity to the groundwater level was assessed by increasing the arbitrary depth from 1m. 
This was first done in 0.5m increments but later in 2m increments. The earthquake magnitude 
was kept at 7.5 and the median of the most sensitive PGA range was used (0.35g). LPIs 
calculated from each of the methods were found to be insensitive to 0.5m water table depth 
changes. Using the larger increments, it was found that, provided the water table depths were 
accurate to within 1m, the worst case error in the LPI would be approximately 4. This was 
judged to be tolerable. 

The final calculation input tested was the earthquake magnitude which was varied in increments 
of 0.5. The PGA used was a value of 0.5g (taken during the models validation phase) and the 
water depth was taken as 1m below the ground surface. Again the Robertson and Cabal (2010) 
method was found to be the most sensitive to changes due to its definition of the magnitude 
scaling factor (MSF). The calculated LPIs for shallow and deep CPTs were severely reduced in 
comparison to those for a magnitude 7.5 earthquake. While LPIs calculated from the methods of 
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Moss et al. (2006) (see Figure 2) and Idriss and Boulanger (2008) were less sensitive to changes 
in earthquake magnitude, there was still a significant reduction at magnitudes below 6.5.  

4.2 Applicability of CPT-based methods

The graphical analysis was focused on the three main aftershock events with the highest quality 
results being obtained using the event-specific CPT datasets. LPIs calculated from all three CPT 
methods correlated positively with the damage observed in each aftershock event. This 
observation was made using the median LPI values for different severities of land damage as 
well as the corresponding upper and lower quartiles. This shows that the three CPT-based 
methods assessed were all, to some degree, applicable to Christchurch soils. It also shows that 
liquefaction induced land damage can be estimated using the LPI. The correlation was best 
observed in LPIs calculated from the Moss et al. (2006) method (Figure 3). Results indicated 
that the Robertson and Cabal (2010) method was the least applicable to Christchurch soils. This 
was attributed to the method’s high sensitivity at earthquake magnitudes below 7.5.

It was also evident from these plots that LPI ranges corresponding to different severities of 
damage lowered in later events. Taking the February 2011 LPI ranges as a baseline, this 
indicated that June and December 2011 LPIs underestimated the land damage that was 
observed. The first theory postulated for this trend was the inclusion of cumulative damage 
effects in the measures of land damage. By performing a similar analysis using non-cumulative 
LiDAR settlements from each aftershock, it was found that any cumulative damage effects 
incorporated in the measures of observed land damage did not fully explain this trend. Upon 
further thought it was concluded that a more likely cause for this trend was the severe reduction 
in LPIs at lower earthquake magnitudes established during the sensitivity analysis. The close 
time proximity of the largest June and December 2011 events to separate events of slightly 
lower magnitude means the magnitudes used in the CPT-based methods would likely result in 
an underestimate of the cyclic stress actually experienced by soil profiles.  

To improve the robustness of the three CPT-based methods tested, a review of magnitude 
scaling factor calculations is recommended. Particular emphasis should be placed on their 
validity in cases where high magnitude earthquakes (Mw≥5.0) are in close time proximity. It will 
be necessary to determine the time required for complete excess pore water pressure dissipation 
after liquefaction triggering as well as the amount of seismic energy converted into subsurface 
stresses in multiple, closely spaced earthquakes. 

The 1402 CPT dataset introduced significant variability into the graphical comparisons but were 
useful for improving the resolution of event-specific LPI interpolations. These interpolations 

 
Figure 2. Typical sensitivity analysis output depicting the influence of earthquake 
magnitude on calculated LPIs (as calculated from the Moss et al., 2006 method)
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were used to provide a physical representation of the comparison between analysed liquefaction 
potential and the observed land damage for each earthquake event.

  

4.3 Distribution of Liquefied Layers in Major Aftershock Events 

In continuity with the previous analysis, the distributions of liquefied layers were determined by 
applying the Moss et al. (2006) method to event-specific CPTs. In general, the event-based 
distributions (Figure 4) indicated that deposits within 10m of the ground surface liquefied most 
frequently in the February 2011 aftershock event (on average ≈45%). The analysis suggests that 
this zone of surficial soil liquefied less often in the June and December 2011 aftershocks (on 
average ≈33% and ≈25% respectively). Liquefaction processes are more likely to manifest as 
land damage when they occur closer to the ground surface. Consequently these plots provide a 
potential explanation for why the liquefaction damage observed in the February 2011 event was 
more severe than for other aftershocks. 

  

 
Figure 3. Graphical analysis comparing the analysed LPIs (calculated from Moss et al., 

2006) to the observed land damage for each aftershock event.

 

 
Figure 4. Comparative analysis of liquefied layer distributions for event-specific CPTs 

relating to the main aftershock events in Christchurch.
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4.4 Re-liquefaction Process

In this section, geological sections were assumed not to vary much over short distances such 
that available CPT data can be compared. Both the 20m and 50m distance CPT strength profile 
comparisons at sites of re-liquefaction indicate no significant strengthening has occurred across 
any of the major aftershock events. This inference was made after applying best-fit lines to the 
scatter plots (Figure 5). Both sets of comparisons produced best-fit lines with gradients less than 
1 (0.96 and 0.94 for 20m and 50m distance comparisons, respectively). The best-fit line for 
comparisons of CPTs within 20m had an R2 value of 0.72 which, for a geotechnical engineering 
correlation, is fairly strong. The R2 value for the 50m comparisons was 0.59 which is likely to 
be lower due to the increased geological variation incorporated with this longer offset. The 20m 
comparisons were broken down further into three increments of depth to determine if any 
particular part of the profile was changing (0-5m, 5-10m and >10m). All increments had best-fit 
lines with gradients less than 1 which was consistent with the total analysis, indicating that no 
significant strengthening had occurred in any part of the profile. 

  
Individual CPT comparisons (with the 50m maximum offset) were mapped according to 
whether the tip resistance generally increased, decreased or remained unchanged (Figure 5). Of 
the 30 comparisons made, 83% were unchanged or had lower tip resistances. This indicated that 
the liquefaction and re-liquefaction of sites had not significantly densified the loose deposits and 
therefore the pre-earthquake liquefaction risk across Christchurch had not changed. Note that 
the 50m spatial distance between adjacent CPTs may be too large to compare; however, as 
mentioned earlier, these were the data available when the study was made. 

 
Figure 5. Scatter plot comparing the tip resistance before earthquake events against 
the tip resistance after for CPT comparisons at sites of re-liquefaction in Canterbury

(20m maximum offset)

 
Figure 6: Mapped CPT tip resistance change for sites of re-liquefaction in 

Christchurch (50m maximum CPT offset)
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5 CONCLUSIONS 

The liquefaction observed in Christchurch was analysed using three CPT-based assessment 
procedures. The results showed that all methods correlate well with those observed in 
Christchurch. Moreover, the LPIs calculated were effective estimates of the damage observed at 
the ground surface, with the factor of safety obtained from the Moss et al. (2006) method 
showing the best correlation. Through analysis of the temporal and spatial variability in CPT 
strength profiles at re-liquefied sites, it has been concluded that no noticeable strengthening has 
occurred in Christchurch and the city remains vulnerable to liquefaction induced land damage in 
future earthquakes of similar magnitude to those experienced in 2010 and 2011. 
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ABSTRACT 

The soils underlying much of central Rotorua include several metres of diatomaceous silts and 
pumiceous sands.  The properties of these complex soils are often outside the ranges used to 
establish the current liquefaction criteria, and the assumptions and simplifications made in 
establishing these criteria may therefore be invalid for the Rotorua area. Cone penetration tests 
give low results for both cone resistance and sleeve friction which may affect the accuracy of 
the resulting parameters. These factors make it difficult for the local geotechnical community to 
reliably predict the liquefaction potential of these soils. This paper provides an introduction into 
the topic. A review of the existing research on the properties of similar soils is presented and 
recommendations are given for further research to increase our understanding of the seismic 
behaviour of these soils. 

1 INTRODUCTION 

The city of Rotorua in the central North Island of New Zealand is underlain by up to tens of 
metres of soft diatomaceous silts and pumiceous sands. Little research has been undertaken to 
establish the detailed geotechnical properties of these deposits, however index tests indicate that 
their behaviour is likely to be different from the soils used to establish the empirical 
relationships for determining liquefaction triggering criteria and ensuing ground deformation. 
The soils also have low values of cone resistance and sleeve friction, so the potential inaccuracy 
of the CPT field data obtained at the lower end of the instruments’ measurement capabilities is 
likely to result in errors when calculating liquefaction susceptibility. Further research is required 
to establish whether the established empirical relationships are applicable to the Rotorua soils, 
and whether the current practice for establishing liquefaction susceptibility in Rotorua needs to 
be adjusted. 

In this paper, the predominant soils in the Rotorua area are described, including basic 
geotechnical parameters from limited soil test data.  This is followed by a review of the existing 
state of knowledge on the liquefaction potential of fine grained and pumiceous soils. From this, 
recommendations are given for further research that is needed to gain a better understanding of 
the cyclic behaviour of these types of soils. 

2 ROTORUA SOILS 

2.1 Geology 

The city of Rotorua is located on the shores of Lake Rotorua, which has formed in a large 
caldera that is part of the Taupo Volcanic Zone.  Some volcanic domes are present within the 
caldera basin, however the current lake margins are predominantly underlain by a mixture of 
alluvial, volcanic airfall and lacustrine deposits that are over 100 metres thick in places (Nairn, 
2002). These deposits are generally of Holocene age and are a result of the complex interaction 
between volcanic activity, lake level changes, erosion and deposition. 
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Parts of central Rotorua are located on an active geothermal field, and hydrothermal alteration 
(e.g. by chemical alteration or cementation by deposition of silica) of the soils can therefore be 
expected. 

The groundwater level is generally within 5 metres of the ground surface. There are some 
streams into the lake and the lake edge itself which could allow lateral spreading to occur in 
case of liquefaction. 

Limited soil data was obtained from Gammon and Nelson (1988) and unpublished local 
geotechnical investigation data, as presented in the following sections. It is reiterated that these 
parameters are based on a limited amount of data, and a comprehensive set of in-situ and 
laboratory testing is recommended to better characterise the behaviour and variability of these 
soils. 

2.2 Diatomaceous Silts 

Of particular interest to the local geotechnical community are the lacustrine (lake) deposits, 
which include diatomaceous silts formed from the accumulation of the microscopic silica shells 
of diatoms (an algae).  These deposits can be up to tens of metres thick, and are generally 
overlain by several metres of more recent volcanic ash, lacustrine beach deposits or 
uncontrolled filling. Some of these surficial deposits are potentially liquefiable. 

The geotechnical properties of the diatomaceous silts are summarised as follows: 

 High natural moisture content (160% to 230%); 
 Medium to very high plasticity (plasticity index 13 to 97);
 High to very high liquid limit (64 to 158); 
 Percentage of clay sized particles varies (10% to 50%); 
 High void ratio (3.4 to 5.2); 
 Low dry density (approx. 500 kg/m3);
 Low bulk density (1,270 to 1,300 kg/m3);
 High coefficient of consolidation cv (13 to greater than 30 m2/year); 
 Compression index Cc of 0.56 to 1.2; 
 Low undrained shear strength (20 to 50 kPa, typically 30 kPa); 
 Typical SPT result N=0; 
 Typical CPT cone resistance qc: 0.4 to 1.5 MPa (accuracy +/- 0.1 to 0.2 MPa, depending 

on cone used);
 Typical CPT sleeve friction fs: 0.01 MPa (accuracy +/- 0.001 MPa); 
 Typical Soil Behaviour Type Index Ic: 2.8 to 3.4 (silty clay to clay).

Under static loading (one dimensional compression) the silt behaves like a saturated normally 
consolidated clay and shows a time-dependent response to loading due to consolidation.  The 
void ratio after testing is still relatively high due to the internal voids within the structure of the 
particles. 

Although no shear strength measurements are available for the diatomaceous silts, the field 
description of borehole samples suggests low shear strengths, high sensitivity and dilatant 
behaviour. Although the sensitivity can be estimated from the CPT test results, the low cone 
resistance and sleeve friction values compared to the accuracy of the measurements mean that 
the values for sensitivity may not be accurate. This also applies to the calculation of the soil 
behaviour type index that is used in the assessment of susceptibility to liquefaction, which is 
mostly affected by inaccuracies in the cone resistance (Robertson, 2009). 
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2.3 Pumiceous Sands 

There are various depositional origins of the pumiceous sands. Although they are all volcanic in 
origin, the material could have been emplaced by direct airfall, pyroclastic flows or have been 
reworked by alluvial processes.  The characteristics of pumiceous sands are therefore expected 
to be variable. 

The geotechnical properties of the pumiceous sands, as obtained from the available data, are 
summarised as follows: 

 Grain size distribution is well graded (fine to coarse); 
 Percentage of gravel particles varies (2% to 65%), so some deposits are (sandy) gravels; 
 Low dry density (500 to 750 kg/m3); 
 Low bulk density (980 to 1120 kg/m3); 
 Variable friction angle of 25° to 40°; 
 Variable SPT results (N=5 to N=38); 
 Typical CPT cone resistance qc: 3.0 to 12.0 MPa; 
 Typical CPT sleeve friction fs: 0.02 to 0.05 MPa; 
 Typical Soil Behaviour Type Index Ic: 1.6 to 2.2. 

3 PREDICTION OF LIQUEFACTION POTENTIAL 

3.1 Current Practice 

Until recently, the assessment of the liquefaction potential of a Rotorua site was not always 
undertaken as part of a geotechnical investigation, or only a qualitative assessment was used in 
which finer grained materials were not considered to be liquefiable. 

In 2012, the geotechnical requirements of the Rotorua Civil Engineering Industry Standard were 
updated by Rotorua District Council to include the requirement to consider liquefaction 
potential.  For all residential and small (<110 m2) commercial buildings the potential for 
liquefaction must now be considered, however investigations and analyses may not be required 
depending on the building type, complexity and potential for lateral spreading. CPT testing and 
analysis is required for all larger commercial developments. 

Although CPT testing is now frequently undertaken in Rotorua, there are no requirements as to 
the minimum accuracy of the results or whether the susceptibility of fine grained soils should be 
included, nor is there currently sufficient information to determine which analysis method and 
input parameters provide the most accurate results in these materials. 

3.2 Fine Grained Soils 

The liquefaction potential of fine grained soils has been the topic of much research by various 
authors with notable recent contributions including Bray and Sancio (2006), Boulanger and 
Idriss (2007), Robertson (2009), and Prakash and Puri (2010). For a comprehensive review of 
the recent developments and proposed analysis methods the referenced papers should be 
referred to, however a brief summary of the points relevant to this paper is given here. 

Traditionally, fine grained soils (i.e. clay and silt) were considered to be non-liquefiable. Once it 
became apparent that fine grained soils can be affected by earthquake loading, criteria were 
developed to establish which fine-grained soils are likely to be susceptible to liquefaction. 
These criteria were based on the percentage of clay particles, liquid limit and ratio between the 
natural water content and the liquid limit.  As more case studies and laboratory testing data 
became available, these criteria were refined and adjusted by various researchers. It was found 
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that liquefaction susceptibility relates well to the plasticity index of the soil and ratio between 
the natural water content and the liquid limit, although these properties are not always used in 
routine liquefaction hazard analyses.  An expanded data set of case history data is used by Bray 
and Sancio (2006), including data with a plasticity index of up to 40, liquid limit of up to 70 and 
moisture content of 25 to 45.  The properties of Rotorua’s diatomaceous silts are well in excess 
of these ranges. 

In “clay-like” soils the reduction of shear strength under cyclic loading can result in significant 
deformations, even if the pore water pressures do not increase sufficiently to result in zero 
effective stress. Since zero effective stress in generally not reached, the term ‘cyclic softening’ 
is used instead of ‘liquefaction’. Boulanger and Idriss (2007) state that the strength loss is likely 
to result in relatively high settlements for sensitive soils with a high liquidity index (such as the 
Rotorua soils). Whereas relative density controls the settlement magnitudes in sands, sensitivity 
controls deformation in “clay-like” soils. 

Boulanger and Idriss (2007) and Robertson (2009) made an effort to quantify the susceptibility 
to liquefaction in a similar manner as was developed for sands, and identified two types of soil 
behaviour under seismic loading: “clay-like” and “sand-like” (based on the plasticity index and 
soil behaviour type index (Ic) respectively).  The resistance to liquefaction (expressed as the 
CRR) was related to the overconsolidation ratio (OCR) and shear strength profile of the soil, 
thus allowing a factor of safety to be established. Robertson (2009) suggested methods to 
correlate the CPT results to these and other parameters, including sensitivity, by relating the 
shear strength to the cone resistance and the remoulded shear strength to the sleeve friction. 

Prakash and Puri (2010) looked at the relationship between the plasticity index (PI) and CRR.  
They found a critical PI of approximately 5 for which the lowest CRR was obtained. Similar 
results were obtained for the fines content in research by Athanasopoulos and Xenaki (2008), 
which identifies a critical fines content of 42% with the lowest liquefaction resistance and 
lowest relative density. 

3.3 Pumiceous Soils 

The cyclic behaviour of pumiceous sands was investigated by Orense et al. (2012). The 
materials tested included both fluvial sands and processed sand.  The reworking of these sands 
by natural and man-made processes has resulted in relatively pure pumice which is more 
uniformly graded than the Rotorua sands. 
  
Particle crushing due to the material’s porosity and angularity was observed by Orense et al. 
(2012) under (cyclic) shearing, however not from consolidation (normal stresses). A higher 
resistance to liquefaction was obtained after crushing.  Finer grained materials were slower to 
build up excess porewater pressures and had a lower liquefaction resistance, comparable to the 
behaviour of ‘normal’ silica sands. The relative density of the pumiceous sands did not 
significantly affect the behaviour of the material in the tests undertaken, including in CPT 
results. Only a small increase in CPT resistance was obtained with increasing confining 
pressures. A relatively high friction angle was obtained for both loose and dense sands. No 
steady state deformations occurred at high strains, suggesting the sands maintained some 
stiffness. The use of shear wave velocity was proposed as a possible way to more accurately 
establish the cyclic resistance of pumiceous sands. 

O’Sullivan and Holland (2011) presented the findings of the testing undertaken on a sensitive 
fine grained completely weathered pumiceous ignimbrite in the Waikato with a relatively low 
bulk density, high friction angle and high natural water content in excess of 100%, similar to the 
Rotorua soils. Seismic dilatometer testing was undertaken to obtain an in-situ strength and 
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stiffness profile of the soil, with relatively high shear velocity values being obtained in 
comparison to what would be expected based on the CPT results. 

3.4 Diatomaceous Soils 

The geotechnical properties of diatomaceous soils with a similar origin to those found in 
Rotorua was investigated by Verdugo (2008). The soils tested in his research had a compression 
index Cc of 0.7 to 1.0 and clay-sized particle content of 37% (within the Rotorua range), while 
the average plasticity index of 5, liquid limit of 60, maximum dry density of 1080 kg/m3 and 
void ratio between 1.5 and 2.2 were lower than those of the diatomaceous silt in Rotorua. 

Verdugo found that there was no particle crushing during consolidation tests within the stress 
range tested (up to 3.2 MPa), suggesting high strength particles, however as observed by Orense 
et al. (2012) for pumiceous soils, it is possible that particle crushing would occur under shear 
stresses.   Relatively high shear strength parameters were obtained (c’ = 40kPa and φ’ = 45°), 
however the shear wave velocity Vs was relatively low (100 to 120 m/s at 100 kPa confining 
pressure). The results also indicate that water within the diatom particles is isolated from the 
generation of pore water pressures between particles.

The review of properties of diatomaceous soils in other volcanic regions given in Verdugo 
(2008) indicates the soils can have a high sensitivity (up to 20) and natural water content (up to 
400%), as is found in Rotorua. 

4 FURTHER RESEARCH 

There is clearly a lack of available data to accurately characterise the likely behaviour of the 
Rotorua soils under cyclic loading. It is recommended that the following research is undertaken 
to increase our understanding of these complex soils: 

 Undrained cyclic triaxial tests on natural soils from the Rotorua area, to expand on the 
research undertaken by Orense et al. (2012); 

 As suggested in Orense et al. (2012), establishing whether shear wave velocities in 
pumiceous sands are more appropriate than CPT tests for establishing liquefaction 
susceptibility by comparing the results to the triaxial tests. This should be expanded to 
include shear wave velocity measurements of the diatomaceous silts, especially since 
these gave relatively low results (Verdugo, 2008) while the shear wave velocities in 
pumiceous materials were higher than expected (O’Sullivan and Holland, 2011);

 In-situ shear strength testing in combination with CPT tests to establish appropriate Nkt 
values for the Rotorua soils.  This would allow a more accurate use of the CPT results 
to establish a shear strength profile to establish the CRR in accordance with Boulanger 
and Idriss (2007). The research presented in the paper by Pender et al. (1998) on 
Tauranga and Waikato soils may be able to be expanded to include Rotorua’s 
diatomaceous silts; 

 Assessing whether the currently used CPT cones provide sufficient accuracy for the low 
CPT results obtained, especially considering the significance of sensitivity; 

 Establishing the effect of ground temperature on the accuracy of the CPT results; 
 Establishing the effects of geothermal alteration on the behaviour of soils. 

5 CONCLUSIONS 

The margins of Lake Rotorua, including parts of the city of Rotorua, are underlain by complex 
and variable soils, including thick deposits of interbedded diatomaceous silts and pumiceous 
sands. The geotechnical properties of these soils are often outside the range used to establish the 
current liquefaction (or cyclic softening) criteria, and the assumptions and simplifications made 
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in establishing these assessment procedures are therefore likely to be invalid. Some research has 
been undertaken on similar materials, however it is not clear how the results of this research can 
be applied to the soils of Rotorua. 

It is recommended that a comprehensive set of in-situ and laboratory testing is undertaken to 
gain a better understanding of these materials and provide recommendations for correlation 
parameters and the most suitable type of tests, including required accuracies. These can then be 
included or referred to in the Rotorua Civil Engineering Industry Standard.  This would allow 
the local geotechnical community to more consistently and accurately assess the liquefaction 
susceptibility for individual low-risk projects (e.g. residential and small commercial buildings) 
using cost-effective site investigation methods. 
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ABSTRACT 
This paper reviews predictions of ground settlement due to post-liquefaction volumetric 
consolidation, and compares these predictions to ground damage observed from the Canterbury 
Earthquake Sequence in selected areas of Christchurch with differing ground conditions. 

While ground settlement due to volumetric consolidation is only one component of the many 
liquefaction-related phenomena which can result in ground damage, it is one of the few aspects 
of post-liquefaction behaviour where simple predictive correlations are currently available to 
estimate consequential ground damage. So while predicted volumetric consolidation settlements 
do not capture all aspects of liquefaction-induced ground damage, they can provide a useful 
index for engineering practitioners to help compare potential ground damage at different sites. 

This paper seeks to assist practitioners in their use of settlement predictions as an index of 
damage by examining how site-specific ground conditions can alter the consequential ground 
damage from liquefaction. Six sites across Christchurch are examined, two where analysis of 
CPT data predicts minor volumetric consolidation settlement, two where moderate settlements 
are predicted, and two where significant settlements are predicted. For one site from each pair, 
observations of ground damage from the Canterbury Earthquake Sequence are in general 
agreement with the settlement prediction. For the other site from each pair, observed ground 
damage was significantly less than would be suggested by the settlement prediction. The 
reasons for this difference between predicted and observed behaviour are investigated. Factors 
that are examined include the effect of sand boils, lateral spreading, crust thickness and strength, 
depth at which liquefaction occurs, and layered soil profiles. 

1 INTRODUCTION 
Following the 2010 to 2012 earthquake sequence in Canterbury which caused widespread 
ground damage due to liquefaction, this paper focusses closely on specific site pairs in 
Christchurch and analyses how they performed in the February 2011 earthquake. The following 
sites are discussed and compared: 

1. Aranui and North New Brighton 
2. Parklands and Dallington 
3. Shirley and St Martins 

Each of the above site pairs has similar predicted settlements. 

In each case best estimates of February 2011 earthquake conditions such as earthquake 
magnitude, peak ground acceleration (PGA) and groundwater level are modelled. Cone 
penetration test (CPT) data was used to carry out the assessment along with vertical ground 
subsidence data taken from the Canterbury Geotechnical Database. 
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Figure 1: Site Location Plan 

For the purposes of this paper measured vertical elevation change of the ground surface is the 
principal way of assessing ground damage due to liquefaction. For a more detailed assessment 
of ground damage using a range of measures refer to ‘Liquefaction Vulnerability Study’
(Tonkin & Taylor, 2013) 

Comparison is made between predicted volumetric consolidation settlement due to liquefaction 
(based on the liquefaction triggering method of Idriss & Boulanger & post liquefaction 
settlement method of Zhang et al) and observed vertical elevation change based on LiDAR 
survey data taken after the February 2011 earthquake event.  An analysis of the suitability of 
predicting likely ground damage due to liquefaction over the upper 10m or upper 20m has been 
investigated to try to assess which gives the best indication of ground damage occurring due to 
liquefaction. The estimated volumetric consolidation settlement should not be thought of as the 
actual ground settlement which will occur due to an earthquake. Rather, it should be used as an 
index to gauge the relative severity of liquefaction effects. All CPTs analysed have a depth of at 
least 10m. This paper attempts to look at specific areas to quantify the amount of influence from 
all factors which have an influence on ground subsidence including lateral spread, sand boils, 
material strength, crust thickness and depth at which liquefaction occurs.  

2 ARANUI AND NORTH NEW BRIGHTON 
Both Aranui and North New Brighton study areas are located to the north east of Christchurch 
CBD on opposite sides of the River Avon. They have relatively similar predicted settlements 
and the areas within the extents of both these study areas have been classified as Technical 
Category 3 (TC3) according to the DBH residential technical categories. The area of North New
Brighton close to the River Avon suffered from major global lateral ground movements due to 
the 2010 to 2012 earthquake sequence whereas in Aranui the global lateral ground movement 
wasn’t as significant. 

Borehole logs indicate that the soil material underlying North New Brighton generally consists 
of loose to medium dense sands while the subsurface material at Aranui generally consists of 
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loose to medium dense sands with a number of silty sand layers present. In both areas simple 
liquefaction analysis of CPTs suggest liquefaction could be expected to occur relatively evenly 
over the upper 10m ground surface profile and the lower ground profile between 10m and 20m. 
Groundwater levels estimated for the 22 February earthquake range from 1.3m below ground 
level (bgl) to 3.0mbgl at North New Brighton for the CPTs analysed. At Aranui groundwater 
levels range from 0.9mbgl to 2.5mbgl for the CPTs analysed.  

In each of these areas predicted volumetric consolidation settlement due to liquefaction was 
calculated based on CPT results from 34 CPTs at each site.   

  

 

 

 

  

 

   

 Figure 2a: Aranui                                  Figure 2b: North New Brighton 

Figures 2a and 2b above show the recorded observed ground subsidence due to liquefaction at 
Aranui and North New Brighton based on the February 2011 earthquake. The markers in red 
show the positions where the CPTs taken for the analyses were advanced. Between one and 
three CPTs were generally located nearby each marker. Figure 3 shows a comparison between 
predicted and observed settlement ranges for Aranui and North New Brighton. 

At Aranui, in 68% of cases, settlements calculated based on a depth profile of the upper 10m 
from CPT data was within the range of the vertical ground subsidence recorded LiDAR in the 
surrounding area. In 65% of cases the settlement calculated over the upper 20m was in the range 
of the LiDAR survey data in the surrounding area.  

At North New Brighton, the calculated settlement based on a 10m depth profile was within the 
range of the ground subsidence recorded from LiDAR survey data in 62% of cases. This 
compares to an agreement in 50% of cases when settlement is calculated over 20m depth.  

!

Figure 3: Settlement analyses due to Feb-11 earthquake – Aranui & North New Brighton
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North New Brighton Aranui 

Ground subsidence due to liquefaction taken from LiDAR. (Tectonic component removed). 
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The most likely reason for greater observed ground damage at North New Brighton is the 
influence of global lateral ground movement. Both Aranui and North New Brighton border the 
River Avon on opposite sides. It is noted that there is a greater incline towards the river on the 
North New Brighton side. This would contribute to increased lateral spread. Lateral spreading is 
horizontal displacement (few centimetres to a metre or more) of superficial blocks of soil 
towards an open slope face as a result of liquefaction of the underlying soils. The occurrence of 
lateral spreading here is likely to be due to the presence of a relatively continuous liquefiable 
layer which extends to the river bank of the River Avon.   

The fact that Aranui has a higher ground surface elevation may also contribute to the fact that it 
performed better than North New Brighton. This means that Aranui generally has a larger crust 
thickness which contributes to increased protection from liquefaction related damage at depth. 
The crust thickness is the thickness from ground level to a layer of liquefiable material beneath 
the water table. 

3 PARKLANDS AND DALLINGTON 
The Parklands study area is located 8km to the northeast of Christchurch CBD closeby the 
Pegasus Bay coastline while the Dallington study area is located 4km northeast of the CBD 
bordering the river Avon. All of the Parklands study area has been classified as TC3 while 
Dallington consists of a portion of land which has been classified as red zone and another 
portion which is classified as TC3. The two sites have relatively similar predicted settlements.

         

                  Figure 4a: Parklands                                               Figure 4b: Dallington 

The underlying soil material at Dallington generally consists of silty sand / sandy silt with a 
number of gravel layers present. At Parklands the underlying material generally consists of fine 
to medium sand. 

Volumetric consolidation settlement due to liquefaction was calculated based on CPT results 
from 25 CPTs at Parklands and 26 CPTs at Dallington. Figure 5 shows a comparison between 
predicted and observed settlement ranges for Parklands and Dallington. 

At Parklands, the calculated settlement based on a 10m depth profile was within the range of the 
ground subsidence recorded from LiDAR survey data in 88% of cases. This is in comparison to 
an agreement in 76% of cases when settlement is calculated over a 20m depth profile. 

  

Ground subsidence due to liquefaction taken from LiDAR. (Tectonic component removed). 
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Figure 5: Settlement analyses due to Feb-11 Earthquake – Parklands & Dallington 

At Dallington, in 88% of cases settlements calculated based on a depth profile of the upper 10m 
from CPT data were within the range of the vertical ground subsidence recorded from LiDAR in 
the surrounding area. In 65% of cases the settlement calculated over the upper 20m was within 
the range of the LiDAR survey data. 

It can be seen that the predicted settlements provide a similar degree of accuracy for both sites. 
However when the sites are compared using the vertical elevation change from the LiDAR data 
in figures 4a and 4b  it is seen that Dallington suffered considerably more ground damage. This 
is due to a large amount of variation in observed ground damage over small distances and in 
many cases CPTs were not advanced in the more severe areas. Groundwater levels at Parklands 
based on the 22 Febrauary earthquake event range from 0.7mbgl to 2.8mbgl. At Dallington 
groundwater levels range from 0.7mbgl to 3.0mbgl. The magnitude of vertical ground 
subsidence which occurred at Dallington was generally larger than the ground subsidence at 
Parklands. 

At Dallington the area to the west bordering the River Avon where markers 1, 2, 3, 4 and 5 are 
located had significantly deeper groundwater levels (based on 22 February earthquake 
conditions) than the area to the east of the site where markers 6, 7 and 8 are located. The 
average groundwater level (based on February 2011 earthquake conditions) at the west of the 
site was 2.4mbgl while the average along the east of the site was 1.1mbgl approximately. There 
is a noticeable difference in the ground damage observed at these two locations. The area to the 
east of the site bordering the River Avon performed much worse. It is seen that in this case crust 
thickness has a strong influence on the variation in observed ground damage after the February 
2011 earthquake. A thicker crust provides a protective effect which reduces the effects of 
settlement due to liquefaction at the upper ground surface. 

As well as the influence of crust thickness significant lateral ground movement occurred at the 
site of Dallington closeby the River Avon while the lateral ground movement that occurred at 
Parklands is insignificant in comparison. Lateral spreading causes cracks to open up through the 
crust, enabling liquefied soil to be more easily ejected, increasing ground damage. Looking at 
predicted settlement data and ground damage which occurred in this area it can be seen that the 
recorded ground subsidence in these areas is between 100mm and 400mm generally. It is hard 
to compare settlement based on CPT data to actual ground subsidence because there is high 
variation occurring over small distances with the LiDAR data.  There were six CPTs analysed in 
this area. All six CPTs analysed predicted ground subsidence in the observed range when 
analysed to 10m depth. Based on the analyses to 20m, 4 out of 6 predicted ground subsidence in 
the observed range. Although the CPTs predicted settlements in the observed range it is clear 
that lateral spreading caused more significant settlement that what would normally occur. The 
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occurrence of lateral spreading here is likely to be due to the presence of a relatively continuous 
liquefiable layer which extends to the river bank of the River Avon.    

From the CPTs analysed at Parklands generally it is seen that there are a number of examples
where more liquefaction is predicted to occur over the depth profile from 10 – 20m than from 0 
-10m. There is an interesting example at marker 9 at Parklands (CPT_2791) where minimal 
liquefaction is predicted to occur in thin layers over the upper 10m while substantial 
liquefaction is predicted to occur in one complete block between 10m and 20m depth. In this 
case the settlement due to liquefaction calculated over a 10m depth profile predicted ground 
subsidence within the observed range (0 -200mm). Although the range of ground subsidence 
was large it is seen in this case that liquefiable material closer to the surface has greater 
influence over ground damage than liquefiable material at depth. 

At Parklands it is observed that in a number of cases the land which residential properties were 
constructed on is generally at a higher ground level than nearby road levels. It is noted from the 
LiDAR data that areas where roads were constructed settled significantly less than the higher 
ground where residential properties were constructed. This is more than likely due to lateral 
ground movement of material from higher ground during earthquake shaking which caused 
ground levels to equalise. As the areas of lower ground levels have a narrower crust thickness 
there is the possibility of more liquefied material emerging to the surface through cracks in this 
area. 

4 SAINT MARTINS AND SHIRLEY 
The study area of Saint Martins is located approximately 4km to the south of Christchurch CBD 
closeby the Heathcote river while the site of Shirley is located approximately 3km to the north 
of Christchurch CBD. After the February 2011 earthquake it was noted generally that the 
suburbs to the north east of Christchurch suffered greater land damage than those at the 
southwest and south.

Residential properties within the Saint Martins study area are classified as both TC2 and TC3 
according to the DBH residential technical categories. In the Shirley study area all the 
residential properties are classified as TC3. The subsurface soil material recorded at Saint 
Martins generally consists of silts, silty sands, occasional layers of organic material and sandy 
gravels while the subsurface material recorded at Shirley consists of silts, sands and gravelly 
sands. Groundwater levels at Shirley based on the 22 February earthquake event range from 
0.8mbgl to 2.3mbgl. At Saint Martins groundwater levels range from 0.8mbgl to 4.1mbgl.  

At Saint Martins all CPTs except for 2 did not achieve their target depth of 20m due to layers of 
dense gravels located between 10m and 20mbgl. All the CPTs at Shirley reached target depth. 

Figures 6a and 6b above show the recorded observed ground subsidence at Shirley and Saint 
Martins based on the February 2011 & September 2010 earthquakes. The markers in red show 
the positions where the CPTs taken for the analyses were advanced. Between one and three 
CPTs were generally located nearby each marker. Unfortunately the vertical elevation change 
calculated from LiDAR survey data based on the February 2011 earthquake alone is unavailable 
for the Saint Martins area.  

To compare these two sites the vertical elevation change from both the September 2010 and 
February 2011 earthquakes is compared. It can be seen that the amount of ground damage which 
occurred at Shirley was much greater than the ground damage which occurred at Saint Martins. 
Figure 7 compares predicted and observed settlement for Shirley and St Martins. 

145



N
ew

 Z
ea

la
nd

 G
eo

te
ch

ni
ca

l S
oc

ie
ty

 In
c.

 1
9t

h 
S

ym
po

si
um

, Q
ue

en
st

ow
n 

20
13

Power, P.M. & Jacka, M. (2013).   
Comparison between predicted liquefaction induced settlement and ground damage observed from 

the Canterbury earthquake sequence.   
 
  

 

                             

 

 

                           

                             

                 Figure 6a: Shirley                                                     Figure 6b: Saint Martins 

   

 

 

 

 

Figure 7: Settlement analyses due to Feb-11 Earthquake – Shirley & St Martins 

Considering Shirley, from the 10 CPTs analysed 40 % of CPTs predicted the observed ground 
subsidence range when analysed to 10m depth. When analysed to 20m depth, 50% of CPTs 
predicted the observed measured ground subsidence range. In the majority of these cases more 
ground settlement was observed than predicted. 

A watercourse runs through the centre of the Shirley study area from north to south. This is 
shown on the location plan above in figure 8a above as a blue line. There was significant lateral 
ground movement recorded in this area. At the Saint Martins study area, the Heathcote River 
runs along the eastern, northern and western boundary. There are some signs of lateral ground 
movement but they are less significant than those at Shirley. This is likely to be a significant 
cause of greater observed land damage at Shirley compared to Saint Martins. Another reason 
why the observed ground damage at Saint Martins is not as significant as that at Shirley is 
possibly because there are dense gravel layers located between 10m and 20m depth. At the 
southern part of Saint Martins rock outcrop from the Port Hills is observed in boreholes at depth 
occasionally. 

At Saint Martins significant ground damage was observed based on the September 2010 and
February 2011 earthquakes at marker 10. In this area the predicted ground settlement generally 
matched the amount of land damage observed when analysed to 20m depth. The reason for the 
high predicted and observed settlement is simply a high proportion of liquefiable material at this 
area. Groundwater levels at this specific area from the 2 CPTs analysed were the deepest 
observed in Saint Martins giving crust thicknesses of 3.7mbgl and 4.1mbgl. In this particular 

Ground subsidence due to liquefaction taken from LiDAR. (Tectonic component removed). 
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case, sloping ground encouraged lateral ground movements, causing ground cracking which 
allowed liquefied soil to be ejected. 

5 CONCLUSION 
In the prediction of ground damage due to liquefaction there are a number of factors which 
influence how much land damage will occur which have been examined in this paper.  

 Vertical volumetric consolidation settlement calculation (due to liquefaction) generally 
provides a good indicator of land damage that will occur. In general it is seen that both a 
10m and a 20m depth profile should be considered in each analysis. From experience 
this method takes into account material strength to model which materials will liquefy 
at given PGAs. 

 Lateral spread near rivers, watercourses and any ground which slopes steeply causes a 
change to the ground profile which cannot be predicted using the vertical consolidation 
settlement due to liquefaction methods. It is something that is site specific. Its influence 
is discussed in this paper. 

 The influence of crust thickness is discussed in relation to observed ground damage in a 
number of areas in this paper. 

 Along with the factors listed above, other factors such as depth at which liquefaction 
occurs and the effect that thickness of liquefiable layers has on ground damage are 
discussed referring to specific examples in Christchurch. 
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ABSTRACT 
The 2010 Darfield and 2011 Christchurch Earthquakes triggered extensive liquefaction-induced 
lateral spreading proximate to streams and rivers in the Christchurch area, causing significant 
damage to structures and lifelines. A case study in central Christchurch is presented and 
compares field observations with predicted displacements from the widely adopted empirical 
model of Youd et al. (2002). Cone penetration testing (CPT), with measured soil gradation 
indices (fines content and median grain size) on typical fluvial deposits along the Avon River 
were used to determine the required geotechnical parameters for the model input. The method 
presented attempts to enable the adoption of the extensive post-quake CPT test records in place 
of the lower quality and less available Standard Penetration Test (SPT) data required by the 
original Youd model. The results indicate some agreement between the Youd model predictions 
and the field observations, while the majority of computed displacements error on the side of 
over-prediction by more than a factor of two.  A sensitivity analysis was performed with respect 
to the uncertainties used as model input, illustrating the model’s high sensitivity to the input 
parameters, with median grain size and fines content among the most influential, and suggesting 
that the use of CPT data to quantify these parameters may lead to variable results. 

1 INTRODUCTION 
The Darfield Earthquake of 4 September 2010 (Mw 7.1) and the Christchurch Earthquake of 22 
February 2011 (Mw 6.2) triggered extensive liquefaction throughout Christchurch and 
surrounding suburbs. In particular, liquefaction-induced horizontal ground displacements 
(‘lateral spreading’) resulted in severe damage to structures and lifelines in proximity to streams 
and rivers (Cubrinovski et al. 2012). There is a clear need to understand and predict the extent 
of lateral spreading movements and the consequent hazard to buildings and infrastructure under 
future earthquake scenarios. However, the uncertainty in the prediction of lateral spreading is 
compounded by the large uncertainty in ground motion estimation and variability in site 
conditions. 

Case histories of lateral spreading occurrence during historic earthquakes have been collated 
and used to develop simple empirical and semi-empirical models for estimating the magnitudes 
of lateral displacement (e.g. Youd et al. 2002, Zhang et al. 2004). With uncertainties in 
spreading displacement estimates often on the order of +/-50% (i.e. a factor of two), the 
predictions are suitable for characterising the hazard within an order of magnitude, but are often 
inadequate for detailed design.  

This paper compares field measurements of lateral spreading displacements obtained following 
the Christchurch earthquake with displacement predictions using the Youd et al. (2002) model. 
Cone penetration test (CPT) data was used to classify the geotechnical input parameters for the 
model, as Standard Penetration Test (SPT) data in proximity to the field measurements was 
scarce or unavailable. Abundant CPT and grain size data (fines content, FC, and median grain 
size, D50) along the Avon River were used to develop site-specific correlations for estimating 
the F15 and D50(15) parameters, where these are defined below. The associated uncertainties with 
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these relationships, as well as with the remaining input values used in the comparison, are 
addressed in a sensitivity analysis for a specific location. 

2 YOUD ET AL. (2002) MODEL 
Youd et al. (2002) employed regression analysis on documented field measurements of lateral 
spreading following earthquakes in the US and Japan. Regression parameters considered were 
related to the ground motion (via. earthquake magnitude and distance parameters), topography 
(i.e. free face or sloping ground cases), and geotechnical properties (thickness of potential 
liquefied sliding mass and intrinsic soil gradation characteristics). The functional form of the 
equation developed for free-face conditions is given in Equation (1) and will hereafter be 
referred to as the Youd et al. model. 

logDH = –16.713 + 1.532Mw – 1.406logR* – 0.012R + 0.592logW + 0.540logT15 
+ 3.413log(100 – F15) – 0.795log(D50(15) + 0.1mm)          (1) 

where DH is the lateral spreading displacement (m); Mw is the earthquake moment magnitude; R
is the horizontal distance to the nearest seismic source or fault rupture (km); R*=R+R0 is the 
modified source distance, where R0=10(0.89Mw-5.64); W=H/L*100 is the free-face ratio, where H is 
the height of free-face and L is the distance from the crest of the free-face;  T15 is the thickness 
(m) of saturated, cohesionless sediment with SPT (N1)60<15; F15 is the average fines content, FC
(%) within T15; and D50(15) is the median grain size, D50 (mm) within T15. The free-face equation 
is presented (as opposed to that for sloping ground conditions) as it is more applicable for many 
of the areas investigated in Christchurch where slopes are relatively gentle (generally less than 
~1-2%) and the river channel serves as the free-face. 

3 CASE STUDY OF LATERAL SPREADING FIELD MEASUREMENTS 

3.1 Site Location 
The Avon Loop, situated in the north-east of the Central Business District in Christchurch, was 
subject to significant lateral spreading following the recent seismic events. Within 
approximately one month following the 22 February Christchurch Earthquake, field 
measurements in the area were employed following the Christchurch Earthquake using the 
method of ground surveying which consists of recording crack dimensions and distance from 
the waterway in a line (transect) oriented perpendicular to the direction of spreading (Robinson 
et al. 2011, 2012). Summation of the cracks along the specific line of measurement yielded
maximum lateral ground displacements at the river bank ranging from <0.1 m to ~1.6 m. 
Ground surveying data was not performed at this location following the Darfield event, and 
hence the measurements are assumed to be cumulative for both the Darfield and Christchurch 
earthquakes. The surveyed transects and nearby CPT locations are shown in Figure 1 where the 
colour-coded circles (grouped by 20-centimeter categories) indicate magnitude of cumulative 
lateral spreading displacement at each point of measurement along the transect, i.e. crack 
location, start or end of transect. 

3.2 Collated geotechnical data 
Abundant CPT and SPT borehole (BH) data was collated from sites along the Avon River to 
develop relationships for estimating the required Youd et al. model parameters, specifically F15
and D50(15) from CPT data (CERA 2012).  There is relatively limited borehole (with SPT) data in 
close proximity (< 50 m) of the majority of surveyed locations (Fig. 1(a)). Of the boreholes 
shown, many had very little associated D50 and FC data needed for the model input. As a result, 
an attempt has been made to establish correlations for FC and D50 from boreholes with SPT, and 
the soil behaviour type index (Ic) obtained from CPT test results (Youd et al. 2001). In principle, 
this approach is not recommended as Ic, a measure of soil behaviour type, is not a direct means 
of determining grain size characteristics; however, due to the current scarcity of available soil 
gradation data at individual sites where lateral spreading occurred, the CPT data serve as the 
best resource to quantify the F15 and D50(15) Youd et al. model parameters.  
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Available data on the Canterbury Geotechnical Database (CERA 2012) for sites: (i) between 
Hagley Park in central Christchurch; (ii) the Estuary in the east of the city; and (iii) situated 
within 300 m of the Avon River and Bottle Lake suburb (a legacy meander loop of the Avon 
River) were considered. The collated data was limited to boreholes with available soil gradation 
information (fines fraction and/or particle size distribution curve) and located within 5 meters of 
a CPT, which totalled 61 sites (Fig. 1(b)).  

Figure 1. Location plan of (a) cumulative lateral spreading field measurements in the 
Avon Loop following the Feb 2011 EQ and (b) collated SPT and CPT data for analysis

3.3 Development of geotechnical model parameters, F15 and D50(15)

3.3.1 Estimation of fines content, FC, from CPT data 
A relationship between soil behaviour type index, Ic (after Youd et al. (2001)), and fines 
content, FC, specific to the soils subject to lateral spreading along the Avon River was 
developed from the available CPT and nearby boreholes with soil gradation data.  A simplified 
soil profile was developed based on interpretation of CPT tip resistance, qc, and computed soil 
behaviour type, Ic, in order to obtain approximate Ic-values at depths corresponding to the soil 
gradation data in adjacent boreholes. The interpreted strata were compared to the borehole logs 
to ensure consistency in the soil description for the sample and selected Ic-layer. Figure 2 
presents the site-specific relationship developed between Ic and FC. The Ic-value within an 
interpreted soil layer typically varied on the order of +/-0.1 to +/-0.2, as represented by the 
horizontal error bars in the plot. Strata that exhibited significant variation in Ic (typically > +/-
0.3), e.g. at a transition zone between two layers, were not included in the analysis.  

To develop a parametric relationship between Ic and FC, two distinct zones of data were 
considered, as delineated by FC=30%. Previous research shows the soil-skeleton behavior of 
sand transitions from a sand-controlled matrix to that of fines-controlled matrix at a threshold 
fines content of around 30% (e.g. Cubrinovski et al. 2010). Similarly, the selected zone 
boundary is consistent with liquefaction resistance curves adjusted for fines up to 35% (e.g. 
Youd et al. 2001). When compared to the general empirical correlation proposed by Robertson 
and Wride (1998), the Christchurch data for FC>30% generally fits with the Robertson and 
Wride bound for low-plasticity soils (PI<5%), as expected given the non-plastic nature of the 
fluvial silty sands prevalent in Christchurch. In addition, the FC>30% data is typically bounded 
by the soil-type behavior line defined by Robertson and Wride (1998) of Ic=2.05. Figure 2 
provides a relationship to approximate FC from CPT-derived Ic (for Ic>2.05); +/- sigma should 
be considered when employing this relationship given the relatively large amount of uncertainty 
(R2=0.48). A larger degree of scatter associated with the FC<30% data indicates no apparent 
trend, illustrating a decreasing sensitivity of Ic to soils with lower FC. Due to the lack of Ic-FC
correlation for soils with FC<30%, an average fines content of 7% (+/-sigma) has been adopted 
in the Youd et al. model analyses for Ic<2.05.

(b) 

‘A’ 

(a) 
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Figure 2. Correlation between FC and Ic for Christchurch soils in comparison to the 
general relationship of Robertson and Wride (1998)

3.3.2 Estimation of median grain size, D50 
To estimate the D50(15) parameter for the Youd et al. model, trends between D50, Ic, and FC were 
examined using the same data discussed in the last section. Figure 3(a) illustrates the very weak 
correlation between D50 and Ic. However, Figure 3(b) indicates a stronger correlation exists 
between FC and D50, particularly for soils with FC>30%. The relationship provided in Figure 
3(b) may be used for estimating D50 for a given FC (for FC>30%). In general, for sandy soils 
with FC<30%, D50 typically ranges between approximately 0.08-0.3mm (+/-sigma) with an 
average value of about 0.19mm. Thus, the analysis will consider the F15-value from the CPT-
based correlations above (Fig. 2) to determine a corresponding D50(15) parameter using the 
equation in Figure 3(b) for F15>30% or an average value of 0.19mm for F15<30%. The 
cumulative uncertainty associated with using F15 to determine D50 is noted and further illustrates 
that actual grain size data at the site is strongly preferred over these CPT-based relationships. 
The significance of the variability within these applied correlations is assessed in the subsequent 
sensitivity analysis.

  
 

Figure 3. Relationship for Christchurch soils between D50 and (a) Ic and (b) FC

4 COMPARISON OF FIELD OBSERVATIONS AND YOUD ET AL MODEL 
PREDICTIONS 

Transects along the Avon Loop located within 50 m of a CPT were considered for the 
comparison of observed spreading displacements with predictions from the Youd et al model. 
This included 11 of the 15 surveyed transects shown in Figure 1, labelled as‘T1’-‘T11’.

(a) (b) 
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4.1 Determination of input parameters 
The parameter T15 is defined by Youd et al. (2002) as pertaining to saturated, cohesionless 
material with corrected, normalised SPT (N1)60<15. In order to compute T15 using CPT data, an 
equivalent threshold of normalized tip resistance, qc1<8MPa, was used, based on a
qc(MPa)/N(blows per 300mm) ratio provided by Jeffries and Davies (1993) of about 0.5 for 
medium sand (D50~0.2mm). To satisfy the “saturated, cohesionless” conditions, material with an 
Ic>2.6 (indicative of plastic, fine-grained soil response, typically of low susceptibility to 
liquefaction), or above the groundwater table, were not considered to contribute to T15. This 
interpretation of T15 is consistent with previous comparisons of the Youd et al. (2002) model 
using CPT data; e.g. Chu et al. (2006). 

Using the grain-size relationships described previously, the F15 and D50(15) parameters were 
estimated using the following approach: The equation presented in Figure 2 was used to 
compute FC for each Ic-value>2.05 within T15; for Ic<2.05 within T15, an average value of 
FC=7% was used. These values were then averaged to yield F15. Upper and lower bounds for 
F15 were considered by repeating the calculation with respect to +/- one sigma bound (Fig. 2). 
The F15-value was then used to determine the appropriate D50(15) value either computed from the 
equation in Figure 3(b) for F15>30%, or taken as an average value of 0.19mm for F15<30%. The 
uncertainties associated with the D50-FC relationships are recognised and discussed further in 
the subsequent sensitivity analysis. 

Groundwater depths at the time of each event were estimated at the CPT locations using the 
appropriate groundwater models provided by Tonkin and Taylor for each of the events, 4 
September 2010 and 22 February 2011 (CERA 2012). The free-face ratio, W, was computed 
from the channel height, H, estimated at each location using LiDAR elevation data flown post 
September 2010 event (CERA 2012), and the distance, L, taken as the distance from the CPT to 
the waterway. The analysis was limited to 20%>W>1%, per the Youd et al. model 
specifications. Site-to-source distance, R, and peak ground acceleration, PGA, values at the site 
were obtained from Bradley & Hughes (2012).  The PGA was used in an alternative analysis 
that considered an equivalent R-value, Req, back-calculated from the estimated PGA at the site, 
with the earthquake magnitude, using a suggested relation in Youd et al. (2002).  R-values of 
16.9 km and 4 km were used for the September 2010 (Mw 7.1) and February 2011 (Mw 6.2) 
events, respectively, with the computed values of Req being 15.5 km and 1 km, respectively. 
 
4.2 Results 
The predicted spreading displacements from the two seismic events were summed to compare 
this cumulative displacement with the field measurement at a given distance from the free-face, 
L, on an individual transect. The results are presented in Figure 4 for the (a) R=R and (b) R=Req
cases. These comparisons considered field displacements within 10m of the measurement at L
to account for variability of measured crack locations over a relatively short distance in the field 
(represented by the horizontal error bars in the plot). The uncertainty associated with 
determining F15 is represented by the vertical error bars, i.e. computing displacement using the 
upper and lower bounds of F15 and the corresponding D50(15) values. It should be noted that 
given the form of equation (1), the higher fines content (upper bound of F15) yields a lower
displacement, represented by the negative error, and vice versa. The open markers shown in 
Figure 4 indicate possible restriction of the free-field movement such as field measurements 
near a bridge abutment. 
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Figure 4. Comparison of field measurements of lateral displacements in the Avon Loop 
area with empirical predictions from the Youd et al. model using (a) R=R and (b) R=Req

The model shows some agreement (within a factor of two) with the observed displacements at 
about half of the locations considering the analysis using R=R (actual site-to-source distance) 
and generally over-predicts the remaining locations (Figure 4(a)). The case considering R=Req
(back-calculated using recorded PGA) showed over-prediction by more than two times at nearly 
all locations. In addition to the direct comparison, Figure 5 also shows the effects of earthquake 
magnitude, Mw, and site-to-source distance, R, on the computed prediction. Holding all other 
factors constant, Figure 5(a) shows larger predictions for the September event (Mw 7.1) despite 
the smaller R-value used in the analysis of the February event (Mw 6.2). However, the trend 
reverses as R changes to the Req-values used for the predictions shown in Figure 4(b). In 
addition, comparing the two figures reflects how the magnitude of uncertainty associated with 
F15 (vertical error bars) increases by the same factor that the mean displacement increases when 
decreasing R to Req, creating a larger variability in the predictions for a given location; i.e. as the 
predicted mean displacement increases, so does the influence of uncertainty. 

4.3 Uncertainties in model application 
There are several sources of uncertainty that may attribute to the variation between predicted 
values and field measurements shown in Figure 4 which include: 

 Scatter in the empirical relationships between Ic-FC and FC-D50 used to convert CPT 
data into the geotechnical parameters, F15 and D50(15), required for the model and the 
associated limitations discussed previously. 

 Limitations in field measurements of spreading, such as cracks repaired before the time 
of the investigation, lateral extension of the ground not propagating as measurable 
cracking, and obstacles in the field hindering continuation of the transect. 

 Application of Req=1km for the February event. The model recommends a minimum R-
value of 0.5 km; the application of Req=1km causes a significant increase (and over-
prediction) in all displacements that may be attributed to approaching this limit. 

 Uncertainties in groundwater levels that may affect the value of T15. 
 Variability in site conditions from the point of exploration (the analysis considered 

CPTs up to 50m away from transects where spreading displacements were measured). 

5 SENSITIVITY ANALYSIS
On account of the bias in the model towards over-prediction of lateral spreading displacements 
at the site, a sensitivity analysis was performed in order to assess whether this bias can be 
attributed to uncertainties in the model input.  A specific measurement from transect ‘T6’ was 
selected for the analysis (location ‘A’ in Fig. 1). The field measurement of lateral displacement 
at this location was ~0.9 m, with a model prediction of ~3.2 m (using Req, i.e. back-calculated 
from recorded PGA). The uncertainty ranges for the parameters investigated are based on 

(a) (b) 
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changes in channel heights across the site (changing W from 13% to a maximum of 20% as 
limited by the model recommendations); changes in groundwater levels of +/- 1m (causing a 
change in T15 of ~ +/-1 m); upper and lower bounds of F15 (+/- one sigma in Fig. 2) and 
corresponding D50(15); and the actual site-to-source distance, R.  

The sensitivity of predicted displacements was initially assessed by varying a single parameter 
over its range of values while holding the remaining parameters constant (at the original input 
value). The results are provided in Figure 5(a) with respect to the predicted and observed 
displacements. The Youd et al. model exhibits a high sensitivity to all parameters for the 
uncertainty ranges considered. The form of equation (1) indicates that an increase in F15 and an 
increase in D50(15) will yield a lower displacement; however, Figure 3(b) shows that a higher F15
value is typically correlated with a lower D50(15) and the analysis considers these two parameters 
as coupled. When F15 is increased to 35% and the corresponding D50(15) is decreased 0.13mm,
the higher F15 value dominates the computed displacement and yields a lower prediction. Using 
R=R (PGA unknown) for the site-to-source distance resulted in a much closer prediction to the 
observed, indicating the initial analysis considering R=R may be more applicable at the site 
(rather than the R=Req analysis), this is also shown in Figure 4(a) with R=R predictions being 
closer to that observed.  

Figure 5(a) illustrated that the model is very sensitive to the input parameters, especially F15 and 
D50(15). A second analysis was performed to determine whether this prediction variation is due to 
the actual model sensitivity or due to the uncertainty associated in determining the parameters 
themselves. Each input parameter was individually varied by +/-10% and the resulting 
displacement is shown in Figure 5(b). Figure 5(b) shows that in general, a 10% change in input 
parameters results in a less than 10% change in predicted displacement. This variation is 
constant for all cases because of the model functional form. However, while some parameters 
may be estimated to within 10% at a given location, the grain size characteristics, FC and D50,
are typically highly variable within the soil profile and often fluctuate significantly more than 
10%. Thus, the sensitivity of the input parameter values, F15 and D50(15), in predicting spreading 
displacements clearly creates difficulty in producing accurate and precise model predictions.  

                 
 

Figure 5. Sensitivity analysis of Youd et al. model relative to (a) parameter uncertainties at 
location ‘A’ and (b) 10% change in input parameters 

6 CONCLUSIONS 
Lateral spreading displacement measurements from the Christchurch earthquakes were 
compared to the empirical model of Youd et al. (2002).  Due to the limited availability of 
borehole and SPT data in proximity to the surveyed locations, the geotechnical parameters 
(specifically F15 and D50(15)) were derived from CPT data. The results of the comparison 
between the Youd et al. model and the observed field data in Christchurch show the analysis 
considering the actual site-to-source distance, R, to be generally more consistent with the field 
observations at about half of the locations. In contrast, use of the correlated source-to-site 

(a) (b) 
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distance based on the observed PGA, Req, lead to significant over-prediction of the lateral 
spreading displacements.  

A sensitivity analysis indicates that the model is highly sensitive to all input parameters. The 
strong influences of F15 and D50(15) on the predictions indicate that the uncertainties associated 
with the derived correlations may be too significant for accurate application of the model. In 
addition, FC and D50 are typically highly variable within the soil profile. These parameters’ high 
degree of sensitivity may be a reflection of the pure empirical and statistical nature of the 
model’s derivation. Future work includes further comparisons with the Youd model and others,
with an aim to achieve a more accurate method of lateral spreading predictions in Christchurch. 
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ABSTRACT 

Seismic activity during the 2010/2011 Canterbury Earthquake Sequence (CES) caused 
widespread damage to sloping ground in residential areas on the Port Hills in Christchurch.  
Much of the damage manifested as cracking and displacement of the ground surface.  While 
actions were taken to repair some damage, it was largely untreated in the short term, resulting in 
concerns about the effect that this may have on the stability of the affected slopes in future 
rainfall events. 

This paper presents the preliminary findings of an assessment of the occurrence and nature of 
small scale (<100 m2) land instability that occurs on residential properties in Port Hills suburbs, 
as a result of rainfall events, using insurance data obtained before and after the CES. Using 
insurance claims as a proxy for small scale landslips on Port Hills suburbs shows there is no 
distinct change in the frequency of small scale landslip activity since the beginning of the CES. 

1 INTRODUCTION 

The Port Hills form part of the Banks Peninsula volcanic complex located to the south of 
Christchurch City. The 2010/2011 CES comprised four major earthquake events and many 
aftershocks. These include the 4 September 2010 (Darfield) event, 22 February 2011 
(Christchurch 1), 13 June 2011 (Christchurch 2), and the 23 December 2011 (Christchurch 3) 
events. The Christchurch 1 and 2 events were centred beneath the Port Hills and caused most of 
the observed earthquake induced land damage on the sloping ground.

Types of land damage that occurred include displacement of the ground surface, causing ground 
cracks, and also deformation related to retaining wall failures.  Much of this land damage was 
largely untreated in the short term, and concerns were raised about how the untreated damage 
may affect the stability of the affected slopes in future rainfall events.  

Land damage as a result of rainfall is typically characterised by small scale land instability.
When occurring on specific parts of a residential property, this type of land deformation is 
covered by the New Zealand Earthquake Commission (EQC) insurance, as a landslip claim. The 
period of rainfall that generates landslip claims is referred to as a ‘rainfall event’.

The aim of this paper is to determine if the number and location of landslip claims have changed 
since the CES began; and also to determine any patterns or thresholds for smaller scale land 
instability occurring on residential properties as a result of rainfall.  
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1.1 Background  

The EQC engaged the authors firm to undertake site investigations on residential land on the 
Port Hills, due to the land deformation caused by the CES.  This work was conducted to assist 
with insurance settlement on EQC insured residential land only. The work discussed in this 
paper was undertaken to assess the impact of land deformation caused by the CES on the 
incidence of rainfall induced landslip claims on the Port Hills. To accomplish this, insurance 
data for landslips occurring on EQC insured residential land, before and after the CES, was 
obtained from the EQC. 

Between September 2010 and December 2011, no rainfall event that generated landslip claims 
to the EQC was noted. However, rainfall in July and August 2012 generated landslip claims.  

2 EQC LANDSLIP CLAIM INFORMATION 

Insurance data for landslip claims on the Port Hills was provided to the authors firm by the 
EQC, covering the years 2000 to 2012. This data included locations of properties where claims 
were submitted, attributed to specific EQC defined rainfall events which occurred throughout 
this period. This data does not separate land damage on the Port Hills where the damage is the 
result of further deformation of earthquake induced land damage due to rainfall, or where 
claimants have not submitted a separate landslip claim for this additional damage.

2.1 Location and number of EQC landslip claims
 
The location of landslip claims lodged with the EQC between 2000 and 2012 are shown on 
Figure 1. The landslip locations are observed on residential land on the Port Hills.  

There is no spatial pattern observed on the residential land for historic (pre 2010 earthquake)
landslip claims. The location of landslip claims made after the CES, in July and August 2012, 
occurred in similar locations to those claims prior to the CES.  

Figure 1: Occurrence of landslip claims on the Port Hills before and after the CES.  
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There is no indication that landslips have clustered in areas where the author’s firm mapped 
earthquake induced land damage following the CES, compared to landslips in these areas prior 
to the CES.   

Between 2000 and 2012, 74 rainfall events generated landslip claims on the Port Hills. The 
number of claims generated for a specific event ranged from 1 to 63. For comparison purposes, 
a rainfall event having 10 or more claims has been classified here as a ‘significant claim event’.
Rainfall events resulting in lower numbers of claims were considered to represent background 
levels and these have not been addressed further. 

Eight rainfall events, between 2000 and 2012, generated over 10 landslip claims. This included
the August 2012 event. The total number of claims lodged for these eight ‘significant claim 
events’ are shown in Table 1.   

Table 1: Summary of landslip claim numbers for ‘significant claim events’

Five of the eight ‘significant claim events’ generated between 10 and 40 landslip claims on the 
Port Hills. The remaining three ‘significant claim events’ resulted in over 50 landslip claims. 
With the exception of 2004, the ‘significant claim events’ show a two year pattern. 

Considering the amount of landslip claims shown in Table 1, the number of claims from the 
August 2012 rainfall event fall within the range of claim numbers generated before the CES. 
Interestingly, the number of claims lies at the highest end of this range. 

3 RAINFALL ANALYSIS  

The CCC and NIWA have provided 24 hour rainfall data between the years 2000 and 2012 from 
four selected rainfall stations around the Port Hills. The four stations chosen for this study 
provided data from various places around the Port Hills, including a range of elevations, to take 
into account rainfall which may vary geographically and topographically. The four selected 
rainfall stations are known as Christchurch Gardens, Governors Bay, Upper Bowenvale and 
Van Asch Street, Sumner. The stations are located on Figure 1, except for Christchurch Gardens 
which lies to the north of the area shown in Figure 1, in the city centre. 

Historic rainfall information from these stations was used to develop an understanding of soil 
moisture conditions at the time of rainfall events which resulted in landslip claims. Changes in 
soil moisture conditions influence the stability of sloping ground, as does the degree of slope 
modification; building loads; and the type and amount of vegetation and drainage. These other 
factors are not discussed further in this paper.

EQC Rainfall Event Number of Claims on Port Hills

Prior to CES October 2000 63

January 2002 16

June 2006 12

August 2006 54

July 2008 19

August 2008 35

August 2010 24

Post CES August 2012 58
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Rainfall intensities can be used to calculate return periods for rainfall events. The CCC (2011) 
calculated these for various time periods using Christchurch Gardens rainfall data, representing 
rainfall on the flat land of Christchurch. These were scaled up to represent rainfall levels on the 
top of the Port Hills, at Upper Bowenvale station, using an isoline map created by NIWA (2009) 
which show increased rainfall with increasing elevation over the Port Hills. The return period 
levels discussed in this paper are shown in Table 2 for both 24 hour and 96 hour time periods.   

Table 2: Rainfall return periods for Christchurch Gardens and Upper Bowenvale stations 

3.1 August 2012 rainfall event 

The Christchurch Gardens rainfall station has been recording since 1873. Figure 2 shows 
rainfall records for each 24 hour period obtained from this station over the last 40 years. The 
line indicates the 58 mm/24 hour level, equal to a 2 year return period event on flat land. The 
graph shows varying levels of rainfall. The August 2012 rainfall peak is shown as one of two 
rainfall events of this scale recorded at this station over the last 20 years, and one of 11 such 
events in the last 40 years. This suggests that the August 2012 rainfall was an event of low 
frequency recorded at Christchurch Gardens. 

The rainfall recorded over four days, from the 12-15 August 2012, resulted in 58 landslip 
claims. It is the only ‘significant claim event’ to have occurred on the Port Hills since the CES 
began. The rainfall peak measured at Christchurch Gardens was 61 mm/24 hrs. The peak 
measured at Upper Bowenvale was 96 mm/24 hours. Both rainfall measurements exceed the 2 
year return period levels shown in Table 2 for 24 hour rainfall. 

Figure 2: Rainfall measured at the Christchurch Gardens station over the past 40 years 
(line indicates 58 mm/24 hrs) 

Rainfall 
Station

Duration 
(hours)

Return Period Rainfall (mm)

2 Year 5 Year 10 Year

Christchurch 
Gardens 

24 58 80 97

96 88 122 147

Upper 
Bowenvale

24 85 119 143

96 130 181 218
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Over the four day period, rainfall measured a total of 92 mm/96 hours at the Christchurch 
Gardens station, and 200 mm/96 hours at the Upper Bowenvale station. These values exceed the 
calculated 5 year return period levels shown in Table 2. This implies that the August 2012 
rainfall was also a low frequency event for a longer duration of rainfall. 

Prior to the August rainfall, on the 31 July 2012, a high 24 hour rainfall level was measured at 
all four rainfall stations, generating one landslip claim. The peak rainfall was 59 mm/24 hours 
measured at the Governors Bay station. This rainfall event may have increased soil moisture 
conditions on the Port Hills, impacting slope stability prior to the August 2012 rainfall event. 

4 COMPARING RAINFALL TO NUMBERS OF EQC LANDSLIP CLAIMS  

For all of the 74 rainfall events that generated landslip claims on the Port Hills between 2000 
and 2012, the maximum rainfall measured at each of the four rainfall stations has been plotted 
against the number of claims for each event. The results are shown on the graph in Figure 3. 
The main observations made from the results displayed in Figure 3 are discussed below. 

 The majority of rainfall events generated less than 10 landslip claims, and typically less 
than 50 mm/24 hours, which were discussed earlier as background levels for landslip 
claims; 

 The rainfall for the eight ‘significant claim events’ are easily identified as the eight 
rainfall events with the highest number of landslip claims; 

 Five of these ‘significant claim events’, which generated between 10 and 40 landslip 
claims, show a small range in recorded rainfall between 20 and 50 mm/24 hours;

 The three largest ‘significant claim events’, with over 50 landslip claims, stand apart 
from the other rainfall events on this graph;  

 These three rainfall events have higher rainfall measurements over a larger range 
between 30 and 160 mm/24 hours across all four rainfall stations on the Port Hills; 

 There is no distinct threshold of rainfall which results in land deformation leading to the 
generation of landslip claims.  

Figure 3: Rainfall vs number of claims for each rainfall event between 2000 and 2012 

160



161

N
ew

 Z
ea

la
nd

 G
eo

te
ch

ni
ca

l S
oc

ie
ty

 In
c.

 1
9t

h 
S

ym
po

si
um

, Q
ue

en
st

ow
n 

20
13

S
E

IS
M

IC
 B

E
H

AV
IO

U
R

 –
 4

 
 
 

Udell, H. L. (2013) 
An initial assessment of the effects of seismically induced ground deformation on the occurrence of 

localised instability following rainfall in the Port Hills, Christchurch 
 

It could be expected that for higher rainfall levels, increased numbers of landslip claims might 
occur. To examine this, Table 3 outlines the three ‘significant claim events’, which generated 
the highest number of landslip claims shown in Figure 3, in further detail. 

Table 3: Details of the three ‘significant claim events’

Event Duration Upper Bowenvale Rainfall Rainfall Conditions

24 Hour 96 Hour 

October 
2000
(63 Claims)

4 days 160 mm 190 mm The 24 hour rainfall exceeds the 10 year 
return period for this rainfall station.
The rainfall over 96 hours exceeds the 5 
year return period.
Two rainfall events before this event, one 
in August and one in September 2000,
generated landslip claims on the Port Hills.

August 
2006
(54 Claims)

4 days 82 mm 161 mm The rainfall over 96 hours exceeds the 2 
year return period, close to the 5 year 
value.
Two rainfall events before this event, one 
in June and one in July 2006, generated 
landslip claims on the Port Hills.

August 
2012
(58 Claims)

4 days 96 mm 200 mm The 24 hour rainfall exceeds the 2 year 
return period for this rainfall station.
The rainfall over 96 hours exceeds the 5 
year return period. 
A rainfall event at the end of July 2012 
generated one landslip claim before this 
rainfall event on the Port Hills.

All three ‘significant claim events’ discussed in Table 3 occurred over a number of days. In 
contrast, the other ‘significant claim events’ generating lower numbers of claims were of shorter 
durations. The 96 hour rainfall measurements for all three events are close to, or exceed, the 5 
year return period values for the Upper Bowenvale rainfall station. The August 2012 
‘significant claim event’ was a major rainfall event for both 24 hour and 96 hour rainfall 
durations. The August 2012 claims showed numbers similar to the other two larger ‘significant 
claim events’.

Additionally, rainfall prior to these ‘significant claim events’, also generated landslip claims. It 
is likely that the antecedent rainfall events increased the soil moisture and decreased the stability 
of the sloping ground, lowering the trigger level for future rainfall to initiate slope instability.
The August 2012 rainfall event fits this pattern.  

5 CONCLUSIONS 

 The location of rainfall induced landslip claims on the Port Hills, between 2000 and 
2012, are focussed on residential land; 

 The location of landslip claims on the Port Hills generated by the rainfall in August 
2012 shows no spatial difference to the location of claims generated prior to the CES; 

 Eight rainfall events between 2000 and 2012 generated above background levels of 
landslip claim numbers; 
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 The number of landslip claims lodged for the August 2012 rainfall lie at the higher end 
of the range of claim numbers observed for ‘significant claim events’ occurring before 
the CES;  

 The August 2012 rainfall event was a low frequency event, over a longer duration and 
showed higher rainfall than background levels for rainfall events;

 No distinct threshold is observed for rainfall levels which caused land damage resulting 
in landslip claims; 

 Comparing rainfall with the number of landslip claims for rainfall events, between 2000 
and 2012, shows higher rainfall can generate higher numbers of rainfall claims on the 
Port Hills;

 Where high numbers of landslip claims have been recorded (over 50), it was noted that 
rainfall prior to the event also generated small numbers of landslip claims, which could 
suggest that the sloping ground of the Port Hills was prone to land instability prior to 
the high levels of rainfall in the ‘significant claim events’.

 There is little evidence so far, using the August 2012 rainfall event information, that 
supports the argument that increased rainfall induced land deformation will occur on the 
Port Hills as a result of the CES and associated land damage; 

 The August 2012 rainfall was a major rainfall event recorded on the flat land and the 
top of the Port Hills over both 24 hour and 96 hour durations; using EQC claims data 
for Port Hills suburbs, shows there is no distinct change in the occurrence of small scale 
lands instability since the beginning of the CES.  
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in terms of relative land damage severity 
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ABSTRACT 

This paper describes the development of a new depth weighted assessment methodology, which 
produces a dimensionless number termed the Liquefaction Severity Number (LSN), to assess 
vulnerability of land to liquefaction-induced damage.  This methodology has been developed by 
comparing measured attributes from the properties damaged by the Canterbury Earthquake 
sequence, with parameters calculated from approximately 7,500 Cone Penetration Tests (CPT).  
The results show that the depth to the liquefaction layers (controlled by the groundwater table) 
is the most important parameter when determining whether liquefaction is likely to cause 
damage at the ground surface.  The paper presents a review of the published literature relating to 
land vulnerability and the observed effects of strong earthquake shaking in Canterbury, New 
Zealand.  Various liquefaction vulnerability parameters have been calculated and compared with 
the observed damage attributes.  The paper concludes that LSN is an alternative method for 
characterising vulnerability to liquefaction in residential areas, which provides a better 
correlation with observed damage than other methods currently available. 

1 INTRODUCTION 

The 2010-2011 Canterbury Earthquake sequence has affected Christchurch City and the 
Canterbury region and caused widespread liquefaction, lateral spreading and ground surface 
subsidence.  To better understand the effect of liquefaction at residential sites, a liquefaction 
vulnerability study was carried out by Tonkin & Taylor Ltd for the New Zealand Earthquake 
Commission.  The study considered liquefaction vulnerability parameters and how they related 
to the liquefaction and lateral spreading damage observations made around Canterbury.  It also 
introduced a new liquefaction vulnerability parameter, the Liquefaction Severity Number (LSN).
This paper summarises a more extensive, publicly available, report on the liquefaction 
vulnerability study that is referenced below. 

https://canterburygeotechnicaldatabase.projectorbit.com/Maps/EQC/TT-
liquefactionVulnerabilityStudy.htm

The liquefaction vulnerability study compares datasets of land and dwelling related damage 
observations from the Canterbury Earthquake Series with three parameters representing 
liquefaction vulnerability.  The report demonstrates that a new liquefaction vulnerability 
parameter, the Liquefaction Severity Number (LSN) provides a better fit to observed 
liquefaction-induced damage than existing parameters such as the Liquefaction Potential Index 
(LPI) developed by Iwasaki (1982) or calculated settlement (S) recommended by MBIE (2012) 
as an index value for classifying land for residential dwelling foundation design purposes. 

2 DAMAGE MAPPING AND FIELD INVESTIGATIONS 

The four most significant earthquakes in the 2010-2011 series were the 04 September 2010, 22 
February 2011, 13 June 2011 and 23 December 2011 events.  Following these earthquakes, land 
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damage mapping was undertaken, based on the criteria in Figure 1, to assess the extent and 
severity of surface liquefaction manifestation.  The land damage mapping was carried out by a 
team of geotechnical engineers who cross-checked observations to ensure broad consistency 
across their assessments.  Figure 1 shows the most severe observation made at each property 
during the earthquake series. 

Figure 1:  Distribution of worst earthquake induced liquefaction and lateral spreading 
land damage surface observations in Canterbury for the earthquake series 

Flown Aerial survey measurements (LiDAR) were undertaken over the affected areas of 
Canterbury after each of the major earthquakes.  Change in ground surface elevation models 
were developed and corrected for vertical tectonic deformation to produce the total change in 
ground elevation due to liquefaction related subsidence (shown in Figure 2). 

As at May 2013, the land damage mapping was supplemented by an extensive geotechnical site 
investigation program that included approximately 7,500 CPT, 1,000 boreholes with SPTs, 
geophysical testing, and monitoring of 1000 shallow piezometers.  The number of investigations 
will continue to increase as the rebuilding of Christchurch progresses.  The subsurface 
geotechnical investigation data is available through the CERA geotechnical database:  
https://canterburygeotechnicaldatabase.projectorbit.com.  The CPT soundings in conjunction 
with conventional liquefaction triggering methods have been used as the primary tools to assess 
the depth of the critical layer for liquefaction triggering and to derive parameters representing 
liquefaction vulnerability.  The locations of CPT completed in Christchurch can be seen on the
LSN map (Figure 4).
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Figure 2: Liquefaction-related subsidence from a change in ground elevation from before 
the September 2010 earthquake to after the December 2011 earthquake

 
 
3 LIQUEFACTION VULNERABITY PARAMETERS 
 
3.1 Literature review 
Ishihara (1985) published observations on the protective effect of an upper layer of non-
liquefied material against the effects of liquefaction at the ground surface.  He plotted material 
observations of sand ejection for sites using the thickness of the underlying liquefied layer (H2) 
and the thickness of the overlying non-liquefied surface layer (H1), often referred to as the 
crust.  Ishihara’s work was based on observations from two earthquakes with limited ranges of 
ground accelerations.  Boundary curves were defined that separated those sites which had 
manifestations of liquefaction at the ground surface from those sites that did not.  The 
conclusion drawn was that an upper crust of non-liquefiable material has a beneficial effect in 
mitigating the damaging effects of liquefaction at the ground surface. 

The vulnerability of sites to liquefaction was also considered by Iwasaki (1982).  Iwasaki’s 
Liquefaction Potential Index (LPI) is a measure of the vulnerability of sites to liquefaction 
effects.  LPI is the summation of liquefaction severity in each soil layer, which in turn is a 
function of the Factor of Safety for liquefaction triggering (FoS), weighted by a depth factor that 
decreases linearly from 10 to 0 over the top 20 m of the soil profile. 

3.2 Liquefaction vulnerability parameters used in this study 
For each CPT available from the Canterbury geotechnical database, the following three 
liquefaction vulnerability parameters have been calculated: 

1. Liquefaction Potential Index (LPI) calculated in accordance with Iwasaki (1982): 

     ∫    ( )
  
    (1) 

where W(z)= 10 - 0.5z, F1 = 1 - FoS for FoS < 1.0, F1 = 0 for FoS ≥ 1.0, where FoS is the 
factor of safety calculated from the Idriss & Boulanger (2008) liquefaction triggering 
evaluation procedure and z is the depth below the ground surface in metres. 

2. Calculated Settlement (S), calculated in accordance with MBIE (2012): 
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  ∫        (2) 

where εv is the calculated post-liquefaction volumetric reconsolidation strain based on the 
Zhang et al. (2002) strain equations which are a function of the factor of safety calculated 
from the Idriss & Boulanger (2008) liquefaction triggering evaluation procedure and the 
relative density of the soil determined from the CPT tip resistance and z is the depth below 
the ground surface in metres.

3. Liquefaction Severity Number (LSN), a new parameter developed by Tonkin & Taylor to 
evaluate liquefaction-induced land damage, is defined as: 

        ∫        (3)
  

where εv is the calculated post-liquefaction volumetric reconsolidation strain calculated as 
per Equation 2 and entered as a decimal, and z is the depth below the ground surface in 
meters. 

Iwasaki’s LPI represents an early attempt to develop an index for assessing the vulnerability of 
land subjected to liquefaction.  LPI ranges between 0 and 100 and sites with an LPI of 5 indicate 
a high liquefaction risk and sites with LPI greater than 15 indicate very high risk (Iwasaki, 
1982).  While the LPI provides a straightforward method for assessing the vulnerability of sites,
this study identified some limitations of LPI, which are discussed later. 

The calculated settlement (S) has been compared with the measured ground surface subsidence 
(corrected for vertical tectonic displacement) for each earthquake event (Tonkin & Taylor, 
2013).  This showed there is no apparent direct relationship between S and the measured 
liquefaction induced ground settlement.  However, there is a weak correlation between S and the 
land damage observations.  Based on the Christchurch datasets, the S parameter can be better 
considered as a proxy for the likelihood of liquefaction-related damage at the ground surface, 
rather than a calculation of predicted settlement.  Similarly, MBIE (2012) describe the S
parameter as an index value (rather than an absolute settlement value) for the purpose of 
foundation design. 

The theoretical value of LSN varies from 0 (representing no liquefaction vulnerability) to more 
than 100 (representing very high liquefaction vulnerability).  Very large LSN values can only be 
calculated when the groundwater table is very close to the ground surface and soil layers 
immediately below the ground surface are assessed as being at risk of liquefaction. 

3.3 Key differences between LPI, S and LSN
The important differences between the proposed LSN parameter and the existing LPI and S
parameters are: 

 Because S and LSN are based on volumetric strains, they are continuously calculated even 
for FoS of greater than one.  Thus, S and LSN values start to increase as excess pore water 
pressures rise when FoS < 2.0, and include a continuous smooth transition when FoS < 1.0.  
Conversely, LPI accounts for the effects of layers only with FoS < 1.0.  It will be seen later 
that S and LSN start to increase at lower accelerations than LPI, because S and LSN reflect 
the weakening effect of soil layers where FoS is falling towards, but not yet below, unity. 

 The maximum damage contribution of any soil layer within the deposit is limited by the 
initial relative density of the soil as represented by CPT tip resistance.  This is implied by the 
Zhang et al (2002) volumetric strain relationships used in the S and LSN calculations.  In 
these relationships a limiting volumetric strain is eventually reached, which is a function of 
the soil’s relative density and not a function of the seismic demand.  Conversely, the LPI 
parameter continues to increase with increasing peak ground acceleration (PGA) because it 
is a direct function of FoS, which continues to decrease as the seismic demand increases. 

 Liquefying layers with a lower relative density are expected to develop larger strains which 
in turn will result in larger damage at the ground surface as compared to the effects of 
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liquefaction from a layer with higher relative density.  With S and LSN, the calculated strain 
value is used as a damage index that includes the effects of strength loss and the potential for 
soil ejecta rather than as an index purely for settlement calculation (discussed above).  By 
contrast, for a calculated FoS, LPI provides the same value irrespective of the relative 
density of the soil.  This approach erroneously indicates that the consequences of 
liquefaction are not related to the relative density of the liquefied soils for a given FoS.  
Because LPI does not explicitly address the relationship between relative density and FoS, it 
should be less successful in differentiating between the damage potentials of sites with 
different densities of soil. 

 In accordance with the work of Ishihara (1985), LSN places greater importance on the 
thickness of the non-liquefied crust when the groundwater table is close to the ground 
surface through the use of the hyperbolic depth weighting function.  LSN suggests that 
shallow liquefaction is significantly more damaging for land and surface structures than deep 
liquefaction relative to the contribution of shallow and deep layers in LPI.  By contrast the S
parameter places equal contribution of potential ground surface damage for both shallow and 
deep liquefying soil layers and therefore does not place any importance on the thickness of 
the non-liquefying crust. 

3.4 Response of liquefaction vulnerability parameters to PGA 
The responses to PGA of these vulnerability parameters calculated from three sample CPT are 
shown in Figure 3 based on the post-December 2011 depth to groundwater.  The spatial 
locations of the sample CPT are shown in Figures 1, 2 and 4.  CPT 165 is located in an area of 
major observed land damage, CPT 26 in an area of moderate observed land damage and CPT 9 
in an area of minor or moderate observed land damage.  CPT 165 shows that below 0.1g for S
and LSN, and below 0.15g for LPI, the parameters do not respond to PGA.  Similar trends are 
also observed for CPT 26 and 9, but the threshold PGA are higher for CPT 26 and higher again 
for CPT 9.  LPI continues to increase with increasing PGA, but the rate of increase in S and LSN 
steadily decreases with increasing PGA.  This is because the contribution to S and LSN is strain-
limited with respect to the initial relative density of the soil.  This strain limiting response is a 
characteristic that is generally consistent with field observations over the various earthquakes of 
the Canterbury Earthquake Series.   
 

Figure 3:  Sensitivity of LPI, S and LSN to PGA (M7.5) for 3 sample CPT 
The S parameter does not differentiate significantly for the three CPT, which is inconsistent 
with the observed land performance.  In contrast, the LSN better differentiates the three sites.  
This is because the S parameter does not include the beneficial effects of the depth weighting 
and non-liquefying crust, whereas the LSN parameter does. 
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4 LIQUEFACTION VULNERABILITY ANALYSES 
 
The three liquefaction vulnerability parameters were calculated for the entire CPT data set based 
on the ground water levels immediately prior to each earthquake event (Tonkin & Taylor, 2013) 
and the spatially varying seismic demand (Bradley and Hughes, 2012).  The results were plotted 
against the observed land damage for the September 2010, February 2011 and June 2011 
earthquakes.  An analysis of the data indicates that LPI, S and LSN all broadly correlate with 
measured damage to land (Tonkin & Taylor, 2013).   
 
For the LPI parameter however, the relationship between the LPI value and the observed 
damage is different for each event.  This indicates that the LPI correlation with land damage 
produces inconsistent responses to the three events.  The S parameter has substantial overlap 
between damage categories and does not differentiate that well between the areas where there 
was minor to moderate liquefaction related damage compared to areas with severe liquefaction 
related damage.  This lack of repeatability in the damage trend for LPI and S limits their 
usefulness as vulnerability parameters to assess future land performance.  By contrast, the LSN 
parameter provides a better and more consistent fit to the observed land damage and better 
differentiates between areas affected with minor and severe liquefaction land damage and hence 
provides the most useful tool for the prediction of future performance. 

There is substantial scatter within the correlations due to variations in crust quality, geological 
conditions, the actual PGA experienced at the site, the actual depth to groundwater at the time of 
earthquakes, the presence of lateral spreading and the probabilistic nature of liquefaction 
triggering calculations, including the assumptions for estimating fines content or cut-off values 
for materials too fine grained to liquefy.   

The spatial distribution of the highest calculated LSN values of each property for the four main 
earthquake events is presented in Figure 4.  This can be compared directly with the damage data 
shown in Figures 1 and 2.  The comparison shows that there is a strong spatial correlation 
between areas of observed land damage and ground surface subsidence due to liquefaction 
effects with the areas of high calculated LSN values.  Comparison of similar maps of LPI and S
confirm that LSN provides a more consistent spatial fit to the mapped land damage throughout 
the earthquake series (Tonkin & Taylor, 2013). 
 
5 EXAMPLE OF LSN 

Photographs have been reviewed which show damage at sites with calculated LSN.  These have 
been collated into various LSN ranges (i.e.  LSN of 0-20, 20-40, 40+).  A summary of these 
photos is presented on Figure 5.  The photos visually show that sites with higher LSN values are 
more likely to experience damage compared to sites with lower LSN values.   
 
The typical behaviour of sites with a given LSN is also summarised in Figure 5.  It is important 
to note that due to natural variations, the LSN describes a range of possible damage and the 
information below represents the typical behaviour.  The actual site performance may 
sometimes vary from this due to the influence of many other factors that can affect site 
performance.  It is important to note that the correlations are based on the performance of 
Canterbury soils in the recent earthquake series and represent local site conditions and 
construction types as well as the local ground motion characteristics.  Careful assessment and 
consideration should be undertaken before relying on these conclusions in other areas. 
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Figure 4:  Distribution of highest calculated LSN across Christchurch for all modelled 
earthquakes and CPT locations 

 

 
Figure 5:  LSN ranges, observed effects on land and examples of LSN

 
6 SUMMARY AND CONCLUSIONS 

This summary paper presents the results of a comparison of various vulnerability parameters 
with observed damage datasets for the Canterbury Earthquake Series.  The conclusions are:  
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 The Liquefaction Potential Index (LPI) produced correlations that show clear trends within 
each earthquake dataset, but not consistently between earthquakes.  This limits the 
usefulness of LPI as a predictive tool as the ranges indicating damage vary depending on the 
magnitude and location of the earthquakes that may occur.  The range of calculated LPI 
values is also not consistent with the published indications of damage category. 

 There is no apparent direct relationship between the calculated settlement (S) and the 
measured liquefaction induced ground settlement.  However, there is a correlation between 
the calculated settlement and the land damage observations.  Therefore, S can be considered 
as a proxy for predicting the likelihood of liquefaction related damage, albeit with a 
significant amount of overlap between the observed damage categories. 

 The Liquefaction Severity Number (LSN) analyses show that there is a more consistent 
correlation, both within each earthquake and between various earthquakes for the different 
categories of land damage observations.  The LSN also differentiates the most severely 
damaged land from the least severely damaged and represents the risk of adverse 
liquefaction related damage occurring at the ground surface. 

 Of the three vulnerability parameters considered, LSN provides the best correlations with the 
liquefaction land damage observations and is therefore considered to be most suitable 
parameter for predicting future land performance in Canterbury.   
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ABSTRACT 

Several methods are available in the literature to estimate the extent of liquefaction induced 
lateral spreading at a given site, the most commonly used being that of Zhang et al (2004).  
During the 2010-2011 sequence of earthquakes in Canterbury, lateral spreading occurred 
extensively across the region.   

Following recent site specific investigations, site inspections, land owner evidence and the 
significant quantity of data available on Project Orbit, the authors compare estimates of lateral 
movement computed using the Zhang et al method with estimates of actual movement that 
occurred across several sites within Canterbury. 

The concept of lateral stretch, being the differential lateral spread over a 20 metre distance 
perpendicular to a free face, is introduced.  It is found that predictions of lateral stretch using the 
Zhang et al method give moderately good agreement with the measured values.  Suggested 5th

and 95th percentile design limits are presented.   

1 INTRODUCTION 
 
The 4 September 2010 Darfield earthquake (Mw=7.1) and several of its aftershocks caused 
extensive liquefaction and lateral spreading within Christchurch city and neighbouring districts.  
The 22 February 2011 aftershock (Mw=6.2) caused significantly more liquefaction damage than 
the main shock, primarily because its epicentre was within the Christchurch city limits, and 
hence created high ground accelerations in built-up areas. The 13 June 2011 (Mw=6.0) and 23 
December 2011 (Mw=5.9) aftershocks, both centred very close to Christchurch, also caused 
considerable liquefaction damage.   

Christchurch and Kaiapoi, the two most damaged centres, are predominantly flat and are 
drained by slow moving rivers and streams.  Buildings frequently extend to very near the edges 
of these rivers, placing them at risk of lateral spreading.   

Lateral spreading is associated with liquefaction, and occurs on gentle slopes or near free faces 
(such as river banks).  It is caused by liquefied soils temporarily losing much or all of their shear 
strength during and shortly after an earthquake and flowing downslope.  Lateral spreading has 
the potential to cause significant damage to any structures situated within the zone of instability. 

Several methods have been proposed to calculate lateral spread displacements; two commonly 
used methods are presented in Youd et al (2002) and Zhang et al (2004). The Youd et al 
method is entirely empirical, being based on regression analysis of site and earthquake 
characteristics.  Its soil parameters are based on Standard Penetration Test (SPT) results and 
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grain size characteristics obtained from laboratory testing of borehole samples.  The Zhang et al 
method is semi-empirical; being based on an integration of shear strains within liquefied layers, 
with the results calibrated by site observations following real earthquakes.   

The authors chose to use the Zhang et al method in this article for three, related, reasons: (1) it is 
a commonly used method in New Zealand engineering practice, (2) the model incorporates CPT 
data which is the main form of geotechnical investigation in the Christchurch area, and (3) the 
model has been incorporated into the liquefaction software tool, CLiq v.1.7.1.6, simplifying its
use.  

The purpose of this article is to assess the reliability of the Zhang et al method for estimating 
lateral spread displacement during the Canterbury earthquakes.  Data were obtained using two 
methods: (1) Sites investigated and inspected “first-hand” as part of the authors’ regular 
consultancy work, and (2) Sites analysed using lateral movement and investigation data 
obtained from Project Orbit, a database of ground investigations, field observations and LiDAR 
data related to the Canterbury earthquakes (Canterbury Geotechnical Database, 2012, 2013a & 
2013b).  These data were then used to compare model predictions from the Zhang et al method 
to the measured ground movements.   

2 GEOLOGICAL SETTING 
The sites considered in this paper are located within the greater Christchurch area at the eastern 
margin of the Canterbury Plains.  The plains predominantly comprise alluvial deposits derived 
from braided river systems which flow from the Southern Alps.   

Pleistocene alluvial gravel deposits are generally at least 500 m thick across the Plains. In the 
eastern part of Christchurch (most affected by liquefaction), post glacial deposits, such as 
estuarine and marginal marine sediments, overlie the Pleistocene gravels and are typically up to 
40 m thick.  Loose deposits from slow moving rivers, and associated infilled channels, swamps 
and oxbow lake sediments, also overlie parts of the subject area (Forsyth, 2008). 

3 EARTHQUAKE GROUND MOTIONS 
The September main shock (Mw=7.1) caused peak ground accelerations (PGA) of typically 
0.15g to 0.35g within areas where liquefaction was recorded in Christchurch and Kaiapoi.  The 
PGAs in the February aftershock (Mw=6.2) were between 0.18g and at least 0.70g within areas 
where liquefaction was recorded, significantly higher than for the main shock, due to the 
aftershock’s proximity to the city. The accelerations during these earthquakes at the selected 
sites were estimated using digital map layers created by Bradley & Hughes (2012). 

4 SITE SELECTION & MEASUREMENT 
4.1 Selection Criteria 
In order to be selected, sites had to meet the following criteria: 

 Site soils must be liquefiable.   
 Sites were near a free face – typically a river or stream.  Zhang et al defined three broad 

topographical conditions – (1) gently sloping ground without a free face, (2) level 
ground with a free face, and (3) gently sloping ground with a free face.  Zhang et al 
presented unique relationships for the first two conditions.  As the majority of lateral 
spreads during the Canterbury earthquakes have been on level, or nearly level, ground 
with a free face due to a stream or river, the scope of this study was restricted to 
Condition 2. Sites where lateral spread seemed possible but had not occurred, or had 
occurred to a small extent, were included to attempt to avoid selection bias towards high 
deformation sites. 
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 If lateral movement had occurred, it was clearly caused by liquefaction induced lateral 
spread toward a free face, and not by other mechanisms, such as seismic slope failure of 
non-liquefiable soils or by retaining wall failure. 

 A good estimate of actual lateral displacement was available. 
 Nearby CPT investigation data were available. 

It was also preferable to have an understanding of which earthquake caused the majority of the 
lateral movement.  In some cases, however, the distribution of lateral movement between the 
various earthquakes had to be estimated based on ground accelerations, information on Project 
Orbit and/or land owner accounts. 

Site data were obtained from two groups of sites as noted below.  Site parameters used for 
analysis, alongside measured and predicted lateral movements, are presented in Table 1. 

4.2 Consultancy Sites 
Eight sites fitting the criteria above were inspected by the authors during their regular 
consultancy work.  Either one or two CPTs were pushed at these sites, in conjunction with one 
or two hand augers.  Ground movements were established by the hand measurement of cracks 
and fissures in paving and grass, and separations between structures and/or paving.  Assessment 
of free face height and distance between structures and the free face were measured by hand on 
site.  Measurements were carried out between October 2012 and April 2013, between 1.5 and 
2.5 years after the earthquakes of interest. 

4.3 Project Orbit Sites  
Nineteen sites from four areas around Christchurch were selected, with three areas (15 sites) 
near the Avon River (“Avon”, “E. Hagley” and “Lin-Avon” data sets) and one near the Lower 
Styx River (“Brooklands” data set).  Publically available LiDAR data within each of these areas 
indicate that significant lateral movement has occurred toward a free face as a result of a 
specific earthquake event.  

LiDAR data for horizontal movement is available in a 56 metre spaced grid for each specific 
event. "Local" horizontal deformations were used, as these represent the difference between 
“observed” movement from LiDAR and the tectonic movement inferred from GNS Science 
models.  From the authors’ experience, some of the LiDAR data on Project Orbit appears to be 
of suspect accuracy. Prospective sites with such questionable data were not considered for this 
study.  

The distance from each site to the bottom of the free face was measured on Google Earth, while 
the free face height was inferred from digital elevation models on Project Orbit and site 
observations. Groundwater depth was taken from earthquake specific groundwater elevations on 
Project Orbit.  

5 CALCULATION METHODOLOGY 
5.1 Zhang et al Method 
The Zhang et al method requires three sets of inputs: (1) seismic demand- captured by 
earthquake magnitude and the Cyclic Stress Ratio, (2) site geometry- captured by either the 
slope of the ground or the height of, and distance from, a free face, and (3) soil properties- 
captured by the tip and frictional resistance of the CPT.  

The Zhang et al model determines the maximum cyclic shear strain of the soil as a function of 
the liquefaction potential using the CPT-based procedure agreed in a workshop published by 
Youd (2001), the relative density of the soil, and the results of Ishihara and Yoshimine (1992). 
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Since these relationships are based on laboratory tests on clean sands, fines corrections are 
applied to the CPT results in accordance with methods described by Youd (2001). The 
incremental maximum cyclic shear strain is then integrated with depth to produce the Lateral 
Displacement Index (LDI).  In order to account for site geometry effects, the referenced 
investigators examined available earthquake case histories and correlated actual lateral 
displacement with LDI and geometric parameters specific to the site.  

Because of the limited case histories used to develop this method, and the likelihood of flow 
failure close to the free face, Zhang et al indicate that the method is not applicable for sites 
where the distance to the free face (L) divided by the free face height (H) is less than 4 or 
greater than 40. They also recommend that the procedure be used for earthquake and ground 
geometry parameters within the limits of the case studies used to develop the procedure, namely 
earthquake magnitudes between 6.4 and 9.2, PGAs between 0.19g and 0.6g, and free face 
heights less than 18 metres. Although the magnitude of the February 2011 earthquake (Mw=6.2,
ML=6.3) is outside the range of event magnitudes used to develop the Zhang method, the 
authors still consider it to be close enough for the Zhang et al method to be applicable. 

Chu et al (2009) have compared predicted values of lateral spread using the Zhang et al model 
with actual measurements of lateral displacement following the 1999 Chi Chi earthquake. They 
found that predicted values better matched observed values when liquefaction calculations in the 
CPT profile were limited to a depth of twice the free face height (2H). The authors chose to 
apply the Chu et al limit for this study. 

5.2 Lateral Stretch
During design of a structure, absolute lateral (or “global”) movement towards a free face during 
an earthquake may be of secondary importance, except for piled buildings.  Of more importance 
for many design problems, including structures supported by shallow foundations, will be the 
difference between lateral ground movement across the building footprint. This is referred to as 
the “Lateral Stretch”, and forms the focus of our analysis.  The authors have chosen to calculate, 
and measure, lateral stretch across a length of 20 metres, as this is a typical length of a
Christchurch suburban house, and is hence likely to be a useful standard for design work. 

For the LiDAR sites, the measured stretch was over a variable distance (commonly 56 metres).
In order to normalise stretch over a distance of 20 metres it was assumed that difference in 
movement changes linearly between points.   

The Consultancy group of sites often had two CPTs on the site giving a range in predicted 
values, while the LiDAR data sites just had one point. 

The concept of lateral stretch is not included in the Zhang et al paper.  However, the authors 
consider that it is valid to assume that calculations of lateral stretch, as defined above, using 
absolute lateral movement estimates from Zhang et al, can be usefully compared to measured 
lateral stretch values.   

6 RESULTS AND DISCUSSION 
A comparison of the measured lateral stretch compared with predicted stretch, both normalised 
over a 20 m width, is presented in Figure 1.  The results are discussed below. 
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Figure 1:  Comparison of calculated and measured lateral stretch 
Note: Consultancy sites produced a range of calculated and/or measured values: the red boxes show the extent of 

these ranges for a particular site. 

While there is considerable scatter in the data, our results generally indicate that the Zhang et al 
model under predicts lateral stretch at lower values of predicted displacement (typically between 
0 and 50 mm calculated stretch). This under prediction may be a result of a number of factors 
including uncertainty in the input values and measured values of lateral spread, the limitations 
of the Zhang et al model, and geological factors. These are discussed below.  

 There is inherent uncertainty in the input parameters such as ground acceleration, 
groundwater depth, and free face height as well as uncertainty in measured values of 
lateral stretch across a site.  

 The general under prediction of lateral stretch at smaller values of predicted stretch 
could be partially accounted for by the inclusion of sites outside the limits of the Zhang 
et al model. Both ends of the 20m length lay outside of the bounds of applicability of 
the Zhang et al method (L/H > 40 or L/H < 4) for three sites, with one end outside the 
bounds for a further eleven sites.  For discussion purposes these sites were included in 
the data set. 

 Limiting the calculation of lateral movement to a depth of 2H below the site is another 
possible cause of under predicting stretch. The analyses of investigation data from a 
group of sites near the portion of the Avon River running along the east boundary of 
Hagley Park (grouped as “E. Hagley”), generally indicate liquefiable layers between 7 
and 17 metres depth. As the determination of lateral movement was only considered for 
the upper 6 metres of the soil profile, predicted values of stretch are zero when 
measured values range from 5 mm to 30 mm.  

 It is assumed that all sites within the data set are characterised by “level ground with a 
free face”. However, in some cases the site may be better characterised by “sloping 
ground with a free face”. It is possible that the combination of sloping ground and free 
face at some of the sites has caused a greater lateral stretch than is predicted for level 
ground and free face. 

 In the Brooklands sites, predicted lateral stretch is consistently lower (by up to 108mm) 
than the measured stretch. These sites sit east of the relatively narrow Styx River, 
oriented north-south. A review of mapped geology in this area indicates that the river 
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constitutes the boundary between an area mapped as being underlain by beach deposited 
dunes (east of the river) and an area mapped as being underlain by river alluvium (west 
of the river) (Forsyth, 2008). Horizontal LiDAR data is only available for the developed 
east side of the river and shows movement west toward the river in the September 2010 
event. It is possible that the measured movement occurred not only due to the presence 
of the free face but also due to the movement of the dune deposits towards the alluvial 
deposits, owing to the difference in liquefaction resistance between the geological units.  
This mechanism is not accounted for in our analyses.   

 The authors used auto transition layer correction, as recommended by Ahmadi and 
Robertson (2005).  This method eliminates transition layers from analyses, and 
therefore produces lower estimates of lateral stretch than if the correction was not 
applied.  This could account for the partial trend towards under-prediction in our data.  

 The Zhang et al model was developed using case histories with only a small number of 
sites with lateral displacements less than 1 metre.  A greater degree of uncertainty could 
be expected for sites with small displacements.  

7 SUMMARY AND CONCLUSIONS 
In order to assess the reliability of lateral spread estimates in the Christchurch area the authors 
have compared calculated lateral stretch using the Zhang et al method with lateral stretch 
measured by the authors and by LiDAR data after the recent Canterbury earthquakes. There is 
wide scatter to the data which is expected owing to both the uncertainty inherent in the model 
and, to perhaps a lesser extent, the uncertainty in measured values of lateral movement. 
However, a trend appeared that at relatively low values of predicted stretch, the model 
frequently underestimated actual lateral stretch. This discrepancy could be attributed to the 
applicability of the method outside the bounds set by the developers of the method, the 
application of unsuitable depth limits, and lateral movement caused by factors outside of those 
considered by the model such as laterally variable stratigraphy. At relatively high levels of 
lateral stretch, (i.e. for predictions greater than around 150mm) the model gives generally better 
prediction, although the data are sparse in this region. 

Sites with potential for lateral displacement (near a free face, underlain by potentially 
liquefiable material) at great enough distance from the free face to put them outside the L/H 
bounds should not immediately be considered to have zero lateral spread potential. Within our 
range of data sites outside the L/H bounds, up to approximately 90 mm of lateral stretch was 
measured over 20 metres.  

Attention should be given to the application of a limiting depth for which lateral spread is 
calculated. We do not suggest a “blanket” value for limiting depth of analysis (such as 2H), 
instead, each site should be considered individually with the engineer reviewing the depth and 
thickness of potentially liquefiable layers.  

Lateral variation in stratigraphy could be a critical component and is not accounted for directly 
within the Zhang et al model. The model assumes laterally consistent stratigraphy between the 
investigation point and the free face. The potential effect of changes in depositional 
environment near the site, such as infilled channels, should be considered when determining the 
potential for lateral movement.  

When applied appropriately the Zhang et al method is considered to be a moderately good 
method for estimating lateral stretch on low to medium risk projects.  The design engineer may 
wish to use the 5th and 95th percentile values given on Figure 1 or by the equation below, to 
provide a range of possible lateral stretch in future earthquakes. 

Actual Lateral Stretch over 20m = Predicted Lateral Stretch over 20m +/- 130mm (at 90% 
confidence). 
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This is broadly consistent with Zhang’s comment that “it is unrealistic to expect the accuracy of 
calculated lateral displacements to be less than +/- 0.1m”.

It is emphasised that the equation is based on relatively few data and should be considered 
preliminary.  The quantity of available data relating to ground deformations within Canterbury 
during the recent earthquake sequence provides the opportunity to refine models commonly 
used to predict earthquake induced ground deformations. This paper aims to provide an initial 
and brief evaluation of one of these models with only a small number of sites considered. It is 
the hope of the authors that the information produced by the recent earthquakes sparks further 
research at the academic level to refine the existing models used to predict earthquake induced 
deformations.  
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ABSTRACT 

The town of Kaiapoi, 17 km north of the city of Christchurch, suffered significant liquefaction 
induced damage during the Canterbury earthquake sequence. Severe lateral spreading and large 
volumes of ejecta were present throughout the town and surrounding region after multiple 
earthquakes in this sequence. This region has also seen significant changes to the paths of rivers 
since European settlement in the 1850’s, and as a result there are many areas within the town 
and surrounding area that were, until recently, channels of the Waimakariri River. Using 
historical data, the reclaimed channels were identified, which were shown to have a strong 
correlation with the areas of severe liquefaction damage following these earthquakes. Examples 
of damage in these areas are presented and related to the relatively recent changes to the river 
channels in the region. The significant damage to the infrastructure in these old channels 
highlights the importance of having a clear understanding of the historical changes to river paths 
in seismically active regions. 

1 INTRODUCTION 

Kaiapoi is situated 17 km north of central Christchurch at the north eastern end of the 
Canterbury Plains.  The plains were formed by the overlapping alluvial fans of rivers flowing 
from the Southern Alps mountain range (Brown & Weeber, 1992). Surficial deposits in the 
coastal regions east of Kaiapoi consist of Christchurch formation dune and coastal swamp 
deposits, with Springston formation silty sand and gravels in the region behind this (Brown & 
Weeber, 1992). The ground water table is shallow and varies between 1 and 2 m below the 
ground surface. Floods from the Waimakariri River have caused significant damage to Kaiapoi 
since European settlement, with flooding also impacting Christchurch on many occasions 
(Logan, 2008). Substantial man-made and natural changes to the river have occurred during this 
time, with diversions and stopbanks constraining the river to its current position.  This has 
resulted in many areas of land reclamation and abandoned river channels.  

The area in and around Kaiapoi suffered severe liquefaction during the 4th September 2010 
(local time) Mw7.0 Darfield earthquake, resulting in significant damage to housing, roading and 
services. Less severe but still significant liquefaction induced damage was evident following the 
22nd February 2011 Mw6.2 Christchurch earthquake and other major events in the Canterbury 
earthquake sequence. This paper outlines the modification to river channels in and around 
Kaiapoi since European settlement, and compares these regions with the surface manifestations 
of liquefaction identified following the major earthquake events of 2010 and 2011. 

2 HISTORICAL RIVER MODIFICATION 

At the time of the settlement of the town of Kaiapoi in 1850’s the Waimakariri River had a 
north and a south branch that split west of Kaiapoi and rejoined to the east (Figure 1a), with the 
north branch running through the centre of the town (which would later be renamed the Kaiapoi 
River).  These two branches created what was termed Kaiapoi Island, with swampy areas in the 
north and south, and a sandy north-eastern region (Wood, 1993). Initially, the southern part of 
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Correlations between liquefaction induced damage and former river channels in Kaiapoi    

the town was built in the swampy areas of Kaiapoi Island, while the northern part of the town 
was built on sand hills on the other side of the river (Hawkins, 1957). 

The dates of the major natural and man-made changes to the Waimakariri River that have 
occurred since the settlement of the town are shown in Figure 1 (Wood, 1993, Logan, 1998). 
Throughout the 1860’s the main flow of the river was along the north branch and through the 
centre of the town.  As a result, the town suffered many serious floods in its early years, with 
only very rudimentary flood protection works were in place. In 1867 and 1868 the local 
residents constructed new channels that choked off the north branch of the Waimakariri and 
shifted the entire flow of the river along this new path. In 1880 a new channel was formed that 
shifted the main flow of the river away from the town, reducing the old main channel down to a 
small stream that still exists today. In response to floods in the 1920’s a major river 
improvement scheme known the Hays No. 2 scheme was implemented, completing the 
straightening of the river to its present course and the construction of stopbanks. This system of 
stopbanks has been further improved in response to flooding to the scheme as it exists today. 
The present day Waimakariri River has only one branch, following the path of the 1868, 1930, 
and 1880 river modifications shown in Figure 1a and b, with a system of stopbanks constraining 
the flow along this path. A more detailed account of the river modifications is given in 
Wotherspoon et al. (2012).

Figure 1:  Kaiapoi and its surrounds a) historical river modifications; b) present day river 
characteristics 

3 LIQUEFACTION DAMAGE AND LOCATION OF OLD CHANNELS 

3.1 Past Liquefaction 

Well documented evidence of liquefaction in Kaiapoi during the 1901 Cheviot earthquake can 
be found in newspaper reports following the event.  These detail ejection of sand, lateral 
spreading and ground settlement features in an area at the eastern edge of Kaiapoi on both sides 
of the Kaiapoi River (then the North branch of the Waimakariri River). Through discussion with 
local residents, Berrill et al. (1994) showed that these areas were two properties at location A in 
Figure 2a). Fissures also opened on the other side of the river up to 60 cm wide, while smaller 
cracks were filled with ejecta. 

In 2001 a study of the liquefaction potential of the eastern Waimakariri District was carried out 
that included the area in and around Kaiapoi (Christensen, 2001).  Existing soil information was 
supplemented with data from 26 boreholes to define the distribution of soil profile 
characteristics in the region. The location of these test sites near Kaiapoi are represented in 
Figure 2b by star symbols. A map of liquefaction susceptibility was developed for the region, 
with the section of this map from the Kaiapoi area shown in this figure. Three regions of high 
(H), medium (M) and low (L) liquefaction susceptibility are separated by dashed lines, with 
areas to the west of town and south of the Waimakariri River outside the study area.  
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3.2 Canterbury Earthquake Sequence 

In this section we focus on specific areas in and around Kaiapoi and the correlation between 
damage as a result of the Darfield event and the position of old river channels. Further 
discussion of this relationship is provided in Wotherspoon et al. (2012). This region is 
reasonably flat, with the largest slopes in the area resulting from stopbank construction and land 
reclamation along the Kaiapoi and Waimakariri Rivers. Using data from aerial photographs 
(NZAM, 2010) and ground reconnaissance, the areas that experienced liquefaction in this area 
following the 4th September 2010 Darfield earthquake are shown shaded in Figure 2. Looking at 
the areas near the town, the most extensive liquefaction damage occurred on the north side and 
at the eastern edge. Less severe but still significant liquefaction induced damage was evident 
following the 22nd February 2011 Christchurch earthquake, the 13th June 2011 events, and the 
23 December 2011 earthquake. A reduced area within the shaded zones in Figure 2 was affected 
by each of these events, and locations that suffered from repeated significant liquefaction 
damage are outlined in the following sections. The majority of this affected area has been 
deemed uneconomical to repair due to the poor soil conditions and classified as red zone, with 
much of this region formed of old and reclaimed river channels. 

Comparison between the liquefied zones and liquefaction susceptibility zones from the 2001 
study (Christensen, 2001) in Figure 2b indicates that much of the area that experienced 
liquefaction had been mapped as highly susceptible zones. The only regions that are 
mismatched is the area of extensive liquefaction south east of town that cuts through medium 
and low susceptibility zones, which is described in further detail in Section 3.2.2.  

Figure 2:  Kaiapoi a) liquefied zone following the Darfield earthquake and locations of 
interest; b) site investigation and 2001 liquefaction susceptibility zones 

Kaiapoi River, at position 1 in Figure 2a, originally spanned the distance between the roads on 
both sides of the river when it was the north branch of the Waimakariri River. This width has 
been halved as a result of progressive land reclamation that began in 1907 with dredging of the 
river, as highlighted in Figure 3, where the red dashed lines indicate the location of the river 
banks prior to reclamation (Wood, 1993). These areas are now parks, with stopbanks built up 
along both sides. This area suffered extensive liquefaction and large lateral spread fissuring 
parallel to the riverbanks.  Up to 3 m of total permanent lateral displacement was recorded in 
this area following the Darfield earthquake (Robinson et al., 2011), damaging stopbanks, 
bridges and structures along the river banks (Figure 3a).  Some of these fissures were up to a 
metre wide, and two metres deep. Behind this area, further from the river, large volumes of 
ejecta were evident, resulting in settlement of structures and damage to roading and services. 
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Further spreading movements were identified in this reclaimed area following the Christchurch 
earthquake. 

In the area of position 2 in Figure 2 there have been many shifts in the river, both natural and 
manmade. When the main flow of the Waimakariri River followed this branch the river had 
multiple channels, shifting naturally in the area. When the main flow of the Waimakariri shifted 
away from this branch the channel size reduced. Since 1941 the renamed Kaiapoi River, and the 
Cam River (flowing from the north down to position 2) have been realigned to allow for 
motorway construction (Wood, 1993). Following the Darfield earthquake Wyllie and Murphy 
parks, on opposite sides of the river had large volumes of ejecta along these reclaimed river 
channels. Houses and roads in this region were affected, with moderate lateral spreading. The 
severity of liquefaction damage in this area was less following the 22 February 2011 
Christchurch earthquake, with damage confined to the area south of the river. 

Prior to 1880, Figure 1a shows that the south branch of the river was positioned at the edge of 
the present day town. With the shift of the flow away from the town after a diversion of the 
river in 1880, the old channel was filled, and only a small creek remained. The path of this old 
river channel correlates well with the region of liquefaction in Figure 2, following the path from 
the bottom centre of the figure (position 3), up along the edge of the town and passing beneath 
the houses in the area, before shifting towards the east. The damage in this area will be 
discussed in the following sections. 

Figure 3:  Liquefaction damage along the Kaiapoi River following the Darfield earthquake 
and location of old river banks. 

Figure 4:  Liquefaction damage following the Darfield earthquake a) lateral spreading 
along the Kaiapoi River; b) widespread ejecta in eastern Kaiapoi. 

3.2.1 Eastern Kaiapoi 

At the time of settlement of the town in the 1850’s, the bend of the river at position 5 in Figure 
2a did not exist, with the river instead travelling straight between the start and end of the bend. 
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The 1858 street plan for Kaiapoi shows this, with Charles St and Sewell St both continuing east 
to Hall St, while in-between Jollie St and Hall St was Boys St. 

When the main flow of the Waimakariri River shifted from the north branch to the south branch 
in 1868, the increased flow of the river was directed perpendicular to the river banks, 
progressively eroding the north bank and creating the bend at position 5 in Figure 2a. The river 
bend had progressed further north at the time, with witness accounts indicating that the river had 
encroached by 200 m in the soft sandy soil in the area (Wood 1993). The progression of this 
erosion ceased when the main channel of the Waimakariri shifted away from the town in 1880 
as detailed in Section 2.  

To provide a conservative estimate of the erosion, the river banks at mean water level from 
1858 were used as the origin of the 200 m offset to show the extent of erosion in 1878. This 
erosion would have removed much of the planned positions of Charles, Sewell and Boys St 
shown in Figure 5a. It is also clear from Figure 5b that the present day river banks are much 
closer to the 1858 position, indicating that much of the eroded area was either aggraded due to 
the accumulation of loose sediments as a result of the reduced flow of the river or reclaimed by 
other means. 

This region experienced some of the most severe liquefaction damage, with ejecta up to 400 mm 
thick and settlement of houses in the area following the Darfield earthquake (Figure 4b).
Services and roadways were damaged due to ground movement throughout. Adjacent to the 
river lateral spreading was evident, with large ejecta volumes in the low lying areas. Severe 
liquefaction damage was again evident following the Christchurch earthquake, with minor-
moderate damage apparent after both the June and December events. 

Figure 5:  Eastern Kaiapoi a) 1858 street plan and river characteristics; b) present day 
river location

3.2.2 South-Eastern Kaiapoi 

An aerial view of the eastern edge of Kaiapoi south of the Kaiapoi River following the Darfield 
earthquake is presented in Figure 6, with the boundary of the old southern channel of the 
Waimakariri River between the years 1865-1880 shown by the dashed black line (Ward & 
Reeves, 1865, Cass, 1864, Logan, 1998). What is immediately obvious is that the regions of 
liquefaction damage demonstrate a close correlation to the position of the old river channel.  
Large volumes of ejected sand and ground cracking are evident in the fields east of Kaiapoi, 
while heading south, the liquefaction damage follows a more confined path along the former 
river channel. One of the exploratory boreholes from the 2001 liquefaction study was at position 
2 in Figure 6 and in Figure 2b, clearly outside the path of the old river channel and in an area 
where no liquefaction was evident at the surface. Knowledge of the location of the old river 
channel would likely have influenced the definition of the various liquefaction susceptibility 
zones outlined in Figure 2b. Five distinct episodes of liquefaction were evident in the structure 
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of a sand boil that was trenched in this region, clearly exhibiting the high liquefaction 
susceptibility of these loose deposits (Green et al. 2012).  

Figure 6:  Liquefaction damage following the Darfield earthquake and location of old 
river channel in South-Eastern Kaiapoi

On the eastern side of Kaiapoi, the old channel passes underneath the present day Courtenay 
Drive area shown by position 1 in Figure 6, the site of widespread damage to residential 
properties as a result of liquefaction and extensive lateral spreading following the Darfield 
earthquake. This was evident along the eastern side of Courtenay Drive for a distance of 
approximately 700 m. Up to 500 mm of ejected sand covered much of the roads and properties 
in this area following the event. Large lateral spread fissures between 0.5 and 1.5 m wide ran 
through residential areas parallel to the banks of the old river channel, with many of these filled 
with ejecta. This spreading resulted in permanent displacements of the ground of between 1.3 
and 2.8 m towards Courtenay Stream, the present day small water course that follows the 
approximate path of the old river channel.  The characteristics of the lateral spreading in this 
area were different to those observed elsewhere in Kaiapoi, with the majority of large fissures 
developing 120 – 200 m from the banks of Courtenay Stream in a block-like movement, instead 
of the larger cracks close to the free face (Robinson et al., 2011). At the free face there were 
only a few small cracks evident. The residential one and two storey structures in this area, 
especially on the eastern side of Courtenay Drive, were severely damaged due to these large 
movements as indicated in Figure 7. Structural damage was a result of tilting, differential 
settlement, loss of foundation support, and cracking of foundation slabs (Allen et al., 2010). 
Further lateral spreading occurred in this area during the Christchurch and December 
earthquakes. 

Figure 7:  Lateral spreading induced damage in South-Eastern Kaiapoi following the 
Darfield earthquake
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4 CONCLUSIONS 

Liquefaction damage in and around the town of Kaiapoi has occurred following multiple 
earthquakes in recorded history, with much of this area identified as having a high susceptibility 
to liquefaction. Areas with the most significant damage have been shown to be river channels 
than have either been reclaimed or had flow diverted away. The extensive modification of the 
Waimakariri River in the past meant that some parts of the town have since been extended into 
these old channels. These old channels were shown to have a strong correlation with the areas of 
severe liquefaction damage following these earthquakes, and within the town these old channel 
areas were ultimately deemed uneconomical to repair. Observations from the damage at Kaiapoi 
highlight the highly susceptible nature of former river channels and abandoned meanders to 
liquefaction, reinforcing the importance of having a detailed knowledge of the fluvial history of 
a region when undertaking liquefaction assessments. 
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ABSTRACT 
 
Wendover Retirement Village is located in Papanui, Christchurch, adjacent to a minor tributary 
of Dudley Creek on the edge of a drained peat swamp. The site suffered damage as a result of 
the recent major seismic activity in Canterbury, including ground settlement and lateral 
spreading.  

To assess the subsurface profile, cone penetration tests (CPT) and hand auger boreholes were 
carried out and the results used to back-analyse the failures that occurred during the recent 
seismic activity. The site is typically underlain by 5–6m of peat and organic clay with a high 
water table. The organic material overlies 1–2m of sand, then gravel.  

The initial assumptions of liquefaction causing the ground damage were dismissed when 
analysis predicted that liquefaction would be restricted to the sand that underlies the organic 
deposits at 5–6m depth. To determine the cause of the ground damage, a cyclic softening 
assessment was undertaken based on the method of Idriss and Boulanger (Idriss & Boulanger,
2008). By comparing the results with the earthquake records from seismographs located nearby, 
it was demonstrated that cyclic softening was expected in the 22 February 2011 earthquake 
event and unlikely in the 4 September 2010 event. This correlated well with the observations of 
ground damage. In addition, by using probabilistic predictions of the magnitude of ground 
accelerations (Gertsenberger, 2011), the likelihood of cyclic-softening-induced ground damage 
reoccurring was able to be estimated. 
 
1 INTRODUCTION 
 
The Darfield Earthquake of 4 September 2010 caused significant damage to the land, 
infrastructure and buildings of Christchurch City and the wider Canterbury region. However, it 
was the subsequent Christchurch Earthquake of 22 February 2011 that caused the greatest 
damage to Christchurch City with liquefaction and associated lateral spreading causing severe 
ground damage on the flat land where the majority of Christchurch City is located. At 
Wendover Retirement Village, located in the suburb of Papanui on the flat land of Christchurch 
City, what appeared to be typical liquefaction induced lateral spreading had caused ground 
cracks and lateral movement towards the adjacent Dudley Creek. However, investigations into 
the nature of the soil below the site revealed that liquefaction was now the cause of the observed 
damage. This paper describes the assessment of the land at Wendover Retirement Village and 
presents the results of an analysis of what may have caused the observed land damage. 
 
2 BACKGROUND 
 
Wendover Retirement Village is located on the floodplain of the Waimakariri River in the 
suburb of Papanui in Christchurch. The site is predominantly flat, surrounded by residential 
properties. The land to the northeast of the site is parkland that slopes gently down away from 
Wendover Retirement Village. Within 10–15m of the northeast boundary of the site is a small 
watercourse that is a tributary of Dudley Creek (see Figure 1).  
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The geological maps of Christchurch City (Brown & Weeber, 1992) describe the site as being 
on the edge of an area of “peat swamps, now drained” and historic maps of the area dating back 
to 1850 (Sibley, 1989) describe the land as “swamp, raupo and tussocks”.

There is a seismograph in Papanui High School located approximately 1.0km northwest of 
Wendover Retirement Village which recorded the accelerations of all the recent earthquake 
events in the Canterbury Region. There are also seismographs located at Christchurch 
Resthaven (approximately 3km to the southeast) and Shirley Library (approximately 3.7km to 
the east). The assessed levels of shaking at Wendover Retirement Village during the most 
significant recent earthquakes are shown in Table 1. 

Figure 1: Wendover Retirement Village location plan 

3 OBSERVED LAND DAMAGE 

The Darfield Earthquake caused only minimal ground damage, whereas significant ground 
settlement and movement relative to the retirement village buildings was observed across the 
site following the 22 February 2011 Christchurch Earthquake. In places the ground settlement 
was upwards of 100mm, with the greatest relative settlement in the northern corner of the site 
along the grassed terrace area on the north-eastern boundary. What appeared to be lateral 
spreading was observed in the same grassed terrace area as well as in the banks adjacent the 
watercourse located within 10–15m of the buildings. In places lateral movements of up to 
100mm were noted. 

Some minor traces of liquefaction-induced surface expression (light grey fine silt sand material) 
were noted along the road frontage adjacent to Wendover Retirement Village. However, no 
notable damage to road pavements or other liquefaction-induced damage was observed. 

Map and Image sourced from LINZ. 
Crown copyright reserved.

Papanui High School

Christchurch 
Resthaven

Shirley Library
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Table 1: Levels of shaking at Wendover Retirement Village 

Name Date Moment 
Magnitude, Mw

Averaged Peak 
Ground Acceleration 

(PGA)(1)

Darfield 
Earthquake

4 September 2010 7.1 0.26g

Christchurch 
Earthquake

22 February 2011 6.2 0.34g

(1) The peak ground accelerations are based on averaging the values recorded at the 
nearby seismographs inversely proportional to the distance of the seismograph from 
Wendover Retirement Village. 

4 SOIL PROFILE 
 
To assess the local ground conditions, six Cone Penetration Tests (CPT) were undertaken, along 
with three hand-auger boreholes with Scala penetrometer (Dynamic Cone Penetrometer or 
DCP) testing in locations where the CPT rig access was not available. The tests were conducted 
between October and December 2011 because of access issues. The inferred ground conditions 
are shown in Table 2. 

Table 2: Typical soil profile

Layer Depth below 
ground to top of 
layer

Layer thickness Description Consistency

1 0m 5m to 6m Peat and Organic 
Clay

Very Soft to Soft

2 5m to 6m 1m to 2m Sand and 
Gravelly Sand

Dense to Very 
Dense

3 6m to 8m - Sandy Gravel 
(inferred)

-

The water table was measured in the hand-auger boreholes at 0.2m to 0.7m below ground level, 
which corresponds to approximately the water level of the nearby watercourse. For the purposes 
of all analyses the groundwater level was assumed to be at the elevation of the average level of 
the nearby watercourse (typically 0.5m below ground level depending on the location 
measured). 
 
5 TECHNICAL ANALYSIS 

The ground damage on site appeared to be typical of liquefaction-induced lateral spreading. 
However, once ground investigations were undertaken, this became increasingly unlikely, as
analysis predicted that the only soils susceptible to liquefaction were located below the organic 
deposits at 5–6m depth. The organic deposits of peat and organic clay were too cohesive to have 
undergone liquefaction. The failure mechanism being something other than liquefaction was 
further supported by the lack of liquefaction surface expression anywhere near the lateral 
spreading. It was postulated that the ground damage may have been caused by cyclic softening 
of the cohesive soils, and so an analysis of the investigation data was undertaken to verify this 
theory.  

5.1 Cyclic softening methodology 
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In order to assess the soil’s susceptibility to cyclic softening the method of Idriss and Boulanger 
(Idriss & Boulanger, 2008) was utilised. This method is based on the ratio of the cyclic stress 
ratio (CSR) to the cyclic resistance ratio in a similar approach to liquefaction susceptibility 
analysis of the NCEER method (Youd et. al., 2001). The main difference being that the CRR is 
calculated based on the undrained shear strength of the cohesive soil. The formulae that Idriss 
and Boulanger have recommended for calculating the CRR are:

          
    
           (1)  

          (
  
 )            (2)

         
     

(   
           )

          (3) 

    
    

        (4)

Where:     = undrained shear strength of cohesive soil 
      = vertical effective stress at consolidation 
      = magnitude scaling factor 

  = earthquake magnitude 
  = static shear stress correction factor
   = over consolidation ratio 
  = static shear stress 

Note that the MSF formula is different from that used for a liquefaction analysis as clays are 
less susceptible to cyclic loading. 

The CSR is calculated in the same manner as used in a liquefaction method based on the method 
proposed by NCEER (Youd et. al., 2001):

             
   
    
       (5)

Where:       = peak ground acceleration
   = acceleration due to gravity
     = in-situ vertical total stress
      = in-situ vertical effective stress
    = stress reduction factor 

As with the NCEER method, if CSR > CRR then cyclic softening will occur. 

5.2 Assessment of parameters 

The various parameters needed for these equations were assessed as follows: 
 The undrained shear strength (  ) was assessed based on an average value interpreted 

from the CPT logs. 
 Using assumptions of typical soil densities for the soil types encountered and the 

depth of the water table as measured on site the vertical total and effective stresses 
were estimated (   and     ).

 The ground is essentially flat so it was assumed that the static shear stress (    is zero 
and hence the static shear stress correction factor (  ) is also zero. 
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 The soil was assumed to be normally consolidated and so the overconsolidation ratio 
(OCR) is unity and hence     =     

 The stress reduction factor    was assessed based on the graph of    vs. depth 
produced by Seed and Idriss (Seed & Idriss, 1971) 

5.3 Yield acceleration calculations 
 
By substituting in the values assessed above the formula for the CRR can be simplified as 
follows: 

          
    
         (6) 

And hence for cyclic softening to occur: 

         
   
    
       

  
    
       (7)

The assessed calculations found that the yield accelerations for the Darfield and Christchurch 
earthquakes were as follows: 

Table 3: Calculated yield accelerations

Earthquake Moment 
Magnitude, Mw

Averaged Peak 
Ground Acceleration 

(PGA)

Calculated Yield 
Acceleration (ay)

Darfield Earthquake
(4 September 2010)

7.1 0.26g 0.28g

Christchurch Earthquake 
(22 February 2011)

6.2 0.34g 0.29g

Note that the vertical stresses were calculated at the base of the layer of the peat and organic 
clay; and difference between the two yield accelerations is caused by the variation in the 
magnitude scaling factor. All other parameters are the same. 

5.4 Time history analysis 

The initial results suggest that the yield acceleration would have been reached during the 
Christchurch Earthquake but not during the Darfield Earthquake. This matches the observed 
ground behaviour as minimal ground damage occurred after the Darfield Earthquake whereas 
significant ground damage occurred following the Christchurch Earthquake. To have a closer 
look at what occurred during each earthquake, a time history analysis was undertaken based on 
the shaking records from three nearest seismographs. Illustrative results of this analysis are 
shown below in Figure 2 and the full results are tabulated in Table 4.  
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Figure 2: Christchurch Earthquake – Shirley Library Accelerogram (combined 
directions) 

Table 4: Frequency of yield accelerations

Earthquake Location Yield cycles in each direction(1)

X Y Average

Darfield Earthquake
(4 September 2010)

PPHS 0 0
0REHS 0 0

SHLC 0 0
Christchurch 
Earthquake (22 
February 2011)

PPHS 0 0
2REHS 4 5

SHLC 1 2
(1) The number of times that a cycle of acceleration exceeded the yield acceleration for 

each earthquake. 

The results show that the yield acceleration was never reached for the Darfield Earthquake and 
is likely to have been reached up to nine times during the Christchurch Earthquake. This 
indicates that the probability that cyclic softening occurred to a sufficient extent to cause ground 
damage is much more likely to have occurred following the Christchurch Earthquake. This 
matches the observed ground damage and gives confidence as to the accuracy of our 
assessment. 

5.5 Probability of reoccurrence 

To predict the effect that future earthquake events would have on the Wendover Retirement 
Village land the analysis was re-run using predicted earthquake magnitudes and accelerations as 
recommended by the Ministry of Buisness, Innovation and Employment (MBIE, 2012, p. C2.2) 
for geotechnical design in Canterbury. The results are tabulated below: 

Table 5: Design earthquake accelerations compared with yield accelerations
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Design Earthquake Event Magnitude Peak Ground 
Acceleration (PGA)

Calculated Yield 
Acceleration (ay)

Serviceability Limit State
(SLS)

7.5 0.13g 0.27g

Ultimate Limit State 
(ULS)

7.5 0.35g 0.27g

The next step was to more accurately determine the probability that an earthquake would cause 
the levels of shaking that are predicted to trigger cyclic softening. To do this, the results of the 
GNS Science probabilistic assessment of liquefaction for Christchurch in the next 50 years 
(Gerstenberger et al., 2011) was referred to. This study gave estimates that various acceleration 
levels in Christchurch would be exceeded in seismic events in the next year, ten years and fifty 
years. By interpolating between the values given by GNS we were able to state that probabilities 
of cyclic softening reoccurring in the future. The GNS values along with the results that have 
been interpolated are tabulated below: 

Table 6: Exceedance probabilities for liquefaction thresholds in Christchurch

Timeframe

GNS Results Calculated 
Results

Shallow 
Threshold 
(>0.10g)

Lower Deep 
Threshold 
(>0.13g)

Lower Deep 
Threshold-1

(>0.2g)

Lower Deep 
Threshold-2

(>0.3g)

Yield 
Acceleration 

(>0.27g)
In the next 1 
year

46% 92% 60% 24% 34%

In the next 
10 years

86% 70% 35% 12% 18%

In the next 
50 years

98% 32% 14% 5% 7%

Note that these probabilities are based on magnitude weighted PGA and are based on 
earthquake likelihoods assessed in May 2011 and may need to be revised. 

6 DISCUSSION 

This analysis was conducted in December 2011 and so some of the information used to assess 
the cyclic softening hazard at Wendover Retirement Village may be out of date. 
Notwithstanding this, the results of this analysis can be considered reasonably accurate – in a 
geotechnical sense – thanks to the density of seismographs in Christchurch City and the ongoing 
research being conducted in to the effects of the recent earthquake sequence.  

The results predict whether or not cyclic softening will occur and lend support to the accuracy 
of the method of Idriss and Boulanger (Idriss & Boulanger, 2008). However, the analysis does 
not cover the magnitude of failure, which may be significantly more important when designing 
structures in soils where cyclic softening is considered a hazard. 

7 CONCLUSION 

The effects of the recent earthquake events on Christchurch have provided valuable insight into 
the behaviour of soils during earthquakes. The analysis of the cyclic softening that occurred at 
Wendover Retirement Village is an example of this. The high density of seismographs in 
Christchurch City, the huge amounts of data collected, and the ongoing research that is being 
conducted has allowed this analysis to be completed to a reasonably high degree of accuracy.
The results lend support to the accuracy of the cyclic softening analysis methods proposed by 
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Idriss and Boulanger (Idriss & Boulanger, 2008) and serve as a reminder to be aware of the 
potential for cyclic softening to cause ground damage in earthquake events.  
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ABSTRACT 

Liquefaction induced lateral spreading associated with the Canterbury earthquakes of 2010 and 
2011 has resulted in significant damage to numerous riverside properties in Christchurch. 

A number of methods for mitigating lateral spreading risk exist; these often involve ground 
improvement adjacent to the free face. 

Preliminary design using a contiguous bored pile wall to retain liquefied soil and reduce the 
magnitude of seismically induced lateral spreading has been carried out for a site in 
Christchurch.  Both force based and displacement based design methods have been used for this 
design. A summary of each method is presented, followed by discussion of the relative merits of 
each approach and parameter sensitivity. 

1 INTRODUCTION  
 
This paper summarises two different approaches used in design of a bored pile wall to mitigate 
liquefaction induced lateral spreading. Design has been carried out using force based and 
displacement based approaches, for a site adjacent to the Wairarapa Stream in Christchurch.  

Site conditions and past site performance are summarised, followed by a description of the 
design philosophy and methodologies, and a discussion on the relative benefits and limitations 
of the approaches used. 

2 BACKGROUND 

Liquefaction and lateral spreading occurred at the subject site as a result of the 
04 September 2010 and 22 February 2011 earthquakes. The total cumulative lateral 
displacement was assessed to be approximately 300mm at the riverbank, based on the 
cumulative width of cracks measured on site. Much of this displacement was expressed in a 
large crack running through the centre of a residential dwelling, located approximately 15m 
from the riverbank. A number of smaller cracks were observed at distances up to 40m from the 
riverbank.  
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Geotechnical investigations carried out at the site indicate that the natural ground conditions 
comprise: 

 3.0m to 4.0m of alluvial sandy gravel (SPT ‘N’ typically 15 to 25), overlying, 
 5.0m to 6.0m of alluvial silt, sandy silt, and silty sand (SPT ‘N’ typically 5 to 15),

overlying, 
 Unconfirmed thickness (>9.0m) of dense alluvial sandy gravel (SPT ‘N’ typically 

greater than 30).
The inferred generalised subsurface profile for the subject site is summarised in Figure 1.  

Figure 1:  Subsurface profile 

3 BACK ANALYSIS 

A back analysis of the lateral spreading which occurred at the site in the 04 September 2010 and 
22 February 2011 earthquakes was undertaken. The purpose of this was to confirm that the 
assumed profile of the sliding surface was realistic, and to calibrate the shear strength of the 
sliding surface (i.e. shear strength of liquefied material).  

The back analysis assumed the following parameters to represent the 04 September 2010 and 
22 February 2011 earthquakes: 
 04 September 2010: Moment Magnitude 7.1, peak horizontal ground acceleration 0.22g; 
 22 February 2011: Moment Magnitude 6.2, peak horizontal ground acceleration 0.31g. 

Using the method of Idriss & Boulanger (2008), approximately 70% of the alluvial silt and sand 
material encountered between 3.0m and 9.0m depth was assessed to be liquefiable during the 
04 September 2010 earthquake and 22 February 2011 earthquakes. The residual shear strength 
of this liquefied soil (τ/σ ratio) was indicated to be in the range of 0.05 to 0.15 based on 
empirical relationships with CPT cone resistance (Idriss & Boulanger, 2008). 

The inferred mechanism of failure may be described as a block of the non-liquefiable gravel 
crust sliding on liquefied material, with a slip surface located at approximately 3.0m to 4.0m 
depth (i.e. at or just below the level of the base of the stream channel) (Refer Figure 1). 

The analysis methods used in the back analysis are summarised in the following sections.  
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3.1 Empirical analysis 

A lateral spreading back analysis using the empirical method published by Youd et al., (2002) 
was undertaken. The results of this analysis indicated displacements at the riverbank as follows: 

 04 September 2010: 200 – 400mm, and, 
 22 February 2011: 100 – 200mm. 

These displacements are generally consistent with displacements inferred from measuring crack 
widths on site.   
 
3.2 Flow failure 
 
The software package SLOPE/W (Version 7.2, GeoStudio, 2007) was used to model the site 
(refer Figure 1). The shear strength of the liquefiable material was set as τ/σ=0.05 (i.e. lowest 
probable strength based on empirical relationships with CPT cone resistance) in order to assess 
whether a flow failure (i.e. displacement occurring without horizontal acceleration) is possible.

A factor of safety of slightly less than 1 for distances of up to 15m from the riverbank, and 
greater than 1 for distances greater than 15m from the riverbank was obtained using this 
method. This indicates that some of the displacement at the site may have occurred after 
earthquake shaking had stopped. 
 
3.3 Newmark sliding block 
 
For the purposes of the back-analysis, and subsequent design, the non-liquefiable gravel crust 
was considered as a rigid sliding block (Newmark, 1965). The empirical method published by 
Jibson (2007) was used to assess yield acceleration values corresponding to peak horizontal 
ground acceleration and ground displacements measured at the site for each earthquake. 
 
3.3.1 Width of sliding block 
 
Slope modelling was undertaken for a range of different sliding block widths. Widths of 15m 
and 40m (measured from the riverbank) were considered, in order to represent the location of 
the main crack (15m) and the crack observed farthest from the riverbank (40m). A sliding block 
width of 100m was also considered. This 100m block was assessed to be the maximum possible 
size of soil block which is expected to move in phase during earthquake shaking (i.e. ¼ of 
approximate p-wave length). At distances greater than 100m from the riverbank, the full width 
of the sliding block is not likely to be in phase. The back analysis of shear strength (refer 
Section 3.3.1) assumed a block width of 40m. The forward analysis (refer Section 4) assumed a 
40m block width with a sensitivity check of 100m.  

3.3.2 Sensitivity to time history assumed 

The method published by Jibson (2007) calculates a mean displacement, along with lower 
bound and upper bound displacements (corresponding to one standard deviation above or below 
the mean). This range represents the variability in the shape of earthquake time-history records 
considered in the empirical model used by Jibson. As the shape of the design earthquake time-
history is not known, a conservative approach has been adopted; mean displacements have been 
used when calculating yield acceleration values as part of back analysis, and upper bound 
displacements are used for forward analysis.

3.3.3 Failure surface shear strength 
 
The shear strength of the sliding surface (τ/σ) based on the Newmark sliding block approach 
was back-calculated as 0.14 to 0.17. This shear strength is at the upper end of the range of 
residual shear strength of liquefied soil assessed from empirical relationships with CPT cone
resistance (0.05 to 0.15). This could reflect the development of excess pore water pressure and 
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corresponding reduction in shear strength of liquefiable material throughout the duration of the 
earthquake. The shear strength calculated from the back analysis could be considered as an 
average over the duration of earthquake shaking, rather than residual liquefied shear strength. 

3.3.4 Discussion of Newmark Sliding Block 

Important limitations of the Newmark sliding block model include the following. These were 
considered during our analysis. 

1) The liquefied residual shear strength calculated from the back analysis may be 
unconservatively high for use in forward analysis if the earthquake used for the back analysis 
has lower magnitude compared to the design earthquake. This could be accounted for by 
adopting a lower bound shear strength value. Alternatively, the liquefied residual shear strength 
estimated using empirical relationships with CPT cone resistance could be assumed for all 
analyses, however this approach may be over-conservative.  

2) The liquefied residual shear strength at the end of earthquake shaking may be significantly 
lower than the average shear strength assumed throughout earthquake shaking. When using the 
Newmark sliding block approach in design, it is necessary to check the post earthquake static 
stability of the system assuming the lowest probable liquefied residual shear strength. 

3) The Newmark sliding block model is based on the assumption that the majority of lateral 
spreading displacement occurs during earthquake shaking. Anecdotal evidence and observations 
made by geotechnical engineers throughout the Canterbury earthquake sequence of 2010 and 
2011 indicate that a significant portion of lateral spreading movement occurs after earthquake 
shaking has stopped. This is consistent with the possibility of flow failure (refer Section 3.2), 
and the need to check post-earthquake static stability. 

The Newmark sliding block model includes a number of other approximations and 
simplifications which may not represent actual conditions. These include: 

 Soil assumed to move as a single rigid block rather than a series of non rigid blocks. 
Actual failures are observed to occur in a series of scallops. 

 Movement is assumed to occur on a distinct failure surface. Actual movement may 
occur by straining through a significant depth of liquefied soil. 

 Shearing is assumed to be rigid plastic. Actual conditions may be non linear elastic 
plastic. 

 Acceleration response of the surface (PGA) is considered rather than an in ground 
response. 

Despite the limitations discussed above the back analysis indicates that the Newmark sliding 
block analysis can model observed outcomes and thus has value as a design tool (with care). 
Bazair et.al. (1992) undertook a similar back analysis of lateral spread displacements which 
occurred during the 1987 Superstition Hills earthquake (California). This back analysis also 
supported Newmark sliding block as a valid model. For more detailed assessment dynamic 
analyses should be considered. It is noted that these analyses will also include a number of 
assumptions and simplifications. 
 
4 FORWARD ANALYSIS 
 
A bored pile wall located between the dwelling and the river channel was investigated as an 
option to mitigate future lateral spreading. Ground improvement adjacent to the river channel 
was assessed to be infeasible due to a lack of a suitable width of ground, and the presence of 
protected trees over much of the site. The following sub-sections describe the preliminary 
design of the pile wall. 
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4.1 Design objectives 
 
To meet the New Zealand Building Code requirements buildings are required to be designed to: 

• Avoid collapse during a large earthquake (Ultimate Limit State, 500 year return period); 
and, 

• Not suffer significant damage and retain amenity following a moderate earthquake 
(Serviceability Limit State, 25 year return period). 

In response to these Building Code requirements a design objective of limiting ground 
displacement to less than 200mm in an Ultimate Limit State (ULS) earthquake (Moment 
Magnitude of 7.5, peak horizontal ground acceleration of 0.35g) was nominated. 

Without the pile wall, lateral spreading analyses using the Newmark sliding block model and 
the empirical method published by Youd (2002) indicated 0.5 to 2m displacement may occur at 
the riverbank in a future ULS design earthquake (Mw 7.5, PGA 0.35g). This estimated 
displacement is significantly higher than that observed and assumed for the back analysis. This 
highlights the sensitivity of the empirical analysis methods to the magnitude of earthquake. 

Force based and displacement based design approaches were used, in order to assess the relative 
merits of each approach and develop a methodology to be used in future design projects. 

4.2 Force based approach  

1. The magnitude of the force imposed on the wall by laterally spreading soil was
estimated by three approaches: 
a) Considering the soil behind the wall as a hydrostatic fluid with a weight of 

18kN/m3 (Gurley & Nicholls, 1982), with the force on the wall resulting from a 
hydrostatic stress distribution (coefficient of lateral pressure K=1). No acceleration 
was applied to this model. This approach is not considered to be correct for this site 
as the majority of soil force on the wall is likely to result from the non-liquefied 
gravel crust. However, this approach may be appropriate for other sites where the 
majority of force imposed on a wall is likely to result from fully liquefied soil.  As 
such, it is included for comparison purposes only. 

b) Modelling the wall as a pile element in the SLOPE/W model, applying a seismic 
coefficient of 0.35g, and varying the shear capacity of the pile to achieve a factor 
of safety of 1.0. Non-liquefied soil conditions were assumed. Soil strengths of c=0 
and ɸ=35° in the gravel crust and c=0 and ɸ=28° in the underlying silt and sand 
were assumed. The purpose of this step is to account for the possibility that a
Coulomb wedge or other type of failure may form early on during an earthquake, 
before liquefaction and the associated lateral spreading type failure has fully 
developed. 

c) As above, assuming liquefied soil conditions. Soil strengths of c=0 and ɸ=35° in 
the gravel crust and τ/σ=0.15 in the underlying liquefied soil were assumed. A
seismic coefficient of 0.35g was applied, and a sliding block width of 40m 
assumed for this analysis.  

d) The maximum passive pressure that the sliding block can apply to the wall was 
also considered. (Note in this case in order to apply this force the block width 
would have to be greater than 100m, hence this was not considered further).

2. The software package WALLAP (Geosolve, Copyright 2012, D.L. Borin) was used to 
model the bored pile wall. The force imposed by laterally spreading soil (from Step 1)
was applied as a load, and the wall pile diameter varied to limit wall deflection to 
200mm or less. 
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4.3 Displacement based approach
 

1. The empirical method published by Jibson (2007) was used to assess yield acceleration 
values corresponding to 200mm of displacement for the ULS design earthquake. 

2. The SLOPE/W model was used to model the wall as a pile element. The shear capacity 
of the pile element was set to achieve a factor of safety of 1.0, subject to the yield 
acceleration calculated in Step 1. A sliding block width of 40m and a shear strength of 
the liquefied soil of τ/σ=0.15 were assumed. 

3. The software package WALLAP was then used to determine the required pile size to 
provide the resistance calculated in Step 2, with deflection equal to 100mm (i.e. wall 
restraint develops with displacement (Palmer & Jacka, 2008) up to 200mm, average 
restraint taken as that which is provided at 100mm displacement). 

4.4 Design outcomes  
 
The size of the bored pile wall required to meet the design objective varied significantly 
depending on the design approach used. The design outcomes are summarised in Table 1.  

Table 1:  Design outcomes 
Design approach Required pile diameter

Force based (a) 750mm at 750mm centre to centre spacing

Force based (b) 600mm at 600mm centre to centre spacing

Force based (c) 1600mm at 1600mm centre to centre spacing

Displacement based 750mm at 750mm centre to centre spacing

The post-earthquake static case (refer Section 3.3.1) was checked for all cases but was not found 
to be critical to design.  
 
5 PARAMETER SENSITIVITY 
 
The parameters used in the displacement based design were as follows: 

 Shear strength of liquefied soil (τ/σ): 0.15
 Sliding block width: 40m 
 Wall capacity at 100mm displacement: 110kN/m wall (750mm dia. wall) 
 Jibson (2007) displacement output: upper bound (i.e. mean plus one standard deviation) 

A sensitivity analysis was carried out on the displacement based approach by varying the 
assumed parameters and calculating the resultant change in wall displacement. The sensitivity 
analysis is summarised in Table 2. 

Table 2:  Sensitivity analysis 

Scenario Calculated total 
displacement (mm)

Design 150

Reduced liquefied shear strength reduced to 0.10 275

Sliding block width increased to 100m 240

Wall capacity at 100mm displacement reduced to 55kN/m wall 240

Jibson (2007) mean displacement 55
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It is noted that increasing the sliding block size results in lower yield acceleration and a 
corresponding increase in calculated displacement. This differs from what would be intuitively 
expected. Hubert & Ignatius (2000) noted that this is partly due to more variation of inertia 
within the soil mass for a larger sliding block. In other words, even for a mass of soil which is 
moving in phase, the rate of movement varies within the soil mass. Hubert & Ignatius used 
two-dimensional site response analysis to compute time histories for a range of block sizes, and 
used Newmark’s approach to show that displacement decreases with increasing block size. This 
indicates that the 100m wide sliding block may not be a realistic scenario. 

The increase in calculated total displacement resulting from reducing wall capacity and 
liquefied shear strength is significant. The analysis is sensitive to changes in liquefied shear 
strength and wall capacity, and as such, conservative values should be adopted for these 
parameters.  

6 CONCLUSIONS AND RECOMMENDATIONS 

The relative benefits and drawbacks of the two design methodologies used are summarised in 
Table 3. 

Table 3:  Force based and displacement based methodology comparison 
Design

methodology
Advantages Disadvantages

Force based  May be appropriate for Serviceability 
Limit State design or applications 
where limiting/preventing 
displacement is critical

 Likely to be over-conservative for 
ULS design

 Relies on accurate estimation of force 
imposed on wall by laterally spreading 
soil – difficult to estimate accurately

 All displacement is assumed to occur 
during earthquake shaking

Displacement 
based

 Reflects that preventing all 
displacement may not be realistic or 
economic

 Designer can control level of 
conservatism by selecting appropriate 
geotechnical parameters and 
designing to upper/lower bound or 
percentile displacements

 Includes the limitations and 
assumptions of a Newmark sliding 
block analysis. These may not 
accurately reflect the actual process of 
lateral spreading (refer Section 3.3.4).

The following conclusions and recommendations are made based on lessons learnt undertaking 
this work:  

 Newmark sliding block includes many assumptions which may not reflect the actual 
process of lateral spreading. However, the block analysis indicated that it can model 
observed outcomes and this has value as a design tool (with care).  

 Back analysis based on performance of the site in past earthquakes was valuable to 
confirm assumptions such as the location of the sliding surface, and to refine 
geotechnical parameters such as the post-liquefaction shear strength. 

 Liquefied residual shear strength calculated from back analysis may be higher than that 
calculated using empirical relationships with CPT cone resistance. Careful 
consideration and engineering judgement should be applied when assessing the 
appropriate post-liquefaction shear strength for use in design. 

 The force based approach may be appropriate for Serviceability Limit State applications 
where there is a requirement to prevent any displacement from occurring. 

 A displacement based approach may be appropriate for analysis and design of this type 
of system, particularly for Ultimate Limit State design applications where some 
displacement is acceptable. 
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 Design approaches need to account for the fact that wall restraint develops with 
displacement.  

 The post-earthquake static stability of the system should be checked, using the lowest 
probable post-liquefaction shear strength. 

 Multiple methods should be considered for assessment of lateral spreading type 
problems. Ultimately, engineering judgement must be applied in order to assess the 
most likely failure modes and appropriate design solutions.
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ABSTRACT 

Because of their lightweight, highly crushable and compressible nature, pumiceous sands are 
problematic from engineering and construction viewpoint. There has been very little 
information on their liquefaction characteristics and most empirical procedures available in 
evaluating the liquefaction potential of sands are derived primarily from hard-grained sands. To 
understand the liquefaction characteristics of pumice sands, several series of monotonic 
undrained triaxial tests were conducted on commercially-available pumice sands. Results 
indicated that specimens reconstituted under loose and dense states practically showed similar 
response, confirming the earlier findings that relative density did not have significant effect on 
the behaviour of pumice. The stress-strain relations showed a stiffer response at small strain 
level, followed by development of large strains and greater dilatancy when the phase 
transformation state (i.e., from contractive to dilative) was reached. Pumice sands have angle of 
internal friction at failure of about 42-44o, which is much greater than those of natural hard-
grained sands. Even under large strain level, they did not reach steady state of deformation, 
possibly due to continuous breakage of particles during shearing, which resulted in more 
resistant soil structure that did not allow deformation at constant shear stress to occur.  

1 INTRODUCTION 

The active geological past of New Zealand has led to widespread deposits of volcanic soils 
throughout the country. The Taupo Volcanic Zone (TVZ) in the central region of the North 
Island in particular has extensive deposits of pumice sands. Pumice is characterised by a number 
of distinctive properties, such as it is generally lightweight, highly frictional and the coarser 
particles are also highly degradable and compressible due to their vesicular nature.  

To understand better the engineering characteristics of pumice, the author and his colleagues in 
the Geomechanics group at the University of Auckland have performed a number of laboratory 
studies (e.g., Pender, 2006; Pender et al., 2006; Kikkawa, 2008; Kikkawa et al., 2009, 2011,
2012; Orense et al. 2012). Some of the tests performed include K0 compression testing on dry 
pumice sand with measurement of gas permeability to track particle crushing effects on void 
space reduction, effect of vertical stress relaxation on the stress-strain relations of dense and 
loose pumice specimens, as well cyclic undrained triaxial tests.

This paper deals with the monotonic undrained shear behaviour of pumice sand. The undrained 
behaviour of sandy soils under monotonic shearing is conventionally used to investigate 
liquefaction mechanism. Monotonic shearing means the specimen in the triaxial cell, which is 
isotropically consolidated, is subjected to an increasing axial load until failure occurs. During 
shearing, the drainage valve is closed; this results in generation of excess pore water pressure. 

2 SOILS SAMPLES USED AND TESTING METHODOLOGY

The tests were performed on commercially-available pumice sand. This is not a natural deposit 
but was derived by processing sand from the Waikato River. The particles were centrifugally 
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separated from the other river sand particles so that the samples consist essentially of pumice 
grains. Pumice sands with two different grading curves were used: Pumice-A sand (0.075 – 2.5 
mm), and Pumice-B sand (0.15 – 0.60 mm). The grain size distribution curves are shown in 
Figure 1, together with the properties obtained using methods based on NZ Standards (1986). 

Because of the presence of voids on the surface and on the particle interior, it was not easy to 
completely saturate the pumice sand. For this purpose, saturated specimens were made using de-
aired pumice sands, i.e., sands were first boiled in water to remove the entrapped air. To prepare 
the test specimens, the “boiled” sand was water-pluviated into a two-part split mould which was 
then gently tapped until the target relative density was achieved. Next, the specimens were 
saturated with appropriate back pressure and then isotropically consolidated at the target 
effective confining pressure, c’. B-values > 0.95 were obtained for all specimens. The test 
specimens were 38 mm in diameter and 76 mm high. 

The undrained monotonic tests were performed using the gear-type triaxial apparatus. 
Undrained montonic loading was applied to the specimens using axial compression. The loading 
rate for the tests was 0.015 mm/min. To begin shearing, the back pressure valve was closed 
(undrained test). The target strain was 30% to observe the specimen under the steady state of 
deformation. Some specimens did not reach this strain level due to a number of factors, such as 
irregular specimen deformations and erratic load cell readings, rendering the data unreliable. 

3 TEST RESULTS AND DISCUSSION 

The results of the monotonic undrained tests on reconstituted pumice sands are expressed in 
terms of the effective stress path (deviator stress vs. mean effective stress) and deviator stress-
axial strain relation. Taking 1’ and 3’ as the maximum and minimum effective principal 
stresses the triaxial specimen is subjected to, then the deviator stress, q = 1 - 3 and the mean 
effective stress: p’ = (1’ + 23’)/3. The axial strain is denoted as a.

3.1 Effect of Density and Confining Pressure 
 
It is well known that changes in density and confining pressure affect the undrained response of 
natural sand. The effects were therefore investigated for the pumice sand A by examining the 
respective deviator stress-axial strain curves and stress paths under different conditions. The 
pumice samples were reconstituted as triaxial specimen at three different states: loose (e=2.20-
2.35, Dr=26-32%), medium dense (e=1.97-2.00, Dr=50-54%), and dense (e=1.63-1.68, Dr=79-
85%) states. These descriptions are consistent with those used in general geotechnical 
engineering practice (e.g., AS1726 – 1993). Effective confining pressures ranging from 50 kPa 
to 1600 kPa were applied. 

Figure 1. Grain size distribution curves and index properties of soils used.
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The results of a series of undrained triaxial compression tests on loose samples of Pumice A 
sand with a relative density of 26-32% are presented in Figure 2 for an effective confining 
pressure range of up to 400 kPa. It can be seen that the test results showed strain hardening 
response at this range of pressure, with the deviator stress q increasing with increase in axial 
strain. Moreover, q increases with the confining pressure and at large strain level, the plots are 
more or less parallel to each other. From the stress paths, the specimen under lower confining 
pressure was less contractive than those under higher confining pressure. The stress-strain 
relations show a stiffer response at small strain level, followed by development of large strains 
and greater dilatancy when the phase transformation state (from contractive to dilative) is 
reached. Compared to natural sands where the stress-strain curves appear to merge at large 
strain range (i.e., steady state of deformation), the curves for pumice sand do not converge, at 
least within the strain level shown, possibly limited by the capability of the testing apparatus.    

The results for two other series of tests, this time on medium dense (Dr=50-54%) and dense 
(Dr=79-85%) states are presented in Figures 3 and 4, respectively. Considering the influence of 
initial confining pressure on the stress-strain relation and pore water pressure response, similar 
tendencies are observed in the overall behaviour of dense and loose pumice specimens. This 

(a)                                                                 (b)
Figure 2. Test results for loose Pumice A sands: (a) stress-strain relation; and (b) 
effective stress paths. 
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(a)                                                                 (b)
Figure 3. Test results for medium-dense Pumice A sands: (a) stress-strain relation; and 
(b) effective stress paths. 
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observation indicates that relative density is not a good parameter to differentiate the response 
of pumice sands, consistent with the observation made by Wesley et al. 1999. Moreover, all the 
tests showed similar tendency of stiff response at small strain level, followed by large straining 
when the phase transformation state is reached. 

Tests were conducted at very high confining pressure; however, problems were encountered in 
some cases because of the limitation of the apparatus. Nevertheless, a clear trend was observed 
in the tests which were successful. Figure 5 shows the monotonic undrained test results for 
dense Pumice B sands subjected to c’=400, 800 and 1600 kPa. Whereas the results for 400 kPa 
showed strain hardening behaviour, those at higher pressures manifested strain softening 
response, especially at large strain level. This behaviour is similar to those observed in Toyoura 
sand (Ishihara 1996). However, it can be seen from the figure that even at strain levels as large 
as 40%, the stress-strain curves did not converge to the steady state. Also noticeable is the stiff 
response of pumice at small strain range, followed by large deformation after the phase 
transformation was reached. 

(a)                                                                 (b)
Figure 4. Test results for dense Pumice A sands: (a) stress-strain relation; and (b) 
effective stress paths. 
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Figure 5. Test results for dense Pumice B sands: (a) stress-strain relation; and (b) 
effective stress paths. 
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3.2 Effect of soil gradation 
 
Next, the monotonic undrained response of Pumice A and Pumice B sand specimens are 
compared. Figure 6 shows the comparison of results for the two specimens at c’=100 kPa and 
400 kPa. It can be observed that while the stress-strain curves are more or less similar, the 
development of excess pore water pressure appears to be faster for Pumice B sands. Similar 
general tendencies were also observed in the other test comparisons. Thus, the finer-grained 
Pumice B sand appears to be more liquefiable when compared to Pumice A sand. 

For the cases shown in Figures 2-4, it can be observed that for the specimen of particular 
density, the effective stress paths become asymptotic to the failure line, indicated by the dashed 
lines in the figures.  The slope of the line, Mf, can be correlated to the angle of inter-particle 
friction f using the following equation: 

  
       (1) 

For all the densities considered, the values of the inter-particle friction angle were calculated for 
both Pumice A and B sands and the results are summarised in Table 1. Regardless of the 
density, the angle f for each type of pumice sand appears to be constant, with values of 42o and 
44o for pumice B and A, respectively. Thus, pumice A has higher f and therefore a little bit 
higher shear resistance than pumice B.  

Table 1. Values of inter-particle friction angle at failure, f, for pumice 

Pumice A sand Pumice B sand
Loose 44 42
Medium dense 44 42
Dense 44 42

For comparison purposes, typical values for loose natural sands are in the order of f=30o. The 
higher frictional angle of pumice may be attributed to their crushable nature as well as the 
particle’s very angular shape.

Using the same concept, the locus of points in the p’-q plane representing the phase 
transformation state (from contractive to dilative behaviour) can be obtained for each test 
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(a)                                                                 (b)
Figure 6. Test results for dense Pumice B sands: (a) stress-strain relation; and (b) 
effective stress paths 
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condition. Results indicate that the angle at phase transformation, pt, ranges from 34-36o for 
Pumice B and 36-37o for pumice A sand. Again, these values are much larger than those 
typically observed for natural sands.  

3.3 Investigation of Particle Crushing 
 
To investigate whether particle breakage occurred during monotonic shearing, sieve analyses 
were conducted after most of the tests. A comparison of the grain size distribution before and 
after the undrained shear test for dense Pumice B sand at c’=400 kPa is shown in Figure 7. For 
the level of shearing the specimen was subjected to, considerable particle crushing occurred. 

As pointed out by Kikkawa et al. (2012), pumice particles are very fragile not only because they 
are porous but also because they are angular in shape; it is the combination of these two factors 
that makes the particles highly crushable. It is postulated that the axial strain measured during 
the test is the result of both load-induced compression of the specimen and particle crushing; as 
a result, the structure of pumice specimen becomes more stable with continuous shearing, 
accounting for the predominantly strain-hardening response observed in the tests. In addition, 
the changing particle size distribution during the course of undrained test makes the pumice soil 
more resistant to deformation when compared to specimens consisting of hard-grained sands. 

3.4 Steady state concept 

Numerous studies on the undrained monotonic behaviour of sand have used the steady state 
concept to discuss the response. The steady state of deformation, also known as critical state, is 
defined as the state at which a sandy soil deforms under constant shear stress, constant effective 
stress and constant volume (Casagrande, 1976; Castro and Poulos, 1977). The strength and 
mean effective stresses which occur at the steady state of deformation change as the density of 
sand is varied, enabling a ‘steady state line’ to be defined in e – q – p’ space. The projection of 
this line in the e – p’ plane is often presented to discuss the response of sand at the steady state 
of deformation. Initial states with densities lower than those of the steady state line tend to result 
in contractive soil response during monotonic loading, whilst initial states with densities higher 
than the steady state line tend to dilate during loading. Note however that the steady state line 
only provides an approximation for division between initial states that contract or dilate 
(Cubrinovski and Ishihara, 2000) – the initial dividing line (Ishihara, 1993) actually marks the 
boundary between contractive and dilative initial states. 

Figure 7. Grain size distribution curves of dense Pumice B specimen before and after test 
(c’=400 kPa). 
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Looking at the earlier test results, it is seen that the steady state condition was not reached in the 
tests. The deviator stress continues to increase even when large deformation was reached (a >
25%). The breakage of the particles does not allow for the pumice sand to deform under 
constant shear stress, constant effective stress and constant volume. In fact, at large 
deformation, the specimens tend to deform irregularly, as shown by typical deformation modes 
illustrated in Figure 8. Thus, meaningful data at the end of the tests were not obtained. 

Although limited in scope, the monotonic undrained tests on pumiceous specimens presented 
herein showed that the steady state was not reached in the tests. Because the particles are 
crushed as the deviator stress is applied, the soil structure becomes more stable and resistance 
increases; as a result the condition of constant deformation under constant shear stress (and 
constant volume) was not achieved, at least within the strain range allowed by the triaixal 
apparatus used. It follows that the framework of crticial soil mechanics may not be applicable to 
crushable sands like pumice. More experiments are recommended to confirm this. 

4 CONCLUDING REMARKS

Under monotonic undrained loading, pumice specimens reconstituted under loose and dense 
states practically showed similar response, indicating that relative density did not have 
significant effect on its behaviour. Within the range of effective confining pressures 
investigated, pumice specimens showed contractive response followed by dilative behaviour. 
The contractive response was more significant at high confining pressure. The stress-strain 
relations showed a stiffer response at small strain level, followed by development of large 
strains and greater dilatancy when the phase transformation state is reached. 

Pumice sands have angles of internal friction of about 42-44o, and these values were not 
affected by relative density. It was noted that these were far greater than those for natural hard-
grained sands. The friction angles at phase transformation were between 34-37o, which were 
again much higher than those of natural sands. Even under large strain level, pumice sands did 
not reach steady state of deformation. This can be attributed to breakage of particles during 
shearing, which resulted in more resistant soil structure that did not allow deformation at 
constant shear stress to occur.  
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(a)                                         (b)
Figure 8. Deformed shape of Pumice B specimens after monotonic undrained tests: (a) 
c’=100 kPa; (b) c’=400 kPa.  
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ABSTRACT 
This paper presents insights from recent advanced laboratory testing of undisturbed and 
reconstituted specimens of Christchurch silty-sands. The purpose of the testing was to establish 
the cyclic strength of silty-sands from sites in the Central Business District (CBD), where 
liquefaction was observed in 4 September 2010, 22 February 2011, and 13 June 2011. Similar 
overall strengths were obtained from undisturbed and reconstituted tests prepared at similar 
densities, albeit with higher variability for the reconstituted specimens. Reconstituted specimens 
exhibited distinctly different response in terms of lower compressibility during initial loading 
cycles, and exhibited a more brittle response when large strains were mobilised, particularly for 
samples with high fines content. Given the lower variability in natural sample response and the 
possibility of age-related strength to be significant for sites not subjected to earthquakes, high 
quality undisturbed samples are recommended over the use of reconstituted specimens to 
establish the cyclic strength of natural sands.   

1 INTRODUCTION 
The undrained cyclic strength of soils susceptible to liquefaction and cyclic softening is a key 
input for the assessment of liquefaction hazard, and the design of foundations including ground 
improvement treatments.  It is commonly estimated using empirical correlations to field 
penetration tests (e.g. Cone Penetration Test, CPT, Youd et al. (2001)).  Empirical cyclic 
strength curves are deliberately conservative due to the inherent scatter in the case history 
dataset, and have been inferred to correspond to a probability of liquefaction, PL= 15% (Moss et
al. 2006; Idriss & Boulanger 2010). A more accurate and precise estimate of cyclic strength may 
be provided by direct testing in the laboratory (e.g. cyclic triaxial testing (CTX), ASTM D5311 
2004), however, this is usually reserved for soils that fall outside the typical soil types found 
within empirical datasets (i.e. fines-containing sands or gravelly soils), or for important projects. 

Extensive and severe liquefaction was observed during the Canterbury earthquakes, particularly 
affecting deposits of fine sands and silty sands of recent fluvial or estuarine origin (Cubrinovski 
et al. 2011b).  These soils are often highly variable, inhomogeneous (inter-bedded and 
laminated), exhibiting a wide range of fines content (FC1) that are typically non-plastic in 
nature. As a result, it is desirable to directly measure the undrained cyclic strength of these 
materials and compare with what might be inferred based on empirical prediction.  
 
2 GEL-PUSH SAMPLING & CYCLIC TESTING 
Undisturbed sampling was conducted at two sites of poor ground and building performance in 
the Christchurch Central Business District (CBD) in July-August 2011 (Cubrinovski et al. 
2011a; Taylor et al. 2012a; Bray et al. 2013).  Gel-push (GP) sampling was selected to obtain 
undisturbed samples from below the water table without resorting to expensive ground freezing. 
                                         
1 The FC in liquefaction analyses is defined as the % passing the #200 (75 μm) sieve, following US 
guidance on soil characterisation (i.e. ASTM D2487 2011). 
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Figure 1a shows the sampling operation diagrammatically, while Figures 1b and 1c present 
photos taken during the trial operation in the CBD.  Undisturbed samples are required for a 
reliable measure of in situ cyclic strength, as soil ‘fabric’ (arrangement of particles) and 
‘ageing’ effects are significant (Ishihara 1993).  Details of the sampler design and appraisal of 
the obtained sample quality are given in Taylor et al. (2012b) . High quality samples of ‘clean 
sands’ (SP), ‘silty sands’ (SM) and ‘silts with sand’ (ML) were obtained from one of the two 
examined sites (e.g. Fig. 1d), but the other site had much poorer quality samples recovered due 
to some technical problems encountered.

Figure 1: a) Illustration of the stages of operation of a GP-S type JPN sampler; (i) lowered 
down cased hole; (ii) pushed into virgin soil; (iii) closure of core catcher; (iv) removal to 

the surface (after Lee, 2011). (b) Drilling rig mobilised in the Christchurch CBD. (c) 
Removal of GP-S sampler from down the hole. (d) Trimmed sample showing natural 

structure of finely laminated silt and fine sand preserved. e) Cyclic strength curve for a 
single layer, with test data varying with fines content (FC 32-77%) and cone resistance 

(qc1N 28-49). 

The GP samples were tested (CTX) in order to determine cyclic strength curves, with results 
presented by Taylor et al. (2013). Typically three tests (minimum) on uniform samples 
(composition, density), performed at different cyclic stress amplitudes are required to reliably 
establish a cyclic strength curve over a relevant number of loading cycles, as shown for a single 
layer in Fig. 1e.  The inherent natural variability over a relatively small depth in undisturbed 
samples of silty-sands makes the interpretation of cyclic tests more challenging than that for 
uniform deposits.  Taylor et al. (2013) present alternative interpretations of the natural sample 
data including by depth/ soil horizon, and grouping by ‘soil type’ for comparison to the 
empirical procedure. A key finding was that Christchurch silty sands appeared to exhibit lower 
cyclic strengths than would be estimated using the semi-empirical method based on CPT 
correlation to cyclic strength.  Further reconstituted testing allows comparison to the GP sample 
test data and can help support the reliability of the initial findings presented by Taylor et al. 
(2013) as well as gain insights into the effects of fabric on the cyclic strength. 

a) b) c) 

d) e) 

(i) (ii) (iii) (iv)
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3 CYCLIC TRIAXIAL TESTING OF RECONSTITUTED SPECIMENS 
Due to the limitations of grouping GP samples by ‘soil type’, further CTX tests on reconstituted 
specimens have been conducted for selected ‘soil class’ groups, i.e. based on grainsize 
distribution and plasticity, similar to the basis of the USCS system (ASTM D2487-11), prepared 
at similar relative density to the GP samples.  Reconstituted tests are typically used to 
investigate a specific aspect of soil response.  For example, Rees (2010) and Arefi et al. (2012)
used reconstituted samples of Christchurch silty sand to investigate the effect of non-plastic 
fines (ranging from 1 to 30% FC) on the monotonic and cyclic undrained response and dynamic 
soil properties, respectively.  In this study the GP samples were grouped into four ‘soil class’ 
groups; clean sands, FC < 5% (SP); silty sands, FC 15-20% (SM15-20); silty sands, FC 30-50% 
(SM30-50); silt with sand, FC 50-80% (ML). These groupings were used as a basis of selecting 
representative reconstituted specimens. 

3.1 Apparatus Capability 
Cyclic strength testing was performed at the University of Canterbury’s geomechanics research 
laboratory on a recently acquired (2009) dynamic triaxial testing apparatus developed by Seiken 
Inc. of Japan.  It allows the researcher to conduct stress or strain controlled monotonic and 
cyclic triaxial tests, the latter over a range of frequencies (0.001- 9 Hz) of applied sinusoidal 
axial loading at a desired amplitude. The limiting cell pressure is 1 MPa, and the load-cell is 
rated to 2 kN at 1 N level of precision.  For dynamic testing the maximum range of the load cell 
is reduced to 500 N with increased measurement precision to 0.25 N. The maximum travel of 
the loading ram relative to the specimen height allows for up to 25% strain under monotonic 
loading, measured with an external displacement transducer (LVDT). Small strain measurement 
is provided by an in-cell high resolution electromagnetic proximity sensor, mounted on the top 
platen, capable of measuring +/- 1 mm of displacement in 0.0005 mm increments, enabling 
measurement to within the elastic range (1 E-5 strain), apart from the influence of bedding 
errors. In addition, bender elements mounted in the platens allow for shear wave velocity 
measurement, and direct evaluation of small strain stiffness G0. 

3.2 Materials tested 
The GP samples of fluvial materials were highly variable in terms of FC, with interbedded 
layers of non-plastic silt and fine sand occurring throughout the sampled profile. The gradation 
curves of all GP tested samples, plotted in Fig. 2, were obtained following testing by sieving 
and particle size analysis of the retained fines using the laser diffraction method.  The four 
plotted groups represent the ‘soil class’ groupings used as a basis for reconstituted specimen 
testing. A single specimen from among the group was selected as representative rather than by 
mixing samples. 

3.3 Sample preparation 
The moist tamping (MT) technique with 10% moisture and 1% undercompaction (Ladd 1978),
was adopted to form uniform reconstituted samples.  This method was selected in order to 
readily target a desired sample density, and to enable comparison to previous testing by Rees 
(2010).  It is noted that, for sands with fines, the MT technique artificially mixes the fines 
randomly amongst the sand grains, whereas it was observed that the undisturbed samples are 
finely interbedded/ laminated, which occurs when the grains fall out of suspension under a 
declining hydraulic gradient (e.g. Fig 1d).  

3.4 Consolidation and Compressibility 
Fig. 3 presents a comparison of the isotropic compressibility, Mv, of GP and MT samples sorted 
by soil class, measured during consolidation prior to shearing, where Mv is calculated from void 
ratio change from e0 to e1 due to increase in confining stress from σ’0 to σ’1:

     [1] 
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Figure 2: Particle size distribution curves of GP samples tested from a site north of the 
Avon River, binned into similar ‘soil class’ based on Fines Content as a proxy for soil 

gradation. Selected ‘representative sample’ shown in bold/ colour.  a) FC <5%; b) FC 15-
20%; c) FC 30-50%; d) FC 50-80%. 

Figure 3: Comparison of compressibility of representative soil class groups during 
consolidation of MT and GP samples, (a) Clean marine sands FC <5%, (b) fluvial silty 

sands FC 15-20%, (c) FC 30-50%, (d) fluvial silt with sand FC 50-80%. 

a) b) 

c) d) 

a) b) 

c) d) 
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The soils with higher FC display a higher compressibility for a given relative density.
Importantly, GP samples (solid symbols) exhibit higher compressibility relative to MT samples 
(open & half-shaded symbols).  This discrepency is greatest for samples with moderate FC (15-
20%, then 30-50%, then 50-80%), with no apparent difference for the clean sands.  We attribute 
this effect to the inhomogeneity of the GP samples, with silt laminations exhibiting higher 
compressibility than when the grains are randomly distributed throughout an MT prepared 
sample.  The impact of inhomogeneity is strongest in materials with moderate fines, reducing 
with higher fines content (as the effect of fines dominates regardless of structure), and is not 
relevant for clean sands.  This hints at possible differences in the cyclic response of MT and GP 
samples on account of soil ‘structure’ (i.e. layering) and fabric variances. We might expect that 
the differences in structure would result in a slightly higher tendency to generate excess pore 
water pressure in GP samples, with resulting lower cyclic strength, particularly for the GP 
samples with a moderate fines content. 

3.5 Reconstituted cyclic triaxial tests 
3.5.1 Cyclic strength curves 
Figure 5 presents a comparison between testing performed on GP and MT samples.  It can be 
seen that the GP & MT results align reasonably well (when grouped by soil class), allowing for 
some variance due to relative density, and obvious differences in structure and fabric (Fig. 4).  
However, the attempts to reproduce the strength curves using MT samples resulted in a wider 
variation in test results, compared to the original GP samples (Fig. 5).  At first appraisal the 
effects due to fabric appear subtle, with ageing effects likely insignificant.  The large strains 
induced in the near surface soils by recent earthquakes (sand boiling observed post 22-Feb and 
13-Jun-2011 quakes, with sampling undertaken in early August 2011), would be expected to 
have erased any ‘age’-related strength that existed prior to the earthquake sequence, such that 
any contribution to the cyclic strength at that time remains unknown.   

 
Figure 4: Comparison of GP & MT sample cyclic strength curves including relevant test 

data on from the study by Rees (2010) on similar soils (FBM). (a) Clean sands FC <5%, (b) 
Silty sands FC 15-20%, (c) FC 30-50%, (d) fluvial silt with sand FC 50-80%. 

a) b) 

c) d) 
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Figure 5: Variability of GP and MT sample cyclic strength data. 

3.5.2 Small to intermediate strain response 
While measurements of shear wave velocity (Vs) did not show any clear differences between GP 
and MT samples for the respective soil class groups, by comparing the development of strain 
within GP and MT samples during the cyclic test we may gain further insights into differences 
in effects of fabric at small to large strains.  Figure 6 presents the development of strain up to 
5% in Double Amplitude (DA) for GP samples, and MT samples from the same type soil (15-
20%, and 50-80% shown) and similar density. GP samples exhibit a higher initial increase in 
strain than MT samples (consistent with the observation of higher compressibility during 
consolidation), but this was followed by declining rate of strain development towards 5% DA, 
indicating a high degree of granular interlock in the sample, resisting the applied shear stress. 
MT samples, by contrast, exhibit lower initial strain, but a progressive decrease in stiffness with 
number of cycles toward 5% DA, particularly as the stress path approaches the failure surface 
(envelope), indicating a weaker fabric to resist the applied shear stress.  For the GP sample, the 
rate of increase of the excess pore pressure diminishes with approach to the zero effective stress 
state, due to increasing dilatancy at higher stress ratios, but such a rate reduction is not observed 
for the MT sample, which also exhibits a significantly more brittle response. The 50-80% fines 
MT sample in particular exhibited a very brittle response from ~1-2% DA strain, with rapid 
collapse and large strain development (in excess of 10% DA strain). 

3.5.3 Discussion 
For ‘silt with sand’ (ML) samples the strength of the MT specimens is lower than the GP 
samples.  During testing it was observed that a layer within the MT sample would initially 
soften and exhibit large strains (necking of sample), often suddenly within one cycle. This was a
more brittle response than observed for all other specimens.  This may be due to the artificial 
fabric created during MT sample formation that may be responsible for unstable force-chain 
networks when significant fines are present.  By contrast, GP samples exhibit decreasing 
amounts of strain with successive cycles, indicating that further strain mobilises a more dilatant 
response from the soil, reducing further excess pore pressure development, softening and strain 
development with number of cycles. 

From these observations we can conclude that the testing of undisturbed samples produces 
significantly reduced variation in cyclic strength estimates for natural deposits and avoids 
concerns over the stability of artificial fabrics created in the laboratory and the appropriateness 
of such testing for engineering practice.  Provided undisturbed samples are carefully sampled, 
handled, and tested, significantly more reliable cyclic strengths may be determined, both for 
critical appraisal of cyclic strength of a material, but also for accurate calibration of numerical 
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models used for forward prediction of ground and foundation performance.

Figure 6: Comparison of strain and excess pore pressure development during undrained 
cyclic loading of GP samples (black) and MT samples (red) prepared at similar densities 
and tested at similar cyclic stress ratios; (a) silty sands (FC 15-20%) DA strain, (b) silty 
sands (FC 15-20%) ru, (c) sandy silt (FC 50-80%), DA strain, (d) sandy silt (FC 50-80%) 

ru. DR = Relative Density, ru = excess pore pressure ratio ue/σ’3, IL = Initial Liquefaction (ru
=1). 

4 SUMMARY AND CONCLUSIONS 
High quality undisturbed (GP) samples of Christchurch sands have been tested for undrained 
cyclic strength and compared to the empirical method used in engineering practice. The 
comparison highlights the complexity in interpreting the cyclic strength data for natural 
materials with high variability in fines content. Further tests on reconstituted samples of 
selected representative soil gradations aim to confirm findings of GP sample behaviour, and 
provide insight into the effect of in situ fabric on the cyclic strength of these materials. 

GP and MT samples exhibit similar overall cyclic strength, providing weight to the finding that 
Christchurch silty sands and sandy silts exhibit lower strength than would be predicted by the 
empirical method. Reconstituted specimens however exhibited distinctly different response in 
terms of lower compressibility during initial loading cycles, and exhibited a more brittle 
response when large strains were mobilised, particularly for samples with high fines content, on 
account of both natural inhomogeneity of sample structure and ‘fabric’ differences. Given the 
lower variability in natural sample response and the possibility of age-related strength to be 
significant for sites not subjected to earthquakes, high quality undisturbed samples are 
recommended over the use of reconstituted specimens to establish the cyclic strength of sands.  
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ABSTRACT 
The Amethyst hydro scheme aims to address the increasing demand for power in the area. It
involves diverting water from the Amethyst Ravine through penstocks in a 1040 m tunnel to a 
powerhouse on the floodplain of the Wanganui River. The 3.5 x 3.5 m horseshoe shaped tunnel 
was excavated using drill and blast methods and is the focus of this paper. The tunnel was 
constructed in Haast Schist, between the Alpine Fault (2km Southeast) and the Amethyst 
Ravine Fault (intake portal). This regional tectonic regime has had an impact on the orientation 
of defects within the rock mass. It was found that large shear zones form major structural 
controls within the rock mass, and schistosity orientation changes either side of these shear 
zones. Schistosity steepens and dip direction becomes more parallel to the tunnel alignment 
away from the Alpine Fault. Water is linked to shear location, and a few major incursions of 
water (up to 205 l/s) were linked to large (1.6 m thick) shear zones. 3DEC numerical modelling 
shows that the tunnel is likely to deform in the invert, with movement also occurring in the right 
rib above the springline. This is due to the angle of schistosity and the interaction of joints, 
which act as cut off planes.  

1 INTRODUCTION 
 
1.1 Scheme Overview 
The Amethyst Hydro Project was proposed to supply the increase in demand for energy due to 
an increase in tourism and dairy farming on the West Coast of New Zealand. The scheme 
involves a horseshoe shaped tunnel 1km long connecting the Amethyst River to the Wanganui 
River on the Harihari coastal plain via a 7MW power station (Figure 1). This investigation was 
undertaken as an academic study during construction of the tunnel, in order to analyse the 
engineering geology of the site and assess the influence of the nearby Alpine Fault on the nature 
of the fractured schistose rock mass. The factors controlling stability of the rock mass were 
examined through numerical modelling with the aim to inform support optimisation in fractured 
schistose rock masses. 
 
1.2 Site Geology 
The tunnel was constructed entirely within Haast Schist, at a distance of approximately 1-2km 
from the Alpine Fault (Figure 1). The close proximity to the fault has had implications for the 
strength and overall characteristics of the rock mass, such as providing conduits for fluid flow 
and inducing shearing of the rock mass. A second fault running parallel to the Alpine fault along 
the Amethyst ravine also had an associated influence. 
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Figure 1: Location map showing the intake, tunnel, penstocks and power station of the 
Amethyst Hydro Scheme. The location within NZ is shown by a red star (inset (EERI, 

2013)). 

The Haast Schist has prominent light and dark coloured quartzofeldspathic and micaceous 
segregation layering varying in thickness and orientation (Cox & Barrell, 2007). During 
construction of the tunnel a number of earthquakes less than magnitude 5 were felt on nearby 
fault lines, which illustrates the high level of tectonic activity associated with the scheme area,
and its close proximity to a major fault zone. 
 
2 ENGINEERING GEOLOGICAL AND GEOTECHNICAL INVESTIGATIONS 
The tunnel had advanced to approximately 750m when field investigations commenced; 
therefore, some data in the first 750m was compromised by shotcrete and other installed 
infrastructure; or due to exposure and onset of weathering.  

Scanline mapping was undertaken in accordance with the NZ Geotechnical Society Guide to 
describing Soil and Rock (NZGS, 2005), and captured rock mass characteristics, defect 
attributes and some hydrogeology for input into the engineering geological model. In addition to 
lithology and weathering of the rock mass, defect attributes collected included orientation, 
length, type, roughness, aperture, infill, Jr (joint roughness number, used for the Q classification 
system) and large-scale planarity.  Laboratory testing of samples collected from the tunnel 
included unconfined compressive strength (UCS) testing, seismic velocity testing and point load 
testing, all according to ISRM (2007). These provided input parameters for intact and rock mass 
strength used to complement the rock mass characteristics in the engineering geological model.  

3 ENGINEERING GEOLOGICAL MODEL 

3.1 Rock Mass Characteristics 
The Haast Schist exhibits varying degrees of weathering and alteration and was described as 
fresh to slightly weathered, grey, foliated schist with strength assessed as moderately strong to 
strong (58 MPa ±10), well developed foliation dipping 30-84o; and several sheared zones along 
the foliation. Variably oriented, persistent joints also present. A maximum (68MPa) and 
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minimum (48 MPa) intact strength were acquired through laboratory testing, but due to the 
difficulty of obtaining a large number of samples at different orientations with respect to the 
schistosity, these values were used with caution. Strength changes throughout the tunnel were 
minimal on the scale of the model, although areas of higher metamorphism created more intact 
and stronger rock. Rock mass strength parameters are shown in Table 1. A disturbance factor of 
0.8 was used for blasting damage to the rock mass according to Hoek et al. (1980). In 
accordance with this, a Geological Strength Index value of 80 was applied to all domains (Hoek 
et al. 1992).  
 
3.2 Defect Characteristics 
Three main types of defects were observed along the tunnel alignment.

3.2.1 Schistosity 
Schistosity was the most pervasive and continuous defect type observed, and so was considered 
the most important in terms of impact to rock mass stability. Schistosity was present along the 
length of the tunnel, although near the intake end of the tunnel instances of gneissic banding  

Table 1: Rock mass strength parameters (all domains). 
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s 0.22
a 0.5
σci 48 MPa
mb 5.5
D 0.8

Mohr Coulomb   
fit at tunnel depth

c 3.33MPa
phi 48

Figure 2: Orientation of schistosity showing change in dip and dip direction with 
increasing chainage. Black line shows tunnel alignment. 

suggested a change in metamorphic grade. Thickness of the schistose banding varied from 0.1 
mm to 20 mm thick. Thickness was found to be highly variable at the metre scale. Infill was
also variable, although the majority of open foliations were clean, with no infill present. Clay 
derived from weathered micas was the most common infill on open foliation surfaces. Some 
instances of light brown silt or fine sand were also found but these were rare. Orientation of 
schistosity changed along the alignment of the tunnel. Schistosity dip was steeper at the intake 
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end, and dip direction moved from 156o at the intake end to a more easterly direction (135o) at 
the outlet end of the tunnel (Figure 2).  
 
3.2.2 Shears 
Prominent shears and shear zones were found at varying intervals along the tunnel and had a 
large local influence on overall rock mass stability and other defect types. Because of their large 
impact, coupled with the discrete and relative rarity of these shears, they were considered the 
second most important defect type affecting rock mass stability. Unfortunately due to the impact 
these had on stability, the appearance of shears coincided with increased use of shotcrete and 
other tunnel support infrastructure, so limited information about these was obtained. Seven 
shears were logged during tunnel construction. 

Shear aperture varied from 10 mm to 200 mm. One shear zone was recorded at 440 m chainage 
measuring 1.4 m wide (Smith, 2011). These shears typically exhibited a blue-grey altered 
clay/gouge material, with some instances of brecciated quartz. The gouge was assessed to be 
extremely weak from field observations, although no strength analysis was undertaken due to 
the unreliability of the properties after exposure during excavation. Shear zones had variable 
orientation, but mainly coincided with the schistosity. More importantly, the shear zones were 
found to impact the orientation of the schistosity – a steepening in dip of the foliation was 
associated with the occurrence of major shear zones.  

One important property of the shears was their effect on the hydrogeology of the surrounding 
rock. When drilling into these shear zones large volumes of water would discharge from the 
face, showing the clay gouge was compartmentalising water and could potentially have formed 
an impermeable barrier impeding the flow of fluids (Wahlstrom, 1973). This increase in pore 
pressure could have the effect of reducing effective stress of the defect, which could reduce the 
overall shear strength.  
 
3.2.3 Joints 
Joints were extremely prevalent with an average of 0.8 m spacing. The pervasiveness and 
variability in orientation of these joints resulted in highly variable rock mass characteristics on a 
3 - 5 m scale. Orientation was highly variable, but was grouped into two joint sets. The first set, 
J1 was perpendicular to schistosity (54o/313) and the second set displayed a larger scatter 
(average orientation 69o/225) (Figure 3). The aperture of the joints was highly variable, mostly 
being between 0 and 5 mm. Infill types were similar to those found along schistosity, namely 
clean joints (86%), brown clay fill (13%) and fine silt fill (1%).

3.3 Domain Identification and Analysis 
The rock mass was divided into geological domains of similar characteristics for input into the 
final engineering geology model.  

3.3.1 Structural Model 
The structure of the tunnel was subdivided based on defect orientations, using the orders of 
importance for structures as described in Section 3.2 (Table 2). Domain 1 encompassed solely 
the shears, due to their discrete nature. Domains 2, 3, 4 and 5 represented the majority of the 
rock mass and were based on changes in orientation of the schistosity along chainage. These 
changes were probably related to rotation of the rock mass between the Alpine Fault and the 
Amethyst Ravine Fault at either end of the tunnel. This rotation was accommodated by the 
shears taking up most of the associated strain.  
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Figure 3: Schistosity and tunnel orientations shown in back: Joint Set 1, shown in red 
(54o/313) and Joint Set 2, shown in orange (variable orientation). 

Table 2: Domain properties associated with the Structural Model. 

DOMAIN 1 DOMAIN 2 DOMAIN 3 DOMAIN 4 DOMAIN 5

Chainage Variable -
discrete points 120m-440m 440m-600m 600m-790m 790m-900m

Schistosity 
Orientation N/A 38.5o/135 o 50o/140 56.5o/145 70o/148

Influential 
Structure Shears Schistosity Schistosity Schistosity Schistosity

4 3DEC MODELLING 
Distinct Element modelling was undertaken to examine how the defined rock mass in each 
domain behaved as a result of tunnel excavation. The synthetic rock mass built using 3DEC was 
used to model the behaviours of all the defects together without support, and was aimed at 
understanding where displacements would occur in the excavation and which defects the 
behaviour was most sensitive to. The results could be used to better understand how support in
fractured, schistose rock can be optimised. Domains 2, 3, 4, and 5 were modelled using rock 
mass parameters, but Domain 1 was not modelled due to the discrete nature of the shears. 

4.1 Model Parameters 
Each domain was modelled as a rectangular block with an inclined horseshoe shaped tunnel cut 
through it. Input values were obtained from scanline mapping of the defects and RocData 
analysis of the defect and rock mass strength (Table 3).  Observed joint spacing per metre was 
used to define the average spacing for each structure set. Measured trace length was used to 
define joint persistence through the rock mass (on a scale of 0 to 1, with 1 being fully 
persistent), in order to define what percentage of the model should be cut by the various joint 
sets. Schistosity was fully persistent throughout the rock mass. Normal stiffness and shear 
stiffness parameters for the joints were obtained from a UDEC study undertaken in granitic rock 
of similar strength (Varo, Kovacs, & Thomas, 2011). 

A negative volumetric force in the z direction simulating gravity was applied, along with fixed 
zero velocity boundary conditions in the x and y directions. In situ stress was added to the rock 
mass to simulate topography, calculated using 2-D elastic finite element stress analyses 
perpendicular and parallel to the tunnel. 
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Table 3: Input Parameters for 3DEC model. 

Domain 2 Domain 3 Domain 4 Domain 5

Sc
hi

st
os

ity

Jo
in

t S
et

 1

Jo
in

t S
et

 2

Sc
hi

st
os

ity

Jo
in

t S
et

 1

Jo
in

t S
et

 2

Sc
hi

st
os

ity

Jo
in

t S
et

 1

Jo
in

t S
et

 2

Sc
hi

st
os

ity

Jo
in

t S
et

 1

Jo
in

t S
et

 2

Joint set ID 1 2 9 1 2 9 1 2 9 1 2 9
Ave Dip 39 54 69 50 54 69 56 54 69 70 54 69
Ave Dip 
Direction 135 313 225 140 313 225 145 313 225 148 313 225

Spacing 0.15 0.8 1.1 0.15 0.8 1.1 0.15 0.8 1.1 0.15 0.8 1.1
Persistence 1 0.24 0.21 1 0.24 0.21 1 0.24 0.21 1 0.24 0.21

Shear stiffness 
(kPa) 202 202 202 202 202 202 202 202 202 202 202 202

Normal 
stiffness (kPa) 132 132 132 132 132 132 132 132 132 132 132 132

Friction angle 48 48 48 48 48 48 48 48 48 48 48 48

Cohesion MPa 3.3 3.3 3.3 3.3 3.3 3.3 3.3 3.3 3.3 3.3 3.3 3.3
Normal in situ 
stress (MPa) -0.9, -2.7, -3.7 -2.1, -1.9, -7.3 -3.2, -1.8, -9 -1.3-1.7-6

Shear in situ 
stress (MPa) 0, -0.3, -2.26 0, -0.5, -0.7 0, -0.7, -0.1 0, -0.6, -0.5

4.2 Model Outputs 
The synthetic rock mass was first created utilising higher values for joint normal and shear 
stiffness than realistic, to knit the rock mass together and prevent initial movement. The model 
was then run to allow displacements to approach zero. Next, the tunnel was excavated through 
the rock mass, the normal and shear stiffness values were softened to realistic values, and the 
model stepped until block displacement was observed. All domains were run separately and had 
varying resilience to deformation. However, similar movement types were found in every 
domain despite the orientation changes of the foliation, and these are summarised in Figures 5 
and 6.  

4.3 Model Findings 
The invert in all domains modelled showed some movement of the blocks. The right wall above 
the springline and the left wall below the springline also exhibited displacement in all domains. 
Pre-cast segments were installed in the invert in order to control water flow and limit 
mechanical wear and tear, but also prevented any visual checks of the invert to verify the model 
findings. However, the fact that the invert was already breaking down faster than expected when 
the pre-cast segment solution was designed suggests that some deformation could have been 
occurring here. The model also shows that the joint sets are forming sub-horizontal release 
planes where they intersect the schistosity, contributing to the small block size of the rock mass 
(as seen by the close average spacing of all defects in Table 2). These release planes were also 
seen in the constructed tunnel walls, and were often the cause of over-break in the walls. The 
steepening of schistosity away from the Alpine Fault was shown to have the effect of changing 
the failure mechanism in the roof from sliding to toppling associated with gravity. Gravity-
induced normal stresses act on the more shallow dipping schistosity to clamp the blocks in the 
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Figure 5: Domain 3 step 488. Movement visible in the invert and in the roof. 

 
Figure 6: Domain 2 displacement vectors 

roof, whereas these stresses are not optimally oriented to provide a similar clamping for steeper 
dipping schistosity, as shown by increased block fallout and over-break in the rock mass with 
shallower dipping foliation. 

4.4 Limitations 
This model aimed to realistically simulate the rock mass in order to understand the changes in 
its behaviour across the different domains. As with any model, certain aspects of the geology 
were simplified to reflect the data available from mapping. Further investigation would allow a 
more robust verification of the modelled behaviour. The representation of the joints and the 
assumptions behind their representation were generalised within the domains, and as such, 
shape, persistence and spacing are all represented as averages in 3DEC. The results cannot, 
therefore, represent variability within the domains and are indicative of typical behaviour only. 
Rigid, rather than deformable, blocks were used to optimise the model size given the large 
number of blocks arising from the closely spaced defects. Intra-block deformation could not, 
therefore, be modelled, however at this shallow depth inter-block displacement was the key 
behaviour of interest. In-situ stresses were based on gravitational stresses in variable alpine 
topography, and do not consider tectonic stresses nor stress variations at shear zones. Additional 
investigation of the in-situ stress field along the length of the tunnel could lead to a better 
representation of the clamping or shear displacement of blocks. 

5 ALPINE FAULT INFLUENCE
The effects of the Alpine Fault on the rock mass are difficult to quantify, but a number of 
geotechnical implications can be drawn. The presence of shear zones between the Alpine and 
Amethyst Ravine faults show that the rock mass is experiencing heightened stress conditions 
which are being released along these structures. This implies that the in-situ stress conditions 
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include gravitational and tectonic stresses, which may affect the displacements along defects.
The location of an excavation between these two faults could also create a zone of weakness 
within the rock mass along which preferential stress release may occur. Steepening of 
schistosity between these two faults could also be related to the complex stress field. The Alpine 
fault also affected the project area through the complex hydrogeological associations including 
sodium-bicarbonate rich waters found in the region and manifested in the tunnel through a zone 
of high precipitation (Fe rich) at approximately 500m chainage. The geotechnical implications 
of this include higher pore water pressures within the rock mass leading to decreased overall 
rock mass stability. Higher pore water pressures could have the effect of ‘jacking open’ blocks 
already released by the excavation, creating a higher potential for failure in the walls. Cyclic 
loading during an earthquake event along either of these faults could also compromise tunnel 
stability, and the high recurrence interval and potential for large magnitude earthquakes along 
the Alpine Fault zone must be considered in support design.  

6 CONCLUSIONS 
The Amethyst Hydro Scheme Tunnel was built in a highly active tectonic region and affected 
rock mass in which the pervasive presence of structures including schistosity, shears and joints 
create a complex set of rock mass characteristics. It was found that large shear zones present in 
the rock mass were affecting the schistosity orientation and the hydrogeology, leading to 
associated instability within the tunnel. The schistosity orientation was paramount to the 
location and characteristics of displacement due to its persistence and close spacing.  
3DEC numerical modelling undertaken on the rock mass showed that displacement was
occurring preferentially along defects in the invert, along with block movement in the right rib 
above the springline and the left rib below the springline. This was found to be linked to the 
orientation of the schistosity. Joints formed releasing planes where they intersected the 
schistosity; the close spacing created small blocks making these blocks more likely to move into 
free space when excavated. It was also found that steeper dip of the schistosity with distance 
from the Alpine Fault was leading to a change in failure mechanism from sliding to toppling 
and a decrease in stability of the tunnel roof. 
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ABSTRACT 

Nanoparticles are now becoming a common material and currently produced in bulk worldwide 
to warrant possible use in construction and for improvement of infrastructures. This paper 
presents an experimental study on the use of nano-copper to enhance the shrinkage and 
expansive behaviour of soils. This behaviour is the result of loss of soil water content which 
develops matric suction in soil that increases the shrinkage strain in the soil and normally results 
in cracks. The term desiccation is also normally used to describe this phenomenon which will 
cause high hydraulic conductivity in soils leading to failure of slopes, retaining walls and 
landfills. In the past, sand, lime, and fibres were used to arrest shrinkage. However, at the same 
time hydraulic conductivity increases significantly. Tests were conducted on four types of soils 
mixed with nano-copper of different amounts. The soil specimens were compacted under the 
condition of maximum dry unit weight and optimum water content using the standard 
compaction test. It was found that there was a significant improvement by nano-copper in terms 
of expansive and shrinkage strain. This is possibly because the particle density of nano-copper 
is high which increases the specific gravity of the soil–nanomaterial mixture leading to increase 
in the maximum dry density of the mixture. The results also showed that nano-copper decreases 
the development of desiccation cracks on the surface of compacted samples without increasing 
the hydraulic conductivity. 

1 INTRODUCTION 

In addition to traditional consolidation, volume change in soil can also be due to shrinkage 
caused by drying (desiccation) or swelling due to saturation of the soil. Desiccation causes 
clayey soils to shrink. Specifically, this occurs due to the loss of water content which lead to the 
progress of matric suction in soil that increases the shrinkage strain normally followed by crack 
development (Nahlawi and Kodikara, 2006). In general, the factors that affect the volume 
change in soils include clay mineralogy, clay content, compaction conditions, drying process, 
wetting and drying cycles, soil particle orientation, unit weight, pore fluid, and exchangeable 
ions. Soils with higher clay content and higher plasticity index generally have a greater volume 
of water and thus are more prone to large volumetric shrinkage strains during drying. Specimens 
compacted near optimum water content have less water/unit volume when saturated, and lower 
volumetric shrinkage strains (Albrecht and Benson, 2001). In relation to shrinkage strain and 
desiccation in soil, there is another important accompanying parameter, i.e. hydraulic 
conductivity. Wang and Shibata (2007) show the importance of considering soil 
permeability (or hydraulic conductivity) and suggest that soils with large permeabilities 
have the propensity to result in flow slides with higher mobility. In relation to clay liners 
and caps, soils should be compacted to achieve a hydraulic conductivity of 1×10-9 m/s or less 
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(Daniel and Wu, 1993). One of the methods to reduce the shrinkage strain and hydraulic 
conductivity is to increase compaction efforts. This however, normally involves high additional 
cost. The increase in the compaction effort increases the dry density and decreases the water 
content but for higher water content soils, the increase in the compaction effort does not reduce 
the shrinkage strain significantly (Osinubi and Nwaiwu, 2008). Moreover, mixing the soil with 
fibre can reduce the shrinkage strain up to 90% but the fibre increases the hydraulic 
conductivity up to 50 times the hydraulic conductivity of the original soil (Rifai, 2000). 

2 MATERIAL 

2.1 Soil 

Four types of soils were used in this study, i.e. S1, S2, S3 and S4. S1 is a local soil obtained 
within the campus of the Universiti Kebangsaan Malaysia in Bangi, Selangor, about 35 km 
south of Kuala Lumpur, the Malaysian capital. This is a residual soil of sedimentary origin. 
Soils S2, S3, and S4 are soil S1 with 5%, 10% and 20% bentonite for creating soils with higher 
plasticity index. The specific gravity of the all the soils were almost the same but their plasticity 
index significantly differ from each other. The properties of soil are shown in the Table 1. 

Table 1: Basic properties of the soil used in this study 

Characteristics Values and descriptions
S1 S2 S3 S4

Specific gravity 2.61 2.61 2.61 2.62

Plasticity index (%) 16.96 28.26 36.18 69.01

Linear shrinkage (%) 8.2 12.86 15.9 23.57

Passing No. 200 sieve (%) 47.16 49.80 52.44 57.73

Clay content (< 2 µm) (%) 18 22.9 28.5 38.5

Unified Soil Classification System (USCS) CL CL CH CH

Compaction properties

Optimum water content (%) 14.29 16.01 18.63 20.3

Maximum dry unit weight (kN/m3) 18.05 17.70 16.93 16.12

2.2 Nano-copper

Nano-copper oxide with purity 100% was used in this study. The nano-copper was supplied by 
Inframat Advanced Materials, Manchester, USA. The specification and the information 
provided by the company are shown in Table 2. 

3 TESTING PROCEDURE 

Initially, the soil and nano-copper were mixed by spraying the nano-copper powder over the soil 
in six layers to prepare the mixtures. The soil and nano-copper were blended together under dry 
conditions. Then, the dry mixtures were mixed with the required amount of water. 
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Table 2: Properties of the nano-copper 

Property Nano-copper

Particle density (g/cm3) 6.3 – 6.49

Formula CuO

Average particle size 100

Solubility in water (%) Insoluble

In general, all mixing was done manually and proper concern was taken to prepare 
homogeneous mixtures. Initially the soil was separated into six portions and each portion was 
mixed separately with the required amount of nanomaterial. Then all the six portions were 
combined together and re-mixed by mixing equipment for three hours. The compaction 
behaviour of unamended soils and soils mixed with various amounts of nano-copper was 
studied at nano-copper contents of 0%, 0.15%, 0.3%, 0.5%, and 0.7% of the dry soil weight. 
The compaction curves were determined according to standard test method ASTM D698. 
Compacted samples were used for measuring the shrinkage and expansive strains in addition to 
hydraulic conductivity tests. After compaction was completed, some of the soil samples were 
saturated with water and others left to dry directly under oven temperature approximately 34 ± 
2°C. Saturation was conducted by permeating the specimens in flexible-wall permeameters 
following ASTM D5084. In addition, the crack intensity factor (CIF) was obtained by dividing 
the surficial dimensions of cracks (cracked area) over the total area of the soil samples (Harianto 
et al., 2008): 

4 RESULTS AND DISCUSSION 

The influence of nano-copper on the optimum water content and maximum dry density is shown 
in Figures 1, 2, 3, and 4. Some measurable changes occurred in the optimum water content as 
the amount of nano-copper increases. For soil S1 (pure natural soil), the optimum moisture 
content slightly increases with increasing amounts of nano-copper. However, for soils S3 and 
S4 (soils with high plasticity index), the trend reverses. Thus, it may be concluded that for 
higher plasticity soils, addition of nano-copper reduces the optimum water contents of the 
compacted specimens.  

Figure 1: Compaction curves for soil sample S1 with different nano-copper content (% 
dry soil weight) 
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In the case of maximum dry density, for soils S1 and S2 (soils with low plasticity index), 
increasing amounts of nano-copper will initially lead to an increase in its maximum dry density. 
However, increasing beyond a certain optimum amounts (both roughly about 0.3 %), will cause 
the maximum dry density to reduce. This is possibly due to the fact that the nanoparticles started 
to agglomerate and thus increasing the void ratio. In addition, the drop in maximum dry density 
goes below the maximum dry density for the soil without nano-copper. For high plasticity soils 
(S3 and S4), similarly, addition of nano-copper up to 0.5 % will increase the maximum dry 
density after which the maximum dry density then decreases. However, the decrease in the 
maximum dry density did not go below the maximum dry density of the soil without nano-
copper.  

Figure 2: Compaction curves for soil sample S2 with different nano-copper content (% 
dry soil weight)

 

Figure 3: Compaction curves for soil sample S3 with different nano-copper content (% 
dry soil weight) 

The increase in nano-copper content beyond the optimum value causing a decrease in 
density and increase in water content may possibly result from agglomeration in nano-
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copper particles which in turn cause an increase in the void ratio. The agglomeration of 
nanoparticles increases the amount of necks (contact points) between particles and 
therefore decreases the density of the soil-nanoparticles matrix (Ferkel and Hellmig, 
1999). 

Figure 4: Compaction curves for soil sample S4 with different nano-copper content (% 
dry soil weight) 

The results of shrinkage and expansive strains of soil with nano-copper are shown in Figure 5. 
For original soil S1, there were no expansive (swelling) strains. The expansive strains for 
samples without nano-copper were about 5.3 %, 16 %, and 24.25 %, respectively for S2, S3, 
and S4 samples. For comparison, at 0.5% nano-copper, the expansive strains were 3 %, 4.3 % 
and 11 % for the respective soil samples.  

Figure 5: Effect of nano-copper on expansive and shrinkage strains for soil samples S1, S2, 
S3, and S4 

Thus generally, it shows that nano-copper was able to reduce the amount of expansive strains 
and similarly for shrinkage strains. This is due to the increase in dry density and the reduction in 
optimum water content. In addition, the reduction in shrinkage and expansive strains by nano-
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copper for soil samples S3 and S4 (high plasticity soils) are greater than soil samples S1 and S2 
(low plasticity soils). In general, minimum reduction in expansive and shrinkage strains were 
noted at 0.15 %, 0.3 %, 0.5 %, and 0.5 %, respectively for soil samples S1, S2, S3, and S4.  
However, the increase in nano-copper beyond 0.5% leads to increase in shrinkage and 
expansive strains with the latter showing greater change. 

The effect of nano-copper on the desiccation crack development is shown in Figure 6. The test 
results showed that the nano-copper caused some decrease in the desiccation cracks on the 
surface of soil samples S3 and S4. For S1 and S2 samples, the cracks cannot be measured. This 
is due to soils S1 and S2 which are low plasticity soils and desiccation cracks were not 
expected. However, the results showed that the crack intensity factor was reduced by about 70 
% and 40 %, respectively for S3 and S4 soil samples. In general, maximum reduction in 
desiccation cracks were noted at 0.5 % nano-copper content for both S3 and S4 soil samples. 

For all soil samples, the addition of nano-copper did not significantly affect its hydraulic 
conductivity. For example, tests showed that the hydraulic conductivity of soil sample S3 with 
0% nano-copper and 0.5% nano-copper were 1.000×10-11 m/s and 1.122×10-11 m/s, respectively, 
and the hydraulic conductivity of soil sample S4 with 0% nano-copper and 0.5% nano-copper 
were 4.567×10-12 m/sand 2.408×10-12 m/s, respectively. From Figure 7, it is evident that the 
value of hydraulic conductivity of soil sample S3 with and without nano-copper did not change 
significantly. However, a slight decrease occurred for soil sample S4 after addition of nano-
copper. This means that the nano-copper used in this study will treat the soil for cracks without 
detrimental effect on its hydraulic conductivity. Similar behaviour was obtained in previous 
study (Taha and Taha, 2012) using nano-alumina powder. The improvement of soil behaviour 
using nano-copper is better than that nano-alumina due to the particle density of nano-copper 
which is greater than that of nano-alumina. The increase in particle density increases the density 
of the mixtures thus improving the soil by reducing the strain.  

Figure 6: Effect of nano-copper contents on the CIF of soil samples S3 and S4 
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Figure 7: Hydraulic conductivity of soil samples S3 and S4 before and after addition 0.5% 
nano-copper 

5 CONCLUSIONS 

In this study, the effects of nano-copper were evaluated on the shrinkage and expansive strains 
of soils with different plasticity index (PI). The optimum moisture content increases slightly 
with increasing amounts of nano-copper for pure natural soil with low PI (soil S1 in this study) 
.For soils with high PI (soils S3 and S4)the addition of nano-copper reduces the optimum water 
contents of the compacted specimens. For maximum dry density, for soils S1 and S2 (soils with 
low PI), increasing amounts of nano-copper will initially lead to an increase in its maximum dry 
density. However, increasing beyond 0.3 % nano-copper, the maximum dry density was 
observed to have a reducing trend. Similarly, for high plasticity soils (S3 and S4), addition of 
nano-copper up to 0.5 % will increase the maximum dry density after which the maximum dry 
density then decreases. The shrinkage and expansive strains reduced measurably after addition 
of nano-copper. Thus, nano-copper improved the compaction condition and reduces the 
shrinkage and expansive strains of soil. For the desiccation crack development, nano-copper 
caused some decrease in the desiccation cracks on the surface of soil samples S3 and S4. In 
addition, the addition of nano-copper does not show detrimental trend to the hydraulic 
conductivity of the soils. 
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ABSTRACT 

Clause B1/VM4 of the New Zealand Building Code allows a concession on strength reduction 
factors applied to foundation design for load cases involving earthquake load combinations with 
overstrength factors. It allows strength reduction factors of 0.8 to 0.9 compared to 0.45 to 0.60 
typically specified for other load combinations. The Canterbury Earthquakes Royal Commission 
recommends that this concession be re-assessed. It recommends that strength reduction factors 
in B1/VM4 be revised to reflect international best practice including consideration of risk and 
reliability. This paper explores the debate. Opinions of New Zealand and international 
geotechnical and structural engineers are considered. New Zealand and international practice, 
and factors which may influence the selection of a strength reduction factor are discussed. 
Recommendations are provided for further research. Possible guidance for the selection of 
strength reduction factors for seismic capacity design is presented for further debate. 

1 INTRODUCTION 

Load and resistance factored design and capacity design are procedures which have been 
practiced in New Zealand since the mid 1970’s. Since their introduction standards and codes 
have allowed a factor of safety of 1.1, or a strength reduction factor of 0.9, to be applied to 
foundation capacity for load combinations including overstrength factors (seismic capacity 
design). Applying these low factors of safety has been normal practice. Kevin McManus in his 
report for the Canterbury Earthquake Royal Commission “Foundation Design Reliability 
Issues”, October 2011 has highlighted that this practice may not be appropriate. McManus 
suggests that the geotechnical strength reduction factors used for seismic capacity design should 
be the same as those used for other ultimate limit state load combinations. The purpose of this 
paper is to explore if there is justification for allowing higher strength reduction factors for 
seismic capacity design. 

2 LOAD AND RESISTANCE FACTORED DESIGN 

In New Zealand load and resistance factored design (LRFD) of structures is used. LRFD may be 
described as follows: 

Qii ≤  Rii

Where Qi = Nominal value of load type i; i = Load factor to allow for uncertainties in Qi; Ri =
Nominal value of resistance of component i; and i = Strength reduction factor to allow for 
uncertainties in Ri.

2.1 What is considered in nominating Ri and i? 

i allows for uncertainties in Ri. Selection of i for foundation design is discussed in subsequent 
sections of this paper. 
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Ri is selected allowing for the loading and environmental conditions which could influence Ri
during the life of the structure. In designing foundations for earthquake loading these conditions 
could include: Liquefaction or cyclic softening and associated reduction in bearing capacity and 
shaft resistance; Cyclic loading and reversed loading (push and pull); Short duration of the 
loading. 

These factors are complex, and there are a lot of uncertainties in evaluating them and thus 
uncertainty in nominating an appropriate Ri. This uncertainty and the level of conservatism in 
allowing for these conditions needs to be considered in nominating .

2.2 Reliability Analysis 

The loads and resistances considered in design have probability distributions as indicated by 
(Figure 1). 

Figure 1: Idealised probability distributions (adapted from FHWA – Drilled Shafts 
Manual 2010) 

The overlap between these probability distributions is indicative of a failure. The objective of 
LRFD is to limit the probability of failure (the overlap) to an acceptable level. Figure 1 
illustrates an example where  = 0.5 may be appropriate and  = 0.8 may result in an 
unacceptably high probability of failure. The load factors and strength reduction factors 
proposed by some codes and guidelines have been developed on the basis of probabilistic 
analysis and the reliability theory described by Figure 1. 

3 COMPARISON OF NEW ZEALAND AND INTERNATIONAL PRACTICE 

New Zealand’s practice of applying higher  values for seismic capacity design is consistent 
with USA practice as indicated by (Table 1). 

Table 1: Summary of specified strength reduction factors () for foundation design. 

Document Country

Typical Specified Strength Reduction Factor

Seismic Capacity 
Design

Other Load Combinations
Without Pile 
Load Tests

With Pile Load 
Tests

Building Code 
B1/VM4

NZ 0.8-09 0.40-0.65 0.65-0.90

Piling AS2159-
2009 ****

Australia
NZ

Not specified 0.45-0.60 0.6-0.90

NZTA Bridge 
Manual 2003

NZ 0.53-0.94 * 0.45-0.55 0.5-0.80

Building Code USA 0.8-1.0 ** 0.5-0.65 ** -

AASHTO, 2002 
(Bridges)

USA 0.8-1.0 *** 0.40-0.55 0.6-0.7

 = 0.5  = 0.8
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Notes 
*Specified as for other load combinations multiplied by 1/0.85. 
** Foundation design is by Allowable Stress Design. Equivalent  values provided by US 
engineers. 
*** For load case Extreme Event 1: 1000 year earthquake with similar design requirements as     
NZS1170.0-2002 
**** Piling – design and installation AS2159-2009 provides a risk based procedure to evaluate 
. The factors considered in this procedure include: Complexity of ground conditions; Extent, 
type and quality of geotechnical investigations; Design method used and its basis; Level of 
conservatism in selecting the design value; Level of construction control; Level of performance 
monitoring; Redundancy in the foundation system; The type and number of pile load tests (if 
any). 

4 HISTORY OF GEOTECHNIAL STRENGH REDUCTION FACTORS IN NEW 
ZEALAND 

The history of geotechnical strength reduction factors in New Zealand is described in McManus 
(2011). The concession of allowing a higher strength reduction factor in the earthquake load 
case with overstrength factors related back to the introduction of LRFD to New Zealand by 
NZS4203:1976. NZS4203:1976 suggested that for certain ductile structure types where .... 
“design loadings in the foundation system are determined by the yield capacity of other parts of 
the structure, a factor of safety of 1.1 for soil pressure is suggested, pending revision of the 
foundation code, because at this extreme condition partial yielding of the subsoil might not be 
significantly damaging and it provides an additional energy dissipating mechanism” (ie a 
strength reduction factor  = 0.9). 

5 POST CANTERBURY EARTHQUAKE RECOMMENDATIONS

5.1 Canterbury Earthquakes Royal Commission recommendations 

The Commission recommends that the concessional strength reduction factors in B1/VM4 for 
load cases involving load combinations and overstrength actions ( =0.8-09) be reassessed. 
Further it recommends that these values be revised to reflect international best practice 
including considerations of risk and reliability. 

5.2 SESOC Practice note, design of conventional structural systems following 
the Canterbury earthquakes (18 September 2012) 

 
SESOC proposes the use of a risk based assessment such as AS2159-2009 to assess strength 
reduction factors. It recommends that higher values (such as those suggested by B1/VM4) not 
be used for seismic capacity design unless specifically instructed by the geotechnical engineer. 
 
6 SUMMARY OF THE DEBATE 
 
As part of research for this paper geotechnical and structural engineers in New Zealand and 
USA have been asked to provide their views on seismic capacity design and geotechnical 
strength reduction factors (refer acknowledgements). 

In New Zealand those contacted were well aware of the debate with the majority considering 
that the use of higher strength reduction factors for seismic capacity design was justified but not 
as high as proposed by B1/VM4. In USA the engineers contacted considered the high strength 
reduction factors currently used were justified, and this was not an issue of debate in USA at 
this time. 

The views of engineers contacted are summarised as follows: 
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6.1 Views promoting lower 

Engineers who considered that  values for design of foundations for seismic capacity design 
should be the same as  values applied with other design methods/load combinations supported 
their view with the following comments: 

Uncertainties: There is a high level of uncertainty in predicting the ultimate capacity of a 
foundation. The  values proposed by AS2159-2009 (typically 0.45 to 0.6 without pile load 
testing) have been specifically assessed to allow for these uncertainties and to provide an 
acceptably low probability of foundation failure. These uncertainties can be reduced and higher 
 values applied by undertaking pile load tests. AS2159-2009  values are appropriate. 

Purpose of :  is to allow for uncertainties in ground conditions and other factors influencing 
the capacity of a foundation. These uncertainties are not less, and probably greater for load 
combinations including earthquake compared to those without earthquake. Higher values for 
load combinations with earthquake are not justified. 

Higher  implies acceptance of plastic deformation:  values are generally determined to 
provide an acceptably low probability of failure. A low probability that loads will exceed 
foundation capacity. By using the higher  we are accepting a higher probability that foundation 
capacity will be exceeded resulting in plastic deformation. 

Plastic deformation of soils can be unpredictable: For loads up to “failure” methods are 
available for predicting deformations. There are various definitions of “failure” of a foundation 
but for piles in compression it is commonly taken as settlement greater than 10% of the pile 
diameter and for piles or anchors in tension a load at which a maximum creep criteria is not met. 
Beyond the “failure” load deformations become unpredictable.

Large deformations: The plastic deformations are likely to be large and beyond the safe 
tolerance of the structure. Quoting from Mc Manus (2011) “behaviour of the structure will be 
unpredictable and, most likely, undesirable”.
 
6.2 Views promoting higher 
 
Engineers who considered higher values were justified for seismic capacity design compared 
to other methods/load combinations supported their view with the following comments: 

Design requirements: For ULS design AS/NZS1170.0-2002 section 3.2 requires design “with 
an appropriate degree of reliability sustain all actions”. Section 3.2 makes a special case for 
earthquake ULS stating a requirement to “avoid collapse”. The intent with earthquake capacity 
design is that deformation and yielding of parts of the structure are acceptable provided the 
performance of the structure remains dependable and stable. Much higher deformations are 
acceptable for seismic capacity design than for other design cases. 

Certainty of loads: Seismic capacity design constrains, to an extent, the maximum load that 
can be transmitted to the foundations. This increases reliability allowing some increase in  to 
be considered. 

Energy dissipation: Some yielding of foundations provides additional energy dissipation 
reducing loads. 

Cyclic short term loading: The cyclic short term (less than a few seconds) loading results in 
significantly smaller foundation deformations than would be predicted by a static load 
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assessment. For cohesive soils in bearing, short term loading may produce higher capacities 
than long term loading. 

Precedence: Foundations have been designed with higher  values in conjunction with seismic 
capacity design for more than three decades. Building collapse has not been attributed to 
foundation failures as a consequence of this approach during Christchurch or other earthquakes. 

Economics: The proposed reduction in  would have significant impact on construction cost 
without an associated significant improvement in building performance. Understanding and 
allowing for liquefaction and other seismic effects is likely to have a substantially higher benefit 
for additional construction cost. This is highlighted by the Christchurch experience where issues 
associated with foundation performance are likely related to liquefaction effects rather than 
selection of the design  values. 

Predicting deformations: Rather than reducing  values the challenge should be put to the 
geotechnical fraternity to develop an understanding of deformation of foundations under seismic 
loading. Geotechnical and structural design should focus on ensuring foundation deformations 
can be safely tolerated by the structure. 
 
7 PERFORMANCE OF FOUNDATIONS 
 
A common thread from both sides of the debate is the predictability and performance of 
foundations under seismic loading and at loads exceeding the foundations assumed “failure” 
load. The following sub-sections consider this issue. 

7.1 Performance of foundations under static loading 
A history of static load testing of foundations has provided a relatively good understanding of 
their performance under static loads. Performance under seismic loads is poorly understood. 
(Figures 2 to 4) provide an indication of the performance of foundations under static loading 
 

Figure 2: Load-Displacement. Axial compression. Pile in cohesionless soil (nominal 
resistance based Chen and Kulhawy, 2002) 

 

 

Figure 3: Load-Displacement. Axial 
compression Pile in cohesive soil 
(nominal resistance based on Chen and 
Kulhawy, 2002) 

Figure 4: Load-Displacement. Axial 
tension. Anchor in Wellington greywacke 
(based on test data from Tonkin & 
Taylor Ltd files) 
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In (Figures 2 to 4) the ‘nominal resistance’ (R) is shown as a solid line. Because of the 
uncertainties in predicting the ‘nominal resistance’(R), it has been reduced by a factor of 0.6 ()
to give the ‘dependable resistance’ shown as a dashed line. This  of 0.6 is that which would be 
used with load combinations without earthquake overstrength actions. The value of 0.6 provides 
an acceptably low probability of failure under static loading with the uncertainties which exist 
in the nominated resistance for the particular foundations referred to by Figures 2 to 4. 

(Figures 2 to 4) indicate an assessment of the ‘dependable displacement’ if a higher  of 0.7 
were to be used for static loading. The conclusions drawn from Figures 2 to 4 are: 

Bored piles in axial compression in cohesionless soil. (Refer Figure 2).  
Up to the nominal failure load at a displacement of 10% of the pile diameter, the load –
displacement relationship is well understood. Beyond this displacement further research of pile 
behaviour is required. However some increase in capacity with displacement can be expected as 
indicated on Figure 2. This is supported by the observation that driven (displacement) piles have 
higher capacity than bored (non-displacement) piles in cohesionless soils. 

If a higher  value of 0.7 rather than 0.6 were applied for this particular foundation design it is 
inferred that there would be an acceptably low probability of the foundation being unable to 
support the static design loads, but the associated displacements could be large i.e. 15% to 20% 
of pile diameter or possibly higher. 

If the seismic capacity structural design can tolerate these large displacements this could 
possibly be a justification for applying a  value of say up to 20% higher than that applied for 
other design cases, for bored piles in cohesionless soil. 

Bored piles in axial compression in cohesive soil (refer Figure 3) 
At displacement beyond the failure load no increase in pile capacity is expected. This indicates 
that for static loading use of a  value in design greater than that assessed on a risk and 
reliability basis (e.g. AS2159-2009) could result in an unacceptably high probability of the 
foundation being unable to support the design loads, at any displacement. This indicates that it 
may not be appropriate to apply higher  values for bored piles in cohesive soil. However, short 
term seismic loading in axial compression on cohesive soils may produce higher capacities than 
long term static loading. This would require specific testing and assessment to investigate. 

Anchors in tension (refer Figure 4) 
At displacement beyond that at which the peak test load is recorded for a ground anchor some 
drop off in capacity to a residual capacity can be expected. The amount of drop off in capacity 
from peak to residual depends on the soil/rock type and anchor construction method. Anchor 
tests in Wellington greywacke have recorded residual capacities of the order of 50% of the peak.  
Straight shafted bored piles are likely to behave in a similar manner to anchors but with the drop 
off in capacity from peak to residual being less pronounced. This indicates that for anchors and 
bored piles in tension, use of higher strength reduction factors is likely to result in an 
unacceptability high probability of undesirable behaviour of the foundations. 
 

7.2 Performance of foundations under seismic loading 
Performance of foundations under seismic loading is not well understood. Because of the short 
duration of the loading, displacements under seismic loading are likely to be less than those 
assessed on the basis of static loading. This is provided the nominated resistance has made 
appropriate allowance for factors such as liquefaction and cyclic loading (refer section 2.1) 

The performance of foundations under seismic loading requires further research and could 
provide justification using higher  values. 
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assessment. For cohesive soils in bearing, short term loading may produce higher capacities 
than long term loading. 

Precedence: Foundations have been designed with higher  values in conjunction with seismic 
capacity design for more than three decades. Building collapse has not been attributed to 
foundation failures as a consequence of this approach during Christchurch or other earthquakes. 

Economics: The proposed reduction in  would have significant impact on construction cost 
without an associated significant improvement in building performance. Understanding and 
allowing for liquefaction and other seismic effects is likely to have a substantially higher benefit 
for additional construction cost. This is highlighted by the Christchurch experience where issues 
associated with foundation performance are likely related to liquefaction effects rather than 
selection of the design  values. 

Predicting deformations: Rather than reducing  values the challenge should be put to the 
geotechnical fraternity to develop an understanding of deformation of foundations under seismic 
loading. Geotechnical and structural design should focus on ensuring foundation deformations 
can be safely tolerated by the structure. 
 
7 PERFORMANCE OF FOUNDATIONS 
 
A common thread from both sides of the debate is the predictability and performance of 
foundations under seismic loading and at loads exceeding the foundations assumed “failure” 
load. The following sub-sections consider this issue. 

7.1 Performance of foundations under static loading 
A history of static load testing of foundations has provided a relatively good understanding of 
their performance under static loads. Performance under seismic loads is poorly understood. 
(Figures 2 to 4) provide an indication of the performance of foundations under static loading 
 

Figure 2: Load-Displacement. Axial compression. Pile in cohesionless soil (nominal 
resistance based Chen and Kulhawy, 2002) 

 

 

Figure 3: Load-Displacement. Axial 
compression Pile in cohesive soil 
(nominal resistance based on Chen and 
Kulhawy, 2002) 

Figure 4: Load-Displacement. Axial 
tension. Anchor in Wellington greywacke 
(based on test data from Tonkin & 
Taylor Ltd files) 
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Geotechnical seismic design of slopes and flexible retaining structures are normally undertaken 
on a displacement design basis. When Newmark sliding block theory is applied, displacements 
are calculated as the sum of the movements which could be expected for each interval during 
the earthquake when the loads applied exceed the yield resistance of the soil. For displacement 
of 10’s or 100’s of mm’s this approach can develop acceptable designs, while the factor of 
safety assessed on a load and resistance basis is substantially less than 1. Because of the seismic 
response of the building and high stress levels in the ground beneath foundations, this approach 
if applied to foundations, is not likely to provide the same level of design benefit as it does for 
the design of slopes and retaining structures, however further research is required. What is being 
proposed for consideration is similar to time history analysis of a structure but complicated by 
the inelastic and less predictable behaviour of soils. 

8 CONCLUSIONS AND RECOMMENDATIONS 

The Canterbury Earthquake Royal Commission recommends: “the strength reduction factors in 
B1/VM4 should be revised to reflect international best practice including considerations of risk 
and reliability”

The higher strength reduction factors allowed by B1/VM4 for seismic capacity design, 
compared to that specified for other design methods and load combinations, are consistent with 
the New Zealand Bridge Manual and practice in USA for the seismic design of bridges and 
buildings. 

B1/VM4 is consistent with international practice, however review is considered appropriate. 
This review should include research into the seismic performance of foundations. Load-
displacement relationships should be assessed, including for loads beyond what is traditionally 
considered to be failure. Load-displacement relationships should be assessed for short term 
cyclic loading as would be expected under seismic conditions. This could possibly lead to 
justification of higher strength reduction factors in some situations. In the longer term this 
research could lead to further development of displacement based design. 

In the interim the following is presented for further debate: 

Selection of strength reduction factors for foundations and earthquake load combinations 
including overstrength factors should consider: 

1 Undertaking pile load tests to reduce uncertainties in predicting pile capacity and 
consequently allowing the use of higher strength reduction factors. These tests should, if 
practical, extend beyond the ‘failure’ load to assess pile performance at higher loads.

2 Consider the design objectives, potential deformations, risk and reliability for the structure 
and foundations. This requires consideration and coordination of structural and 
geotechnical aspects of the design to promote a consistent design approach. The 
geotechnical engineer needs to assess potential deformations and risks. In conjunction with 
the structural engineer what these deformations and risks mean for the overall structure 
relative to the design objectives needs to be considered. 

3 Consider the relative costs and benefits in terms of building seismic performance for various 
strength reduction factors. The costs, benefits and minimum requirements need to be 
outlined to the client by the geotechnical and structural engineers to allow the client to 
provide informed direction. 

4 Higher strength reduction factors than those used for load combinations without earthquake 
are not recommended for ground anchors or for straight shafted bored piles in tension. 

5 Higher strength reduction factors could be considered for bored piles and shallow 
foundations in axial compression in cohesionless soil. This is to include careful 
consideration of items 1) to 3) above, and the strength reduction factor should not be more 
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than 20% higher than that used for other load combinations without earthquake. 
6 Any consideration of higher strength reduction factors for foundations in cohesive soils 

should be with caution. Similarly for driven piles in cohesionless soil, or bored piles in 
cohesionless soils where pile capacity is dominated by shaft resistance. 
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ABSTRACT 

The identification and characterisation of defects within a rock mass is a valuable tool when 
analysing potential and pre-existing slope instability as well as when assessing the stability and 
support requirements for tunnelling and underground structures. A good knowledge of rock 
defect data is extremely important to enable accurate modelling and for the robust design of 
appropriate stabilisation and support options.   

Two recent projects in Auckland independently used a range of in-situ tools to identify and 
characterise rock defects encountered in boreholes drilled in extremely weak to weak rock of the 
East Coast Bays Formation. Both projects discovered problems with these technologies.  This 
paper provides an overview of the methods used and data obtained, discusses the advantages 
and limitations of each method, and provides recommendations for future use.  Although this 
paper is specific to geotechnical issues in weak rock, many of the findings will be applicable to 
other geological environments and purposes. 

1 INTRODUCTION 

Engineering projects in New Zealand ranging from construction of road tunnels to deep 
foundations often involve direct interaction with weak, fractured rocks and unstable rock slopes.  
When designing in these conditions one of the major problems is that of estimating the strength 
of the rock mass (Hoek, 2007).  Knowledge of the depth and orientation of pre-existing failure 
planes is crucial to realistic modelling of slope stability. 

The rock mass is usually made up of an interlocking matrix of discrete blocks separated by 
fracture or discontinuity planes  with low or no tensile strength (defects).  At the shallow depths 
common in geotechnical problems failure of the intact rock material is minimal and the 
behaviour of the rock mass is controlled by defects.  Depending on the orientation of these 
defects the rock mass strength may be highly anisotropic.

Geotechnical investigations often comprise vertical boreholes to log the rock and defects, and to 
collect rock samples for laboratory testing.  Sampling bias in weak rock is a common problem 
which often results in testing which is not representative of the overall rock mass and does not 
take into account the weaker materials.  Since the defects are often a controlling factor in the 
behaviour of the rock mass, the measurement of the location, orientation, surface condition and 
aperture of these defects is highly valuable.  
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1.1 Case study projects 
 
The experiences from two projects in Auckland are presented in this paper.  Both sites are 
underlain by weak or extremely weak interbedded sandstones and siltstones of the East Coast 
Bays Formation (ECBF) that have been gently folded and faulted, producing shallow bedding 
dips.  Locally steep intra-bed folding caused by slumping during deposition is not unusual. 
Joints are typically orthogonal, with sub-horizontal and sub-vertical sets.  Drilling breaks are 
common, typically occurring on bedding planes and also perpendicular to the drill core axis of 
the rockmass.  In some areas the bedrock contains crush zones of weak sheared material that 
appear to be parallel to bedding, and may be a controlling factor in slope instability. 

The two projects utilised similar defect orientation techniques with very different aims.  Project 
one involved a detailed assessment of defect and bedding orientation for rock mass 
classification as part of a tunnelling project.  Project two required the identification of potential 
failure planes on slopes suspected to be unstable to allow detailed stability assessments to be 
undertaken. In both cases the weak and weathered nature of the rock meant that there was 
minimal data from outcrops, so defect data was recorded from vertical and oriented inclined 
drilled boreholes. The inclined holes reduced the sampling bias inherent in vertical holes, 
which under-sample near-vertical defects.  The projects used HQ and PQ size diamond drilling 
techniques (nominal hole sizes 96 mm and 123 mm respectively, core sizes 63 mm and 85 mm) 
in order to maximise recovery and provide appropriate size holes for the tools. 

2 CORE ORIENTATION TECHNIQUES 

There are a number of devices available to measure defect orientation in boreholes.  They can 
be divided into two categories; in-situ (those that take down-hole measurements of the borehole 
wall), and oriented core (those that record the orientation of the core so measurements can be 
taken on the recovered core at the surface). Three tools were compared in this study; two in-situ 
tools, and one oriented core tool. 

2.1 Core Orientation Tool 

The ORIshot system from Coretell was utilised on both projects.  This core orientation tool 
enables recovered core to be re-orientated at the surface using a sensor that is attached between 
the core barrel and the drill string (Figure 1).  For the system to work the borehole must be 
inclined.  The manufacturer recommends 85 degrees from horizontal.  At the end of each drill 
run once drilling has stopped the low side of the core barrel is recorded by an electronic 
accelerometer triggered by a remote handset at the surface.

After the core has been recovered the device then instructs the user on which way up the barrel 
should be placed to replicate the low side recorded in the bore hole. This low side is then 
manually marked on the core with chalk. The defects can then be manually logged from the 
recovered core and the orientation and dip calculated. 

This tool was selected in preference to other oriented core tools because other tools either mark 
the core, which risks significant damage to extremely weak rock, or rely on replicating the 
shape of the drilling induced break at the end of each run (e.g. Karimi Nasab et. al, 2003).  In
weak rocks these tend to be perpendicular to the core axis and therefore no use for orientation.   

2.2 In-situ High Resolution Acoustic Televiewer  

High resolution acoustic televiewer (HiRAT) measurements were obtained during one of the 
projects using an ABI-40 probe manufactured by ALT in Luxembourg. The acoustic televiewer 
performs an ultrasonic scan of the borehole wall, using a sensor positioned in a 2 m long,
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50 mm diameter stainless steel probe (Figure 2). A receiver records the travel time and the 
amplitude of the reflection and a fluxgate magnetometer records the exact attitude of the probe 
in the borehole relative to magnetic north. Features identified on the acoustic televiewer images
that exhibit a sinusoidal form are interpreted using curve fitting. Characterisation of identified 
features is later made by the geologist based on correlation with recorded core. 

                               
Figure 1 (left): Illustration of ORIshot 

handset and down-hole sensor
Figure 2 (right): Schematic of HiRAT probe

2.3 In-situ Optical Televiewer 

The Borehole Image Processing System (BIPS) from RaaX was used on both projects. This 
down hole tool obtains a continuous optical image of the borehole wall (Choi & Saul, 1995).
The BIPS system is used on unlined vertical or steeply inclined holes.  A probe with a video 
camera, a light, and a conical mirror to enable a 360 degree view is winched down the borehole. 

Figure 3:  Optical televiewer sensor details and typical output with interpretation 

A compass in the centre of the probe appears in the video recording to allow the orientation of 
the probe to be checked.   The video image is converted into a single still image of the full 
length of the borehole by utilising data from a device within the winch mechanism that records 
the depth of the probe.  If the probe rotates as it is dropped down the hole the image is corrected 
manually by reference to the recorded compass position so the resultant still image is
consistently aligned for the full length of the survey. 
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Although the optical televiewer can be used in vertical and angled holes, unless additional 
centralising equipment is used it is most effective in vertical holes where the sensor is easily 
centralised so that the light source evenly illuminates the hole. 

3 RESULTS 

Comparing the results from the three different systems it was immediately apparent that the 
correlation between the techniques was poor.  In general the data from the HiRAT and optical 
televiewer matched, while the oriented core gave anomalous results.  Figure 4 shows an
example of poorly correlated data from a single borehole using the optical televiewer and core 
orientation system. Figure 5 shows an example of well correlated HiRAT data and core data. 

Figure 4 (left): Equal area stereonet plot 
comparing poles to defect planes identified 

by the optical televiewer and core
orientation systems in the same borehole

Figure 5 (right): Equal area stereonet plot 
of poles to defect planes identified by the 

HiRAT correlating well with average true 
dip measured from recovered core 

4 ISSUES IDENTIFIED 

Before starting mitigation measures were put in place for anticipated issues. These are described 
below, and other issues encountered are discussed.  This relates specifically to the tools used on 
these projects. This should not be taken to imply that these are the best or worst examples of this 
technology, and it is likely that a number of the issues would also apply to other similar tools.
Only the most significant issues are discussed; for more details see Wier (2012). 

4.1 Core Orientation Tool 

Key ways the core orientation system could fail were identified as: 

 The core or splits could rotate within the drill barrel, thus making the recorded 
orientation flawed since it is the orientation of the barrel, not the rock within, which is 
recorded.  Each core run was carefully inspected for evidence of rotation such as 
drilling induced fractures with signs of movement.  Any data from suspicious drill runs 
were discounted. 

 Since there is no simple visual check, it is possible that the device could be poorly 
calibrated or inaccurate in reporting the low side of the core.  Prior to drilling 
calibration tests were undertaken in which the core barrel was laid horizontally on a 

Optical televiewer 
Core Orientation tool  

Cone of typical 
bedding dip recorded 
in recovered core (not 

oriented) 

POLES TO DEFECT PLANES  
POLES TO DEFECT PLANES  

HiRAT 
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trestle, the low side marked, the barrel spun a random number of times, and the device 
activated to check that it correctly identified the marked low side.  In each case the 
equipment passed this test. 

At least 10% of the data was discarded as a result of core rotation within the barrel, typically 
where zones with fractures within a core run could not be physically ‘reconstructed’ by eye at 
the surface.  This data loss was not considered to be a major failing as it was easy to identify the 
errors on site and remove them from the data set.  However, during the investigation it was 
identified that some of the core recovered with this tool was incorrectly orientated despite there 
being clear evidence that the core had not rotated. This was most evident when a drill run 
terminated at an inclined joint.  In the ECBF rock it was rare for a drill run to end at a joint; 
however, where it did occur it was noted that in some cases the adjacent drill runs did not align.
An example is shown in Figure 6. The steeply inclined joint at 21.0 m is misaligned by 
approximately 90 degrees. This error was considered to be serious since unless a marker joint 
was present at the intersection of the adjacent drill runs there was no way to identify that an 
error had occurred. 

Figure 6:  Evidence of misaligned core at 21 m marked by wooden block. Chalk line (at 
top of core as laid in box) marks the low side of the inclined hole. The angled joint at this 
location should align. The box is 650 mm long.

The calibration testing was repeated with the tool laid out in the horizontal plane, which it again 
passed. To investigate the error further the calibration test was then re-run with the tool held in 
the open borehole at 85 degrees from horizontal.  The calibration was run six times (three times 
on each of the two identical tools) and errors of between 30 and 180 degrees were recorded.  

It is not known how many of the core runs were misaligned.  Few of the runs ended at an 
inclined joint, and there was no way to visually confirm the accuracy of the remaining runs.  
The manufacturer was contacted, and was unable to explain the problem; given that it applied to 
both tools it appeared to be a systemic issue.  Another user of very similar equipment (Reflex 
ACT II RD) was contacted and reported similar errors with an estimated failure rate of one run 
in three along a 1000 m deep borehole (Phillip Falconer, 2010, pers. comm.). 

4.2 Optical Televiewer 

Key ways the optical televiewer could fail were identified as: 

 Magnetic properties in the rock could cause orientation errors when using the compass.  This 
was not expected to be an issue in the ECBF sandstones and mudstones at the site, although 
basalt was identified as a potential issue.  Where the tool was used in inclined holes it was 
easy to check that the orientation stayed consistent with the low side of the hole. 

 Since the boreholes must be unlined for the sides to be visible there was a risk of hole 
collapse preventing recordings being made, particularly the upper parts of the boreholes and 
also where highly fractured zones were present in the rock.  The installation of temporary 
plastic casing allowed stabilisation of the upper borehole. These were withdrawn 
immediately before recording data to allow a complete record to be compiled. 

 Small defects may be obscured or infilled by smeared drilling mud.  The holes were 
carefully flushed, and the issue was monitored on site by logging defects in the recovered 
core and comparing the logs with those produced by the optical televiewer system. 

247



248

N
ew

 Z
ea

la
nd

 G
eo

te
ch

ni
ca

l S
oc

ie
ty

 In
c.

 1
9t

h 
S

ym
po

si
um

, Q
ue

en
st

ow
n 

20
13

 
 
 

Roberts, R.C., O’Loughlin, B. & Elvy, J. (2013) 
A comparison of methods for measuring defect orientation from boreholes in weak rock  

 

 The water may be cloudy due to suspended solids, reducing the visibility.  A flocculent was 
added to make suspended sediment in the hole settle so the water in the borehole was 
relatively clear.  

An assessment of recorded orientation against the low side of the boreholes showed no errors in 
the orientation data.  However, the optical televiewer did not collect a dataset completely 
reflecting the defects logged in the core.  In general fewer defects were visible in the optical 
televiewer record than were logged in the core.  The causes were identified as: 

 Drilling induced fractures in the core being erroneously logged as natural fractures 
 Natural fractures in the core being correctly logged, but not visible to the optical televiewer. 

Where a defect was identified in the core and the optical televiewer record then the data was 
accurate and valuable. Although the optical televiewer data can distinguish between defect 
types, these assessments are made on the basis of relatively basic images and it was found that 
validation against the core was important. 

4.3 High Resolution Acoustic Televiewer 

It was anticipated that the potential problems expected for the optical televiewer would also 
apply to the HiRAT, and similar mitigation measures were put in place.  The following 
additional potential issues were also identified: 

 The HiRAT only operates in water, therefore requiring the borehole to be fully saturated. 
Where high permeability zones exist then maintaining a fully saturated borehole could 
present challenges. This problem did not occur during operation on the project.  

 The HiRAT relies on being centralised within the borehole to provide accurate identification 
and orientation of defects.  Centralisation of the PVC casing was found to be problematic in 
the 60 degree inclined holes. The use of the HiRAT was subsequently applied to only 
vertical boreholes for the remainder of the investigations as no appropriate mitigation 
measures could be identified.  

The inclined holes also had a greater variation in borehole diameter which caused problems for 
the sonic calliper on the HiRAT. The quality of data recorded was found to reduce as the 
number and frequency of wash out zones increased.  For the purposes of this paper, was out 
zones are defined as zones of increased borehole diameter associated with the drilling induced 
erosion, typically of uncemented sandstone.  

The acoustic televiewer data collected was raw and required considerable filtering, static and 
dynamic image normalisation, centralisation corrections, orientation corrections (tool roll), 
manual interaction to find sine wave curves, and to generate dip/azimuth plots. All of this 
manual manipulation of data introduced potential opportunities for errors. 

The data did not distinguish between various defect types, including drilling induced fractures, 
and therefore the data set needed to be verified by direct comparison against core. This 
introduced another opportunity for error during the data validation process. 

5 CONCLUSIONS 

Three tools were used to assess the orientation of defects in weak rock. The quality and 
reliability of the data collected by each tool was shown to be variable. 

On both projects the information relating to the rock structure and defect orientation gained was 
extremely useful.  The additional costs involved were substantially less than the value of the 
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additional data, which in one project allowed for a reassessment of slope stability.  Confidence 
in the results was achieved by use of downhole camera results correlated with logged core.  This 
assessment indicated higher factors of safety than initially anticipated, allowing very extensive 
retaining structures to be omitted. 

5.1 Core Orientation Tool 

Significant errors were identified in the data collected with the core orientation tool.  The cause 
of the errors could not be identified by the engineer, driller or the equipment supplier.  Site tests 
showed that the tool became unreliable in collecting orientation data in sub-vertical boreholes 
even when the other anticipated sources of error such as core spin were accounted for.  The 
error was not restricted to a single faulty tool.  This problem would not be unique for weak 
rocks.  Until the equipment can be proven to collect error-free data its use in circumstances 
similar to those described in this paper is not recommended. 

During research for these projects other core orientation tools were considered and discounted 
as being either inaccurate or inappropriate for use in weak rocks.  This was primarily because 
the weak rocks were likely to be damaged by the tools’ marking methods.   

This finding is based on use of one specific tool (the CoreTell ORIshot) in sub-vertical 
boreholes and might not be applicable to other similar tools or this tool in shallower holes;
however, anecdotal evidence suggests that other similar tools also experience similar issues.
Given that it is hard to verify that core orientation tools are working correctly it is recommended 
that any use of such tools is combined with other methods to assess their reliability. 

5.2 Optical Televiewer 

The optical televiewer provided easily verifiable data and good confidence in the accuracy of 
the results.  It did give a number of false positives (drilling scratches in the hole wall recorded 
as defects) and false negatives (defects visible in the core not seen in the hole wall probably as a 
result of smeared clay obscuring the view).  These problems may be specific to weak rocks.  It 
is considered essential when used in weak rocks that the data is compared with logged core and 
only defects that are identified in both are used. 

The optical televiewer performed best in vertical HQ size holes; in these holes the light source 
easily illuminated the hole, and because the device was hanging in the centre of the hole rather 
than resting on the lower side the illumination was evenly spread. 

5.3 In-situ High Resolution Acoustic Televiewer 

The HiRAT performed reasonably well, although the teams involved in the projects had more 
reservations over this tool than the optical televiewer. The biggest issue is centralisation. If the 
tool is not properly centralised the orientations of the defects cannot be determined correctly. 
The acoustic televiewer appeared to provide an accurate record of the dip and direction of 
defects when properly centralised.  As with the optical televiewer it reported false positives and 
false negatives, and therefore should also be compared with logged core.  The tool performed 
poorly in areas where the borehole diameter varied for example, due to wash out. If the borehole 
diameter in wash out or fracture zones is too wide the sonic calliper sensor cannot properly 
resolve defects in the borehole wall. 
 
The acoustic televiewer requires the borehole to be fully saturated. In areas where the ground is 
highly permeable it may be challenging to maintain a constant head of water, increasing the 
complexity of the test. This was not found to be an issue on the subject project.  
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HiRAT has the advantage that the imaging can be obtained through casing, thereby preventing 
the risk of instrument damage or loss and enabling potential imaging of fracture zones which 
cannot be captured by optical televiewer in an open hole. Also, the instrument has built in 
magnetometer sensors to allow collection of data to correct for tool roll. 

5.4 Summary 

Problems were found with all three methods of defect data collection discussed in this paper. Of 
these three methods the oriented core device was found to provide the least reliable and least 
verifiable results. Concerns were raised regarding the repeatability and reliability of this tool 
when characterising defects in weak ECBF rock.   
  
Both the optical televiewer and high resolution acoustic televiewer provided generally good 
correlation against recovered core and are considered suitable for application in weak rocks.
Borehole sidewall caking in ECBF was a minor issue for data collection for both devices. The 
most reliable results were achieved in higher strength lithologies within the ECBF.  

Whilst the installation of casing in unstable boreholes may provide an advantage for acoustic 
televiewer surveys, it was found that the installation of non-centralised casing adversely affects 
the results. Careful centralisation of casing for acoustic televiewer surveys is recommended.   

The ultimate decision of the type of instrument to be used for obtaining defect data in weak 
rocks should be made based on evaluation of existing ground conditions and available borehole 
logs, and following appropriate consultation with specialist suppliers and operators of the 
instruments.  It is essential that data obtained by any method is directly compared against 
recovered core and the geological logs to validate the dataset prior to use in design.  
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ABSTRACT 

The vertical subgrade reaction coefficient Kv is extensively used by structural engineers for the 
design of shallow foundations. The value of the coefficient is usually estimated by the 
geotechnical engineer by three possible ways: in situ testing, laboratory testing and 
bibliography. In this paper a methodology is proposed for estimating the subgrade reaction 
coefficient KCPT from cone penetration test. The continuous nature of CPT results provides a 
detailed stratigraphy that can be used for delineating the coefficient with depth which could be 
invaluable for both structural and geotechnical engineers. Comparison of results from one CPT 
with the corrected (N60) SPT values from an adjacent borehole constructed on a site in 
Christchurch indicates that the results of the proposed method may be of some use. The 
collection of further results from site investigations is recommended for verifying the validity of 
the proposed method in sands of any state of packing. 

1 INTRODUCTION 

The coefficient of subgrade reaction k is a conceptual relationship, which is defined as the soil 
pressure σ exerted divided by the measured deflection δ:

k=σ/δ                                                                                                                             (1)

The parameter k is widely used in the structural analysis of foundation members (shallow and 
deep foundations) and is measured in kN/m3. The usual procedure for measuring k is to perform 
in situ plate load tests. The test is fully described in BS EN 1997-1:2004 (BSI, 2004), ASTM D 
1194-94, Tomlinson (1980), BS 1377:1990 (Part 9), Clayton et al. (1995). The usual practice is 
to load small steel plates, 30-75cm diameter and 25.4mm thickness, which are embedded in 
shallow pits (or boreholes, Wrench, 1984) and record the measured deflection by means of dial 
gauges to the nearest 0.025mm. The test can be performed either with constant rate of 
penetration or by applying incremental loads (Simons et al., 2002). The plate load test for a 
number of reasons has the following limitations (Barounis et al., 2007 and 2011):

 Size effect. The results of the test reflect the settlement characteristics of the soil 
within the pressure bulb of the plate. The pressure bulb of the actual foundation is 
much deeper as than that of the plate. 

 Scale effect. The ultimate bearing capacity of saturated clays is independent of the 
plate size. For cohesionless soils it increases with plate size. In order to reduce this 
effect, two or three tests should be performed with different plate sizes and the bearing 
capacity of the actual foundation extrapolated. 
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 Time effect. The test is of short duration and as a result the load-settlement curve 
obtained is not always representative. 

 Reaction loads. Since the applied loads can be greater than 300kN, a truck or some 
other form of kentledge is necessary. 

 Experienced technicians should always be involved. 
 High cost per test and sufficient number of tests can result in a substantial increase in 

the site investigation cost. 
 Water table effect: The level of the water table can affect the bearing capacity of sandy 

soils. If the water is above the footing level, the water has to be pumped before the 
plate is placed. This can cause extra delays and cost increase. 

Therefore, a methodology is proposed whereby k is measured in the field by means of the CPT.
The proposed methodology can be applied mainly for shallow foundation design but it may also 
be extended for deep foundations and liquefaction analysis. 

2 PROPOSED METHODOLOGY FOR CALCULATION OF KCPT

The proposed method is to obtain k directly from CPT’s by dividing the stress qc applied on the 
ground by the amount of deflection δ, taken to be equal to the cone penetration into the ground.
Usually the amount of deflection δ that corresponds to a value of qc is the same increment for 
the whole depth of the test and ranges between 25 and 50 millimeters. Every pair of values of qc
and δ that are recorded during testing may be used until the final depth is reached. The Opus 
CPT rig used for this paper records qc for every centimeter of penetration, thus KCPT=qc/0.01 and 
when σ is in MPa, then k is in MN/m3. The k values should be computed for every depth 
increment until the final depth of the test enabling a continuous plot of k versus depth to be 
prepared. From this graph the modulus of subgrade reaction can be delineated with depth which 
enables the direct calculation of the subgrade reaction modulus for foundations of any shape, at 
any depth of interest by applying well established methodologies (Bowles, 1997; Das, 1990). 
The transformation from KCPT to KFOUNDATION can be performed by applying formulae presented 
in the next paragraphs of this paper.
The advantages of measuring k in the field by CPT testing are: 

 Great advantages of CPT testing over plate load testing include: less cost; less time; no 
requirement for kentledge or reaction to produce high stresses on hard soils; no need for 
dewatering of excavations to perform plate loading; independence from plate load size 
effects.  

 It is impossible for a plate load test to impose on the ground similar levels of stress as in 
a CPT test, which in the latter case, can be as high as 40 Mpa. 

 In situ testing can be performed on any type of soils (fine grained, coarse grained, 
sensitive, organic, peats) without the need for excavation. 

 Testing at great depths can be performed, which is in contrast with plate load testing. 
For such depths plate loading can only be performed from within a borehole which is a 
very expensive option. 

 Measured KCPT can be calculated for any depth and can be transformed to KFOUNDATION 
for any shape of shallow foundation or pile. The proposed analysis can be extended to 
depths where induced foundation stress is reduced to 20%. The final design value for 
KFOUNDATION may be computed for each discrete layer detected from CPT testing and by 
averaging or using other mathematical techniques; a reliable value can be estimated. 

 Low cost compared to plate load testing.  
 During cone penetration, the soil is taken to failure and the response of KCPT at failure is 

recorded. This is difficult to achieve in-situ with plate load testing and sometimes 
unnecessary.  

 Provides another tool for assessing the soil as a foundation material under static 
conditions and may also prove useful for assessing the liquefaction potential of 
saturated sands and silts. The measured KCPT values for cohesive and cohesionless soil 
types can be correlated with the consistency of clays and relative density of sands or 
SPT blows N or N60, and soil behaviour.  
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 The proposed analysis can be extended to any desired depth for performing foundation 
analysis of any foundation shape. 

The limitations compared to plate, consolidation and unconfined compression tests are: 
 The loading conditions during cone penetration do not reflect the in situ loading from 

foundations or plate load tests, i.e. the CPT measures properties at failure, whereas in 
situ loading or foundations perform within the elastic range. Thus the calculated values 
of the subgrade reaction coefficient from the proposed method are considerably higher 
than the values measured with the plate load and can be considered as an upper bound. 

 Limited capacity to penetrate through hard soils or refuse on gravels may result in 
termination of the test with insufficient KCPT values. 

The cone penetration test (CPT) is now widely used for geotechnical site characterisation 
including liquefaction potential assessment and in-situ determination of soil properties (Salgado, 
2008). The test is performed by pushing a 35.7 mm diameter penetrometer vertically into the 
ground at a penetration rate of 20mm/s. The tip resistance of the cone qc, defined as the vertical 
force in MPa acting on the penetrometer tip divided by the base area of 1000mm2, is recorded 
during the test versus testing depth. The penetrometer can also measure sleeve friction fs, 
defined as the shear force applied on the cylindrical sleeve located above the tip divided by the 
15.000 mm2 standard sleeve area. Pore pressures u can also be measured during penetration in 
the piezocone version of CPT testing and in this case the total cone resistance qt is calculated 
by: 

qt= qc + (1-a) u                                                                                                                         (2) 

where  
qt=corrected cone resistance [MPa] 
qc= tip cone resistance [MPa] measured at any depth 
a=dimensionless area ratio= 0.70 to 0.85 
u=measured pore pressure [MPa] at the same depth as qc 

Modern CPT rigs record qc, fs and u for every centimetre of cone penetration in to the ground 
allowing qt to be calculated using equation 2. The soil types through which the cone penetrates 
can be determined based on the soil behaviour during penetration, as expressed in the 
combination of qc, fs and friction ratio defined as fs/qc. 
During cone penetration the soil is initially compressed and then sheared to failure at a stress 
equal to the measured value of qc. The rate of cone penetration of δ=2 centimetres per second 
classifies this type of testing as strain controlled in-situ testing, similarly to the laboratory 
triaxial and unconfined compression tests. Each soil layer can be perceived as a series of vertical 
springs 1 cm long, each spring having an ultimate reaction coefficient value of KCPT, which is 
fully mobilised during cone penetration. The cone penetration test offers the ability to measure 
this ultimate reaction coefficient KCPT for the complete depth of the profile as both qc and δ are 
measured.
The CPT may be used for the calculation of the subgrade reaction coefficient KCPT by using the 
proposed equation: 

KCPT= qc/δ=qc/(0.01m)= 100 qc                                                                                                    (3)

where 
KCPT= coefficient of subgrade reaction from CPT testing in MN/m3

qc= tip cone resistance in MPa measured at any depth 
δ=cone penetration of 1 centimeter 
Values for KCPT may be calculated by using qt instead of qc in equation 1, when testing clay 
layers with high positive excess pore pressures. It is recommended that qt values be used for the 
calculation of KCPT whenever excess pore pressure measurements are prevailing, which is the 
case for cohesive soils.
In this paper results of KCPT on sandy soils only are presented. In the case of sandy soils qt=qc 
(Robertson and Cabal, 2010). 
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3 PROCEDURE OF ANALYSIS FOR CALCULATION OF KCPT VALUES 

The proposed procedure for calculating the k values from cone penetration tests is simple: the 
KCPT values are obtained by dividing the applied tip cone resistance qc in MPa by the amount of 
penetration δ which is 1 centimetre for the Opus CPT rig used for this paper (refer equation 3).
The values of KCPT are considerably higher than the k values measured from plate load tests 
(K0.3) since those k values generally tend to decrease as the foundation width B increases 
(Terzaghi, 1943). A typical foundation can be between 30 to 600 times larger than the 35.7 mm 
cone penetrometer. This means that the K0.3 value obtained from an in situ test on a 0.3 m
diameter plate is smaller than the KCPT value and the value required for a foundation, 
KFOUNDATION, is even smaller than the K0.3 value due to the foundation breadth being greater than 
0.3 m. Thus the following relation holds: KCPT>>K0.3>KFOUNDATION.
The following mathematical transformation mechanism is proposed for converting KCPT to K0.3
reference value that can be useful to the structural designer. A reference value for the coefficient 
of subgrade reaction K0.3 was adopted based on plate load testing with a plate width of 30 
centimetres on the same soil and depth.  
For transforming KCPT values to K0.3 reference values the following equation is proposed: 

K0.3=KCPT x
30
CPTD

                                                                                                               (4) 

where DCPT is the cone diameter used and 30 is the plate diameter in cm. 
The usual cone penetrometer diameter DCPT is 3.57cm hence K0.3 is given by: 

K0.3 = KCPT x (3.57/30) =0.119 KCPT                                                                                                                                                 (5) 

4 COMPARISON OF K0.3 FROM CPT AND SPT TESTING 
 
For comparing the K0.3 values obtained from the proposed method and some well established 
methods that are based on SPT blow counts, some field testing was undertaken in Christchurch. 
The field testing was limited in one borehole and one CPT, each one to 10 m depth. The 
distance between the two investigations was 9 meters. The depth of 10 m is considered 
sufficient for a typical shallow foundation design because the usual foundation depths are 
considerably less than this depth. The SPT N values were obtained at the same depth as the CPT 
was carried out with 1.5 m spacing of SPT testing. 
A standard and calibrated electronic cone with a 60 degree apex angle with a diameter of 35.7 
mm and a cross sectional area of 10 cm2 was used for the collection of field data. Recording of 
cone resistance, deflection, pore pressure and sleeve friction was undertaken for every 
centimetre of cone penetration. 
The standard penetration test (SPT) was performed in accordance with ASTM D 1586 (ASTM, 
2000). A split spoon sampler was used with the retained sample described according the NZ 
Geotechnical Society’s ‘Guidelines for Field Classification and Description of Soil and Rock 
for Engineering Purposes’ (2005). The number of blow counts N for penetrating 300 mm into 
the soil was measured. A calibrated hammer was used with an energy efficiency of 62%. The 
obtained SPT blows were corrected to N60 values according to the procedure proposed in the 
Appendix C3 of the Guidance on Repairing and Rebuilding Houses by the Canterbury 
Earthquakes (MBIE, 2012). 
The tip cone resistance qc measured has been used for calculating the coefficient KCPT for the 
total depth of 10 m by using the proposed methodology. These values were then transformed to 
K0.3 values according equation 5.  
The corrected SPT blows N60 were also transformed to K0.3 values by using the relationship 
proposed by Scott (1981) applicable to coarse grained soils: 

K0.3= 1.8 N                                                                                                                                (6) 

where K0.3=coefficient of subgrade reaction for a 30 cm diameter load plate [MN/m3] 
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N= corrected SPT blow N 

For reasons of comparison a second relationship was also used (Moayed and Janbaz, 2011) 
applicable to dense to very dense gravelly soils: 
K0.3= 2.821 N                                                                                                                            (7) 

where K0.3=coefficient of subgrade reaction for a 30 cm diameter load plate [MN/m3] 
N= corrected SPT blow N 

The results from all three methods applied are shown in Table 1. The groundwater table during 
CPT and SPT testing was constantly at 1 m below ground level. 

Table 1: Results of vertical reaction coefficient KCPT and K0.3 from SPT and CPT data 

Depth of tested layer 
(from-to, in meters)
and soil description

Range of qc
(MPa)

Range of 
KCPT

(MN/m3)

Range of K0.3
from CPT testing

(eqn. 5) 
[average]
(MN/m3)

K0.3
(eqn. 6) 

(MN/m3)

K0.3
(eqn. 7) 

(MN/m3)

Corrected 
SPT N60

1.65 to 1.95
Silty fine Sand

0.89 to 2.28 89 to 228 10.6 to 27.1
[21.4]

10.8 16.9 6

3.15 to 3.45
Silty fine Sand

2.12 to 3.85 212 to 385 25.2 to 45.8
[30.8]

8.1 12.7 4.5

4.65 to 4.95
Silt with some sand

2.81 to 5.26 281 to 526 33.4 to 62.6
[47.6]

19.8 31 11

6.15 to 6.45
Silt with some sand

0.96 to 1.79 96 to 179 11.4 to 21.3
[14.8]

17.1 26.8 9.5

7.65 to 7.95
Fine to medium Sand

0.74 to 10.45 74 to 1045 8.8 to 124.4
[61.8]

32.4 50.8 18

9.15 to 9.45
Fine to medium Sand

3.9 to 11.18 390 to 1118 46.4 to 133
[88.7]

32.4 50.8 18

5 DISCUSSION OF RESULTS 

The relationship proposed by Scott has been extensively used in foundation design in many 
countries for more than thirty years. The recorded performance and behaviour of such 
foundations during this time span has been within acceptable limits. By comparing the average 
values obtained from the proposed methodology with the values from Scott’s relationship, is 
evident that the proposed method generally produces higher values. The results of the 
comparison are shown in Table 2. The proposed method overestimated the subgrade reaction 
coefficient in the majority of the measurements between 98% and 280%. 
The results from the proposed method are also compared with the results from Moayed and 
Janbaz method. In this case the proposed method overestimated the subgrade reaction 
coefficient in the majority of the measurements between 22% and 143% 
The results indicate that the proposed method produces higher values for the subgrade reaction 
coefficient. The authors believe that the main reason for that are the differences between CPT 
and SPT testing. In CPT testing the soil is forced to failure by the pushing action of the cone 
that forces the soil downwards and sideways. In contrast, during SPT testing, the soil is not at 
failure and only shear stresses are developed between the external and internal sides of the split 
spoon sampler with compressive stresses to be developed under the cutting shoe of the sampler. 
The developed shear stresses and compressive stresses are not considerably high to produce the 
failure of the tested soil, which this is the case for CPT testing. 
A second main reason for the overestimation of the coefficient is the continuous recording of 
the CPT with depth. In contrast, the SPT can be used only at certain depths, 1 to 1.5 meters 
apart. This is also considered as the main advantage of the proposed methodology compared to 
the SPT methodology. The geotechnical designer can then apply statistical techniques before 
adopting the final design values for the specific foundations.  
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The values obtained from SPT and plate loading testing is considered to load the tested soils 
within their elastic range. The plate load test is usually terminated when the tested soil exhibits 
25 mm of measured settlement. Thus the soils tested by these two tests do not fail during 
testing. In this case the factor of safety against bearing capacity failure is always greater than 1. 
During CPT testing the factor of safety is always 1 at any depth and this is considered the main 
reason for the produced higher coefficient values. From the analysed data, the obtained values 
from CPT testing may be up to 2.8 times higher than the ones produced from the SPT analysis. 
This is considered to be consistent with the difference in the nature of the two tests. 

Table 2: Results of vertical reaction coefficient KCPT and K0.3 from SPT and CPT data 
Depth of tested layer 
(from-to, in meters) 
and soil description

(KCPT-KSCOTT)
/KSCOTT

(KCPT-KM)
/KM

1.65 to 1.95
Silty fine Sand 98% 27%

3.15 to 3.45
Silty fine Sand 280% 143%

4.65 to 4.95
Silt with some sand 140% 54%

6.15 to 6.45
Silt with some sand -13% -45%

7.65 to 7.95
Fine to medium Sand 91% 22%

9.15 to 9.45
Fine to medium Sand 174% 75%

KSCOTT= K0.3 subgrade reaction coefficient from eqn.6
Km=  K0.3 subgrade reaction coefficient from eqn.7

 
6 CALCULATION OF KFOUNDATION FOR A FULL SIZE FOUNDATION FROM KCPT

By using the coefficient values produced from the proposed methodology, the final subgrade 
reaction coefficient of the actual foundation may be estimated by using existing published 
relationships. 
The usual types of shallow foundations that can be analysed by the proposed method are: 

 strip or long footings with L/B ≥ 5 
 rectangular pad foundations with dimensions L x B 
 raft (or mat) foundations with dimensions L x B 

where L=length and B=width of the foundation.  
For a strip, pad or raft foundation, with dimensions BxL founded on medium dense sand or stiff 
clay, the KBxL value can be calculated as follows:  

KBxL=K0.3 x 





 

1.5m

0.5m = 0.119 KCPT x 





 

1.5m

0.5m
                                                                      (8) 

where m = L/B (Bowles,1997). 
For the same foundations on sands of any relative density, the KBxL value can be calculated as 
follows (Bowles, 1997): 

Ks= K0.3

2
1






 

2B

BB = 0.119 KCPT

2
1






 

2B

BB                                                                                 (9) 

where B1=0.3 m (reference plate width) and B=actual foundation width. 
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Barounis, N., Saul, G. & Lally, D. (2013). 
Estimation of vertical subgrade reaction coefficient from CPT investigations: applications in 

Christchurch 
 

7 CONCLUSIONS 

A methodology for estimating the coefficient of subgrade reaction from CPT testing is 
introduced in this paper applicable to sandy soils. The methodology was tested on a soft site in 
Christchurch and returned higher values for the subgrade reaction coefficient than the ones 
calculated from SPT testing. A factor of safety of 3 is strongly recommended to be applied on 
the calculated KCPT values on the results from this method that someone performs before these 
results are used for final structural design. As only one borehole and one CPT were analysed, is 
strongly recommended that further site data should be analysed in the future for verifying the 
proposed methodology. For the time being the analysis presented is limited to sandy soils with 
measured in situ SPT N values between 6 and 19 blows.  Thus the method needs still to be 
proved that gives consistent values for the complete set of blows N between 1 and 50.  
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ABSTRACT 

There is increasing awareness in earthquake engineering of the need to consider the structure, 
foundation, and underlying soil in an integrated fashion. The traditional design scenario, where 
the geotechnical and structural considerations are dealt with separately, results in inefficient and 
sometimes less effective foundation systems. Integrated numerical models provide a means to 
more appropriately capture the earthquake response of buildings; however, this does not 
necessarily require the development of evermore complex models. Spring-bed models used to 
capture the interaction between the foundation and the soil provide a balance between ease of 
implementation and theoretically rigorous solutions. By incorporating nonlinear interaction 
effects associated with soil-foundation-structure interaction (SFSI) into a spring-bed model, the 
earthquake response of buildings can be appropriately captured. 

A structure-foundation model on a bed of nonlinear springs has been developed for a multi-
storey building on a shallow raft foundation in Christchurch, New Zealand. A widely-used 
structural design software package (SAP2000) was employed to model this integrated system 
and existing features of the program were used to capture the nonlinear effects of foundation 
uplift and soil yielding in the springs. Time history data from the 22 February 2011 
Christchurch Earthquake was used to investigate the earthquake response of the building. The 
results of analysis of this integrated SFSI numerical modelling showed that the earthquake 
response was very different when loss of contact was allowed between part of the foundation 
and the underlying soil. 

1 INTRODUCTION 

The investigation of the earthquake performance of buildings has led to an increasing awareness 
of the need to appropriately model the interaction between the foundation and the underlying 
soil. Geotechnical and structural considerations are typically dealt with separately in a 
traditional design scenario, where the axial, shear, and moment loading assuming a fixed base 
structure is provided to the geotechnical engineer to undertake foundation design. This 
fragmented approach results in inefficient and sometimes less effective foundation systems. 
Integrated numerical models that include the soil, foundation and structure provide a means to 
more appropriately capture the earthquake response of buildings. 

Ideally, integrated numerical models of the structure, foundation and soil should capture all 
observed physical mechanisms and accurately represent the real system. However, the 
uncertainty in the input parameters, particularly in earthquake engineering, combined with the 
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time required to develop such models often outweighs the benefits. Spring-bed models, where 
the interaction between the foundation and the underlying soil is accounted for using discrete, 
closely spaced springs, provide a balance between ease of implementation and theoretically 
rigorous solutions (Harden et al., 2005). In addition, most existing structural design software 
packages have capacity to implement fairly sophisticated spring-bed models. The importance 
lies in determining the parameters and characteristics of the springs so that the interaction 
between the foundation and the soil is captured appropriately. To achieve this, the nonlinear 
interaction effects associated with soil-foundation-structure interaction (SFSI) should be 
incorporated into spring-bed modelling. 

SFSI incorporates nonlinear geometrical effects and nonlinear soil deformation effects into 
integrated numerical analysis of structure-foundation systems (Orense et al., 2010). This is in 
contrast to traditional soil-structure interaction (SSI), where the interaction between the soil and 
the foundation is assumed to be linear elastic. For shallow foundations, SFSI may involve uplift 
of the foundation from the supporting soil as well as yielding of the foundation soil during large 
earthquake shaking. Uplift and soil yielding can have a significant influence on the earthquake 
response of buildings on shallow foundations. 

A structure-foundation model on a bed of nonlinear springs has been developed for a multi-
storey building on a shallow raft foundation in Christchurch, New Zealand. The widely-used 
structural design software package SAP2000 (CSI, 2011) was employed to model this integrated 
system. The building was modelled as a single degree of freedom (SDOF) structure and existing 
features of SAP2000 were used to allow the springs to detach from the foundation, to model 
uplift, and yield as the compressive loads increased toward bearing failure of the soil beneath. 
Time history data from the 22 February 2011 Christchurch Earthquake was used to investigate 
the earthquake response of the building and interesting insights were gained into the 
implementation of spring-bed models and the influence of SFSI in the earthquake response of 
buildings on shallow foundations. 

2 BACKGROUND - BUILDING MODELLED AND THE CHRISTCHURCH 
EARTHQUAKE 

An 11 storey building in the central business district (CBD) of Christchurch, New Zealand has 
been used as the basis to undertake the SFSI analysis in this paper. The building comprises of a 
9 storey steel framed tower on top of a 2 storey reinforced concrete podium, with one level of 
basement resting on a raft foundation about 4 meters below ground level. A cross section of the 
building in the east-west direction with representative dimensions is presented in Figure 1. The 
building is one example of many multi-storey buildings on shallow foundations in Christchurch 
where performance appears to have been satisfactory during the Mw 6.2 Christchurch 
Earthquake on 22 February 2011. 

In the CBD of Christchurch there are a number of multi-storey buildings on shallow foundations 
where performance appears to have been satisfactory despite the strong levels of ground shaking 
during the Christchurch Earthquake. This is predominantly the case in areas where liquefaction 
has not been significantly manifested at the ground surface. Valuable information can be 
gathered from investigation of these buildings that have performed well, not just those that 
perform unsatisfactorily, and examination of the role of SFSI in the successful performance of 
buildings in this area of the CBD can provide important insights into the earthquake 
performance of structures. SFSI analysis has been undertaken by creating a simple single degree 
of freedom (SDOF) model for the superstructure and developing a nonlinear spring-bed model 
to represent the interaction between the raft foundation and the underlying soil. 
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Figure 1: Cross section of the 11 storey building analysed in this paper (east-west) 

3 BUILDING MODEL DEVELOPMENT 

A model of the 11 storey building on a shallow raft foundation analysed for this paper was 
developed in SAP2000 by making a number of assumptions. The 9 storey steel tower was 
modelled as an equivalent SDOF “lollipop” type structure (see Figure 2), where an equivalent 
mass of the entire building (including the mass of the podium) was lumped at the top of the 
tower. To determine the building mass, assumptions were made about the floor loading to 
determine appropriate values for steel and reinforced concrete portions of the building. The 
procedures outlined by Priestley et al. (2007) were used to develop the SDOF model of the 
structure, where a characteristic displacement was used to determine an equivalent mass 
(4128T) to be lumped at an equivalent height (27.4m) above the foundation. The stiffness of the 
column supporting the mass in the SDOF model was calculated using an assumed fixed base 
natural period of the tower and this enabled an equivalent size column to be determined. The 
podium was modelled as a rigid, massless box as it was much stiffer than the steel tower. 
Finally, the 42 meter by 26 meter raft foundation was modelled and a bed of 11 vertical springs 
captured the interaction between the foundation and the underlying soil for analysis in the east-
west direction (analysis in the north-south direction was not included in this paper).

3.1 Spring-bed modelling 

A bed of nonlinear vertical springs was used to capture SFSI effects on the response of the 
building to earthquake loading. In order to determine the appropriate parameters of the springs 
the overall vertical foundation static elastic stiffness was first calculated. This was done using 
procedures set out by Gazetas et al. (1985), which use the small strain shear modulus of the 
foundation soil as defined in Equation 1:

       (1)

where ρ is the density and Vs is the shear wave velocity of the soil. The raft foundation of the 
building analysed in this study rests on gravel, as do the majority of multi-storey buildings on 
shallow foundations in Christchurch that have performed well during the earthquake. Available 
borehole, CPT and MASW investigation data in the vicinity of the building was utilised to 
determine the small strain shear modulus of this soil. This shear modulus could then be used to 
calculate the overall vertical stiffness of the foundation. 
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In the Gazetas et al. (1985) procedure, a basic stiffness parameter is calculated and then 
modified to account for the shape, depth and sidewall contact of the foundation (Equation 2): 

                                     (2)

where Kbasic is the stiffness of an infinite strip footing at the ground surface and the I factors 
are correction factors that account for stiffness contributions of the foundation shape, the 
depth of embedment, and the vertical sides of the foundation. Dynamic excitation such as 
earthquake loading has the potential to modify the static stiffness parameters and further work 
by Gazetas (1991) develops equations and charts for determining a dynamic stiffness coefficient 
used to modify the static stiffness value. This work uses a parameter ao, which is proportional to 
the frequency of excitation ω as shown in Equation 3:  

   
  
   

(3)

where B is the width of the foundation. The assumed fixed based natural period of the building 
was used to determine the excitation frequency and associated ao parameter. Thus the dynamic 
coefficient for the raft foundation in this study was calculated. The dynamic coefficient was 
then applied to the static stiffness value to determine the final dynamic vertical stiffness of the 
foundation. 

The total dynamic vertical stiffness of the raft foundation was then distributed to the vertical 
springs using two procedures. The first procedure involved distributing the stiffness uniformly 
to the springs based on each springs tributary area to create a "Uniform Spring" model. The 
second procedure used the FEMA-356 (2000) document to distribute the foundation stiffness to 
the springs. In this code the vertical and rotational stiffness of the footing can be made 
compatible by assigning higher vertical stiffness at the edge of the footing, allowing a more 
accurate representation of foundation rotational stiffness. From this a "FEMA Spring" model 
was developed. The final two structure-foundation models of the 11-storey building 
implemented in SAP2000 are shown in Figure 2. 

Figure 2: SDOF building and foundation spring models implemented in SAP2000 
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In both models the horizontal stiffness of the foundation was assigned to a single elastic 
horizontal spring shown in Figure 2. The stiffness of this spring was calculated in a similar 
method to that explained above for the vertical stiffness but follows the formulas developed by 
Gazetas and Tassoulas (1987), with the dynamic factor applied from Gazetas (1991). 

3.2 SFSI in spring-bed modelling 

Once the elastic spring stiffness values were ascertained, the nonlinear SFSI effects of uplift and 
soil yielding needed to be incorporated into the definitions of the foundation springs in 
SAP2000. In this way the interaction between the foundation and the soil during earthquake 
loading could be captured appropriately. To achieve this the springs were modelled as multi-
linear plastic elements with Takeda hysteresis. To represent uplift, zero force was set for all 
displacements in the positive tensile range. When a spring was compressed towards the ultimate 
vertical load, the force-displacement behaviour followed a tri-linear relationship. The ultimate 
vertical load was determined by calculating the static bearing capacity for the tributary area of 
each spring but allowed for the ultimate moment capacity of the foundation, which was 
calculated iteratively so that the bearing capacity matched the vertical load. The force versus 
displacement relationship for a spring on the edge of the Uniform Spring model is presented in 
Figure 3. 

Figure 3: Force-displacement relationship of vertical springs to allow uplift and yielding 

In the yielding, compressive portion of the spring force-displacement relationship, the stiffness 
using the full Go value was used for low loads up to 30% of the ultimate. After this point the 
spring yielded and a factor of 0.35 was applied to Go at intermediate loads between 30% and 
80% of the ultimate. The 0.35 factor was derived from Eurocode 8-Part 5 (2003), which 
suggests an "operational" value for the small strain stiffness to account for the level of strain 
anticipated in earthquake loading. After the load reached 80% of ultimate, the spring yielded 
further and the stiffness reduced to 5% of the initial value. Once yielding occurred, unloading 
followed the initial stiffness until the horizontal displacement axis was reached, shown by the 
green dashed arrows in Figure 3, allowing for permanent deformation of a spring. 

4 ANALYSIS AND RESULTS 

Numerical analysis on the earthquake response of the 11 storey building was undertaken using 
SAP2000. Firstly, static push-over analysis was carried out to investigate the effects of SFSI on 
the response of the structure and compare the Uniform Spring and FEMA Spring models. Then 
nonlinear direct integration time history analyses were undertaken using time history data from
the Christchurch earthquake to investigate the earthquake response of the building with different 
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foundation scenarios. A fixed base model was compared with the Uniform Spring and FEMA 
Spring foundation models for cases where the springs did not detach from the foundation, as in 
traditional SSI, and where the springs were able to uplift and yield, as in SFSI.

4.1 Static pushover analysis 

The first part of the numerical modelling involved investigation of the static push-over 
characteristics of the two spring-bed models. The vertical load was applied first and then a 
horizontal load was applied as an acceleration of the lumped mass in a step-wise manner until 
the critical moment was reached. The results of these analyses are presented in Figure 4 and 
established the moment-rotation characteristics of the Uniform Spring and FEMA Spring 
models. 

Figure 4: Moment-rotation curves for pushover analysis of the spring-bed models and 
comparison with a theoretical hyperbolic curve

Figure 4 was developed following the work done by Pender et al. (2013), where the moment-
rotation curves for the two spring-bed models were compared with a theoretical hyperbolic 
curve developed by Algie (2011). This hyperbolic curve was established through correlating 
field experimental data from the rocking response of a shallow foundation with finite element 
modelling. It uses the initial rotational stiffness of the foundation (calculated using the 
"operational" shear modulus mentioned previously) and the moment capacity of the foundation
to give an accurate representation of the theoretical moment-rotation response of a shallow 
foundation. 

Firstly, the pushover analysis results for the Uniform Spring and FEMA Spring models show 
how the response of the foundation becomes increasingly nonlinear with inclusion of the effects 
of SFSI. This could have a significant influence on the response of a structure. Secondly, the 
Uniform model matches the hyperbolic relationship fairly closely whereas the FEMA model 
over-predicts the foundation moment for small rotation values. These small rotation values are 
important for the evaluation of SFSI effects on shallow foundation design.

4.2 Christchurch time history analysis 

Direct integration time history analyses were run in SAP2000 using the earthquake record from 
the CHHC recording station (S89W component) located in the Christchurch CBD (see GNS 
Science, 2012). This record was used because the soil profile at the site of this station is 
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considered to be applicable for the site of the 11 storey building analysed in this paper. The 
vertical load was applied first so that the foundation springs were initially in a compressed state. 
This was seen to be the case in reality as the soil is already loaded due to the weight of the 
building. Then the earthquake time history was applied and the analysis run for about an extra 
20% of the total time of the earthquake excitation to capture the free response and subsequent 
decay of motion of the building after the excitation. Damping was specified as directly 
proportional to the mass and the stiffness to achieve 5% system damping for a fixed base 
structure. 

Once the analysis was complete the computed absolute horizontal acceleration of the lumped 
mass was retrieved. The 5% damped pseudo-acceleration response spectrum of this data was 
calculated to make comparisons of the response of a fixed base case with that for a non-
detaching SSI case, and an uplift and yielding SFSI case. The results for the Uniform Spring 
model are presented in Figure 5, and the results for the FEMA Spring model were similar. 

Figure 5: Pseudo-acceleration response spectrum plot of the absolute acceleration of the 
lumped mass due to the scaled Christchurch Earthquake input excitation (CHHC record)
for a fixed base case, a non-detaching SSI case and an uplift and yielding SFSI case for the 

Uniform Spring model 

SFSI was found to have a significant influence on the response of the structure. The results in 
Figure 5 show that the maximum response of the structure reduces considerably from the fixed 
base case when SFSI is considered. Also, the period of maximum response increased from the 
fixed base case to the non-detaching SSI case and SFSI case. The shift in period of maximum 
response to higher values means that the response of the structure moves away from the 
typically higher acceleration content of an earthquake found at lower period (higher frequency) 
values. The SFSI effects of uplift and soil yielding appear to reduce the forces transmitted to the 
structure from earthquake ground shaking. 

On closer inspection of the time history of the foundation spring force-displacement results, it
was found that the first yield point (at 30% of the ultimate vertical load) was never reached in 
any of the springs. This suggests that yielding of the foundation gravel did not occur during the 
loading despite a fairly large extent of uplift occurring. It appears that the combination of uplift 
of the foundation from the supporting soil and lack of yielding of that soil may have had an 
influence in the successful performance of this multi-storey building on a shallow foundation in 
Christchurch. 
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5 CONCLUSIONS 

This paper has shown the importance of integrated numerical modelling and the consideration 
of appropriate interaction between the foundation and the underlying soil. It has also shown the 
role SFSI may have in the earthquake performance of buildings on shallow foundations.  

A widely used structural design software package, SAP2000, was used to model nonlinear 
interaction effects associated with SFSI through spring-bed modelling. Through pushover 
analysis, the spring-bed models have been shown to appropriately capture the moment-rotation 
characteristics of a shallow foundation, particularly for the case where the vertical foundation 
stiffness was distributed uniformly to the springs. Spring-bed models provide a balance between 
ease of implementation and theoretically rigorous solutions, and by assigning appropriate 
parameters and characteristics to the springs, can appropriately capture the earthquake response 
of multi-storey buildings on shallow foundations. 

It was found that uplift of the foundation from the supporting soil may have potentially reduced 
damage to an 11 storey structure on a shallow raft foundation in the Christchurch CBD during 
the Christchurch Earthquake. The maximum response of the structure was reduced when SFSI 
was considered, and the fundamental period of the structural response was shifted to higher 
values, away from the typically damaging energy content of an earthquake. This meant that 
forces transmitted from ground shaking to the structure were reduced. In addition, the analyses 
suggest that the gravels underlying this building did not yield during the large extent of uplift 
experienced, and this is likely to have also had an influence on the successful performance of 
this building. By comparing traditional fixed base and non-detaching SSI models with models 
that allow for the nonlinearities of foundation uplift and soil yielding, it was shown that SFSI 
may provide improved understanding of the observed successful earthquake performance of 
multi-storey buildings on shallow foundations. It is suggested that SFSI should not be neglected, 
may be beneficial to structural performance, and should be incorporated into assessment of the 
performance of buildings during large earthquakes to aid future earthquake resistant design. 
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ABSTRACT 

This paper aims at creating and assessing the feasibility of OpenSees-based finite element (FE) 
model used to simulate the response of a pile foundation in liquefying ground. A range of 
sources has been adopted in the definition of model components of which its validity is assessed 
against case studies presented in literature. A simple lateral load test is at first considered 
without the presence of liquefaction which confirmed that the backbone force density-
displacement (p-y) curve simulating lateral pile response is of sufficient credibility for relatively 
shallow piles. With the application of lateral spreading, the FE model produces results in 
correlation with that of a relatively simplified equivalent linear procedure in terms of pile 
displacement and bending moment. The use of a bi-linear moment-curvature relationship in 
approximation of the typical tri-linear concrete M-Φ curve was able to adequately capture the 
response of a reinforced concrete pile subject to free-field ground displacements in liquefied 
ground with a degradation factor of 0.01. 

1 INTRODUCTION 

In order to increase the seismic resistance of engineering structures, pile foundations are 
commonly used. Past disastrous earthquakes have shown evidence that structures supported by 
pile foundations performed well even when the adjacent ground liquefied. On the other hand, a 
number of pile foundations have been found to be damaged during major earthquakes due to the 
effects of lateral forces caused by soil movement associated with liquefaction. 

In this paper, a pseudo-static analysis procedure based on a beam on a nonlinear Winkler 
foundation (BNWF) concept implemented through the open source FE analysis package 
OpenSees (Open System for Earthquake Engineering Simulation) is discussed. OpenSees is 
operated by the University of California Berkeley and developed with sponsorship from the 
Pacific Earthquake Engineering Research Center. The package, which is a fully nonlinear object 
orientated computer code (Mazzoni et al. 2011), has been utilised in the simulation of pile 
foundations. Created models are validated via case studies involving both static loading and 
lateral spreading. Results indicate that such models are capable of adequately capturing pile 
responses within a range of ground conditions pertaining to soil properties and location of the 
liquefied layer.  

2 MODEL DEFINITION 
 
The finite element (FE) model implemented within OpenSees adopts a series of nodes adjoining 
pile and soil elements to represent pile behaviour. Displacement-based beam elements have 
been adopted to represent the pile while nonlinear horizontal and vertical springs act to simulate 
the soil behaviour. Zero-length spring components form the basis of p-y, t-z and q-z springs 
permitting translation of the pile in x and z directions. Horizontal responses are governed by p-y
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springs, while t-z springs act in simulating shaft friction. Additionally, the pile tip response is 
represented using a q-z spring. These springs are linked to slave nodes which are subsequently 
constrained to pile nodes via equal constraints. Forces or displacements can be imposed upon 
either the pile or fixed soil nodes emulating a range of loading scenarios. 

Figure 1. Definition of FE model implemented within OpenSees. 

The various components of the model, which is based on the work by McGann et al. (2011), are 
outlined in Figure 1. Full details of the modelling and relevant equations are available in Wang 
and Orense (2013). 

2.1 Modelling of p-y springs 
 
p-y curves form the basis in simulating the horizontal response of the soil. OpenSees requires 
definition of both the ultimate lateral resistance (  ) and the displacement at which 50% of the 
ultimate lateral resistance is mobilized in monotonic loading (   ).  

2.1.1 Definition of backbone resistance curve 

The backbone curve is modelled on formulae established by Hansen and Christensen (1961). 
The resultant pressure    (passive minus active pressure) per front area of the pile governing 
the ultimate lateral resistance in terms of depth is generalized as: 
 
    ̅                                 (1) 

where  ̅ is the effective overburden pressure and   the cohesion.     and     are parameters 
relating to pressure at an arbitrary depth and are dependent solely on the angle of internal 
friction ( ). The distribution of initial stiffness (  ) is necessary to compute the displacement 
   . For sands, this stiffness is dependent upon    and on location of the soil with respect to the 
water table. The curves specified by the American Petroleum Institute (API, 1987) are used for 
this purpose. The continuous function of the p-y relation in the form of a hyperbolic tangent 
proposed by McGann et al. (2012) is employed. 

2.1.2 Modification for influence of liquefaction 

Although dramatic reductions in initial stiffness and ultimate lateral resistance occur within 
liquefied layers, McGann et al. (2012) has shown that non-liquefied soil at the layer interface 
will also experience significant reductions in shear strength. Therefore, the reduction in    and 
   for these regions must also be accounted for. This is achieved through modifying the p-y
relationship through ratios which are functions of depth. These ratios when applied to    or   
values in their homogenous state will capture its liquefied profile. 

 

p-y spring 

t-z spring 

q-z spring 

Fixed soil node 
Slave soil 
node 
Pile node 

Equal DOF 

Pile element 
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2.2 Modelling of t-z springs 
 
The t-z relation defines the vertical response of the pile due to shaft friction. OpenSees requires 
definitions of the ultimate vertical resistance (  ) and the displacement at which 50% of the 
ultimate resistance is mobilized in monotonic loading (   ). For this purpose, the determination 
of   was based on formulae proposed by Kulhawy (1991) of which the horizontal stress down 
the pile ( ) is expressed in terms of the vertical stress. Note that as OpenSees formulates the 
ultimate resistance as a force, the stress value must be converted via multiplying it by the 
tributary length of each pile node. Computations of     requires the initial tangents based on the 
friction angle (  ). To simplify this, the tangents are founded on empirical data obtained by 
Mosher and Dawkins (2000). 

2.3 Modelling of q-z springs 
 
The q-z relation consists of a single spring located at the tip of the pile to simulate the tip 
resistance. Required definitions are the ultimate tip resistance (  ) and the displacement at 
which 50% of the ultimate resistance is mobilized in monotonic loading (   ). Meyerhof (1976)
provides formulae for the extraction of    applicable to cohesionless soils through the rigidity 
index (  ) of the soil and the bearing capacity factor (  ). 

In satisfying OpenSees requirements, the tip resistance is then computed as a force by 
multiplying the tip stress by the cross sectional area of the pile. Computation of     utilizes the 
q-z curve by Vijayvergiya (1977). The critical tip deflection (  ) is evaluated as a percentage of 
the pile diameter; the deflection at 5% of the diameter has been adopted. 

2.4 Modelling of pile foundation 

Modelling of the physical pile can be achieved via elastic sections (sections defined by material 
and geometric constraints) consisting of nodes adjoining displacement-based nonlinear beam-
column elements. The following properties are required for definition of the section: 

 Young’s Modulus
 Cross-sectional area 
 Second moment of inertia about the local z axis 
 Second moment of inertia about the local y axis (not necessary for 2D analyses) 
 Shear modulus (not necessary for 2D analyses) 
 Torsional moment of inertia (not necessary for 2D analyses) 

In reflecting a 2D analysis, pile nodes are only allowed to translate in the x-z plane while 
allowing rotation to occur about the y axis. Additionally, if yielding or cracking is expected to 
occur, a moment-curvature (M-Φ) relationship can be defined for an inelastic pile section in 
simulating its response to liquefaction effects. 

3 MODEL VALIDATION 

3.1 Vertical pile subject to inertial loading 

Implementation of the FE model commences with the simulation of a vertical pile in saturated 
sand subjected to a lateral load at the pile head. This aims at validating the accuracy of the 
backbone p-y curve which will be crucial for subsequent simulations of liquefaction and lateral 
spreading. 

Centrifuge tests conducted by Liu and Dobry (1995) on a steel pipe measuring 6.7m (22ft) 
length with a diameter of 0.381m (15in) form the basis of experimental testing. The pile was 
subjected to a lateral load ranging from 116kN (26kip) to 251kN (56.5kip) at the head.  
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The experiment was simulated for pile head loads of 116kN and 251kN within OpenSees. The 
soil was assumed a submerged unit weight of 10kN/m3 with an angle of internal friction of 30o. 
Figure 2 shows theoretical results produced from OpenSees. It can be seen that the overall shape 
of the bending moment curve is adequately captured in both cases with the location of the 
maximum negative moment being represented fairly accurately via the FE model. Moment 
magnitudes produced theoretically for the 116kN case are also consistent with that of its 
experimental counterpart. However, the model slightly overestimated the maximum negative 
moment for the 251kN case. 

Figure 2. Bending moment distribution for (a) lateral load of 116kN (26kip); and (b) 251 
kN (56.5 kip) computed via OpenSees. The experimental results were extracted from Liu 

and Dobry (1995).

3.2 Vertical pile subject to lateral spreading 

The 1995 Kobe earthquake resulted in an oil storage tank supported by 69 concrete piles 
experiencing permanent displacements due to lateral spreading of the ground of up to 55cm. 
The piles measure 45cm in diameter and extend 23 meters into the ground. One such pile in 
particular located on the rim was displaced by 40cm of which was extensively studied by 
Ishihara and Cubrinovski (2004). Additionally, the pile response for a free-field displacement of 
30cm has also been investigated. An equivalent linear analysis procedure was adopted by 
Ishihara and Cubrinovski (2004) in investigation of the pile giving displacements and bending 
moments along its depth for both ground displacement cases (Figure 3).

The soil profile consists of a 2.5m surface layer overlaying a deposit of liquefiable sand 11m 
thick. The response of the liquefied soil is characterized via an equivalent linear     function 
subject to a degradation factor,   of 0.01 and 0.001. This pressure – displacement relationship is 
held constant throughout the liquefied layer. The distribution of lateral spreading is held 
constant within the unliquefiable crust while following that of a cosine curve throughout the 
liquefied layer. 

The concrete pile section was represented via a tri-linear M-Φ relationship typical to that of a 
pre-stressed high-strength concrete pile. 
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Figure 3. Displacement and bending moment distribution computed via an equivalent 
linear method for free-field soil deflections of 30cm and 40cm (extracted from Ishihara 

and Cubrinovski, 2004).

The manifestation of lateral spreading is implemented within the FE model via two different 
loading profiles. The first replicates that adopted by Finn and Fujita (2002) which constitutes of 
an upper unliquefiable layer subject to a uniform lateral displacement along its depth. This 
displacement then reduces linearly down to zero through the liquefiable layer underlying the top 
stratum. Additionally, a displacement profile following a cosine curve has also been 
implemented for the simulation of lateral spreading within the liquefied layer. This was the 
profile considered by Ishihara and Cubrinovski (2004) and also used in a similar study by 
Bowen and Cubrinovski (2008). The profiles are shown in Figure 4 which is compared to assess 
their relative significance on the overall pile response. 

The strength of the liquefied soil was modified such that it corresponds to a degradation factor 
=0.01, as obtained by Ishihara and Cubrinovski (2004). All soil deflections are applied to fixed 
soil nodes connecting onto p-y springs. The displacements were applied via single point 
constraints and incrementally increased across 20 stages for numerical stability in forming the 
static analysis. 
 

 
Figure 4. Lateral spreading free-field displacement profiles adopted for use within 

OpenSees. 
As the maximum bending moment computed by Ishihara and Cubrinovski (2004) is 
approximately 200kNm, a bi-linear moment-curvature relationship was adopted in 
approximating the tri-linear curve. In this sense, only the first two linear sections of the M-Φ
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plot were considered. The unit weight of liquefied soil is approximated at roughly twice that of 
water (Tokimatsu, 2007). Deflection and moment distributions as computed through OpenSees 
for free-field displacements of 30cm and 40cm adopting both lateral spreading profiles are 
shown in Figure 5. 
 
It can be seen that for both free-field ground displacement magnitudes for the cosine profile, the 
pile displacement and moment profiles match results obtained by Ishihara and Cubrinovski 
(2004) for a degradation factor of 0.01 relatively well. However, the response from OpenSees 
appears to see the moment return to zero near the base of the liquefied layer at a shallower depth 
than that computed via the equivalent linear method. 
 

 
 

 
 

Figure 5. Displacement and bending moment distribution calculated via FE analysis using 
OpenSees for free-field soil deflections of 30cm and 40cm adopting both linear and cosine 

displacement profiles. 

On the other hand, use of a linear lateral spreading displacement distribution produced 
significant differences in both pile displacement and bending moment. Displacement of the pile 
is mostly linear through the liquefied layer which is also of reduced magnitude relative to the 
cosine case. In terms of the bending moment, it appears that a linear spreading profile produces 
a higher positive moment at the pile head while giving a slightly lower maximum negative 
moment. It is also interesting to note that a linear profile generate displacements and bending 
moments more closely related to that produced via the equivalent linear method for a  = 0.01.  

4 DISCUSSION 
 
4.1 Model validation 

From experimental data, the FE model has been shown to be reliable in predicting the response 
of vertical piles in non-liquefying ground. Adopting the Brinch-Hansen relation for definition of 
the ultimate lateral resistance along with corrected API values for initial stiffness thus proved 
adequate in defining a feasible backbone p-y curve representing soil behaviour. 

When investigating pile response under lateral spreading, the model appears to give consistent 
results with that derived via the equivalent linear analysis procedure. Reasons for why the 
negative moment near the base of the liquefied layer reaches zero at a slightly shallower depth 
for the OpenSees model is likely attributed to the consideration of resistance and stiffness 
degradation about the boundaries of the liquefied layer. As the equivalent linear method does 
not take this into account, the resistance near the vicinity of the liquefied deposit is likely higher 
than that predicted using the FE model. The p-y relation defined according to the Brinch-Hansen 
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and modified API procedure also observes an increase in the ultimate lateral resistance with 
depth. As this relation is effectively constant for the method adopted by Ishihara and 
Cubrinovski (2004) in any given soil layer, minor discrepancies between the two analyses are 
expected. 

Use of a bi-linear M-Φ relation representing only up to the yield point of the concrete pile 
proved adequate for this case. This is most likely due to the fact that the moments experienced 
by the pile did not greatly exceed the yield range. Hence, it was not critical to define the third 
linear gradient leading to the ultimate moment. However, if free-field displacements of greater 
magnitude were to be analysed, the FE model would likely overestimate the bending moment as 
the pile curvature extends past its point of yielding; this case would indicate pile breakage. 

4.2 Extension to raked piles 

After full-validation, the model developed has been extended to analyse the response of 
inclined/raked piles. Analysis of centrifuge tests involving single inclined piles and actual case 
histories such as the Landing Road Bridge response during the 1987 Edgecumbe earthquake 
(Wang and Orense, 2013) successfully demonstrated excellent performance of the model. 

4.3 Limitations 

Several limitations surround the proposed FE model in evaluating the performance of pile 
foundations. Firstly, the validity of vertical springs has not been fully justified through tests 
involving purely axial loads. 

5 CONCLUDING REMARKS 

A 2D BNWF finite element model to be implemented via OpenSees has been created. This 
allows for the simulation of pile foundations subject to the effects of liquefaction. The model 
has been compared against experimental data and with an alternative equivalent linear analysis 
procedure. The model can be used to analyse different scenarios involving piles subjected to 
laterally spreading soils.  

The Brinch Hansen    curve combined with the modified API distribution for    proved 
capable in simulating the behaviour of non-liquefied soil. The effects of lateral spreading due to 
soil liquefaction can be adequately incorporated using stiffness and resistance reduction factors. 
The free field soil deflection profile selected for the liquefied layer greatly affects the 
distribution of pile displacement and bending moment. Use of a linear profile produces lower 
deflections along the depth of the pile while giving larger moments at the pile head. 
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ABSTRACT 

AMETI Panmure Phase 1 Project involves construction of three bridges and a covered box in 
Auckland Volcanic Field consisting of a thin basalt cover underlain by tuff and Puketoka 
Formation alluvium. Kaawa Formation “bedrock” is at approximately 40 m depth. The 
Serviceability Limit State (SLS) has been found to be the critical state for the design of 
foundations across the site. This paper presents considerations of settlement effects on the 
bridge piles and shallow foundations. Settlement analysis using PLAXIS is discussed and is 
compared with monitoring results. 

1 INTRODUCTION 

AMETI Panmure Phase 1 Project involves the construction of a 2 km Link Road (main 
alignment) adjacent to the existing NIMT rail, upgrading of Mountain Rd over-bridge and 
Ellersie-Panmure Highway (EPH) over-bridge, and enhancement of the Panmure Rail Station 
(see Figure 1). Between the EPH and Mt Road over-bridge, the Link Road is built as a covered 
box to create a bus and rail interchange. A footbridge and a concourse are built over the existing 
rail to connect with the covered box. The upgrading of the existing EPH bridge involves the 
construction of two new bridges built immediately adjacent to each other in two stages.   

The site is located in Auckland Volcanic Field consisting of a thin basalt cover underlain by tuff 
and Puketoka Formation alluvium. Kaawa Formation sandstone is at approximately 40m depth. 
The Mt Wellington volcano is immediately adjacent to the site, from which the basalt has 
originated. The basalt varies significantly in its thickness. Excavation up to 5 m deep was 
required to build the Link Road. The remaining basalt after the excavation is approximately 3 m
thick near the southern end of the covered box and is thicker near the northern end. 

The presence of a thin basalt cover underlain by a thick layer of compressible soil complicated 
the design. Both ultimate limit state (ULS) and serviceability limit state (SLS) have been 
analysed. It is found that the SLS is more critical than ULS given an adopted SLS criterion of 
10 mm settlement. The covered box and the footbridge are on shallow foundations founded on 
the basalt. The Mt Road overbridge is on short piles which are installed into the basalt cover. 
EPH bridges and the concourse are on deep piles embedded into the underlying Kaawa 
Formation bedrock. 

This paper presents geotechnical analyses with a focus on settlement considerations in the 
design of shallow foundations and bridge piles for this part of the AMETI project. 
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Figure 1: Site aerial photo looking north (February 2013)

2 GEOLOGY AND SUBSURFACE CONDITIONS 
 
The site lies within Holocene aged Auckland Volcanic Field Basalt (GNS, 1992).  The basalt 
has originated from the nearby Mt Wellington volcano. The centre of the crater is approximately
550 meters to the north-west of the site. The Mt Wellington volcano first erupted 9300 (±150) 
years ago (Searle, 1981). The basaltic lava flowed towards the west and reached as far as 
Penrose in the south-west and Remuera in the north-west. Some lava also flowed towards the 
east and south but didn’t extend far away from the crater. The existing Panmure rail corridor 
and Ellerslie-Panmure Highway are located near the edge of this lava flow. Figure 2 shows an 
indicative Mt Wellington lava field and is inferred from the above published geology. 

 

Figure 2: Indicative Mt Wellington lava field (inferred from published geology) 
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Mountain Road 

Mt Wellington basaltic lava 
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Figure 3: Geological long section 

The geotechnical investigation results indicate that basalt exists beneath the entire site although 
its thickness varies significantly. It was found to be thickest to the north and thinning towards 
the south as shown in Figure 3. Man-made fill of varying thicknesses was encountered 
overlying the basalt. Tuff mixed with inter-bedded layers of recent alluvium was encountered 
beneath the basalt. Underlying this sequence is a thick layer of Pleistocene aged Puketoka 
Formation alluvium which overlies Pliocene aged Kaawa Formation soil and sandstone at
approximately 40 m depth. The groundwater table was found to be within 1m of the rail tracks.

3 GENERAL ASSUMPTIONS AND PARAMETERS 
 
Auckland volcanic field basalt is highly fractured and contains voids in variable size. The 
geotechnical investigation indicates that the basalt at the site is slightly to highly vesicular. 
Major vertical fractures are typically 0.5 m to 1.0 m spaced and are cross cut by horizontal 
fractures at variable depth. Although there were some lost cores during the investigation, no 
large voids were encountered. The core recovery was generally greater than 80%. The typical 
RQD value was around 60% or higher. The basalt was moderately strong to strong with a
median UCS of 50 MPa and a 20th percentile UCS of 30 MPa. The GSI was assessed to be in 
the range between 50 and 75 for the majority of basalt and occasionally in the range between 40 
and 50.  

Based on the conditions of basalt on the site, a minimum width of 2 m was recommended for 
shallow foundations in the basalt. No grouting was considered necessary for the basalt beneath 
foundations. Basalt conditions were further verified by proof bores during the construction,
which did not identify any significant voids (>300mm diameter).   

Settlement was analysed using Plaxis. For simplicity and consistence, the Mohr-Coulomb 
failure criterion was utilised for both basalt and soil. However, for the basalt, equivalent Mohr-
Coulomb parameters were converted from the Hoek-Brown failure criterion (Hoek E. et al, 
2002) taking into account rock mass quality.  

The underlying soil has a typical SPT N value of 12 for tuff and 8 for Puketoka Formation 
alluvium. Thin sand layers are present within the alluvium. Oedometer consolidation tests on 
samples from 9 m to 12 m depth showed that the volume compressibility coefficient (mv) was in 
the range between 0.1 and 0.2 m2/MN. The ratio of soil modulus between rebound and 
compression was assessed to be 6 to 12.  

Excavation induced rebound was modelled and was assumed to have occurred prior to the 
reloading/recompression. Rebound and recompression were assumed to be linear elastic 
corresponding to higher stiffness. The above oedometer tests of soil were used to develop a ratio
of Young’s modulus between rebound/recompression and inelastic compression. Parameters 
adopted for Plaxis settlement analyses are summarised in Table 1.
 

EPH 
Mountain Road 

Basalt 

Fill 

Tuff mixed with recent 
alluvium Puketoka Formation 

North 
South 
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Table 1: Parameters for Plaxis settlement analyses 

Material 
type

Bulk 
density 
(kN/m3)

Young’s Modulus (MPa)

C'
(kPa)

Ф'
(˚)

Poisson's 
ratio

Dilation
(˚)Rebound & 

Recompression
Inelastic 
Compression

Basalt 27 3450 3450 3540 40 0.3 10

Tuff 18 150 15 2 31 0.3 0

Puketoka 
soil

18 100 10 2 29 0.3 0

The consolidation analysis was also analysed using Plaxis. A coefficient of permeability of 
2.2×10-5 m/day (2.5×10-10 m/s) was adopted for the Puketoka Formation cohesive soil. A thin 
sand layer was applied in the middle and at the bottom of the cohesive soil. Based on the 
analysis, it was considered that a three-month period should be allowed for the settlement to 
occur. This was used as a general guidance in the construction program, e.g. the timing of 
installing roof beams of the covered box.  
 
4 ANALYSES 
 
4.1 EPH/RTN Bridges 
The upgrading of the existing EPH rail over-bridge was required for the rail electrification and 
the construction of the new AMETI Link Road (i.e. main alignment). Two new bridges were 
built immediately adjacent to each other and were constructed in two stages. The existing EPH 
was widened on both southern and northern sides, but mainly towards the northern side in order 
to create the Rapid Transit Network (RTN). To keep the traffic running, the upgrading was 
undertaken in two stages. During the first stage, the existing EPH was partially demolished to 
build the RTN bridge on the northern side while the traffic was maintained on the remaining 
EPH. At the second stage, after the RTN bridge and its approaches were completed, the traffic 
was diverted to the RTN and the remaining EPH was then demolished for construction of the 
new EPH bridge. 

Each of these two bridges has two spans (25m and 29m). To increase the clearance over the rail 
for electrification, fill up to 3.5 m high was placed above the existing road for the EPH bridge 
approach embankment. On the northern and southern sides, fill up to 7 m high was placed in 
order to widen the road. The bridge abutment is not perpendicular to the deck but is skewed at 
67º to the deck. The skewed width of the two bridges is 52 m for the eastern abutment and 61 m 
for the western abutment. The Plaxis model for the settlement analysis is shown in Figure 4 for 
the eastern abutment. 

Figure 4: Plaxis model for settlement analysis (EPH/RTN eastern abutment) 
(Only part of Puketoka Formation soil is shown) 
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In addition to the construction of the abutments, an area near the southern end of the west 
abutment is to be landscaped involving filling up to 7m high in the stage 2 after the EPH bridge 
is built. This has been included in the analysis for the western abutment (not shown). A
summary of the calculated settlement is shown in Table 2. 

Table 2: RTN/EPH abutment calculated settlement 
                      Location 

Construction Stage

East abutment West abutment

RTN EPH RTN EPH

Stage 1: RTN construction 40 mm 25 mm 20mm 15 mm
Stage 2: EPH and 
landscape construction 30 mm 35 mm 40 mm 55 mm

Total settlement 70 mm 60 mm 60 mm 70 mm

The settlements at the abutments are taken to be 60% of the settlements obtained from the 
Plaxis analyses as the 2D model is for an infinite length while the abutments are at the edges of 
the approaches which have a limited length only.  

The influence of the landscape fill is ignored for the east abutment, but is taken into account for 
the west abutment. For the west abutment, the future backfilling to the west of the covered box
is also considered in the modelling. (Note: the western wall of the covered box abuts the 
northern end of the west abutment of RTN.) 

It should be noted that due to the excavation between the east and west abutments, the ground 
near the abutments undergoes mainly elastic re-compression while the ground away from the 
abutments undergoes more inelastic compression. However, this combination of the soil 
behaviours cannot be modelled in a 2D transverse cross section model (note: excavation area is 
between the two abutments and is more on the western side). For the results given in Table 2,
the ground is assumed to undergo fully inelastic compression. For the extreme case assuming 
the ground is in fully elastic re-compression, analyses indicate that settlements are 
approximately 50% lower.  

Bridge piles for RTN/EPH were installed into the Kaawa formation. There is a risk that 
approach embankment settlements may induce negative skin friction to the piles of the east and 
west abutments. Although the risk is considered to be relatively low, it was considered prudent 
that this be considered in the design and construction of bridge piles (excluding the piles for the 
central piers). As it was assessed that the settlement would occur within approximately three 
month, either a three-month preload time should be allowed for the approach embankment prior 
to the pile construction or the negative skin friction be considered in the pile design. Due to the 
tight construction program, the latter option was selected. 

Other considerations include settlement effects on the RTN approach embankment due to the 
staged construction. A surcharging loading was recommended to preload the RTN. Otherwise it 
was considered to be likely that the RTN pavement would need to be reshaped following the 
construction of EPH. During the construction, no preload was undertaken in order to speed up 
the construction.  

At the completion of RTN, a maximum settlement of 15 mm was obtained at the RTN eastern 
abutment. The settlement became stable within 1.5 to 3 months. At the time of preparing this 
paper, the EPH construction (i.e. stage 2) had not been completed. No further settlement 
monitoring results were available for discussion in this paper. 

4.2 Mountain Road Bridge 
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The Mountain Rd bridge has two spans (23m and 17.5m). Piles were installed in basalt. The 
thickness of basalt below the piles is at least 3 m. The tuff layer at the Mountain Road is at least 
7 m in thickness (thicker than RTN/EPH sites). The top-down construction method was adopted 
for this bridge. The piles and bridge deck were constructed first and the excavation was 
undertaken later from underneath the bridge. 

The Plaxis model for settlement analysis is shown in Figure 5. The working load per pier is 
6050 kN at Pier A, 8000 kN at Pier B and 7420 kN at Pier C. In addition to the working loads, 
excavation and the new filling road were taken into account in the settlement analysis by 
modelling the top-down construction sequence. The maximum calculated settlement is 16 mm
at Pier A, 8 mm at Pier B and 6 mm at Pier C. The maximum differential settlement is about 
1/2000. (Note: this bridge was open for traffic in late 2012. No settlement monitoring 
information was available.) 
 

 

Figure 5: Plaxis model for settlement analysis (Mountain Rd Bridge) 
(Only part of Puketoka Formation soil is shown) 

 
4.3 Panmure Covered Box (PCB) 

The construction of PCB involved excavation of basalt/basaltic fill up to 5 m deep. The box is 
exposed on the eastern side while it is buried on the western side with new fill above the 
existing ground (see Figure 6). This results in the requirement of the western wall foundation 
being larger than the eastern wall foundation mainly due to the retention design. Settlement 
considerations include: 

 A settlement criterion (i.e. 10 mm) was adopted for the shallow foundation design; 
 A three-month settlement period was recommended for the new fill at the western wall 

prior to the installation of roof beams. 

The analysis allows for an initial linear elastic recompression (apparent elastic only) and 
subsequent inelastic compression when the loading is over a limiting pressure. It is assumed that 
this limiting pressure is such that the footing pressure is spread at an angle of 45˚ through the 
basalt layer and generates a uniform pressure of 120 kPa at the top of the underlying soil. Plaxis 
analyses were undertaken for 3 m and 7 m wide footings. The settlement was assessed to be less 
than 10 mm for the following pressures: 

 360 kPa for 3 m wide footing (eastern side) 
 200 kPa for 7 m wide footing (western side) 

The existing ground to the west of the box was about 1.5m to 2.5m below the finished roof level 
of the box. The backfilling would result in a differential settlement of about 10 mm between the 
eastern and western footings of the covered box. Although the calculated differential settlement 
was considered to be small for normal structures, the settlement was largely localised to the 
western side. It was considered it might cause stress concentration in the box structure and in 
the pavement near the western footing. Therefore, it was recommended that a settlement period 
of three month be allowed prior to the construction of the roof structure of the box. This 
recommendation was followed during the construction. The roof structure was installed 
following the recommended settlement period.  
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The monitoring results show that the fill-induced settlement became stable within 
approximately two month corresponding to a maximum settlement of 8 mm. 

Figure 6: Plaxis model for settlement analysis (Panmure Covered Box) 
(Only part of Puketoka Formation soil is shown) 

5 CONCLUSIONS 

The following conclusions have been drawn based on the design, proof bores and construction 
monitoring: 

 The basalt left after the excavation is approximately 3 m thick and is underlain by tuff 
and alluvium up to 40 m deep; 

 Basalt across the site is moderately strong to strong. Vertical fractures are typically 
spaced at 0.5 m to 1.0 m. Proof bores and original investigation didn’t identify any 
voids larger than 300 mm in diameter in basalt; therefore no grouting was required for 
the shallow foundations of the covered box; 

 Rebound/recompression behaviours of soil have significant effects on settlement. The 
settlement prediction has been found accurate if rebound/recompression behaviours are 
modelled (e.g. the covered box); 

 The construction of RTN/EPH approach embankment has not been completed. The 
current monitoring results show that the actual settlement is close to the lower bound of 
the prediction which corresponds to fully elastic re-compression behaviours of soil; 

 It has been found that settlements at the site can become stable within three month or 
less. This is consistent with the Plaxis analysis; 

 A settlement criterion of 10 mm was adopted for the foundation design which has been 
found to govern the design. 
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ABSTRACT 

Work is currently underway to update the NZTA Bridge Manual (BM) based on recent 
advancements in bridge design practice in New Zealand and worldwide, and also the NZTA’s 
experience on the performance of bridges during the Canterbury earthquakes. In the current 2nd 
edition of the BM various geotechnical design requirements are included in a number of 
different sections of the Manual. In the new 3rd edition, a new section,  Section 6 “Site 
Stability, Foundations, Earthworks and Retaining Walls” now combines most of the 
geotechnical design requirements and deals with geotechnical design of bridges and other 
highway structures; natural cut and fill slopes as well as mechanically stabilised earth structures 
and retaining walls. The proposed amendments include the use of unweighted peak ground 
accelerations (PGAs) for the assessment of soils’ potential for liquefaction and lateral spreading; 
recommendations on the assessment of liquefaction potential of soils and soil – structure 
interaction under seismic conditions; design strategy for bridge foundations on liquefiable sites; 
soil testing techniques; categorisation of retaining structures and slopes in terms of their 
importance level; more detailed minimum post-earthquake performance standards; no collapse 
requirement under a greater than design event seismic loads; maximum allowable seismic 
displacements for walls and slopes and additional design requirements for geosynthetic-
reinforced soil structures. Early next year this work will be further complemented by results 
from a NZTA Research Project to develop design guidelines for bridges and other highway 
structures located on sites prone to liquefaction and lateral spreading, which is currently 
underway. 

1 INTRODUCTION 

NZTA manages and develops New Zealand’s state highway system. The BM provides design 
standards and performance expectations for the design of bridges and highway structures. Work 
is currently underway to prepare a new 3rd edition of BM based on recent advance in bridge 
design practice in New Zealand and worldwide, and also the NZTA’s experience of the 
performance of bridges during the Canterbury earthquakes. In the current 2nd edition of the BM
various geotechnical design requirements are included in a number of different sections of the 
Manual: Section 2: “General Requirements” covers site investigations, influence of bridge 
approaches;  Section 3 “Design Loading” deals with earth loads, settlement, subsidence and 
ground deformation; Section 4: “Analysis and Design Criteria” gives recommendations on  
loads for foundations and earth retaining systems, design standards including  strength reduction 
factors and factors of safety, foundation capacity, requirements for anchors, embankments and  
cuttings, construction control, liquefaction and ground improvement. 
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In the new 3rd edition, Section 2 “Design - General Requirements” gives classification of 
importance level and recommends annual probabilities of exceedance for storm, floodwater and 
earthquake actions for bridges, retaining structures and earth slopes (depending on their 
importance category).  Section 5 “Earthquake Resistant Design of Structures” specifies seismic 
performance and design requirements for structures. A new section, Section 6 “Site Stability, 
Foundations, Earthworks and Retaining Walls” now combines most of the geotechnical design 
requirements and deals with the geotechnical design of bridges, other highway structures; and 
natural cut and fill slopes as well as retaining walls and mechanically stabilised earth structures. 

The new edition of the BM has been developed by Opus International Consultants with inputs 
from GNS Science, and in consultation with and for NZTA. Peer review inputs were provided 
by a number of New Zealand consulting companies during the development of the amendments. 
This paper highlights key changes in the structure and content of the BM relating to 
geotechnical engineering. The new edition of the BM was issued for industry use in early June 
2013. 

2 CATEGORISATION OF BRIDGES, RETAINING STRUCTURES AND EARTH SLOPES 

In Section 2 of the new edition of the BM, bridges, earth retaining structures and earth slopes 
are categorised into four different importance levels, with Level 1 being low importance and 
Level 4 being high importance. Depending on the level of importance, annual probabilities of 
exceedance for wind, snow, floodwater and earthquake actions are assigned. Retaining 
structures and earth slopes affecting route security, and retaining structures and earth slopes 
providing protection to adjacent property are considered separately. Similar classifications are 
given for bridge structures and earth retaining structures associated with bridges. Both, the 
structure and non-structural elements are required to remain undamaged following wind, snow 
and flood events up to an SLS 1 event, and the bridge or earth retaining structure should remain 
operationally functional for all traffic during and following flood events up to an SLS 2 event. 
SLS 1 and SLS 2 events are serviceability limit state events defined by the specified annual 
probabilities of exceedance.  Seismic performance requirements for bridges and retaining walls 
associated with bridges are given in Section 5 of the BM and are presented in Table 1, where Ru

is the return period factor for the ultimate limit state. 

Table 1:  Seismic performance requirements 

Earthquake 
severity

Minor earthquake 
Return period factor = 

    

Design level earthquake
Return period factor = 

  
(ULS event)

Extreme earthquake
Return period factor = 

     

Post-earthquake 
function -
immediate

No disruption to traffic Usable by emergency 
traffic

Usable by emergency 
traffic after temporary 
repair

Post-earthquake 
function – after 
reinstatement

Minimal reinstatement 
necessary to cater for 
all design-level actions

Feasible to reinstate to 
cater for all design-level 
actions, including a
repeat design-level 
earthquake

Capable of permanent 
repair, but possibly with 
reduced load capacity

Acceptable damage Damage minor Damage possible; 
temporary repair may be 
required 

Damage may be 
extensive; collapse is 
prevented

Effects of the design ULS seismic displacement on any affected structures should be  assessed 
and compared against the performance criteria for these structures specified in the BM.
Allowance should be made for the cumulative displacement arising from at least two design 
ultimate limit state seismic events occurring in sequence. 
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3 SERVICEABILITY LIMIT STATE FOR SOIL STRUCTURES 

In addition to the ultimate limit state conditions, serviceability limit state requirements have 
been introduced for soil structures. These requirements include the following:  

 Where the serviceability of structures (bridges, major culverts, major sign gantries, etc.) is 
dependent on, or influenced by associated or adjacent soil structures, the soil structures 
should be designed to ensure that their performance does not deleteriously affect the 
structure from satisfying its serviceability requirements. 

 All soil structures associated with roads should remain undamaged following earthquake 
events with an annual exceedance probability of 1/25. The operational continuity of routes 
should not be significantly impeded following earthquake events of relatively high annual 
exceedance probabilities.  

 The road controlling authority should be consulted and should define the operational 
performance expectations for the section of road to be designed, taking into consideration 
the redundancy in the regional road network, and the resilience required for the proposed 
road to ensure the desired functionality of the road network. This should provide the access 
resilience expectations in terms of degree of access required on the road after different 
levels of events and the time for restoration of access. The following default values are 
provided in the absence of such considered definition: 
 1/100 for routes of importance Level 3 and 4 as identified in the BM; 
 1/50 for routes of importance Level 2, being a route not falling into other levels; 
 1/25 for minor routes of importance Level 1, being no exit or loop rural roads, not 

serving a through route function and serving populations of < 50. 
(These annual probabilities of exceedance correspond approximately to “Minor 
earthquakes” in Table 1.) 

Based on the seismic performance requirements expressed in Table 1, operational continuity has been 
defined as:: 

 full live load capacity is maintained 
 vehicle access is restorable within 24 hours 
 any necessary repairs should be of such a nature that they can be completed within one 

month 

4 DESIGN EARTHQUAKE LOADING FOR SOIL STRUCTURES 

The term “soil structures” used in the new edition of the BM combines cut and fill slopes 
(including stabilised slopes), embankments, and earth retaining structures (including  
Mechanically Stabilised Earth). In NZS 1170.5:2004 duration of shaking (related to earthquake 
magnitude) is accounted for implicitly within the design PGA values by a procedure of 
magnitude weighting, whereby earthquake sources of magnitude M less than 7.5 are given 
lower weighting in computing the site spectra because the duration of shaking and thus damage 
potential is reduced for lower magnitude earthquakes. Where design procedures require specific 
input values for magnitude M (e.g. all common liquefaction assessment procedures), the value 
M = 7.5 is normally adopted if values of PGA from NZS 1170.5:2004 (NZS, 2004) are used. 
However, given that the performance of soils, earth structures, slopes and retaining walls exhibit 
a step-wise behaviour (where a critical acceleration results in liquefaction and/or a sudden loss 
of stability, i.e. dramatic change in behaviour), use of these values may be unconservative. A lot 
of geotechnical design procedures such as, for example, assessment of liquefaction potential of 
soils, use the magnitude scaling factor. Therefore, it would be more appropriate to use 
unweighted PGA and expected magnitude of the design seismic event. In the new edition of the 
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BM, unweighted PGAs have been adopted. Based on recommendations developed by GNS 
Science, the unweighted PGAs are derived for the relevant return period as follows: 

For site subsoil classes A strong rock, B rock and C shallow soil site: 

             
  
       

For site subsoil classes D deep or soft soil and E very soft soil: 

                   
  
      ((         

  
   )      )

     
, where 

        = 1000 year return period PGA coefficient for a Class A or B rock site derived from 
Figure 1A, developed by GNS Science; 

   = return period factor at the ultimate limit state derived from Section 2 of the BM and from 
NZS 1170.5 table 3.5 (Standards NZ, 2004); for a 1500 year return period    is recommended 
to be taken as 1.5; 

 = site subsoil class factor, where  = 1.0 for a Class A strong rock or Class B rock site; 
 = 1.33 for a Class C shallow soil site. 

Figure 1: (A) - Unweighted peak ground acceleration coefficients,        , corresponding 
to a 1000 year return at a subsoil class A or B rock site (B) - Effective magnitudes for use 
with unweighted peak ground accelerations (1000 year return period) 

The earthquake magnitude should be derived for the relevant return period from the figures 
showing contours of magnitudes developed by GNS Science and included in Section 6 of the 
BM. An example image of the magnitude contours is shown on Figure 1B. The effective 
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magnitudes presented by Figure 1B have been derived from the NZS 1170.5 hazard analysis 
results for the overall set of earthquakes affecting each location by inverting the PGA magnitude 
weighting equation on which the magnitude weighted PGAs presented in NZS 1170.5 are based. 
In addition, to ensure robust designs, a minimum nominal earthquake load has been specified 
for zones of low seismicity. As a lower bound, the effects to be designed for should not be taken 
to be less than those due to a 6.5 magnitude earthquake at 20km distance from the project site, 
for which the recommended peak ground acceleration coefficients have been specified. 

5 EARTHQAUKE SCENARIOS AND SITE SPECIFIC SEISMIC STUDIES 

At any given site the actual seismic hazard based on a probabilistic seismic hazard analysis may 
vary from the hazard specified in Section 6. In the new edition of the BM the need for site 
specific studies is governed by understanding of seismic hazard, consequences of failure, 
importance level of bridges, retaining walls and earth slopes and project cost. Dependent on the 
value of the project, soil structures and earthworks to be designed for earthquake resistance, a 
site specific seismic hazard study should be undertaken as a special study, as follows: 

 less than $3 million – a site specific study is not required 
 $3 million to $7 million – a site specific study is advisable 
 more than $7 million – a site specific study is mandatory (values at December 2012) 

Where the site is comprised of potentially liquefiable materials, NZTA may instruct the 
designer to carry out a site specific seismic hazard study for projects with values of less than $7 
million, especially for soil structures with Importance Levels 3 and 4. 

Where site specific seismic hazard studies are undertaken, deaggregation of seismic hazard 
should be carried out and individual sources contributing the most to the seismic hazard of the 
site should be considered. The PGA and magnitude values representing realistic ground motions 
that could actually occur at the site due to known active faults in the area should be used in the 
assessment of liquefaction. This process may yield more than one magnitude-PGA pair for 
liquefaction analysis in some areas of New Zealand. Each magnitude-PGA pair should be 
evaluated individually in the liquefaction analysis. If liquefaction is estimated for any given 
magnitude -PGA pair, the evaluation of that pair should be continued through the slope stability 
and lateral deformation evaluation processes. 

Also, the stability of the supporting ground to bridge structures (either slopes or retained 
ground) should be such as to ensure that the collapse of bridge structures should be avoided 
under a maximum considered event (MCE) with a peak ground acceleration of 1.5 times the 
maximum design peak ground acceleration derived as above. 1.5 is the margin between MCE and 
ULS generally inherent in the NZS 1170.5 spectra and applied in deriving site specific spectra A map of 
New Zealand displaying magnitudes of MCE has been prepared by GNS Science and included 
in the new edition of the BM. 

6 SLOPE AND LAND STABILITY IN EARTHQUAKES 

Potential slope instability and displacements should be assessed using geotechnical principles, 
as follows. The factor of safety against instability should be assessed using conventional slope 
stability analysis with load and strength reduction factors of one, and the relevant earthquake 
accelerations. Average groundwater conditions or maximum tide levels should be assumed for 
this assessment. If the factor of safety is less than 1 and the failure mechanism is not brittle 
(such as in rocks where the initiation of failure could substantially reduce the strength of the 
materials), then the critical ground acceleration at which the factor of safety is one should be 
assessed using large strain soil parameters consistent with the likely displacements due to 
earthquake shaking. The displacement likely at the design ULS seismic response, and under the 
MCE event associated with bridge collapse avoidance, should be assessed using moderately 
conservative soil strengths consistent with the anticipated strain and a Newmark sliding block 
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displacement approach. Displacements may be assessed using the methods described in 
Geotechnical earthquake engineering practice, module 1 – Guideline for the identification, 
assessment and mitigation of liquefaction hazards (NZGS, 2012) using  relevant peak ground 
accelerations, and the distance to the dominant earthquake sources in the area. Where a 
Newmark sliding block method is applied, the 84th percentile displacement should be derived 
for ULS events and 50th percentile for MCE events. Due to substantial discrepancies in 
displacements predicted by different methods, at least three different commonly accepted 
methods for the assessment of the displacement should be used and the range of predicted 
displacements (rather than a single value) should be used in the design process. The effects of 
the design ultimate limit state seismic response displacement on any affected structures, should 
be assessed, and compared against the performance criteria specified in the BM. Allowance 
should be made for the cumulative displacement arising from at least two design ULS seismic 
events occurring in sequence. 

7 LIQUEFACTION AND GROUND IMPROVEMENT 

The new edition of the BM requires that liquefaction of saturated predominantly cohesionless 
soils (generally sands and loose sandy gravels) and cyclic softening of clays and plastic silts 
during strong earthquake shaking be  taken into consideration in the design of structures, 
including highway bridges and their approaches, retaining walls and embankments. Where 
liquefaction susceptible soils containing gravels are present and static cone penetration tests and 
standard penetration test results can be influenced by gravel particles, the use of in-situ shear 
wave velocity tests is now recommended. It is also recommended to consider the use of 
dynamic triaxial tests if the potential for liquefaction or cyclic softening is uncertain but is 
critical to the performance of a significant structure. 

The design should mitigate the risks associated with potential damage to the highway and 
associated structures from liquefaction, cyclic softening or site instability, through ground 
improvement or provision of sufficient strength and / or ductility in the structures to resist 
liquefaction and site instability effects, so that the performance requirements of the BM are 
achieved, unless agreed with the road controlling authorities to be impractical or uneconomic. 
It is recognised that ground improvement is costly. On some NZTA projects the cost of ground 
improvement has been higher than the cost of the bridge structures. Where liquefaction or cyclic 
softening problems are identified as potentially causing lateral spreads that may damage the 
structure, the following options should be considered: 

 For new structures: relocate the structure to another less vulnerable site. This option 
should be considered at the concept design stage. If the risk of liquefaction or cyclic 
mobility is identified for a proposed route, alternative routes with better ground 
conditions at structure sites should be considered. 

 For new and existing structures on liquefiable sites: soil- structure interaction analysis 
should be undertaken to determine whether the deformation and load capacity of the 
foundation/structure system is adequate to accommodate the ground deformation 
demands without collapse (assuming no ground improvement) in the ultimate limit state 
earthquake and can meet performance criteria in the serviceability limit state 
earthquake; and where the foundation/structure system is found to be inadequate the 
most cost-efficient of the two following options should be used: 

– foundation/structure system should be strengthened to accommodate and 
withstand the predicted liquefaction and related ground deformation demands; 

– ground improvement should be undertaken to reduce the liquefaction  
potential of the soils and minimise the ground displacement to acceptable 
levels. 
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This analysis will require close interaction between the structural and the geotechnical designers 
and should be undertaken in accordance with ATC/MCEER Liquefaction study report 
guidelines (ATC/MCEER, 2003) or similar methodology approved by the road controlling 
authority. The ATC/ MCEER methodology requires that pile pinning effect and associated 
reduction in lateral displacement be taken into account in the analysis of the bridge abutments. 
Where ground improvement is specified by the structure designer, the road controlling authority 
will require the designer to submit evidence of ground improvement optimisation analysis in 
accordance with this methodology. For projects where the cost of ground improvement is more 
than $1 million (price at December 2012), consideration should be given to the use of inelastic 
time history finite element analysis of soil - foundation - structure interaction to optimise the 
extent of ground improvement. Our experience indicates that where the stiffness of the bridge 
structure is taken into account, substantial cost savings can be achieved due to reduction in the 
extent of ground improvement. For design and construct type projects on sites prone to 
liquefaction, cyclic mobility and/or lateral spreading, optimisation of ground improvement 
should be carried out at the stage of specimen design and clear requirements should be included 
in the Principal’s Requirements for the project.

Early next year the BM will be further complemented by results from a NZTA Research Project 
to develop design guidelines for bridges and other highway structures located on sites prone to 
liquefaction and lateral spreading. This research project is being currently carried out by Opus, 
University of Auckland and University of Canterbury. 

8 FOUNDATIONS 

The new edition of the BM recommends to use the strength reduction factors  derived using the 
risk based methodology set out in section 4.3of AS 2159. The strength reduction factors adopted 
for bearing capacity of shallow foundations should be taken as Øg = Øgb, where Øgb is the basic 
geotechnical strength reduction factor from AS 2159 and Øg should not exceed a maximum 
value of Øg = 0.6 for all load combinations. An exception to this is when engaging in capacity 
design for earthquake resistance, in designing for actions arising from yielding of elements 
developing their overstrength, when higher strength reduction factors, up to Øg = 0.75, may be 
adopted. Strength reduction factors adopted, for both shallow and piled foundations, should not 
exceed a maximum value of Øg = 0.75, regardless of whether static, dynamic, or gravitational 
loading, or seismic loading induced by overstrength capacities developing are being considered. 

The foundations should not compromise the seismic performance of the superstructure (i. e. 
above foundation level structure). The foundations must be capable of transmitting the largest 
feasible actions to the supporting soil, and the soils must be capable of resisting the pressures 
applied by the foundations, otherwise the intended seismic response of the superstructure cannot 
eventuate. For structures designed using capacity design principles, the capacity of the footings, 
piles or caissons should be such that deformations developed in the supporting soil under 
actions corresponding to the over-strength of the superstructure are limited in terms of their 
magnitude, so that the intended seismic response of the superstructure can eventuate. In general, 
foundation systems should be designed to preclude foundation failure, or uplift of an entire 
foundation element, at loadings corresponding to yielding of the earthquake energy dissipating 
elements, taking concurrency effects into account where applicable. Where it is intended to 
allow the rocking of foundations, inelastic time history analyses should be performed to study 
the structure’s behaviour and bearing areas within the foundation should be so proportioned as 
to protect the soil against excessive plastic deformations that would be difficult to predict and 
which may result in premature misalignment of the otherwise undamaged superstructure. 

9 OTHER ADDITIONS 

A number of additional requirements for geosynthetic soil reinforcement have been added. Most 
of these requirements are based on the design guidelines for geosynthetic-reinforced soil 
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structures (Murashev, 2003). Also, a brief section on the design of geofoam (polystyrene) road 
embankments has also been added. The requirements of this section are consistent with the 
following documents: 

 Guidelines for geofoam applications in slope stability projects, Final Report for Project 
No. 24-11(02), National Cooperative Highway  Research Programme, Transportation 
Research Board of the National Academies, US, 2011 

 Guideline and recommended standard for geofoam applications in highway 
embankments, Report No. 529, National Cooperative Highway  Research Programme, 
Transportation Research Board, Washington DC, 2004 

 Geofoam applications in the design and construction of highway embankments, 
National Cooperative Highway Research Program, NCHRP Web Document 65 (Project 
24-11), Transportation Research Board of the National Academies, US, 2004 

10 CONCLUSIONS 

The NZTA BM has been updated based on recent advancements in bridge design practice in 
New Zealand and worldwide, and also the NZTA’s experience on the performance of bridges 
during the Canterbury earthquakes. A new Section 6 “Site Stability, Foundations, Earthworks 
and Retaining Walls” now combines most of the geotechnical design requirements. More 
detailed and updated geotechnical design criteria have been introduced. As a result, uniformity 
of geotechnical design standards applied on NZTA projects will be improved and better 
resilience of the road network should be achieved. The new edition of the BM emphasises the 
importance of communication between geotechnical and structural designers and encourages 
soil – bridge structure interaction analysis to optimise design solutions and to reduce the extent 
of ground improvement through more detailed analysis and/or through NZTA accepting higher 
risk where appropriate. 
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ABSTRACT 

In 2009, Environment Canterbury initiated a series of district-by-district ‘desk-top’ reports that 
provides an overview of the locations and key characteristics of active faults and folds. Each 
report appends a GIS map dataset of active faults and folds. The primary input is fault and fold 
layers from the 1:250,000-scale national geological map GIS database (QMAP). Limitations of 
QMAP active fault/fold data include: (i) generalised linework with positional accuracy 
commonly ~250 m; and (ii) no distinction between known active faults versus faults suspected 
to be active on the balance of evidence. We addressed these limitations with new GIS attributes
‘Surface form’ (whether well expressed, moderately expressed, not expressed or unknown) 
which quantifies how easily one could map a particular active fault or fold feature at site-
specific scales, and ‘Certainty’ (whether definite, likely, or possible) which signifies whether a 
mapped active fault/fold feature is known or suspected. Because most active faults/folds in 
Canterbury lack paleoseismological data, we developed a method for estimating the average 
recurrence interval for surface-rupture deformation events (RI) based on many assumptions but 
which is balanced by assigning large uncertainty terms. The RI affords linkage to risk-based 
planning guidelines for development on or close to active faults. These district-wide active fault 
datasets aid land-use planning, hazard identification, emergency response and recovery 
planning. Although still of insufficient accuracy to support fault rupture avoidance zonation, the 
datasets are intended to raise awareness that fault rupture hazards may warrant consideration for 
land parcels on or close to the mapped active faults/folds. 

1 INTRODUCTION 

An expression of the tectonic plate boundary bisecting New Zealand is a broad zone of active 
fault deformation in general proximity to the main plate boundary dislocation1. Much of the 
Canterbury region lies within this broad zone of active faulting (Fig. 1), which means that 
tectonic hazards, including locally-centred large earthquakes, ground-surface fault rupture 
deformation (Fig. 2), and phenomena generated by earthquake-shaking such as strong ground 
motions, landsliding and liquefaction, are significant natural threats within Canterbury.  

                                                 
1 In New Zealand, an active fault is commonly defined as one that has undergone a ground-surface-
rupturing earthquake within the past ~125,000 years. 
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Figure 1:  Location map of the Canterbury region and its territorial authority districts, 
along with active faults from the New Zealand Active Faults Database (NZAFD); white 

stars denote photo locations in other diagrams. Inset shows the wider tectonic setting, with 
major elements of the Australian-Pacific plate boundary through New Zealand, the Alpine 

Fault (AF), Puysegur Subduction Zone (PSZ) and Hikurangi Subduction Zone (HSZ) 

Environment Canterbury (ECan) is a local government authority (regional council) responsible 
for the sustainable management of the air, water and land resources of the Canterbury region 
(Fig. 1). ECan’s statutory duties include measures to avoid or lessen the consequences to people 
of natural hazards, and assisting communities to prepare for civil defence emergencies.  

In 1997, ECan initiated a multi-year major earthquake hazard and risk assessment programme 
(Kingsbury et al, 2001; Pettinga et al, 2001). Major contributors to this commissioned research 
have included University of Canterbury (UC) and the NZ Government-owned earth science 
research institute, GNS Science. These research results were collated in various ways, through 
reports and journal papers (e.g. Stirling et al, 2008), and compilation of geological map and 
active fault GIS databases by UC and ECan. The GNS Science 1:250,000-scale (QMAP) 
regional geological maps for the Canterbury region were compiled between the late 1990s and 
late 2000s (e.g. Cox & Barrell, 2007; Forsyth et al, 2008). The QMAP active fault and fold 
compilation built upon previous work, including UC and ECan information, but also involved 
new mapping and interpretation. QMAP information in turn has fed into the New Zealand 
Active Faults Database (NZAFD).  

In order to update their active fault datasets, in 2009 ECan commissioned GNS Science to 
produce the first in a series of desk-top reports characterising active faults, on a district-by-
district basis. Each report provides a synthesis of active fault information, as up-to-date as 
possible, pitched towards technical users as well as the interested public. Reports have been 
completed for Ashburton District (Barrell & Strong, 2009), Mackenzie District (Barrell & 
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Strong, 2010), Hurunui District (Barrell & Townsend, 2012), Selwyn District (Barrell, 2013) 
and Waimakariri District (Barrell & Begg, 2013). Reports for remaining districts (Fig. 1) are 
scheduled for completion by 2015-16. 

 
 
Figure 2:  A strike-slip fault offset produced by the Greendale Fault rupture during the 4th

Sept. 2010 Darfield Earthquake. The rupture here comprised a ~40 m wide zone of diffuse 
fractures and broad folding. The total right-lateral ground shift was ~4.5 m, and the south 

side (near the camera) was bulged up by about 1 m (Quigley et al, 2012). Before the 
rupture, the road was straight and ground was flat (Photo: D.J.A. Barrell, 5th Sept. 2010). 

2 INFORMATION SOURCES AND LIMITATIONS 

The main data input to the fault characterisation reports is the QMAP GIS dataset on geological 
faults and folds. The QMAP dataset is based on all previous work available at the time of 
compilation. One of the strengths of the QMAP dataset is its regionally-consistent scope and 
scale, but this comes with a disadvantage that the lines depicting faults and folds are necessarily 
generalised for presentation on 1:250,000-scale maps, where 1 cm on the map represents 2.5 km 
on the ground. This means that the QMAP lines cannot be assumed to have positional accuracy 
of any better than ~250 m on the ground. The QMAP dataset also carries a stated limitation 
precluding its use for any purpose requiring site-specific information. Fault-rupture hazard 
avoidance zonation (Kerr et al, 2003) is undoubtedly one such site-specific activity. The scale 
problem is readily appreciated if one considers that a QMAP fault location is accurate to ~250 
m, a one-hectare land parcel has a 100 m by 100 m extent, and a commonly recommended fault-
rupture hazard avoidance set-back is 20 m. Another difficulty is that QMAP faults are classified 
either as active or inactive. No distinction is made between known active faults versus faults 
that are suspected to be active on a balance of available evidence; both are classified as ‘active’. 
This further limits the utility of QMAP active fault information for delineating fault-related 
hazards: can one justify defining avoidance set-backs from a suspected active fault whose 
existence is yet to be proved at that location?  

In places the QMAP dataset distinguishes active folds (where the ground has been buckled) 
such as monoclines, from active faults (where the ground is offset across a discrete shear or 
zone of shears). For the district-by-district syntheses, we therefore took the step of 
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distinguishing active folds as well as faults (Figs. 3 & 4), because active folds pose potential 
hazards, notably in regard to important infrastructure such as hydroelectric or irrigation canals. 

 
 
Figure 3:  The Ostler Fault Zone is characterised by deformation that varies in character 
and expression. This westward view shows a definite, well expressed fault scarp ~2 to 3 m 
high (solid line at its base), as well as a smaller fault scarp ~0.5 m high (dashed line) 10 to 
14 m in front of the main scarp. In addition, there is a large monoclinal fold (definite, well 
expressed) several metres high (curved arrows) on the upthrown side of the fault. Photo: 

D.J.A. Barrell, illustration from Barrell & Strong (2010). 

3 ADDITIONAL DATA COLLECTION AND REPORT PRESENTATION 

In order to enhance the information attached to each mapped fault or fold feature sourced from 
the QMAP GIS dataset, we added three additional attribute fields to the GIS dataset; 
• ‘Name’, a local name for each fault/fold, even if it has not previously been named, to aid the 

description and discussion of the tectonic feature; 
• ‘Certainty’ (definite, likely, or possible); and 
• ‘Surface form’ (well expressed, moderately expressed, not expressed or unknown).
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Figure 4:  A map illustration of the nature and distribution of active tectonic features in 
the Waimakariri District (see Fig. 1 for district location). After Barrell & Begg (2013). 

These attributes are described further in Section 4. For each district report, we reviewed existing 
information, and took account of new information that had arisen since the QMAP compilation 
was done. In places we undertook further examination of imagery, including aerial photographs,
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Google Earth and, in the Waimakariri District, lidar data, to add to, and improve upon, the 
QMAP interpretations. In several places we detected hitherto unidentified active faults or folds, 
notably in the Hurunui District (Barrell & Townsend, 2012).  

These amendments were incorporated in the district-specific GIS datasets that are appended to 
each report. To ensure that the active fault and fold information is accessible to as wide an 
audience as possible, the reports are written in plain English, with key technical terms 
explained. The Hurunui report (Barrell & Townsend, 2012) included a substantial number of 
additions and several revisions to the QMAP datasets, and we initiated an Appendix section that 
provides a commentary on the basis of our interpretations for each fault, and we have continued 
this practice in subsequent reports. In setting out our personal observations (generally 
unpublished) from prior fieldwork, and subsequent interpretations from aerial imagery during 
report preparation, we provide an audit-trail of our interpretations, that should be of benefit to 
any future investigations of these tectonic features. All the completed reports are freely 
accessible from the Environment Canterbury website www.ecan.govt.nz using the search term 
‘earthquake fault information’. 

4 FAULT CHARACTERISATION

We have characterised the active tectonic features via the new attributes for each mapped 
feature (Name, Certainty and Surface form), but also by way of a general categorisation of each 
named fault/fold entity (e.g. View Hill Fault Zone, item ‘9’ in Figure 4), in terms of average slip 
rate (SR) and the average recurrence interval for ground-surface rupture events (RI).  

The ‘Certainty’ attribute is a measure of how confident we are that a mapped feature is, in fact, 
an active fault or fold. There are three alternative terms: ‘definite’ means that there is no doubt 
about the feature’s tectonic origin; ‘likely’ means that the feature is probably tectonic, although 
other explanations cannot be entirely ruled out (e.g. a river-erosional origin); and ‘possible’ 
means that there are some indications of the existence of a tectonic feature, but present evidence 
does not justify it being called an active tectonic feature at this stage. The ‘Surface form’ 
attribute is intended to aid in any future site-specific investigations. There are four alternative 
terms: ‘well expressed’ means that we think the feature would be locatable to better than ±50 m;
‘moderately expressed’ means that it is likely the feature would be locatable to better than ±100
m; ‘not expressed’ means that the feature is not evident at the ground surface and would require 
detailed subsurface investigation to locate, while ‘unknown’ is self-explanatory.  

Each named fault/fold entity commonly includes many individually-mapped fault and fold 
features, as illustrated via the ‘Certainty’ attributes of definite, likely and possible, in Figure 4. 
For each named fault/fold entity, the district report provides a tabulation of deformation 
characteristics. A major challenge of this project was to derive representative and regionally-
consistent deformation values for each fault/fold entity, especially because few have been 
subject to paleoseismological investigation. RI is a useful way of expressing the degree of 
activity of a fault, and RI values provide a straightforward way to compare the activities of 
different faults across districts or regions. RI is also a key parameter in the Ministry for the 
Environment (MfE) guidelines addressing planning for development of land on or close to 
active faults (Kerr et al, 2003). Those guidelines provide a risk-based methodology for 
development planning, especially in regard to construction of buildings close to active faults. 
However, RI is difficult to estimate without detailed geological data. In our Canterbury project, 
for faults/folds lacking previously-obtained RI data, we have employed a RI estimation method 
targeting fault- or fold-deformed river-plain or river-terrace landforms whose age is estimable 
from regional geological knowledge. Our first step is to assume that each surface-rupture event 
involved a 2-m displacement (single event displacement – SED). We then divide the estimated 
age of the river terrace (e.g. 18,000 years) by the size of the fault offset on the terrace (e.g. 5 m), 
and then multiply by the SED (2 m). In this example, the calculated RI is 7,200 years. Mindful 
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of the substantial assumptions underlying this calculation, we applied a nominal 67% 
uncertainty to the RI value which, in this example, amounts to ±4,824 years. Thus, in this 
example, we assign a RI in the range of ~2400 to ~12,000 years. At face value this range seems 
large but in fact it allows for each of our estimates to be incorrect by only modest margins (e.g. 
if age, offset and SED are actually 15,000 years, 7 m & 1 m respectively, RI = ~2140 years).   

5 IMPLEMENTATION 

Although the district-wide active fault GIS datasets are too generalised to use directly for fault 
avoidance zonation, they signal the possible existence of potential hazards that can then be 
examined more closely on a case-by-case basis, should the need arise. Canterbury has many 
active faults but most of the region is sparsely-populated rural land. The expense of undertaking 
detailed mapping and avoidance zoning for every active fault would be prohibitive, and the 
relevance of doing so would be questionable. ECan’s approach of low-resolution district-scale 
fault mapping for the entire region is done in the context of the risk-based principles of the MfE 
guidelines, and highlights areas where active faults may be a hazard needing consideration. In 
some areas, where active faults with relatively short recurrence intervals lie close to existing or 
likely future development (e.g. the Ostler Fault Zone near Twizel (Fig. 2), and the Ashley Fault 
Zone near Rangiora (Fig. 4)), ECan has commissioned detailed fault mapping and fault 
avoidance zonation (www.ecan.govt.nz, search word <earthquake fault information>). 

The district-wide active fault/fold information datasets are relevant to local government 
authorities, and owners/operators of major utilities (e.g. water, electricity and sewage 
reticulation), transport networks (road, rail and air), community facilities (e.g. schools and 
hospitals) as well as economically-vital infrastructure (e.g. irrigation schemes). The datasets 
should not be used for site-specific purposes, especially fault avoidance zonation, but rather are 
intended to raise awareness that fault rupture hazards may warrant consideration for land parcels 
on or close to the mapped active faults/folds. The reports and datasets offer a knowledge 
foundation that should aid future site-specific investigations, such as detailed mapping of fault 
locations, or the gathering of paleoseismological data to quantify RIs more precisely.  

6 CONCLUSIONS 

There are still many uncertainties in regard to the mapped active faults in Canterbury, notably 
that while many specific faults, or parts of faults, are definite (i.e. conclusive evidence for their 
existence), many others are simply suspected (likely) to be active faults. Moreover, very few 
faults are mapped with sufficient accuracy to support fault rupture avoidance zonation, and 
furthermore very few faults have an accurately defined RI. 

The ECan active fault characterisation reports outline the general state of knowledge in regard 
to active fault/fold hazards across the Canterbury region. The information is intended to be 
applied to matters of land-use planning, the general identification of hazards to buildings, 
lifelines and infrastructure, and emergency response and recovery planning. It is important that 
all users appreciate the limitations of regional-scale datasets, in particular that datasets such as 
these should not be used to control site-specific (e.g. land-parcel scale) activities. Instead, the 
datasets highlight areas where tectonic-related geotechnical hazards should be considered.  

REFERENCES 

Barrell, D.J.A. & Strong, D.T. (2009) General distribution and characteristics of active faults 
and folds in the Ashburton District, mid-Canterbury. GNS Science 
Consultancy Report 2009/227; Environment Canterbury Report No R09/72. 

296



297

N
ew

 Z
ea

la
nd

 G
eo

te
ch

ni
ca

l S
oc

ie
ty

 In
c.

 1
9t

h 
S

ym
po

si
um

, Q
ue

en
st

ow
n 

20
13

G
E

O
LO

G
Y

/H
Y

D
R

O
G

E
O

LO
G

Y

 
 
 

Barrell, D.J.A., Jack, H., Gadsby, M., Strong, D.T., Van Dissen, R.J., Litchfield, N.J., Townsend, 
D.B. & Begg, J.G. (2013).  

Characterisation of active faults in the Canterbury region: a tool for risk-based minimisation of fault 
surface-rupture hazards to communities and infrastructure 

 

 

Barrell, D.J.A. & Strong, D.T. (2010)  General distribution and characteristics of active faults 
and folds in the Mackenzie District, South Canterbury. GNS Science 
Consultancy Report 2010/147; Environment Canterbury Report No R10/44.  

Barrell, D.J.A. & Townsend, D.B. (2012)  General distribution and characteristics of active 
faults and folds in the Hurunui District, North Canterbury. GNS Science 
Consultancy Report 2012/113; Environment Canterbury Report No. R12/39. 

Barrell, D.J.A. (2013)  General distribution and characteristics of active faults and folds in the 
Selwyn District, North Canterbury. GNS Science Consultancy Report 
2012/325; Environment Canterbury Report No. R13/27.

Barrell, D.J.A. & Begg, J.G. (2013)  General distribution and characteristics of active faults and 
folds in the Waimakariri District, North Canterbury. GNS Science 
Consultancy Report 2012/326; Environment Canterbury Report No. R13/28. 

Barrell, D.J.A. et al (2011)  Strike–slip ground–surface rupture (Greendale Fault) associated 
with the 4 September 2010 Darfield Earthquake, Canterbury, New Zealand. 
Quarterly Journal of Engineering Geology and Hydrogeology 44: 283–291. 

Cox, S.C. & Barrell, D.J.A. (2007)  Geology of the Aoraki area. Institute of Geological & 
Nuclear Sciences 1:250,000 Geological Map 15. Lower Hutt, New Zealand. 

Forsyth, P.J. et al (2008)  Geology of the Christchurch area. Institute of Geological and Nuclear 
Sciences 1:250,000 Geological Map 16. Lower Hutt, New Zealand. 

Kerr, J. et al (2003)  Planning for development of land on or close to active faults: A guideline 
to assist resource management planners in New Zealand. Ministry for the 
Environment, July 2003. ME Report Number: 483. 

Kingsbury P.A. et al (2001)  Earthquake hazard and risk assessment study for the Canterbury 
region, South Island, New Zealand: outline of programme development. 
Bulletin of the New Zealand Society for Earthquake Engineering 34: 276-
281. 

NZAFD. New Zealand Active Faults Database, maintained by GNS Science. Accessible at 
www.gns.cri.nz; search term < Active Faults Database > 

Pettinga, J.R. et al (2001)  Earthquake source identification and characterisation for the 
Canterbury region, South Island, New Zealand. Bulletin of the New Zealand 
Society for Earthquake Engineering 34: 282–317. 

Quigley, M. et al (2012)  Surface rupture during the 2010 Mw 7.1 Darfield (Canterbury) 
earthquake: implications for fault rupture dynamics and seismic-hazard 
analysis. Geology 40: 55-58.

Stirling, M. et al (2008)  Seismic hazard of the Canterbury Region, New Zealand: new 
earthquake source model and methodology. Bulletin of the New Zealand 
Society for Earthquake Engineering 41: 51–67. 

297



298

N
ew

 Z
ea

la
nd

 G
eo

te
ch

ni
ca

l S
oc

ie
ty

 In
c.

 1
9t

h 
S

ym
po

si
um

, Q
ue

en
st

ow
n 

20
13

Begg, J.G., Jones, K.E, Rattenbury, M.S. & Ramilo, R. (2013) 
3D geological and geotechnical models of the Christchurch urban area   
Proc. 19th NZGS Geotechnical Symposium.  Ed. CY Chin, Queenstown 

 

 

3D geological and geotechnical models of the Christchurch urban area 
 
J G Begg 
GNS Science, Lower Hutt, NZ.  
j.begg@gns.cri.nz (Corresponding author) 

K E Jones 
GNS Science, Lower Hutt, NZ 
katie.jones@gns.cri.nz

M S Rattenbury 
GNS Science, Lower Hutt, NZ
m.rattenbury@gns.cri.nz

R Ramilo 
GHD, Wellington 6015, New Zealand 

Keywords: Christchurch, subsurface materials, geotechnical models, CPTs, Holocene 
stratigraphy, Springston Formation, Christchurch Formation 

ABSTRACT 

Subsurface geotechnical data are now more widely used in geological and ground engineering 
practise. Following the 4 September 2010 Mw7.1 Darfield Earthquake c. 1540 Cone 
Penetrometer Test (CPT) soundings were collected to investigate variation in materials beneath 
Christchurch City. GNS Science’s publicly-funded urban geological mapping project has used 
these CPT data with surface geological information to create 3D geotechnical and geological 
models of Christchurch City’s subsurface. 

CPT soundings are well distributed through the urban area with an average separation of c. 
130 m. Probe depths range from < 2 m to 45 m, averaging c. 15 m. Raw data (usually recorded 
every 1 cm) include tip resistance (qc), sleeve friction (fs) and dynamic pore pressure (u1). These 
depth normalised equivalents and soil behaviour type index (SBTn) have been modelled 
providing a primary suite of geotechnical models. Other data derivatives have been modelled, 
but because their calculation involves a range of assumptions, they are considered less reliable. 
SBTn point data and models compare well with post-earthquake borehole lithological logs 
except they under-represent distribution of gravel units.  

The 3D volumes depict the distribution of Holocene materials and their physical properties and 
provide insights into stratigraphy beneath Christchurch and paleogeographic relationships.
Springston Formation consists of variable non-marine materials and is divided into upper and 
lower members by the stratigraphically intervening silty sand and sandy silt of the Christchurch 
Formation, a Holocene marine unit. Resolution of these 3D geotechnical models is about 100 m 
laterally and 0.2 m vertically. 

1 INTRODUCTION 
 
Ground damage in Christchurch city incurred during the 2010-2012 Canterbury Earthquake 
sequence has been a huge cost to the social and financial fabric of New Zealand. While a 
considerable volume of scientific work had accumulated on earthquake hazards in the 
Christchurch region during the last fifty years, there seemed little likelihood of the extreme 
levels of ground shaking experienced, particularly during the 22 February 2011 earthquake. The 
social and financial costs provide a testament to the need for better understanding of materials 
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and their properties beneath the city. This paper reports on work undertaken to provide such 
information, and suggests some potential uses in the rebuilding of the city.  

2 URBAN GEOLOGICAL MAPPING 
 
Geological maps of cities and areas of high density population play a critical role in the design 
and planning of building and network infrastructure as well as management of subsurface 
resource such as groundwater and aggregate. Historically geological maps have been essentially 
two-dimensional representations of near-surface rock and sediment distribution. Information on 
subsurface variation was commonly depicted with cross sections, drillhole data results and 
structure contours to specific layers. Rapid improvements in three-dimensional modelling 
software in the last decade, coupled with much more powerful computing hardware have made 
3D geological modelling practicable and useful. Critical to building good quality 3D geological 
models are the availability of detailed well-spread subsurface data. 

3 GNS’S URBAN GEOLOGICAL MAPPING PROJECT 
 
Prior to the 4 September 2010 Mw7.1 Darfield Earthquake a new core-funded project was in the 
planning stages to provide high resolution geological information on New Zealand’s urban 
centres. The rationale for undertaking this work is that urban centres are areas of dense 
population and high investment in commercial and residential buildings and infrastructure. In 
this project, surface geological information is being combined with available subsurface data to 
provide the best possible three dimensional geological representation of distribution of 
materials, their properties, associated hazards and resources in New Zealand’s urban 
environments.  

The destructive Darfield Earthquake and its subsequent aftershock sequence, including the 
devastating Mw6.2 22 February 2011 event and the Mw6.0 13 June 2011 and Mw5.8 23 
December 2011 earthquakes are collectively known as the Canterbury earthquake sequence 
(CES; Bannister & Gledhill 2012). The CES re-prioritised efforts towards Christchurch as the 
first target for new urban geological mapping. Since the Darfield Earthquake huge amounts of 
drillhole and geotechnical data have been collected in the Christchurch urban area, and this 
paper reports on modelling some of these data. 

We used geotechnical data to build a series of models to understand better the spatial 
distribution of soil materials and their properties within about 45 m of the ground surface. This 
zone is by far the most important in understanding the engineering, surface hazard and 
hydrogeological environments of Christchurch and data are far denser and more reliable here 
than for the underlying materials.  

4 GEOLOGY OF CHRISTCHURCH
 
Previous studies (Suggate 1958; Suggate 1963; Brown & Wilson 1988; Brown & Weeber 1992; 
Wilson 1973, 1976) have established a Quaternary stratigraphy for the Christchurch area. The 
geological units of particular relevance to this work are, from oldest to youngest, the Riccarton 
Gravel, Christchurch Formation and Springston Formation. The Riccarton Gravel is Last 
Glacial in age (70 - 12 thousand years) and consists primarily of alluvial gravel and minor sand, 
silt and peat. It was primarily deposited by a braided river system with an abundant supply of 
indurated sandstone (“greywacke”) rock clasts. The top of the Riccarton Gravel forms the base 
of the materials that are the main focus of this paper.  

A wedge of Christchurch Formation comprising Holocene marine and marginal marine sand, 
silty sand and silt underlies most of Christchurch City from the coast as far west as Addington 
Racecourse and the western side of Hagley Park (Figure 1). Christchurch Formation is overlain 
by the upper part of the Springston Formation, mostly distal alluvial sand and gravel, overbank 
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silt and peat deposits of Holocene age (12 thousand years to the present day). Springston 
Formation lies immediately beneath the surface as far east as Burwood, Avondale and Wainoni,
east of which Christchurch Formation immediately underlies the surface. A wedge of 
Springston Formation, here referred to informally as the “lower Springston Formation” 
probably underlies Christchurch Formation, at least locally, from the coast to the western extent 
of Christchurch Formation, and beyond. Lower Springston Formation overlies Riccarton Gravel 
where it is present. 

The current focus of the urban geological mapping project is to build a three dimensional 
geological model for the Christchurch urban area by unifying understanding of the surface 
materials, the shallow sub-surface materials and the deeper sub-surface materials. A range of 
different techniques are used to provide information on various aspects of the geological model, 
but the focus of this paper is on describing development of geotechnical models derived from 
CPT data.  

5 GEOTECHNICAL MODELLING
 
5.1 Cone Penetrometer Test data 

A total of 1539 CPT soundings collected for the Earthquake Commission as part of the initial 
phase of investigations following the Darfield Earthquake are included in the geotechnical 
modelling presented here. These were acquired by several contracted companies and we assume 
they were collected using standard methods recommended by equipment suppliers. 

Figure 1: A schematic diagram oriented west-east illustrating the relationships between 
Holocene materials and Last Glacial Riccarton Gravel beneath Christchurch City. The 

dips and azimuths of formational boundaries are estimated from CPT point data. 
Formations are attributed with generalised depositional environments and the horizontal 
blue dashed line represents sea level. While the vertical axis is not necessarily linear, there 

is a vertical exaggeration of ~100x. 

The modelled volume extent was limited to an area buffered by 500 m around closely spaced 
CPT collars. In this 123 km2 study area the minimum distance between CPT collars is < 1 m, 
maximum c. 560 m, average c. 130 m and standard deviation is c. 80 m (Figure 2A-D). Isolated 
clusters of CPTs in Hoon Hay, Taitapu, Southshore, Redwood, Casebrook, Spencerville, 
Brooklands, Kainga, Kaipoi and The Pines were modelled separately (Figure 2A). Refusal 
depths for CPTs, where soundings meet harder material and cannot be pushed further, vary 
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spatially, with shallower refusal in the west (minimum 0.46 m) and deeper refusal in the east 
(up to c. 45 m depth). The average depth of refusal across the whole data set is c.14.6 m (Figure 
3). For a number of soundings in the central business district (CBD), following refusal at 
shallow depths, holes were drilled through gravel horizons and soundings resumed from the 
base of these units. 

Figure 2: A) The spatial distribution of CPT collars and modelled areas. Yellow polygons 
are defined by the 500 m buffer zones around data points, and illustrate the lateral extents 
of the geotechnical models. The red points indicate the 1539 CPT soundings incorporated 

within the geotechnical models. B) Detail of the extent and CPT density (yellow points) 
within the largest modelled area, Christchurch City. Red areas are mapped liquefaction 
associated with the Darfield and Christchurch earthquakes. Dark red areas experienced 

liquefaction in both events. C) The separation between neighbouring CPT collars is 
illustrated in this histogram; the average (yellow), median (red) and 1 standard deviation 

(blue) values are indicated. D) Map illustrating the density of CPTs across the 
Christchurch City area. Contours are in 10 CPTs/km2 intervals. 

Most soundings were conducted down a back-filled hand-dug hole up to 1.5 m deep (average c. 
1.1 m) to ensure clearance from infrastructure. This upper zone (pre-drill zone) is excluded from 
the modelled geotechnical volumes. Below the pre-drill zone, readings at each interval (mostly 
at 1 cm intervals) are for cone tip resistance (qc), sleeve friction (fs) and dynamic pore water 
pressure (u). 

C 
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5.2 Data processing 

Data strings for each CPT sounding were standardised (CPT_id, NZTM_E, NZTM_N, Depth, 
qc, fs and u) and imported into CLiq software (GeoLogismiki) where normalised derivative 
values (normalised cone resistance qt; friction ratio Rf; soil unit weight γ; fine content FC; in 
situ total overburden stress σvo; in situ pore pressure u0; effective overburden stress σ’vo; non-
normalised soil behaviour type index Ic-SBT; soil behaviour type from non-normalised qc and fs
SBT;  soil behaviour type from normalised qc and fs Ic, SBTn; Cn; normalised friction ratio n; 
normalised cone resistance based on stress exponent n Qtn;  Fr and  normalised pore pressure 
ratio Bq) were calculated. These derivatives, along with a CPT identifier (CPT_ID), depth, 
measured parameters (qc, fs and u) and selected derivative values qt, γ, σvo, u0, σ’vo and the Qtn
columns were then imported into a proprietary spreadsheet (built by R. Ramilo) where 
calculated derivative values (soil behaviour type index Ic; normalised cone penetration 
resistance qc1N; normalised equivalent N60 (N1)60; angle of internal friction ϕ; undrained shear 
strength Su; and effective Young’s modulus E’) were appended.

With an average of 1336 measurements per sounding the assembled CPT dataset consisted of 
2,056,568 records of location, depth, raw measurements and their calculated derivatives. 
Duplicate soundings (two soundings in the same location) were removed and the assembled data 
was then filtered to identify the distribution of extreme and unreasonable data. Table 1 provides 
information on excluded values. The vertical distribution of suspect data for each sounding was 
checked manually during the filtering process and significant blocks (> c. 1 m thickness) of 
suspect data were removed. The final dataset for modelling comprises 2,055,122 lines, 
representing a discard rate of about 0.0007 %.

Table 1: Filtering and inclusion criteria for CPT data input to modelling process. 

Field Inclusion criteria
qc (MPa) No –ve values; acceptable range: 0 to 100
fs (kPa) No –ve values; acceptable range: 0 to 600
u -ve values > -100; acceptable range: -100 to 3000
qt (MPa) No –ve values; acceptable range: 0 to 100
Qtn No –ve values; acceptable range: 0 to 500
Γ No –ve values; acceptable range: 10 to 25
σvo (kPa) No –ve values; acceptable range: 0 to 1500
u0 (kPa) No –ve values; acceptable range: 0 to 1000
σ’vo (kPa) No –ve values; acceptable range: 0 to 1000
Ic No –ve values; acceptable range: 0 to 10
qc1N No –ve values; acceptable range: 0 to 1000
(N1)60 No –ve values; acceptable range: 0 to 300
Φ’ (°) No –ve values; acceptable range: 10 to 70
Su (kPa) No –ve values; acceptable range: 0 to 5000
E’ (kPa) No –ve values; acceptable range: 0 to 500000

  

5.3 Data modelling 

The selected 3D modelling software, Leapfrog Geo® supports importing, display and modelling 
of large numerical datasets. Display of colour-coded point data allows assessment of the 
coherence and continuity of materials and their properties through different raw data, 
normalised raw data and derivative values. We used these displays to define the geometry of 
Holocene materials beneath Christchurch City (Figures 1 & 4). The upper pre-drill zone was 
modelled as a volume of no information. Deeper CPT refusals are sub-planar in distribution and 
are assumed to represent the uppermost Riccarton Gravel (see Figure 2).  
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The modelled geometry was imposed by very gently dipping correlation ellipsoids (parameters 
illustrated in Figure 1) but otherwise the normalised measured data and derivative data were 
modelled independently. Of the models generated during this work, some can be regarded as 
primary models (e.g. raw data qc, fs and u0, normalised raw data, qc1N, Qtn, and Ic_SBTn) and 
these are considered to have good reliability. Others, more distant from the raw data ((N1)60, ϕ, 
su, γ, σvo, u0, σ’vo and E’) have significantly less reliability and are considered no further in this 
paper. 

5.4 Geotechnical models 

Any of the Leapfrog Geo® numerical model volumes can be sliced along any plane, disclosing 
variation in the modelled parameters. Sounding data points can be displayed on screen and 
checked against modelled volumes, and this provides a first level of quality control. Sliced 
volumes provide vertical cross sections that can be checked against borehole logs for further 
validation. Serial slices along horizontal or gently dipping surfaces reveal lateral changes in 
geotechnical properties with depth.  

Figure 3: A) The depth distribution of all 1539 CPT soundings that underpin the 
geotechnical models. The solid black points mark the collar elevation of each sounding and 
the hollow circle marks the refusal depth. Soundings are projected onto an east-west plane 
through Christchurch; Taitapu is on the left and the coastline on the right. B) Plan view of 

A 

B C 
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the distribution of selected deeper CPT refusals shown in A) distributed across the model 
extent (grey) and assumed to represent the upper surface of the Riccarton Gravel 

(confirmed by drillhole logs). C) A slightly downward oblique view looking north showing 
the base of deep CPT soundings (red points) used to define the top surface of the 

Riccarton Gravel (dark surface). Relative levels in 50 m intervals are shown on the left 
and vertical exaggeration is 100 times. 

Volumes built in Leapfrog Geo® can be used to generate synthetic CPT soundings, which, 
although smoothed and generalised through the modelling process, should replicate the general 
form of actual CPT soundings. To test the validity of the models and for quality assurance, 
synthetic CPT soundings were generated for some locations of soundings that were not included  
in the modelling (TC3 investigations of EQC). Comparisons indicate that the synthetic CPTs 
derived solely from the models are broadly similar to real CPT measurements. 

Materials correlated with upper Springston Formation are highly variable both laterally and 
vertically. CPT SBTn models compare well with borehole logs indicating variable materials 
comprising sand, gravelly sand, silty sand distal alluvial deposits, overbank silt and silty sand 
and swamp deposits. However, SBTn data fail to realistically convey the extent of gravel 
materials within the upper Springston Formation. To alleviate this problem, borehole records of 
gravels, particularly beneath and west of the Christchurch CBD, have been modelled to provide 
information on their lateral and vertical distribution. The base of the upper Springston 
Formation is represented in soundings as a marked change from variable material properties to 
more homogeneous material properties, usually at or immediately below the present day sea 
level.  

The geotechnical models are a useful research tool to better understand the materials and their 
properties to a depth of up to 40 m beneath Christchurch City, and are a precursor to building a 
geological model. Although the models may contribute useful generalised spatial information 
on expected soil properties to engineers, their use at the site specific scale is inappropriate. 

Figure 4: Point data from CPTs in the New Brighton-Southshore area colour coded by 
normalised cone resistance, Qtn. Colour codes: Qtn 0-15, red; 15-30, pink; 30-60, orange; 
60-100, yellow; 100-150, light green; 150-200, bright green; 200-300, dark green; and 300-
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500, blue. Stratigraphy is clearly visible as colour banding. Vertical exaggeration is 100 
times, and the view is oblique from above, looking about SW. 

 
6 CONCLUSIONS 

Geotechnical data collected from CPT soundings across Christchurch City since the 4 
September 2010 Darfield Earthquake provides dense, high quality information on the 
composition and geotechnical properties of subsurface materials. A significant process of 
standardisation of data is important as a precursor to modelling it. Point data displayed in 3D 
software provides quantitative information on the geometry of materials across the area. This 
geometry can be preferentially applied to the modelling process to produce the most realistic 
geotechnical models. Modelling of normalised raw data provides an accurate geotechnical 
understanding of subsurface materials and their properties at a scale of c. 100 m laterally and c. 
0.2 m vertically. 

Derivative geotechnical values can be modelled in a similar way, although confidence in these 
models is significantly less than for models of raw and normalised raw data due to inferences 
inherent in calculation of these derivatives. 

These geotechnical models are useful for achieving a broader understanding of materials 
beneath Christchurch City, but they do not provide an alternative to site specific investigation 
for building and development purposes.
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ABSTRACT 
The Torlesse composite terrane is an important geological unit in Canterbury, New Zealand. It 
consists of a large group of rocks which exhibit a range in engineering geological condition 
between locations. Four sites throughout Canterbury were selected for mapping to represent all 
three Torlesse terrane types and a range of regional fault settings. Observed trends in the field 
data were used to develop a classification framework based on a series of rock mass classes that 
describe blockiness and defect structure conditions. Blockiness is defined by bedding thickness 
and density of non-systematic jointing (fractures) while defect structure is defined by the 
combination of systematic discontinuities such as persistent jointing and shearing. Individual 
outcrops were assessed using the classification and a total of eight distinctive rock mass types 
were derived for the four sites mapped. Major controls on rock mass conditions were found to 
be lithostructure and proximity to major and regional scale fault zones. Sub-dividing proposed 
tunnel alignments by rock mass type will allow assessment on tunnelling parameters such as 
support measures, equipment specification, advance rates, groundwater inflows and so on.   

1 INTRODUCTION 
Torlesse Composite Terrane is a dominant rock unit in the geology of New Zealand, particularly 
in Canterbury, and as such is encountered in many engineering projects. Despite widespread 
distribution there is relatively little description in the literature on the engineering geology of 
the Torlesse, especially for the assessment of mechanised tunnelling. Past work by Read et al. 
(2000), Richards and Read (2007), Read and Richards (2007) and Stewart (2007) typically 
address New Zealand greywacke rock mass characterisation and classification, where strength 
and structure has been examined mainly for input into failure criteria. To further existing 
knowledge to the application of tunnelling, this study undertook to characterise the range of 
engineering geological conditions in the Torlesse exposed in Canterbury to help assess the 
geological controls on tunnel selection, specification and design. 

An outcome of the study includes a framework for the classification of Torlesse rock mass 
conditions. This conceptual classification is based on trends analysed from mapping data 
collected from four sites across a range of terrane types and regional structural locations in 
Canterbury. It differs from existing classifications such as Read et al. (2000) where 
lithostructure, specifically the lithological control on bedding spacing and density of short, 
discrete non-systemic jointing, is emphasised together with the occurrence of systematic
defects. It is anticipated that as more data is collected from future studies the classification can 
be improved to assist engineering design of tunnels.  
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2 GEOLOGICAL SETTING 
The Torlesse composite terrane rocks of New Zealand comprise indurated fine to medium 
grained, poorly sorted, sub-angular quartzo-feldspathic interbedded sandstone and mudstone 
(Cox and Barrell, 2007, Mortimer, 2004). The proportion between sandstone and mudstone 
range substantially between localities (Richards and Read, 2007). The mudstone beds are 
typically more susceptible to deformation and as a result significant layer parallel shearing 
(termed Broken Formation by Rattenbury et al. (2006)) and boudinage is common. Tectonically 
the Torlesse rock mass has undergone extensive deformation in the exhumation, uplift and more 
recently formation of the modern day plate boundary (Pettinga et al., 2001). Read and Richards 
(2007) discuss low persistence jointing dominates the rock mass (>90%) with ~80% terminating 
against other defects. They go on to discuss defect spacing between 60-200mm with planar 
smooth to planar rough surfaces. Infilling is reported as inactive clays (Read and Richards, 
2007, Stewart, 2007). Torlesse sandstone intact strengths are high with UCS averaging 
~160MPa in comparison to mudstone UCS averaging 70MPa (Stewart, 2007).  

The Torlesse is sub-divided into two terrane types, distinguished by age, and a third sub-terrane 
(Figure 1). The older Rakaia terrane is the largest by area (Cox and Barrell, 2007). It is widely 
deformed and monotonous (Mortimer, 2004). The Pahau terrane is the youngest and is separated 
from the Rakaia terrane by the third (sub) terrane in the study region, the Esk Head Belt. The 
Esk Head Belt is described as a zone of more sheared rock dominantly comprising Rakaia and 
Pahau Torlesse (Rattenbury et al., 2006). The sandstone in the Pahau has a slightly lighter 
colour and induration than the Rakaia terrane ((Forsyth et al., 2008, Rattenbury et al., 2006). 

3 DATA COLLECTION AND STUDY APPROACH 

3.1 Study sites  
Four study areas, the Elliott Fault, Hurunui River, Ashley River Gorge and Opuha Dam, were 
selected on the basis of obtaining representation across the suite of Torlesse (Figure 1). The four 
sites were chosen to represent all terrane types, metamorphic facies and structural styles.  

Figure 1: Torlesse terrane and study sites. Data sourced and modified from Rattenbury et 
al. (2006), Nathan et al. (2002), Forsyth et al. (2008) and Cox and Barrell (2007).  

3.2 Methodology 
Prior to field work a desktop study was carried out in association with a landscape lineation 
study to develop 1) a conceptual geological model at each site and 2) field mapping sheets to 
provide a check list to ensure consistency of information collected between outcrops and sites. 
Information recorded on the mapping sheets included weathering, intact strength,  defect type 
and orientation, bedding fabric, defect roughness, spacing, persistence, aperture, infill type, 
strength, thickness and moisture according to NZGS (2005). Bedding thickness, degree of 
fracturing, defect waviness (ILA – inter-limb angle and wavelength), defect end condition and 
termination parameters were collected according to PSM internal documents (2010) which are 
variably based on ISRM (1978). Outcrop lithology was observed including colour, lithology and 
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grain size. Sampling for lab testing was carried out on selected outcrops to obtain a
representation of rock mass characteristics and spatial extent across the entire study site. 

In this study a differentiation has been made between defects which can be described as 
systematic and non-systematic based on their relative persistence (ISRM, 1978) and their ability 
to form defect sets. Non-systematic joints are short, discrete and generally of random 
orientation. In this study they are differentiated as fractures from persistent joints that form sets. 
Terminology for describing bedding thickness and degree of fracture are defined in Table 1.  

Table 1: Left: Bedding thickness (PSM, 2010); right: Degree of fracture (PSM, 2010) 

4  CLASSIFICATION 
Field data were plotted to identify trends. Trends were analysed and common characteristics 
grouped together to form a series of rock mass classes which combined form a conceptual 
classification diagram. Plotting of individual outcrop on the classification enabled clusters to be 
identified indicative of the Torlesse rock mass for the purpose of assessing geological and rock 
mass controls. An objective of the classification is to characterise the variability in condition. 
Observations show the mudstone has consistent thin bed thickness, is fragmented and contacts 
with sandstone are typically sheared. The sandstone makes up a larger portion of the rock mass 
by volume and displays a higher degree of variability in condition. The classification attempts to 
capture variability in the sandstone while incorporating the typical mudstone characteristics.  

4.1 Conceptual classification system 
Rock mass condition was divided into two categories: blockiness and defect structure (Table 2). 
Blockiness describes the shape and size of blocks defined by bed thickness and fracture density. 
Thicker bedding was generally associated with a better quality rock mass. Where bed thickness 
decreased, fracture density generally increased. Bedding distribution is closely related to 
lithology where bed thickness decreased as the proportion of mudstone to sandstone increased.
As such lithostructure appears to be a major control on rock mass condition in the Torlesse. 

Defect structure describes the occurrence of systematic jointing and localised to regional scale 
faulting. The best rock mass typically had little to no faulting and is controlled by persistent 
(>2m long) jointing. As the level of shearing and faulting increased, the occurrence of 
persistent, systematic jointing decreased. A higher occurrence of shearing and faulting was 
related to rock mass lithology with a larger proportion of mudstone to sandstone in more closely 
bedded rock masses. This further highlights the lithostructural control on rock mass condition. 

Categories describing both blockiness and defect structure were formulated such that rock mass 
conditions deteriorate from Class A to F and 1 through 6, respectively. Categories were plotted 
against each other to form a conceptual model termed the Torlesse rock mass classification 
(TRC) as shown in Figure 2 to 4. A zone termed ‘rock bordering major fault zones’ was 
implemented as an indicator of increasing proximity toward a major structure. While a vast 
majority of outcrop plotting in this region are related to large scale faulting, the trend does not 
hold true in all circumstances and as such should only be used as an indicator.  

308



309

N
ew

 Z
ea

la
nd

 G
eo

te
ch

ni
ca

l S
oc

ie
ty

 In
c.

 1
9t

h 
S

ym
po

si
um

, Q
ue

en
st

ow
n 

20
13

G
E

O
LO

G
Y

/H
Y

D
R

O
G

E
O

LO
G

Y
 

Irvine, A.G., Eggers, M.J., Villeneuve, M. (2013).  
Engineering geological characterisation of the Torlesse Composite Terrane in 

Canterbury, New Zealand  

Table 2: Blockiness and defect structure classes 

Blockiness
Class Lithostructure Fracture Density

A Massive to thickly bedded sandstone Slightly to moderately fractured
B Medium bedded sandstone Moderately to highly fractured
C Massive to very thickly bedded sandstone Highly fractured
D Thinly bedded sandstone Moderately to highly fractured
E Massive to medium bedded sandstone Fragmented
F Thinly to very thinly bedded sandstone and mudstone Fragmented

Defect Structure
Class Dominant Structure Secondary Components

1 Persistent joints, moderate (rarely close) to very wide spacing Shears and faults are rare

2 Persistent joints, moderate (rarely close) to very wide spacing Shears and faults, very to 
extremely wide spacing

3 Persistent joints (moderate to very wide spacing, rarely close) and shears/faults (very to 
extremely wide spacing) in approximately equal portions

4 Shears and faults, wide to extremely wide spacing Persistent joints, moderate to 
very wide spacing

5 Shears and faults, moderate to wide spacing Persistent joints are rare

6 Brecciated rock with very close to widely spaced sheared and crushed zones typical of major 
fault zones

4.2 Defect condition 
Intact strength and defect condition were found to vary less across blockiness and defect 
structure classes and as a result are not defined as major controls in the conceptual classification 
system. Typical defect conditions are summarised in Table 3. Notable trends include 1) bedding 
– degree of waviness increases in defect Class 4 and 5 rock where shearing is the major 
influence, 2) persistent joints – little change in condition between defect classes and 3) shears 
and faults – width of sheared zones and the degree of waviness both increase as the influence of 
shearing and crushing intensifies from Class 1 to 6. 

Table 3: Typical condition of systematic defects (fresh rock) 

Defect 
Type

Roughness
(2nd order asperities)

Infill Waviness (1st order asperities)
Inter-limb angle Wavelength

Bedding Undulating smooth or 
rough, some planar 
smooth

Clean 170-180° (gentle), some 
150-170° (open); 
becoming 90-180° from 
Class 4 (close to gentle)

0.5-4m, 
usually ~2m

Joints Undulating smooth or 
rough, some planar 
smooth or rough

Clean 170-180° (gentle), some 
150-170° (open)

0.2-3m, 
usually ~2m

Shears Sheared zone 
contacts undulating 
smooth or rough

Class 2-3: fragmented 
rock ~10-100mm wide
Class 4: fragmented rock 
in a silty/sandy matrix up 
to 300mm wide
Class 5-6: clay/silt/sand 
up to 2m wide

Class 2: 170-180°
(gentle)
Class 3 & 4: 150-180°
(open to gentle)
Class 5 & 6: 90-180°
(close to gentle)

0.5-12m, 
usually ~3m

4.3 Elliott Fault 
The trend of the Elliott Fault TRC (Figure 2) shows a gradation in rock mass character toward a 
regional structure with increasing levels of shearing toward the principal slip zone. Four clusters 
were identified. Cluster 1 is characterised by thick sandstone with minimal shearing and 
persistent jointing. Cluster 2 represents a transition zone between the main zones of movement 
and the intact rock of cluster 1. A higher degree of shearing is present with few persistent joints.
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The rock mass is controlled by incipient, low persistence (<2m) jointing.  Cluster 3 represents 
the fragmented rock mass bordering the major fault zone. Cluster 4 represents the worst rock 
mass conditions. Rock is completely fragmented and behaves as a soil. More intact blocks 
bound by shearing are common and observed from cm to meter sized blocks. 

4.4 Hurunui River 
The Hurunui River represents the best rock mass conditions in this study (Figure 2). Five rock 
mass classes are present. Cluster 1 represents the bulk of the data and presents the best rock 
mass. Cluster 2 presents a more fractured rock mass. The rock mass still contains some 
persistent joints, however, the small discrete joints have an effect on the rock mass making the 
cluster transitional between systematic and non-systematic joint control. Cluster 3 represents a
similar rock mass with increased levels of faulting. Cluster 4 is characterised by thin bedding 
that is faulted and sheared. Persistent jointing is uncommon and low persistence fracturing 
dominates. Cluster 5 represents a fragmented rock mass with some persistent joints. The rock 
mass has a high degree of faulting and shearing irrespective of bedding thickness. 

Figure 2: Left: Elliott Fault TRC plot; right: Hurunui River TRC plot 

4.5 Opuha Dam 
A range of conditions were observed primarily due to the Opuha Dam Fault (Figure 3). Cluster 
1 represents the best rock mass. Cluster 2 is similar to cluster 1 however an increase in the level 
of small scale shearing is present in close proximity to the Opuha Dam Fault. Cluster 3 has a 
higher degree of fracture in similar thickly bedded sandstone with similar levels of shearing. 
Cluster 4 is a fragmented rock mass, with numerous shears, but also contains some persistent 
jointing. Cluster 5 represents the fault breccia zone. Material here primarily acts as a soil with 
intact blocks rarely exceeding 2cm in size. Small scale (<10cm) zones of plastic, silt sized, 
brown gouge material can be differentiated along apparent primary slip zones.  

4.6 Ashley River Gorge 

The Ashley River Gorge site represents a sampling of all rock mass types exhibited in other 
sites (Figure 3). Eight clusters are identified in the Ashley Gorge dataset. All clusters are similar 
to descriptions at other sites.  
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Figure 3: Left: Opuha Dam TRC plot; right: Ashley River Gorge TRC plot.  

5 DISCUSSION 

5.1 Application to tunnel assessment 
Identifying clustering in the TRC allows characterisation of the range in rock mass conditions
likely to be encountered throughout the Torlesse. Figure 4 presents eight different rock mass 
types identified from the overlay of TRC site clustering. Table 4 summarises the characteristics 
of each rock mass type. Each type has a series of geological controls that influence the nature of 
the rock mass. Rock mass conditions can be evaluated starting with desktop study information, 
lineation analysis followed by field observation. Assessment of geological controls can then aid 
in the prediction of rock mass conditions for tunnel alignment selection. The alignment can be 
divided into rock mass types to allow preliminary assessment of tunnelling conditions including 
implications such as support, equipment specification, advance rates, groundwater and so on.  

Figure 4: TRC plot of individual outcrop clusters
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5.2 Geological controls on rock mass condition 
Understanding geological controls can aid in the prediction of rock mass conditions. A
dominant control in the Torlesse identified in this study is lithostructure, specifically the effect 
of lithology on bedding thickness and fracturing by non-systematic jointing. The distribution of 
mudstone bands is a major control on bedding thickness. Mudstone, being the weaker of the 
lithotypes, appears to localise and accommodate stress within the rock mass and is therefore 
typically highly strained. The result is fracturing to the point of fragmentation of mudstone beds 
and localised shearing of the contacts with the stiffer sandstone interbeds.  

Medium to massive bedding as part of Types 1 and 2 (Figure 4, Table 4) result in the best rock 
mass. In the sandstone rich mass, systematic jointing dominates with less shearing and faulting 
and a lower occurrence of short, discrete, non-systematic jointing, although there is always a
degree of fracturing present. Conversely, the thin bedded Torlesse represented by Type 5 lacks 
persistent jointing. This type, being mudstone dominant, fractures more easily, is characterised 
by short, discrete jointing and tends to localise faulting, shearing and some folding. 

Modern tectonic stress fields are also a major control. The size of tectonic structure can impact 
on different volumes of rock. Rock outside the direct fault zone can also be impacted giving rise 
to Type 6 conditions. For example, increased levels of shearing are observed within adjacent 
rock at both the Elliott and Opuha Dam Faults. Proximity to major faulting is also a large 
influence on fracture density and is related to differences in stress fields throughout the complex 
tectonic history of the Torlesse. Types 3 and 4 represent a transition from the best to worst rock 
mass conditions. Both lithostructure and major faulting may have an influence without a 
definitive control being obvious. 

Future studies will include differentiating conditions of sheared zones related to older, inactive 
fault zones from younger, active faulting. Older sheared zones can be recemented or annealed 
potentially giving rise to higher shear strengths relative to more recent fault related structures. 

Table 4: Rock mass type characteristics 

Type Bedding & Lithology Fracturing Defect structure (spacing based on ISRM (1978)
1 Thick to massive 

sandstone
Slight to 
moderate

Persistent, moderate (rarely close) to very wide 
spaced joints with rare faults and shears

2 Thick to massive 
sandstone

Slight to 
moderate

Moderate to very wide spaced, common persistent 
jointing with wide to extremely wide faults/shears in 

equal portions 
3 Medium to massive 

sandstone
High Dominant, persistent joints, moderate (rarely close) 

to very widely spaced with shears and faults, very to 
extremely wide spacing, sometimes in equal portions

4 Medium to massive 
sandstone

High Dominant, wide to extremely wide shears and faults, 
with persistent jointing (sometimes rare) moderate to 

very wide in spacing 
5 Thin sandstone Moderate to 

high
Dominant, wide to extremely wide shears and faults, 
with infrequent persistent jointing moderate to very 

wide in spacing 
6 Very thin to massive 

sandstone & mudstone
Fragmented Persistent, (rarely close) moderate to very widely 

spaced jointing with very wide to extremely wide 
shears/faults in both equal and shear/fault favouring 

portion 
7 Very thin to massive

sandstone & mudstone
Fragmented Shears and faults, moderate to widely spaced, with 

rare occurrences of persistent jointing
8 Very thin to massive

sandstone & mudstone
Fragmented Brecciated rock with very close to widely spaced 

sheared and crush zones typical of major fault zones 

312



313

N
ew

 Z
ea

la
nd

 G
eo

te
ch

ni
ca

l S
oc

ie
ty

 In
c.

 1
9t

h 
S

ym
po

si
um

, Q
ue

en
st

ow
n 

20
13

G
E

O
LO

G
Y

/H
Y

D
R

O
G

E
O

LO
G

Y
 

Irvine, A.G., Eggers, M.J., Villeneuve, M. (2013).  
Engineering geological characterisation of the Torlesse Composite Terrane in 

Canterbury, New Zealand  

6 CONCLUSION 
Variability in engineering geological condition of the Torlesse Composite Terrane specific to 
Canterbury, New Zealand, has been assessed in this paper. Four sites were selected to represent 
all Torlesse terrane and regional structure conditions with the resulting mapping information 
analysed to observe rock mass trends. Bedding thickness, fracture density and defect structure 
were found to be the differentiating characteristics across the range of rock mass conditions.
These attributes were related together to form the Torlesse rock mass classification (TRC). Each 
outcrop was plotted on the TRC to derive rock mass types with clustering of points used to 
highlight regions indicative of the range in Torlesse rock mass condition. Eight rock mass types 
were identified ranging from massive sandstone controlled by systematic persistent jointing to 
incipient fractured, brecciated and shear dominated fault rock. Lithostructure and tectonic 
stresses resulting in major to regional scale faults are the key influences on rock mass condition.
The TRC enables assessment of geological controls for predicting rock mass conditions, which 
can be used for alignment selection and assessment of tunnelling implications. 
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ABSTRACT 
Liquefaction during the 2010 Mw 7.1 Darfield earthquake and subsequent aftershocks 
(Canterbury earthquake sequence, CES) caused severe damage to land and infrastructure in 
Christchurch, New Zealand. As many as ten liquefaction episodes occurred in parts of eastern 
Christchurch, which manifested at the surface as sand blows, fissures and differential 
settlement. Trenching to water-table depths (~1-2 m below surface) across aligned sand blow 
vents and fissures revealed the subsurface geometry of the feeder dike system. In addition to the 
multiple CES dike generations, subsurface evidence for paleo liquefaction was found at two 
study sites in Avonside, eastern Christchurch. The tendency for reactivation of the liquefaction 
source conduit indicates that the locations of modern liquefaction are likely to contain geologic 
evidence for paleo liquefaction. We outline strategies that combine geomorphic, geological and 
geotechnical approaches for investigating paleoliquefaction elsewhere at sites that may or may 
not have historical evidence of liquefaction. 

INTRODUCTION 
Liquefaction occurs where earthquake-induced cyclic shearing of loose, saturated sediments 
results in the collapse of the soil skeleton and the commensurate transfer of the overburden 
stress to the pore fluid and transition to a liquefied state (Seed & Idriss, 1982; Idriss & 
Boulanger, 2008). Such soil deformation may cause severe land and infrastructure damage (e.g., 
Cubrinovski & Green, 2010). Understanding the liquefaction susceptibility of geologic deposits 
is therefore an important component of increasing resilience to earthquakes. The susceptibility 
of soils to liquefaction can be assessed by historical records, in situ geotechnical testing such as 
Cone penetrometer tests (CPT), Standard Penetration Tests (SPT), Swedish Weight Sounding 
(SWS), and Dynamic Cone Penetration Tests (DCPT), physical criteria such as grain-size 
distribution, particle shape, and plasticity characteristics, and the geologic characteristics such 
as depositional setting and groundwater depth (see Kramer, 1996 for review; Green et al., 2005; 
Green et al., 2011). Information on the location and magnitude of both historic and/or pre-
historic earthquakes can be obtained by detailed studies of liquefaction-induced features such as 
sand blows and their ‘feeder dikes’ (Tuttle, 2001, Green et al., 2005).

The 2010-2012 Canterbury earthquake sequence (CES) caused at least ten distinct liquefaction 
episodes in parts of eastern Christchurch (Quigley et al., 2013), resulting in significant land and 
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infrastructure damage (Cubrinovski et al. 2012). The most severe liquefaction was associated 
with the September 2010 Mw7.1 Darfield event, and the February 2011 Mw 6.2, June 2011 Mw 
6.0, and December Mw 5.9 events (Quigley et al., 2013). Surface manifestations of CES-
induced liquefaction included sand blow (Figure 2) and blister formation, lateral spreading 
induced fissuring (Figure 1), and other surface deformations including differential settlement.
The high liquefaction potential of the sediments underlying eastern Christchurch had long been 
recognized based on geotechnical, compositional, and geological characteristics (Elder, et al., 
1991). There are no reports or evidence of historical or paleoliquefaction in eastern or central 
Christchurch prior to the CES, although liquefaction was reported in the township of Kaiapoi to 
the north of Christchurch and in the northern suburb of Belfast following the 1901 Cheviot 
earthquake (Berrill et.al., 1994; Downes & Yetton, 2012). Given that the sand blow vents were 
repeatedly reactivated during the CES, we sought to investigate these features in the subsurface 
to see whether any evidence for paleoliquefaction could be found. In this paper we document 
the subsurface expression of liquefaction caused by the CES at two study sites in eastern 
Christchurch. We provide evidence for paleoliquefaction at these sites and outline strategies for 
investigating liquefaction histories in areas that may or may not have evidence for modern 
liquefaction. 

Figure 1: Study area showing distribution of surface liquefaction features and 
investigation sites. Liquefaction features aligned with the closest down-slope free face, 

being either the Avon River or the paleocut bank. 
STUDY AREA 
Figure 1 above shows the study area. Christchurch is primarily built on alluvial silt and sand 
deposits, drained peat swamps and estuaries, sand of fixed to semi-fixed dunes, and underlying 
marine sands (collectively referred to as the Christchurch Formation) that formed as sea-levels 
transgressed then regressed from a mid-Holocene highstand up to ~3km inland of the central 
city at 6.5 ka (Brown & Weeber, 1992). The combination of loose, fine-grained sands and silts, 
with high water tables (typically 1-2 m depth), and localized artesian water pressures that 
minimize soil cementation and ‘ageing’ effects, were known to pose a significant liquefaction 
hazard for much of Christchurch (Elder et al., 1991). 
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The study area of Avonside, eastern Christchurch is located within an inner meander bend of the 
Avon River (Figure 1), which undergoes tidal current reversals. Near-surface deposits beneath 
the top soil and anthropogenic material consist of alluvial silts and sands, with some gravel units 
in abandoned channels. Two study sites are investigated in this paper (Figure 1). The study site 
at 11 Bracken St experienced liquefaction and formation of sand blows (Figure 2) in at least ten 
CES earthquakes with local PGA ≥ 0.1g (Quigley et al., 2013). The Sullivan Park study site 
experienced significant liquefaction in the largest CES earthquakes and formed large lateral 
spreading cracks up to 0.5 m in width during the February 2011 Mw 6.2 event.  

Figure 2: Photographs taken in the backyard of the Bracken St site following the 
September 2010 Mw7.1 event (a), and the February 2011 Mw 6.2 (b), June 2011 Mw 6.0 
(c), and December Mw 5.9 (d) events, with the alignment and re-activation of the sand 

blow vents evident.
INVESTIGATION METHODS  
Sand blows, vents and subsurface feeder dikes at 11 Bracken Street were mapped by Quigley et 
al. (2013). In this study we used Lidar and aerial photographs (data collected by NZ Aerial 
Mapping on 24 February 2011 [NZST] is available at http://koordinates.com/layer/3185-
christchurch-post-earthquake-aerial-photos-24-feb-2011/) to map 4875 lateral spreading cracks 
(Figure 1) and other liquefaction features in the Avonside study area induced by the 22 February 
2011 Mw 6.2 earthquake. Trenches were excavated perpendicular to the axis of the CES sand 
blow vents and lateral spreading cracks at both the Bracken St and Sullivan Park sites. A ~10 m
long trench was excavated to a depth of 1.4 m at the Bracken St site, with the depth of the 
trench limited by the depth of the water table, which was at ~1.3-1.4 m during excavation. At 
the Sullivan Park site two trenches 6 and 18 m long were excavated perpendicular to two lateral 
spreading cracks to depths of ~1.5 m. The depth of the water table was at ~1.55 m during 
excavation. The trench walls were cleaned using hand scrapers, then logged and photographed 
to capture small scale changes in the geometry of the CES and paleoliquefaction features. At the 
Sullivan Park site, the trench floor was also cleaned and logged at several locations of interest. 
Small pits were dug vertically and laterally in areas with liquefaction dikes or other important 
features to investigate their three-dimensional geometries.

A truck mounted CPT system was used to perform a piezocone pentrometer test (CPTu) 
adjacent to the trench at the Sullivan Park site to a depth of 20 m. This enabled the depth of the 
liquefiable strata to be determined. The results of this sounding were correlated with a borehole 
augered within the trench, and the results of a CPT conducted post September 2010 at another 
location in the park that also exhibited surface liquefaction (Figure 1). The liquefaction potential 
was evaluated for each CPT site using the Idriss and Boulanger (2008) method. 

RESULTS 
The trench at the Bracken St site revealed alluvial sands and silts cross-cut by a sub-vertical 
planar dike consisting of grey, uniform, fine grained sand (Figure 3A). The dike was the source 
conduit for the surface sand blows that were successively deposited on top of each other, above 
the modern soil profile in liquefaction-inducing earthquakes. A lateral sill of uniform, grey, fine 
grained sand identical to the feeder dike material (Figure 3B) was cross-cut by the main feeder 
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dike, as indicated by a dike-parallel silt lining at the boundary between these features. This 
feeder dike was the source conduit for at least 8 CES liquefaction events (Quigley et al., 2013),
however only two clearly distinguishable dike generations were identified in subsurface trench 
mapping, The sill, dike, and sand blow material does not contain any of the ‘mottling’ that was
observed in the sand and silt deposits beneath the soil profile (Figure 3A). This mottling 
develops over time as a consequence of fluctuating water tables and related oxidation. Both the
CES feeder dike and sill cross-cut a bulbous-shaped lens of oxidised and mottled fine-grained
sand, which had distinct upper and lower contacts. At the base of this deposit, a feeder dike 
analogous to the CES-induced dikes was identified by deeper excavation below the water table.
Because this feature was cross-cut by the CES feeder dike system, contains significant mottling 
analogous to other alluvial material in the trench, and is sourced by a feeder dike, it was 
interpreted as a ‘paleoliquefaction’ feature. The irregular bulbous shape and lack of buried soil 
surface beneath the bottom contact of this unit suggests that it is a subsurface injection feature. 

At the Sullivan Park site the trenches revealed sub-vertical planar feeder dikes of grey, uniform, 
fine to medium grained sand that aligned with the surface lateral spreading cracks and localized 
sand blows. The larger lateral spreading cracks contained clasts of the modern top soil which 
was most likely fragmented as the sediment was ejected through it and then settled through the 
sediment as the flow waned (Figure 3C). These dikes ranged in width from 5 cm to 50 cm on 
the trench floor, with the widest dikes corresponding to the lateral spreading cracks observed at 
the surface. These wider dikes on the trench floor were composed of medium grained sand with 
gravel, with the narrower dikes containing uniform, fine grained sand. On the floor of the 
trench, the CES feeder dikes were found to cross-cut a dike of oxidised, uniform, fine grained 
sand that had bioturbated contacts and well-developed oxidation ‘mottling’ (Figure 3D). This 
oxidation and bioturbation was more severe than that observed within the CES features, 
indicating that it formed prior to the CES (Figure 3D). Ongoing investigations at other sites 
within the wider Christchurch area have also uncovered evidence of ‘paleoliquefaction’. For 
example, in Kaiapoi, highly-deformed and mottled sediment is overlain and truncated by 
undisturbed alluvial sediment (Figure 3E). Both the deformed unit and overlying deposit are 
cross-cut by CES feeder dikes, indicating that the deformed deposit is likely to have been 
deformed by pre-CES ground shaking.  

The CPT sounding conducted at the Sullivan Park site reveals material at 1.6 – 2.15 m depth 
that is liquefiable under the PGA of the Mw 7.1 September 2010 and Mw 6.2 February 2011 
earthquakes (Figure 4A). The minimum calculated PGAs required to liquefy this unit during the 
September and February events were 0.15 g and 0.19 g respectively, additionally the minimum 
PGAs for liquefaction in the June and December 2011 aftershocks was ~0.2 g. The results from 
the borehole augered within the trench at the Sullivan Park site correlate this liquefiable unit to a 
blue-grey fine to medium grained sand. This is underlain by dense, medium grained sand with 
granules to cobbles, which is interpreted as a -flood deposit and correlates to the dense unit that 
was not liquefiable under the PGAs generated by the CES (Figure 4C). The results from the 
other CPT sounding conducted within the park indicate that the thickness of the liquefiable 
strata varies across the park, with it being relatively thin at the trench site (Figure 4B). 
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Figure 3: A) Interpreted photograph of the Bracken St trench, the modern feeder dike 
(Mx) aligns with and cross-cuts an oxidised, bulbous paleo-liquefaction injection feature 

(Px). The modern dike fed the surface sand blow with 4 events identified (M1-4). B) Close 
up of the lateral sill (M2) coming off the main dike (M1) with the silt layer separating the 

feature from the main dike indicated. This cross cuts the paleo-feature (Px). C)
Photograph of a lateral spreading crack (Mx) on the Sullivan Park trench wall with down-

dropped clasts of modern top soil (SC). D) Photograph of the Sullivan Park trench floor 
indicating the varied widths of the CES dikes (Mx), and their alignment with the oxidised 
paleo-liquefaction dike (Px), two modern events (M1 and M2) were identified within the 

dike, separated by a silt drape. E) Soft sediment deformation identified in Kaiapoi 
resulting in deformed stratigraphy. This sediment is also cross-cut by a modern CES dike. 
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Figure 4: A) CPT log taken adjacent to the Sullivan Park trench (CPTu001), a potentially 
liquefiable unit is identified at 1.6-2 m depth underlain by a unit not liquefiable under the 

PGA’s of the CES. B) CPT log (CPTAVS-02) conducted post September identifying a 
thicker unit of potentially liquefiable sediments that are also underlain by a dense unit 

that was not liquefiable. C) Borehole log from within the Sullivan Park trench. The 
saturated blue-grey sand at 1.6 m depth aligns with the liquefiable sediment identified 

within the CPT, while the un-liquefiable unit correlates with a gravel unit. 
 
DISCUSSION 
Subsurface investigations of liquefaction features induced by the CES revealed multiple 
generations of feeder dikes. Some dikes consist of similar, unoxidized grey sand and can be 
traced to surface sand blows, indicating that they developed in the CES. The observation of only 
two clearly distinguishable CES-induced feeder dike generations at the Bracken Street site 
despite 8-10 episodes of surface sand blow deposition indicates that feeder dike generations 
provide only a minimum estimate of the number of liquefaction-inducing earthquakes, and may 
significantly under represent the number of events (Quigley et al., 2013). Other feeder dikes and 
intrusions were cross-cut by, and have a much different appearance to, the CES features; these 
were composed of oxidised, mottled sand. We interpret these as paleoliquefaction features. 
Further investigations of these features and dating of their associated strata will provide better 
constraints on the timing and magnitudes of the causative earthquakes. CPT data confirm that 
the shallow source for both the CES and paleoliquefaction is at depths of 1.6 – 2.15 m at the 
Sullivan’s Park site. The identification of paleoliquefaction within Avonside and in Kaiapoi 
(Figure 3E) confirms that most of the areas that experienced severe liquefaction during the CES 
were developed where subsurface investigations would have provided geologic evidence of 
paleo liquefaction.

CONCLUSIONS AND RECOMMENDATIONS  
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Many areas within New Zealand have a high liquefaction potential as indicated from 
geotechnical data. However the frequency and severity of paleoliquefaction in most of these 
areas is undocumented. Based on our findings in Christchurch, we recommend steps for 
conducting paleoliquefaction investigations as follows: 
1) Regional geomorphic mapping should be conducted to identify settings where 

liquefaction susceptible sediments are likely to be present. Fluvial and estuarine settings 
are typically the most susceptible, although a variety of other deposits may also be under 
certain conditions. Smaller scale geomorphic mapping may be used to delineate free-
faces likely to enable lateral spreading, and any other evidence for subtle landscape 
anomalies that may reflect liquefaction-induced surface deformation. Inner meanders of 
streams, due to the lower surface elevations, rapid sedimentation leading to loosely 
compacted material, shallow water tables, abundance of proximal ‘free-faces’, and 
relative sediment ‘youth’ with respect to the deposits formed on the outer meander bends, 
make these sites most likely targets for paleoliquefaction studies. 

2) Areas with shallow water tables that contain fine-grained sands and silts should be 
investigated with geotechnical methods including CPTs, SWS, and grain-size analysis. 
Areas identified as highly susceptible should be targeted for trenching investigations. 

3) Trenches should be oriented perpendicular to the closest down-slope free face. This will 
often be perpendicular to the orientation of the nearest section of river or internal paleo-
banks. A trench length of at least 20 m and preferably upwards of 50 m is recommended,
based on the density of mapped lateral spreading cracks in the Christchurch case.
Trenches should be excavated to approximately water table depth, as trench collapse is 
likely if the trench is deeper. To identify liquefaction features, careful cleaning of the 
trench walls and observations on grain size changes is required. This may require digging 
deeper or back in areas of interest. 

4) Mapping of trench walls and floors at cm-scale using detailed logging and photo-logging 
techniques is essential. Information about sediment grain-size and grain-size variability, 
presence or absence of intervening silt layers, three-dimensional geometries, stratigraphic 
relationships, and degree of weathering or ‘mottling’ of sedimentary deposits is essential.  

5) Dating of the liquefaction features may be possible if they involve surface deposits (sand 
blows) that are likely to have been completely ‘bleached’, so that optically stimulated 
luminescence may be applied, or if they incorporate organic surface materials during 
formation which can be dated using radiocarbon dating. Alternatively, and more 
practically, sediments that are cross-cut by or post-date liquefaction deposits may be 
dated in order to ‘bracket’ the timing of paleoliquefaction. It is essential to understand the 
spatial and relative temporal relationship between the liquefiable and non-liquefiable 
deposits prior to undertaking dating if information about paleo-liquefaction is to be 
obtained. The number of feeder dike and/or sand blow generations, as indicated by cross-
cutting and/or other stratigraphic relationships, differences in weathering state or grain 
size, and/or the presence of intervening silt layers can provide important information 
relevant to the relative timing of liquefaction-inducing earthquakes. 

6) Information about the location (Obermeier et al., 2005), magnitude (Green et al., 2005 
and Tuttle, 2001), and paleo-PGAs (e.g., Quigley et al., 2013) associated with 
liquefaction-inducing paleo-earthquakes may be deduced from combining geologic data 
with empirical relationships. Information on feeder dike widths, depth of liquefiable 
material, and sand blow thickness and extent are important to document. Seismologic 
information such as attenuation relationships, site amplification, shaking duration 
scenarios will be important for deriving information about the causative earthquake from 
the geologic record of liquefaction. The presence of paleoliquefaction features within 
eastern Christchurch and Kaiapoi confirms that earthquakes having sufficient shaking 
intensity to induce liquefaction have occurred prior to the 2010 Darfield earthquake, and 
that evidence of these features was obtainable from the geologic record prior to 
residential development at some sites.

7) The identification and interpretation of paleoliquefaction features in the geologic record 
provides information on the timing and shaking intensity associated with past
earthquakes. This can be used to further inform probabilistic seismic hazard models, 
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improve risk modelling and land-use planning in urban environments, predict the impacts 
of future liquefaction events, and proactively remediate areas of high liquefaction-
susceptibility.
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Development of a median groundwater table surface for Christchurch 
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Keywords: Christchurch, groundwater, modelling, earthquake 

ABSTRACT 

The sequence of Canterbury earthquakes during 2010 to 2011 caused substantial changes to the 
land in Christchurch and surrounding areas, including widespread uplift and subsidence, as well 
as liquefaction-induced land deformation. The depth to the water table surface is an important 
parameter when undertaking liquefaction assessments to determine the potential damaging 
effects of liquefaction for building foundation design purposes. 

The elevation of the water table has been derived as a post-earthquake median surface for 
Christchurch and surrounding areas, based on monitoring data collected since the M7.1 
September 2010 Darfield earthquake. Data from monitoring wells were obtained from a variety 
of sources and median values for a 'post-earthquake' period (September 2010 to December 
2012) were calculated from 824 sites. The water table surface is depicted by grid and contour 
maps, in which values for sites between monitoring wells, rivers and the coast have been 
interpolated by kriging.  

A comparison of pre-earthquake data (1990-2010) and post-earthquake data (since September 
2010) in 55 wells found median groundwater levels were unaffected by the earthquakes in most 
places, with relatively few changes that can be directly attributed to earthquakes: 9 wells had 
transient water level increases of up to 1.5 m recorded for a short period after the earthquake; 
but only 4 showed persistent change, being a 0.5-1.0 m lowering of water to new base levels 
and median values.  The pre-earthquake data is useful as a proxy of variability, providing a 
measure of future expected fluctuations from the calculated median water table surface. 

1 INTRODUCTION 

The objectives of this study were to develop contour maps of the water table elevation and water 
table depth across Christchurch City and the surrounding area for the period following the 4 
September 2010 Mw7.1 Darfield Earthquake. These maps aim to improve information that feeds 
into liquefaction hazard assessments for new subdivisions and for building developments on 
existing residential and commercial properties in Christchurch City. The maps will also be of 
use in the future assessment on the effects of earthquakes on shallow groundwater. A secondary 
objective was to document any effects of the earthquake on the water table. 

In simplistic terms, geology of the Canterbury Plans typically consists of fan and alluvial gravel 
sequences deposited from the Waimakariri River which form a heterogeneous sequence of 
gravels, sands and silts that (vertically) are reasonably interconnected in the west, but 
interbedded with a series of fine marine, marginal marine, swamp and distal alluvial intervals in 
the east (Suggate, 1958; Brown & Weeber, 1992; Weeber, 2008; Forsyth et al., 2008) 

Groundwater hydrology reflects the shallow geology, with fan and alluvial gravel sequences 
typically forming aquifers, whereas the marine/estuarine sediments of silt, clay, peat, and shelly 
sand act for the most part as aquitards. In the eastern /coastal areas, the alternating fine-grained 
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and coarse-grained sediments form a multi-layered confined aquifer system. Further inland, the 
layered structure of the coastal confined aquifers is less obvious and groundwater occurs in 
semi-confined to unconfined aquifers. 

2 GROUNDWATER DATA 

Groundwater data used in this study was obtained from three sources, Earthquake Commission 
(EQC) monitoring wells, Environment Canterbury (ECan) monitoring wells and Christchurch 
City Council (CCC) monitoring wells. Table 1 below presents the number of monitoring wells 
post Darfield Earthquake used from each source and the number of groundwater readings 
available. To qualify as being representative of the water table aquifer, wells were either: 

 Shallow wells less than 10 m deep , with groundwater elevation that is not anomalously high 
relative to local ground elevation, or groundwater in nearby monitoring wells; or, 

 Deeper wells (to 35 m) in unconfined aquifers on the western side of Christchurch City.

EQC monitoring wells were installed in some of the drilled boreholes and CPT’s as part of the 
geotechnical investigations carried out in areas of Christchurch affected by liquefaction. These 
wells are typically manually dipped once a month. Data from 640 initial stage monitoring wells 
with data records stretching back to July 2011 and 122 TC3 phase wells with record dating from 
October 2012 have been utilised for this study.  

ECan and CCC operate a network of groundwater wells across Christchurch, for the purpose of 
observing both water table levels and piezometric pressures in the deeper confined aquifers. 
Both CCC and ECan wells are electronically monitored, typically once a fortnight.  A total of 
22 ECan and 22 CCC wells were assessed to be representative of the water table aquifer and 
therefore included in this study.  

Where rivers are in direct contact with groundwater it is possible to use their levels as a proxy 
for water table elevations immediately adjacent to the river bank. Although this phenomenon 
has yet to be fully established throughout Christchurch, this study has considered it appropriate 
to assume surface water levels are approximately equal to groundwater levels along rivers and 
the coast. Surface water data provided by ECan and CCC for the Waimakariri, Avon, Heathcote 
and Styx rivers and the Canterbury coast has been used to suppliantly the groundwater data for 
this study and has been of particular use in controlling the groundwater surface in areas where 
data is sparse.  

Table 1:  Water table readings available since September 2010, by monitoring well source 

Number of months within 28-month 
post-Darfield Earthquake period (Sept 
2010 until Dec 2012) for which at least 

one monthly reading is available

No. of 
CCC wells

No. of 
ECan wells

No. of 
EQC Initial 
Phase wells

No. of 
EQC TC3 

Phase wells

1 - 8 - - 134 122

9 - 15 - - 503 -

16 - 20 - 4 3 -

21 - 28 22 18 - -

Total 22 22 640 122
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3 CALCULATION OF MEDIAN VALUES 

As identified in Table 1 the monitoring wells have varying availability of monthly readings. 
Therefore, the data used to calculate the median for each monitoring well has to be chosen so 
that it does not bias or skew the results. For example, if 18 monthly readings are available for a 
well near central Christchurch City, with 12 of the readings from autumn/winter months 
(wetter) and only 6 readings from spring/summer months (drier), then it is reasonable to assume 
that an 18-month median calculation could be biased by the fact that there are more wet months 
in the data set.  

A complete set of monthly readings within the post-Darfield Earthquake period is available for 
the CCC and ECan monitoring wells. This data has been used to carry out a sensitivity check on 
the effect of data duration selection within the 28-month post-Darfield Earthquake period. 
Different median values for each well was calculated by increasing the number of months (prior 
to December 2012) used to calculate the median. Where only 9 readings are available within a 
12-month period, then the calculated median based on 9 readings is still reasonably 
representative of the median based on 12 readings, suggesting that a 9 month duration of 
monitoring is sufficient to account for the seasonal variation over an annual cycle.  A similar 
logic could reasonably be assumed for a 2-year period, where a median based on 24 readings ±3 
months would result in a median value that is representative of a median based on 24 readings, 
accounting for seasonal variation. 

Table 2 below summarises the methodology that has been followed regarding data selection for 
the purpose of calculating a median for each monitoring well.  

Table 2:  Selection of data based on monitoring duration 

No. of months since September 
2010 for which at least 1 
monthly reading was available

Comments

21 – 27 months
(Well type P1)

Effectively 24±3 months, taken to be representative of a 2-year 
period. Use 24±3 months to calculate median.

16 – 20 months
(Well type P2)

Longer than a 1-year period but not enough readings to be 
representative of a 2-year period. Therefore use up to 12+3 months 
maximum to calculate median and ignore the earlier months.

9 – 15 months
(Well type P3 & P4)

Effectively 12±3 months, taken to be representative of a 1-year 
period. Use 12±3 months to calculate median. 

< 9 months
(Well type P5 & P6)

Not enough readings to be representative of a 1-year period. If end 
user decides that short-term data record (< 9 months data) is to be 
used, then the surrogate interpolation method should be adopted.

Monitoring wells with short-term (< 9 months) data were judged unlikely to have sufficient 
readings for their median to be representative of a 12-month period.  Consequently a surrogate 
estimation method has been developed to enable all available data to be utilised. 

A situation may also arise where a geotechnical engineer, or other end user of this study, may 
have their own instantaneous or short-term groundwater monitoring data on the water table 
elevation at a particular site, but may not be in a position to wait for a 12 month period in order 
to obtain a representative median for their geotechnical assessment.  In such a case they may 
wish to consider the same methodology using data from nearby monitoring wells to obtain a 
surrogate median water table elevation for their particular site of interest.  
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The estimation method relates the P5 and P6 (outlined in Table 2) monitoring wells to the P1 to 
P4 wells, which have a more complete data set and for which a median has already been 
calculated. A worked example of how the surrogate method can be utilised is presented below. 

STEP 1: To be carried out on all type P1 to P4 monitoring wells. An example for a P1 well is 
shown in Figure 1 below. The median water table elevation is calculated as described above 
(refer to Table 2). 

Figure 1:  Median and offset calculation for a type P1 monitoring well. 

STEP 2: To be carried out on all type P1 to P4 monitoring wells. For each of the last 12 months 
(where data are available for this particular P1 well) the ‘offset’ is calculated i.e. the difference 
between the water table elevation for the particular month and the median value calculated in 
Step 1.

STEP 3: Based on the calculated medians for type P1 to P4 monitoring wells, create 12 offset 
contour maps representing each month of the previous 12-month period. An indicative example 
is given for one month in Figure 2 below. 

Figure 2:  Example offset contour map for a particular month. 

STEP 4: Use the set of monthly offset contour maps to interpolate offsets for type P5 and P6 
monitoring wells. This is done only for those months where readings are available for the type 
P5 and P6 wells. 
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STEP 5: For type P5 and P6 monitoring wells, use the extrapolated offset values to adjust the 
actual monthly reading (for all available months), to estimated median values. Calculate the 
average of the monthly estimate values, and take this surrogate to represent the yearly median 
for the particular P5 or P6 well.  An example for a P6 monitoring well is shown in Table 3 
below, for which only three monthly readings are available.  

Table 3:  Example of a surrogate median calculation for a Type P6 monitoring well 

Month Measured P6 water 
table elevation (m 
RL)

Offset correction (m) 
from P1 to P4 wells

Estimated P5 median 
water table elevation 
(m RL)

Oct 2012 9.0 0.2 9.2

Nov 2012 8.6 0.1 8.7

Dec 2012 8.7 -0.2 8.5

Surrogate (average calculated from estimated medians) 8.8 m RL

4 CHRISTCHURCH GROUNDWATER SURFACE 

Medium groundwater levels were calculated based on the criteria outlined in Table 2 above. 
Medium levels were then countered using ‘Surfer’ Contouring package and the programs 
standard Kriging algorithm. The Christchurch groundwater surface in term of elevation and 
depth to groundwater are presented in Figures 3 and 4 below.  

Figure 3:  The elevation of the post-Darfield Earthquake median water table. 
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Figure 4:  The depth of the post-Darfield Earthquake median water table 

6 WATER TABLE FLUCTUATION

Groundwater levels in Canterbury fluctuate due to inter-annual and seasonal variations in 
rainfall and river recharge. Data obtained since the Darfield Earthquake demonstrates that such 
events can also impact on the water table elevation. The full range of natural fluctuations may 
not have been observed during the relatively short 'post-Darfield Earthquake' period used in this 
study.  It has been assumed that variability of the water table elevation during the 20 years prior 
to the earthquakes will be a useful indicator of future behaviour. 

Analysis of long term monitoring wells (ECan, CCC) with a 20 year data record (1990-2010) 
indicate the inter annual variability, being the range in water table elevation for any particular 
month during the 20 year period, in wells west of the CBD, which relates to those wells with a 
higher GW elevation is about 2 m. The inter-annual variability of wells in the east/coastal; area 
is less pronounced, being less than 1.2 m. A close correspondence can be seen between the
magnitude and style of fluctuations in wells particularly in the east which suggests they are 
influenced by the same external factors. 

The water table also shows seasonal variability, typically fluctuating between low levels during 
late summer and high levels in late winter/ early spring. Seasonal variations are around 1 m in 
monitoring wells to the west of the CBD whereas it is only around 0.5 m in eastern suburbs. 

For engineering and geotechnical assessment, it may not be relevant whether variations are 
inter-annual or seasonal. Instead, it may be more useful to have a measure of a level to which 
the water table may rise above the median elevation and an indication of the probability this 
elevation may be exceeded.  Here, the difference (in metres) between the 85th percentile and the 
median value (in metres) was calculated at each long term well then gridded by kriging (Figure 
5). The difference between the 85th percentile and the median provides a measure of the past 
fluctuation of the water table surface that was exceeded only 15% of the time during 1990-2010. 
The 85th percentile values are less elevated above the median in eastern Christchurch (< 0.4 m) 
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than in the west (where they are > 1 m). If it is accepted that fluctuations in the pre-Darfield 
Earthquake data are representative of future variability, Figure 5 can be used with the post-
Darfield Earthquake median water table elevation (Figure 3) to approximate the future 
probability of a certain groundwater level being exceeded (until longer post-earthquake records 
become available).

Figure 5:  Difference between the 85th percentile and the median groundwater 
elevation (1990-2010) 

A comparison of pre-earthquake data (1990-2010) and post-earthquake data (since September 
2010) in 55 wells found median groundwater levels were unaffected by the earthquakes in most 
places, with relatively few changes that can be directly attributed to earthquakes: 9 wells had 
transient water level increases of up to 1.5 m recorded for a short period after the earthquake;
but only 4 showed persistent change, being a 0.5-1.0 m lowering of water to new base levels 
and median values. 

7 CONCLUSIONS 
 
The key observations of the median water table elevation and depth to the median water table 
maps are as follows: 

 The elevation of the median water table varies across the study area, with a general slope 
from > 10 m elevation in the west to < 1 m in the east.  The water table is close to the slope 
of land, but is generally deeper below ground in the west (> 5 m deep) than in the east.  The 
water table is less than 2 m below ground beneath much of Christchurch City. 

 There are local anomalies in the elevation of the median water table.  Near Horseshoe Lake, 
Bexley & Avondale there is areas where the median water table is < 0 m, i.e. below sea 
level.  Depression of the water table is thought to be the result of pumping and drainage in 
this area by CCC. 

 The median water table appears to be noticeably undulating against the northern margin of 
the Port Hills. The Heathcote River and the monitoring wells immediately adjacent to the 
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river have median water table elevations that are locally low. In contrast, the peninsulas 
between the Heathcote River meanders, both to the north and south of the river (in suburbs 
of St Martins, Beckenham and east Cashmere) have water table levels locally elevated by up 
to three metres above the river, with the median water table reaching > 4 m above sea level. 

Until such a time as more data become available, the pre-Darfield Earthquake data are a useful 
proxy of variability, providing a measure of expected fluctuations from the water table median 
surface. Analysis of selected monitoring wells indicates that inter-annual variations (around 2 m 
in the west and 1.2 m in the east) were approximately two times those of seasonal variations 
(around 1 m in the west, 0.5 m in the east) between 1990 and 2010.  Variability can also be 
described statistically to indicate the probability the water table will exceed a particular 
elevation. For example, 85th percentile values of water table elevation for the 1990-2010 period, 
indicating levels exceeded 15% of the time, are typically greater than 1 m above the median to 
the west of Christchurch City but less than 0.4 m above the median in the east of the city.  

It is recommended that engineers and scientists using the median water table presented in this 
paper, understand the limitations and assumptions that have been made to develop the surface. 
the full Christchurch median water table report (van Ballegooy, 2013) should be referenced 
before the maps and figures of this paper are used.  
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ABSTRACT 

There is high demand for low cost slip repairs on road networks throughout rural New Zealand 
as Local Governments balance the need to maintain access and services to rural communities 
against managing their limited budgets. The ground model is an essential tool in developing 
solutions for slip repair projects. The cost of determining the ground model is a good 
investment, as by understanding the geology and geomorphology of a slip site, a more 
appropriate and cost effective solution can be designed and constructed. Without one, the risk of 
increased costs or costly design changes, resulting from unexpected ground conditions, is high.  

Determining the ground model for slips on rural roads typically includes the following steps: a
desk study of aerial photographs and geological maps, a site walkover inspection and 
engineering geological mapping, and some intrusive site investigations. Supplementary 
investigation may also be required at the start of construction. 

Designing remediation for 24 slip sites within Waikato district that resulted from an intense 
rainstorm during July 2012 for Waikato District Council has highlighted the importance and 
value of ground models based on previous and ongoing experience within a geographic area and 
sound engineering geology. It was essential for determining and clearly communicating risks 
and developing flexible solutions that can be easily modified during construction to cope with 
variable ground conditions. 

1 INTRODUCTION 

One of the effects of the recent global financial crisis is that central and local governments have 
cut spending in order to limit debt. One area where provincial local governments have cut 
spending is on upgrading roads in rural areas. Upgrading unsealed roads to sealed ones has been 
dramatically reduced, if not cut altogether. In addition maintenance activities (planned or 
preventive) have been deferred. This may result in more reactive work such as slip repairs. 
However, provincial local governments still have an obligation to maintain access and services 
in rural communities. 

It is with this situation in the background that local governments are under increasing pressure 
to lower the cost of services, including slip repairs on rural roads. 

The following paper discusses the ground model; what it is, why it is important, and 
demonstrates the use of the ground model for the repair of slips in the Waikato District, 
highlighting the successful elements of the Waikato District example. 

2 THE GROUND MODEL 

The following sections present aspects of a ground model with a focus on its use in engineering 
design. 

2.1 What is the ground model? 
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The ground model presents all the available geological and geomorphological information about 
the site in a clear manner that shows the location of different features as well as soils and rock 
identified. 

Geological information should include rock and soil types observed as well as any information 
about groundwater. Geomorphological information should include alluvial, aeolian, colluvial, 
glacial processes, as well as all manner of landslide processes. Man-made changes to the 
environment should be included as well, as these are essentially geomorphological changes 
within a site. Man-made features include things like road embankments and fill material, cut 
slopes, open drains and culvert pipes, and even service trenches. 

Although sites can be similar with regards to geological and geomorphological formation 
processes, topography, aspect, or orientation of man-made features, it is unlikely that any two 
sites will be exactly the same. Therefore, a ground model should be unique and specifically 
constructed for a site.  

Although it should be noted that the ground model will never be able to achieve the same 
qualitative accuracy as the engineering design because of the complexity and the inconsistency 
of the ground.  

2.2 Presentation of a ground model 

In its simplest form a ground model can be presented as a cross-section through the site, 
showing the condition of the site in the present. If there are significant changes or differences 
along a site then a series of cross-sections may be required. 

In geology literature, geological models are often presented as block diagrams (three-
dimensional sketches) and when stages of formation or development of a site are presented then 
a series of block diagrams are utilised.  

The ground model for use in engineering design is most useful if it is presented spatially 
accurate.  In order to present a spatially accurate model it is essential that you have an accurate 
representation of the topography. A two-dimensional cross-section or series of cross-sections is 
therefore a minimum requirement. 

2.3 How to construct a ground model? 

The ground model is usually something that is developed over stages of study and investigation.  

Initial development of the model should include a desk study of available aerial photos (often 
images from Google Earth have sufficient resolution), published geological maps and if 
available any historic records from the site, or others nearby. 

The site visit and mapping stage should come after the desk study. However, often one is called 
by a territorial authority to a visit a site before the desk study is carried out. This is where local 
knowledge and experience working in a specific geographic area is invaluable. This stage 
includes a site visit where engineering geological mapping can be carried out, that is identifying 
and recording the location and extent of geological, geomorphological and man-made features 
on the site as well as beginning to hypothesise on the mode of failure in the case of a slip. The 
site visit is an ideal time for scoping as well as considering the practical constraints of the next 
stage: a site investigation. 
A site investigation should include a topographical survey or measuring of topographical cross-
sections, intrusive investigations such as cored boreholes, excavated test pits, cone penetration 
tests, hand augers and Scala penetrometers, and laboratory testing of samples taken. 
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Although the engineering design may have been carried out, the ground model is not completely 
refined until construction when the actual ground conditions are revealed by supplementary 
testing, excavation or the driving of piles. 

Figure 1 (reproduced from Fookes 1997) shows the staged development of the ground model. It 
illustrates with this figure how a good understanding of geology aids the development of the 
ground model. With geology done well the intrusive investigation will be targeted to prove the 
model hypothesised based on the geology and may in fact reduce the scope of the intrusive 
investigation. 

Figure 1: Geological information anticipated during the stages of site investigation 

2.4 Who should construct a geological ground model? 

A ground model is constructed using a thorough understanding of geological features, including 
soil and rock types, and geomorphological processes as well as the behaviour of soils and rock. 
It also requires skills and experience in the identification of these features and processes. 

All of this should typify the skills of an Engineering Geologist and therefore it is advisable to 
have one construct the ground model.  

Although it is advisable to have an Engineering Geologist, a Civil Engineer can carry out this 
work provided they have the suitable understanding of the areas highlighted above as well as 
experience in doing so within the geographical area. 

2.5 What is the geological ground model used for? 
 
What a ground model presents has already been discussed, but why do we need to present this 
information? What is it used for? The ground model should be used as a basis for slope stability 
analysis and engineering design. 
Slope stability analysis is mainly used to investigate slope failure, determine a slope’s 
sensitivity to different causal factors or triggering mechanisms, and quantify the probability of 
slope failure, usually expressed as a factor of safety. Without a ground model there are no 
meaningful inputs and slope stability analysis can be made to say anything. 
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At the most basic level the ground model should provide dimensions for engineering design 
through to the more complex level it ought to provide measured/tested or inferred strength 
parameters for engineering design.  

It must be stressed that understanding the mode of failure is key for both carrying out slope 
stability analysis and engineering design. With the availability of an array of slope stability 
software used for slope stability analysis it is easy to get the wrong answer even with the right 
ground model. Therefore analysis should follow observation of the site and endeavour to model 
what has been observed. Engineering design must address the mode of failure and the causes of 
that failure mode in order to be effective. 
 
2.6 Why is the ground model important?  

Fookes (1997) notes that: “the strength of the geological [ground] model is in providing an 
understanding of the geological [and geomorphological] processes which made up the site. This 
enables predictions to be made or situations anticipated for which explorations need to be 
sought in the geological materials, geological structure and the ancient and active geological 
processes in the area. It provides a rational basis for interpretation of the geology from 
understanding and correlation of observed geological features and exposures. Also it can 
provide an indication of the potential variation in the properties of the soil or rock mass and 
hence possible errors in calculations or assumptions, especially those assuming homogeneity.”

This statement from Fookes highlights the importance and usefulness of the ground model for 
any engineering project.  

The importance of the ground model is also highlighted by the consequences that can occur if 
you do not have a ground model,  

 Design assumptions including strength parameters of soil and rock are subjective 
assessments, and therefore the design may have to be overly conservative,  

 Even the presence and extent of soil and rock are often inferred 
 An inappropriate solution may be proposed, 
 Unexpected ground conditions are encountered in construction leading to changes in 

design or additional works, which are likely to incur additional cost. 

3 AN EXAMPLE FROM WAIKATO DISTRICT  

The following sections provide some background about the Waikato District and describe a few 
of the slip sites in the Waikato District that occurred in July 2012, discussing different aspects 
of how the ground model was used for the repair of these slip sites, as well as highlighting the 
successful elements of this example.

3.1 Background 

The Waikato District covers approximately 418,893ha and has a population of 58,459. The road 
network is 2,364km; 1,683km are sealed while 681 remain unsealed (Waikato District Council, 
2012). 

In July 2012 during a wet winter there was high intensity rainfall over two days which caused 
considerable flooding, damage and disruption to the road network within the Waikato District. 
The immediate response included the clearing of many over slips that had deposited debris onto 
the road and setting up of numerous warning signage and obligatory road cones around the 
under slips. This was capably handled by the Waikato District Roading Maintenance Team and 
their maintenance contractors. 
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As part of the immediate response a few of the slip sites that were considered by Waikato 
District Council to have an on-going high consequence of failure were inspected by the writer 
an Engineering Geologist to determine any immediate actions required to reduce the risk of
further failure that may lead to significant consequences, e.g. road closures or damage to 
property. 

3.2 Ponganui Road 

The slip at this site is an under slip that extended through one traffic lane of the road.  

The ground model at this site was developed initially through a site visit and mapping on site. 
Site observations were made on a rainy day so groundwater seepage was observed coming out 
of the cut slope above the road, over the surface of underlying mudstone. 

The second stage was a desk study of aerial photographs and geological maps. The desk study 
along with the site mapping was the basis for the intrusive site investigation which comprised 
several of topographical cross-sections measured using a tape measure and abney-level and a 
series of hand augers and Scala penetrometers to determine the extent of the mudstone which 
was observed in the cut slope above the road. 

The ground model was a simple cross-section through the site which showed the soils and the 
inferred extent of the underlying mudstone based on the site observations, refusal of the Scala 
penetrometers and scrapings from the end of the hand augers. This was the basis for the 
engineering design.  

The chosen remediation at this site was a rockfill slope to reinstate the road and shoulder, as
well as being free-draining to address the significant seepages over the surface of the mudstone. 
The rockfill slope could be easily and cheaply adapted on site if the surface of the mudstone 
varied across the site. The ground model was completed when the slip debris was excavated and 
the mudstone was exposed, and as a result the configuration of the benches to key in the rockfill 
was modified on site during construction.  

Keys to success at this site were:
 A good geological ground model was able to be established with site observations and 

basic intrusive investigations, and  
 The use of a flexible remediation meant that minor changes to design during 

construction did not result in increased cost or construction delays.  

3.3 Te Puroa Rd 

This site is one of the large over slips which the writer inspected to provide immediate 
geotechnical advice for the clearance of the slip debris in order to re-open the road as quickly as 
possible and at the same time in a way that would reduce the risk of future movement given the 
ongoing wet weather.  

At this site the slip debris was 2m to 3m high over the road for a length of about 60m.  

With the tight timeframe the geological ground model and in particular the mode of failure 
could only be determined by site observations, including observations made by members of the 
Waikato District Roading Maintenance Team and maintenance contractor in the days leading up 
to the failure. 
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Figure 2: Photograph of the slip only hours after it occurred 

The depth of the slip was not known at first. It was not until the excavators clearing the slip 
debris uncovered the intact road surface beneath the debris, that we were able to determine that 
the failure was limited to the slope above the road.  

The temporary repair could only reinstated one lane to ensure some slip debris was left to 
buttress the remainder of the slope. The slip debris was also shaped to ensure that further 
rainfall would be shed and not allowed to infiltrate potentially triggering further movement. 

Figure 3: Photograph of the temporary repair of the slip

The final repair at this site included battering back the upper slope, placing a rock buttress at the 
toe of the slope and installing horizontal bored drains. 

As the level of the groundwater was not confirmed and could not be observed with the slip 
debris remaining in place, the horizontal bored drains were included as a provisional item in the 
repair design. Once the excavation for the rockfill buttress was under way it became apparent 
that the drains were essential. 

Keys to success at this site were:
 Recognition that completely clearing the slip debris from off the road may have allowed 

further failure of the slope,  
 Sharing knowledge; the observations of the Waikato District Roading Maintenance 

Team and the contractor were used in constructing the ground model, 
 Use of provisional items in the design allowed the final design to be adapted based on 

the final ground model i.e. the actual ground conditions. 

3.4 Ohautira Rd 
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The slip at this site is an under slip that extended through one traffic lane of the road leaving a 
near vertical scarp about 7m high and an approximately 80m long trail of slip debris down the 
vegetated slope. 

The ground model began its development with a site visit and mapping as well as a desk study. 
Based on the shape of the slopes on either side of the road it was clear that the road was formed 
by cutting the uphill slope and placing fill material to form the downhill side of the road.  

Therefore, it was initially hypothesised that the slip had occurred through embankment fill 
material, so the purpose of the intrusive investigation was to be focused on determining the 
extent of the fill material and to determine the soil type below the fill, which would be the 
founding conditions for rebuilding the road embankment. 

It must be noted that the uphill slope above the road was hummocky and considered to be prone 
to shallow instability so a cut retreat option, especially a temporary one, was dismissed. 

A topographical survey was taken using a reflector-less laser from the top of the slip scarp. But 
given the geometry of the slip scarp it was not considered safe to carry out exploratory holes 
within the slip as required to continue development of the geological ground model. Therefore, 
a second attempt at mapping the slip was undertaken by getting down the adjacent slopes and 
observing the slip from below. This proved successful as several small outcrops of in-situ 
material were observed within the slip. 

Figure 4: Photograph of the slip soon after it had occurred

The ground model used for engineering design therefore was constructed using the site mapping 
and extrapolated using the topographical survey. 

The remedial option recommended by the writer and chosen by Waikato District Council was a 
70° geogrid reinforced slope. The purpose of recommending this option was to allow flexibility 
during construction if the anticipated ground conditions were not realised.  

To manage this risk; the uncertainties of the ground conditions were communicated to and 
accepted by Waikato District Council; the engineering design assumed a pessimistic remedial 
slope height; and construction hold points were specified to inspect the actual ground conditions 
to allow design changes at the start of construction if required. 

The final outcome was that the slope height was 0.5m less than anticipated, however, the 
excavation revealed more than just fill material, as there were two buried topsoil layers the 
writer believes that there was also debris of a previous slip at this location that was subsequently 
buried in the formation of the road by the placement of a considerable quantity of fill material. 
Even though the actual ground model was more complex than first thought, the engineering 
design was sufficient to cope. 

Keys to success at this site were:
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 Mapping of the site was critical to the development of the ground model, 
 Clear communication of risk with the client meant there were no surprises during 

construction, and 
 The use of a flexible solution and construction hold points to finalise the ground model. 

4 CONCLUSIONS 

In order to have cost effective lasting slip repairs for rural roads the development of the ground 
model is essential. Not only does the ground model enable a sound basis for engineering design 
and decision making, but without a ground model the risks of increased construction cost and 
delayed construction are increased as a result of unexpected ground conditions. 

Determining the ground model should at least include: aerial photo analysis, checking 
geological maps, site visit and engineering geology mapping, topographical cross-sections, and 
some intrusive site investigation. These are aided by an Engineering Geologist and their good 
knowledge of geomorphology, landslide processes, and local knowledge of the geology. 

The ground model is not final until the actual ground conditions have been revealed and it is 
advisable therefore to check the ground conditions during construction by means of construction
hold points. 

Flexible remedial options that can be easily revised and modified during construction have 
proven to be worthwhile in order to cope with ground conditions that differ from the predicted 
ground model. 
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ABSTRACT 
 
From the 13 to 15 December 2011 Nelson City and the Tasman District experienced a severe 
rainstorm that inundated the region and caused extensive flooding and landslips.  In Nelson City 
the rainstorm equated to a 1 in 200 year storm event. The flooding and landslips resulted in 
extensive damage to properties, the local road network and also threatened key lifelines. As a 
result of the widespread damage and the imminent risk to critical infrastructure a State of 
Emergency was declared by Civil Defence.  

In response to the State of Emergency geotechnical engineers from around New Zealand 
mobilised to provide assistance and on the ground engineering and risk assessments. This paper 
outlines the engineering assessment Aurecon carried out for the Maitai water pipeline, a key 
lifeline for Nelson City, immediately following the rainstorm. The paper focuses primarily on 
the alternative engineering approach Aurecon utilised in carrying out rapid field-based 
assessments along the pipeline alignment. The assessments included the implementation of 
temporary remedial design solutions aimed at ensuring continued pipeline serviceability and the 
supply of fresh water to Nelson City. 

1 INTRODUCTION 
 
In the lead up to Christmas 2011 with the peak summer holiday period fast approaching Nelson 
City and the wider Tasman District experienced a severe rainstorm that inundated the region and 
caused extensive flooding and landslips. Over a 48 hour period from the 13 to 15 December 
2011 the top of the South Island was subjected to prolonged and intense rainfall, with up to 
674mm of rainfall being recorded at Takaka, and approximately 300mm of rainfall being 
recorded in Nelson (refer to Figure 1).   

In Nelson City the rainstorm equated to a 1 in 200 year Annual Exceedance Probability (AEP) 
event while in Takaka it was equivalent to a 1 in 500 year AEP event as the township received  
nearly one third of its annual rainfall over 48 hours. The heaviest rainfall occurred in the lower 
elevation coastal areas, within 2km to 5km of the coastline, and these lower elevation areas bore 
the brunt of the rainstorm damage. This damage was the result of numerous landslips including 
debris flows (Varnes, 1978) that occurred in the steep hillslopes around Nelson City including 
the steep side slopes of the Maitai Valley, which is located between 4km and 8km to the 
southeast of Nelson. River and stream flooding also caused damage with much of the flooding 
being a result of waterways spilling water after becoming choked with large volumes of rocks, 
silt and logs.
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Figure 1:  Rainfall distribution in the Tasman District (Tasman District Council, 2012) 

2 STATE OF EMERGENCY AND ENGINEERING RESPONSE 

A State of Emergency was declared on the evening of Wednesday 14 December 2011 and a 
Civil Defence Emergency Operations Centre (EOC) was established at the Tasman District 
Council offices in Richmond.  The State of Emergency was to last almost two weeks before 
being lifted on the 27 December. The event saw a mobilisation of engineering personnel on a 
scale never seen before for an emergency event in the Nelson/Tasman region. A specialist 
Geotechnical Response Unit was established as part of the Civil Defence team which was a first 
for an emergency response in the region. Overall more than eighty geotechnical engineers and 
engineering geologists representing some 10 firms were involved in the response, with a peak of
over 40 personnel mobilised in a single day. 

For the first two days of the state of emergency Aurecon provided assistance with their Nelson 
based engineers. By Friday 16 December this response was expanded and an additional five 
geotechnical engineers and engineering geologists from Aurecon’s Christchurch and Wellington 
offices were mobilised in the field.  Over the ten day period from 14 December to 23 December 
a total of twenty Aurecon personnel provided assistance as a part of the Civil Defence response 
team. 

A primary focus of the engineering response was to undertake damage and risk assessments of 
the numerous residential buildings and properties that were damaged by the flooding and 
landslips. For these property inspections a two-person engineering/technical team was 
accompanied by council building inspectors and welfare staff. The inspections (and numerous 
re-inspections) of residential properties continued up until Friday 23 December, with just under 
1,000 property inspections being carried out during the state of emergency. 

Engineering personnel were also involved in the assessment of council infrastructure at a 
number of sites.  Of critical importance were key lifeline links, namely the Rocks Road section 
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of State Highway 6 and the Maitai Pipeline, which provides the main water supply into the 
Nelson urban area. 

3 MAITAI PIPELINE 
 
The Maitai Pipeline was constructed in 1963 and is the principal water supply pipeline serving 
Nelson City and the surrounding urban area. The pipeline is approximately 9.0km long 
extending from the Maitai Dam and reservoir, to its terminus at the Nelson Wastewater 
Treatment Plant (NWTP) near Brook Street. For most of its length the pipeline lies above 
ground and is founded on shallow foundations constructed on a sidling cut bench (refer to 
Figure 2). The bench forms a dual purpose in that it also provides an access track to the 
pipeline. The pipeline is typically formed of 900mm diameter concrete pipes, apart from where 
it crosses from one side of the valley to the other where the syphons consist of 740mm diameter 
steel pipe. 

The Maitai Pipeline is considered to be critical infrastructure for Nelson City. In their Water 
Supply Asset Management Plan, NCC assessed the pipeline as their most at-risk water supply 
asset.  In response to this, NCC is at present duplicating the section of the pipeline between the 
Maitai Dam and the NWTP with a new main currently being constructed along the Maitai 
Valley Road.

Following reports of localised slips around the pipeline immediately following the rainstorm, 
staff from Fulton Hogan (the contractor responsible for the pipeline duplication project and 
having construction plant already in the area), NCC and Aurecon undertook a preliminary 
helicopter flyover along the pipeline alignment to ascertain if the pipeline was still intact. This 
aerial reconnaissance identified a number of landslips along the pipeline alignment that had both 
inundated sections of the pipeline with slip debris evacuated from the hillslope above the 
pipeline, and evacuated ground from immediately below the pipeline. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 2:  A section of the Maitai Pipeline constructed on a sidling cut bench 

Landslip below 
the Maitai 
Pipeline
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4 EMERGENCY CONTINGENCY PLAN 
 
Prior to the pipeline aerial flyover Aurecon engineers, NCC staff and Fulton Hogan staff 
compiled an emergency contingency plan that was to be used for the immediate repair and 
reinstatement of any damaged sections of the pipeline. This work was completed in the early 
hours of Friday December 16, with the helicopter flyover at first light that morning confirming 
the contingency plan as being appropriate. 

This contingency plan comprised the following: 

1. An initial action plan that outlined key personnel to be contacted in the event of any 
damage or loss in pipeline pressure including staff at the Maitai Dam, NWTP, NCC, 
Aurecon and Fulton Hogan, and an outline of steps to be undertaken in order to 
facilitate the mobilisation of resources to investigate and repair any pipeline damage. 

2. Nelson City Council water reticulation changes to the pumping regimes and temporary 
isolation of the network. 

3. Details of temporary remedial repair options for likely pipeline damage scenarios 
including: 

 Replacing sections of pipe damaged by debris impact and securing the 
replacement pipe length in place using proprietary couplings/gibaults for 
broken sections, and tapping bandages for punctured sectional repairs. 

 Temporary reinstatement of any evacuated sections of the pipeline by 
constructing a pipe bridge repair utilising steel piping, an I-beam or timber 
beam strong backs and ratchet strops. 

4. Pipeline access routes for assessment personnel and construction plant. The access plan 
took into consideration access constraints caused by river and road flooding, and 
landslip damage. 

5. Contractor response crews and plant requirements to construct pipeline repairs 
including helicopters, hydraulic excavators and welding equipment and Health and 
Safety requirements. 

5 ENGINEERING WALKOVER ASSESSMENT  
 
Following the aerial reconnaissance Civil Defence identified a need to undertake a more 
detailed engineering walkover inspection along the entire pipeline alignment between the Maitai 
Dam and the NWTP. Aurecon mobilised a field assessment team of geotechnical engineers and 
engineering geologists to walk the entire pipeline alignment and assess whether the landslips 
observed during the aerial flyover had ruptured or damaged the pipeline or posed an imminent 
threat to the pipelines stability. This assessment team included senior geotechnical staff that had 
previous experience in emergency response damage and risk assessments. 

Field staff used a generic damage and risk assessment sheet to document landslip areas and 
assess whether there was any damage or imminent risk to the pipeline. The positions of landslip 
areas were determined using hand held GPS units, or by annotating aerial photographs where 
GPS satellite coverage could not be obtained. At the conclusion of each day’s walkover a 
debriefing was held with the Civil Defence Controller at the EOC.  While this added to an 
already long day in the field, it provided Civil Defence with a daily update on the risk to the 
pipeline, the need for any urgent remedial works and also allowed for the efficient allocation of 
staff resources. 
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Figure 3:  A section of the Maitai Pipeline inundated by overslip debris 

The engineering walkover inspection identified that several sections of the pipeline had been 
buried by debris evacuated from landslips above the pipeline (overslip) as shown in Figure 3. 
However, Aurecon’s inspection of the pipeline identified that these overslips had not ruptured 
or damaged the pipeline. Following the field assessment Aurecon made a number of 
recommendations to Civil Defence in relation to overslip sites including the following: 

 Clearing of toppled trees which had fallen on top of the pipeline. 

 Felling and controlled removal of several trees above the pipeline which were at 
imminent risk of toppling, as this could trigger additional slope instability above the 
pipeline. 

 Regrading overslip debris that had buried sections of the pipeline in order to form an 
earth ramp, with the objective being to protect the pipeline from retrogressive slope 
instability.  

Of greater concern were a number of large landslips that had occurred in the steep sloping 
ground below the pipeline alignment (underslips), which threatened to undermine sections of 
the pipeline. Aurecon’s field assessment team identified two critical underslip sites (“Sites 1 and 
2”) where there was a relatively high risk of retrogressive slope instability taking into account 
the forecast of further inclement weather in the region in the following days. The headscarps of 
both of these critical underslip sites were located in close proximity to the pipeline (refer to 
Figure 4) and it was assessed that retrogressive slope instability in these areas could result in 
evacuation of a section of the pipeline. 
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Figure 4:  A section of the landslip headscarp at critical “Site 1”

Critical “Site 1” consisted of a large en-echelon type slope failure that extended over a length of 
50m in the steep hillslope below the pipeline alignment. The slope failure had not completely 
evacuated the ground below the pipeline and cut bench but there was a risk of additional slope 
instability in this area. Critical “Site 2” consisted of a large slope failure that was approximately
25m wide at the crown of the slip scarp.  Significant tension cracking was observed in the steep 
hillslope below the pipeline and a secondary debris flow failure had occurred at the left margin 
of the landslip area. 

6 REMEDIAL WORKS - A PRACTICAL APPROACH 
 
Scarp soil exposures and Scala penetrometer probe tests undertaken at both sites identified a 
layer of weak subsoil extending down the body of the landslip areas and lower hillslope. This 
weak subsoil was inferred as being weak push-over fill material originating from the 
construction of the cut bench. The slope failures were likely caused by the saturation of the 
weak push-over fill material (as a result of seepage, existing pipe leaks and uncontrolled 
stormwater runoff originating from forest tracks above the landslips), which reduced soil shear 
strength thereby triggering slope failure.  

Following the assessment of critical “Site 1” Aurecon, acting on behalf of Civil Defence,
instructed Fulton Hogan to immediately construct temporary drainage control works at the edge 
of the pipeline alignment, above the landslip headscarp.  This temporary drainage control took 
the form of an interceptor drain that comprised a shallow subsoil drain overlain by a half round 
polyethylene surface channel as shown on Figure 5. The drain also tapped existing seepage 
zones and pipe leaks and discharged the water into the surface channel.  
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Figure 5:  A section of the temporary interceptor drain constructed at critical “Site 1”

A bagged earth bund was also formed at the downslope edge of the surface channel to mitigate 
any overflow from surface stormwater that could potentially outlet directly onto the landslip 
area, below the interceptor drain. In addition fine grained slip debris was tamped into incipient 
scarplets that extended across the landslip area using a kango hammer. The subsoil drain and 
surface channel were discharged down on to the flat ground below the landslip scarp via a 
flexible Novacoil pipe and polyethylene flume respectively. 
 
Following Aurecon’s assessment and field testing at critical “Site 2”, and discussion with 
Tonkin and Taylor (who had previously carried out a detailed geotechnical and risk assessment 
of the pipeline alignment), it was recommended to Civil Defence that remedial works in the 
form of a palisade wall be constructed at the site in order to buttress the edge of the cut bench, 
and prevent the pipeline from being undermined by retrogressive slope instability. A palisade 
wall comprising a row of closely spaced H5 Tanapoles encased in concrete was subsequently 
constructed along the downslope edge of the cut bench, between the landslip headscarp area and 
the pipeline. Provision was also made during construction to allow for the future installation of 
tie-back ground anchors if required. 

The selection of suitable remedial works at critical landslip “Sites 1 and 2” was kept as simple 
as possible, and was an exercise in practical/rule of thumb engineering. This approach 
recognised both difficulties in the site access and construction staff and plant constraints in the 
aftermath of the rainstorm. Design elements and construction details associated with the 
remedial works were largely identified in the field, and construction observations were carried 
out by the designers which allowed for flexibility in both the design and construction. The 
construction of the temporary drainage improvements at “Site 1” was completed within four 
days of the initial field assessment, while the palisade wall construction was largely completed 
within a week of a rapid engineering assessment and design process.  

344



345

N
ew

 Z
ea

la
nd

 G
eo

te
ch

ni
ca

l S
oc

ie
ty

 In
c.

 1
9t

h 
S

ym
po

si
um

, Q
ue

en
st

ow
n 

20
13

C
A

S
E

 H
IS

TO
R

IE
S

 –
 1

 
 

Ellis, R.M., Fon, A.J.A., & Haydon, S.L.  (2013) 
Nelson-Tasman December 2011 Storm, Maitai Pipeline Emergency Engineering Response

 

 
 

7 CONCLUSIONS 
 
The Nelson Tasman December 2011 storm highlighted the need for a rapid and well-
coordinated engineering response, with the mobilisation of a large number of engineering 
personnel being critical to completing the numerous property and infrastructure inspections that 
were required over a relatively short period of time. Where not already in place consideration 
should be given to compiling and maintaining a register of suitably qualified and experienced 
engineers and technical specialists to act as first tier responders for the types of emergency that 
may arise in the future. The skills and knowledge learnt from previous emergency response 
efforts should not be lost! 

For the Maitai Pipeline the use of an initial aerial flyover supplemented by an engineering 
walkover inspection allowed for the rapid identification of high risk areas along the pipeline 
alignment.  The construction of the temporary drainage improvement works and the palisade 
wall at critical landslip “Sites 1 and 2” along the pipeline alignment gave NCC and Civil 
Defence a degree of reassurance that this critical infrastructure would not be compromised 
during the State of Emergency, and that water supply to the Nelson urban area would be 
maintained. 
 
The emergency contingency plan compiled by Aurecon provided the basis for the rapid 
mobilisation of engineers, key stakeholders, and contracting staff and equipment in the event of 
a pipeline rupture. Moving forward a similar response approach to that used for the Maitai 
Pipeline could be adopted by both Territorial Authorities and Civil Defence for assessing and 
maintaining critical infrastructure in the event of any future emergency.

One outcome of the December 2011 storm was the need for Territorial Authorities to not only 
identify critical infrastructure that could be threatened, but to also have a contingency plan in 
place to ensure that the continued performance of the most ‘at  risk’ assets during any future 
emergency. This is of particular relevance for critical infrastructure where long-term solutions 
have not been identified, or cannot be enacted due to financial or other constraints. This might 
even extend to devising and outlining potential engineering solutions for likely or possible 
modes of asset failure. The necessary materials and plant to construct remedial works can then 
be identified and made readily available, enabling a rapid response if required. 
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ABSTRACT 
In 2012 the Earthquake Commission (EQC) initiated the largest geotechnical investigation 
programme ever undertaken in the world to assist with the Canterbury earthquake recovery 
process.  

In the early stages of this project it became apparent that considerable variability existed among 
investigation contractors with respect to issues such as their level of knowledge, use of and 
compliance with international test standards (primarily D6066-11 in the case of SPT testing),  
output format, and, QA/QC.  In addition, differences in the interpretation and/or application of 
the most appropriate test standards were observed. 

Through a process of consultation and technical auditing during the field investigations, the 
authors developed a number of techniques to correct differences and standardise operating and 
reporting methodologies across the project subcontractors.  This resulted in an increased 
awareness and adherence to the relevant test standards, and improved the consistency and 
quality of the data obtained.   

The lessons learnt on this project, and the associated corrective measures, resulted in continuous 
improvement in the quality of data and an increased degree of confidence in the investigation 
results. Furthermore, the authors believe that the lessons learnt, if implemented across NZ 
practice, will significantly improve the quality of geotechnical investigation data collected. 

1 INTRODUCTION 
In 2012 the Earthquake Commission (EQC) commissioned Tonkin & Taylor Ltd (T&T) to 
undertake a post-earthquake geotechnical investigation in Christchurch to collect key data in the 
residential areas which were worst affected by liquefaction.  

The investigation area encompassed approximately 28,000 residential properties. In total 
approximately 1,440 machine drill holes, 4,723 cone penetrometer tests, 23,000 linear metres of 
Multi-Channel Analysis of Surface Wave (MASW) survey line, and, over 8,000 individual 
laboratory tests were completed following the M6.3 earthquake which occurred in Christchurch 
on 22 February 2011.  Our research indicates the EQC Geotechnical Investigation Project (EQC 
GI Project) is currently the largest single geotechnical investigation programme ever completed 
in the world. 

From EQC’s perspective, the primary objectives of the EQC GI Project were to: 

 Provide sufficient “deep” (i.e. 10 to 20m below ground) geotechnical data to enable the 
assessment and design of all repair and rebuild works which were to be completed under 
the Fletcher EQC Recovery (EQR) programme. 

 Provide sufficient deep geotechnical investigation data to support any necessary building 
consent applications which are associated with the FEQR programme. 
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 Provide all necessary deep geotechnical investigation data which was required by the EQC 
Land Damage Assessment Team (LDAT). 

 Ensure that the EQC GI Project did not result in any delay to the EQR or LDAT 
programmes, and, 

 Store the data collected in a way that readily enabled access by users throughout the EQC 
and EQR organisations.  

Analysis of appropriate and reliable post-earthquake geotechnical information is a fundamental 
component of practically all significant post-earthquake construction projects in Canterbury. In 
addition to fulfilling the primary objectives of EQC, the data collected on this project has been, 
and continues to be used to help make key decisions at all levels of the recovery process 
including: 

 The development of zoning maps. 
 Scientific research to advance knowledge and understanding of liquefaction and seismic 

response of buildings and infrastructure. 
 Studies to improve knowledge of the geological and hydro-geological regime beneath the 

wider Christchurch area. 
 Engineering analysis of local and regional future liquefaction risk and/or indicative ground 

surface deformation. 
 Design of earthquake repair work, and, 
 Assessment and settlement of private insurance claims. 

Due to the nature and variety of uses of the EQC GI Project data, it was essential to collect high 
quality, reliable data. It was also critical that the data was made available to the agents of 
recovery as soon as possible after acquisition. 
The project program required a peak production rate of over 200 CPT’s and 35 boreholes per 
week. In order to achieve these production rates geotechnical personnel from over twenty 
consultancies were seconded to the project team. Each field team member passed through a
rigorous core logging, rig supervision and health and safety training program at the start of their 
involvement to ensure consistency of output and safe working practices were followed.  

2 COLLABORATION 
In the early stages of the Canterbury earthquake recovery process it was identified by EQC and 
T&T that considerable financial and programme savings could be achieved by all major 
stakeholders if a collaborative approach was adopted for the post-earthquake geotechnical 
investigations. Such savings would primarily be achieved by all major insurers sharing 
investigation results. This would enable each party to optimise and reduce the total number of 
geotechnical investigation locations in their respective programmes, by using data collected 
from adjacent sites by others.  It was also expected that this approach would help to alleviate 
resource constraints that existed in the early stages of the recovery process, within the 
geotechnical investigation and engineering consultancy sector; in particular the availability of 
drilling and CPT rigs. The geotechnical collaboration partners, and the insurer(s) which they 
represented, are listed in the following table. 

Table 1: Geotechnical Collaboration Partners  
Geotechnical Consultant Insurer Client(s)

BECA MAS
Coffey Geotechnics Ltd IAG / Tower / State / NZI / Lantern / BNZ / ASB
Golder and Associates Southern Response

MWH / Riley Consultants Ltd VERO / AA Insurance / ANZ National / SIS Insurance
Tonkin & Taylor Ltd EQC / EQR

347



348

N
ew

 Z
ea

la
nd

 G
eo

te
ch

ni
ca

l S
oc

ie
ty

 In
c.

 1
9t

h 
S

ym
po

si
um

, Q
ue

en
st

ow
n 

20
13

 
 
 

Fairclough A, Ashfield D J, (2013) 
The EQC Geotechnical Investigation Project 

Key Issues and Lessons Learnt During CPT and SPT Investigations 

Collaboration also had considerable technical benefits as it allowed the geotechnical experts 
from each of the major insurance companies to discuss and generally agree key procedures and 
standards, and, better understand the fundamental approaches which had been adopted by each 
party. This ultimately led to the publication of a field manual which is helping to ensure that the 
geotechnical data which is collected by the Canterbury Geotechnical Database (CGD) user 
group is of maximum value to the wider industry and recovery process. A general description of 
the CGD is provided later in this paper. 

The key objectives of the EQC GI Project field manual were to ensure the data collected: 

i) Represented “international best practice” to the maximum extent practical;
ii) was robust and reliable, and, 
iii) was suitable to use in conjunction with the liquefaction assessment methods stipulated in 

the  MBIE (formally DBH) document “Guidance, Repairing and Rebuilding Houses 
Affected by the Canterbury Earthquakes”

A full copy of this field manual can be downloaded from the Canterbury Geotechnical Database 
(CGD) website ( https://canterburygeotechnicaldatabase.projectorbit.com ). The authors of this 
paper suggest that the information contained within this field manual is of great benefit to those 
who are planning to execute deep geotechnical investigations in the wider Canterbury area. Of 
particular note in this comprehensive document are the “Field Audit Checklists” for borehole 
and CPT investigations. These checklists are of great value to geotechnical professionals who 
wish to confirm their investigation methodologies are in general compliance with the relevant 
ASTM standards.  

During the early stages of the project, EQC established a centralised geotechnical and general 
engineering database based on the “Project Orbit” software package. The Project Orbit software 
was developed by T&T, and adopted by EQC, to assist with their earthquake recovery program. 
Management of the EQC geotechnical database was transferred the Canterbury Earthquake 
Recovery Authority (CERA) during April 2012, to help ensure its long-term success, and the 
site rebranded as the Canterbury Geotechnical Database (CGD). A great wealth of data is freely 
available through the CGD, including borehole logs, laboratory test results, CPT data, MASW 
survey lines, historic aerial photographs, LiDAR survey maps, and seismic shaking maps. 

The results of the EQC GI Project were published and made available to key stakeholders as
soon as possible via the CGD. This ensured timely and maximum value from this information 
was afforded to the wider recovery processes. The CGD has now been accessed many thousands 
of times by a range of organisations including insurance companies, engineering consultancy 
firms, contractors, local authorities, government agencies and higher education institutions. 
Every borehole and CPT record that has been undertaken as part of the EQC GI Project has 
been downloaded by multiple organisations and utilised in numerous ways to assist in the 
recovery process. 

3 INVESTIGATION TECHNIQUES AND COSTS 
The geological and hydro-geological conditions which underlie the wider Christchurch area are 
technically challenging and/or complex in many areas. Careful selection of the investigation 
type and/or technique was essential to ensure sufficient and appropriate data was obtained at 
each investigation location. Investigation costs can be somewhat more expensive than other 
parts of New Zealand, such as Auckland, due to the variability of the sub-surface stratigraphy 
and primarily loose, non-cohesive nature of the underlying materials. The presence of artesian 
ground water pressures, in some locations, adds a further level of complexity and/or challenges 
in the region. 

In summary, and paraphrasing that which was previously described, the primary objective of the 
EQC GI project was to gain sufficient deep geotechnical data to enable completion of the EQR 
and EQC LDAT programs. With these objectives in mind, and the fact that these programs dealt 
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entirely with low-rise residential dwellings, the following general principles were adopted 
during the planning phase for the project scope of work: 

 Cone Penetration Testing (CPT) soundings were judged to provide more consistently 
reliable data for liquefaction assessments relative to drilling and SPT. This was in part due 
to the wide variation in drilling practices and equipment after the earthquakes, and also the 
ability to obtain a continuous record through the highly variable Christchurch soils.  As 
such, and due to the considerable cost advantages, CPT investigations were specified 
wherever ground conditions allowed. 

 Machine drill holes with a prime objective of “full core recovery” were undertaken at a
minimum ratio of 1 drill hole per 10 CPT’s to:
- enable visual confirmation of the material descriptions derived from the CPT data; and,  
- enable laboratory testing to be undertaken so that any future liquefaction susceptibility 

analysis could be “optimised” by fine-tuning of the liquefaction triggering threshold. 
 After a period of experimentation, the high-frequency sonic method was identified as the 

preferred drilling technique due to the superior core recovery rates which were being 
achieved. For the purposes of this paper high frequency drilling is defined as equipment 
where the core barrel oscillates at a frequency greater than 100 Hz. 

 An assessment of the SPT results which were gained on this project from sonic, HQ triple 
tube and rotary mud drilling techniques confirmed some doubt existed in certain specific 
situations as to the reliability of SPT’s. As such, where ground conditions resulted in 
shallow refusal of CPT, rotary mud drill holes with SPT’s at a1.0m to 1.5m interval were 
usually undertaken in place of a CPT to gain the additionally required data. 

 An investigation target depth of 20.0m was adopted in locations where it was desirable to 
gain an understanding of the liquefaction risk over the full soil profile. In locations where 
the primary purpose of the investigation was to assess likely ground performance in a 
future seismic event, by using the recently published Liquefaction Severity Number (LSN) 
(Ballegooy & Lacrosse 2013) technique, a target depth of 10.0m was adopted. 

 Finally, the procedures outlined in the U.S. test standards ASTM D5778 and D6066 were 
adopted to ensure compatibility with the liquefaction susceptibility and risk assessment 
methodologies that are referenced in DBH/MBIE and NZGS publications. 

The project planning and design team continually worked to optimise the investigation 
programme and reduce the overall cost without adversely affecting the quality of output. Sonic 
drilling equipment was mobilised to the Canterbury Region on the back of the EQC GI Project 
to achieve higher levels of core recovery and drilling production. This technique is now 
recognised as one of the best drilling methods currently available for the recovery of 
continuous, high-quality borehole sample in Canterbury alluvial soils.  

Multi-channel Analysis of Surface Waves (MASW) geophysical survey lines were employed 
liberally on the EQC GI Project to provide additional information between CPT and borehole 
locations. The use of this technique for this project, and the release of this data to key 
stakeholders, has seen a dramatic increase in the use of this rapid and cost-effective tool in 
Christchurch. The MASW technique has proven invaluable for providing an indication of the 
continuity and variability of key sub-strata between borehole and CPT locations. It has also 
proven useful in the identification of zones of high interest such as the presence of an old river 
channel in-filled with soft soils. 

Table 2 summarises the average cost to complete one 20-metre deep CPT investigation in 
accordance with the requirements stipulated in the project field manual. The information 
presented in Tables 2 and 3 below has been provided to the industry as a benchmark for future 
investigations, and, to assist the industry to secure adequate budget to enable robust, reliable 
data to be obtained. It should be noted that, on the EQC GI Project, it was most common that 
only 1 CPT would be undertaken on a site. As such the costs per CPT for the desk top study, on-
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site service clearance, on-site service mark-out, and supervision components are higher than 
would be expected if several investigations were undertaken on a single site. 

Table 3 summarises the average cost to complete one 20-metre deep high-frequency sonic 
machine drill hole, with SPT’s at 1.5m centres, in accordance with the requirements stipulated 
in the project field manual.  

Table 2: Summary of Average CPT Investigation Costs  

Item Description Average Cost 
Per CPT

(Excluding GST)
A CPT contractor costs:

(20.0m deep probe, 1 No dissipation tests per CPT)
$     605.00

B Property owner access permission: $       53.00
C Traffic management (if required): $     135.00
D Site clean-up and final reinstatement: $ 180.00
E Desk top study, on-site service clearance, on-site mark-out, and 

vacuum excavation over initial 1.5m depth:
$     570.00

F Co-ordination, supervision, review and audit of CPT data, processing 
and formatting of data:

$     346.00

G Survey of as-built CPT location:  $       74.00

H Publication of data to the CGD in multiple formats: $       24.00

TOTAL WITH TRAFFIC MANAGEMENT (excluding G.S.T.): $  1,987.00

Table 3: Summary of Average Machine Drilling Investigation Costs  

Item Description Average Cost 
Per Drillhole

(Excluding GST)
A Drilling contractor costs:

(20.0m deep hole, full core recovery, SPT’s at 1.5m centres, hole 
backfilled to ECAN requirements and install 6.0m deep piezometer
with 2.0m long screen in top of hole)

$ 6,140.00

B Property owner access permission: $       53.00
C Traffic management (where required): $     266.00
D Site clean-up and final reinstatement: $ 296.00
E Desk top study, on-site service clearance, on site mark-out, and 

vacuum excavation over initial 1.5m depth:
$ 570.00

F Co-ordination, full-time supervision and logging of bore holes: $ 1,950.00
G Survey of as-drilled location:  $       74.00
H Core photography, compile final album: $ 251.00
I Lab test sampling and forwarding to lab: $ 130.00
J Production of final bore hole log, rigorous QA of log: $ 675.00
K Publication of borehole data to the CGD in multiple formats: $ 34.00
L Lab testing (5 No % fines tests & 5 No water content tests per hole): $     630.00
M Core Storage (12 months): $ 288.00
N Core disposal to landfill: $     190.00

TOTAL WITH TRAFFIC MANAGEMENT (excluding G.S.T.): $ 11,547.00 

4 SPT HAMMER EFFICIENCY MEASUREMENTS 

The SPT hammer efficiency is a key input variable which must be measured in order to enable 
high quality, accurate and robust liquefaction susceptibility and settlement analysis to be 
completed.  ASTM D6066-11, which outlines a methodology for the measurement of this 
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variable, recommends that Standard Penetration Test (SPT) N values be normalised to a “60% 
drill rod energy ratio” by multiplying the raw field data by the ratio of the measured energy 
transferred to the rod and 60% of the theoretical potential energy. This correction, which is 
commonly referred to as the N60 correction, compensates for variability in efficiencies between 
different SPT hammers. 

On the EQC GI Project several SPT hammers were tested in accordance with the 
recommendations of ASTM D4633-10 using a Pile Driving Analyzer® (PDA) system. An 
instrumented section of drill rod was installed below the hammer anvil to measure the strain and 
acceleration which resulted from a hammer blow. The PDA then calculated the amount of 
energy transferred to the rod by the force-velocity approach.  

Tables 4 and 5 summarise the results of the PDA testing which was undertaken as part of the 
EQC GI Project to measure the SPT hammer efficiency. 

Table 4: Summary of Measured Energy Transfer Ratios on Auto SPT Hammers 

Project Rig  
Reference 
Number 

Description of Drill Rig and SPT Hammer 
Arrangement 

Measured 
Transferred 

Energy1 

Measured 
Energy 

Transfer Ratio1 
1 Sonic Drill Rig with Auto SPT Hammer 0.481kNm 101.3 % 
2 Sonic Drill Rig with Auto SPT Hammer 0.249kNm 52.5 % 
3 Direct Push Rig with Auto SPT Hammer 0.386kNm 81.9 % 
4 Sonic Drill Rig with Auto SPT Hammer 0.452kNm 95.2 % 
5 Sonic Drill Rig with Auto SPT Hammer 0.402kNm 84.8 % 
6 RotoSonic Drill Rig with Auto SPT Hammer 0.405kNm 85.4 % 
7 Sonic Drill Rig with Auto SPT Hammer 0.433kNm 91.2 % 
8 Sonic Drill Rig with Auto SPT Hammer 0.431kNm 90.7 % 

Range 52.5% to 101.3% 
Average 85.4 % 

Note 1: In accordance with the recommendations of ASTM D4633-10 the numbers reported 
above are the average of several PDA test results. 

Table 5: Summary of Measured Energy Transfer Ratios on Trip SPT Hammers 

Project Rig  
Reference 
Number 

Drill Rig 
Measured 

Transferred 
Energy1 

Measured 
Energy 

Transfer Ratio1 
9 Rotary Drill Rig with Trip SPT Hammer 0.269kNm 56.7 % 

10 Rotary Drill Rig with Trip SPT Hammer 0.266kNm 56.1 % 
11 Rotary Drill Rig with Trip SPT Hammer 0.341kNm 71.8 % 
12 Sonic Drill Rig with Trip SPT Hammer 0.402kNm 85.6 % 
13 Sonic Drill Rig with Trip SPT Hammer 0.300kNm 63.0 % 
14 Sonic Drill Rig with Trip SPT Hammer 0.295kNm 62.1 % 

Range 56.1% to 85.6 % 
Average 65.9 % 

Note 1: In accordance with the recommendations of ASTM D4633-10 the numbers reported 
above are the average of several PDA test results. 

From Tables 4 and 5 it can be seen that considerable variation in SPT hammer efficiency exists 
between Contractors who are currently operating in Christchurch.  

Several statutory authorities and transportation agencies in the United States specify that SPT 
hammers utilised for liquefaction assessment projects be calibrated at regular intervals. 
BS EN ISO 22476-3 recommends that SPT hammers are calibrated at least once every 6 
months. No recommendation for a minimum SPT hammer calibration interval is prescribed in 
ASTM D4633 or ASTM D6066. 
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Based on a review of the data that is presented in Tables 4 and 5, and consideration of the 
recommendations contained in EN ISO 22476-3, it appears that best practice dictates the New 
Zealand geotechnical industry should insist that drilling contractors calibrate their SPT hammers 
at least once every 12 months for projects involving liquefaction assessment . This information 
should then be provided to their clients as part of their standard service package, similar to the 
process for CPT cone calibration certificates. Some drilling Contractors have already instigated 
a calibration program for their SPT hammers and the authors commend them for their initiative.   

5 CONCLUSIONS 
In this paper the authors have provided an overview of the EQC GI Project and discussion 
regarding the management of the project; in particular details regarding the costs associated 
with performing high quality investigations, standardisation of methodologies across several 
Contractors, and the importance of SPT hammer efficiency testing. The following key issues 
and conclusions are highlighted as a result of the EQC GI Project: 

 All parties engaged in geotechnical investigations for liquefaction assessments are 
encouraged to adopt ASTM testing standards as they relate to the methodologies which have 
been used to develop the MBIE recommended assessment techniques. Use of these standards 
would, it is believed; help increase the quality of data collection and reliability of 
liquefaction assessments in New Zealand. 

 For liquefaction susceptibility assessment purposes, the CPT was gauged by the EQC GI 
project team as being the preferred methodology due to its lower environmental impact and 
cost, the continuity of data obtained, and, methodology that addressed several potential 
issues which are present with borehole investigations such as base heave and disturbance 
during drilling adversely affecting SPT results.  

 Boreholes formed a key part of the EQC GI Project as this methodology provided data in 
those locations where unfavourable ground conditions for CPT’s were present. Information 
from the machine boreholes and associated laboratory testing program also enabled:  
- visual confirmation of the material descriptions derived from the CPT data (as 

recommended by most CPT cone manufactures); 
- laboratory testing to be undertaken so that any future liquefaction susceptibility analysis 

could be “optimised” by fine-tuning of the liquefaction triggering threshold, and, 
- a check of the CPT based liquefaction assessment to be made using the alternative SPT 

based methodology 
 Control of base heave within boreholes can be a significant issue, in particular within zones 

of artesian ground water pressure.  Heave can result in artificially low SPT blow counts, 
affect logged stratum boundaries and can lead to unreliable laboratory test results.

 Sonic drilling techniques can maximise core recovery, however there are some uncertainties 
in certain situations regarding ground disturbance and subsequent effects on SPT results. 

 SPT hammer efficiency should be measured on each rig deployed to ensure reliable and 
robust analysis is completed. 

 Laboratory testing remains important to calibrate CPT results and optimise any associated 
liquefaction assessment. An appropriate and complimentary laboratory testing program 
should not be overlooked when planning a geotechnical investigation. 

 A significant difference in interpretation of the ASTM testing standard potentially exists 
between Consultants and Contractors. This can lead to variability in the quality and/or 
accuracy of data. The authors have observed that contractor selection and pre-deployment 
discussions to agree methodologies are a key part of a successful investigation program. 

 A thorough review of all data collected, in particular from a CPT, is essential to ensure 
reliable and ASTM-compliant data is compiled. ‘Top shelf’ Contractors complete an internal 
review of their CPT data prior to issue to the Engineer. 
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 Full time supervision of drilling and CPT fieldwork by an experienced Engineer or 
Geologist, and, collaboration between Consultants and Contractors in the field will result in a
better quality of geotechnical investigation. 

 Engineers and Contractors equally need to take responsibility for ensuring high-quality 
geotechnical data acquisition is achieved.  
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ABSTRACT 

In 2012 the Earthquake Commission (EQC) initiated the largest single geotechnical 
investigation programme ever conducted in the World to assist with the Canterbury earthquake 
recovery process.  
In the early stages of this project it became apparent that considerable variability existed among 
investigation contractors with respect to issues such as their level of knowledge, use of and 
compliance with international test standards (primarily ASTM D5778-12 in the case of CPT 
testing),  output format, and, QA/QC.  In addition, differences in the interpretation and/or 
application of the most appropriate test standards were observed. 
Through a process of consultation and technical auditing during the field investigations, the 
authors developed a number of techniques to correct differences and standardise operating and 
reporting methodologies across the project subcontractors.  This resulted in an increased 
awareness and adherence to the relevant test standards, and improved the consistency and 
quality of the data obtained.   
The lessons learnt on this project, and the associated corrective measures, resulted in continuous 
improvement in the quality of data and an increased degree of confidence in the investigation 
results. Furthermore, the authors believe that the lessons learnt, if implemented across NZ 
practice, will significantly improve the quality of geotechnical investigation data. 

1 STANDARDISATION OF CPT FIELD PROCEEDURES 
 
1.1 Introduction 
 
For a general description of the EQC Geotechnical Investigation Project the reader is referred to 
the complementary paper “The EQC Geotechnical Investigation Project - Part A, Project 
Overview, Evolution and SPT Hammer Energy Calibration”.
Because New Zealand does not have a modern standard for CPT testing, the EQC GI project 
adopted the U.S. testing standard “ASTM D5778-12” for all CPT testing.
The scale of the EQC GI Project provided an opportunity like none other before in New Zealand 
to focus on attaining reliable, accurate and repeatable CPT data. The project Engineers reviewed 
CPT methodologies in detail, comparing many different contractor interpretations of how the 
test should be performed, and, what is involved to consistently meet an international testing 
standard.  
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The CPT is a complex test and ASTM D5778 outlines in detail the procedures that should be 
followed during initial preparation of the instrument, during the actual test, and, during post-
fieldwork processing of the acquired data. As a by-product of performing so many CPT 
investigations on a single project, numerous individuals and organisations have scrutinised the 
ASTM standard and its interpretation. Parts of the standard have proved to be open to 
interpretation or dated in light of the most recent cone technology, however, the requirements of 
this standard can still be ascertained from the text and all important cone calibration, tolerance 
and preparation details are covered. As the project progressed, the team developed additional 
project-specific requirements for contractors to address perceived shortcomings in the ASTM 
standard. During February 2013 the ISO 22476-1:2012 testing standard was incorporated into 
the EQC project as a cross reference document and formed part of the “Revision C” project-
specific field manual, however; ASTM D5778 remained very much the primary document. 
Standardisation of a project-specific CPT methodology began early in the project program when 
review of the cone data identified anomalies on various CPT traces which then required 
retesting. In response to these anomalies the project team instigated detailed fieldwork auditing 
processes, the initial results of which were somewhat surprising in that they revealed the broad 
interpretability of the ASTM test requirements by CPT Contractors. In addition, it was 
identified that many Contractors did not consistently meet all of the requirements of ASTM. 
This variability in testing, and associated uncertainty, led to research and collaboration with all 
CPT Contractors engaged on the project at the time with the aim of achieving consistent 
interpretation and application of ASTM D5778-12. 

1.2 Pre-start cone and equipment checks
 
As a starting point for assuring CPT data quality it is essential that: 

 All cones are calibrated in a laboratory by the manufacturer (or a suitably experienced 
manufacturer-approved organisation) at regular intervals, and, 

 The operation (i.e. ‘meterage”) of all cone’s is tracked and monitored.
The ASTM standard gives example calibration intervals but makes no formal recommendation. 
The cone calibration interval stipulated in the EQC GI Project field manual was initially 3,000m 
of testing or 12 months; whichever came first. This was quickly revised as the highly abrasive 
nature of Christchurch soils became apparent in the form of visibly deformed cone tips and 
friction sleeves. In the most recent version of the project field manual, a minimum cone 
calibration interval of once every 1,500 linear metres of testing, or 12 months, is stipulated.  
It is not, however, sufficient to simply perform a calibration at pre-set intervals. Instrument 
damage or sensor drift can occur at any point in a sounding and it is for this reason that zero 
baseline calibration and a comparison of these measurements to the full scale output readings 
(taken at the most recent cone calibration) must be made. Some of the software packages which 
are in use on CPT rigs in New Zealand perform these checks automatically and prevent further 
testing if measurements creep beyond a user definable percentage (which is specified for each 
sensor in ASTM D5778). Other common systems require manual input and intervention. In one 
case a system omitted the post sounding zero measurement entirely under the assumption that 
the equipment will only be used for intensive ‘batch’ testing.
While part of the zero baseline calibration issue lies with the software developers, the project 
team initially found the degree of knowledge, and execution of these measurements, to be 
highly variable. The project team initiated meetings, discussions and workshops with the CPT 
Contractors resulting in the development of project-specific spread sheets to calculate and cross 
check cone zero data and confirm cones operational tolerances were observed. 
Cone temperature conditioning prior to testing was another issue which was extensively 
considered on the EQC GI Project. ASTM D5778-12 goes into considerable detail regarding
warming up cone circuitry prior to testing and also homogenising the cone with current ground 
temperature. Discussions with some CPT cone manufacturers indicated that the circuitry warm-
up requirement in ASTM D5778 was obsolete. The primary reason for this was most modern 
cones contain temperature buffering technology. However, not all manufacturers agreed and the 
project Engineers continue to believe that temperature homogenisation is advisable prior to 
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testing; particularly in very soft cohesive soils where shear strength characterisation is 
important. This was confirmed by some international cone development experts whose research 
and experience suggests temperature homogenised cones produce more accurate data. 

1.3 Cone assembly 
 
The CPT cone assembly process is key to ensuring robust and repeatable data is obtained for 
every individual sounding. ASTM D5778 provides specific requirements regarding instrument 
assembly and initial audits of contractors showed great variability in the way cones were 
assembled. The project Engineers sought guidance from cone manufacturers and leading CPT 
testing research Engineers to ascertain the importance of the individual parts of the cone 
assembly process and passed this information onto the project CPT Contractors. 
The key points identified as particularly important when assembling a CPT piezo-cone include: 

 The piezo-cone tip should be assembled beneath a head of the same fluid as the pore 
pressure filter saturation medium. Such fluid is specified in ASTM D5778 as either 
glycerine or silicone oil. Water is only acceptable for use in tests where the full length 
of the sounding is saturated (i.e. in overwater/offshore testing). 

 All cone components should also be attached to the cone body by hand as the use of 
tools during assembly or removal of components may damage the cones circuitry.

 It is important to check the x ring and/or o ring seals for damage or contamination 
with soil as compromised seals can significantly affect readings.

On the EQC GI project, damage to the cone and/or the ingress of silt or sand behind the friction 
sleeve were identified as likely causes of anomalous readings such as zero skin friction 
readings, at approximately 6% of CPT locations. All tests assessed by the quality control team 
as being anomalous were repeated by the respective Contractors after corrective action had been 
taken at their own expense. None of the retest results were found to be the same as the initial 
test results. 

1.4 U2 and pore pressure measurements 
 
The EQC GI Project Engineers opted to use single-use microporous plastic or sintered metal 
filter rings for pore pressure. The other option was a grease filled, slot filter system, which is 
better suited to pushing through dry soils above the water table, however, sacrifices sensitivity 
of response to changes in groundwater pressure. This decision resolved some technical issues, 
but is expected, in some instances, to result in a loss of data accuracy for the pore pressure 
sensor. The use of microporous filter rings was assessed to be an acceptable trade-off as the 
liquefaction susceptibility analysis was to utilise data collected from the EQC piezometer 
network, and published contour maps for the shallow groundwater regime.  
While pore pressure is not of top importance in the generally cohesionless soils of Canterbury 
for the purpose of liquefaction susceptibility analysis, the project Engineers agree that the 
correct practice for this part of CPT testing should still be observed and that ‘cherry picking’
from the standard should not be advocated as it is not in the best interests of consistency. If 
undertaking CPT testing in, for example, soft clays; the correct methods and preparations 
become very important.  
In this spirit it is essential that the pore filters are prepared and stored correctly and that filter 
ring installation is in strict compliance with ASTM D5778. As soon as a filter is exposed to the 
air it starts to dry out. To mitigate this issue it is common practice to cover the cone 
immediately after assembly with an (it is to be hoped!) impervious sheath in the form of a 
handily shaped condom. This practice was found to be absent at the beginning of the 
investigation program. 
Some manufacturers sell pore pressure filters that are “reusable”, specifically those of the 
sintered bronze or aluminium type. The practice of reusing filters was promptly banned on the 
EQC GI Project upon observation of how quickly they became deformed and smeared in the 
abrasive Christchurch soils. Such abrasion blocks the pore spaces and reduces sensitivity. 
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Although a small additional cost was incurred by replacing filters for each test, the project 
Engineers believed this cost was justified given the gain in data confidence.  
It is worth noting that on the EQC GI Project deformation of metallic type pore pressure filters 
was been responsible for erroneous fs data and damaged friction sleeves in some locations.
When pushing through gravelly material it is possible to bend the upper edge of the filter so that 
it jams against the friction sleeve, loading the strain gauges and splitting the friction sleeve. 
Plastic filters have no reliability advantage as these also occasionally fail in a brittle manor 
during use. 
  
1.5 Data acquisition software 
 
The CPT data acquisition software is somewhat variable between different manufacturers. Some 
systems are fully automated, others require manual intervention, and some are incapable of 
meeting all of the requirements of ASTM D5778. Of particular interest on this project was the 
ability of a software system to check cone calibration, perform zero test measurements and 
compare these to full scale output (FSO) values measured during cone calibration.  
Provision of zero test data to the Engineer was not always straightforward as some systems do 
not generate reports with this information. ASTM D5778-12 requires these measurements meet 
a percentage tolerance and for the outputs to be provided on the sounding report. The percentage 
tolerance in ASTM is a 2% of FSO “drift” for the majority of sensors. On the EQC GI Project it 
was observed that many systems were not designed to readily provide this information and in 
one case the software did not have the ability to take a post sounding baseline test. The new 
ISO 22476-1 testing standard gives a class system with several grades of allowable sensor drift 
designed to suit a range of applications from the most accurate off-shore or very soft soil 
investigation to large scale batch testing. It is the authors’ opinion that this is an improvement 
over the ASTM D5778-12 of a single standard of 2% of FSO. It is however, noted that the 
ASTM requirement is acceptable for liquefaction assessment of cohesionless soils.   
Some CPT software systems which are currently used in New Zealand do not record cone 
meterage since last calibration. This means that there is not a method of instituting an automated 
alert if a cone is approaching the end of its specified calibration validity. While some operators 
have suggested that cone calibration is only required when an error is flagged by a zero baseline 
test, it is our experience that a cone calibration must be undertaken regularly, and independently 
of the zero baseline test, to confirm it is functioning correctly. 

1.6 Rig setup and operation 
 
The majority of CPT rigs that were employed on the EQC GI Project required ground anchoring 
prior to commencing a sounding. The anchors were usually a screw or continuous flight auger 
type design. This makes locating a CPT within an urban setting considerably more difficult with 
respect to service avoidance and paved ground has to be measured and cut accurately to allow a 
rig to anchor. 
Rig anchor is not addressed in ASTM D5778. In Christchurch problems have been experienced 
with anchors not being able to penetrate dense near surface gravels, or conversely, achieving 
adequate reaction in very soft or loose sediments. Insufficient anchor reaction capacity will 
result in premature sounding termination due to anchor failure. 
The risk of anchor failure can be mitigated by some simple procedural amendments. On this 
project the CPT Contractors were instructed to use four augers if any of the initial two felt less 
than optimum during insertion. Some anchor flights are relatively narrow and so increasing the 
flight surface area can have a dramatic effect on pull-out capacity. The final point to consider is 
the depth of the augers – in poor ground, quite simply, deeper is better. 
In the opinion of the project Engineers, stress interaction between the CPT rig anchors and the 
cone tip was an issue which needed to be considered during rig setup and operation. 
ASTM D5778 specifies CPT offset distance requirements from unbackfilled boreholes or open 
excavations although does not give much information of the impact of rig ground anchors. On 
this project it was stipulated that a minimum of three anchor auger flight diameters must be 
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maintained between the centre of the CPT probe and the centre of the anchor shaft. For most 
rigs this distance was at least three to four anchor auger flight diameters. 
The rate of cone advancement and the associated tolerance is clearly stipulated in ASTM D5778 
and it is important that a steady rate of penetration is maintained. Penetration speed may be 
controlled by computer, and the rate can be pre-set, or in some cases it is manually controlled by 
the skilful hand of the operator. In isolated incidents we have observed operators increasing 
penetration speed, with good will, in order to meet a client deadline or catch up on an expected 
rate of production. In the case of smaller rigs particularly, push rate may fluctuate more with 
variability in stratum density or material compositions. We expect such unavoidable variation to 
be reported to the Engineer by the Contractor. In a situation where excessive variation in 
penetration rate was observed, and if access constraints allowed, a CPT would be repeated at a 
slightly different location using a different style of rig. 

1.7 Cone components  
 
It is well documented that cone tip and sleeve dimensions, tolerances and relationships have a 
significant effect on data reliability, and the ASTM testing standard addresses this issue.
Anecdotal evidence suggests that errors of ±30% may result if badly worn cone tip and/or 
sleeve componentry is used to complete a CPT. As such the issue of cone wear, and the timely 
replacement of worn componentry, has been one of the highest priorities on the EQC GI project.
The project Engineers worked continuously with the CPT Contractors to educate and establish 
measurement programs to ensure out-of-tolerance cone or sleeve components were not used.
The measurement of hundreds of cone tips over the course of this project has confirmed the 
highly abrasive nature of Christchurch soils. Discussions with CPT Contractors indicate that 
cone and sleeve wear occurs two to four times faster in Christchurch soils than in other parts of 
New Zealand. Types of cone wear that were commonly observed on this project and assessed to 
be due to Christchurch soil conditions include: 

 miss-shapen cone tips;  
 unevenly worn friction sleeves (no uneven wear is allowed in ASTM D5778); and, 
 unbalanced relationships between the cone and the friction sleeve diameters.

In Christchurch cone tips can be deformed beyond tolerance after a single sounding, in 
particular if coarse gravel materials are present. The degree and rate of component wear varies 
considerably depending on the geology in the area of the city under investigation. Friction 
sleeves tracked through the EQC GI Project have been documented to last from as little as 400m 
to more than 2000m. The authors have observed that component meterage in an abrasive soil 
environment is influenced by an apparent component material quality, level of manufacture 
quality and the processes and/or degree of metal hardening etcetera.  
Rounding of the ends of the friction sleeve was also commonly observed. Several project field 
Engineers reported that this appears to encourage rapid wear of the x-ring or o-ring seals 
allowing soil/water ingress into the cone. 
Most manufacturers of cone components assure that their products are fully compliant with the 
provisions of ASTM D5778 and this appears to have been historically accepted by most 
engineers.
During the EQC GI project, a brand new friction sleeve from one CPT equipment manufacturer 
was found as not meeting the dimensional tolerances specified in ASTM D5778. With a second 
manufacturer, a similar problem was identified where the sleeve surface area was found to fall 
outside the maximum variation specified in ASTM D5778. A third manufacturer recently 
supplied replacement friction sleeves to the New Zealand market that were hardened 
incorrectly. This resulted in the sleeves being 0.3mm longer than designed, which resulted in
“cross-talk” between the cone tip and friction sleeve. As a result the cone yielded higher than 
actual friction values and erroneous interpretation of soil behaviour type. These items 
demonstrate that design and manufacturing errors do occur on occasion, and Engineers and 
Contractors should not assume that all equipment is fully compliant with in ASTM D5778. It is 
strongly recommended that this issue be fully assessed and considered prior to starting a CPT 
geotechnical investigation program. 
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2 QUALITY ASSURANCE AND CONTROL OF CPT TRACES 
 
All CPT data which was collected as part of the EQC GI Project passed through a rigorous 
quality assurance program prior to publication on the CGD.  This process comprised a number 
of steps starting with a check of the naming conventions, site address and location co-ordinates 
through to a review of the final trace to check for issues such as signal loss.  
From the start of the project there have been continuous improvements made to the reporting 
and quality assurance process which resulted in time and cost savings. Such improvements 
included creation of a standard CPT data template in Excel format, and the development of 
macros to help automate the transfer of data to a standard format. 
CPT files and traces which were generated using the standard format template were compared 
back to the original traces supplied by the contractor to ensure both correct name, location, co-
ordinates and the presence of all necessary data such as zero test measurements and cone 
calibration data. Once the traces had passed an initial review for errors and omissions, they were 
passed to the project Engineers for a thorough review of their technical content to identify any 
issues such as signal loss or zero sleeve friction. Only once the data has been accepted as being 
technically correct, or within allowable tolerances of error, was the trace uploaded to the CGD.  
In general, the most common areas of error at the start of the project were:  
Minor errors and omissions: Incorrect identification number,  incorrect 

address,  incorrect coordinates, Missing zero test 
measurements, absent cone number and / or 
calibration details.

Major technical errors and omissions: Data signal loss, zero or negative sleeve friction 
measurement, and negative cone tip resistance.

Continual improvement processes, and training to ensure all team members were fully aware of 
the importance of quality control, helped to reduce occurrence of the above errors and omissions 
as the project progressed. The following sections provide further detail on each of the major 
technical errors and omissions which are listed above. 

2.1 Data signal loss
 
Signal loss issues were encountered with most CPT rigs that had wireless data transmission 
systems. Random losses in signal were not uncommon and this resulted in test intervals up to 
120cm thick where no data was captured; sometimes at multiple depths in a given sounding. 
Signal loss can be present in both friction sleeve and cone resistance data and this error can be 
visually identified with ease on traces. Most software packages draw a straight line between the 
two data points immediately adjacent to the zone of signal loss. Alternatively, where several 
short intervals of signal interruption occur, a stepped effect results on the trace line.   
There are two common comparable methods of wireless data transmission: acoustic and radio. 
The problem of data loss was observed to occur with both methods. While research into the 
signal loss is still ongoing, the project Engineers acknowledge that this issue can be managed by 
a combination of vigilance in the field (as an experienced CPT operator will be able to identify 
signal loss as it occurs), and, office-based quality control procedures. We have contacted the 
manufacturers concerned and they have informed us that they are working to identify the 
reason(s) for the loss.
A potential way to mitigate signal loss requires CPT operators to synchronise the cone with the 
rig computer regularly, and to download any backup internal memory store at the end of each 
day’s work in case signal loss or any other data error is identified at a later date. For instances 
where more than 30 to 40cm of cumulative signal loss occurred in a sounding, the Contractor 
was required to repush the CPT at his own cost.  
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2.2 Zero or negative sleeve friction measurement 
 
Negative or zero sleeve friction errors can be visually identified on traces and can occur at any 
depth and with any wired or wireless CPT systems. It is recognised that zero sleeve friction (and 
possibly negative sleeve friction) can be a ‘correct’ reading in certain materials. However, 
erroneous results can be identified though visual inspection of the trace and raw data file. 
Generally when zero or negative sleeve friction is identified it is found to be at the top of the 
trace, indicating that the sleeve is not functioning correctly. Fs records begin at random, often 
meters into the sounding, and experienced data interpreters can tell that these ‘late’ records are 
inconsistent with the expected material behaviour that is inferred from borehole records and 
other nearby CPT data. Even if the sleeve started to respond to friction after only a few tenths of 
meters the values were found to be lower than expected, and this expectation has been regularly 
proven when a retest has been conducted next to the affected CPT investigation. The EQC GI 
project team hypothesize five possible reasons for the incorrect sleeve friction values:  
1. Incorrect assembly of the cone where the sleeve is either jammed or dirty;  
2. Ingress of soil or water due to worn or damaged x-ring seals, causing lock up;  
3. Initial deformation of the pore pressure ring jamming the sleeve before it is further worn 

allowing limited sleeve operation;  
4. The friction sleeve was held by the operators hand during a pre-sounding baseline test; and; 
5. The friction sleeve sensors are out of calibration, and this issue has not been detected by 

the zero shift baseline checking process.
In this instance the only possible solution to gain the data required, and to ensure that the data 
collected is reliable; is to repeat the test.  

2.3 Negative Cone Tip Resistance 
On rare occasions a CPT trace showed negative or zero cone tip resistance. Once again it is 
possible to register zero cone resistance in very particular circumstances, however; these 
circumstances are extremely unlikely in Christchurch soils. The accuracy of this zero cone 
measurement could only be determined by looking at the raw data file as the CPT QC trace does 
not always indicate a negative number (an allowance not made by processing software).
Regardless of the source of this error any affected tests were repeated and did not show negative 
cone resistance on the second testing. The EQC project team hypothesize three possible causes 
of the cone negative readings:  
1. Incorrect assembly of the cone; 
2. An external load was applied to the cone tip during the zero shift baseline calibration;   
3. The cone tip sensors are out of calibration. 

3 CONCLUSIONS 
 
With CPT investigations there are potentially wide variances in data quality, and testing can be 
influenced by numerous intricacies which Contractors, Engineers and occasionally equipment 
manufacturers may not be fully aware of. Whilst much of the detail discussed may not have a 
significant impact on some projects, the authors strongly believe that data quality is important, 
particularly where assessment of liquefaction potential or soft soils is concerned.   
For all projects the Owners, Engineers, and other stakeholders should consider the added value 
of conducting high quality geotechnical investigations. Implementing the practices outlined 
above does not add significant, if any extra cost to a project. In fact the collection of high-
quality geotechnical data probably saves money as it results in a more appropriate design.
Engineers and Contractors equally need to take responsibility for ensuring high-quality 
geotechnical data acquisition is achieved. Careful attention needs to be paid to the 
methodologies which are deployed in the field. A significant difference in interpretation of the 
ASTM testing standard could exist between the Engineer and Contractor and this can lead to 
variability in the quality and/or accuracy of data collected. The authors have observed that 
careful Contractor selection and pre-deployment discussions to agree methodologies and 
interpretation of the ASTM standard are a key part of a successful investigation program.
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Investigations 

 

A thorough review of all data collected is essential to ensure reliable and ASTM-compliant data 
is compiled. The best Contractors complete an internal review of their CPT data prior to issue to 
the Engineer, however, this does not relieve the Engineer of the responsibility to complete his 
own review prior to use in an engineering analysis. 
Full time supervision of drilling and CPT fieldwork by an experienced Engineer or Geologist, 
and, collaboration between Consultants and Contractors in the field will result in a better quality 
of geotechnical investigation. 
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ABSTRACT 

Following the February 2011 Christchurch Earthquake, there was significant ground shaking 
induced rockfall, which was widespread across the Port Hills area. As a consequence, a 
substantial data collection effort was required to create a Geographic Information Systems 
database that would, not only quantify the impact, but more importantly aid in the response 
efforts and future planning. 

Geographical Information Systems (GIS) can make it possible to improve knowledge of the 
geographical distribution of geohazards e.g. rockfall, cliff collapse, and mass-movement. This is 
crucial for hazard mitigation, future planning and development. As capturing data begins in the 
initial desk study phase, which is often the most time consuming task of a project involving 
GIS, it is important to have a consistent approach and methodical plan. 

This paper will focus on the lessons learnt from mapping geological hazards in the Port Hills, 
the requirements for the construction of a GIS hazard database and the importance of a detailed 
desk study. This is illustrated though our two phased approach, focusing on a primary desk 
study followed by efficient field work.  

The paper draws upon our experience in the Port Hills, and explores the capabilities and 
methods that can improve hazard mapping and how the broad applications can be used in the 
future. Considerations are given to the inclusion of a database in emergency plans, and the 
importance of a GIS database template as a pre-emptive tool to help monitor and map 
geohazards. 

1 INTRODUCTION 

The largest aftershock of the Christchurch earthquake sequence occurred at 12:51pm on the 22 
February 2011 measuring Mw 6.2, and resulted in vertical peak ground accelerations of 0.4-2.2g 
(Dellow et.al, 2011). The epicentre located beneath the Heathcote Valley in the Port Hills 
resulted in significant ground shaking induced rockfall, which appeared widespread across the 
Port Hills, as presented in Figure 1 overleaf. The rockfall mainly developed in the lava block 
bluffs situated around the Port Hills. These blocks then fell, rolled, and bounced down slope, 
and in some unfortunate cases damaged or destroyed homes and key infrastructure.  
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As a consequence, the newly formed Port Hills Geotechnical Group (PHGG), was instructed to 
begin a substantial data collection effort to create a Geographical Information Systems (GIS) 
database containing geological hazard data to aid the response efforts and future development. 

This paper will incorporate the lessons learnt from the mapping of geological hazards 
undertaken on the Port Hills, and present a more refined approach which outlines the 
importance of a detailed desk study prior to the commencing data capture. This is demonstrated 
through a two phased approach to the construction of a geohazard GIS database. 

This paper will deliver a set methodology and a procedure that can be applied to monitor or 
assess any geohazard. Including preparations which local councils and governing bodies can 
undertake to ensure a database can be efficiently set up to evaluate and monitor geohazards. 
This preparation is especially pertinent in areas susceptible to geohazards.  

Figure 1:  Aerial Image showing the location of the rockfall areas mapped in the Port 
Hills, Christchurch. (PHGG WebGIS [accessed 14/05/2013]) 

2 BACKGROUND 

The aim of collecting data for a GIS database is to provide a comprehensive coverage of 
information. The work package undertaken in the Port Hills following the Christchurch 
earthquake was focused on collecting information relating to rockfall, cliff collapse and 
landslides. This required a number of field teams comprising PHGG members and GNS, to 
locate, mark, and record details of each hazardous area, including sources of rockfall, and each 
individual boulder. Over 10,000 boulders have been mapped and added into the PHGG GIS 
system. Field teams were also tasked with collecting information relating to roads, residential 
buildings, and key infrastructure. 

Following the extensive data collection in the Port Hills, there are a number of lessons learnt. 
This includes a two phased approach to improve the speed and efficiency of the preparation, 
collection and analysis for a future event.  
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3 TWO PHASED APPROACH 

4 PHASE 1 – DESK STUDY 
It is important to recognise that the first phase in any approach to geological hazard mapping 
should involve a desk study. A thorough understanding of all relevant information including 
historic information can help to establish priority areas, determine fieldwork zones, and define 
the required data to be collected. It is important the desk study phase is carried out and the 
requirements are clearly understood by all, before conducting the fieldwork phase. 

4.1 Preliminary data collection 

Phase 1 involves the collation of all available data and information into a database before 
conducting any fieldwork. This includes aerial photography, LiDAR or topographical data, land 
use, previous investigations, information gathered in the first response, and any historic or past 
information which may be of benefit. Table 1 below outlines the data sources and the details 
they provide, which can form the base layers of the database.  

Phase 1
Desk Study

Aerial 
Photography

LiDAR Data Land Use Other Sources

Outputs
Mapping areas ranked according to risk, 
establish priority areas.
Determine field zones.
Establish data required to be collected and the 
tools required.
Field zone-maps ready to illustrate and 
confirm geomorphic features and land use.

Phase 2
Fieldwork

Field Team 
Management

Data 
Acquisition

Confirm Land 
Use

Final Outputs

Figure 2: Two Phase Approach Flow Chart.

Risk AssessmentGeomorph 
Mapping
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Table 1. Desk Study Work 

Aerial Photography
- Can help establish land use (present and past use).
- Identify preliminary areas of rock fall.
- Forms a base layer for hazard mapping.

LiDAR Data

- Detection of topographical features.
- Spatial elevations.
- Determine ‘field zones’ according to topographical features.
- Form a base layer for field map sheets.

Land Use

- Identify life-line routes and roads.
- Establish residential, recreational and rural land use.
- Identify facilities and critical infrastructure e.g. substations, 
pump houses.

Other Sources

- Previous geotechnical investigations.
- Helicopter fly-over assessments.
- Eye witness accounts.
- Details noted from the first response.
- Areas of evacuation.

 
4.2 Output 

Following the gathering of all available data and information, the field zones and required data 
can be determined for the field work phase. The importance of desk studies are well 
documented but too often are over looked. Following the 22 February 2011 Christchurch 
Earthquake there was a tremendous response to identify areas of concern on the Port Hills. 
However in the days following the earthquake it was not immediately clear what the data being 
collected would be used for (Gibbons & Kingsbury, 2013). 

Before fieldwork began on the Port Hills a well-executed desk study analysing GIS data could 
have provided initial mapping areas ranked according to risk and determined priority areas, 
outlined the data required to be collected and the method of capture, and established a consistent 
method to determine levels of risk. In the ideal situation field zone-maps would be ready to 
illustrate and field verify features identified in the desk study. In hindsight taking this approach 
could have reduced the inconsistencies in the work carried out following the initial response and 
increased the efficiency of the field work.  

5 PHASE 2 – FIELD WORK 
It is important to recognise that the second phase to any approach to geological hazards should 
involve well-structured field work. Appropriate field team management can make the difference 
between efficient field work and multiple site visits. 

5.1 Field Team Management 
 
A methodological approach to how mapping and data collection is undertaken is crucial for a 
comprehensive outcome; therefore it is important that informed management decisions are 
made. Outputs from the desk study phase can aid how the approach to mapping and data 
collection is undertaken. Through establishing field zones work can be managed and prioritised 
according to how the area has been previously ranked according to risk.  

A key aspect to data acquisition for a GIS system is the tools used. The data collection tools for 
the proposed field work are determined during this phase. For example, mapping geometric 
features with a touchscreen portable device can result in inaccurate accounts of geomorphic 
features and are restricted to collecting GPS point-data. As opposed to, field mapping directly
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onto a printed LiDAR map and digitised later. It is important at this step to establish the 
necessity of having a mobile device capable of uploading point-data in real-time compared to
later downloading from a storage device.   

The designation of field zones is ideally based on areas that are manageable and logical 
segments for personnel to undertake field work. For example, a field team cannot be expected to 
undertake field work within a large area without direction and coordination. Instead smaller 
field zones should be created to reflect relative land use influenced by source areas and natural 
geographical boundaries, such as ridges, bluffs and valleys and restricted to a manageable size. 
This benefits field risk assessments and ensures a zone is sufficiently covered.  

Data collection by all personnel needs to be consistent and meet the requirements during the 
fieldwork phase (see Table 2). Ensuring definitions, geological histories, parameters for the data 
and the hazards are all understood will reduce errors through continuity between different field 
teams. Assigning field zones to field teams ensures a record is kept of where all personnel are at 
any point in time. Additionally discussions of the relevant risks and the best way to approach a 
hazardous area can be made. It is critical to guarantee all field teams keep health and safety in 
mind at all times and making certain a forward thinking approach is used towards the tasks. 

 
Table 2. Field Work Inputs

Geomorphological 
Mapping

- Completed by hand on LiDAR print outs of ‘Field Zones’ then 
digitised onto GIS layers.
- Identifying/Confirming geomorphic features
- Bluffs
- Rock at near surface
- Source areas (fresh scarps)
- Talus slopes
- Boulder fields
- Loess covered terrain

Data Acquisition 
- Acquisition tools (e.g. tablet computers)
- Pre-determined data parameters understood

Confirming Land 
Use

- Identifying/Confirming Land Uses which could be;
- Forestry / Farms
- Residential
- Life-lines / Infrastructure 

Field Risk 
Assessment

- Confirming what risk has already been determined though field 
judgment
- Determining if further areas require evacuation.
- Noting damage caused by geohazards
- Always working with Health and Safety in mind

Having a transparent methodological approach is important as it provides any project with 
continuity and accountability. This is achieved through a logical and consistent approach to all 
field work by personnel in any given field zone. 
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Figure 3. Diagram showing the layers of the GIS system and the final map produced.

Geomorphological Mapping 

Point Data Acquired 

Land Use Confirmed 

Field Risk Assessment

Aerial Photography

LiDAR Data 

Land Use 

Other Sources 

Desk Study Phase

Field Work Phase
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6 FINAL OUTPUTS 

The final output from this approach results in three key products; the first product is a Hazard 
Zoning map, which can be used to highlight areas of varying risk. The local councils will be 
able to apply a level of acceptable and unacceptable risk. These maps will be a direct result of 
the hazards identified during Phase 2 (Field Work) and recorded into the GIS database. 

The second product consists of the actual data within the GIS database, which can be used for 
future modelling. In order to accurately model hazards, such as rockfall or mass movement, it is 
important to have accurate inputs and parameters. By using parameters that have been collected 
in the field near to where the modelling is required can increase the accuracy of the model. 

The final product is closely associated to the future development or rehabilitation of the area 
affected by a geohazard. Using the GIS information to determine priority areas for mitigation 
works can speed up recovery by indicating areas of extreme hazard and/or importance. By 
nature, GIS can illustrate where key lifelines, properties, or infrastructure are exposed to certain 
levels of risk. This can aid in prioritising remedial works, to either mitigate the hazard or protect 
the property. 

7 GOALS FOR FUTURE USE 

The result of this improved procedure is a clear methodology to be used to undertake effective 
data collection of geohazards which can be compiled into GIS. These stages can be adhered to 
during emergency responses to retain a notion of the “bigger picture” to allow data to be 
captured methodically and effectively, which in turn will reduce overall costs.  The staged 
procedure can also be used prior to emergency responses to prepare local governing bodies in 
the possible event of a geohazard emergency, by providing a basis for data collection into an 
established GIS system. The two-phased methodology can also be applied in non-emergency 
situations where geohazards require monitoring, such as areas of concern effecting key lifelines 
or residential areas.  

As part of the staged response a master GIS template is required. This template would include 
information already available, including topography, historical information, and aerial 
photography. By having a template in place the data collection of any suspected geohazards, 
caused by an emergency situation or not, can be accurately mapped. As discussed in detail in 
Culshaw et. al (2006), GIS databases can aid desk studies dramatically by providing detailed 
geotechnical information, however this depends on the accuracy and reliability of the GIS 
database. Therefore by creating a clear methodological approach, GIS systems can be relied 
upon with greater accuracy to which sound decisions can be made. 

It is important to consider the risk that geohazards may cause and the situations they occur in, 
especially considering their common proximity to lifeline routes. Preparation is key, and by 
implementing a clear methodology, planning can be undertaken to ensure systems are in place 
and the appropriate management is structured to undertake data collection and monitoring of 
hazards. 

8 CONCLUSIONS 

In summary, the lessons learnt have allowed us to create a staged approach that can be used as a 
pre-emptive tool for risk management through GIS for any geohazard. This methodology 
highlights the importance of a desk study, and ensures that time is taken to create a logical 
approach even in an emergency situation when time is critical. The importance of having a 
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prepared template and planned methodology is highlighted to be critical when considering a 
GIS database designed to manage and monitor geohazards.
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ABSTRACT 

Three phases of ground investigations were undertaken for the 220kV Wairau Road Substation 
to build a geotechnical model of the site and aid in foundation design. Stage 1 investigations 
were undertaken for the Solution Study Report to map the thickness and distribution of basalt at
the site. Investigations comprised drillholes, cone penetration tests, hand augerholes and 
inspection pits. The results were used in conceptual foundation design and indicated a number 
of issues relating to the variability of basalt extent, thickness and quality. Stage 2 investigations 
comprised further machine drillholes and hand augerholes. The results were applied to the 
foundation layout during the detailed design stage, and potential issues were identified where 
the thickness and condition of basalt rock varied across the substation footprint.  

Stages 1 and 2 highlighted inconsistencies in the nature and distribution of basalt across the site, 
which is attributed to the eruption sequence from Pupuke Volcano. Basalt lava dammed the 
Wairau Valley, building up a lake that overflowed into the magma rising from the Pupuke Vent. 
This resulted in an explosive eruption that generated the existing tuff ring. The variable geology 
led to the third stage of investigations, specifically targeting pile locations, where basalt 
thickness and/or quality had not been adequately demonstrated. This information was 
incorporated into the existing geological model for use in pile design and construction. 

1 INTRODUCTION 

The recently constructed 220kV Wairau Road Substation (Figure 1) forms part of the North 
Auckland and Northland grid upgrade programme (NAaN) to reinforce Transpower New 
Zealand’s Transmission network through Auckland and into Northland, and will provide a new 
Grid Exit Point (GXP) for Vector, via a new supply transformer utilising gas insulated 
switchgear (GIS) technology.   
 

 

Figure 1:  View South of Wairau Rd Substation showing Wairau Creek in foreground 

Geotechnical investigations for the project highlighted the highly variable distribution, thickness 
and quality of basalt lava across the site.  The investigations were undertaken in 3 stages; Stage 
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1 for the solution study report; Stage 2 for detailed design, and Stage 3 for pile design and 
construction.  Cross sections were used to assist in interpreting the occurrence of basalt and 
developing a geological model.  The detailed geotechnical model based on the geological model 
was important in ensuring appropriate foundation design and pile construction. 

2 PROJECT OVERVIEW 
 
The principle project driver for the substation was to improve the security of power supply to 
major grid exit points on both sides of the Auckland Harbour Bridge. As there was limited 
capability to upgrade the 220kV transmission lines through the Auckland isthmus, or build new 
lines, an underground cable transmission solution was selected by Transpower. The Wairau 
Road (WRD) GXP is a component of the NAaN project, featuring transmission cables 
terminating at a 220kV Gas Insulated Switchgear (GIS) bus.  

The 220kV GIS Building, consisting of the GIS Plantroom, and Control and Relay Room, is 
made up of a lightweight steel frame roof, precast concrete panels and cast-in-situ concrete
walls around their perimeter, a suspended cast-in-situ first floor slab supported on a reinforced 
concrete frame and a basement.  The two buildings are structurally connected and share the 
foundation piles along the interface. A new supply Transformer (T7) was also allowed for in the 
layout of the substation and was constructed at the same time as the GIS building, however is 
separated from the GIS building by fire walls to provide fire protection for the GIS building. 

3 SITE DESCRIPTION AND GEOLOGICAL SETTING 
 
The Wairau Road substation is located in a relatively flat area in Wairau Valley on Auckland’s 
North Shore in what was a gravel-surfaced hardfill area next to the existing 110kV Vector 
switchyard. A small concrete block-lined stormwater channel runs parallel to the site on the 
northwest boundary, and discharges into Wairau Creek which borders the substation on the 
northern boundary parallel to Wairau Road.  

  

Figure 2: Geological Map showing Wairau Creek and Pupuke Volcano 

The geological map (Figure 2) illustrates the Wairau Valley is constrained by East Coast Bays 
Formation (ECBF) ridges, and infilled by the Puketoka Formation. The site is located west of 
Pupuke Volcano where early volcanic activity built a low shield volcano of thin, overlapping 
basalt lava flows much like those observed in Hawaii today. The eruption occurred around the 
same time as the nearby Onepoto and Tank Farm volcanoes, which dammed the Wairau Valley 
downstream of the substation site. The lava flows diverted the Wairau Creek northeast around 

To Auckland City 

Wairau Rd 
Substation 
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Pupuke Volcano to discharge to the coast at Milford, whereas prior to the eruptions the valley 
drained south into Shoal Bay. During the period when the valley was dammed, the fresh water 
from Wairau Creek overflowed into the magma rising from the Pupuke vents, resulting in an 
explosive eruption that built up a tuff ring on top of the lava flows.   

During the eruption process, lava flows can travel tens of kilometres from the vent location. As 
the flows start to cool, a surface crust forms on top while the lava beneath continues to flow and 
can often leave a hollow tube behind. Subsequent flows from the vent then begin to flow 
through the existing tube and the increased volume of lava causes the pliable surface crust to 
swell in size (Figure 3). In some cases this can increase the height of the tube by up to tens of 
metres over time depending on the volume of flow. 

Figure 3: Photographs illustrating lava flows generating topography 

4 GEOTECHNICAL INVESTIGATIONS 

The scope of geotechnical investigations is presented in the following sections and investigation 
locations are shown in Figure 4.  

4.1 Stage One 

Geotechnical investigations undertaken in 2010 for the solution study report comprised one 
machine drillhole, seventeen Cone Penetration Tests, two hand augerholes with Dynamic Cone 
Penetration (DCP) tests, nine machine percussion drillholes, and one hand excavated inspection 
pit at the north abutment of the access bridge from Wairau Road. 

The aim of the percussion drilling was to aid mapping the thickness and distribution of basalt 
across the site. One percussion hole was drilled at DH01 for correlation purposes. During 
percussion drilling, penetration rate in rock was noted. In soil materials it was not necessary to 
use the percussion hammer, as the drill string was advanced simply by pushing without use of 
percussion. When percussion drilling at a number of locations, groundwater and/or drill cuttings 
were ejected from investigation holes up to 10m away, which suggested interconnection via the 
open-jointed basalt flows, demonstrating continuity of flows. 

4.2 Stage Two 

The Stage 1 investigations and analyses indicated that a number of issues relating to the 
variability of ground conditions across the site would require more detailed assessment at the 
detailed design stage in 2011. The variability principally involved the extent, thickness and 
quality of basalt lava flows and the properties of near surface materials overlying the basalt. The 
further investigations comprised five machine drillholes to a maximum depth of 18.6m, and 
fifteen hand augerholes with DCP tests to depths ranging between 1.1m and 4.3m. 
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Drillhole DH01a was drilled adjacent to DH01, and DH03a next to DH03 to more closely assess 
the strength of materials overlying basalt rock. At the time of the Stage 2 investigations, a
separate drilling programme was being completed by Vector for their line relocation project. A 
number of holes were drilled on the Vector development site – some of which were used to 
augment the available subsurface data.  

The detailed design (Stage 2) investigations highlighted inconsistencies in the basalt lava flows 
across the GIS building and Transformer T7 footprints. In some areas the basalt is massive and 
of good quality, or is of adequate thickness, but at adjacent investigation locations it is 
gravelly/fractured or in thin layers. For example, drilling at the eastern side of the GIS Plant 
Room site encountered 10m thickness of competent basalt, while 17m westwards, beneath the 
Control and Relay Room site, drillhole DH03 encountered only 0.7m thickness of competent 
basalt. This inconsistency in the basalt layer led to the third stage of investigations, which 
specifically targeted pile locations for the GIS Building and Transformer T7, where the basalt 
thickness/quality had not been adequately demonstrated. 

Figure 4: Investigation Location Plan 

4.3 Stage Three 

An additional twenty two machine percussion drillholes were undertaken at proposed pile 
locations to better define basalt rock conditions, for pile design and construction planning. As a 
result of the substation site being near the edge of the flow, substantial elevation differences 
were present across the top of the basalt layer. This uncertainty was a major constraint when 
determining foundation type and founding depths, as it was not possible to rely on data even 5m 
away from proposed pile locations.  

Where there was uncertainty in the presence of suitable basalt beyond a proposed pile location,
further investigations were recommended during construction. Without detailed information on 
basalt conditions it was difficult and risky to assign founding depths for individual piles, 

Transformer 

N 

Tributary draining north east into Wairau Creek 

Control and Relay Room 

220kV GIS Plant Room 

Cross Section1 (Figure 5) 
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particularly in areas where the basalt might not be of adequate thickness and/or quality to 
support pile loads.  In cases of inadequate capacity in the basalt, it was necessary to extend the 
pile through the basalt to found in the underlying ECBF rock. 

5 GEOTECHNICAL MODEL 

The ground conditions encountered in investigations are consistent with the mapped geology, in 
that peaty, alluvial and lake sediments overlie volcanic airfall tephra and basalt lava, with the 
Puketoka Formation and ECBF at depth. A series of cross sections based on the investigation 
results highlight the variable thickness, composition and extent of basalt across the site relative 
to the structures. General trends are that the basalt is of reasonable thickness and is massive near 
the north east boundary, and thins towards the south west. Basalt quality also deteriorates 
westward across the site, where several rubbly, fractured and gravelly units are present. At least 
two different basalt flows were identified, with cemented tuff deposits between the flows in 
localised areas. A basalt ‘hole’ was also detected in one percussion drillhole at the southwest 
boundary near Wairau Creek, whilst only 1.6m away a thickness of 6.3m was recorded. 

Figure 5: Geotechnical Cross Section 1 

For foundation design, the basalt rock descriptions were broadly divided into categories of 
gravelly/rubbly basalt, fractured basalt, and strong or ‘good quality’ basalt as shown on the 
cross section (Figure 5).  Underlying the basalt flows is loose to medium dense sand and minor 
stiff silty clay of the Puketoka Formation, in turn underlain by very weak sandstone and 
siltstone (ECBF) at a depth of 16m to 17m below existing ground surface. Groundwater levels
recorded during and after drilling, averaged approximately 2m below ground surface.  

6 INFLUENCES ON FOUNDATION DESIGN AND CONSTRUCTION

6.1 General 

The variable ground conditions presented challenges for foundation design. This was 
particularly apparent where structures were founded partly on shallow piles to basalt rock, and 
partly on deep piles to ECBF. A significant factor was the quality and capacity of basalt at 
individual pile locations. This was addressed by either percussion drillholes at the individual 
pile locations or cored drillholes to confirm the design. 

To confirm the founding depth during construction, an engineering geologist inspected pile 
excavations and compared them with the proof drilling results where necessary. Site inspections 

SE NW 
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proved that initial recommendations for pile founding depths based on proof drilling were 
generally accurate and all foundations were constructed as per the original specification with 
only minor variations in depth required. 

Pile diameters of 900mm and 1200mm were used at the GIS building and Control and Relay 
room, and 600mm diameter to support transformer T7. The T7 piles were relatively shallow and 
socketed into the massive basalt. Vibrations applied to casing or resulting from piling on site 
had to be controlled due to the vibration-sensitive electrical switching equipment in the nearby 
Vector switchyard. 

6.2 Piles to Basalt 

As part of Vector’s overhead line relocation works on site, deep bored piles were installed at 
new pole locations. At some locations these piles extended through basalt to found in the 
underlying ECBF. As described in the following site record, some difficulty was experienced in 
penetrating basalt material at one of the pole locations, which comprises a single bored pile 
foundation.   

“The presence of basalt floaters had necessitated that an excavation of 3.5m was carried out to 
enable the drilling of the 1200mm caisson to start. The drilling has been slow due to the 
continued presence of floaters and the necessity to drill through or push aside the floaters. 
Finally the caisson jammed and would not rotate in either direction. The soils extracted 
indicated that a change was occurring as grey sandstone started to appear. The final install was 
achieved using a sheet pile vibrating head.”

The Vector piling works were located approximately 50m south-west of the proposed GIS 
building and thought to be bordering the edge of the basalt flow.  The basalt boulders were 
surrounded by soft alluvial deposits and as a result ended up ‘spinning’ in place when the piling 
rig attempted to excavate through them, or being pushed down into the soft material but not able 
to be displaced. The pile described above was estimated to take three days to complete but 
required one week, which put pressure on Vector’s programme and raised concerns for the 32 
piles yet to be constructed for the Transpower GIS building. 

It was proposed to found the structures where practicable in the basalt to avoid deep and costly 
foundations. In some areas the basalt conditions were suitable to support pile loads, but in other 
areas the basalt layer was either too rubbly or fractured, or not thick enough to support bored 
piles, which resulted in deep piles founding in the ECBF. 

The piles were constructed using a conventional piling rig and rock auger bits to excavate 
through the basalt. No difficult basalt boulders were encountered during piling and the 
equipment allowed good production rates in the fractured basalt. In the drillholes that 
encountered rubbly basalt zones, permanent casing was required to ensure the side wall 
materials did not collapse into the pile shaft, or that placed concrete did not slump out of the 
shaft into the surrounding voids. Either action could adversely affect the pile structural integrity. 
Permanent casings were specified to terminate 300mm below competent basalt with the 
remaining socket bored and concreted unsupported to provide the rock socket shaft friction.  

6.3 Piles to ECBF 

Where basalt conditions were not suitable to support pile loads, piles were specified to found in 
ECBF (N>50). This included the southern portion of the GIS building, and all of the piles for 
the Control and Relay room. While thin basalt flows may be unsuitable for pile load bearing, 
they may contribute to lateral support of piles founding in ECBF. Permanent casings were 
installed between the pile cap and the underside of basalt in the GIS building piles that founded 
in ECBF. Casing was provided to prevent bonding between the pile concrete and the basalt as 
this would potentially lead to overload of the pile in the event of liquefaction induced ground 
settlement.  
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Drillholes were used to determine founding depths which averaged 19.6m below ground 
surface. Concreting of the piles was specified to be by the tremmie method due to the elevated 
groundwater table and likelihood of groundwater inflow through the basalt joints. 

7 CONCLUSIONS 

Geotechnical investigations for the proposed Wairau Road Substation development encountered 
complex geology comprising alluvial and lake sediments overlying basalt lava of variable 
thickness, strength and quality.  Underlying the basalt is Puketoka Formation and ECBF at 
depth. The basalt variability proved challenging for foundation design and reinforced the need 
for a comprehensive geotechnical model of the site. Piled foundations were recommended, 
founding where practicable in the basalt to avoid deep and costly foundations. Where basalt 
conditions were unsuitable to support pile loads, deep piles founding in the ECBF were 
proposed. Permanent casing was used during pile construction to protect again side wall 
collapse and slumping into voids. 

Geotechnical risk during construction was a major item of concern due to the uncertainty 
revealed by the investigations. The uncertainty was managed by targeting specific pile locations 
based on the geotechnical model and cross sections. The outcome was a successful construction 
phase, with reduced risk of cost implications and project delays, as a result of minimising the 
geotechnical risk during investigations. 
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ABSTRACT 

The Caversham Four Laning Project involved widening of a 1.6km long section of the Southern 
Lifeline Highway Link to the city of Dunedin, New Zealand. This project involved the 
construction of embankments and retaining walls on estuarine sediments, the construction of 
two bridges, and management of excavation at the toe of a sizable landslide directly above the 
motorway. A significant concern in the project was underlying soft estuarine sediments 
susceptible to cyclic softening on which roading embankments and retaining walls up to 8m 
high were founded. This paper presents the practical geotechnical considerations encompassed 
in the design and construction phases to ensure the lifeline is resilient to future disasters.  

1 INTRODUCTION 

The Caversham Four Laning Project is a 1.6km long section of the Southern Highway Lifeline 
to Dunedin city. During 2011 and 2012, design and construction was undertaken to widen the 
Highway from two lanes to four lanes. This was a major project which involved the 
construction of embankments and retaining walls on estuarine sediments, the construction of 
two bridges, and management of a sizable landslide directly above the motorway.  

Initial development of the new section of highway was carried out as an Early Contractor 
Involvement (ECI) contract, with Opus International Consultants (Opus) responsible for early 
development of the scheme. The construction project was then contracted to Downer Ltd, with 
Opus sub contracted to provide detailed design and construction management inputs.  
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2 THE SCHEME 

The Caversham Highway Improvement Scheme involved widening of the existing motorway 
heading south, and out of the city. Although the majority of the Southern Motorway was two 
lanes in each direction, this section was restricted to one lane each way (Figure 1). The scheme 
involved: 

 480m of Mechanically Stabilised Earth (MSE) walls, and embankments up to 8m 
high; 

 Duplication of the Glen Overbridge, a 3 span structure with spill thru abutments; 
 1.6km of road corridor widening. 

This section of motorway follows the old railway route abandoned in the 1920s. Many of the 
embankments and cuttings are remnant from this historical use, although there was some 
modification and installation of new infrastructure such as bridges and drainage during 
motorway construction. 

Investigation of the scheme was completed in a number of stages. The first and largest 
investigation was completed between 1966 and 1968, with subsequent geotechnical 
investigation in 1973, 2008, and 2010.    

 
3 GROUND AND GROUNDWATER CONDITIONS 
 
3.1 Ground Conditions 

The highway skirts the base of the hill suburbs of Kenmure and Mornington and runs along the 
edge of Caversham and South Dunedin, an area of historical estuary. Houses have been 
developed along the hills above the site, however, a significant area is still vegetated and there 
are signs of historical land instability.  

The estuarine sediments are typically 5m thick. These materials are soft, but moderately plastic 
silts and clays (Figure 2).    

The estuarine materials rest on basalt gravels and cobbles, typically 1 to 3m thick. These were 
deposited in a terrestrial setting, likely during the last glacial period. Below these gravels is 
bedrock. In this area of Dunedin, the bedrock consists of Caversham Sandstone, yellowy, 
calcareous, tertiary sandstone, typically massive with muddy beds found in some localities 
(Figure 2).  

CarisbrookeGlen BridgeRailway MSE Wall

Clyde Hill Bridge St MSE Wall Glen MSE Wall

N

 

  
 

 
 

Figure 1: Simplified Plan of Caversham Highway Improvement Scheme
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Elsewhere on the site, above the areas of estuarine sediments, a previously unmapped sand unit 
is present. This sand is dense, uncemented, with rare quartz pebbles present in some beds. It is 
up to 18m thick but has a typical thickness of 10m or less and is capped by basalt flows from 
the Dunedin Volcanics (Figure 3).  

3.2 Groundwater Conditions 

The groundwater regime in the area is somewhat complex. The simplest area of groundwater is 
the groundwater table that exists in the estuarine sediments, occurring 3m below ground surface.  

The groundwater regime becomes complex at highway level and on the northern side of the 
highway. The un-cemented sand acts as a confined aquifer (confined by the overlying basalts).
In places such as The Glen, flowing artesian conditions were encountered. The regime is further 
complicated by installation of drainage and historical earthworks conducted as the land use 
changed.   

Perched water tables are present in the slopes above the highway. The perching results from low 
permeability contacts between units and low permeability areas of slope colluvium.  

Figure 2: Simplified Long Section through Glen Bridge

Figure 3 – Typical Section along toe of Clyde Hill Landslide (Post 
Earthworks).
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3.3 Seismicity 

Dunedin has relatively low seismic risk when compared with other areas of New Zealand. The 
majority of the risk results from Alpine Fault events because of the recurrence interval; 
however, at a longer recurrence interval, local source events are possible from moderate 
structures in proximity to the city. This includes such faults as the Akatore Fault and Titri 
Faults, which are included in the Stirling et al, 2000 probabilistic seismic hazard model, but also 
includes some smaller structures such as the Green Island fault, which are interpreted to be 
splays off these larger structures.  

Given that both local and more distal risk has been taken into account by the New Zealand 
Seismic Hazard Model (Stirling et al, 2000), a site specific hazard assessment was not 
conducted for this project. Loadings were instead taken from the Bridge Manual (NZTA, 2003 
and NZTA, 2004) which incorporates NZS1170.5 and the seismic hazard model above. 

4 EMBANKMENTS AND MSE WALLS 

A major concern with this project was the underlying soft estuarine sediments on which roading 
embankments and retaining walls up to 8m high were founded. Investigation showed these 
materials to be soft silts and clay silts (SPTs ranged from 3 through to 22). Because of the soft 
nature of these materials, Atterberg testing was carried out to determine the plasticity (Plasticity 
index ranged from 24 to 20), which confirmed the materials were susceptible to cyclic softening 
during the ULS design event.  

In order to achieve a high level of resilience, design would have to limit displacements too small 
to moderate levels. Errors in simplified displacement calculations grow significantly larger with 
increased displacement. However, because of the possibility of cyclic softening, having very 
small or no displacements was not considered economic.  

The basic design solution consisted of using MSE retaining walls. Provided the displacements 
could be limited to small to moderate levels, these structures would be relatively 
accommodating.  

The reinforced soil walls were designed to include the likely earthquake effects on such 
structures. Design of the embankment and MSE walls focused heavily on the global stability of 
the structure. Internal analysis of the MSE wall was undertaken but, because of the presence of a 
non-liquefiable or softening crust, this failure case was not critical.  

Time constraints and difficulty defining a large number of engineering parameters meant it was 
decided not to conduct higher level finite element analysis. With care and sound engineering 
judgement, limit equilibrium analysis was considered appropriate. The conceptual development 
was undertaken using a sliding block model with determined displacements calculated from 
Ambrasey & Srbulov (1994) and compared with the method of Jibson (2007).  

In this analysis, the liquefied strength was taken as the yield shear strength of 0.25 σ`v (where 
σ`v is the effective vertical stress) with a maximum strength of 60 kPa. A cyclically softened 
material could have a yield shear strength ratio of between 0.1 and 0.5 depending upon the level 
of softening (Olson and Stark 2003), while a ratio of 0.1 should be applied for residual strength 
of a fully liquefied soil (Idriss & Boulanger, 2008). A ratio of 0.25 was adopted for the estuarine 
sediments which are moderately plastic and only small displacements were expected.   
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This analysis indicated that replacing some fill to form a stronger foundation was effective in 
reducing expected seismic displacements. Deformation was limited to low levels (< 50mm 
during ULS design event). This met the design requirements for seismic conditions, including 
those identified in the NZTA Bridge Manual.   

5 BRIDGE INFRASTRUCTURE 

Bridge infrastructure was required for the duplication of the Glen Overbridge, the main bridge 
infrastructure in this construction phase. The proposed bridge utilised bored reinforced concrete 
piles, two single 1.8m diameter central piers, and four 0.6m diameter piles at each abutment 
(Figure 4). In all cases, piles were founded in competent sandstone to ensure high bearing 
capacity and a lateral fixing during seismic loading. Seismic design was undertaken using the 
method of subgrade reaction and was based on material descriptions and empirical correlations 
with SPT data.  

Spill through abutments with a maximum slope of 2:1 were used to transition between the MSE 
walls identified above and the bridge. This presented a concern because the lateral displacement 
during the ULS earthquake event would cause additional lateral loading (earth pressure) on the 
bridge structure.  

To consider possible design solutions, limit equilibrium analysis similar to the above section 
was carried out to indicate the likely critical failure paths and the likely displacements. A
sensitivity analysis was included to assess the sensitivity to various input parameters. This later 
part would help to inform important engineering judgement during the final design phase.  

Typically, critical failure surfaces did not extend into the central pier, meaning no mitigation of 
the large diameter bored piles would be required. However, failure surfaces did encompass the 
abutment piles and, because of the predicated ground displacement of the MSE walls, mitigation 
of the abutment piles was required.  

Figure 4 – Installing casing at Glen Bridge
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To mitigate the risk, 0.6m diameter abutment piles (installed between 27m and 30m below 
abutment level) were installed inside 0.9m diameter steel casing (installed to 7 - 8m below 
abutment level). The 0.9m casing was installed first so the area between the casings is 
excavated; in effect isolating the abutment piles from the embankment fill. This allows up to 
150mm of lateral displacement of the fill to occur before the piles experience lateral loading 
from the soil. This also provided a more optimal design of the bridge.           

The sliding block modelling indicated that displacements were likely to be up to 50mm during 
the design ULS earthquake event. However, as this was a simplified analysis, it was not simply 
enough to accept 50mm as the design number. During the ULS Design earthquake, 
displacements will occur but they will be limited. As such, the maximum displacement judged 
likely during the ULS earthquake event was considered as twice the calculated soil 
displacement.   

Providing an annulus also had advantages for bridge seismic performance and allowed more 
optimum design. To ensure that this actually occurred an annulus of 300mm was installed 
because it displacement would give an adequate reliance for the lifeline route and could be 
relatively easily accommodated without requiring significant extra cost.   
 
6 CLYDE HILL EXCAVATIONS

To achieve the required alignment of the highway, some excavation into the toe of Clyde Hill 
was required. This presented some concern because it is a previously active landslide. The 
landslide was last activated when the railway was cut through along the present highway route. 
Cutting the toe off the slope caused failure and, according to historical accounts, required men 
to be working 24 hours a day to get the landslide under control. During this period, some 
drainage was installed and then further drainage was installed during motorway construction in 
the 1970s. 

The earthworks that were proposed were relatively small; the final stability would be a function 
of matching the scale of the landslide and its current stability with the scale of the earthworks. 
Increasing the stability further was outside the scope of these works. As a starting point, the area 
had to be mapped to better define the extent of the original failure. This was a difficult task 
given the extent of land modification (Figure 5). Geotechnical investigation was then 
undertaken, with piezometers installed to monitor pore pressures with potential landslide zones.  

Geotechnical analysis based on this additional information showed that failure of the landslide 
is driven predominately by the pore pressures within the sand unit, see Figure 2. In the 
surrounding area, this is generally artesian, however, around the landslide there is a lower 
piezometric surface. This is likely due to the existing road / railway cut and historical drainage.  

Figure 5 – Photograph of Clyde Hill
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Based on analysis of the existing geometry, material and pore pressure parameters, it was 
considered unlikely that minor earthworks would have a detrimental effect on the stability. This 
was further supported by back-analysing the slope with likely historical piezometric water level.   

Although failure was considered to be unlikely, there was still some concern. This is because 
houses have been built on the slopes which increase the consequences of any failure. Also, the 
project location is the main southern entrance to the city, is a lifeline route, and is highly public. 

A further stage of drilling was completed to install three additional piezometers and three 
inclinometers. During construction, these would be regularly monitored, the inclinometers 
would be used to give accurate measurements of any possible displacement (even if not visually 
observable at surface) while the piezometers would give early warning of possible low stability. 
Construction was staged to provide a year of background monitoring to be sure appropriate 
baselines were set. 

Construction in this area was completed in early 2012 without incident and a year after 
construction there has been no movement or negative impacts. Based on the analysis, the 
earthworks have had a negligible impact on the long term stability of this feature. 

7 CONCLUSION  

Design and construction of the Caversham Four Laning Project was completed without incident. 
The route was constructed in 18 months and performed in accordance with design expectations 
for this lifeline route.  

By using appropriate practical design tools and engineering judgment, estimates could be 
developed of the likely displacements of embankments and MSE walls resulting from cyclic 
softening during the ULS design events. Suitable design solutions could then be applied to 
provide a cost effective and resilient design.  

Targeted geotechnical investigation, analysis and geotechnical instrumentation enabled the 
completion of the project by allowing for risk and management of possible instability of the 
Clyde Hill Landslide.   

The use of practical design tools such as the sliding block models coupled with sound 
engineering judgement and appropriate risk management continues to enable cost effective 
design methods to be used for critical lifeline projects. This has certainly been the case with this 
project which included 8m high embankments, retaining walls and bridge abutments over 
possible cyclic softening materials and analysis to quantify and mitigate the possible instability 
of the Clyde Hill Landslide.  
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ABSTRACT 

The Goldfields and Agricultural Water Supply (G&AWS) pipeline was constructed over 
100 years ago to supply potable water to the Goldfields area during the gold rush of the 
late 1800s and early 1900s. The 566 km long pipeline, which runs from Mundaring to 
Kalgoorlie, is a critical piece of infrastructure owned and operated by the Water Corporation.  
The pipeline now supplies water to many rural areas along its route. 

On 14 October 1968 the small town of Meckering, was destroyed by an earthquake measuring 
magnitude 6.9 on the Richter scale.  A section of the original G&AWS pipeline was irreparably 
damaged and replaced with an above-ground dual locking bar main. Since then a 5.8 km 
section of the pipeline has significantly deteriorated and Water Corporation intend to replace it 
with an underground mild-steel cement lined pipe, with an invert level of about 2.5 m below 
ground. 

The paper describes the detailed geotechnical site investigation along the proposed new section 
of pipeline. The paper also describes the challenges faced by geotechnical engineers in 
assessing the suitability of pipeline construction and the merits of locating the infrastructure 
above or below ground.  A simplified risk based approach used to provide designers with the 
benefits and drawbacks of alternate design options will be presented. 

1 THE GOLDFIELDS PIPELINE 

During the gold rush of the late 19th century a large number of settlers made their way into 
Kalgoorlie and the Goldfields region of Western Australia to search for gold.  Existing 
infrastructure at the time was insufficient to supply water to the rapidly expanding population.  
In the 1890s the Western Australian government commissioned the Goldfields Pipeline to carry 
freshwater from Mundaring Weir near Perth 566 km to the east to the Goldfields town of 
Kalgoorlie, with extensions to the north and south to supply other regions along the route. The 
scheme was devised by C. Y. O'Connor who oversaw its design and most of the construction 
project.  Although supported by Premier Forrest, O'Connor had to deal with widespread 
criticism and derision from members of the Western Australian Parliament as well as the local 
press based on the belief that the scope of the engineering task was too great and that it would 
never work.    

Many thousands of people as well as a significant number of mine sites rely on the Goldfields 
and Agricultural Water Supply (G&AWS) delivered through the pipeline. Now owned and 
operated by the Water Corporation, a corporation fully owned by the Western Australian 
Government, the pipeline includes approximately 60,000 sections of 760 mm diameter mild-
steel cement lined pipes.  
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2 LARGE AUSTRALIAN EARTHQUAKES 
 
The largest earthquake known to have occurred in eastern Australia struck near Beachport in 
south-east South Australia during the evening of 10 May 1897.  It produced modified Mercalli 
intensities of 8 in the epicentral area, and was felt from the Eyre Peninsula to Melbourne, at 
distances exceeding 500 kilometres.  Extensive liquefaction was observed at Robe, Beachport 
and Kingston. 

The largest known onshore Australian earthquake was probably that which occurred near 
Meeberrie in Western Australia on 29 April 1941.  It was felt at distances exceeding 900 km, so 
its magnitude may have exceeded Moment magnitude (Mw) of 7.0.  Damage was minimal 
because of the low population density in the epicentral area. 

A series of three large earthquakes, with magnitudes of Mw 6.3, 6.5 and 6.8, struck southwest 
of Tennant Creek in the Northern Territory during a twelve-hour period on 22 January 1988.  
The earthquakes produced surface faulting comparable with that seen at Meckering (see below).
The earthquakes were followed by many thousands of aftershocks and adjustment events, which 
are still occurring today.  The epicentre was in a sparsely inhabited area and there were no 
injuries.  The most significant damage was to a natural gas pipeline which passed through the 
fault rupture. 

3 THE 1968 MECKERING EARTHQUAKE 

On 14 October 1968 the town of Meckering was hit by a magnitude 6.9 earthquake, one of the 
largest recorded in the seismic history of Australia and which caused damage as far away as 
Perth, about 130 km to the east.  Although 6.9 on the Richter Scale represents a ‘Strong’ 
earthquake intensity, the focus of the earthquake was only about 7 km deep which resulted in 
significant damage to structures and the landscape. 

 
Figure 1: Aerial photography showing fault rupture of the Meckering fault crossing 

Great Eastern Highway about 7.25 km to the west of Meckering 

Earthquakes of Magnitude 4 or more in the Meckering region are relatively common when 
compared to the rest of Australia, with one occurring about every 5 years on average. 
(Middlemann, 2007). 

The Meckering Fault was the first recorded incident of tectonic ground breakage in Australia 
(Gordon & Lewis, 1980) with ground rupturing up to 40 km long, some of which is still visible 
today.  The maximum heave was 2.4 m, the maximum vertical displacement was 2 m and the 
maximum strike slip movement was 1.5 m.  Damage costs exceeded $5 million in 1968 dollars. 
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Aerial photography showing fault rupture of the Meckering fault as it crosses Great Eastern 
Highway about 7.25 km to the west of Meckering is presented in Figure 1.  The fault rupture 
resulted in a scarp 2.1 m high across the highway.  

4 PIPELINE DAMAGE 

The G&AWS pipeline broke in several places during the earthquake. Figure 2 shows some of 
the damage caused along the pipeline.  No lateral movement was apparent along the line of the 
pipes, with the majority of damage caused by a crustal shortening of 2.11 m, measured at the 
standard gauge railway line nearby.  This movement was reflected in the pipeline by a 
shortening of the pipe of 1.32 m, with compression and arching of the pipe accounting for the 
remaining distance. The pipe supports on either side of the impacted zone were also damaged 
during the earthquake (Gordon & Lewis, 1980). The damaged pipeline was replaced with a 
dual locking bar main following the earthquake. 

Figure 2: Damage to the Pipeline following the October 1968 Meckering Earthquake  

During an aftershock to the main Meckering earthquake that occurred on 15 October 1968, one 
of the 76 cm diameter steel water mains fractured at a welded joint about 2.6 km east of the 
earthquake scarp.  The other water main fractured at a point nearby following a cold night on  
31 October.  Further fractures occurred in the pipeline over the following months, however 
these were inferred to be related to increases in tension caused by the pipe contracting during 
cold weather and not caused by aftershocks.  The pipes were cut to relieve stress and then re-
welded. 
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5 REPLACEMENT PROJECT 

5.1 Proposed Plan 

Recently, the Water Corporation has assessed the condition of the pipeline west of Meckering 
and concluded that a 5.8 km section of the pipeline had deteriorated and required replacement.    
The Water Corporation elected to replace a section of the dual locking bar main above ground 
pipes with a single below ground mild steel cement lined pipe, 1 m in diameter, with the pipe 
invert level at about 2.5 m depth.  

5.2 Regional Geology 

Meckering lies near the western edge of the Yilgarn Block, the largest area of Archaean rocks in 
Australia.  The Archaean shield consists largely of granites and granitic gneisses with the 
dominant structure outlined by economically important north-north-easterly trending greenstone 
belts.  The Meckering area lies almost entirely in granite, but is at the eastern margin of a zone 
of granite gneiss and highly metamorphosed Archaean sediments stretching from Moora in the 
northwest to Cape Riche on the southeast coast (Lewis, 1969). 

5.3 Geotechnical Investigation and Assessment 
 
As part of the planned replacement project Golder Associates Pty Ltd was commissioned to 
conduct a geotechnical investigation, and acid sulphate soil and dewatering assessment in the 
winter of 2012.  The investigation comprised a desktop study of the geology and seismicity of 
the area, and intrusive investigation and laboratory testing. 
 
The fieldwork consisted of 37 test pits extending up to 3 m depth, 16 air core boreholes 
extending up to 15 m depth and two diamond cored boreholes extending up to 3.3 m depth.  
Groundwater monitoring wells were installed in selected boreholes.  Soil and rock samples were 
collected for classification, strength, aggressivity and acid sulphate laboratory testing. 

In addition to the geotechnical investigation and a fault rupture assessment, the authors 
undertook a preliminary liquefaction assessment. The laboratory classification of the soils and 
hydrogeological information encountered during the geotechnical investigation was used to 
screen the site soils and assess their susceptibility to liquefaction.  Generally the ground 
conditions consisted of shallow “bedrock” or dense to very dense clayey sand.  The recorded 
groundwater level varied from about 1.2 m to 2.5 m below existing ground level. These 
properties suggested that the material present site along the majority of the proposed pipeline is 
unlikely to be susceptible to liquefaction. 

6 OPTIONS FOR REPLACEMENT

Following the geotechnical investigation and assessment, pipeline replacement options were 
discussed with the Water Corporation.  Options for installation of the new pipeline section 
included: 

 Option 1 – Above ground with welded joints. 
 Option 2 – Below ground with welded joints. 
 Option 3 – Below ground with rubber ring joints. 

A section of pipeline with welded joints is typically more expensive to construct than a section 
of pipeline with rubber ring joints, however, rubber ring joints are more expensive to repair or 
replace if they fail. 
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7 EXPERIENCE FROM OTHER EARTHQUAKES   

A study of the Mexico City Water System after the 1985 Michoacan earthquake found that 
failure types that occurred during the earthquake consisted of crushing of pipes and crushing 
and unplugging of joints.  About two-thirds of the damage caused to the pipe network occurred 
at pipe joints (Moustafa, 2012) and the majority of damage appeared to be caused by surface 
waves which were amplified by deep deposits of clay in areas where the greatest damage 
occurred.   

Studies conducted following the major Christchurch earthquakes of 2010 and 2011 have 
suggested that flexible pipes made from materials such as medium and high density 
polyethylene are more tolerant to the ground movements that can occur during large 
earthquakes.  These pipes usually bend and flex with ground movements where a stiffer steel or 
concrete pipe may break (McGar, 2013). 

Replacement of soil with lightweight geofoam blocks has also been used to protect buried high 
pressure gas pipelines.  The blocks are strong, but compressible and lightweight, and help to 
reduce the load on buried pipelines caused by vertical ground movements.  

8 RISK BASED APPROACH TO DECISION MAKING 

A risk based approach, rather than a hazard based approach, was adopted by the design team to 
assess the likely effects of an earthquake to the pipeline.  Where a hazard based approach would 
consider only the effects of an earthquake, such as ground motion with a particular return 
period, the risk based approach also considers likely damage to the pipeline in an effort to 
minimise long term average damage dollars per year.  This required some study of the 
vulnerability of the proposed structure to different levels of hazard and knowledge of the cost of 
potential damage relative to the cost of enhanced earthquake design. 

In consultation with the Water Corporation a decision matrix was developed to assist with 
selection of pipeline replacement options. A strong earthquake, as defined by the design team, 
was an event similar to the 14 October 1968 Meckering earthquake (larger than Mw 6.5) where 
large ground movements and surface rupture occurs.  For the purpose of developing the decision 
matrix, it was also assumed that relatively small ground displacements would occur during a
small earthquake.   

The performance of the new pipeline section was considered satisfactory where joint failure was 
not likely to occur, or only minor, easily repairs were required to the pipe. As rubber ring 
joints can typically withstand a rotation of about two degrees before failure their performance in 
the event of small to medium earthquake could considered to be good.  Rubber ring jointed 
pipes are typically more expensive to repair than welded steel pipes following failure. 

Table 1:  Decision Matrix 

Option Visual Aesthetics Performance in a 
Small Earthquake

Performance in a 
Strong

Earthquake

Cost for Joint 
Repair

1 Poor and prone to 
graffiti/vandalism Satisfactory Joint Failure

Low 
(High if footings 

damaged)
2 Not visible Satisfactory Joint Failure Low
3 Not visible Good Joint Failure High

The performance of the above ground pipeline (Option 1) could be improved by installing 
‘floating’ supports that are designed to move freely under earthquake loading.  However, these 
joints would be expensive to install and therefore were not considered in the assessment. 
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9 DISCUSSION 

In the event of a strong earthquake along the Meckering Fault, where the ground ruptures, the 
estimated displacements and resultant shear stresses would likely exceed the structural capacity 
of the pipe, and hence all of the proposed installation options would fail and would need to be 
replaced. The Water Corporation expressed a preference for the option that the new pipeline 
section be installed below ground and would perform satisfactorily during a relatively small 
earthquake event, that is not rupture. 

Using the risk based approach and decision matrix, although typically more expensive to install, 
the project team recommended that the section of pipeline to replace the deteriorated section of 
the dual locking bar main be installed below ground with welded steel jointed pipe (Option 2).  
This construction method would result in a pipe that is typically cheaper to repair following a 
strong earthquake. 

While a below ground welded steel jointed pipe is likely to rupture if subjected to large enough 
ground movements (as would the rubber ring jointed solution) it was expected that the welded 
steel jointed pipeline would fail at fewer locations along the fault zone.
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ABSTRACT 

A number of engineering challenges were faced in the design of the shaft wall support and 
capping of a mine shaft under State Highway 25 (SH25) at Thames on the North Island in New 
Zealand. 

A ‘hole in the road’ was reported towards the end of April 2012 and over the next few days an
abandoned mine pump shaft 3m wide by 4m long was carefully exposed by the highway 
maintenance contractor.  The design of the remedial options and the subsequent construction of 
the mine shaft cover and the reinstatement of the highway were carried out by engineers from a 
number of disciplines encompassing the highway network maintenance, structural, geotechnical 
and archaeological teams.   

Conventional treatment of mineshafts is to infill and cap to ground level.  However, in 
agreement with all parties it was decided to try and preserve this unique bit of New Zealand 
heritage by shoring and capping the exposed shaft.  The final design comprised a metal plate 
held in place by props to brace and support the shaft walls.  Precast prestressed reinforced 
concrete slabs were then placed on rubber strip bearings to span the shaft before backfilling the 
remainder of the excavation and restoring the road pavement. 

The construction phase was carried out quickly, safely and with no issues on site.  Propping and 
capping of this shaft was a unique first in New Zealand and the success of this project came 
about from good liaison and understanding between each of our teams.   

1 INTRODUCTION 

On the 18th April 2012 we were called out to inspect a hole that had appeared in State Highway 
25 in Thames, North Island (Figure 1).  It became quickly clear that there was a bigger problem 
at the site than initially anticipated and further investigation was required to expose the extent 
and origin of the hole. New Zealand Transport Agency (NZTA) engaged Opus to carry out the 
investigation and to provide detail design drawings for the remediation in order to get the road 
open as soon as possible. 

The purpose of this paper is to present the investigation findings, the unique design challenges 
and to describe the sequence of uncovering of the shaft and the construction process from start 
to finish for the remediation works. 
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Figure 1:  Site Location Plan  Figure 2: Hole in SH25 at start 
of investigation 

2 INVESTIGATION OF THE SHAFT 

Over the next few days a mine shaft 3m wide by 4m long was carefully exposed (Figure 2 to 4) 
by the Contractor (Downer).  The shaft was found to be lined by stone blocks with an average 
block size 0.5m by 0.5m by 1m.  Timber beams spanning between the shaft wall were also 
uncovered. 

Figure 3: Mine Shaft as uncovered  Figure 4: Excavation extended around shaft 

The groundwater level in the shaft was 4m below the top of the shaft wall and the apparent void 
of the shaft was 13m deep. 

We then extended the excavation beyond the shaft sides to uncover the full extent of the stone 
block lining at the top and to try and define how thick the walls may be.  
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A survey team was then commissioned to carry out a topographical survey in order to map out 
the shaft dimensions and layout, and the extent of the stone blocks. 

Mining related fill (brown gravelly sand) was exposed to the side of the stone blocks.  Scala 
tests were carried out in this fill and proved the material to be loose to medium dense in nature, 
becoming dense from approximately 2.2m depth. 

3 DISCUSSION ON THE CAUSE  

From the initial inspections carried out, we determined that there may have been additional 
timber beams spanning the shaft and that these had rotted away over time.  In combination with 
possible settlement of fill within the shaft, this had allowed a void to form, and the material 
spanning the shaft then settled, forming the hole in SH25.  

4 RECORDS SEARCH 

We reviewed the publically available geological 
maps1 for the subject site and identified that the 
site was underlain by recent alluvial soils 
associated with the Firth of Thames.  
Hydrothermally altered andesites are present below 
the alluvial soils.  The geological map identified 
the shaft to be ‘Big Pump’ at the location of the 
hole in the road. 

The shaft was inspected by archaeologists and by 
mine historians of the Thames School of Mines 
and their review of records held identified that the 
shaft was part of a water pumping system dating 
around the late 1800’s which was used to drain the 
mines on the Thames goldfield.   

The former pump house floor and old machinery 
were uncovered by the initial excavations (Figure 
5).  From review of the records held, the shaft itself 
was thought to be close to 200m deep. When it 
was decommissioned it may have been filled in. 

Figure 5: Old Machinery in Shaft 

5 REMEDIATION OF MINE SHAFTS, METHODS GENERALLY ADOPTED 

Methods for dealing with unused shafts are varied across the world but normally involve at least 
filling the shaft.  Historically, the materials used to fill the shaft could be highly variable (refuse, 
colliery waste, timbers, granular fill) and would typically be chosen from what was readily 
available at that time. 

As an example, general protocol for dealing with shallow untreated mine shafts in the UK 
include filling the shaft (incorporating a program of drilling and grouting) and placement of a 
reinforced concrete cap over the shaft.  A detail for mine shaft treatment from the UK is 
provided below (Figure 6): 
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Figure 6: General arrangements and recommended design for a capped shaft (Sourced 
from CIRIA Special Publication 32, 19842) 

6 DESIGN CHALLENGES 

The shaft under SH25 presented a number of remedial challenges, both from an archaeological 
and an engineering perspective.  These challenges were required to be overcome as quickly as 
possible as our brief was to re-open SH25 at the earliest opportunity. 

The unusual archaeological and historical value of the shaft meant that New Zealand Historic 
Places Trust (NZHPT) required we come up with a suitable design that prevented damage to the 
structure as much as reasonably practicable.  This ruled out the option of simply backfilling the 
shaft and placing a concrete cap over it. 

Two remedial options were discounted at an early stage: 

1) The shaft location is within a built up part of Thames and as such re-routing SH25 to 
outside the influence of the shaft was not an option. A temporary diversion had been 
put into place whilst SH25 was closed but this started to draw complaints from local 
residents and increase the urgency to get SH25 open again. 

2) The option of installing piles and then spanning beams to support SH25 was discounted 
at an early stage due to time constraints and the high costs of large spans and piling.  

Our geotechnical and structural teams came up with a design comprising installing precast 
reinforced concrete bridge slabs to span the shaft and fill over the void.  One of the benefits of 
this option was that existing reinforced concrete bridge slabs were readily available from a
concrete precast supplier and as such this option could be implemented quickly by the lead 
contractor.   

There remains a minor risk with this option of catastrophic collapse of the shaft below the 
propped zone.  For this to happen, the fill in the shaft would need to substantially settle or be 
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washed out in order to provide the space and room for the wall blocks at depth to move or 
collapse into.  In terms of likelihood of this threat, we considered this would be a rare 
occurrence (happening less than once per 50 years). 

This risk was put to and accepted by the highway authority (NZTA) after due consideration of 
the large size and the excellent condition of the shaft wall stone blocks that line the shaft and the 
presence of fill in the shaft from below 13m depth.   

7 STRUCTURAL CONSIDERATIONS 

Five reinforced concrete bridge slabs were available and a structural inspection of these was 
carried out on the 10th May 2012.  We were advised that the slabs (approximately 2290mm wide 
x 5010mm long and 280mm thick) were part of a temporary bridge on a recent subdivision 
construction site in Tauranga and were used for around 2 years. 

There was some minor damage to the edges of a number of the slabs (Figure 7).  

The most significant area of damage was to the corner of one of the units where the end of a 
prestressing strand and a stirrup had been exposed. The exposed strand end and the exposed 

stirrup were cleaned and coated with 
two coats of bitumen.   

Units with hairline crack and exposed 
stirrup were used as bearing pads.  The 
remaining units with only minor 
defects were used to span the shaft. 

Figure 7: Bridge slab units at 
contractor’s yard

Structural engineers assessed the slab 
units to confirm that they are capable 

of carrying HN-HO-72 loading as required by the NZTA Bridge Manual3. 

8 GEOTECHNICAL CONSIDERATIONS 

Two of the key geotechnical design considerations were for bearing capacity of the ‘abutments’
and the likely lateral loads that may be applied to the shaft wall.   

We decided to utilise all of the bridge slabs and designed an arrangement to spread the applied 
loads over as wide an area possible.  Structural calculations were carried out to determine the 
loads (factored and unfactored) applied to the stone blocks at the top of the shaft.  We then 
checked the bearing capacity (following Verification Method, B1/VM44) assuming the fill 
properties estimated from the Scala test results.  

We calculated the horizontal load acting on the mine shaft wall at each end of the contact area 
and designed metal plates and props to counter this loading.  

The final design incorporated use of concrete block units to counter a step in the stone block 
floor that lined the shaft.  The concrete components (i.e. precast slab and supporting concrete 
blocks) of the bridge over the shaft would provide a 100 year design life as required by the 
NZTA Bridge Manual. 
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In addition we incorporated detailed requirements for preparation and coating of the metal 
components (the plate and props) to ensure a design life of approximately 50 years. This means 
that a maintenance check will be required towards the end of this design life in order to identify 
metal components requiring re-application of corrosion protection coatings. 

9 REMEDIAL DESIGN 

A sketch detail of the remedial design is presented in Figure 8 below. 
Figure 8: Sketch detail of the remedial option 

The components used in the construction were treated where needed for corrosion protection.  
This included both utilising galvanised metal components and treating the previously identified 

damage on the bridge slabs. 

10 CONSTRUCTION 

Construction work progressed from the middle of May 2012 and initially involved preparing the 
site for the concrete slab bridge units that were to be used span the shaft (Figure 9).   
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Figures 9 & 10: Preparing the shaft for the placement of the bridge slabs 

Once the foundation was set, concrete mass blocks (Figure 10) were put into place to counter 
the difference in floor level. The latter part of the construction work (Figures 11 to 16) involved 
mobilising two cranes to the site to install the steel plate and the props within the shaft, before 
finally covering the shaft with the reinforced concrete bridge units.   

Figures 11 & 12: Lifting the steel plates into position inside the shaft 

Figures 13 &14: Installing plate, props then placing bridge units to cover the shaft 
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Figures 15 and 16: Final concrete pour prior to backfill and pavement reconstruction 

11 CONCLUSION: A SUCCESSFUL PROJECT OUTCOME 

Design of the remedial options and 
the subsequent construction of the 
mine shaft cover and the 
reinstatement of SH25 was carried 
out by engineers and staff from a 
number of disciplines 
encompassing our network 
maintenance, structural, 
geotechnical and archaeological 
teams. 

SH25 was re-opened to the public 
by the end of 15th June 2012 
(Figure 17).

Figure 17: SH25 as reinstated 

The success of this project came about from good liaison and understanding between each of 
our teams and in particular from engaging all disciplines at the early phase of the design work to 
agree the most appropriate and safe way forwards. 
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North Island 
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ABSTRACT 

In July 2009 prolonged heavy rain caused the reactivation of a large historical landslide at 
Busby’s Hill, approximately 2km south of Tokomaru Bay. Slumping closed State Highway 35 
and isolated much of the East Cape of the North Island. The road was reconstructed on an 
alternative alignment that required approximately 250,000m3 of earthworks and cuts up to 15m 
deep. The physical works were worth $4.6M and were completed under emergency works 
provisions within a year of the initial slumping.  

This paper will describe the history and geology of the landslide and will present the 
engineering geological mapping and investigations carried out to determine the extent of the 
landslide and geotechnical soil strengths. A number of physical constraints limited the options 
for alternative routes. Geotechnical models and criteria were developed to evaluate future risk 
for each option and choose the most secure alignment. 

1 INTRODUCTION AND SITE LOCATION  

On Wednesday 1 July 2009 the State Highway at Busby’s Hill (SH 35: RP 238/3.5 to 4.5) was 
closed due to slumping following several weeks of prolonged and slightly above average winter 
rainfall (Figure 1). The site is located on the East Coast of the North Island approximately 2km 
south of Tokomaru Bay (Figure 2). Total closure lasted for nearly three weeks while local 
communities were effectively isolated until traffic could be redirected onto an alternative route 
using a network of very narrow and winding local roads. 

Following the closure the New Zealand Transport Agency (NZTA) assembled a project team to 
reinstate the road under emergency works provisions. The initial focus was on forming a
trafficable lane across the slump area on the existing SH alignment, which was achieved with 
support of local landowners and the Gisborne District Council. This paper covers the second 
phase of work which was to investigate and design an alternative, more secure route. 

2 GEOLOGICAL SETTING AND LANDSLIDE HISTORY 

The regional geology is covered by the Geological Map of the Raukumara Area (Mazengarb & 
Speden 2000). The local bedrock is a weak to very weak mudstone. This unit is middle to early 
Miocene in age and was placed as part of the East Coast Allochthon and therefore highly 
deformed. At least 3 large named faults and a series of anticlines and synclines cut across the 
wider area. These all strike northeast and in the vicinity of the site the mudstone dips 35° to the 
southeast. In general the mudstone is massive but in places displays beds of fine grained 
sandstone and conglomerate. The unit has a high degree of weathering and closely spaced 
fracturing results in a blocky structure. 
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Figure 1: Site location

Figure 2: Deformation to SH35 following
slumping

At Busby’s Hill the highway crossed a large active landslide approximately 550m wide. The 
backscarp is located just below an adjoining ridgeline and the body extends some 700m down 
slope to the Mangapuketea Stream, with an overall slope angle of about 12°. The entire 
landslide feature is made up of a series of lobes that over time have moved without warning 
leaving the highway either partially blocked or closed (Figure 3). One particular section of road 
has been maintained as a one lane sealed section since the year 2000. 

The most recent landslide movement followed prolonged rainfall and slumping was 
concentrated towards the centre of the larger landslide area. Ongoing land movement continued 
for a number of weeks but the rate and extent of movement was not uniform across the affected 
area. 

3 INVESTIGATIONS 

Some historic investigations existed from slumping in 1988 and 2000, and these included cone
penetrometer tests (CPTs) and hand augered bore holes with Scala penetrometers. At the 
southern end the CPTs refused at depths between 4.5m and 14.0m with the shallower tests 
located towards the margins of the slump indicating a typical semi-circular “scoop” type profile.

The near surface soils were described as silt, with a consistency of soft to firm. Shear vane 
readings taken in the auger holes indicated in-situ undrained shear strengths ranging from 14kPa 
to 105kPa. The lower numbers were thought to be from the sheared zones and represent 
remoulded shear strengths.  

Following the slumping on 1 July 2009 an extensive investigation was carried out. This started 
with engineering geological mapping carried out over a number of site visits (2, 6, 10 July 
2009) by an engineering geologist. The main geomorphological features were mapped and the 
main observations are shown in Figure 4. Once the extent of the landslide was determined a 
series of fully cored bore holes (BHs) were drilled. The philosophy behind the investigation was 
to understand the structure and mechanism of the landslide, rather than just looking at founding  
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Figure 3: Extent of Historic Landslide 

conditions along a number of potential alignments. In addition a deformation survey was set-out 
to monitor land movement across the larger landslide area. 

A total of 8 BHs were completed within the bounds of the landslide and were set-out along 
geotechnical sections, each of which represented distinctive geomorphic regions of the larger 
landslide feature. From these we aimed to extrapolate the typical ground conditions across the 
site. 

The BHs were drilled using tracked mounted drilling rigs and each hole was fully core using 
HQ sized triple tube coring equipment with standard penetrometer tests (SPTs) carried out at 
1.5m intervals. Push tubes (PTs) were taken in most holes from the upper soil layers and were 
sealed with wax at the time of sampling. Core was logged and photographed on site by an 
engineering geologist, then boxed and wrapped in plastic and sent for further sampling and 
laboratory testing. 

Table 1 summarises laboratory testing that was carried out on the soil that form the upper part of 
the ground profile.  

4 ENGINEERING GEOLOGICAL ASSESSMENT 

The pattern of deformation shown in Figures 3 & 4 indicates a large elongated slumped block 
located towards the centre of a larger overall landslide feature. The slump extends from the 
ridgeline, through the existing highway and down into the heavily vegetated areas at the head of 
the Mangapuketea Stream system. The northern extent of the main slumped block is marked by 
a prominent ridge that runs down the slope from the Telecom tower. Beyond this feature is a 
heavily wooded block of land that houses the original site of a historic homestead. The southern 
extent of the slumped block is marked by a row of cabbage trees that extends down slope past a
stock pond. 

Archaeological site 

Historic Landslide 

Recent Slumping 

Main 
Ridgeline

N 

Approx. extent of 
Figure 4
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Figure 4: Engineering Geological Mapping
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Table 1: Laboratory Test Results 

Sample Type Field Description (BH logs) P.I Ring Shear 
(CD)

Triaxial  
(CU)

BH 1
1.5m

Core/ 
SPT

Clayey SILT. Stiff – v.stiff, 
moist, mod. plastic.

LL= 47
PL= 26
PI= 21
NWC=25

BH 3
1.0m Core

Clayey SILT some Gravel. Stiff 
– firm, moist, mod.- highly 
plastic. Gravel is HW-CW, fine 
– med., angular Mudstone.

LL= 56
PL= 29
PI= 27
NWC=61

γb=
19.3kN/m3

Øcv=16°
ccv= 8kPa

BH 3
6.0m

Core/ 
SPT

Gravelly SILT some Clay. Soft 
– firm, moist-wet, mod.-highly 
plastic. Gravel is HW-CW, fine
– med., angular Mudstone.

LL= 49
PL= 24
PI= 25
NWC=31

γb=
20.0kN/m3

Øcv=18°
ccv= 5kPa

BH 5
6.0m PT 1

Gravelly SILT some Clay. Firm 
(SPT =16), wet. Gravel is CW, 
fine, angular Mudstone.

LL= 47
PL= 30
PI= 17
NWC=24

γb=
20.2kN/m3

Øcv=17°
ccv= 7kPa

γb=
20.5kN/m3

Ø’=34°
c’= 14kPa

BH 6
0.9m PT 1

Silty CLAY. Firm (SPT =7), 
moist, mod.-highly plastic.

LL= 58
PL= 31
PI= 27
NWC=29

γb=
19.2kN/m3

Øcv=11°
ccv= 8kPa

γb=
19.3kN/m3

Ø’=24°
c’= 25kPa

BH 8
1.5m SPT

Clayey SILT. Stiff – firm (SPT 
= 3), moist, mod.-highly plastic.

LL= 56
PL= 32
PI= 24
NWC=43

BH 8
2.4m Core

Gravelly SILT minor Clay. 
Firm, moist. Fines are slightly 
plastic. Gravel is HW-CW, fine 
– med., angular Mudstone.

LL= 58
PL= 30
PI= 28
NWC=15

The main bock has we believe moved as a series of classic rotated slumps with tension cracking 
forming around the upper margins and compression ridges and springs appearing at each toe 
area. This is shown in a geotechnical section (Figure 5). The individual blocks appear to have 
reactivated as the tension cracks and compression features coincide with a number of small flat 
topographic areas separated by steep slopes and ridges. 

Just below the original SH 35 is a natural shelf within the underlying mudstone. This created an 
“overflow” point between the upper parts and lower parts of the landslide mass. Historic 
investigations and observations suggest this “shelf” extends across the wider landslide area and 
is prominent at the older one lane section to the south of the recent movement. In the days 
following the initial slumping it was observed that the central elongated block slumped first, and 
then smaller blocks to the sides moved inwards in response to this. At the northern end the 
smaller blocks extend out into the paddock below the road, and to the south slumping extends 
back towards the existing onelane section. 

5 GEOTECHNICAL UNITS AND STRENGTH PARAMETERS 

The soil profile across the site is relatively uniform and follows a typical weathering profile. At 
the surface the soils tend to be a light yellowish brown, homogeneous, silt-clay. Index testing  
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Figure 5: Geotechnical Section  

indicates these are moderately to highly plastic, but plot on or very close to the “A-Line” of the 
plasticity chart. This unit tends to be 3.0m to 4.0m thick and the soil is generally stiff to very 
stiff. 

The silt-clay unit transitions gradationally into a silty-clayey gravel. The gravels tend to be 
medium to coarse sized mudstone clasts, but are highly weathered and can be crushed with 
strong finger pressure. The unit continues the weathering profile down into the underlying 
mudstone, which is light grey, very weak to weak with varying degrees of fracturing and 
weathering. The depth to the mudstone is variable across the site but in general tends to be 
about 10m – 15m. 

For the purpose of assessing global stability the upper silt-clay and silty-clayey gravel were 
considered one geotechnical unit. This was done on the basis that the plasticity index values for 
both units are similar and the amount of fine grained material within the gravel unit would 
dominate its behaviour. An undrained shear strength of 30kPa was back-calculated from 
slumped areas and this was consistent with Pilcon Shear Vane strengths measured in hand 
augered BHs from 2000, and therefore gave a robust assessment of undrained strength for the 
remoulded soils. 

We carried out slope stability modelling using Slope/W and considered effective soil strengths 
in the remoulded soils to be anisotropic since there is a strong translational component to the 
slumping, and therefore back-calculated horizontal strengths of ø’ = 23°, c’ = 5kPa, and vertical 
strengths of ø’ = 27°, c’ = 10kPa. This had the effect of forcing the model to elongate the 
traditional circular failure into a more translational representation. This we believe matched 
more closely the observations from site. For soils outside of the landslide area the higher 
strength of ø’ = 27°, c’ = 10kPa was used in an isotropic mode. 

The triaxial results gave similar numbers to the back-calculated values, but in general the 
cohesion is higher. Ring shear testing gives large strain parameters and these results gave values 
lower than we had assumed. However, on the balance of all the information (and due to the 
timing between doing the majority of the analysis and receiving the laboratory results) we 
considered our design values above to be a realistic representation of the soil strengths for the 
upper 2 combined units. 

Based on our subsoil investigations and mapping it appeared that the upper soils were sliding 
along the surface of the Mudstone. This is shown in the geotechnical section (Figure 5). For the 
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purpose of large scale global stability the mudstone was divided into “intact” and “fractured” 
mudstone and assigned values of ø’ = 27°, c’ = 300kPa and 500kPa respectively. 

For detailed cut slope design a second more detailed assessment of the various rock mass 
strengths was carried out, but the methodology and results of that assessment are outside the 
scope of this paper.

6 GEOTECHNICAL ASSESSMENT OF ROUTE SECURITY 

At the site there were a number of non-geotechnical constraints that dictated where a new 
alignment could not go, and it was recognised early on that it was likely that at least part of the 
route would have to be constructed across the landslide (Figure 3). This was accepted by the 
client (NZTA) and they understood there was going to be a chance of over-slipping associated 
with any new alignment. However, what was to be avoided was the risk of under-slips, as these 
can close the road for long periods of time and are costly to repair. Therefore a method had to be 
devised to evaluate the relative security of each alignment option across its entirety. This 
method is briefly outlined below.  

A total of 5 separate Geotechnical Sections were developed to represent distinctive parts of the 
landslide or slopes that may need to be crossed. These were based on our mapping and 
subsequent investigations. Each section was modelled in Slope/W, starting with a back-
calculation of the existing slope profile then adding road cuttings for a number of alignment 
options. Once we were happy that each section was a reasonable representation of the slope 
stability at that section they were extrapolated across the areas of common ground and the 
calculated Factor of Safety (FOS) was assigned along lengths of various alignment options.  

In Figure 5 we summarise the results of our modelling using different colours to represent the 
expected route security for the four options that were considered. 

The New Zealand Standard NZS 4404 (2004) provides the following guidance on the use of 
FOS: The minimum factor of safety for the design of permanent slopes in land development and 
subdivision projects of 1.5 is required for the conditions which may be expected to occur during 
the design life of a structure – 100 years for dwellings and 50 years for retaining strictures 
beyond 8m from the dwelling. A reduced factor of safety of 1.2 is applicable for extreme 
conditions. 

The key to the colour coding is as follows:
 

 Green shading: High level of security (FOS > 1.5) 
 Blue shading: Medium level of security (FOS  1.3 to 1.5) 
 Orange shading: Low level of security ( FOS >1.0 to 1.3) 
 Red shading: Slopes unstable (FOS < 1.0) 

 
7 CONCLUSION 
 
The modelling along the pre-existing alignment (Do-Nothing) showed that the road across the 
entire width of the landslide was unstable and even with mitigation such as drainage and soil 
improvement (Option 1) there was still a high risk of both over-slip and under-slip. 

Option 2 would realign the highway onto a new route between the existing highway and the top 
of the ridge by cutting down into the Mudstone. The ongoing risk to route security would be 
reduced to a localised area across the recent slumping and would come mostly from over-slip. 
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Figure 5: Geotechnical Security of Future Highway Corridors across Busby’s Hill
 
Option 3 would realign the highway onto a new route completely on the other side of the 
ridgeline, placing the new highway on land not affected by the current landslide. The ongoing 
risk to route security in this case comes from over slip, provided that the short section of fill 
embankment at the northern end can be successfully keyed into the underlying bedrock. This 
option was later dropped due to complicated land-entry requirements. 

The final design was developed from Option 2 and was constructed over the 2009/10 summer. 
The length of the realignment is 900m and includes cuts up to 15m deep. In total there was 
200,000m3 of cut and 50,000m3 of fill, with a total cost of $4.6M. Today there is ongoing soil 
creep on some the cuts around the vicinity of the Telecom tower but in general the realignment 
is performing well. 
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ABSTRACT 

Road networks provide a vital lifelines function to society, and their availability is critical for 
emergency response and recovery after major hazard events.  Road controlling authorities have 
a responsibility to manage the risk to road networks proactively and ensure that they are 
available to the fullest possible extent after major events such as earthquakes.  Over the past 15 
years, Opus has helped develop an understanding and mapping of the current resilience of 
various road networks in the Wellington Region, and development and implementation of 
mitigation measures.  Recently the mapping was extended to encompass the critical lifeline 
routes across the whole greater Wellington area including the Wellington, Hutt, Upper Hutt, 
Porirua and Kapiti Districts and the state highways. 

The resilience was characterised as Damage, Availability and Outage States based on the 
concept of resilience developed for lifeline networks, based on research by Opus.  The resilience 
mapping was integrated onto a common platform using GIS so that it could be used by asset 
managers and emergency management staff, considering the whole inter-connected network.  
Slip volumes that could be potentially generated by a large earthquake were also assessed, to 
help response planning.  The study identifies the vulnerability of the network, where Wellington 
could be isolated by major landslides on road through rugged terrain and along the base of 
coastal slopes, as well as liquefaction and lateral spreading at low lying alluvial, estuarine and 
reclaimed land.  This also highlights that the various urban areas within the region will be cut 
off from each other.  This landmark study informs and has led to a number of follow on studies 
to allow emergency response planning and initiatives to enhance resilience. 

1 INTRODUCTION

Road controlling authorities, including the New Zealand Transport Agency (NZTA) and local 
authorities, have a responsibility to proactively manage the risks to their road networks from 
natural hazards.  The Civil Defence Emergency Management Act 2002 identifies roads as one 
of the key lifeline utilities, and requires its operators to be able to demonstrate that they have 
assessed the risks to its networks, and taken proactive measures to ensure that the lifelines 
(roads) are able to function to the fullest extent possible after natural hazard and other events 
(Ministry of Civil Defence Emergency Management, 2002). 

Road controlling authorities in the greater Wellington area include the NZTA, Kapiti Coast 
District Council, Upper Hutt City Council, Porirua City Council, Hutt City Council, and 
Wellington City Council. Opus has carried out road network vulnerability mapping in a series 
of separate studies since 1998 for the Wellington city, Hutt city, Porirua city, Upper Hutt city 
and state highway road networks.  As the individual road networks function together as an 
overall regional road network, the six agencies therefore agreed that it would be prudent to 
amalgamate them onto a single platform.  This would provide the basis for co-ordination 
between the road controlling authorities, and allow integrated planning of risk management and 
emergency response for the combined road network. 
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This project has involved mapping the vulnerability of critical routes in the Upper Hutt city and 
Kapiti Coast districts, and integrates and updates the results of the previous studies for the state 
highways, Wellington city, Hutt city and Porirua city, into integrated road resilience maps for 
the greater Wellington area.  In addition, the study has involved assessing the rough order 
volumes of slip materials accumulating on the roads from overslips. This paper presents the 
results of the study. 

2 RESILIENCE AND PERFORMANCE STATES 

Knowledge of the performance of the road network in natural hazard events is important to 
understand the impact on society – the people, emergency services, economic activity etc. This 
would also enable the expected performance to be compared against desired performance 
targets, and help develop risk management measures. 

The resilience of infrastructure lifelines such as roads is dependent on its vulnerability to loss of 
quality or serviceability, and the time taken to bring the road back into its original usage state 
after the reduction or loss of access.  This is shown conceptually in Figure 1.  The smaller the 
shaded green area, the more resilient is the lifeline. The greater the area, the poorer is the 
performance. 

Figure 1:  Resilience of network 

“Performance States” or “Resilience States” representing the performance of the road network
have been developed to consider the impact of various natural hazards on the road network on a 
similar basis (Brabhaharan et al., 2006). These states are summarised in Table 1. 

Table 1:  Resilience states summary  
Resilience State Description of State

Damage state Damage State represents the severity of damage to the road and cost of damage 
repairs.

Availability state
Availability State indicates whether the road section would be able to be used either 
at full level, at various reduced levels or not at all.  This gives an indication of the 
degree of access on that section of the road network after an event.

Outage state
Outage State indicates the duration over which the road will be in the Availability 
State above.  This gives an indication of the duration of loss or reduced access in 
links along the road network.

3 ROAD NETWORK EARTHQUAKE RESILIENCE MAPPING 

3.1 Characterisation of the Road Network 

The approach we have used to assess the resilience of the network through performance states, 
was to characterise the road network using a GIS-based spatial approach developed by 
Brabhaharan et al. (2001).  The road network was characterised through drive over mapping of 
the road, and then characterisation using a combination of the field information, hazard maps 
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and review with the aid of Google Earth Maps.  The characterisation was captured into an 
ArcGIS spatial database. 

3.2 Earthquake Scenario and Ground Damage Hazards 

All the resilience states were developed for a large local earthquake affecting the whole of the 
Wellington Region, such as a characteristic magnitude 7.5 earthquake on the Wellington Fault 
or Ohariu Fault for example.  Given the general nature of the earthquake scenario across the 
wide region, ground damage from fault rupture has not been assumed on any of the faults. 

Regional studies of earthquake ground damage hazards such as slope failure and liquefaction 
were published by Wellington Regional Council in 1993; these maps were used to assess the 
hazards to the roads.  In addition, liquefaction ground damage hazards have been reviewed in 
specific areas such as along the Petone Esplanade and along the Wellington waterfront.   

3.3 Resilience State Mapping 

Performance or resilience states were developed and used for mapping the vulnerability of the 
road network in the Greater Wellington area, including the Wellington City (Opus, 2003), Hutt 
City (Opus, 2008a), Porirua City (Opus, 2011), and Region 9 state highway road networks 
(Opus, 2008b, 2009).  

The same resilience states were used to map the resilience of the Upper Hutt and Kapiti Coast 
road networks.  This was carried out by assigning resilience states (damage, availability and 
outage) for each road category used in the road network characterisation as described in Section 
3.1.  The resilience states from the road characterisation were derived with the aid of ArcGIS. 

The resilience states from the road characterisation were spatially mapped in GIS for each of the 
six road networks, and these have been meshed and displayed together in GIS, so that the whole 
network can be visually seen together.  A description of the resilience state levels is provided in 
Table 2. 

Table 2:  Resilience states  
Resilience 
State Level Description

Damage 

1  Slight Only slight damage that requires routine maintenance

2  Light Minor damage requiring clean-up of small slips (few cubic 
metres) and debris and culverts

3
Moderate

Moderate damage requiring removal of moderate volume of slip 
debris (tens of cubic metres), small scale repair of underslips 
(less than 2 m high walls) and minor repair to walls, culverts and 
other structures

4  Severe

Severe damage requiring clearing of large volumes of slip 
materials (hundreds of cubic metres) and stabilisation, 
significant structures to repair underslips and major repair to 
walls, replacement of culverts and other structures.

5
Extensive

Extensive damage requiring clearing of major volumes of 
landslides and stabilisation, large structures to repair underslips, 
damages to walls and other structures.

Availability 

1  Full Full access except condition may require care.

2  Poor Available for slow access, but with difficulty by normal vehicles 
due to partial lane blockage, erosion or deformation.

3  Single 
lane

Single lane access only with difficulty due to poor condition of 
remaining road.
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Resilience 
State Level Description

4  Difficult Road accessible single lane by only 4x4 off road vehicles.
5  Closed Road closed and unavailable for use.

6  Closed + Road closed and unavailable for use and affecting alternate 
direction carriageway

Outage

1  Open No closure, except for maintenance
2  Minor Condition persists for up to 3 days
3
Moderate Condition persists for 3 days to 2 weeks

4  Severe Condition persists for 2 weeks to 3 months
5  Long 
term Condition persists for > 3 months

The results of the resilience assessment for the road network in the Greater Wellington area are 
presented on individual maps for each resilience state, as listed below.  

 Damage State, illustrating the severity of damage to the roads.   
 Availability State, indicating how much access can be expected to be available after a 

large magnitude 7.5 earthquake event in the region.   
 Outage State, indicating how long the availability for access may be impaired.   

An extract of each resilience state map for Wellington city is shown in Figure 2. 

Damage State

5 - Extensive

4 - Severe

3 - Moderate

2 - Light

1 - Slight
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Figure 2:  Examples of resilience state maps for Wellington city 

4 ROAD NETWORK EARTHQUAKE RESILIENCE 

4.1 Resilience Assessment Results 

The resilience assessment highlights the vulnerability of the road network to damage from a 
large magnitude earthquake within the region.  The Wellington region is characterised by steep, 
hilly terrain and roads in these areas are commonly formed on narrow benches excavated into 
the steep hillslopes.  Consequently, these roads will be closed due to large landslides, underslips 
and failure of unengineered retaining walls.  Where roads lie along low lying alluvial and 
coastal plains there is likely to be extensive damage due to liquefaction and lateral spreading at 
low lying alluvial, estuarine and reclaimed land.   

The key vulnerabilities in the Greater Wellington road network are described below and shown 
on Figure 3. 

1. SH1 Paekakariki to Pukerua Bay: Closed by major landslides from the hillslopes 
above the road for many months   

2. Akatarawa Hill Road: Closed for months by large landslides, underslips and failure of 
unengineered retaining walls and poorly compacted fills.  The road is expected to fail 
completely along some sections, and is likely to require realignment of the road.   

3. SH2 Rimutaka Hill Road: Closed for many weeks to months by large landslides, 
underslips and failure of unengineered or substandard retaining walls.   

Outage State

5 – Long term

4 - Severe

3 - Moderate

2 - Minor
1 - Open
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4. SH58 Haywards Hill: Haywards Hill Road closed due to large landslides for many 
weeks to months.   

5. SH1 Paremata to Porirua: Closed by liquefaction and lateral spreading for many 
weeks to months.  Rupture of the Ohariu Fault also poses a risk of damage to the 
bridges over the Paremata Inlet.   

6. SH2 Petone to Ngauranga: Closed by large landslides from the hillslopes above the 
road for many weeks to months.   

7. SH1 Ngauranga Gorge: Closed by large landslides.  Limited two lane access is likely 
to be able to be restored within days, except the Johnsonville bypass section that may 
take weeks.   

8. Hutt Road and SH1 Wellington Urban Motorway: Closed by landslides along Hutt 
Road and retaining wall failures along Wellington Urban Motorway.  In the event of 
an earthquake on the Wellington Fault, rupture of the fault trace will exacerbate the 
damage to these roads, although the effects will be more localised but will include 
closure of the important Thorndon Overbridge link.   

Figure 3:  Key road vulnerabilities in the Wellington region 

1 

2 

3 

4 

5 

6 

7 

8 

Availability State

6 - Closed and affecting 
 opposite carriageway
5 - Closed

4 - Difficult

3 - Single Lane

2 - Poor
1 - Full

Lower Hutt

Upper Hutt

Kapiti Coast

Porirua

Wellington
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Figure 3 shows that key road transportation lifelines will be closed due to extensive damage 
from slope failures and liquefaction, and this condition is likely to persist for long periods 
(>3 months) in critical locations.  Consequently, in a large magnitude earthquake event, the 
greater Wellington area could be isolated by major landslides on road through rugged terrain 
and along the base of coastal slopes, as well as liquefaction and lateral spreading at low lying 
land. In addition, the various urban areas in the Wellington region are likely to be cut off from 
one another.  This is a key outcome of this study and highlights the importance of emergency 
response planning and developing initiatives to enhance resilience in the region. 

4.2 Quantity of Overslip Materials 

Indicative rough order quantities of slip materials that may fall onto the roads were also 
assessed.  These were derived by considering the various road categories vulnerable to 
overslips, and summed using the spatial GIS database. The quantities are based on the records 
of slips in historical earthquakes in the Wellington Region, experience of the authors from 
observation of slips in other earthquakes such as the 2010-2011 Christchurch earthquakes and 
the 2008 Wenchuan Earthquake in China, as well as knowledge of the failure characteristics of 
slopes in the Wellington region.   

The indicative quantities of overslip materials are summarised in Table 3.  Ranges of the 
volume of materials expected in the large earthquake event are given to represent the 
uncertainties involved in these estimates. The quantities presented are only rough order 
indicative quantities.   

Table 3:  Indicative volumes of overslip materials  

Road network Rough Order Volume of Possible Overslip 
Materials (‘000 m3)

State Highways 400 to 8,000
Kapiti Coast District 30 to 200
Upper Hutt City District 35 to 250
Porirua City District 10 to 100
Lower Hutt City District 30 to 300
Wellington City District 40 to 250

The actual quantities of slip materials will depend on the local soil and rock conditions along 
the routes, the characteristics of the earthquake event and the season / weather conditions prior 
to and after the earthquake event. Roads that are susceptible to damage from overslips are also 
likely to be vulnerable to underslips, due to collapse of unengineered retaining walls and fills.  
In many cases the damage from underslips will result in more severe outages than the overslips, 
and these road failures are likely to be the determining factor in considering appropriate 
emergency response priorities for restoring access. 

5 CONCLUSIONS 

Road networks provide a vital lifelines function to society, and their availability is critical for 
emergency response and recovery after major hazard events.  Consequently, managing the risks 
to roads requires an understanding of the network resilience to hazard events.  We have mapped 
the current resilience of critical lifeline routes across the whole greater Wellington area 
including the Wellington, Hutt, Upper Hutt, Porirua and Kapiti districts and the state highways 
and integrated these onto a common platform using GIS.   

The resilience was characterised as Damage, Availability and Outage States based on the 
concept of resilience developed for lifeline networks, based on research by Opus.  Slip volumes 
that could be potentially generated by a large earthquake were also assessed, to help response 
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planning.  The key outcome of the resilience assessment is that the Wellington region will likely 
be isolated following a large earthquake, due to major landslides on road through rugged terrain 
and along the base of coastal slopes, as well as liquefaction and lateral spreading at low lying 
land.  In addition, the various urban areas within the region will be cut off from each other.  
Damage to critical road routes will be extensive, and will result in road closures for a long 
period (> 3 months).   

This study highlights the vulnerability of the road network in Wellington, and has led to a 
number of follow on studies such as post-earthquake response plans for the state highways, and 
implementation of mitigation for key vulnerabilities within the local authority networks.  The 
outcomes have underpinned regional access and emergency response plans by the Wellington 
Lifelines Group and emergency management authorities, and provided impetus for projects that 
enhance resilience. 
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ABSTRACT 
This paper reports the initial findings of a new research project funded by the Ministry of 
Business, Innovation and Employment (MBIE). The research, in collaboration with the 
Geological Nuclear Sciences (GNS), will provide enhanced understanding of the performance 
and resilience of underground utilities under seismic loading.  

Information exists in various formats on the damage to underground utilities following the 
Canterbury earthquakes. This information will be compiled and analysed to evaluate the 
applicability of current models of seismic response. Data from ground deformation, geology and 
seismic loading will also be assessed together with the damage data.  Areas of interest identified 
in the analysis stage – unexpected or previously unreported forms of damage, for example - will 
be further studied through finite element analysis backed with selected full scale testing.  

Initial findings from the first year of the project work will be presented. This will include the 
aspects identified from the analysis of the damage data, and the initial findings from the full 
scale testing and numerical analysis, together with initial recommendations for current design 
practises and guidelines. 

A key goal of the project is to help develop robust, evidence-based national recommendations 
and guidelines to help reduce the impact of future seismic events and to improve the resilience 
of communities after a seismic event in a cost effective manner. Risk management and damage 
prediction will also be enhanced providing greater reliability for insurers and incident managers.  

1 INTRODUCTION 
The recent earthquakes in the Canterbury region resulted in numerous fatalities, caused severe 
social disruption and caused damage estimated in 2012 at $3 billion. Utility owners and 
providers face the huge task of preparing qualitative assessments, quantifying the damage, and 
restoring service.  

The Ministry of Business, Innovation and Employment (MBIE) is funding research to better 
understand how underground utilities behave in seismic events. The research’s main objectives 
are to use information on the actual performance of underground systems to help advance our 
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understanding of how and why damage occurred, so as to provide robust guidance on how to 
prevent or mitigate damage to new and to existing systems both in Christchurch and nationally.  

The behaviour of underground networks under seismic loads is complex and full understanding 
is further hindered because these systems are out of sight below the surface. The urgent need to 
restore services and minimise damage and the pressures of reconstruction have made it difficult 
for the reconstruction teams to find time to understand how and why the damage occurred 
where and when it did.  

The research programme therefore includes;  
 collection and interrogation of existing failure and damage data,  
 numerical modelling to better understand how pipeline systems interact with seismic 

loads,  
 selective physical testing to validate findings, 
 interpretation of findings to provide robust guidance for predicting and managing the 

impact of future events.  

This understanding of how real systems respond to seismic loading will also help establish the 
impact on residual life and better quantify the effects of any sub-critical damage. Sub-critical 
damage compromises performance or durability or both, but is not severe enough to justify 
immediate repair e.g. small over-deflection of joints or local damage to corrosion protection.  

2 CANTERBURY EARTHQUAKE UTILITY DAMAGE 
Following the Canterbury earthquakes, information was reported from various sources. These 
reports included work by CERA, IPENZ, GNS, Universities, and consultants, to name a few. A 
huge effort has been undertaken by many people to help rebuild Christchurch, to develop new 
areas and re-engineer existing areas.  

A number of technical papers have described damage caused during the earthquakes and 
specific forms of damage (Black, 2013, 2012), (Boot & Cleary, 2011) (IPENZ Engineering 
Insight, 2012), (Cubrinovski, et al. 2012) and (O'Rourke, 2012). Other studies have drawn on 
the experience of other events around the world (Morris, 2002) and general overview (Tromans, 
2004) of the behaviour of buried water supply pipelines in earthquake zones. 

To enable a coordinated response to the rebuild, the Stronger Christchurch Infrastructure 
Rebuild Team (SCIRT) is at the core of the Christchurch rebuild, with responsibility for 
rebuilding horizontal infrastructure in Christchurch following the earthquakes of 2010 and 
2011. A large amount of data has been centralised and brought together in the GIS format 
database at SCIRT. Our research project builds on this centralised database to further analyse 
and understand what happened during the earthquakes.  

When repair work began, the primary focus was on managing and repairing the damage rather 
than collecting evidence of the form of damage and type of failures. As a result of this, while the 
location of damage to services is generally well recorded, the details of the damage are often 
missing or incomplete. This is common even in minor incidents, and is even more 
understandable in such a large event. Formal records and analyses will therefore be 
complemented by discussion with people who were involved in damage assessments and 
recovery works to obtain supporting information on observed faults.  

Initial results show that most of the recorded damage was consistent with damage reported in 
other events (Figure 1), but some less common forms of damage were observed. These are 
being investigated to see if they are an intellectual curiosity or if they have potential as 
indicators of specific loading events and will be described in future work.  
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Figure 1: A large diameter concrete gravity pipe damaged by flotation during one of the 
Canterbury earthquakes 

3 DAMAGE DATABASE 
One of the keys to relating seismic loading to the effect on buried services is to compile diverse 
data sets. This work uses ESRI ArcGIS to combine and layout spatial database of utility 
services and local geology with damage records and records of seismic loads to assist in relating 
how the seismic loads interacted with the local geology and with the systems to cause damage.  

The key is to relate the initial service location (using pre event records) with the observed 
damage (using post event records) to the local geology to a depth of approximately 10 metres 
and seismic loads (using information provided by GNS). 

The core data is obtained from SCIRT and specific utility providers. The data covers utilities 
and seismic loads over the whole of the Christchurch City Council area but some data extends 
over the wider Canterbury Region. This information will later be integrated with the GNS 3D 
geological model viewer to better relate seismic loads and system response. The system used 
allows data to be viewed in 2D (Figures 2 & 3) or in 3D as required.  

Figure 2 & 3: Waste Water Pipes Data Coverage (Left), Storm Water Pipes Data 
Coverage (Right) 
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4 NUMERICAL ANALYSIS
Numerical analysis is essential for understanding how buried services and seismic loads 
interact. It provides the only practical means to explore the impact of actual loads on different 
materials or installation options and to test the response of materials under a range of load 
combinations. Numerical models also provide a graphical illustration of behaviour that can 
never be directly observed in real life. As with all modelling, the key issue is to ensure that the 
results are not just consistent, but that they can be related to real world behaviour.  

Initial numerical analyses have been undertaken using ABAQUS to create finite element models 
for the relatively simple case of a gravity wastewater or stormwater pipeline installed in 
homogenous soil that is exposed to seismic loads (Figure 4). The example pipeline consists of 
six 2 m long DN600 rubber ring jointed concrete pipes with a wall thickness of 50 mm located 
1.5 m below the surface.  

As the pipeline geometry and the loading are symmetrical, in this example, a half-model was 
used to reduce the computational effort required to simulate loading.  

In the analysis the loads are specified in two consecutive steps. First the soil is subjected to 
static gravity loading and then the dynamic vertical and transverse components of the ground 
accelerations from actual loading data (Figure 5) are applied to all nodes at the base of the soil. 
Longitudinal loading components will be considered in future stages. 

Figure 4 shows the mesh geometry. The boundary conditions of the model surfaces were 
applied to set up appropriate stable initial conditions and then adapted to fit the half model. 

Further refinement of this model and development of numerical models for other utility 
systems, such as pressure services, cables and ducted services will extend coverage over various 
loading, materials and installation conditions.  

Figure 4: Geometry of the Finite element model 
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Figure 5: Actual Seismic accelerations used in the model: Vertical acceleration (left) and 
horizontal acceleration (right).  

4.1 Simulation 
A number of simulations were run to examine the effect of seismic load using: 
1. 2D analysis of continuous pipeline (joints are ignored). 
2. 3D analysis of continuous pipeline (joints are ignored). 
3. 3D analysis of jointed pipe line as shown in Figure 4. 
For simplicity, two basic assumptions are made in the analysis 
1. The soil and joint rubber are linear-elastic, and pipe is elastic and isotropic.
2. The pipeline-soil surface is fully bonded each other and the interface between pipeline 
and soil is perfect without defects.  

4.1.1 2D analysis for continuous pipeline 
Figure 6 shows the total stress contour plot for the 2D analysis at time interval 3.8 seconds 
during the loading sequence. Also shown is the total stress at points A, B and C during the 
dynamic loading. 

Figure 6: Contour plot of total stress distribution at 3.8sec and at points A, B and C 
during loading 

Interestingly the maximum total stresses occur in the pipe after the maximum dynamic loading 
has occurred. This affect was also reported in Sakurai, A & Takahashi, T (1969). 

4.1.2 3D analysis of continuous pipeline 
For the 3D analysis of the continuous pipeline, Figure 7 shows the total longitudinal stress along 
the pipe at time intervals 2.5, 3.8, 5.8 and 7.5 seconds. 
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Figure 7: Stress variation along the pipe at time t=2.5, 3.8, 5.8 and 7.5 sec

Similarly to Figure 6, higher stresses occur after the maximum load has been applied.  

4.1.3 3D analysis of jointed pipe 
Figure 8 shows the contour plot of longitudinal displacement along the length of the jointed 
pipeline at time t=2.5 s after initial loading.   

Figure 8: Contour plot of displacement 

In general it can be seen that a symmetrical plot of displacement along the length of the pipeline 
can be observed. Future work will investigate, in detail, effects from various parameters, 
validate the boundary conditions, and test different materials and installation combinations.  

Even at the preliminary stage, the models are providing useful insights into how the systems 
interact with their environment and the applied loads.  

5 LABORATORY TESTING 
Full scale laboratory testing has a number of objectives in this work, including.  

 providing a means of observing how individual pipes and joints respond to specific 
loads, 

 confirming whether a modelled response actually occurs, 
 determining materials properties under specific loading conditions, 
 creating examples of specific forms of damage for reference.  

While initial testing is focussed on simpler systems and loading configurations, the testing 
facilities available can extend as far as allowing simulated service installations to be tested using 
a shaking table if this is required.  
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5.1 Initial testing  
Initial compression testing was conducted on three 700 mm sections of DN160 SDR 17 
Polyethyelene (PE) pipe using a 2,000 kN Servo press. Samples were pre-conditioned overnight 
at a temperature of 20.5⁰C, then compressed at a loading rate of 3 kN/s to the point of failure.  

Figure 9: Image of a buckled DN160 PE pipe sample after compression testing 

All three samples failed at a consistent load of 116 kN. Although the load was surprisingly 
consistent, three forms of failure were observed. Before failure, all three started to swell at the 
base of the sample. Two of the samples then bent in the mid-section of the pipe while the third 
underwent elephant foot buckling at the base where the pipe buckled at two points. One of the 
two bent pipes showed tensile failure at the outer edges of the bend, but the other did not.  

This indicates that several failure mechanisms are all capable of acting at the point of failure, 
and that subtle local differences influence which one is responsible for the actual failure. It is 
suspected that fractional differences in the wall thickness or the presence of surface damage 
could have triggered the bending failure, while the elephant foot failure probably reflects the 
absence of these triggers for bending.  

6 CONCLUSIONS AND FUTURE WORK 
The initial results from this study indicate: 

 Combining damage databases using GIS allows extensive records of the distribution 
of utility networks and damage to be combined with geotechnical and geological data 
maps to provide an insight into the influence of geology, different materials and 
installation practices on seismic response.  

 Because the original damage records were acquired under emergency conditions, 
supporting information is being acquired through a number of complementary routes.  

 Numerical analysis provides an indispensable tool for exploring how different services 
respond to specific seismic loads, and also for exploring how different seismic loads 
affect the same installation.   

 Laboratory testing provides a way to validate predicted behaviour and to generate 
specific supporting data.   

 The preliminary results have already shown potential for better understanding how 
seismic loading affects buried services, thus providing a basis for exploring means to 
minimise adverse impacts of seismic loads and to better understand the impact of sub-
critical damage on the residual life and operability of utility services.  
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ABSTRACT 

This paper will provide a case study of the remediation of approx 100,000m3 of contaminated 
tailings at the abandoned tui mine site. The design required the improvement of geotechnical 
and geochemical properties of the tailings and the dam structure. 
                      
1 INTRODUCTION 

The Tui Mine is an abandoned mine site on the western flanks of Mt Te Aroha.  The mine 
produced a range of base metals, including copper, lead, zinc gold and silver .   

The site is located within the catchments of the Tui and Tunakohoia Streams, both of which 
flow into the Waihou River at the base of Mt Te Aroha, in the Waikato. 

The site consisted of some 100,000 m3 of impounded tailings, a number of mine adits, waste 
rock and ore dumps and stockpiles (see figure 1). Various water types discharge from the site 
including adit drainage, natural catchment drainage and contaminated under drainage (low pH, 
high dissolved metals concentrations) from waste rock and tailings. 

Previous rehabilitation initiatives have been unsuccessful in improving water quality 
discharging from the site. Temporary buttressing of the tailings was constructed in the 1970’s.

Concerns over contaminated water and the risk of landslide of the 100,000m3 of tailings caused 
the Local and Regional Authorities, Department of Conservation and Ministry for the 
Environment to review site remediation options. 

                                           
                                                     Figure 2: Tui Mine Site 
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From 1974 to 2009, a number of site investigations, geochemical and geotechnical 
characterisation testing and reporting was carried out on the Tui mine site primarily by URS and 
Tonkin and Taylor Consultants. An assessment of various remedial options was also completed. 
The options were assessed and assigned a ranking based on long term effectiveness, risk 
assessment, constructability and cost. The favoured option to stabilise the tailings on site and to 
create a regraded landform was selected in 2009. 

The remediation aimed to provide a long term solution by providing geochemical and 
geotechnical improvement, meet cultural and social objectives and preserve the mining heritage.  

2 KEY CONSTRUCTION RISKS AND CHALLENGES 

The Tui tailings dam comprised of 100,000 m3 of tailings contained within a dam, situated in a 
steep sided valley. The dam which had been constructed using waste rock and tailings was 
suspected of having a factor of safety of 1. (refer to figure 2 and the dam cross section figure 3).  

 
Figure 3: Interpretation of the tailings impoundment geology before stabilising works 

The key construction issue facing the project was the very low strength of the tailings which 
were up to 14 metres deep.The works required a progressive process of excavation to 5m above 
the base to allow for IMS which was followed by EMS carried out on the excavated material to 
achieve the final landform. (Refer figure 4) 

Figure 4: Long section of the landform after stabilisation 
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The key geotechnical and environmental challenges in constructing the remedial design 
included : 

 Geotechnical instability. There was a risk of dam failure during construction. Thus
careful staging and management of the works was required to mitigate this risk. The 
assessed cost of damage caused by possible failure was $170m.      

 The tailings were saturated and would quickly liquefy under the loads of construction 
equipment. Work was planned to start at the eastern and proceed west thus unloading 
the dam.   

 Unforeseen ground conditions could not be ruled out despite thorough investigation.  
 Quantities and types of materials were uncertain meaning cost uncertainty.  
 Possible buried cyanide drums on site would require careful excavation, testing, H & S 

controls and potential for disposal.     
 High rainfall conditions prevented work during winter months.  
 The site required full time security with public safety being a major consideration. 
 The site was steep confined and difficult to access.   
 The site access road was steep and narrow and one way. Effective traffic management 

was essential to ensure safe access for the 4 property owners, DOC, Kordia and up to 60 
site deliveries a day. 

 Comprehensive H and S management ensured staff were protected from contamination. 
 Stakeholder objectives were paramount. Local Iwi, DOC, MfE, Waikato regional 

Council and Matamata Piako District Council were well represented in the project 
structure.    

 With this being the first major IMS project in NZ HE invested heavily in machinery, 
survey gear and skilled staff.  

3 TENDER PROCESS – ALTERNATIVES, CONTINGENCIES  

The Waikato Regional Council funded largely by the Ministry for the Environment (MfE) was 
the principle and Project Manager with Tonkin and Taylor as the Engineer to the Contract and 
URS the project designers. 

HE was awarded a contract valued at $ 12.377 million.The contract period was 70 weeks 
commencing in October 2011 and with a completion date of March 2013. This included a 
winter shutdown period from 1 May to 1 October 2012.  
        
4 CONSTRUCTION WORKS  

HE mobilised to site in September 2011.   

The access road was realigned, stabilized and sealed (to allow for truck and trailers) prior to site 
establishment. This road was critical to efficient access. With the road only one way a push 
button traffic light system was designed and installed. This worked well.  

The site compound was squeezed into the process plant area which saved valuable space. 

4.1 INSITU MASS STABILISING (IMS) 

The IMS process uses dry binder injection and suits weak saturated soils. Mixing is via an 
excavator mounted mixing head to 5m deep. Dry binder is pumped from a pressure pod through 
a 75mm hose to the mixing head.   
 
Environmental controls were installed on site and IMS work commenced at the eastern shallow 
end. The premixed binder (a blend of 10 parts cement, 1 part CaO and 2 parts CaCO3) was 
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delivered to site in articulated tankers, stored in pressure tanks and pumped to the pressure pod. 
The pod controls pressure and binder delivery rate using a special valve and load cells which are 
integrated via a computerised control system. 

The mass mixing head attached to the 35 tonne excavator was guided by a GPS grade control 
system. This combined with the binder delivery computer provided sound quality control, 
quality assurance records and as builts. Binder was evenly mixed at a rate of 160 kg per m3. 

Initial progress was slower than anticipated. This due to the confined operating area, minimising 
native bush clearance, design changes required to address the reality of the site. Some 
unexpected ground conditions and slower than anticipated mixing production all put pressure on 
the programme.  

Utilising a purpose built, track mounted cement pressure pod helped speed up the IMS 
production. However by April 2012 the project was 2 months behind programme. 

In April 2012 as works proceeded towards the dam the tailings became coarser and firmer. This 
change initially slowed IMS progress and by May 2011 had precluded IMS as a stabilizing 
method. With no other options available HE proposed to excavate the remaining tailings to the 
base and exsitu stabilise them. HE urgently developed a safe and efficient construction method. 
As one of the risk mitigation options tagged in the tender it was readily accepted by the client. 
Payment for this methodology was as per contract rates. Excavation to the base of tailings 
provided certainty that all tailings were stabilised.

Updated changes to tailings volumes predictions during the construction were monitored by 
URS to ensure that a stable engineered landform could be developed.  The landform final levels 
were redesigned several times as the works progressed, accounting for bush clearance limits,
surveyed quantities and bulking. The final quantities were confirmed in Jan 2013 and while the 
base was exposed URS had obtained definitive soil properties on the underlying colluviums. 
This information allowed them to provide the final design which utilised a shear key at the 
western toe and eliminated the need for substantial deep soil mixing. 

A total of 25,000 m3 of IMS was completed.   

 
Figure 5:   35 Tonne Insitu mass stabilising rig with Pressure pod in the background   

4.2 EXSITU MASS STABILISING (EMS)     
 
By Jan 2012 enough IMS was constructed at the eastern end to provide a stabilised platform 
from which excavation to 5m above base level and the EMS of the excavated material could be 
started. By May 2012 the combined process of excavation, IMS and EMS had provided an 
efficient work area for filling. Excavated tailings were trucked, bladed out in 250mm thick 
layers, cement and lime were mechanically spread and the layer was mixed using a tracked hoe. 
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The hoed material (EMS) was bladed smooth and compacted to specification with a pad foot 
roller.  

This EMS used the IMS cement blend at 146 kg / m3 plus an additional 60 kg/m3 of CaCO3  

The above mix was an accepted alternative which utilised tailings without rock and saved on the 
demand for the limited amount of waste rock available onsite.  

The other main EMS product to be constructed was a mix of 2 parts tailings to 1 part rock with 
40kg/m3 of CaCO3 and 50kg/m3 of CaO. This consumed the piles of contaminated ore around 
the site and provided strength to the blend.  
In round figures the EMS products constructed. 

- 32,000m3 of Rock/Tailings blend with 3 different binder recipes.(11,000m3 of rock) 
- 46,000m3 of tailings blended with cement blend and lime. 
- 18,000m3 of 6 different blends.  

At tender time there were only 4 blend types proposed but as the project progressed unforeseen 
types of materials emerged, rapid sampling and geochemical testing was carried out and new 
mixes formulated to amend the varying degrees and types of contamination in them. Among 
these materials were organics from vegetation buried under the tailings. The varying materials 
required 9 different recipes with associated handling problems on the confined site. As well a 
dark soil there was approx 2000m3 of logs that had to be sorted and separated and were 
disposed of in the log dump further east of the tailings.   

                                               
Figure 6: Ex situ mass stabilising operation 

4.3 EARTHWORKS  

The number of material variants excavated and requiring characterising caused some delay due 
to the logistics of stockpiling, sorting and designation of position in the landform. The efficient 
handling and treatment of these materials was paramount to achieving budget. The testing, 
redesign and change in construction plans were carried out with urgency and collaboratively by 
the client, designer, engineer and contractor. Earthworks figures area as follows.  

 Onsite Rock for Stabilising –12,000m3 excavated and Crushed 
 Oxidised tailings – 4,500m3 Cut 
 Unoxidised Tailings – 85,700m3 Cut 
 Ore Chip – 4,000m3 Cut 
 Rock for Swale Drains – 3,000m3 Imported 
 Clay – 5000m3 Imported Fill for Capping 
 GAP40 Rock – 3000m3 Imported Fill for Capping 
 Topsoil – 6500m3 Imported Fill for Capping and Contour Drains 
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This created a total volume of 115,000m3 of Earthworks. Note that all materials were stabilised and 
used on site.  

4.4 DRAINAGE   

The design required the construction of 700m of 5m wide open swale drains around the 
perimeter of the stabilised landform. These consisted of a 600mm layer of rock riprap 300mm to 
600mm. The drains were designed to reroute surface water off and around the tailings earth fill.    

A cut-off drain at the head of the impoundment was constructed to collect and redirect any 
groundwater before it came in contact with the tailings.  A collection drain at the toe of the 
stabilised landform was constructed to pick up both ground water and possible leachate and at 
the interface between the natural material and the stabilised material.  

4.5 LANDFILL CAPPING   

The capping consisted of four layers of material.  
 300 mm Topsoil 
 150 mm GAP 40 drainage layer 
 300 mm Clay  
 250 mm Separation Layer  

The Separation layer utilised EMS of oxidised tailings, organics, rock and clay with 4 different 
application rates of lime and cement to ensure the economic use of site materials.  Clay was 
sourced from Hyndmans Quarry 40km south of the site. GAP40 was sourced as the drainage 
layer from Taotaoroa Quarry 70km south of the site. Topsoil was sourced from a farm only 8km 
north of the site. A total of 30,000 tonnes of material was imported to site for the capping layer.

4.6 PROGRAMME  
 
The critical path followed the initial enabling works and then IMS and EMS works followed by 
the capping layers. Other work items such as drainage were programmed around critical path. 

The first key milestone was to complete in situ stabilising (0 to 5 m depth) in the eastern end of 
the impoundment. Due to previously mentioned delays, this milestone was achieved in 
December 2011, some 6 weeks behind programme.        

The next key milestone was completing the stabilising works to chainage 150.  The area west of 
chainage 150 was considered a critical zone where the designers aimed to achieve better 
geotechnical and chemical results. This material essentially buttressed the up slope. 
Construction west of Ch 150 put the short term stability of the dam at greatest risk.   

Seeing the 2 month program slip looming at the end of April  HE applied for and was granted 
approval to work beyond April. Work was continued until early June which put the contract 
back on time. An early recommencement of work in the second week of September 2012 
enabled some work to recommence with full production ramped up by October. 

Stabilising works were completed by February 2013 with the capping works, more variations 
and landscaping works running to a well planned but demanding and tight programme. Drought 
conditions were beneficial and the entire project achieved practical completion on 10 May. This 
was ahead of the revised due date for completion allowing for time extensions related to 
variations and wet weather.   

4.8 QUALITY CONTROL   
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Delivery of quality was essential to achieve the project goals and stakeholder objectives.HE 
invested effort at the start to ensure that robust contract plans were compiled to our clients 
satisfaction and that would provide an overall delivery structure.  

The quality assurance plan was comprehensive and it called up all the standard requirements of 
a major civil project. In addition to this the designer required that a high frequency of sampling 
and testing of tailings pre treatment and post treatment was undertaken on a tight frame to give 
the designer results to check the effectiveness of the remediation throughout the works. To this 
end HE engaged GHD consultants to undertake sampling, testing and reporting for the project. 
GHD supplied a full time Environmental Engineer and supported him from their head office. 
GHD collated all results and supplied them with a detailed report every 2 weeks. The dedication 
of this resource to the task required was key to delivering this essential aspect. 

Testing included NDM, scalar, shearvane, sampling by rotary coring and push tubes for triaxial 
strength and permeability testing and geochemical testing.  

At the time of publishing this paper (10 May 2013) validation testing was still underway it is not 
appropriate to include any results in this report.     

5 PROJECT STATISTICS   
 

 Final contract claim $ 13.2 million (delivered within the total project budget)
 Total Man hours on site: approximately 100,000 man-hours  
 Total LTI’s (Lost time injuries): 2 minor reported incidents  
 Total FAI’s (First aid injury): 1 minor incident 
 Total OFI’s (Opportunity for improvements): 46
 Total truck movements to site calculated as: 3,500 trucks 
 Cement use: 12,000 tonnes : Lime use: 6,000 tonnes  
 IMS: 25,000 m3  EMS: 85,000 m3
 Earthworks: 115,000 m3 
 Imported Material: 50,000 tonnes 
 Total wet day time extensions: 32 days 
 Public complaints 3 related to truck traffic movements.  

6 CONCLUSION  

Despite the years of investigation and knowledge gained by the Tui veterans at URS, Tonkin 
and Taylor, WRC and HE. Tui Phase 2 was always going to be an unpredictable and 
challenging project. Knowledge and technology employed with focus by skilled staff was gelled 
by an effective overall client project management structure. With all the stakeholders working 
towards a common goal cooperation was the key to this project’s success.  
 
 
 
 
 
 
 
 
 
 

Figure 7: Tui tailings dam 2009               Figure 8: Tui mine completed. May 2013 
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ABSTRACT 

The collapse of the Old Pacific Highway road embankment at Piles Creek, during a period of 
sustained heavy rainfall, resulted in the tragic death of 5 people. The final embankment collapse 
was sudden and catastrophic; however it was the result of the progressive failure of the steel 
culverts over many years. 

This paper briefly explains the investigation methods and techniques employed to piece together 
and understand the failure mechanisms leading to the embankment collapse. The paper presents 
the findings of the Technical Experts and presents our interpretation of the mechanism of the 
failure.   

Following the investigations and findings of the Technical Experts, the NSW Deputy State 
Coroner provided the following recommendation in his Inquest report: 

“…..development and implementation of its (Gosford City Council - GCC) assets management 
and records management systems with particular reference to the need to implement an 
effective inspection regime for road assets, the identification of risks associated with such 
assets, the timely response to risks that are identified and the effective managerial oversight of 
such systems”

This incident has highlighted the importance of adequate maintenance regimes to the continued 
performance of infrastructure and in particular the performance of the infrastructure lifelines 
relied upon in disaster relief response plans. Since this incident a significant amount of work has 
also been commissioned by the Roads and Maritime Services of NSW (RMS) to improve 
culvert asset management along their network of roads. The details of the RMS culvert asset 
management system are available to local councils. The paper will conclude with details of the 
RMS cataloguing and culvert risk assessment developments. 

1 INTRODUCTION 

At approximately 15:30hrs on Friday 8 June 2007, during a period of significant rainfall, a 
section of the Old Pacific Highway at Piles Creek, Somersby collapsed. A car subsequently 
drove into the void created by the collapse resulting in the death of all five occupants. Aurecon 
was appointed on behalf of the NSW State Coroner to investigate the embankment collapse. The 
location of the Piles Creek site is shown in Figure 1 whilst the collapsed section of road 
embankment is illustrated in Figure 2.  
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maintenance and asset management of aging infrastructure  
 

Figure 1: Site location Figure 2: Aerial photo of collapsed 
section

The construction of this section of the Old Pacific Highway was completed in 1983 as a 
deviation to the original Pacific Highway alignment and to accommodate the alignment of the 
F3 Sydney to Newcastle Freeway that was constructed soon after the completion of the 
deviation works. This section of the Old Pacific Highway is also a critical deviation for 
managing and directing road traffic from the nearby F3 Freeway during road emergencies or 
closures.  

Technical Experts from Aurecon first inspected the site on 10 June 2007 at the request of the 
Department of Commerce. As part of this initial inspection Aurecon identified that the section 
of the Old Pacific Highway over Leask Creek (adjacent catchment located to the south) 
exhibited signs of failure similar to those suspected to have caused the collapse at Piles Creek. 
This section of the Old Pacific Highway was subsequently included in the investigation. 

Between July 2007 and February 2008 a series of detailed investigations were undertaken both 
at the site and in various laboratories with the aim of gathering as much data as possible to assist 
in understanding the reasons for, and the mechanism of, the road collapse. The field 
investigations were undertaken in a collegial manner by the appointed Technical Experts. 

2 CORONORS REQUIREMENTS 

It was a key requirement of both the Coroner and Crown Counsel that the investigations be 
undertaken in a collegial manner so as to minimise the amount of time the Technical Experts 
would be required at the Coronial hearing. To achieve this aim the following was agreed to by 
all interested parties: 

 A single set of factual data would be collected collegially by the Technical Experts 
representing each interested party 

 A single factual data report would be compiled and agreed to by all parties as 
representative of the ‘as found’ conditions on site

 Technical Experts from each interested party would compile their own interpretive 
report based on the information provided in the factual data report. Each report was to 
be based on an agreed common list of contents and schedule of key issues to be 
addressed 

 A conference with the Technical Experts would be held to identify areas of agreement 
and reasons for any areas of disagreement between the Technical Experts in their 
interpretation of the data and events leading up to the collapse. At the culmination of
this conference a single report was to be compiled for the Coroner detailing the 
outcomes of the conference 
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3 THE INVESTIGATIONS 

3.1 Investigations at Piles Creek 

A progressive, controlled excavation of both sides of the collapsed zone was undertaken down 
to pipe obvert level to gather information by inspection, mapping and testing of the 
embankment materials. Figures 3 and 4 show excavated trenches which were used to capture 
and log the remaining embankment profile. 

Figure 3: Trench face exposing fill layering Figure 4: Displacement feature seen in 
trench face

Below pipe obvert level sections were logged at regular intervals along the length of the pipes. 
Figures 5 and 6 illustrate a typical section through the pipes showing displaced fill layers as 
well as the collapsed pipes. Figure 7 shows the removal of the pipes in sections as the 
investigations progressed. Figure 8 displays the in-situ condition of the pipe invert prior to pipe 
section removal. Figures 9 and 10 illustrate the degree of perforation and deformation of the 
pipe culverts. 

Figure 5: Typical section through pipes Figure 6: Collapsed section of pipe with 
displaced fill layers

Figure 7: Pipe removal for a section of pipe Figure 8: In-situ condition of pipe invert
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Figure 9: Deformation of pipe culverts Figure 10: Perforation of pipe invert

3.2 Investigations at Leask Creek 

The technical experts agreed that due to the similarity in construction between the Leask and 
Piles Creek embankments, and the fact that the embankment at Leask Creek appeared to be 
exhibiting similar mechanisms of failure, that investigating the Leask Creek road embankment 
would provide more evidence and understanding of the mechanism of failure at Piles Creek.  

Figures 11 to 14 illustrate some of the interesting features found whilst deconstructing the site at 
Leask Creek. The investigation findings at Leask Creek assisted in determining the manner and 
cause of the collapse embankment section at Piles Creek. 

Figure 11: Voids in embankment fill beneath 
the road pavement

Figure 12: Dip evident in embankment fill 
layering above culvert

Figure 13: Further dipping of embankment 
layering and voids present above pipes

Figure 14: Perforation of pipe inverts at 
Leask Creek
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3.3 Investigation Outcomes 

The following key collegial outcomes were achieved by the Technical Experts: 

 A single set of data was produced and accepted by all parties 
 Significant agreement was reached in our interpretation of the failure 
 The report resulting from the conference of Technical Experts was provided to Counsel 

from all interested parties and to the Coroner 
 There was no requirement for any of the Technical Experts to appear before the court 

The outcomes are a significant improvement on previous hearings of a similar nature where a 
great deal of court time was required to cross examine technical experts on 
discrepancies/differences in the factual data collected.

4 THE FINDINGS 

The experts were in agreement as to the mechanism that resulted in the failure of the road. They 
described the process as follows: 

 ‘The mechanism of collapse commenced with the abrasion/corrosion of the inverts of 
the corrugated steel pipes,

 Once the invert had been substantially perforated, the water flowing through the pipes 
began to wash soil out from around and beneath the pipes, causing voids around and 
eventually over the pipes,

 The ongoing loss of embankment fill material, as it was washed away by the flowing 
water through the culvert, progressively reduced the stability and integrity of the 
embankment,

 The progressive loss of embankment fill material and creation of voids caused 
subsidence to occur on the road surface above the pipes,

 The rain event on 8 June 2007 combined with the pre-existing instability and loss of 
integrity caused by the formation of the voids above and around the pipes resulted in 
the collapse of the embankment above the culvert and subsequent complete washout of 
the embankment fill material.’

The experts were also in agreement as to the cause of the collapse of the embankment. They 
said: 

‘The cause of the collapse of the embankment above the culvert was the failure to adequately 
maintain the culvert.’

The engineers appointed by the GCC agreed with the above proposition but added a rider to the 
effect that had the initial design of the culvert included a concrete lined invert then that would 
have prevented the problem of abrasion and corrosion from arising within the approximate 50 
year design life of the culvert. 

The coroner concluded that: 

‘I accept the joint evidence of the expert engineers retained and find that the cause of the 
collapse of the Old Pacific Highway above the culvert at Piles Creek on 8 June 2007 was the 
failure to adequately maintain the culvert.’

It is important to note that the embankment collapse at Piles Creek was the result of a 
progressive failure of the culvert due to a lack of maintenance. The storm event on 8 June 2007 
was estimated to be between a 1:10 to 1:25 years Average Recurrence Interval (ARI) event 
which was well within the design criteria (1:50 year ARI).  
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5 ADVANCEMENTS IN CULVERT ASSEST MANAGEMENT IN NSW 

Over the past 6 years the Roads and Maritime Services of NSW has developed a robust 
framework for the long-term management of its culverts assets across its network of roads in 
NSW. The flowchart below (Figure 15) details the frame work process. 

Figure 15: RMS framework process (taken from RMS Culvert Risk Assessment Guideline 
version 3.02 December 2010) 

The first stage of the culvert asset management programme, Culvert Inventory Collection, was 
developed to establish an inventory of all the RMS culvert assets. The process included the 
recording of the number, location, type and condition of each culvert in the RMS road network. 
This process is now believed to be complete and is understood to have identified a total of 
approximately 70,000 culverts. 

The second stage, Culvert Risk Assessment, comprises a formal risk assessment of culverts 
identified during the first stage as warranting further assessment. The Culvert Risk Assessment 
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guideline was developed along similar lines to the now well established Slope Risk Assessment 
Guidelines published by RMS.  

The Culvert Risk Assessment Guideline establishes a robust mechanism to establish potential 
failure mechanisms for individual culverts. Ten possible kinds of failure mechanisms have been 
defined. Each potential failure mechanism must be looked at individually, and then any 
interactions considered. The likelihood of each failure mechanism developing is then assessed 
as well as the likely consequence relating to each specific failure event, and thereby a specific 
Assessed Risk Level (ARL) for that culvert can be established. Table 1 below shows the 
Assessed Risk Level Matrix as found in the RMS Culvert Risk Assessment Guideline.  

Table 1: Assessed Risk Level Matrix (adapted from RMS Culvert Risk Assessment 
Guideline version 3.02 December 2010) 

Assessed Risk Level Matrix
Consequence Class

Likelihood C1 C2 C3 C4 C5
L1 ARL1 ARL1 ARL1 ARL2 ARL3
L2 ARL1 ARL1 ARL2 ARL3 ARL4
L3 ARL1 ARL2 ARL3 ARL4 ARL5
L4 ARL2 ARL3 ARL4 ARL5 ARL5
L5 ARL3 ARL4 ARL5 ARL5 ARL5
L6 ARL4 ARL5 ARL5 ARL5 ARL5

An ARL1 rating for a culvert suggests that immediate action is required to repair/replace the 
culvert with ongoing monitoring recommended. An ARL5 rating suggests that the culvert is in 
relatively good condition and no immediate repairs are required. The system of assigning an 
ARL to each culvert provides RMS with both an early warning mechanism alerting them to 
culverts that are or could become at risk of failure and a tool to appropriately allocate 
maintenance budgets. 

6 CONCLUSIONS 
 
The unfortunate incident at Piles Creek as well as the State Coroner’s findings has guided RMS 
to a proactive development and implementation of an effective asset management framework 
for the long-term management and maintenance of its culverts assets across their network of 
roads in NSW. The framework is a component of ongoing asset management works to ensure 
road network availability and improve road user safety.  

Figure 15 illustrates the RMS risk management process. RMS’ risk management approach is 
aligned to the Australian Standard for Risk Management, AS/NZS 4360 – Risk Management. An
inventory collection of relevant field data is first obtained for the culvert asset which is then 
followed by a formal culvert risk assessment to assign a specific Assessed Risk Level (ARL). 
RMS is then able to allocate budgets and resources accordingly to maintain, repair or replace the 
culvert asset based on the prescribed ARL rating. The approach has been successfully applied to 
a number of culvert locations across NSW. 
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ABSTRACT 

Marlborough District Council is developing a strategy for the growth and development of 
Blenheim, and has identified a number of potential growth areas on the periphery of the town.  
Experience from recent large earthquakes highlights the importance of hazard, vulnerability and 
risk assessments in land use planning, to ensure the resilience of future communities.  
Marlborough is exposed to a high level of seismicity, and an evaluation of the geotechnical 
hazards in the proposed urban growth areas has been carried out to investigate their 
susceptibility to geotechnical hazards and their suitability for future urban development.   

The Blenheim area is underlain by Holocene age marine/estuarine silts and sands of the Dillons 
Point Formation and alluvial gravels and sands of the Rapaura Formation.  The Dillons Point 
Formation soils are highly vulnerable to liquefaction, and increase in thickness to the southeast 
of Blenheim, where liquefaction could lead to large subsidence and severe lateral spreading. 
Western Blenheim is underlain by Rapaura Formation strata, which also contain layers of loose 
material that are susceptible to liquefaction, but these are limited in their thickness and lateral 
extent and consequently this area has a lower level of hazard. 

The loose nature of the soils and the seismicity of the Marlborough area suggests liquefaction 
will occur in earthquake ground shaking with a return period of 500 years.  Larger events with 
greater ground shaking will only lead to limited additional liquefaction.  Therefore the 
timeframe of event used for planning or design is not important in this instance.  An early focus 
on resilience to hazards helps avoid land subject to significant hazards being developed where 
alternate land is available.  The development of less hazardous areas leads to less use of 
resources and the built environment will be more resilient, both of which contribute to 
sustainable use of resources. 

1 INTRODUCTION 

Hazards such as earthquakes can cause severe damage and loss of life, as demonstrated recently 
by the 2008 Wenchuan Earthquake in China, the 2010-2011Canterbury Earthquakes in New 
Zealand and the 2011 earthquake and tsunami in Japan.  These events highlight the importance 
of enhancing the resilience of society to natural hazards. Planning measures provide a valuable 
mechanism to develop land in a sustainable manner and to achieve resilience.  These measures 
range from hazard mapping and dissemination, consideration of hazard effects in zoning land, 
and district plan rules to guide development to improve resilience (Brabhaharan, 2013).   

The Marlborough District Council is developing a strategy for the future urban growth of 
Blenheim, through its Growing Marlborough project. This sets out to provide planning for 
prospective urban growth up to 2031 for Blenheim town centre and the Wairau, Awatere and 
Marlborough Sounds areas.  Through this project, Council has been undertaking investigation of 
areas of land around the periphery of Blenheim that have potential for urban expansion and 
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considering the issues associated with that process including the geotechnical and earthquake 
hazards in the area.  The objective of this study was to assess earthquake geotechnical hazards 
of relevance to Blenheim, and to define a strategic planning horizon for considering hazard 
effects in rezoning land for more intensive future use.  This paper presents the results of the 
study.   

2 STUDY AREA 

The proposed urban growth areas are located on the outskirts of Blenheim’s urban area (Figure 
1).  The study was carried out in two stages – the first stage, undertaken from 2011 to 2012, 
consisted of investigation of land to the north, east and southeast of Blenheim was carried out 
(Areas Na:Nb, E1, E2 and SE).  This was followed by a second stage of investigation in 2012 to 
2013 of land to the north, northwest and southwest of the town (Areas 1, 3, 4, 5, 6, and 8). 

Figure 1:  Site location map 

3 GEOLOGICAL SETTING  

3.1 Seismicity 

The plate boundary between the Pacific and Australian plates passes through Marlborough, and 
consequently this region is an area of high seismicity. Relative plate motion between the 
tectonic plates is accommodated across a zone of active strike slip faults (the Marlborough Fault 
System), which links the Alpine Fault transform plate boundary to the south with the subduction 
zone to the north.  The Marlborough Fault System comprises four principal strike-slip faults (the 
Wairau, Awatere, Clarence and Hope faults) and a number of smaller faults, both onshore and 
offshore (IGNS, 2000). Together, these faults represent earthquake sources that contribute 
significantly to the seismic hazard in Marlborough.  
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3.2 Geology 

The Blenheim area is underlain by Holocene age marine/estuarine silts and sands of the Dillons 
Point Formation and alluvial gravels and sands of the Rapaura Formation (NZGS, 1981).  The 
alluvial Rapaura Formation strata decrease in thickness towards the coast, and interfinger with 
the marine Dillons Point Formation strata in the Blenheim area, as shown in Figure 2.  These 
Holocene strata are underlain by older, clay-bound alluvial gravels of the Speargrass Formation 
(NZGS, 1981; Davidson and Wilson, 2011). 

3.3 Ground Conditions 

The estuarine deposits of the Dillons Point Formation vary significantly in their composition 
and degree of consolidation, both laterally and with depth, from loose sands and soft silts to 
very dense sands and very stiff clayey silts.   

The Rapaura Formation deposits consist of thin surficial layers of loose sands and soft clayey 
silts that are underlain by dense to very dense alluvial gravels, with a sandy matrix and some 
interbedded sand layers.   

Figure 2:  Surface geology map and simplified cross section 

Speargrass Formation deposits have been mapped to the southwest of Blenheim, and were 
encountered in the exploratory holes at Area 8.  These strata consist of loose sands and soft silty 
clays overlying dense to very dense clayey gravels and hard silts and clays. 
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3.4 Groundwater Conditions 

The groundwater levels recorded during the site investigations generally ranged from 1 m to 
4 m depth below ground level, apart from Area 8 in the southwest, where groundwater was 
encountered between 2 m and 7 m depth.  These results are consistent with longer term static 
groundwater levels recorded in the wider Blenheim area, which show that the groundwater table 
lies approximately 2 m to 5 m below ground level in the Blenheim area (Davidson and Wilson, 
2011).  Artesian groundwater conditions are commonly encountered further east, where the 
gravel aquifers are confined by the overlying Dillons Point Formation silts. 

4 LIQUEFACTION ASSESSMENT 

4.1 Site Investigations 

Geotechnical site investigations were carried out in two stages to provide information to better 
characterise the ground conditions and assess the geotechnical issues.  The Stage 1 
investigations were carried out in January and February 2012, and the Stage 2 investigations 
were carried out between October and December 2012.  The locations of the investigations are 
shown on Figure 1.  Together, the site investigations comprised the following:  

 Thirty boreholes, to depths of between 10 m and 20 m, with in situ Standard 
Penetration Tests (SPT) carried out at 1 m depth intervals. 

 Thirty eight static Piezo-Cone Penetration Tests (CPTu), to depths of between  1 m
and 19.65 m. 

 Laboratory classification testing of samples recovered from the boreholes. 

4.2 Liquefaction Susceptibility  

The liquefaction potential of soils was determined using LiquefyPro, version 5.8h, by CivilTech 
Software.  The modified Robertson method (Robertson and Wride, 1997) and modified Stark 
and Olsen methods (Stark and Olsen, 1995) were used to assess liquefaction with CPT and SPT 
results respectively.  The method proposed by Ishihara and Yoshimine (1992) was used to 
estimate the resulting ground subsidence.   

The objective of the study was to define a strategic planning timeframe for taking hazard effects 
into account in determining the suitability of rezoning land for more intensive future use.  Areas 
of urban expansion will have a mix of normal buildings and higher value and importance level 
infrastructure.  Although individual buildings or infrastructure  may be renewed from time to 
time, an area developed could potentially be in use in perpetuity, unless and until there is some 
major environmental or social change that leads to abandonment of the area.  Therefore, three 
earthquake events at 500, 1000 and 2500 year return periods were used in the liquefaction 
analyses.  The design horizontal peak ground accelerations (PGA) for each event were derived 
in accordance with the New Zealand Earthquake Loading Standard, NZS 1170.5: 2004
(Standards New Zealand, 2004) and are as follows:   

 1 in 500 year return period event PGA = 0.37g 
 1 in 1000 year return period event PGA = 0.48g 
 1 in 2500 year return period event PGA = 0.67g 

The liquefaction analyses showed the Dillons Point Formation to be susceptible to liquefaction 
in all three return period events.  The Rapaura Formation contains some surficial layers of loose 
sand and silt (generally 2 m to 4 m thick) which also exhibit liquefaction potential.  The 
underlying Rapaura Formation and Speargrass Formation gravels and sands are typically dense 
to very dense, and do not exhibit liquefaction potential apart from occasional thin layers of 
loose sand. The liquefiable soil layers extend greater than 15 m depth in the eastern and 
southeastern growth areas, and between 2 m and 4 m thick to the northwest and west (Figure 3).
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Figure 3:  Liquefaction susceptibility cross section 

There was only a slight difference in the thicknesses of layers assessed to liquefy between the 
1/500, 1/1000 and 1/2500 year return period events.  This is because most soil layers susceptible 
to liquefaction have a low density such that they are likely to liquefy in earthquakes with a PGA 
less than that from a 1/500 year return period level. Larger events with greater ground shaking 
will only lead to limited additional liquefaction. 

The potential for liquefaction induced ground damage will be strongly influenced by the 
groundwater table depth.  In eastern and southeastern Blenheim, the thickness of liquefiable 
materials is significantly deeper than the groundwater table, and accordingly this area is prone 
to liquefaction ground damage, as discussed below.  To the north and west of Blenheim, site 
investigations show the liquefiable soils to be typically 2 m to 4 m thick, with groundwater to be 
between 1.3 m to 2.1 m depth.  Consequently the potential ground damage effects in this area 
will be smaller, and more localised. 

4.3 Ground Subsidence 

The magnitude of expected liquefaction induced ground subsidence in each area is tabulated in 
Table 1. These estimates do not take into account the subsidence effects of lateral spreading.  
The table clearly shows the greater hazard from liquefaction ground damage in the eastern and 
southeastern areas. 

Table 1:  Estimated ground subsidence due to liquefaction 
 

Return 
period 
event

Estimated subsidence per development area (mm)

E1 E2 SE Na:Nb 1 3 4 5 6 8
1/500 150-225 100-175 100-125 <50 <75 <75 <50 <25 <25 <25
1/1000 175-250 125-200 100-150 <50 <75 <75 <75 <25 <50 <25
1/2500 200-250 150-200 100-150 <50 <75 <75 <75 <25 <75 <25

443



444

N
ew

 Z
ea

la
nd

 G
eo

te
ch

ni
ca

l S
oc

ie
ty

 In
c.

 1
9t

h 
S

ym
po

si
um

, Q
ue

en
st

ow
n 

20
13

 
 
 

Mason, D., Brabhaharan, P. & Hayes, G. (2013).   
Land use planning for Blenheim, considering earthquake geotechnical hazards   

 

5 LAND USE PLANNING FOR GEOTECHNICAL HAZARDS 

5.1 Strategic Planning Timeframe 

A life of 50 years is traditionally assumed for normal buildings, and 100 years for infrastructure.  
For normal buildings of Importance Level 2 (NZS 1170.0), a 500 year return period earthquake 
hazard is used for ultimate state design.  For higher value infrastructure, a 1,000 or 2,500 year 
return period earthquake is used for ultimate state design, depending on its importance. Areas 
of urban expansion will have a mix of normal buildings and higher value and importance level 
infrastructure. Although individual buildings or infrastructure may be renewed from time to 
time, the areas once developed will remain in use for a long time.   Therefore, a longer planning 
timeframe is appropriate for zoning areas for urban growth. 

In the Blenheim area, ground shaking associated with earthquakes with a return period of 
500 years is assessed to be sufficient to cause extensive liquefaction (and lateral spreading in 
vulnerable areas) of the liquefaction-susceptible loose soils present.  There is only limited 
additional liquefaction in larger earthquake events with longer return periods.  Therefore, for 
considering urban growth, the length of the strategic planning period for the liquefaction 
hazards is not significant. 

5.2 Planning Approach to Geotechnical Hazards  

Brabhaharan (2013) suggests approaches at three levels that can be considered to avoid hazards 
such as liquefaction-induced ground damage, depending on the land use and the nature and 
extent of the hazard. 

1. Land Use Zoning: Extensive hazardous areas can be avoided by zoning the land prone 
to those hazards for less intensive land use such as rural farming or parks. This is 
suitable for zoning and managing the risks for future land use. 

2. Town or Subdivision Planning: District Plan rules can stipulate that localised effects of 
severe hazards, such as fault rupture, lateral spreading or landslide hazards, can be 
mitigated by making use of these areas within a township or sub-division for open 
areas such as reserves, park lands or car parking, with no buildings.  This is useful to 
manage localised hazards in an otherwise low hazard area. 

3. Micro-siting: Stipulate and encourage development to avoid areas of high hazard by 
micro-siting buildings in safer parts of land parcels, with more hazard prone areas 
used for open space or parking. This is useful to manage risks in existing 
development areas. 

5.3 Ground Shaking 

Buildings are designed to withstand earthquake ground shaking, which is derived for each area 
of New Zealand.  Therefore existing design standards cover the design of structures in these 
areas of Blenheim, and no special measures are considered to be required to be considered as 
part of land use planning. 

5.4 Fault Rupture 

The closest active fault to the study areas is the Wairau Fault, which has been mapped 
approximately 300 m to 400 m from Area 1 at its closest point (Figure 2), although the fault 
trace is intermittent and subdued in this area (Geotech Consulting, 2003).  Despite the distance 
from the fault trace, experience of the Greendale Fault rupture during the Darfield earthquake 
suggests rupture of the Wairau Fault could pose a ground damage hazard to the northwestern 
part of Area 1, although potential ground damage is likely to be distributed and relatively minor 
given the subdued nature of the fault trace.  Planning measures to avoid the fault rupture hazard 
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could be to adopt fault avoidance zones for the northwestern part of Area 1, based on the 
Ministry for the Environment’s 2003 guidelines on planning for development near active faults.

5.5 Liquefaction-Induced Ground Subsidence 

Significant ground subsidence (>100 mm) is likely to result from liquefaction in the eastern and 
southeastern growth areas. Geotechnical engineering design approaches to mitigate the risk of 
liquefaction and lateral spreading can be costly, and from a sustainability perspective it would 
not be prudent to encourage development on land which will require additional cost and 
resources compared to development in land which is less prone to geotechnical hazards.   

In contrast, limited liquefaction-induced ground subsidence is expected in the northern and 
western growth areas and therefore it would be prudent to encourage more development in these 
areas. There is still potential for limited liquefaction of the shallow soils, however the amounts 
of expected ground subsidence are not sufficient to warrant wholesale exclusions on 
development.  A pragmatic approach to these hazards could be to allow development in these 
areas, providing there is appropriate geotechnical investigation and design input to limit damage 
and / or build in a manner that any damage can be quickly and economically repaired and the 
building reinstated.  

5.6 Lateral Spreading 

Lateral spreading can extend to 200 m or more from water courses but is typically more severe 
nearer the river (e.g. Robinson et al., 2012). Greater lateral spreading could occur where block 
slides are possible. Figure 4 shows the study areas and the proximity to nearby rivers and 
streams.    

Figure 4:  Proximity of waterways 
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Land susceptible to liquefaction and lateral spreading poses significant risks to urban 
development in earthquake events.  Given the susceptibility of Areas E1, E2 and SE to 
liquefaction and lateral spreading, it would be prudent for the Council not to rezone this land for 
future residential development.  Other measures could be to stipulate areas prone to lateral 
spreading as areas of high hazard where development is excluded, but the areas can be 
designated as reserves or used for less intensive land use. 

6 CONCLUSIONS 

Early integrated focus on land use planning by town planners and geotechnical engineers is 
important to ensure that hazards and their consequences to the built environment are taken into 
consideration in zoning for urban development.  This requires these professionals to work 
together with focus on resilience from an early stage (Brabhaharan, 2013).   

Marlborough District Council’s urban growth strategy identified potential growth areas on the 
northern, eastern and southeastern peripheries of the town.  Of these, the eastern and 
southeastern growth areas are prone to liquefaction and lateral spreading, and consequently 
these areas were excluded from the growth strategy.  Less hazardous alternate land on the 
western side of the town was identified as being more suited for development, and consequently 
this land is being considered for urban growth.   

Inappropriate land use planning leading to the development of hazardous land has been a major 
cause of damage in the Christchurch earthquakes; this project sets a landmark framework for 
land use planning considering earthquake hazards in developing urban growth strategies. Such 
an early focus on resilience to hazards helps avoid land subject to significant hazards being 
developed where alternate land is available.  The development of the less hazardous areas leads 
to less use of resources and the built environment will be more resilient, both of which 
contribute to the sustainability of the development. 
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ABSTRACT 
The stability of natural rockslide dams with respect to sudden breaching is a major safety issue in 
mountain areas, although unbreached rockslide-dammed lakes such as Lochnagar in Central Otago, 
New Zealand, may persist in the landscape for millennia.  Consequently it is important to attempt to 
understand the mode and drivers of these failures as they may impact on our expanding populations. 
The Lochnagar landslide-dam is located within the steep schistose mountains of the Southern Alps of 
New Zealand.  During an extensive study of the site, structural and Schmidt hammer measurements 
were taken from the immediate area of the failure, as well as samples collected for laboratory analysis.  
Point load estimates of the uniaxial compressive strength were of 85 MPa perpendicular and 18 MPa 
parallel to the schistosity.  The rock mass quality was estimated using the Geological Strength Index 
(GSI) with values of 35-45 observed. These results were used in a series of numerical modelling 
techniques: kinematic analysis (DIPS), limit equilibrium (Swedge) and distinct element modelling 
(3DEC).  The results of the numerical modelling suggest that a wedge failure with toe buckling or 
ploughing through its rockmass is the likely failure mechanism. An observed fault zone at the base of 
the landslide may have preconditioned the slope to failure by weakening the toe. Preliminary ages from 
a program of Terrestrial Cosmogenic Nuclide (TCN) 10Be exposure age dating, indicate that the slide 
mass that formed the dam is of at least early Holocene age and therefore glacial retreat after the LGM 
could also be a contributing factor. 

1 INTRODUCTION
Landslide-dam lakes are a natural phenomenon throughout the world, the drivers of which are becoming 
increasingly important to understand (Hermanns, 2011) as these failures continue to encroach on the 
expanding population - given the potential for catastrophic outburst floods and debris flows from 
rockslide-dammed lakes (Korup, 2011).  Natural landslide-dams form as a consequence of rockslope 
instability in mountainous terrain.  The stability of natural rockslide-dams, with respect to sudden 
breaching, is a major safety and security issue in mountain areas, such as Lochnagar in Otago (Evans et 
al., 2011). 

Korup (2002) reviewed relevant research on landslide-dams in New Zealand and found that in most 
cases the studies did not progress beyond the descriptive stage, with a significant lack of knowledge on 
the processes that controlled the formation, failure, and instability of landslide-dams (Korup, 2002).  A
regional study undertaken by Korup (2011) on landslides and landslide-dams in the Central Southern 
Alps found that 43 (from a national inventory of 240) rock avalanches exist.  However only two dams 
within this study area still retain lakes, of which Lochnagar is the largest with a lake volume of 108 m3

447



448

N
ew

 Z
ea

la
nd

 G
eo

te
ch

ni
ca

l S
oc

ie
ty

 In
c.

 1
9t

h 
S

ym
po

si
um

, Q
ue

en
st

ow
n 

20
13

 
 
 

Sweeney, C. G, Brideau, M. A, Augustinus, P. C & Fink D. (2013) 
Lochnagar landslide-dam – Central Otago, New Zealand: geomechanics and timing of the event 

.   
 

 

(Korup, 2011). The Lochnagar landslide-dam, considered by Korup (2011) to have formed over 1000 
years ago, is located within the steep schistose mountains of the Southern Alps, New Zealand. 

Landslide-dams commonly form in mountainous areas of high relief (Korup, 2002), where there is 
sufficient input from both tectonic (earthquakes, reliefs) and climatic (precipitation, snowmelt) controls.  
Schuster et al (1998) listed four groups of factors that govern the spatial distribution of landslide-dams.  
These are: 1) seismic intensity (peak acceleration, duration of strong shaking), 2) high slope gradient 
and topography, 3) lithology and weathering properties, and 4) soil moisture and groundwater content.   

The longevity of landslide-dams are also a concern as Schuster (1995) argued that about 55% of some 
187 investigated examples worldwide had failed within one week of their formation, whereas 89% 
failed within one year (Korup, 2002).  The implications of either a catastrophic or slow dam failure are 
huge, as are the implications of flooding upstream of a stream impoundment.  Landslide-dams can fail 
after a few minutes or may last for thousands of years.   

This paper involves an extensive field study undertaken on the immediate and surrounding area of Lake 
Lochnagar in Central Otago, New Zealand.  Fieldwork involved engineering geological mapping of the 
initiation zone and geomorphological mapping of the deposition zone.  Samples were collected from the 
headscarp and debris deposit for further characterisation of the material strength and mineralogical 
composition. Samples from boulders on top of the slide mass were collected for 10Be exposure age 
dating in order to ascertain the time of landslide-dam formation. The results of the field and laboratory 
work were used in a series of numerical modelling techniques; namely, kinematic analysis (DIPS), limit 
equilibrium (Swedge) and distinct element modelling (3DEC), in order to establish the mode of failure 
seen at Lochnagar. 

2 GEOLOGICAL SETTING 
The underlying geology of the area surrounding Lochnagar is made of rocks of the Rakaia Terrane.  The 
Rakaia Terrane is made up pelitic Schist, including extensive greenschist bands (Turnbull, 2000).  The 
area is seismically active, with major earthquakes of up to Richter Magnitude 8 common along the 
Alpine Fault every 200-300 years (Halliday, 2008). The site of the landslide at Lochnagar is located 
close to the Moonlight Fault (with 1mm/yr approx. movement) and around 40 km southeast of the major 
Alpine Fault (with 27mm/yr approx. movement), on the eastern side of the drainage divide (Figure 1) 
(Hancox and Perrin, 2008).  Uplift of >10 mm/yr occurs at present due to the oblique plate collision 
from the Alpine Transform Fault (Halliday, 2008).  Folds and associated stretching features are present 
in this area, which represent multiple generations of synmetamorphic deformation, beginning with 
folding of bedding and imposition of foliation, followed by further periods of foliation development.  
Macroscopic folds are generally gently plunging with a variety of closure directions (Turnbull, 2000). 

The bedrock in the region of the head scarp is typically Mica-rich Schist with Chlorite (Chlinochlore), 
representing metamorphosed sandstones and mudstones of Permian-Jurassic age.  This metamorphism 
has also induced associated deformation, producing mesoscopic and macroscopic folds within the 
rockmass itself (Turnbull, 2000).  As part of this project the whole-rock was analysed on an XRD 
testing apparatus and the results of the dominant mineralogy present were; Quartz, Clinochlore 
(chlorite), Muscovite, Albite and Calcite.   

The Alpine Fault is seismically active and is subject to frequent seismic activity, with a recurrence 
interval of 260-400 years for large >M 8 earthquakes - the last occurrence happening in 1717 A.D 
(GNS, 2013).  A study undertaken by Hancox et al. (1997), found that most widespread landsliding 
within the Southern Alps over the last 150 years was caused by shallow earthquakes (<45km) of M 6.2 
– 8.2.  Schist was found to be among the rock types most commonly affected by the earthquake-induced 
landsliding (Hancox et al., 2002).  Murashev and Davey (2005), in a report conducted on ‘seismic risk 
in the Otago region’, also using historical data found that only 2 or 3 earthquakes of magnitude 5.5 or 
greater, which can potentially produce damaging felt intensities within the Otago region, can be 
expected every decade.  Furthermore, Hancox et al (1997) used the PSH model produced by Stirling et 
al in 2000 to develop an earthquake-induced landslide (EIL) opportunity model for New Zealand,
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Figure 1:  Position of Lochnagar landslide-dam, in proximity to the Alpine Fault (Koons et al., 

2012) 

typically for 150 and 475 year return times.  This model helped predict the probability of future strong 
earthquakes occurring on some major active faults within New Zealand.

The landscape in the vicinity of Lochnagar was heavily glaciated during the Pleistocene and post-glacial 
retreat has left steep sided U-shaped valleys, with their slopes susceptible to fluvial undercutting and 
mass wasting (Augustinus, 1992).  Landsliding has been ongoing in this area since the retreat of the Last 
Glacial Maximum (LGM) ice, associated with removal of the glacier buttress within valleys 
(Augustinus, 1992), and many slides are still partly active today.  Landslides within the nearby 
Cromwell Gorge represent slow gravitational bedrock deformation and these were intensively studied 
during hydro-electric power development (Turnbull, 2000).  Schist derived landslides dominate the 
Central Otago ranges and are up to 15 km long and over 500 m deep in places.  Release surfaces include 
joints and foliation planes, particularly dip slopes (Turnbull, 2000). 

3 GEOLOGY AND TOPOGRAPHY OF LOCHNAGAR LANDSLIDE 
The landslide-dam at Lochnagar has a deposit volume of approximately 690 x 106 m3, with a dam height 
of 340 m, a dam length of 2.1 km and a dam width of 2.0 km (Korup, 2011).  From the characteristics of 
the failure deposit i.e. geomorphology and vegetation growth, it is likely that the landslide was formed 
by a minimum of two separate events, originating on a foliation plane located adjacent to a 
faulted/crushed zone.  The rock material has failed back to this planar foliated feature, although there do 
not appear to be any day-lighting structures visible.   The failure scarp in the north, where the material 
failed back to, shows signs of the material being pulled from the mountain-side under gravity, rather 
than failing along a structural feature (Figure 2).  

The area adjacent and to the right of the dominant foliation plane resembles a sheared/crushed 
rockmass.  This area can be clearly seen in Figure 3, where the crushed zone is delineated to the right of 
the failure plane.  This sheared/crushed rockmass is deformed at both the macro and mesoscopic scales.  

The Schist foliation dips out of the south-westerly facing post-failure slope at approximately 40˚, with a 
dip direction of 280˚ (Figure 4). Hancox and Perrin (2008) suggested that the failure was related to 
glacial undercutting and inferred that it was driven by slope destabilisation associated with retreat of the 
buttressing glacier – with sliding on the main foliation plane. 

Lochnagar landslide-dam

Moonlight F.
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Figure 2: View of the slope failure at Lochnagar, with failure debris in foreground and large solid 

rock slump beneath the failure zone 

 

 
Figure 3: Apparent fault scarp/crushed zone adjacent to the landslide scarp 

 
Figure 4: Map (a) and aerial photo (b) of Lochnagar landslide (Hancox and Perrin, 2008). 

Twelve stations were investigated around the failure area at Lochnagar, where structural and geological 
information was gathered from the rockmass.  Rockmass samples were also collected for laboratory 
testing of the rock strength properties.  The rock mass quality has a Geological Strength Index (GSI) 
value range of 35 to 45, although the GSI for the sheared material was 25 to 35 (Marinos et al., 2005). 
The Schist rock mass is slightly weathered, whereas the sheared rock mass is only slightly to moderately
weathered. This is consistent with observations (Macfarlane and Crampton, 1995) for landslides in 
similar Schist material in the Crownwell region. 

Area shown in Figure 3 Area where it is evident that the failure material was 
pulled from the mountain side under gravity, rather 
than failing along a structural feature. 
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XRD and thin-section analysis was performed on the Schist rock samples and demonstrated that the 
fabric of the rock was composed of alternating laminae with strong foliation orientation, and the 
dominant minerals present were Quartz-Feldspar, Chlorite (in the form of Clinochlore) and Mica.  The 
Schist has a pronounced anisotropy due to this strong foliation, with the UCS being highly dependent on 
foliation orientation.   

Rock samples were tested for rock strength with a point load apparatus.  The slightly weathered Schist 
rock was tested normal to the foliation, with an average UCS of 85 MPa, as well as parallel with the 
foliation, providing an average UCS of 18 MPa.  For the sheared samples, the average UCS was 
measured at 24 MPa.  From the twelve stations analysed, 332 structural and 144 Schmidt hammer 
measurements were taken.  The average UCS value estimated from the Schmidt Hammer results for the 
intact, slightly weathered Schist rock was 22 MPa, and for the sheared rockmass was 12 MPa.  These 
results are significantly lower than the point-load test results, possibly due to foliation/structural 
orientation when taking measurements and the surface dilation/weathering of the schistose fabric.  The 
332 structural measurements were input into the Rocscience DIPS program and four dominant 
discontinuity sets were encountered (Figure 5).
 
4 NUMERICAL MODELLING ANALYSIS 

4.1 Kinematic analysis (DIPS) 
Four distinct discontinuity sets were found to be present from the measurements taken (Figure 7).  A 
kinematic analysis, using DIPS (Rocscience, 2012) was undertaken to assess the likely failure mode i.e. 
sliding, toppling or wedge failure.   The results of this analysis showed that wedge failure was the only 
likely mode of failure. A pre-failure slope with a dip of 40˚ and dip direction of 240˚ was estimated 
from aerial photographs of the site.  The schistosity/foliation and 3 dominant discontinuity sets were 
used for the analysis, with an assumed friction angle of 30°.  The friction angle was estimated from the 
GSI and measured strength variables and the results are shown on the stereonet in Figure 7. The red 
squares represent the intersection of two discontinuity sets forming a wedge. The red squares that fall 
within the yellow shaded area represent wedge intersections that are potentially unstable.  The results 
suggested that the possibility of sliding or toppling failure was negligible.   

4.2 Limit equilibrium (Swedge)  
Surface wedge analysis was undertaken using the limit equilibrium analysis software Swedge by 
Rocscience (Rocscience, 2010).  The stability analysis was conducted using a combination approach for 
two differing friction values i.e. 25° and 30°. The combination analysis in Swedge used the 332 
structural measurements taken in the field in order to investigate the validity of all combinations of two 
discontinuities relative to the estimated pre-failure slope surface. 

For both friction angles, the number of valid wedges were the same, however the number of failed 
wedges were much higher with the lower friction angle of 25°.  The shape of the dominant wedge in 
Figure 6 is indicative of what was observed in the field, as well as in the 3DEC modelling.  Of the 
10179 valid wedges, there were 1000 (9.8%) failed wedges with a friction angle of 25° and 381 (3.6%) 
with a friction angle of 30°. This shows that even with a higher friction angle, wedge failure is still 
likely to occur. 

4.3 Distinct element modelling (3DEC) 
A three-dimensional distinct element code called 3DEC by Itasca (Itasca, 2008) was used to investigate 
the kinematic controls on the rock slope failure at Lochnagar.  The models within 3DEC were 
constructed so as to represent a structurally-controlled slope failure.  The program allows displacement 
and rotation to take place along large block boundaries, which in turn permits the failure modes to be 
readily analysed in three dimensional space.  The discontinuity sets from Table 1 were entered into the 
program, assuming a joint normal stiffness of 5GPa/m and a shear stiffness of 1 GPa/m, as no direct 
shear tests were performed along the discontinuity surface.  Three potentially sensitive variables were 
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Figure 5: Southern Hemisphere stereonet projection for the 332 structural measurements taken 

from the initiation zone at Lochnagar – demonstrating that wedge failure is the likely 
mode of failure, in conjunction with the estimated pre-failure slope. 

 
Figure 6: Likely wedge failure modelled in Swedge with FoS <1 (0.9684) 

examined within the model: (1) spacing of discontinuities (in meters), (2) frictional properties of all 
discontinuity surfaces, and (3) the topography of the pre-failure surface.  A simple pre-failure slope 
geometry was defined in 3DEC, based on the angle of the post-failure slope and aerial images from 
Google Earth.  This sensitivity analysis varied the dip direction of the pre-failure slope by up to 40˚, the 
spacing of the two more dominant discontinuities varied between 20 m and 60 m, and the friction angle 
varied between 20° and 30°.  With a reduced spacing of the schistosity and a friction angle of 20°, 
buckling/ploughing and wedge failure ensues in the block model in Figure 7.  The same failure 
mechanism was prevalent to a certain degree in all models run.  This is also in-line with the results of 
both the Swedge and DIPS analyses previously described.  

5 TCN 10BE EXPOSURE AGE DATING OF THE SLIDE EVENT 
Seven samples were collected from the top crests of seven Schist boulders mantling the Lochnagar slide 
mass for (TCN) 10Be exposure age dating by AMS at the Australian Nuclear Science and Technology 
Organisation, Sydney.  The ages are minimums and range from 6300 ± 300 to 8900 +/- 500 years for the 
main debris mass that dammed the lake.  The 10Be exposure ages indicate that the landslide-dam at 
Lochnagar could also have been attributed to post-LGM glacier retreat from consequent removal of the 

452



453

N
ew

 Z
ea

la
nd

 G
eo

te
ch

ni
ca

l S
oc

ie
ty

 In
c.

 1
9t

h 
S

ym
po

si
um

, Q
ue

en
st

ow
n 

20
13

C
A

S
E

 H
IS

TO
R

IE
S

 –
 3

 
 
 

Sweeney, C. G, Brideau, M. A, Augustinus, P. C & Fink D. (2013) 
Lochnagar landslide-dam – Central Otago, New Zealand: geomechanics and timing of the event 

.   
 

 

 

Figure 7: 3DEC modelling of failed slope at Lochnagar - with reduced schistosity spacing (20 m) 
and a friction angle of 20° 

glacier that buttressed the slopes (Augustinus, 1995; Hancox and Perrin, 2008).  The implications for 
this age of failure at Lochnagar is that the lake at Lochnagar has been sitting in its present form for more 
than 6300 years, and more likely closer to 9000 years.   

Landslide-dam longevity is dependent on a number of factors, including volume, size and shape – some 
may last for several minutes and some for several thousand years (Costa and Schuster, 1988).  Dams 
formed from landslides present the greatest threat to people and property.  Natural dams hold most of 
the records for size and flood magnitude following failure (Costa and Schuster, 1988).  If Lochnagar 
were to fail, either by overtopping, erosion or earthquake induced slope failure, the implications for 
people and land affected downstream could be severe. The Lochnagar Lake is at the head of a tributary 
at the very Northern end of the Shotover River, Otago.  The Shotover River has a catchment area of 
approximately 1091 km² and drains into the Kawerau River, which is the main discharge point of Lake 
Wakatipu. If the lake at Lochnagar were to breach and ultimately fail, the effects will likely dissipate 
the further away from the discharge point, with the farmland and hiking trails along the discharge path 
effectively taking the brunt of the force.  The populated areas around the Lower Shotover River 
however, are likely to at least be affected in some way, shape or form, either directly or indirectly. 

6 DISCUSSION AND CONCLUSIONS 
The failure at Lochnagar appears to be a combination of wedge failure with buckling/ploughing at the 
toe of the slope. The toe of the slope appears to have been pre-conditioned as a weak zone, associated 
with a loss of strength at its base due to the sheared and crushed fault zone to the south-east of the 
failure scarp.  The slope failure at Lochnagar is thought to have occurred in two, closely linked, distinct 
episodes.  This is suggested by the geomorphology of the hummocky failure deposits as well as the 
placement of a large slide block which appears to overlie the initial slide mass. 

The kinematic, limit equilibrium and distinct element modelling all show a similar likely mode of 
failure associated with the Lochnagar slide(s) - the 3DEC modelling also showing apparent 
buckling/ploughing along the main schistose foliated failure plane.  With the shearing on the lower 
portion and right side of the slope (most likely associated with movement along the Moonlight Fault), it
is likely that this removed the supporting confinement from this side of the slope.  Seismic acceleration 
could have triggered the initial buckling/ploughing movement of the lower slope, also initiating the 
wedge block to then fail along the plane of foliation.  The absence of daylighting structures in addition 
to the morphology of the failure scarp also gives evidence to this theory.   

A pilot 10Be exposure age dating program demonstrated that the main failure at Lochnagar is likely to 
have occurred a minimum of 6300 ± 300 and probably in excess of 8900 ± 500 years ago. The ages 
assumed zero erosion of the upper surfaces of the boulders, so that if this assumption is incorrect then 
the timing of boulder emplacement could be much older. Nevertheless the 10Be exposure ages indicate 
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that the landslide-dam is of at least early Holocene age, and as well as tectonics could also have been a
consequence of post-LGM glacier retreat and consequent removal of the glacier that buttressed the 
slopes allowing the slide plane to daylight.  The importance of understanding the mode of failure and 
timing for events such as the Lochnagar slide helps in many ways to develop topographic evolution 
models, by giving us an insight into how landforms such as landslide-dams are produced.  
Understanding how these events are caused also assists in hazard identification and allows us to 
formulate engineering and hazard mitigation measures, which are becoming increasingly important as
the human population starts to encroach on these mountainous, isolated areas where landslide events are 
more common, such as in the Southern Alps of New Zealand.   
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ABSTRACT 

Surface rupture of the Greendale Fault during the Darfield earthquake extended east-west for 
~30 km across gravel-dominated alluvial plains west of Christchurch. It comprised a series of 
left-stepping traces, and was predominantly dextral strike-slip (maximum 5.3 m). Many linear 
features (e.g. roads, fences) were displaced by the fault rupture. These features were surveyed 
and provided ideal markers for quantifying the amounts and patterns of surface rupture 
deformation. Perpendicular to fault strike, dextral displacement was distributed across an ~30 to 
300 m wide deformation zone, largely as horizontal flexure, with the width of the deformation 
zone greatest at step-overs. On average, 50% of the horizontal displacement occurred over 40% 
of the total width of the deformation zone with offset on discrete shears, where present, 
accounting for less than about a third of the total displacement. A trench was excavated across 
the Greendale Fault at a location where there was ~4.8 m of total dextral displacement. Most of 
this displacement was in the form of horizontal flexure, but there were three discrete shears that 
each had a maximum of ~0.6 m of dextral offset. The discrete shears were clearly visible in the 
trench; however, the bulk of the dextral displacement - expressed as horizontal flexure at the 
ground surface - was not discernible in the trench. These fault displacement documentations 
have been used to develop provisional design curves for the characterisation of distributed 
strike-slip surface fault rupture displacement, and have utility with regards to developing 
mitigation strategies aimed at reducing the damage caused by fault rupture.

1 INTRODUCTION 

Ground deformation can contribute significantly to losses in major earthquakes. Compared to 
areas that experience only strong ground shaking during an earthquake, those areas that also 
suffer permanent ground deformation (e.g., liquefaction, slope failure, surface fault rupture)
sustain greater levels of damage and loss. This relationship was clearly demonstrated during the 
2010-2011 Canterbury earthquakes (e.g., NZSEE 2010, 2012; Kaiser et al. 2012). Ultimately, 
the mitigation of the risks these hazards pose depends on the integrated application of 
appropriate engineering design and risk-based land-use policy (e.g., Mileti 1999; Bray 2001; 
Kerr et al. 2003; Saunders & Beban 2012). For such approaches to be successful, however, there 
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is a critical requirement to accurately characterise the ground deformation hazards. In this paper, 
we develop a framework for doing this for strike-slip surface fault rupture.

The Mw 7.1 Darfield earthquake of 4 September, 2010, had a shallow-focus (~11 km deep), and 
an epicentre located within ~40 km west of Christchurch (Fig. 1). It was a complex event, 
involving rupture of multiple fault planes with most of the earthquake’s moment release 
resulting from slip on the previously unrecognized Greendale Fault (e.g., Gledhill et al. 2011; 
Beavan et al. 2012). Greendale Fault rupture propagated to the ground surface and directly 
impacted, and damaged, numerous man-made structures such as single-storey buildings, roads 
and power lines (Van Dissen et al. 2011; Quigley et al. 2012). 

In this paper, we quantify Greendale Fault surface rupture deformation: along strike, 
perpendicular to strike, and in the shallow sub-surface. Using these characterisations, we then 
place Greendale Fault surface rupture into a wider hazard context that, we hope, will facilitate 
the future mitigation of surface fault rupture hazard in New Zealand and worldwide. 

Figure 1: a) Part of the Canterbury region showing locations of the Greendale Fault 
(including western sub-surface extension) and other active faults and folds (red and yellow 

lines, respectively) (Forsyth et al. 2008; Barrell et al. 2013). b) Surface trace of the 
Greendale Fault (Quigley et al. 2012). Also shown are locations of Figures 2a, 3a & 5a, and 
Darfield earthquake epicentre (red star; Gledhill et al. 2011). c) Net surface fault rupture 
displacement along the Greendale Fault (after Quigley et al. 2012). d) Width (horizontal 
distance) measured perpendicular to fault strike over which 50% and 100% of the total 
dextral surface rupture displacement accumulated, at selected sites, along the Greendale 

Fault (after Van Dissen et al. 2011). 

2 GREENDALE FAULT SURFACE RUPTURE 

2.1 Characterisation of surface fault rupture displacement 

Ground surface rupture of the Greendale Fault extended for ~30 km across the low-relief 
pastoral landscape of the Canterbury Plains (Fig. 1), and comprised a distinctive series of en 
echelon, east-west striking, left-stepping traces (Figs. 2a & 3a) (Quigley et al. 2012).
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Many linear cultural features such as fences, roads and crop-rows were displaced by the fault 
rupture (Fig. 2b). Over 100 of these were accurately surveyed, and they provide ideal markers 
for documenting the amounts and patterns of coseismic surface rupture deformation. Examples 
of the dextral deformation profiles/histograms obtained at two sites from these surveys are 
depicted in Figure 2c (profiles for all surveyed sites are available in Litchfield et al. 2013). 
Surface rupture displacement was predominantly dextral strike-slip, averaging 2.5 m, and 
reaching a maximum of 5.3 m along the central section of the fault (Fig. 1c) (Quigley et al. 
2012). Vertical displacement was typically decimetre-amplitude flexure and bulging, but at 
several fault bends, vertical displacement reached 1 to 1.5 m. Perpendicular to fault strike, 
surface rupture displacement was distributed across an ~30 to 300 m wide deformation zone, 
largely as horizontal flexure (i.e. non-elastic folding about a vertical axis) (Figs. 1d & 2). The 
width of the surface rupture deformation zone is greatest at step-overs (Figs. 2 & 3a), and 
damaging ground strains developed within these. The largest step-over is ~1 km wide, and there 
is a multitude of smaller ones. Push-up “bulges” formed at most of these restraining left-steps 
(Figs. 2a & 3a), with amplitudes up to ~1 m, but typically less than 0.5 m. On average, 50% of 
the horizontal displacement occurred over 40% of the total width of the deformation zone (Fig. 
1d) with offset on observable discrete shears, where present, typically accounting for less than 
about a third of the total displacement. Across the paddocks deformed by fault rupture, there is a 
threshold of surface rupture displacement of ~1 to 1.5 m; greater than this discrete ground 
cracks and shears occur and form part of the surface rupture deformation zone, and less than this 
they are rarely present. The distributed nature of Greendale Fault ground surface rupture 
displacement is undoubtedly, in part, a consequence of the considerable thickness [exceeding 
0.5 km in places (Jongens et al. 2012)] of Quaternary gravel deposits that underlie the plains,
and that are loose near the ground surface.

Figure 2: a) LiDAR hillshade digital elevation model of a section of Greendale Fault 
ground surface rupture. b) Photo showing along-strike variation of surface rupture 
deformation zone width. The two bare fields are each ~40 m wide, and total dextral 

displacement is ~4.5 m (after Barrell et al. 2011). c) Plots of cumulative strike-slip surface 
rupture displacement and histograms of displacement distribution at two representative 

sites across the Greendale Fault, located in 2a. Surface rupture deformation is widest, and 
more evenly distributed, at step-overs (profile 38), and narrowest and more spiked where 
rupture comprises a single trace (profile 39). In these profiles, deformation is projected 
perpendicular to fault strike, and binned in 5 m increments. D = dextral displacement. 

As noted above, the width of the surface rupture deformation zone is greatest at step-overs. To 
further evaluate this, and its potential influence on the distribution of surface rupture 
deformation, the 30 dextral deformation profiles that cross the entire fault zone are grouped, and 
plotted, according to their structural position on the fault trace (Figure 3). In these plots, all
deformation profiles are normalised to displacement, and for those profiles crossing a step-over, 
they are also normalized to step-over width. All three structural groupings (A, B & C of Fig. 3c)
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Many linear cultural features such as fences, roads and crop-rows were displaced by the fault 
rupture (Fig. 2b). Over 100 of these were accurately surveyed, and they provide ideal markers 
for documenting the amounts and patterns of coseismic surface rupture deformation. Examples 
of the dextral deformation profiles/histograms obtained at two sites from these surveys are 
depicted in Figure 2c (profiles for all surveyed sites are available in Litchfield et al. 2013). 
Surface rupture displacement was predominantly dextral strike-slip, averaging 2.5 m, and 
reaching a maximum of 5.3 m along the central section of the fault (Fig. 1c) (Quigley et al. 
2012). Vertical displacement was typically decimetre-amplitude flexure and bulging, but at 
several fault bends, vertical displacement reached 1 to 1.5 m. Perpendicular to fault strike, 
surface rupture displacement was distributed across an ~30 to 300 m wide deformation zone, 
largely as horizontal flexure (i.e. non-elastic folding about a vertical axis) (Figs. 1d & 2). The 
width of the surface rupture deformation zone is greatest at step-overs (Figs. 2 & 3a), and 
damaging ground strains developed within these. The largest step-over is ~1 km wide, and there 
is a multitude of smaller ones. Push-up “bulges” formed at most of these restraining left-steps 
(Figs. 2a & 3a), with amplitudes up to ~1 m, but typically less than 0.5 m. On average, 50% of 
the horizontal displacement occurred over 40% of the total width of the deformation zone (Fig. 
1d) with offset on observable discrete shears, where present, typically accounting for less than 
about a third of the total displacement. Across the paddocks deformed by fault rupture, there is a 
threshold of surface rupture displacement of ~1 to 1.5 m; greater than this discrete ground 
cracks and shears occur and form part of the surface rupture deformation zone, and less than this 
they are rarely present. The distributed nature of Greendale Fault ground surface rupture 
displacement is undoubtedly, in part, a consequence of the considerable thickness [exceeding 
0.5 km in places (Jongens et al. 2012)] of Quaternary gravel deposits that underlie the plains,
and that are loose near the ground surface.

Figure 2: a) LiDAR hillshade digital elevation model of a section of Greendale Fault 
ground surface rupture. b) Photo showing along-strike variation of surface rupture 
deformation zone width. The two bare fields are each ~40 m wide, and total dextral 

displacement is ~4.5 m (after Barrell et al. 2011). c) Plots of cumulative strike-slip surface 
rupture displacement and histograms of displacement distribution at two representative 

sites across the Greendale Fault, located in 2a. Surface rupture deformation is widest, and 
more evenly distributed, at step-overs (profile 38), and narrowest and more spiked where 
rupture comprises a single trace (profile 39). In these profiles, deformation is projected 
perpendicular to fault strike, and binned in 5 m increments. D = dextral displacement. 

As noted above, the width of the surface rupture deformation zone is greatest at step-overs. To 
further evaluate this, and its potential influence on the distribution of surface rupture 
deformation, the 30 dextral deformation profiles that cross the entire fault zone are grouped, and 
plotted, according to their structural position on the fault trace (Figure 3). In these plots, all
deformation profiles are normalised to displacement, and for those profiles crossing a step-over, 
they are also normalized to step-over width. All three structural groupings (A, B & C of Fig. 3c)
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show that dextral deformation is predominantly distributed (as opposed to concentrated solely 
on a small number of discrete shears). Even when the surface rupture deformation zone 
comprises a single trace (group A of Fig. 3) significant deformation occurs over a width of ~40 
m. Across the central part of a step-over (group C), dextral deformation is distributed and 
equally shared across both sides of the step-over. At the beginnings/endings of a step-over 
(group B) deformation is, again, distributed, with the dominant side of the step-over (B1 of Fig. 
3b) carrying about three times more displacement than the subordinate side (B2 of Fig. 3b). 

Figure 4a plots the Greendale Fault’s average displacement distributions for the three structural 
groupings (A, B & C) defined in Figure 3, along with their corresponding cumulative 
displacement curves. Figure 4b shows analogous plots for a hypothetical strike-slip case where 
deformation is entirely discrete. Figure 4c combines the plots shown in Figures 4a & 4b onto a 
single diagram. Comparable displacement plots are available for two sites along the 1906 
rupture of the San Andreas Fault (Bray & Kelson 2006) and 11 sites along the 1999 ruptures of 
the North Anatolian Fault (Rockwell et al. 2002). Invariably, these strike-slip displacements are 
less distributed than the Greendale case, more distributed than the hypothetical discrete case, 
and would fall between the two “bounding” curves of Figure 4c. The potential use of Figure 4c
as a provisional design curve for aiding in the improved characterisation, and mitigation, of 
surface rupture hazard is touched on in Section 3. 

2.2 Expression of displacement in the shallow subsurface 

To investigate the expression of surface rupture deformation in the shallow subsurface, a trench 
was excavated adjacent to Highfield Road located along the central, high displacement, section 
of the Greendale Fault (Figs. 1 & 5). The trench was ~32 m long, 3 m deep, and oriented 
perpendicular to fault strike (Figs. 5b & 5d). The stratigraphic units exposed in the trench 
mainly comprised fine to coarse gravel, and sandy gravel, interbedded with lenses of sand. The 
gravel units were loose to slightly compact, and horizontally- to cross-bedded; the clasts within 

Figure 3: a) LiDAR hillshade image showing 
distinctive pattern of side-stepping traces along 

a 1.5 km-long portion of Greendale Fault 
surface rupture. b) Idealised fault step-over 

illustrating how structural positions A, B & C 
are defined. c) Displacement distribution plots, 

and their averages, of dextral deformation 
profiles across the Greendale Fault grouped 

according to the fault trace structural positions,
A, B & C, defined in Figure 3b. 
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these units were unweathered to slightly weathered, rounded to well rounded, and composed 
primarily of hard greywacke sandstone. 

Figure 4: a) Average displacement distributions (dotted lines) and cumulative 
displacement curves (solid lines) for the Greendale Fault for the three fault trace 

structural groupings - A, B & C - defined in Figure 3. b) Displacement distributions (green 
shaded bars) and cumulative displacement curves (dot-dash lines) for a hypothetical case 
where strike-slip deformation is entirely discrete. Fault trace structural groupings - A, B 

& C - are as defined in Figure 3. c) Figures 4a & 4b combined, highlighting the differences 
in slip distribution between the hypothetical end-member discrete displacement example, 

and the near end-member distributed displacement (Greendale) example. 

At Highfield Road, the overall width of the surface rupture deformation zone was ~175 m, and 
total dextral displacement across this zone was ~4.8 m (Fig. 5c), based on surveying of 
deformed fence lines, power pole lines, tree lines, and road edges. Total vertical displacement 
was ~1 m, south side up. The trench was excavated across the conspicuous zone of “ground 
cracking” visible in Figure 5b. By projecting the position, and extent, of the trench onto the 
near-by deformation profile (Fig. 5c), we demonstrate that the trench was sited across the 
portion of the deformation zone with the highest dextral displacement gradient, and we estimate 
that the trench encompassed/spanned ~60% of the total dextral deformation, or ~2.9 m of the 
total ~4.8 m. The most prominent features comprising the “ground cracking” zone (i.e., the zone 
of highest displacement gradient) were three Riedel shears, labelled R1, R2 & R3 in Figure 5. 
These three shears were the only discrete deformation features exposed that extended from top 
to bottom of the trench. They were typically expressed as 0.1 to 0.2 m wide bands of sub-
vertically imbricated/aligned cobbles, and they each carried about 0.5 to 0.6 m of dextral 
displacement. Of the total dextral displacement encompassed by the trench, ~2.9 m, discrete 
displacement accounted for 1.5 to 1.8 m of this, or about 50 to 60%. The remaining 40 to 50% 
of dextral deformation encompassed by the trench - expressed as horizontal flexure at the 
ground surface - was undiscernible in the gravels exposed in the trench. Across the entire 
surface fault rupture deformation zone at Highfield Road, discrete dextral displacement 
accounted for only about a third of the total dextral deformation.
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3 DISCUSSION & CONCLUSIONS 

The Canterbury earthquake sequence is the most costly natural hazard event to impact New 
Zealand. Estimated losses are upwards of $40 billion (equivalent to ~29% real GDP). This level 
of loss is debilitatingly large and illustrates a clear economic and societal need in New Zealand 
to improve earthquake resilience. For this to be achieved, progress on a number of related fronts 
is needed; the most important being improved levels of damage limitation and post-event 
functionality in the built environment, and greater sustainability in land-use. Related to this is 
the realisation that as performance expectations increase for a structure (e.g., building / lifeline),
then increased characterisations of the hazards that may impact that structure are also required 
so that the risks posed by those hazards can be more fully accommodated/mitigated in the 
design, construction and siting of the structure. 

We consider that the displacement distribution curves presented in Figure 4c can be used, 
following the indicative steps outlined below, to assist improved characterisation of strike-slip 
surface fault rupture hazard. In general terms, this approach is similar to that described in 
Kelson et al. (2004). 
1) Determine the amount of surface rupture displacement at the site of interest using, for 

example, a combination of site specific investigations and empirical ground surface 
displacement regressions such as Well & Coppersmith (1994) and Wesnousky (2008).

2) Establish the location of the site in relation to fault trace structural position (i.e., is the site 
on, or across, the middle of a step-over, the beginning/end of a step-over, or a single trace).
If the site is on, or across, a step-over, determine the width of the step-over. 

3) Determine if the site is likely to experience distributed (Greendale-like) displacement, 
discrete displacement, or something in between. This is potentially the most subjective step.
Settings that would tend to favour discrete displacement include, but are not limited to, those 
where bedrock is at or very near the ground surface, and the fault has a short recurrence 
interval and large total offset. Conversely, settings favouring distributed deformation would 
include those where there is a thick sequence of weak/loose material above bedrock, and the 
fault has a long recurrence interval and small total offset (i.e., is geologically immature). 

4) Use Figure 4c and the determinations of items 1-3 above to construct displacement 
distribution and cumulative displacement curves for the site of interest. Note that Figure 4c 
applies only to strike-slip ruptures, and is based on data where the step-overs are exclusively 
restraining/contractional. The curves are untested in releasing/extensional step-over settings. 
Also, these curves do not account for vertical displacement nor, in a distributed displacement 
setting, do they explicitly constrain the location and amount of any discrete displacement 
that may occur. To the extent that these aspects may be of relevance to the engineering /
planning project at hand, they will need to be assessed separately. 

Improved parameterisation of surface fault rupture hazard - especially when combined with the 
rupture resilient design concepts presented in Bray (2001) and Bray & Kelson (2006), and the 
land-use planning guidance provided in Kerr et al. (2003) - will facilitate development of 
mitigation strategies aimed at reducing the damage caused by surface fault rupture, and 
improving the post-event functionality of structures that may be impacted by fault rupture.
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