
12th australia new zealand 
conference on geomechanics

Introduction
Proceedings
Author Index
Conference Programme
Sponsors
Search

Conference  
Proceedings 
Sponsor

www.nzgs.org

www.anz2015.com



12th Australia New Zealand Conference on Geomechanics (ANZ 2015) 
 

“The Changing Face of the Earth – Geomechanics & Human Influence” 
 

22-25 February 2015, Wellington, New Zealand  

ORGANISING COMMITTEE 
Guy Cassidy - Conference Chair 
Lucy McChesney - Technical Programme Chair 
Bev Curley – Social Programme Chair 
Pierre Malan – Sponsorship and Exhibition Chair 
Doug Mason - Treasurer 
Andrew Kennedy – Social Programme 
Graham Ramsay – Proceedings, Editor 



REVIEWERS 

Andrew Abbo 
Hugo Acosta-Martinez 
Gavin Alexander 
Younus Ali 
Jay Ameratunga 
Kevin Anderson 
Clive Anderson 
Arul Arulrajah 
Bill Bamford 
Jeremy Barber 
Dick Beetham 
Bindu Bindumadhava 
Hossein Bineshian 
Tom Bowling 
Brabha Brabhaharan 
David Brett 
Chris Bridges 
Detlef Bringemeier 
James Burr 
Olivier Buzzi 
Donald Cameron 
John Carter 
Kim Chan 
Gary Chapman 
Chien-Chang Chen 
Cid Chenery 
C.Y. Chin 
Ben Collingwood 
Peter Cook 
Stephen Crawford 
An Deng 
Mahdi Miri Disfani 
Wei Dong 
Matthew Duthy 
Matt Evans 
Mike Fabius 
Peter Fennell 

Peter Forrest 
Peter Foster 
Ivan Gratchev 
Wayne Griffioen 
Chris Haberfield 
Jim Hambleton 
Wouter Hartman 
Nick Harwood 
Paul Hewitt 
Robert Hillier 
Jon Holliday 
Ghee Eng How 
Yuxia Hu 
Buddhima Indraratna 
Mike Jacka 
Hendra Jitno 
Hackmet Joer 
Alistair Kaldy 
Georgios Kouretzis 
Jan Kupec 
Andrew Leventhal 
Weiwei Li 
Ang Yang Li 
Kaiyu Lin 
Hongyan Liu 
Burt Look 
Don Macfarlane 
Patrick MacGregor 
Sam MacKenzie 
Ian McPherson 
Andrew Malone 
Diane Mather 
Muliadi Merry 
Tony Meyers 
Richard Moyle 
Alexei Murashev 
Colin Newton 

Trung Ngo 
Sanjay Nimbalkar 
Erwin Oh 
Rolando Orense 
Mark Orr 
Stuart Palmer 
Roger Parker 
Rick Piovesan 
John Player 
Warwick Prebble 
Charlie Price 
Graham Ramsay 
Paul Roberts 
Philip Robins 
Cholocahat Rujikiatkamjorn 
Bre-Anne Sainsbury 
Keith Seddon 
Julian Seidel 
Mohamed Shahin 
John Simmons 
Tim Sinclair 
Siva Sivakugan 
Adrian Smith 
Paul Southcott 
Sri Srithar 
John St George 
Bishal Subedi 
Su Kwong Tan 
Klaus Thoeni 
Susan Tilsley 
Do van Toan 
Manh Tran 
Scott Vaughan 
Peter Waddell 
Harry Wahab 
Ann Williams 
John Wood 

The ANZ 2015 Organising Committee would like to thank the following reviewers for the 
undertaking reviews of the papers presented in these Proceedings: 
 



WELCOME 

It is with great pride and pleasure that I welcome you all to the 12th Australia New Zealand 
Geomechanics Conference which is being held at Shed 6 / TSB Bank Arena on Queens 
Wharf beside Wellington’s waterfront on 22 - 25 February 2015.  This prestigious 
international event is the regional conference of the International Society for Soil Mechanics 
and Geotechnical Engineering (ISSMGE) and is held approximately every 4 years. 
  
The last Australia New Zealand Conference held in Wellington, New Zealand was in 1980. 
Thirty-five years later, this event has returned to Wellington, to a city and a world that is 
experiencing significant change and challenges resulting from human influences in our built 
environment. 
  
As in 1980, our profession has the potential to shape and influence the future. For 2015, our 
conference theme is “The Changing Face of the Earth – Geomechanics & Human Influence”. 
The worldwide community is currently facing great change; a changing climate, an evolving 
legislative environment and changing human perceptions and awareness of the cause and 
effects of our actions. This change presents an exciting series of risks and opportunities 
within the wider geotechnical industry. This conference seeks to explore and better 
understand the drivers for changing our world and the impact we make – be this in marine 
and coastal areas or the built environment, from open cast mining to creating brand new 
communities. 
 
Locally in New Zealand, the 2010/11 Canterbury earthquake sequence has had an 
unprecedented impact on the geotechnical profession. It has raised the profile of our science 
through all levels of society, from home owners to our nation’s leaders and has been the 
catalyst for a surge of invaluable observations, data and learning. It has also served as an 
international reminder as to the terrible social and economic damage such seismic events 
can inflict. 
  
We are extremely honoured to welcome Professor George Gazetas, Professor Johnathan 
Bray and Dr Fred Baynes as keynote speakers to our conference.  The Conference 
Organising Committee is extremely grateful that these world-renowned experts accepted the 
offer to speak and share some of their wisdom first-hand with the New Zealand and 
Australian geotechnical fraternity. 
 
We wish to thank Fran Wilde, Chair, Greater Wellington Regional Council, Mike Stannard, 
Chief Engineer Infrastructure & Resource Markets, Ministry of Business, Innovation and 
Employment and Sir Ron Carter for their addresses providing an introduction to our 
Conference theme. 
 
Finally, I wish to acknowledge the financial support which was afforded by the Conference 
sponsors, and the effort which was made by the Conference Organising Committee. This 
event would not have occurred without each and every one of these organisations and 
individuals. 
  
Guy Cassidy 
Conference Chair 
  
  
 
 



Sunday 22 February
Field Trips

1000-1530hrs Engineering Geology of the Wellington Fault

1000-1600hrs MacKays to Peka Peka Expressway Project

1600-1800hrs Registration & Information Desk Open – Shed 6

1800-2000hrs Welcome Reception – The Boat Shed

Monday 23 February

0800-1730hrs Registration & Information Desk Open – Shed 6

0830-1030hrs Conference Opening and Plenary Session 1 Room 1, Shed 6

0830-0930hrs Mihi Whakatau
Welcome Messages 
Guy Cassidy, Conference Convenor, Roger Frank, ISSMGE President, Gavin Alexander, NZGS Chair, Darren Paul, AGS Chair

Opening Addresses  
Fran Wilde, Chair, Greater Wellington Regional Council
Mike Stannard, MBIE
Sir Ron Carter 

0930-1030hrs 001 Keynote Address - Avoiding over-conservatism and 
conventional dogmas in seismic geotechnical design

Professor George Gazetas

1030-1100hrs Morning Refreshments and Exhibition – TSB Bank Arena

1100-1215hrs           Concurrent Session 1

Paper No. Risk Case Histories Room 1, Shed 6 Paper No. Environmental Waste Stabilisation Room 2, Shed 6

1100-1115hrs 006 Bulk Liquids Berth 2 (Sydney) - A case study in pile 
vibration monitoring and management

Helen 
Barbour-Bourne

1100-1115hrs 010 Physical properties and compaction characteristics 
of ETP and WTP biosolids

Aruna Ukwatta

1120-1135hrs 008 What lies beneath - mitigating the risk from buried 
services to geotechnical investigations

Steve Temple 1120-1135hrs 011 Geotechnical properties of biosolids stabilised with 
lime and cement

Farshid 
Maghoolpilehrood

1140-1155hrs 009 ‘Stuff Happens’ - A case history of a safety incident while 
assessing slopes in Waioeka Gorge

David Stewart 1140-1155hrs 012 Waste not want not - A unique industrial waste 
disposal facility

Gerald Strayton

Paper No. Land Zoning Room 3, Shed 6 Paper No. Geotechnical Analysis Room 4, Shed 6

1100-1115hrs 014 Flow category landslide susceptibility modelling of the 
Sydney Basin

Darshika 
Palamakumbure

1100-1115hrs 018 Isogeometric methods for numerical simulation in 
geomechanics

Gernot Beer

1120-1135hrs 015 Land use planning for slope instability hazards in 
Wanganui

Doug Mason 1120-1135hrs 019 Soil cracking modelling using the mesh-free SPH 
method

Jayantha Kodikara

1140-1155hrs 016 The benefits of a shared geotechnical database in the 
recovery of Christchurch following the 2010 - 2011 
Canterbury earthquakes and the potential benefits of 
expanding it into a national database

John Scott 1140-1155hrs 020 Boundary element methods for the simulation of 
underground construction 

Christian Duenser

1200-1215hrs 017 Population explosion onto unstable ground in the 
Auckland region 

Bruce Simms 1200-1215hrs 021 Open source applications in geotechnical engineering Jason Surjadinata

1215-1315hrs Lunch and Exhibition – TSB Bank Arena 

1315-1430hrs           Concurrent Session 2

Paper No. Pile Foundations Room 1, Shed 6 Paper No. Geohydrology Room 2, Shed 6

1315-1330hrs 022 Influence of pile installation techniques on ground heave 
in clays

Martin Larisch 1315-1330hrs 026 Reducing the risk of acidic groundwater through 
modelling the performance of a permeable reactive bar-
rier in Shoalhaven floodplain

Udeshini Pathirage

1335-1350hrs 023 Experimental study of driven pile capacity improvement 
due to compaction grouting

Sufyan Samsuddin 1335-1350hrs 027 Thermal properties of Melbourne Mudstone David 
Barry-Macaulay

1355-1410hrs 024 A new end-bearing capacity equation of piles in crushable 
soils

Tim Hull 1355-1410hrs 028 Waterview connection: Environmental impacts of a 
deep drained trench

Sian France

1415-1430hrs 025 Mitigating the risk of ageing piling equipment and foreign 
migrant work force by full scale pile testing in Cabinda, 
Angola

Eduard Vorster

Paper No. Land Development Case Histories Room 3, Shed 6

1315-1330hrs 029 Evaluation of coalwash as a potential structural fill 
material for port reclamation

Chazath Kaliboullah

1335-1350hrs 030 Fox Glacier - geological and geotechnical issues for access Julia Riding

1355-1410hrs 031 Construction risks on soft ground - Some recent cases   Ioannis 
Antonopoulos

1430-1500hrs Afternoon Refreshments and Exhibition – TSB Bank Arena
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1500-1615hrs           Concurrent Session 3

Paper No. Risk Case Histories Room 1, Shed 6 Paper No. Rail Ballast Room 2, Shed 6

1500-1515hrs 032 Management of mainline railway safety during the change 
in landform as a consequence of longwall mining beneath 
the Main Southern Railway

Tim Hull 1500-1515hrs 036 Deformation behaviour of coal-fouled ballast reinforced 
with geogrid

Ngoc Trung Ngo

1520-1535hrs 033 Refurbishment of the Ross Creek Dam Ian Walsh 1520-1535hrs 037 Recent advances in railroad infrastructure and track per-
formance - Australian experience

Buddhima Indraratna

1540-1555hrs 034 Geotechnical considerations in safe operation of crawler 
cranes

Bo Zhang 1540-1555hrs 038 Implications of ballast degradation under cyclic loading Sanjay Nimbalkar

1600-1615hrs 035 A risk based assessment of the punch-through potential 
of jack-up barges

Mark Skinner 1600-1615hrs 039 Discrete element modelling of geocell-reinforced track 
ballast under static and cyclic loading 

Yang Liu

Paper No. Land Stability Room 3, Shed 6 Paper No. Seismic Ground Movement and Performance Of 
Buried Structures

Room 4, Shed 6

1500-1515hrs 040 New Zealand simplified seismic slope stability analysis 
and risk-based slope design for earthquake resistance

Riley Gerbrandt 1500-1515hrs 044 Earthquake damage assessment of water supply tunnels Robert Davey 

1520-1535hrs 042 A slope hazard assessment study in the Waioeka Gorge Benjamin O’Loughlin 1520-1535hrs 045 Performance of sewer pipes with liner during 
earthquakes

Rolando Orense 

1540-1555hrs 043 The use of risk based design criteria for slope remediation Greg Hackney 1540-1555hrs 046 Ongoing development of a near-surface shear wave 
velocity (Vs) model for Christchurch using a 
region-specific CPT-Vs correlation

Christopher McGann 

1600-1615hrs 065 Site-specific hazard analysis for geotechnical design in 
New Zealand

Brendon Bradley

1620-1730hrs Plenary Session 2 Room 1, Shed 6

1620-1720hrs 002 Keynote Address - Deconstructing engineering geological 
models

Fred Baynes

1720-1730hrs Day 1 Closing Remarks  

1730-1830hrs Conference Happy Hour and Poster Presentations – TSB Bank Arena 

M
on

da
y 

23
 F

eb
ru

ar
y



Tuesday 24 February - Sponsored by Tonkin & Taylor

0800-1730hrs Registration & Information Desk Open – Shed 6

0840-0945hrs Plenary Session 3 Room 1, Shed 6

0840-0845hrs Welcome from Tonkin & Taylor (Keynote Speaker Sponsor) Mike Jacka

0845-0945hrs 003 Keynote Address - Turning disaster into knowledge Jonathan Bray

0945-1015hrs Morning Refreshments and Exhibition – TSB Bank Arena

1015-1215hrs           Concurrent Session 4

Paper No. Pile Foundations Room 1, Shed 6 Paper No. Rock Material Properties Room 2, Shed 6

1015-1030hrs 048 Updating system reliability of pile group by load tests Jinsong Huang 1015 -1030hrs 056 Weathering profiles of Bunya phyllite in Southwest 
Brisbane - A geotechnical approach

David Williams

1032-1047hrs 049 Construction of piled transmission tower foundations in 
the Central North Island

Chris Hewitt 1035 -1050hrs 057 Relationship between water retention, stiffness and 
damping ratio in soils

Zhuoyuan Cheng 

1050-1105hrs 050 Integral bridge foundation pile design in layered soil and 
rock

Julie Zou 1055 -1110hrs 058 Study on strength and deformability of Hawkesbury sand-
stone subjected to cyclic loading

Abbas Taheri 

1107-1122hrs 051 Characteristic modulus values for rock socket design Burt Look 1115 -1130hrs 059 Durability assessment of Hawkesbury Sandstone for 
use as a foreshore revetment for the Barangaroo 
Headland Park Development

Rolf Rohleder 

1125-1140hrs 052 Straight shaft and bell shaped tension piles in Wellington 
greywacke

Sam Glue

1142-1157hrs 053 Overview of the role of testing and monitoring in the 
verification of driven pile foundations

Julian Seidel

1200-1215hrs 054 Enhanced use of dynamic pile testing in foundation 
engineering

Julian Seidel

Paper No. Geotechnical Design of Road Routes Room 3, Shed 6 Paper No. Seismic Performance of Retaining Walls and Buildings Room 4, Shed 6

1015-1030hrs 060 Determination of age of Tauranga/Maketu basin peat 
based on apparent pre-consolidation pressure due to soil 
creep

Ian Manley 1015-1030hrs 047 Performance and stability of Terramesh reinforced 
retaining walls during the 2010/2011 Canterbury 
earthquakes

Marcus Lazzaro 

1035-1050hrs 061 Geological characteristics of a completely weathered rock 
ridge, and its effect on the design and construction of an 
underpass at Buckle Street, Wellington

Daniel Grose 1032-1047hrs 066 Seismic performance of retaining walls on the Christ-
church Port Hills during the 2010/2011 Canterbury 
earthquakes

Edward (Ted) Stone

1055-1110hrs 062 Embankment settlement prediction and monitoring at 
Rangiriri Bypass

Charlie Price 1050-1105hrs 067 Seismically induced shear of a concrete reservoir in the 
February 2011 Christchurch earthquake: Investigations 
and response

Marcus Gibson

1115-1130hrs 063 Geotechnical challenges during design and construction 
of high rock cuts in mountainous terrain - The case of 
Egnatia Odos vertical axe 75 in Greece

Eleni Gkeli 1107-1122hrs 068 Design philosophy for retaining wall repairs in the Port 
Hills following the Canterbury earthquake sequence

David Rowland

1135-1150hrs 064 Rock engineering of cut slopes to provide resilience, 
Muldoon’s Corner Realignment,  Rimutaka Hill Road, 
Wellington

Pathmanathan Bra-
bhaharan 

1125-1140hrs 069 Repairing Christchurch City Council owned retaining walls 
damaged by the Christchurch and Canterbury earth-
quakes

Louise Kendal Riches

1143-1158hrs 070 Paleoliquefaction in late pleistocene alluvial sediments in 
Hauraki and Hamilton basins, and implications for paleo-
seismicity

Melissa Kleyburg

1200-1215hrs 071 Performance of retaining walls in the Canterbury earth-
quake sequence

Kevin Anderson

1215-1315hrs Lunch and Exhibition - TSB Bank Arena 
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1315-1430hrs           Concurrent Session 5

Paper No. Ground Improvement Room 1, Shed 6 Paper No. Geohydrology Room 2, Shed 6

1315-1330hrs 072 Alternative design approach for soft clay improved by 
prefabricated vertical drains

Cholachat 
Rujikiatkamjorn

1315-1330hrs 076 Water productivity mapping of agricultural fields in Saudi 
Arabia using landsat-8 imagery

V C Patil

1335-1350hrs 073 Assessment of the coefficient of consolidation for staged 
preloading operations

Bosco Poon 1335-1350hrs 077 Leapfrog - a rapid conceptualisation and analysis tool 
for geology, groundwater and contaminant interception 
at a biosolids containment facility

Mike Thorley

1355-1410hrs 074 Ground improvement at the Prestons Subdivision, 
Christchurch

James Muirson 1355-1410hrs 078 Updated Thornthwaite moisture indices to assist in 
characterisation of building sites in Victoria, Australia

Dominic Lopes

1415-1430hrs 075 Geotechnical design of soft ground conditions Ralf Konrad 1415-1430hrs 079 Unconfined seepage behaviour in coarse and fine grained 
soils

Laurie Wesley

1315-1430hrs Young Geotechnical Professionals Room 3, Shed 6 Paper No. Liquefaction Room 4, Shed 6

Eggers and Farquhar Unplugged - a YGP Event 1315-1330hrs 080 SCIRT and EQC liquefaction trial - The performance of 
buried infrastructure in liquefied soils

Marcus Gibson

1335-1350hrs 081 The effect of subsidence on liquefaction vulnerability 
following the 2010 - 2011 Canterbury earthquake 
sequence

James Russell

1355-1410hrs 082 Comparison of CPT-based simplified liquefaction 
assessment methodologies based on the Canterbury 
Dataset

Virginie Lacrosse

1415-1430hrs 083 Geotechnical reconnaissance of the damage triggered by 
liquefaction of the Christchurch Formation following the 
February 2011 earthquake

Andrew Awad

1430-1500hrs Afternoon Refreshments and Exhibition - TSB Bank Arena 

1500-1615hrs           Concurrent Session 6

Paper No. Ground Improvement Room 1, Shed 6 Paper No. Surface Foundations Room 2, Shed 6

1500-1515hrs 084 Assessing probability of not achieving column overlap in 
jet grout floors and walls

Shailendra Amatya 1500-1515hrs 088 The significance of raft flexibility in pile group and piled 
raft design

Helen Chow

1520-1535hrs 085 Correlation between PMT & CPT after dynamic compac-
tion in reclaimed calcareous sand

Babak Hamidi 1520-1535hrs 089 Plaxis modelling of moment-rotation curves for shallow 
foundations on clay at constant vertical load

Ravi Salimath

1540-1555hrs 086 Development of horizontal soil mixed beams as a shallow 
ground improvement method beneath existing houses

Rob Hunter 1540-1555hrs 090 Moment and shear capacity of shallow foundations at 
fixed vertical load

Michael Pender

1600-1615hrs 087 Jet grout columns operating as a reaction platform for 
Christchurch Art Gallery relevel uplift and soil liquefaction 
mitigation

Abilio Nogueira

Paper No. Material Improvement Techniques Room 3, Shed 6 Paper No. Landslides and Slope Stabilisation Room 4, Shed 6

1500-1515hrs 092 Shear behaviour of a lignosulfonate treated silty sand Jayan Vinod 1500-1515hrs 095 Pore pressure effect on slope stability assessment An-Jui Li

1520-1535hrs 093 Improvement of soft soil using nanomaterials Mohd Raihan Taha 1520-1535hrs 096 Comparison of A-frame micropile system and 
conventional bored piles to remediate embankment 
slope failures

Vipman Tandjiria

1540-1555hrs 094 Geotechnical characteristics of cement-treated recycled 
materials in base and sub-base applications

Alireza 
Mohammadinia

1540-1555hrs 097 Monitoring the landslide at Bramley Drive, Tauranga, 
NZ

Vicki Moon

1600-1615hrs 098 Rock mesh application in highly fractured basalt rock 
cutting in Western Ring Road widening project 
Melbourne - A case study

Bing Lee
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1620-1730hrs Plenary Session 4 Room 1, Shed 6

1620-1720hrs 004 John Jaegar Award Lecture - Predicting the Mechanical 
Behaviour of Structured Soils

John Carter

1720-1730hrs Day 2 Closing Remarks  

1930-1130hrs Conference Gala Dinner - Te Papa 

Wednesday 25 February

0830-1530hrs Registration & Information Desk Open – Shed 6

0900-1015hrs           Concurrent Session 7

Paper No. Stone Columns and Ground Reinforcement Room 1, Shed 6 Paper No. Road Pavements and Subgrade Room 2, Shed 6

0900-0915hrs 099 A ground improvement field trial in the coastal area 
using geogrid encased stone columns

Doru Bobei 0900-0915hrs 122 Soil moisture measurements using TDR along flat ribbon 
cable for estimating road performance

Md Habibullah 
Bhuyan

0920-0935hrs 100 Numerical modelling capturing the behaviour of rein-
forced soft ground for public transport infrastructure

Sudip Basack 0920-0935hrs 123 Relative modulus improvement due to inclusion of 
geo-reinforcement within a gravel material, as measured 
via Light Falling Weight Deflectometer testing

David Lacey

0940-0955hrs 101 Optimisation of soft ground treatment using a two-stage 
reinforced soil wall

Jeff Hsi 0940-0955hrs 124 Cyclic loading responses of cement-stabilised base mate-
rials: An investigation on moduli for pavement design

Korakod Nusit

1000-1015hrs 102 Ground reinforcement with shallow timber piles for soils 
susceptible to liquefaction

Andreas 
Giannakogiorgos

1000-1015hrs 125 Pavement analysis and design for hydrated cement treat-
ed crushed rock base (HCTCRB) pavements

Suphat 
Chummuneerat

Paper No. Static Properties of Soil and Rock Room 3, Shed 6 Paper No. Landslides and Slope Stabilisation Room 4, Shed 6

0900-0915hrs 107 Monotonic shear behaviour of pumice sand Lifu Liu 0900-0915hrs 111 Pull out resistance of soil nails in continuous auger drilled 
holes

Hamish Maclean

0920-0935hrs 108 Effect of suction history on the small strain response of 
a dynamically compacted soil

Ana Heitor 0920-0935hrs 112 The challenges of working with volcanic soils in the 
Central North Island, New Zealand

Evan Giles

0940-0955hrs 109 Discrete element modelling of recycled waste rock: 
Particle shape simulations and effects

Tabassom Afshar 0940-0955hrs 113 Retaining wall analysis in weak rock - A case study 
review

Sajjad Maqbool

1000-1015hrs 110 Instability behaviour and pore water pressure 
development of natural sand with fines

Abu Taher Md Zillur 
Rabbi

1000-1015hrs 114 Golden Cross Landslide - Effects of stabilisation works 
17 years later

Grant Loney

1015-1045hrs Morning Refreshments and Exhibition - TSB Bank Arena 



1045-1200hrs           Concurrent Session 8

Paper No. Structural Foundations Room 1, Shed 6 Paper No. Mining Room 2, Shed 6

1045-1100hrs 115 A seismic ground investigation across a creek for design 
of bridge

Koya Suto 1045-1100hrs 119 Bulking and settlement of weakly-cemented and 
cemented coal mine spoil

David Williams

1105-1120hrs 116 Estimation of vertical subgrade reaction modulus from 
CPT and comparison with SPT for a liquefiable site in 
Christchurch

Nick Barounis 1105-1120hrs 120 Slope stability acceptance criteria for opencast mine 
design

Brian Adams

1125-1140hrs 117 Adequacy of old fill for upgraded footing loads John Simmons 1125-1140hrs 121 Large scale testing of mine spoil Stephen Fityus

1145-1200hrs 118 Geotechnical input to the seismic assessment of existing 
buildings

Phil Clayton 1145-1200 126 An evaluation of the tilt test for granular materials Stephen Fityus

Paper No. Dynamic Properties of Soils Room 3, Shed 6

1045-1100hrs 103 A new model for describing the behaviour of soft soils 
under cyclic loading

Buddhima  
Indraratna

1105-1120hrs 104 Undrained cyclic strength of undisturbed pumiceous de-
posits

Mohammad 
Sadeq Asadi

1125-1140hrs 105 Effects of disturbance and consolidation procedures on 
the behaviour of intermediate soils

Karina Dahl

1145-1200hrs 106 The role of static shear stress on forms of cyclic liquefac-
tion

Robert Lo

1200-1300hrs Lunch and Exhibition - TSB Bank Arena 

1300-1400hrs Plenary Session 5 Room 1, Shed 6

005 NZGS Geomechanics Award Lecture - Geotechnical issues 
in displacement based design of highway bridges and walls

John Wood

1405-1500hrs         Concurrent Session 9

Paper No. Insitu Testing and Soil Identification Room 1, Shed 6 Paper No. Rail Ballast and Formation Room 2, Shed 6

1405-1420hrs 129 Assessment of SPT - CPT correlations using Canterbury 
site investigation database

Liam Wotherspoon  
 

1405-1420hrs 131 Significance of reinforced granular transitions for 
heavy freight rail applications 

Muliadi Merry

1425-1440hrs 130 CPT sounding and the scale of variability of Auckland 
residual soil 

Michael Pender 1425-1440hrs 132 Modelling of ballasted railway track under train 
moving loads

Md Abu Sayeed

1445-1500hrs 127 Development and use of low cost spectroscopy for 
soil identification

David Airey 1445-1500hrs 133 Rail formation by controlled blasting - A balance 
between effective blasting and safe practice

Muliadi Merry

Paper No. Tunnels Room 3, Shed 6 Paper No. Professional Development Room 4, Shed 6

1405-1420hrs 134 Vibration assessments for the Sydney LPG Cavern from 
construction piling for the adjoining Bulk Liquids Berth 2, 
Port Botany, Australia

Greg Kotze 1405-1420hrs 137 New Zealand natural hazards - Do we really need 
geotechnical professionals?

Beverley Curley

1425-1440hrs 135 Pile behavior due to adjacent tunnel excavation Chun Fai Leung 1425-1440hrs 138 Engineering geology education for the 21st Century Marlène Villeneuve

1445-1500hrs 136 Assessment of stability and ground movement 
associated with tunnelling under a major highway

Jeff Hsi

1505-1530hrs Award Presentations for Best Paper, Best Paper - 
YGP and Best Poster and Conference Close

Room 1, Shed 6 
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Number Author Title
P001 Cavicchia, Julian The effect of sample remoulding on the shrink-swell test

P002 Cheah, Charmaine Effect of simulated rock dumping on geotextile

P003 Christie, Emma Ground anchor testing in Wellington Soils and weathered greywacke

P004 Duxfield, Janet Muldoon’s corner realignment: Design and construction of fill embankments and retaining walls

P005 Ghosh, Balaka Reinforced Timoshenko Beam Theory to simulate load transfer mechanism in CMC supported embankments

P006 Green, Dave Challenges and risks associated with piling in the Riccarton Gravel, Christchurch

P007 Ho, Liem Exact analytical solution for one-dimensional consolidation of unsaturated soil stratum subjected to damped sine wave loading

P008 Jackson, Matthew Increased flooding vulnerability - A new recognised type of land damage

P009 Jaditager, Mohamed Settlement analysis of eastern reclamation area Port of Townsville

P010 Jaksa, Mark Prediction of load-carrying capacity of piles using a support vector machine and improved data collection

P011 Kim, Dong Hyun Determination of mobilized asperity parameter to define rock joint shear strength in low normal stress conditions

P012 Kruyshaar, Jana The use of earthquake demolition waste as engineered fill

P013 Lo, Sze Ho Finite element analysis of external earth pressure on reinforced soil wall in front of soil nail wall

P014 Look, Burt Appropriate probability distribution functions for geotechnical data

P015 Look, Burt Macro standard penetration test measurements examined with a micro scale PDM device

P016 Malekzadeh, Mona Consolidation of Cannington mine tailing at its liquid limit

P017 McCann, Kevin The use of impact compaction for the near surface compaction on dredged sand land reclamation projects

P018 Millen, Maxim Earthquake-induced rotation and settlement of building foundations

P019 Nguyen, Viet Landslide remediation using rock nail shotcrete wall

P020 Purwodihardjo, Ardie Numerical analysis of the cyclic deformation behaviour of a caisson foundation on a submerged rockfill slope

P021 Roberts, Ross A discussion on tunnelling issues within the East Coast Bays formation of Auckland

P022 Robson, Christopher Engineering geology and stabilisation of the 2011 landslide which closed SH3 in the Manawatu Gorge, New Zealand

P023 Spinks, Jerry Strengthening of heritage tunnel portals
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ABSTRACT 
 
This paper presents a review of the Golden Cross Landslide near Waihi 17 years after its successful 
stabilisation by use of major drainage and earthworks.  The landslide is interesting because of its size, 
2100 m long, 500 m to 1000 m wide and up to 145 m deep, and supports a large tailings dam retaining 
approximately 1.7 million cubic metres of tailings from the previous gold mining operation. 
The paper includes a review of historic and current landslide movement rates (from inclinometer and 
GPS data), piezometric data and presents an assessment of the ongoing effect of the stabilisation 
measures.  Comment is also made on the long term relative effectiveness of the various stabilisation 
measures from the nearly 20 years of data available. 
 
 
1 INTRODUCTION 
 
The Golden Cross gold mine is located on the Coromandel Peninsula, approximately 8 km northwest 
of Waihi township.  It was first mined from the 1890s to the 1930s and, as a result of significant 
subsequent improvements in the gold extraction techniques, mining recommenced at the site in 1991.  
The recent mining comprised both open pit and underground mining of gold and silver bearing ore.  
The processing of the ore results in a tailings slurry which was pumped to a tailings dam in a nearby 
valley. 
 
During routine investigation and surveillance in August 1995, some cracks were observed adjacent to 
the tailings dam in natural ground, known as Trig J Hill.  On further investigation, other signs of 
widespread ground movement were discovered and a major site investigation and monitoring exercise 
was undertaken. 
 
Interpretation of the site monitoring data indicated that cracking observed at Trig J Hill was part of a 
large scale deep seated translational reactivated earth-rock slide underlying the Golden Cross Gold 
mine site, Waihi.  It is some 2100 m long, 500 to 1000 m wide, up to 145 m deep, and occupies 
approximately 135 hectares of land.  The tailings dam for the mine was constructed across what was 
subsequently interpreted to be the upper part of the landslide, and underwent extensional and shear 
deformation as a result of slide displacement. 
 
Ground surface monitoring indicated fastest moving part of the landslide to be the lower portion 
(“Lower Slide”) with daily movement rates up to 10 mm/day.  If this level of movement continued a 
breach of the tailings dam was considered possible and therefore a stabilisation programme 
comprising removal of up to 1 Mm3 of waste rock from selected areas and subsurface drainage using 
horizontal drains, vertical pumping wells and a deep-level drainage drive beneath the landslide were 
implemented. 
 
The stabilisation works were successful and by August 1997, the Landslide was largely stabilised.  
The site-wide monitoring programme continues to be operative even though mining ceased in 1998. 
 
This paper presents a review of historic and current landslide movement rates (from inclinometer and 
GPS data) and piezometric data and presents an assessment of the ongoing effect of the stabilisation 
measures. 
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2 THE GOLDEN CROSS LANDSLIDE 
 
2.1 Site layout 
 
Figure 1 indicates the general layout the site.  The Open Pit is located at the north west of the site with 
the structural main dam and tailings pond located to the east. 
 
The tailings are retained by a “main” dam across the main Union Stream valley and a “saddle” dam 
across the adjacent smaller valley (Figure 1).  Approximately half of the surface water runoff from the 
upstream catchment is diverted away from the tailings storage area and underdrainage is provided for 
the streams within the area.  The embankment dam is a multi-zoned engineered structure constructed 
of overburden and mine waste materials, particularly from the open pit. 
 

 
Figure 1.  General site layout below the Tailing Dam (ref. 2) 

 

2.2 Geology 
 
The Golden Cross site is located within a NNW trending belt of predominantly Miocene to Pliocene 
age andesitic and rhyolitic volcanics deposited 4 to 11 million years ago which form much of the 
Coromandel Ranges.  At Golden Cross, three main geological formations are present.  These are the 
Coromandel Group, Union Volcanics (Whitianga Group) and Omahia Andesite (Winkler 2001). 
 
2.3 Landslide 
 
The Golden Cross Landslide has essentially involved one unconformably deposited geological 
formation (Omahia Andersite) displacing over two older formations (Union Volcanics and Coromandel 
Group) as presented in geological section below (Figure 2). 
 

North 
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Figure 2.  Golden Cross Landslide geological model. 

 

A significant number of surface indicators of ground movement (following the Trig J cracking) were 
found in 1995 and 1996 with the most important being (Loney 2001): 
 

 Cracking of the shotcrete lining within the Southern Diversion Drain (SDD) adjacent to 
the left abutment. 

 Ground cracking and development of a tomo at the left abutment possibly associated 
with the above cracking. 

 Cracking at the right abutment. 
 Zones of minor seepage on the downstream shoulder of the Saddle dam within 100 m 

of the left abutment. 
 Cracking and plastic deformation of the Union Silt Dam at the bottom of the site. 

 
2.4 Groundwater 
 
The three main geological units have distinctive aquifer characteristics.  Typically the top 10 m of the 
Coromandel Group is impermeable, with permeability increasing with depth.  The Omahia Andesite is 
relatively permeable overall, although there are high permeability contrasts between the low 
permeability weathered soil strength generally sandy-silty matrix materials and the more competent 
open jointed andesite boulders and larger blocks of lava.  Wedged between these two formations is 
the structurally massive Union Volcanics, which are typified by a high fracture permeability but low 
storativity. 
 
Groundwater within the relatively permeable Omahia Andesite is perched above the unconformable 
contact with the underlying clay-rich Coromandel Group.  Although the geometry of the Omahia 
Andesite was such that groundwater was trapped within the rockmass forming a reservoir, 
groundwater levels were typically greater than 20 m below the surface (Winkler 2001). 
 
2.5 Landslide movement 
 
During the landslide’s most active monitored period (winter 1996), recorded movement rates averaged 
2.8 to 4 mm/day for the Lower Slide areas, although daily movement rates at times were up to 10 
mm/day at times in that area.  Movement rates progressively reduced for areas further upslope from 1 
to 1.5 mm/day in the mid slide area down to 0.1 to 0.3 mm/day for the area behind the tailings pond 
below the headscarp of the slide.  The landslide was therefore undergoing significant extension.  The 
various movement rates across the landslide are represented by indicated vectors in Figure 3 below. 
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Figure 3.  Golden Cross Landslide surface displacement contours (10m intervals) and movement 
vectors. 
 
Since monitoring of the landslide began in August 1995, survey data show that the Lower Slide 
displaced between 800 mm and 1400 mm until it stabilised in August 1997.  The Mid Slide (below the 
tailings dam) moved SW by some 500 mm, and the Upper Slide areas by 250 mm to 300 mm (Winkler 
2001). 
 
3 STABILISATION WORKS 
 
3.1 Stabilisation works 
 
Lowering of piezometric levels within and around the head of the slide mass was a major objective of 
the remedial works.  The methods of achieving this objective were the installation of horizontal 
drainhole fans, pumping wells, and deep-subslide drainage.  Overall, significant drainage has been 
achieved by targeting the larger relatively permeable andesite blocks within the Omahia Andesite.  

 
Figure 4.  Drainage plan indicating the location of horizontal drains, pumping wells, and drainage 
drive. 
Following subsurface drainage, pressures within the Omahia Andesite reduced leaving the 
Coromandel Group pressures elevated as a result of the low hydraulic conductivity and resultant slow 
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dissipation of pore pressures.  The response to the subsurface drainage on slide movement rates was 
therefore not immediate, but took time as pressures re-equilibrated (Winkler 2001). 
 
 
 

Figure 5.  Indicative lowering of piezometric level within the Omahia Andersite following drainage 
works. 
 
In the later stages of the stabilisation programme relocation of waste rock and ore stockpiles located in 
two main areas on the landslide was carried out to improve its stability.  The effect of the fill relocation 
was very positive as slide-wide movement rates slowed significantly during and following their 
removal. 
 
Crack sealing earthworks were carried out in two main areas of deformation, generally located within 
the transition zone between the Lower Slide and Mid Slide areas.  Large cracks up to 300 mm wide 
developed in this area.  The aim of the sealing was to limit the ingress of surface runoff into the slide 
mass, thereby reducing the impact of rainstorm events by preventing pressurisation of tension cracks 
within the slide (Winkler 2001). 
 
3.2 Post stabilisation monitoring 
 
3.2.1 Displacement 
 
As a result of the significant subsurface drainage stabilisation works and unloading of material located 
over unfavourable parts of the landslide, the slide movement rates were gradually reduced (see Figure 
6 and 7).  By August 1997 the Lower Slide was effectively stabilised and Upper Slide and Mid Slide 
areas reduced to minor stick-slip movement (generally less than 0.02 mm/day) following major 
rainstorm events. 
 
Since the landslide was stabilised, up to 12 GPS monuments have been surveyed one to two times 
per year.  A visual inspection is also undertaken in conjunction with the survey and this includes 
inspection of the Dam Embankment, Trig J Ridge, and the landslide toe.  Consistent with the GPS 
monitoring, there have been no obvious visual signs of significant movement since the stabilisation 
works were completed. 
 
There have been no serviceable inclinometers within the landslide since Lower Slide (Road) 
inclinometer N131 and Upper Slide (Rear of Tailings Pond) inclinometer N136 became 
blocked/sheared off in 2008. 
 
Based on the GPS data of the 12 currently read monuments and visual inspection, it appears that the 
lower slide has effectively remained stable and the upper slide has continued minor stick slip 
movement at an ever decreased rate.  Following completion of all stabilisation works (approximately 
2001), GPS monument C-SYD indicates the Lower Slide has moved at a plan movement rate of 
approximately 1.1 mm/yr since 2001 and GPS monument C-SAD indicates the Upper Slide has moved 
at approximately 2.3 mm/yr (Tonkin & Taylor Ltd 2014). 

Drainage Drive 
from 

Underground 
Mine 

Initial piezometric 
surface 

Post drainage 
ground water 

level 

Omahia Andesite 

Coromandel 
Andesite 

873



 

 

 

 
Figure 6.  Lower Slide GPS monument C-SYD, indicating change from significant movement to 
stability. 

 

 
 

Figure 7.  Upper Slide GPS monument C-SAD, indicating change from significant movement to 
stability. 
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The average annualised plan movement rate across each of the monuments located on the slide and 
one “off slide” monument is presented in Table 1 below. 
 
Table 1: Landslide average annualised plan movement rate since 2001  

Location 
Relevant Survey 
monuments 

Average annualised plan 
movement rate1 (mm/yr) 

Lower Slide C-SYD, USP-8 1.3 mm/yr 
Mid Slide C-Mid, C-K5, C-Stok 2.8 mm/yr 
Upper Slide C-2, C-Sad, C-RA 2.6 mm/yr 
Off slide C-USP 8 2.0 mm/yr 
1 Theoretical instrument error for static GPS is 3 mm to 5 mm. 
 
It is of interest that “off slide” monument C-USP 8 has an average rate of 2.0 mm/year, which is similar 
to the average rate for the “on slide” monuments. 
 
3.2.2 Groundwater 
 
Following completion of the stabilisation works all of the one pumping wells were turned off with the 
exception of M8 which continues to suppress the water level within the underground mine as a water 
quality mitigation measure.  Accordingly, re-pressurization has occurred and the effectiveness of the 
horizontal drains and underdrains is expected to be reducing with time.  Consequently the piezometric 
level has risen within the landslide and is expected to continue to rise with time. 
 
Figure 8 indicates the 10 m piezometric level contours in 2008 based on a limited number of 
piezometers.  Review of the piezometric data in January 2014 indicates this remains a reasonable 
estimation of the piezometric levels. 
 

 
Figure 8. Estimated 2008 piezometric surface (URS 2011) 
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4 ONGOING EFFECT OF LANDSLIDE STABILISATION WORKS 
 
4.1 Mass movement 
 
Mass movement monitoring data since 2001 indicates that the Upper Slide continues to move at an 
extremely low rate while the Lower Slide has recorded negligible movement.  The Upper Slide 
probably continues to move as a stick-slip response to large rainfall events and associated elevated 
groundwater pressure on the slide mass.  The “locked-up” Lower Slide is expected to be having a 
buttressing effect on the Upper Slide and Mid Slides and is considered to be key to landslide stability. 
Landslide movement rates of less than 16 mm/year are classified as ‘extremely slow’ (Cruden and 
Varnes 1996) and the movement rates recorded in the last 13 years are less than movement rates 
recorded after August 1997 when the landslide was considered to have been “stabilised”.  It appears 
that only ongoing minor “stick-slip” movement in response to large rainfall events has occurred from 
2001 to the present day. 
 
Accordingly, the stabilisation works remain successful some 17 years after landslide stabilisation 
works were completed.  Movement rates show no sign of increasing and in fact, a slowing trend is 
apparent. 
 
4.2 Groundwater 
 
In general, the Upper Slide piezometers do not show an overall raising or lowering trend.  There are 
very limited data points to quantify and define the piezometric surface in the Upper Slide area.  The 
currently monitored groundwater level in rear of tailings pond standpipe PW25, at about RL 390 m, is 
similar to the level recorded in rear of tailings piezometer N38 following groundwater drawdown 
achieved by the Drainage Drive dewatering.  This indicates that the Omahia Andesite aquifer beneath 
the tailings impoundment area (important for landslide stability) is still significantly depressurised. 
 
The Lower Slide Stockyard piezometers show a minor overall trend (N132/1 to N132/3) of rising 
groundwater level over the last ten years.  It is possible that gradually rising piezometric levels in the 
Lower Slide area may reflect some landslide aquifer re-pressurisation due to the declining 
effectiveness of the horizontal drainage network as the horizontal drain pipes become clogged over 
time.  Based on the negligible GPS movements rates this trend does not appear to be having a 
negative impact on the stability of the Lower Slide block.  
 
5 CONCLUSIONS 

Significant dewatering works and relocation of the unfavourably placed waste-rock and ore stockpiles 
“stabilised” the Golden Cross Landslide in August 1997 and a factor of safety against instability of 
greater than unity was essentially achieved.  

Since stabilisation works were completed in 2001, the average annualised movement rate at the GPS 
monuments for the Lower Slide, Mid Slide and Upper Slide are 1.3mm/yr, 2.8mm/yr and 2.6mm/yr 
respectively. The lower slide piezometers indicate a minor increase in groundwater level but this does 
not appear to be having a negative impact on the stability of the Lower Block slide. The Upper Slide 
piezometric level appears to have been relatively constant over the last 10 years.  
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ABSTRACT 
 
A seismic survey across a creek with refraction and multichannel analysis of surface waves (MASW) 
methods was carried out across Iron Creek south of Sorell, Tasmania.  The purpose of conducting the 
geophysical survey was to obtain a cross section profile of both the creek mud line and depth to the top of 
basalt, extending from the eastern creek embankment to the western creek embankment. The information 
on the underlying subsurface profile was used to assist with the design of foundation options for the 
realignment of Iron Creek Bridge. 
 
The survey consisted of onshore and offshore components: 135 metres on the west bank, 40 metres 
across the creek and 69 metres on the east bank, therefore it was necessary to use a hydrophone cable 
as well as land geophones.  A sledge hammer was used onshore as a seismic source and a small airgun 
was used across the creek. 
 
The results were presented as P-wave velocity section from the refraction analysis and S-wave section 
from the MASW.  Two boreholes onshore indicated the depth to basalt with very high strength at 8 metres 
on west bank and 3 metres on east bank.  These depths correspond to P-wave velocity of about 1100m/s 
and S-wave velocity of about 500m/s. The sections showed that the depth of high strength basalt 
increases across the creek up to about 10 metres, with the deepest section on the eastern side of the 
creek.  The information obtained from the seismic survey used in conjunction with the borehole 
information eliminated the necessity of drilling additional boreholes over the creek. 
 
The seismic results could also infer mechanical and engineering parameters including Young’s modulus, 
Poisson’s ratio and pseudo-N-value. The results of the seismic survey contributed to the design of the 
new bridge.  
 
 
1 INTRODUCTION 
 
Iron Creek is a tidal creek which runs north east of Hobart, Tasmania (Figure 1).  A bridge located on the 
Arthur Highway, a main thoroughfare between Hobart and Port Arthur, crosses the creek.  The project 
consisted of improving the road and bridge alignment and replacing the existing bridge, which had 
reached its design life.  A seismic survey with refraction and multichannel analysis of surface waves 
(MASW; Park et al, 1999; Suto, 2007) methods was carried out to investigate the ground conditions and 
confirm the basalt profile across the creek. 
 
For design and construction of roads and bridges, knowledge of underlying ground conditions is essential.  
Comparing geophysical testing methods, electric and electromagnetic methods may estimate the shape 
and extent of geological boundaries by testing electric and electromagnetic properties, whilst seismic 
methods can provide information on the mechanical strength of the ground.   
 
The geophysical field survey conducted across Iron Creek included onshore and offshore operations.  
The two different kinds of data accumulated presented no problems in compatibility during data 
processing.   The end result presented comparable profiles of P-wave and S-wave velocity structures. 
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Figure 1. Area and site maps from Google Maps.  Approximate survey location line in blue. 
 
 
2 DATA ACQUISITION AND QUALITY 
 
The survey consisted of onshore and offshore components: 135 metres on the west bank, 40 metres 
across the creek and 69 metres on the east bank.  Conventional spiked geophones were used on land, 
and a water bottom cable was used across the creek.  The refraction and MASW data were collected at 
the same time with common parameters except for record length and sampling frequency.  The data 
acquisition parameters are summarised in Table 1. 
 
 
The onshore section of 
the survey site 
comprised a paddock 
with light vegetation 
(Figure 2).  For this part 
of the survey, spiked 
geophones were used 
rather than a 
landstreamer due to the 
steep slope and thick 
shrubs near the bank of 
the creek.  A small 
dinghy was used for the 
offshore component of the survey (Figure 3) to lay the water bottom cable and to operate the airgun 
source at shot points on the water. 
 
 

Figure 2.  (Left) Typical field conditions onshore.   (Right) Recording system. 
 
 

Table 1.  Data Acquisition Parameters 

Seismic source: 12lb sledgehammer / Airgun 
Recording system: Geometrix StrataView; 24-bit 24-channel 

recorder 
Recording channels: 24 per record  
Sampling rate: 0.0625 ms (16000Hz) for refraction 

0.5ms (2000Hz) for MASW 
Record length:  128ms for refraction 

2 seconds for MASW 
Geophone / Hydrophone 
type: 

Geospace  GS11 7.55 Hz vertical geophones on 
land / PVDF Piezo Polymer Hydrophones 3-
3000Hz 

Geophone interval: 3m on land / 2m water bottom cable 
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Figure 3.   (Left) Airgun and water bottom cable.  (Right) Offshore deployment. 
 
The road adjacent to the site, Arthur Highway, is a main thoroughfare between Hobart and Port Arthur, 
and traffic during the survey was constant.  This caused some noise to several records of the seismic 
data.   
 
3.  ONSHORE AND 
OFFSHORE DATA 

 
The data quality of onshore and 
offshore records is compared.  
(Figure 4 shows refraction 
survey data and Figure 5 shows 
MASW data).  
 
 
Although there is some noise in 
the early part of the offshore 
data, the first breaks of the 
seismic signals are picked with 
reasonable confidence. 
 
The contamination from traffic 
noise on the onshore data was 
worse in the longer MASW data, 

as the signal needed 
to be amplified more 
for the distant and 
late part of the data.  
However, the spectra 
of this noise are of 
high-frequency and 
the surface wave 
signals are 
recognised when it is 
filtered out.  In 
practice, the 
overtone analysis 
was performed on 
the unfiltered data.  
The noise falls 
outside of the 
analysis range of 10 
to 50Hz.  
 
  

Figure 4.  Seismic records for refraction survey. Full time scale is 
150ms.  (Left) Onshore.  (Right) Offshore; Note channels at both 
ends are out of water and not recording signals. 

 
Figure 5.  Seismic record for MASW analysis.  Top 400ms is displayed.  (Left) 
Original onshore record.  (Middle) The same record with a 60Hz high-cut filter 
applied.  (Right) Onshore record. 
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4.  ANALYSIS AND INTERPRETATION 
 

The refraction analysis and tomographic inversion were carried out using the SeisImager® software by 
Geometrics.  SurfSeis® by Kansas Geological Survey was used for the MASW analysis.  Figure 6 shows 
2D velocity sections along the survey line.  The P-wave velocity section was produced through 
tomographic inversion process of the first break picks while the S-wave velocity section was produced by 
interpolating the MASW inversion between analysis points every 12 metres.  Although there are several 
different features, these profiles are largely in agreement. 
 

                                       

                                   
Figure 6.  Seismic velocity structure across Iron Creek.   
(Top) P-wave velocity structure by refraction; (Bottom) S-wave velocity structure by MASW. 
 
 
Two boreholes were drilled prior to 
the geophysical survey along the 
proposed bridge realignment: one 
each side of the creek.  The 
borehole logs indicate four 
geological units, among which the 
depth of basalt is of most interest.  
Figure 7 shows correlation between 
the borehole data and S-wave 
velocity structure derived from 
MASW inversion at the nearest 
analysis point.  The S-wave velocity 
changes reflect the geological 
boundaries reasonably well, but the 
absolute values of S-wave velocity 
do not exactly match the soil/rock 
type.  The description “fresh basalt” 
corresponds to about 400m/s at 
BH1 and 600m/s at BH2. 

 
The borehole data is compared to 
the velocity sections (Figure 8), in 
which the velocities are blocked to 
show divisions.  The P-wave 
velocity corresponding to the “fresh 
basalt” is about 1400 m/s at BH1 

Figure 7. Comparison between lithology at boreholes and S-wave 
velocity by MASW inversion. 
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and 1600 m/s at BH2.  Both S- and P-wave velocities of the “basalt” are faster at BH2 then at BH1.  This 
may be because the qualitative description of rock type of borehole data, “basalt”, has some range in its 
strength due to degree of weathering, and the seismic velocities may be better representing the strength 
rather than rock type. 
 
The velocity structures in the offshore part of the survey line are also conformable.  It demonstrates the 
MASW survey can be applied to the offshore survey. 
 

                       
Figure 8. Velocity sections with blocked colour scheme.  Borehole lithology the same as Figure 7 is 
superimposed.   
(Top) P-wave velocity structure by refraction; (Bottom) S-wave velocity structure by MASW. 
 
 
6.  ENGINEERING PARAMETERS 
6.1.  Pseudo-N Values  
 
The SPT N-value is an empirical parameter for soil classification.  Despite its ambiguous scientific merit, it 
is well established in the geotechnical engineering community.  Many authorities use this value as a basis 
of soil classification.  Table 2 is an example specified by the government of Queensland. 

 
There is a weak correlation between S-wave velocity and SPT N-values and many empirical formulae 
have been proposed (Suto, 2011).  In this project the formula proposed by Suto (2011) is used and called 
“pseudo-N value”:  

.
.         (1) 

Table 2.  Soil Classification by Department of Main Roads, Queensland 
Essentially Cohesive Soils Essentially Non-Cohesive Soils 

Terms SPT N Value Terms SPT N Value 
Very soft 0-2 Very loose 0-4 

Soft 2-4 Loose 4-10 
Firm 4-8 Medium dense 10-30 
Stiff 8-15 Dense 30-50 

Very stiff 15-30 Very dense >50 
Hard Hard>30   

BH1BH2
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Figure 9 shows the pseudo-N value sections colour-coded according to the soil classification schemes of 
Table 2.  Although this does not exactly represent the N-values, it gives the engineers some idea of 
strength of the ground and certainly visualise the values across the site.  
 

Very soft Soft HardVery stiffStiffFirm

 

 
Figure 9.  Pseudo-N value sections. (Top) Essentially cohesive case.  (Bottom) Essentially non-
cohesive case. 

 
 
 
6.2  Poisson’s Ratio and Young’s Modulus 
 
From the P-wave and S-wave velocities two physical parameters are estimated: Poisson’s ratio and 
Young’s modulus.   Poisson’s ratio is comprises physical properties derived from P-wave and S-wave 
velocities. The calculation of Young’s modulus requires density value in addition. Poisson’s ratio (σ) is 
calculated from the Vp/Vs ratio as: 
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Assuming density (ρ), Young’s modulus (E) is calculated as: 
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Equation (3) shows Young’s modulus is most sensitive to variation of S-wave velocity.   
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These parameters are calculated by grid operation and inaccuracy due to interpolation may be expected, 
however they are considered to show the approximate range and trend of these parameters.   
 

 
Figure 10.  Sections of Poisson’s ratio (Top) and Young’s modulus (Bottom) inferred from seismic 
velocity. 
 
 
7.  USE OF SEISMIC SURVEY RESULTS IN THE BRIDGE DESIGN 
 
The results of the seismic survey in conjunction with the geotechnical site investigation report (borehole 
data) were considered in designing the substructure for the replacement bridge. Since the completion of 
the investigations, the proposed alignment of the highway and new bridge was shifted; therefore the 
results of the investigations were used with caution as they were not strictly along the new alignment.  
Ground conditions exposed were verified by a senior geotechnical engineer during construction phase. 
 
Bridge abutments were designed using borehole data and the basalt profile obtained from the seismic 
survey. The Port Arthur abutment was designed based on the rock strengths and consideration of the 
plate nature of the basalt flows, as discussed in the geotechnical investigation report. The Sorell 
abutment was deemed to be founded on material that comprised floaters within a basaltic clay matrix. 
The foundation was designed using robust driven steel piles which could displace small to medium (up to 
1.0m diameter) floaters in the clay matrix and found on basalt. The designers allowed a contingency of 
potentially increasing pile numbers and amending the pile cap if the piles did not drive appropriately and if 
individual piles did not pull up in a consistent nature. No significant issues were encountered during 
construction. 
 
The pier foundation was designed using information obtained from the seismic survey.  The information 
was compared to the borehole data and the designers were able to obtain limited confidence that in the 
vicinity of the proposed pier pile cap, there was a sound rock base and that there were boulders in a 
loose silt matrix above the basalt layer.  Bored piles were considered however deemed high risk due to 
potential shifting boulders and blow in between boulders when the coring piece was withdrawn.  The 
designers concluded there was less potential risk using robust driven piles. The pile cap design was 
amended to facilitate issues of piles displacing during driving and/or stopping and contingency plans were 
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in place. The piles did not found at exactly the same level, but this was expected based on the 
information from the seismic survey.  Without the information obtained during the seismic survey, there 
would have been unacceptable risk to progress the pier design without additional geotechnical 
information. 
 

 
 
Figure 11.  Construction of the bridge looking towards Sorell (left), and looking towards Port Arthur (right) 
 
 
8.  CONCLUSION 
 
A seismic survey to investigate the ground competence for bridge foundation was carried out across Iron 
Creek, Tasmania.  Compatibility between the onshore and offshore data is demonstrated by comparing 
the data.  The refraction and MASW survey resulted in P-wave and S-wave velocity structures largely 
comparable, and represent the structure of the strength of the ground. 
 
The data provided valuable information across Iron Creek where borehole cannot be easily drilled.  The 
data were used in designing the second bridge over Iron Creek. 
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ABSTRACT 
 
A methodology introduced in 2013 (Barounis et al.) for estimating the coefficient of subgrade reaction 
for sands from Cone Penetration Test (CPT) data was applied for a liquefiable residential site in 
Christchurch. The data gathered from a site investigation comprising of four CPT’s and one borehole 
with Standard Penetration Test’s (SPT’s). The site consists of relatively uniform soil formations. The 
results from the CPT’s are compared with the SPT borehole results. The SPT results are analysed by 
using the methods proposed by Scott (1981) and Moayed and Janbaz (2011). The three methods are 
applied on different sizes of foundations: square footing, rectangular footing and strip footing. The 
results from the CPT methodology are presented and compared with the other two methods. The 
proposed method can be of use in foundation design after applying suitable conversion factors which 
are also presented. 
 
Keywords: Subgrade reaction coefficient, CPT, foundation, sand, SPT 
 
 

1 INTRODUCTION 
 
The earthquake activity in the Canterbury area, New Zealand, between September 2010 and June 
2011 resulted in extensive CPT investigations within the affected City of Christchurch. As Christchurch 
is currently under rebuild, there is a high demand both for strengthening of existing foundations and 
design of new foundations for schools, churches, residential, commercial and industrial properties in 
limited amount of time and budget (Opus International Consultants Ltd., 2010 – 2014). 
For these reasons, a rapid method for the estimation of the vertical subgrade reaction modulus k 
[N/m3] (others may use the terminology subgrade reaction coefficient) for sands from CPT data was 
introduced in 2013 by Barounis et al. The k obtained from CPT data will carry the symbol KCPT while 
the resulted subgrade reaction for a given foundation will carry the following symbols throughout this 
paper: 

 KFCPT for CPT data 
 KFSCOTT for SPT data 
 KFM&J for SPT data 

This paper presents the results of the proposed method applied at a liquefiable site in Papanui, 
Christchurch. The CPT results are compared with SPT results executed within a borehole at the same 
site. 
 
 

2 ADVANTAGES AND DISADVANTAGES OF THE PROPOSED METHOD 
 
The proposed method offers the following advantages over plate loading testing (Barounis et al., 
2013): 
1. Inexpensive 
2. Quicker 
3. No requirement for kentledge or reaction loads 
4. No dewatering of excavations 
5. Independence from plate load size effects 
6. Higher exerted pressure (up to 40MPa, nominal 100MPa) 
7. All soil types can be tested 
8. Testing at greater depths 
9. Influence of stress field at depth is reflected in the measurement  
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10. Testing to soil failure 
11. k versus depth is delineated 
12. Statistical analysis on obtained values 
13. A pair of (qc, δ) values for penetration between 1 and 2 centimetres gives 50 to 100 measurements 
per meter 
14. KCPT can be correlated with consistency of clays, Dr of sands, SPT N and soil behaviour 
15. Measured KCPT can be transformed to a reliable KFCPT 
16. May prove useful for liquefaction potential assessment. 
 
It also has the following disadvantages compared to plate loading testing and common laboratory tests 
(Barounis, 2013): 
1. CPT measures properties at soil failure; 
2. Plate load, unconfined and triaxial compression test and consolidation test measure properties 
within elastic range and/or at soil failure; 
3. KCPT is considerably higher than Kplate due to the smaller probe diameter used;  
4. Limited capacity to penetrate through hard soils or refuse on gravels may result in termination of the 
test with insufficient KCPT values. 
 

3 BACKGROUND THEORY 
 
During cone penetration, δ, the soil is initially compressed and then sheared to failure at a stress equal 
to the measured value of qc. The rate of cone penetration of two centimetres per second classifies this 
type of testing as strain controlled undrained in-situ testing, similarly to the laboratory triaxial UU test 
and unconfined compression test. For the case of cone penetration with δ=10 mm, each soil layer of 
thickness T can be perceived as a number of vertical springs 10 mm long connected in series like a 
chain (see Figure 2). Each soil spring is assumed having an ultimate vertical reaction coefficient value 
of KCPT, which is fully mobilized during cone penetration. The cone penetration test offers the ability to 
measure this ultimate reaction coefficient KCPT for the complete depth of the CPT profile as both qc and 
δ are measured.  
The mathematical definition for KCPT can be described by using a qc versus δ graph shown in Figure 1. 
The slope of the straight line connecting the origin of the axes and the value of qc is KCPT, defined as 
qc/δ and carries units of N/m3. This resembles elasto-plastic soil behaviour when loaded. 
At qc the soil fails, as this is proved during testing. At this failure point the soil is considered as 
behaving as a spring which has reached its ultimate stress limit. The duration of testing for 1cm of soil 
is between 0.5 to 1 seconds. A well maintained and calibrated CPT probe can let us assume with a lot 
of confidence that for each centimetre tested a straight line can be always drawn as shown in Figure 
1. 

 
Figure 1. Definition of KCPT by using a qc/δ graph for δ = 10 mm 
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Figure 2. Delineation of K from CPT with depth 

For foundation design the KCPT value needs to be scaled before it is used as the foundation size is 
several orders of magnitude greater than the diameter of the CPT probe used. The applicable scaling 
factor is discussed in the next paragraph. 
 

4 ESTIMATION PROCEDURE FOR KCPT AND KFCPT 
 
The KCPT and KFCPT can be estimated in five steps: 
Step 1: Calculation of KCPT 

KCPT = qc/δ                                                                 (1) 
where,  KCPT = coefficient of subgrade reaction from CPT [N/m3]  

qc = tip cone resistance measured at any depth [MPa] 
δ = cone penetration applied [mm] 

For δ = 10 mm and qc is in MPa then, 
 KCPT = 100qc [MN/m3]                                                        (2) 

 
Step 2: Transformation of KCPT to a reference 300 mm load plate value KCPT(0.3) 

KCPT(0.3) = KCPT x (DCPT/300)                                                    (3) 
where,  KCPT(0.3) = coefficient of subgrade reaction for a 300 mm load plate based on CPT 

measurements 
DCPT = the diameter of the cone used [mm] 
300 = the reference plate diameter [mm] 
KCPT = the subgrade reaction coefficient calculated according to step 1 depending on the 
penetration increment δ used [N/m3]. For DCPT = 35.7 mm, KCPT (0.3) is approximately 12% of 
KCPT (scaling factor of 0.119). 

 
Step 3: Conversion of KCPT(0.3) to KFCPT 

KFCPT = KCPT(0.3) x
.

.
)                                                           (4) 

where,  m = L/B (Bowles, 1997), applicable to strip, pad or raft foundations on medium dense sand. 

For the same types of foundations on sands of any relative density: 
KFCPT = KCPT(0.3) x ( )                                                           (5) 

where,  B1 = 0.3 m (reference plate width) and B = actual foundation width [m]. 
 
Step 4: Divide the estimated KFCPT by a conversion factor, CF to obtain the value for foundation 
design:  

KDESIGN = KFCPT/CF                                                              (6) 
The recommended CF values for sands is discussed in paragraph six. 
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5 APPLICATION OF THE METHOD AT A SITE IN CHRISTCHURCH 
 

5.1 Geotechnical site investigations 
The method was applied at a site on Paparoa Street, Christchurch at an existing residential building 
that suffered structural damage due to the recent Canterbury earthquakes. The property is situated 
3.7km northwest of Christchurch CBD.  
The geotechnical site investigations undertaken in 2014 included: 

 A sonic drilled borehole to a depth of 15m; SPT was undertaken at 1.5m depth intervals 
 Four CPT’s with pore pressure measurements to effective tip refusal (CPT01 is shown in 

Figure 2, qc and KCPT versus depth are shown). 
The conducted site investigations and testing is shown in Table 1. 
 
Table 1:  Conducted site investigations and testing 

Site investigation 
Investigation depth below 

ground level (m) 
Testing 

Borehole 01 (BH01) 15.0 
SPT with hammer efficiency 

Er = 90.7%1 

CPT 1 (1.5m away from BH01) 9.48 

Pore pressure 
measurements 

CPT 2 (20m away from BH01) 9.32 

CPT 3 (35m away from BH01) 9.58 

CPT 4 (45m away from BH01) 9.30 
1 Hammer efficiency determined from calibration certificate of the SPT hammer used. 

 
Figure 3: CPT01 and KCPT profiles versus depth 
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5.2 Ground conditions 
 
The published geology map of the area (Brown and Weeber, 1992) indicates the site is predominantly 
underlain with alluvial sand and silt overbank deposits (Yaldhurst Member of the Springston 
Formation). 
The typical ground profile of the site has been inferred based on the site investigations, and is shown 
in Table 2. Generally the site is underlain by very uniform stratigraphy in terms of soil formation and 
thickness.  
The variation of qc, soil behaviour type (SBT), depth and thickness between the four CPT’s undertaken 
is very small for the same layer. The results from the borehole correlate sufficiently with the CPT 
results and this allows to build a three dimensional ground model for the site with great confidence. 
The SPT ‘N’ values have been corrected as per the Ministry of Business, Innovation and Employment 
(MBIE) Guidance for Repairing and building houses affected by the Canterbury earthquakes, 
Appendix C3 (2012). 
The groundwater level was encountered from between 1.0m and 1.4m below ground level. 

Table 2:  Typical ground profile of the site 
Layer 

number 
Depth (m) Thickness 

(m) 
Soil description 

Average CPT 
qc (MPa) 

Average 
SPT N60 From To 

I 0.0 1.7 – 1.9 1.7 – 1.9 
Silty Sand (very loose 
to loose) and Sandy 

Silt (soft to firm) 
3.6 3 

II 1.7 – 1.9 2.4 – 2.5 0.6 – 0.7 
Clay and Silty Clay 

(soft to firm) 
0.9 - 

III 2.4 – 2.5 3.1 – 3.6 0.6 – 0.9 
Silty Sand (loose) and 

Sandy Silt (soft) 
1.9 4 

IV 3.1 – 3.6 6.0 – 7.2 2.5 – 4.1 
Clay and Silty Clay 

with organics (soft to 
firm) 

0.5 4 

V 6.0 – 7.2 6.6 – 7.8 0.5 – 1.3 
Silty Sand (loose) and 

Sandy Silt (soft) 
1.5 4 

VI 6.6 – 7.8 8.6 – 8.8 1.5-2.0 
Clay and Silty Clay 

(soft to firm) 
1.0 - 

VII 8.6-8.8 - – 
Sandy fine to coarse 
Gravel (dense to very 

dense) 
- 63 

 
5.3 Assessed foundation options 

A number of foundation options have been considered if a rebuild is proposed on the site. For 
demonstrating the proposed method, the following foundation sizes are assessed: 

 L = 1 m, B = 1 m, Df = 1 m, square foundation 
 L = 2 m, B = 1 m, Df = 1 m, rectangular foundation 
 L = 5 m, B = 1 m, Df = 1 m, strip foundation 

where, L=foundation length, B=foundation breadth and Df = foundation depth. 

The KFCPT results are dependent on the value of qc adopted. For this site an average value qcav is 
adopted for a depth of 2B below foundation level (i.e. 2 m below the foundation, between 1 m and 3 m 
depth below ground level). For determining qcav between these depths, values of qc corresponding only 
to sandy soils have been considered. A similar technique was applied for the average of SPT values 
N60av. The values for qcav and N60av are shown in Table 3. The values for KCPT and KCPT(0.3) are shown 
as well, with the latter to be equal approximately to 12% of the former as per equation 3 above. 

Table 3: Adopted values for qc and N60 for each CPT for sandy soils only for a depth of 2B below 
foundation 

CPT 
Range of CPT 

qc (MPa) 
Average CPT 

qcav (MPa) 
KCPT [MN/m3] 

KCPT(0.3) 

[MN/m3] 
Average SPT 

N60av 
1 1.94 to 3.24 2.89 289 34.4 3.95 
2 1.02 to 4.34 2.82 282 33.6 3.95 
3 1.45 to 4.50 3.42 342 40.7 3.95 
2 1.27 to 3.05 2.40 240 28.6 3.95 
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6 RESULTS AND DISCUSSION 
 
The results from the application of the proposed method are shown in Table 4. As the SPT and plate 
load tests load the tested soils within their elastic range, it is expected that they produce lower 
subgrade reaction values than the CPT. The plate load test is usually terminated when the tested soil 
exhibits 25 mm of measured settlement.  
Results from the methods by Scott (1981) and Moayed and Janbaz (2011), which are correlated with  
plate load test results, are also shown in Table 4. By comparing the results from all three methods, it is 
evident that the proposed method overestimates the subgrade reaction values as it is expected.  
 

Table 4: Results from the application of the proposed method and comparison with SPT methods

CPT 
No. 

Length 
L (m) 

Breadth 
B (m) 

Foundation 
depth Df (m) 

KFCPT from 
proposed 
method 
(MN/M3) 

KFSCOTT (MN/M3) 
(Scott,1981) 

KFM&J 

(MN/M3) 
(Moayed and 

Janbaz 2,2011) 
Eq.4 Eq.5 (a) (b) (c) (d)

1 1 1 1 34.4 14.5 

7.11 3.0 11.1 4.7 
2 1 1 1 33.6 14.2 
3 1 1 1 40.7 17.2 
4 1 1 1 28.6 12.1 
1 2 1 1 28.7 14.5 

5.9 3.0 9.3 4.7 
2 2 1 1 28.0 14.2 
3 2 1 1 33.9 17.2 
4 2 1 1 23.8 12.1 
1 5 1 1 25.2 14.5 

5.2 3.0 8.2 4.7 
2 5 1 1 24.6 14.2 
3 5 1 1 29.8 17.2 
4 5 1 1 20.9 12.1 

(a) Scott: KFSCOTT = 1.8 N60 x (m+0.5)/1.5m 
(b) Scott: KFSCOTT = 1.8 N60 x (B+B1)/2B 
(c) Moayed and Janbaz: KFM&J = 2.821 N60 x (m+0.5)/1.5m 
(d) Moayed and Janbaz: KFM&J = 2.821 N60 x (B+B1)/2B 

For comparing the CPT results with the results of the other two methods, the ratio of KCPT(0.3)/K0.3(Scott) 

and KCPT(0.3)/K0.3(M&J) was estimated. These ratios simply indicate how many times greater the CPT 
results are than the corresponding results from the other two methods. The average values obtained 
from each CPT for these ratios are shown in Table 5. 
 
Table 5: Results for the average ratios between CPT and SPT methods  

CPT No. 
Average 

KCPT(0.3)/K0.3(Scott) 
Average 

KCPT(0.3)/K0.3(M&J) 

1 5.2 3.3 
2 5.1 3.3 
3 5.9 3.7 
4 4.3 2.7 

Average 5.1 3.3 
 

From the results in Table 5 it is concluded that the proposed method produces 4.3 to 5.1 times higher 
K0.3 values than Scott’s method. This means that by dividing the KFCPT value by an average of 5.1, it 
becomes equal with KFSCOTT. Thus, the estimated KFCPT from step 3 in paragraph 4 has to be divided by 
a CF = 5.1 before using it for foundation design. 
It is also concluded that the proposed method produces 2.7 to 3.7 times higher K0.3 values than 
Moayed and Janbaz method. This means that by dividing the KFCPT value by an average of 3.3, it 
becomes equal with KFM&J. Thus, the estimated KFCPT from step 3 in paragraph 4 has to be divided by 
a CF = 3.3 before using it for foundation design. 
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7 CONCLUSION 
 
A method has been developed for facilitating a rapid estimation for the subgrade reaction coefficient of 
sands from CPT. The method was developed for the needs of the Christchurch rebuild and has been 
applied with caution for buildings that suffered structural damage as well as for new buildings.  
The results from this method are considerably higher than the results from well-established methods 
which rely on correlations with SPT’s and with plate load tests. The values produced from CPT are 
comparable and can be of application in foundation design after applying a scale factor and a factor of 
safety. Depending on the method someone wishes to adopt (Scott or Moayed and Janbaz) a CF = 5.1 
or CF = 3.3 should be applied, especially in the case that there are no available SPT data for use. 
The data were collected from a relatively uniform site in Christchurch consisting mainly of very loose to 
loose silty sands/sandy silts (N60 = 4). The method still needs to be proved that gives consistent values 
for the complete set of blows between 1 and 50.  
The proposed method can also be used for reducing site investigation costs and time consuming 
testing for structures of low to medium importance levels. 
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ABSTRACT 
 
Selection of upgraded stacker-reclaimers at a coal export terminal introduced concerns about the 
stability and serviceability limit states of the existing rail beams and embankment fill.  No performance 
issues had been experienced after 40 years since original construction, but only as-constructed 
drawings remained as evidence of the original design for the foundation system.  With limited physical 
access possible because of continuous facility operations, test pits and drillholes had to be carefully 
located and selection of appropriate and representative strength and stiffness parameters was largely 
based on correlations and assumptions.  Initial assessment concluded that the footing beams and 
supporting earthfill would have to be replaced with a stronger and stiffer foundation.  Further testing 
that included MASW profiling and deflection surveys under machine loading, together with 
re-consideration of some assumptions based on additional strength tests, confirmed that the existing 
foundation would be adequate.  This case history describes the upgrade dilemma, investigations 
undertaken, the range of outcomes obtained, and the uncertainties resulting from reliance on 
correlations and assumptions.  Reviews of in-service designs may lead to inadvertent chaining-
together of individually reasonable but cautious judgements and result in unrealistically conservative 
assumptions.  The outcome of the assessment demonstrated that visual-tactile observations and 
performance history can be as informative for engineering judgement as high quality testing and 
rigorous application of foundation theory. 
 
Keywords: eccentric loads, footing capacity, unsaturated strength, direct shear 
 
 
1 INTRODUCTION 
 
Coal export terminals have been developed on the Queensland coast progressively since the late-
1960’s.  The most recent expansion of exports occurred from the early 2000’s onwards.  At one of the 
largest terminals, expansion planning coincided with consideration of upgrading or replacement of 
existing stackers and reclaimers.  Over the 40-year service life of the terminal, significant revisions 
had been made of wind, wave, and storm-surge design actions.  The original machines and stockpile 
pads had performed well over this period, which included multiple impacts from cyclonic weather 
events. However, structural reviews had identified extreme load cases which exceeded the design 
standards that had been recorded on the as-constructed drawings, particularly for the preferred 
machine upgrade configuration. 
 
The terminal was located adjacent to the coastline immediately behind a rocky foreshore that included 
a highly variable depth of weathering of complex volcanic bedrock as well as patches of Holocene 
estuarine sediments and coastal sand dunes.  Original construction was designed and managed by a 
large multi-national contractor.  The fill platforms for the coal stockpile pads, and the embankments for 
the stacker and reclaimer tracks, were reputedly constructed using carefully specified fill materials and 
to a high standard with intensive supervision and oversight. 
 
The scope of upgrade works was critically dependent on the existing foundation system.  
Replacement or significant upgrading of the footings and foundations would incur very large additional 
costs and become a critical path item for the timely delivery of greater export throughput.  Under these 
circumstances the geotechnical performance of the existing foundation system required detailed 
evaluation. 
 
The existing stackers and reclaimers operate on heavy duty rails, and efficient operation is dependent 
on minimal deformations under operating serviceability conditions plus adequate resistance to 
extreme serviceability conditions including somewhat predictable storm events plus unpredictable 
machine impacts that were treated as extremely unlikely but potentially catastrophic.  The rail footings 
consisted of independent concrete footing beams for each rail, together with tie beams that provided 
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lateral force connection with minimal bending resistance. The foundation system comprised low 
compacted fill embankments to support both footing beams, together with a variable thickness of 
compacted fill over rock or pockets of natural soils.  Figure 1 shows the typical arrangement of the 
footing beams on the rail embankment, while Figure 2 shows the details of the existing rail position as 
well as the preferred position of the rail for the upgraded machine. 
 

 
Figure 1. Typical cross-section of footing beam embankment 

 

 
Figure 2. Cross-section detail showing existing and proposed rail positions on footing beam 

 
Over the operating life of the facility, minimal maintenance interventions had been required for the 
original footing and foundation system. In an adjacent area the stockpile pad and footing beam 
embankment fill had been extended during a previous expansion phase.  Thus the upgraded stacker 
reclaimer embankments comprised fill materials of different sources, different construction activities, 
and different loading ages.  Efficient operation of the facility requires unimpeded movement of the 
machines.  On one hand, the minimal maintenance intervention history had proven the success of the 
original and upgrade designs and construction standards.  On the other hand, access was very limited 
for the purposes of gathering key evidence for assessing the ultimate and serviceability limit states. 
 
 
2 SITE DESCRIPTION 
 
Permission to write this paper was provided on the condition that the owner and project location were 
not disclosed and the following description is provided in a manner consistent with that request.  Prior 
to original development the site comprised a rocky intertidal zone and a foreshore consisting of low 
sandhills and supratidal sand and mangrove flats.  Patchily exposed bedrock comprised a bedded and 
faulted sequence of intermediate and acid volcanics striking approximately north-south and dipping 
slightly towards the east. The distribution of surface and near-surface materials comprised a variable 
depth of penetration of extreme weathering along joints and faults, residual and old soil development 
associated with past ice-age sea level lowering, and modern intertidal and stranded estuarine infill 
sediments associated with Holocene sea level rise and a subsequent minor lowering. 
 
Fill materials for original site development were sourced from colluvium, residual soils, and extremely 
weathered rocks in quarries on nearby hillsides.  The coal stockpile pads were formed as low fills 
founded directly on natural materials after clearing and topsoil stripping.  The stacker reclaimer 

Cross-Section based on RLs at Chainage XXXX 

Broken line showing 
embankment edge from 
as-con drawing 

Detail see 
Figure 2 

Fill B 

Fill A

Fill C 
Fill C 

893



embankments were slightly higher, with the height differential ranging from 0.9m to about 1.5m 
depending on location with respect to the longitudinal and lateral crossfalls of the stockpile pads.  
Other than as-constructed drawings, no documentation of the original construction is now available.  
The drawings included details of the fill construction methods and compaction requirements, which 
were based on modified levels.  According to verbal accounts from informed eyewitnesses, original 
construction was closely supervised.  The finished works have performed to a high standard for over 
four decades. 
 
 
3 GEOTECHNICAL INVESTIGATIONS 
 
3.1 Original Field Investigations and Capacity Assessment 
 
Investigations were initially carried out by visual inspection and coring through the rail beams at a few 
locations.  Concrete cores including embedded reinforcement steel were subjected to a range of 
chemical tests to check for deterioration of the concrete through carbonation or sulphate attack and 
deterioration of the steel through chloride penetration.  The cores penetrated for some distance into 
the embankment (Fill A as marked on Figure 1) and recovered firmly adhered compacted gravelly clay 
fill of hard consistency that, according to verbal accounts, had to be “struck firmly” to detach from the 
concrete.  No testing was undertaken on these cores, but some shallow test pits were excavated at 
the embankment edge where bulk samples were recovered for grading, plasticity, compacted density, 
reconstituted shear strength, and 300mm diameter plate load tests.  Plate loading tests were carried 
out in shallow pits excavated in the embankment to the depth of the footing beam base.  About a 
decade previously, geotechnical investigations had been undertaken for the embankment extension 
area that included several boreholes and test pits with grading, plasticity, compacted density testing, 
and direct shear tests on recompacted, saturated embankment fill material. 
 
The critical capacity assessment questions that arose in this situation were the impacts of upgraded 
machine loads on: 

 bearing capacity of the embankment fill under the footing beam, including the effects of force 
eccentricities from the relocated rail centreline; 

 lateral stability of the supporting embankment; 

 deformation of the footing system under upgraded loadings. 
 
The modest scope of the investigations was possibly sufficient to understand the nature of the 
foundation materials, but required judgement based on correlations and experience to derive 
geotechnical strength and stiffness parameters.  Additionally, the boreholes and test pits provided 
guidance regarding the variation in depth of different foundation materials, but from site experience it 
was known that localised lateral variations in depth of weaker and softer alluvium were likely.  
Although there was no evidence that the embankment fill could ever become saturated, significant 
emphasis was placed on the worst-case shear strength parameters from the direct shear tests. 
 
Geophysical investigations were undertaken along the stacker reclaimer embankment alignments 
using the Multichannel Analysis of Surface Waves technique (MASW, Park et al. 1999) to provide a 
quasi-continuous longitudinal depth profile of shear wave velocity variations.  The MASW technique is 
capable of determining contrasts in material behaviour that can be associated with measured 
velocities, such as approximate stiffness distribution with location and depth.  Figure 3 shows an 
example of part of the MASW-derived stiffness profile below one of the embankments, showing a 
deeper zone of softer materials that had not been identified by the boreholes or test pits. 
 
The initial assessment of bearing capacity and embankment lateral stability was carried out for 
extreme load cases that involved large lateral force and machine overturning actions which were 
manifested at footing level as a reduced vertical force on one rail combined with an increased vertical 
force on the other rail.  The worst-case forces created an extreme eccentricity which was analysed as 
a triangular pressure distribution at the footing base.  Based on the lower bound strength from the 
direct shear tests, which was further reduced using engineering judgement to allow for possibly 
poorer-quality materials than those tested, the foundation bearing capacity was assessed to be 
inadequate.  Likewise, the lateral stability of the 1.5m high embankment batter was assessed to be in 
adequate.  Using an estimated concrete-fill interface strength that had been derived by applying a 
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widely-accepted rule of thumb to the direct shear test results, and ignoring the effects of embedment, 
the lateral sliding resistance of the footing beam was assessed to be inadequate. 
 

 
Figure 3. Example of Young’s Modulus interpreted from MASW profile of S-wave velocity along 

embankment centreline (data from geophysical sub-consultant’s report) 
 
Footing system stiffness profiles were assessed using lower-bound and upper bound estimates based 
on limited SPT testing as well as the MASW stiffness interpretations.  It was assumed that the 
maximum differential settlement was likely to be 75% of the maximum calculated settlement, in 
accordance with widely-accepted practice.  The serviceability limit state for differential settlement for 
loaded machines was assessed to be inadequate for the lower-bound stiffness and marginally 
acceptable for the upper-bound stiffness conditions. 
 
Based on these assessments, it was recommended that selective foundation stiffening be undertaken 
and that the existing rail beams and upper embankment be removed and replaced. 
 
3.2 Measurement of Deformation at Service Load Level 
 
The costs and project time requirements for foundation remediation works were of major concern to 
the owner, and all aspects of the initial investigations were reviewed.  An alternative and less 
conservative interpretation of the embankment fill strength, and a less conservative stiffness 
interpretation of the foundation zones, meant that the original embankments and rail beams could be 
retained and re-used. 
 

 
Figure 4. Example of precise level survey for stacker reclaimer rail under machine loading, with 

comparison to two-dimensional finite element analysis of deformation 
 
To assist in choosing between the two interpretations, a full-scale loading test was carried out by 
measuring the deformation of the footing system under machine load using a precise level survey.  In 
the context of limited sight distances resulting from the physical layout of the stockpiles and 
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embankments and the extent of the machine, the level survey was certified to an accuracy of ± 1mm.  
Maximum surveyed deflections were in the range of 3mm to 5mm, and in reasonable agreement with 
predictions of the less conservative stiffness assessment (Figure 4). 
 
3.3 Interpretation of Shakedown 
 
The two interpretations of footing foundation behaviour highlighted a fundamental interpretation 
dilemma which arises in pavement engineering but is not widely recognised in broader geotechnical 
practice.  Almost all foundation systems are subjected to cyclic loading during their service lives.  In 
some circumstances the cyclic loads cause repeated increments of plastic deformation, and a service 
life is reached where sufficient load cycles result in unacceptable levels of accumulated plastic 
deformation.  In other circumstances cyclic loads cause hysteretic deformation, but incremental 
inelastic deformations reduce progressively and a limit is reached where load cycles continue without 
limit and no further plastic deformation occurs.  The latter behaviour mode is termed shakedown. 
 
Analytical techniques have been developed for determining loading limits for shakedown response 
(Collins and Boulbibane, 2000; Yu, 2005).  It is not clear whether shakedown represents a purely 
elastic limiting stress state, or alternatively whether there remains a serviceability limit state where a 
fatigue limit is reached followed by an accelerated rate of plastic yielding.  An alternative premise 
forms the basis of mechanistic pavement design, where the elastic strain under a single application of 
a design load is used to calculate the number of design load cycles at which a deformation 
serviceability limit state will be reached (Austroads, 2012). 
 
The measured deformations and the 40-year operating history were both consistent with the 
interpretation of stable shakedown behaviour for the footing system. Predicted deformations for the 
upgraded loads with the widened rail spacings were very similar to the survey measurements, 
supporting the judgement that upgraded loads were likely to remain within the same shakedown limit. 
 
3.4 Interpretation of Direct Shear Tests 
 
While the most likely interpretation of the original direct shear tests satisfied the ultimate stability limit 
states, this was not the case for the lower-bound strength interpretation.  Table 1 shows the original 
test results and the contrasting interpretations of design parameters. 
 
Table 1: Original Saturated Direct Shear Test Data and Design Parameter Interpretations 

Parameter Peak Strength “Constant-Volume” Strength 
cp p ccv cv 

Test 1 48 37 26 39 
Test 2 44 38 8 33 
Test 3 55 36 0 40 
Test 4 43 34 21 38 
Mean 47.50 36.25 13.75 36.5 
apply 90% capacity reduction factor 42.75 32.63 12.38 32.85 
Design Strengths: 
Most Likely 

 
40 

 
33 

 
- 

 
- 

Lower Bound 
Required for Minimum FOS=1.5 

0 
10 

35 
35 

- - 

Soil/Concrete Interface Shear: 
Calculated (ci=0.5cp, i=67% tan) 
Design (ci,i) 

 
21 
0 

 
23.5 
18 

 
- 

 
- 

 
Several aspects of these interpretations are debatable.  Application of a capacity reduction factor 
appears reasonable but was a matter of judgement as there was insufficient data for a statistic 
treatment. Friction angles  were treated arithmetically, whereas arithmetic treatment of tan would be 
more consistent with soil mechanics principles.  Interface strength was based on considerations that 
may be found in many design texts (eg Bowles, 1977, Canadian Geotechnical Society, 2006). While 
the concept of a “constant volume” strength has some theoretical significance, the likelihood of 
achieving a truly “constant volume” condition in a single displacement of any direct shear apparatus is 
a conjecture.  The minimum shear strength parameters for a computed Factor of Safety (FOS) of 1.50 
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against loaded embankment slope instability were obtained for potential circular arc mechanisms with 
the rail loads applied as equivalent uniform pressures at the footing base. 
 
Most significantly, all of the tests were saturated and displayed a significant cohesive strength 
parameter. In practice, it would be practically impossible for the embankment fill to become saturated.  
In the unsaturated state, matric suction would be expected to contribute additional strength that would 
most likely be measured as an increased cohesive strength parameter. The process whereby the 
cohesive component of strength could be eliminated was difficult to envisage in practice but was 
justified as an appropriate precaution by reference to design practices for compacted earthfill dams. 
 
 
4 ADDITIONAL INVESTIGATIONS 
 
An opportunity to obtain additional strength data arose when further investigations were commissioned 
for a section of the stacker reclaimed embankment that had not been tested originally due to access 
restrictions. The scope of these investigations included boreholes with SPT and near-surface dynamic 
cone penetrometer profiles, insitu density testing at footing base level and 300mm below base level 
adjacent to the footing beam, plate loading tests at footing base level, together with laboratory index, 
compaction, and direct shear tests. 
 
Specification of the revised direct shear tests on recompacted fill material was particularly critical.  
Disturbed sampling was unavoidable, but the revised tests were undertaken at the density and water 
content measured in the field, rather than at a nominal condition derived from the standard optimum 
dry density and water content from a compaction test. Unlike the original tests, the revised tests were 
undertaken in the unsaturated condition.  Interface direct shear tests were also carried out using a split 
specimen comprising one half of compacted fill and the other half of saw-cut concrete block cores. 
 
The SPT N values provided indirect evidence of a foundation strength and stiffness profile equivalent 
to the most likely interpretations from the original investigation.  The plate load tests also confirmed 
that the most likely rather than lower bound stiffness parameters applied to the approximately 1m 
depth increment of the fill that was loaded by the plates. 
 
Table 2 shows the shear strength parameters obtained both for soil/soil and soil/concrete direct shear 
tests.  Samples were obtained from depth ranges equivalent to the footing base (0.46m) and 300mm 
below footing base. The range of tests that could be undertaken depended on the quantity of material 
that could be recovered, which varied with depth and location. 
 
Table 2: Additional Unsaturated Direct Shear Test Data and Design Parameter Interpretations 

Parameter Soil/Soil Soil/Concrete 
cp p cp p 

BH1        0.50m – 0.65m 
              0.80m – 0.90m 

79 
- 

30.5 
- 

70 
50 

33 
22 

BH2        0.80m – 0.90m 90 25 - - 
BH3        0.50m – 0.65m 85 18 50 17 
BH4        0.80m – 0.90m 100 32 55 29.5 
Mean 88 26.6 56 25.7 
apply 90% capacity reduction factor 80 24.3 51 23.4 
Design Strengths: Most Likely 80 24 50 20 

 
The design strengths derived from the additional tests were significantly higher in the context of the 
relatively low embankment heights for the rail beam foundation system. In particular, the much higher 
values of cohesive strength component and the somewhat lower values of frictional component were 
consistent with expectations of a total stress strength envelope for an unsaturated dense clayey sandy 
gravel. 
 
 
5 UPDATED FOOTING PERFORMANCE 
 
A 2D finite element analysis was carried out using the most likely stiffness parameters from the 
original assessment (and confirmed from the additional testing) and the most likely design strengths 
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from the additional testing. The strength reduction factor (SRF) technique as implemented in the 
PHASE2 code (RocScience, 2014) was used to identify the critical deformation path for the ultimate 
collapse limit state for one of the extreme load cases.  The equivalent line loads on the rails were 
applied as inclined forces to the upgraded rail locations, with the interfaces between the concrete 
footing beam and the embankment fill were modelled as joints. 
 
 

 
Figure 5. Finite element analysis of footing beam showing total displacement pattern under the 

unfactored critical load with a displacement of 80mm at the beam edge 
 
The total displacement pattern under the more heavily loaded of the two rails is illustrated in Figure 5, 
with a maximum displacement of 80mm at the beam edge.  The embankment fill, and particularly the 
fill below and to the outside of the footing base, remained in a compressive and unyielded state.  
 
 

 
Figure 6. Finite element analysis of footing beam showing mobilised strength factors under the 

unfactored critical load with a range of typically 2.1 to 2.6 for a potential sliding surface 
 
The mobilised strength factor is defined in PHASE2 as the ratio of the stress state at any point to the 
yield stress state for the stress path at the same point.  Figure 6 shows the distribution of strength 
factors for the more heavily loaded of the two rails, with computed strength factors in the range 
typically of 2.1 to 2.6.  The SRF calculation was based on maximum shear strain, with a minimum 
computed SRF = 2.13. 
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In the original ultimate limit state assessment, shear strength parameters required for a minimum 
acceptable FOS = 1.50 for stability of the embankment slope were calculated as listed in Table 1.  By 
comparison with the most likely design strengths of Table 2, and for a very low slope where the 
cohesive strength component would dominate calculations, the expected minimum FOS for the slope 
would be well in excess of 2.  In order to apply the rail loads realistically within a limit equilibrium 
stability analysis, the normal and shear stresses computed from the PHASE2 analysis were applied as 
an approximated set of inclined pressures at the footing base.  Critical FOS values in excess of 4.0 
were calculated, which are not regarded as meaningful and not illustrated here. 
 
 
6 CONCLUSIONS 
 
The initial assessment of inadequate capacity for both ultimate load and serviceability limit states 
arose because of a number of conservative judgements regarding the interpretation and significance 
of relatively few direct shear tests on recompacted embankment fill.  Initial test were undertaken on 
saturated specimens whereas the saturated condition was practically impossible for the site.  Up to 
40 years of operating experience indicated that the existing stacker reclaimer loads were effectively 
within the shakedown limit for the foundation system.  Excessive application of conservative 
reductions to shear strength parameters, together with a reliance on over-simplified footing bearing 
capacity and limit equilibrium stability calculations, resulted in an assessment that was extremely 
conservative.  Under the circumstances, intervention to upgrade the strength and stiffness of the 
footing system would be expensive and create project delays. 
 
The additional assessment was based on more realistic measurements of unsaturated shear strength 
in the full recognition that the unsaturated state could be relied upon for the future design life of the 
facility.  Under these circumstances the serviceability limit state was more critical for the design of the 
upgraded footing system.  With the availability of deformation modelling tools, it was possible to take 
into account the revised eccentric loading of the footing beam without excessive reliance on 
simplifications or over-conservative strength capacity reductions. 
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ABSTRACT 
 
The seismic assessment of existing buildings is an expanding area of structural engineering practice 
in response to increasing statutory and commercial pressures on building owners. In the past an 
assessment has predominantly been undertaken by structural engineer with limited input by 
geotechnical engineer. As the awareness of the potential influence of ground behaviour and geo-
hazards on building performance grows, the need for more geotechnical inputs and Soil-Structure 
Interaction (SSI) consideration have been recognised.  This paper explores the necessary interaction 
between geotechnical and structural engineering disciplines in the seismic assessment of buildings, 
with emphasis on the appropriate timing and form of inputs required from the geotechnical engineer. A 
number of geotechnical/foundation “failure” mechanisms are discussed, in particular those that have 
the potential to result in a behavioural step-change and the consequence for building seismic 
performance.  
 
Keywords: Seismic assessment, soil-structure interaction, performance-based earthquake 
engineering, existing buildings, foundation behaviour 
 
 

1 INTRODUCTION 
 
The performance of a building during an earthquake is, in varying proportions, influenced by both its 
structure and the supporting ground. However, strategies which consider both aspects in the 
assessment of buildings for life safety are not very well-established in New Zealand practice, with 
many assessments undertaken without sufficient consideration of the underlying and surrounding 
soils, beyond the often cursory assessment of the site soil class. This approach has the potential to 
result in solutions that range from overly conservative to potentially unsafe (e.g. Cubrinovski and 
McCahon, 2011; Mylonakis and Gazetas, 2000).  
 
This paper builds on Clayton et al. (2014) by exploring the timing and form of geotechnical information 
necessary as part of an integrated seismic assessment approach. It builds on the fundamental 
concept is the identification of potential ‘step changes’ in geotechnical behaviour and consideration of 
the consequences of this behaviour to the building performance in terms of life-safety. 
 
 

2 SOIL STRUCTURE INTERACTION  
 
In a similar manner for both structures and soils, behaviour may range from ductile to brittle. Some 
structures are highly ductile, others e.g. unreinforced masonry have brittle failure mechanisms. Many 
soils are capable of plastic behaviour at strains significantly beyond their defined ‘failure’ point 
conventionally assumed in design, while others may be subject to a ‘step change’ in their behaviour at 
'failure due to mechanisms such as liquefaction or slope instability.  
 
In practical terms this means that while the ultimate behaviour of a building is influenced by both 
structures and soils, their relative importance may vary widely. Some buildings are vulnerable for 
primarily structural reasons, some primarily for geotechnical, and others a mixed interactive behaviour. 
The challenge is identifying which and focusing our efforts appropriately.  
 
 
 

3 PROPOSED COLLABORATIVE APPROACH  
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In the conventional approach, geotechnical engineers would be provided a brief or scope of work, 
often defined by the structural engineer and the client.  In the proposed assessment approach, it is 
expected that the communication between the structural and geotechnical engineers would occur in 
early stages of the assessment to collaboratively identify potential step-change behavior in the 
structure, foundation or soil, and thus assist in defining the scope of seismic assessment. In some 
cases the geotechnical engineer’s scope might be limited to confirming the site class, in others may 
require more assessment work than the structural engineer. This approach may not necessarily lead 
to extra geotechnical assessment costs as the need of physical investigation and detailed analysis will 
be more targeted.  
 
As part of this process geotechnical engineers are expected to be able to assist in the understanding 
the overall soil-structure system behavior, including making judgment of the geotechnical behavior, 
rather than simply providing design/assessment parameters. Some existing guidelines such as ASCE-
41 (2013) Chapter 8 and EAG’s Detailed Engineering Evaluation (DEE, 2011) guidelines provide 
guidance to geotechnical/structural engineers to make those engineering judgments when dealing with 
existing structures.  
 
Flow charts (Figure 1 and Figure 2) have been developed to illustrate how a collaborative approach to 
seismic assessment may proceed.  
 
3.1 Initial Seismic Assessment (ISA) Stage 
 
In New Zealand, the first stage of the seismic assessment would be an ISA (Initial Seismic 
Assessment), a coarse evaluation generally undertaken by structural engineers generally involving 
only readily available desktop resources. The NZSEE (New Zealand Society for Earthquake 
Engineering) Seismic Assessment Guideline (2006, 2014) promotes the use of an attribute-based 
qualitative tool called the IEP (Initial Evaluation Procedure) during an ISA to screen and identify key 
aspects of the building that would affect its seismic performance.  
 
As part of the IEP, site and geotechnical characteristics that may lead to heightened life-safety risks to 
building occupants in an earthquake (e.g. fault movement splitting building apart) would be identified 
and the seismic rating down-rated appropriately. The inputs to the IEP are expected to draw on 
readily-available desktop resources such as regional hazards report, Council GIS systems and 
published literature (e.g. Liquefaction Hazard, Slope Instability Potential and Site Seismic Zoning 
Maps). Where such resources are unavailable for the site, it may be necessary for the structural 
engineer to seek a geotechnical engineer’s input to make appropriately conservative assessment of 
the site effects. The geotechnical inputs, along with other considerations within the IEP, would then 
assist the structural engineer making the necessary judgment of the ISA seismic rating.  
 
3.2 Detailed Seismic Assessment (DSA) Phase 
 
A Detailed Seismic Assessment (DSA) is expected to follow the ISA for those buildings identified as 
potentially earthquake-prone buildings in terms of the provisions of the New Zealand Building Act 
2004, or where higher minimum resilience levels are required. Such requirements might include pre-
purchase due diligence, tenancy/leasing agreement, confirming the earthquake-prone status prior to 
the design of seismic retrofit works. 
 
We suggest that the DSA should commence with an integrated structural and geotechnical discussion 
where the engineers review the findings of ISA and work together to identify potential geotechnical 
hazards, the expected SSI response mechanism and the level of sensitivity of the structure to the 
foundation behaviour. Screening for the potential for an abrupt behavioural step-change in the soil-
structure system is seen as a key step in the assessment. 
 
In Clayton et al. (2014), an integrated structural and geotechnical assessment approach is proposed 
for the detailed seismic assessment of existing buildings (Figure 4, page 6). Figure 2 provides a more 
detailed breakdown of how the appropriate timing and form of inputs from the geotechnical engineer 
into the assessment process. 
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Figure 1. Geotechnical Inputs to the Initial Seismic Assessment (ISA) phase.  

 
3.3 Multi-disciplinary natural hazards assessment  
 
While the consideration of hazards external to a particular site is not explicitly covered in the New 
Zealand Building Act and the associated Earthquake-Prone Buildings policy it may be appropriate to 
flag any external hazards that are identified during the detailed assessment (e.g. Tsunami Risk).  For 
some high risk/importance structure (e.g.dams and key lifelines) and clients (e.g. critical facility 
operators and hospital boards) a multi-disciplinary natural hazard assessment can be considered. 
 
We envisage this multi-disciplinary natural hazards assessment requires an even broader approach 
compared to those proposed herein, covering natural hazards such as tsunami, volcano, climate 
change, flooding etc. The fundamentals of collaborative approach proposed in this paper in early 
identification of hazard, risk and consequence (to life safety or any other performance objectives) can 
be adopted for the multi-disciplinary natural hazards assessment. The coverage of this important topic 
is beyond the scope of this paper.  
 

4 CHALLLENGES TO A COLLABORATIVE APPROACH 
 
In order for this process to be effective a collaborative approach is required between the structural and 
geotechnical engineer. There are however, a number of challenges to be overcome. 
 
4.1 Differences in perception 
 
Differences in perception between structural and geotechnical engineers arise from methods of 
technical assessment and the treatment of uncertainties (CERC Vol. 1, 2012). It is also acknowledged 
that structural and geotechnical engineers may possibly have a different perspective of the same 
physical reality as illustrated below in Figure 3. 
 

Table IEP-1

Table IEP-2

Table IEP-3

Table IEP-4

Collect and record building and site 
data
Including structural drawings, visual inspection, 
geotechnical and regional hazard reports (if any)

Calculate baseline seismic score 
assuming no critical weakness.
Consider location, soil class, seismic hazard, 
building vintage, building type, ductility, 
importance level and strengthening (if any)

Identify critical structural weakness 
and site/geotechnical issues
Consider a range of structural critical weaknesses 
(e.g. irregularity, pounding, non-ductile columns, 
lack of diaphragm, poor foundation) and site 
issues (liquefaction potential, step-change 
geotechnical behaviour)

Determine IEP seismic rating 
IEP seismic rating is calculated by multiplying  
factors to baseline score. Holistic judgement and 
review are fundamental.

Site soil class
Rely on local knowledge, 
available geotechnical 
reports/data, site class maps, 
geologic maps, judgement

Site and geo-hazards & 
step-change behaviour
Rely on structural-geotechnical 
discussion, local knowledge, 
regional hazard maps, available 
geotechnical report / data, 
liquefaction maps

Flag further investigation
For site and geotechnical issues 
that can significantly affect life 
safety risk

Geotechnical inputs

Initial Evaluation Procedure Process (as per NZSEE 2014 guidelines)

Sources of info
Provide advice on source of 
information
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Figure 2. Geotechnical Inputs to the Detailed Seismic Assessment (DSA) phase. 

  

Integrated Detailed Seismic Assessment - Geotechnical Inputs & Considerations 

Joint structural and geotechnical review
• Review findings of IEP and available data
• Identify potential geotechnical hazards 
• Discuss expected SSI response mechanism and 

identify step-change behaviour (if any)
• Agree on the level of sensitivity of the structure 

to the foundation/soil behaviour
• Agree on scope of geotechnical inputs and 

investigation strategy

Inputs
• IEP report and available structural, 

foundation, geotechnical data
• Judgement/experience and Good 

understanding of seismic behaviour 
of buildings / ground

Level of Geotechnical Inputs / Scope 
• No further input
• Confirm soil class & geo-hazard identified in ISA
• Identify and (dis) qualify potential of step-

change behaviour
• Provide inputs on foundation-soil response for 

soil-structural / foundation flexibility modelling
• Provide upper/lower bound geotechnical 

demands from analysis e.g. max differential 
settlement

• Detailed geotechnical assessment and site 
investigations 

Inputs  & Inputs Required
• Desktop study / research
• Historical geotechnical data / 

reports
• Walkover inspection
• Site investigation - (S)CPT/(S)DMT, 

machine boreholes, 
• Geophysical methods 

(downhole/crosshole VS, SPAC, 
ReMi etc)

Refine seismic site soil class 
To NZS1170.5 - based on a)  measured / correlated shear velocity profile with 
depth and b) depth to rock base on boreholes data and geophysical testing

Identify and (dis) qualify potential of step-change behaviour
• Detailed analysis on specific step-change behaviour e.g. liquefaction and 

lateral spread potential and stability of building platform. Refer Table 2 for 
‘step-change’ behaviour checklist

• Analyse to range of shaking levels to define hierarchy
• Bounded analysis to test sensitivity of inputs parameters
• Provide the range of ‘consequences’ of the step-change behaviour for overall  

building assessment  

Foundation soil response  for SSI analysis
• Correlate in-situ tests (SPT N, qc) and/or presumed soil properties
• Generate p-y curves based on assumed/tested soil properties
• Sensitivity analyses

Detailed Site Investigation
• To gather further inputs and data for detailed analysis. Refer to previous 

Figure for “Inputs required”.
• Undertake qualitative review of investigation results to confirm assumptions 

related to potential step-change behaviour

903



Our view is that these differences in perception will be readily reconciled through the process of 
collaboration, commencing with the proposed joint structural and geotechnical review and scoping 
session, undertaken as early as possible in the assessment process. 
 

 
Figure 3: Different perspective of the same physical reality (amended from S. Grange, 2013). 
 
4.2 Absence of published guidance for geotechnical seismic assessment  
 
The New Zealand Society for Earthquake Engineering (NZSEE)’s current seismic assessment 
guideline (2006) contains no specific recommendation for geotechnical seismic assessment, except 
that confirmation should be sought that the foundations are capable of developing the strength of the 
superstructure.  
 
The next revision of the NZSEE guideline (currently under preparation) will provide further guidance 
on how geotechnical seismic assessment can be integrated with the structural assessment. Until 
further guidance is available ASCE 41-13 Chapter 8 provides some useful guidance to the structural 
and geotechnical Engineer. 
 
ASCE-41-13 generally recognises that the acceptability of the behaviour of the soil and foundation 
system depends primarily on its effect of the deformation on the structure, which in turn depends on 
the desired Structural Performance Level. As such, the “failure” of the ground may not necessary 
‘govern’ behaviour.   
 
4.3 Definition of performance objectives 
 
In New Zealand, NZS 1170 sets out the required seismic performance of building structures with 
guidance provided on loading, structural performance requirements, building form and the definition of 
failure. Unfortunately many of the criteria set out in this structural loading standard do not readily 
convert into geotechnical design/assessment.  
 
This can lead to confusion and a mismatch between assumed performance objectives between the 
different disciplines. A discussion on performance objectives is recommended as part of the initial joint 
discussion. It is also envisioned that the NZSEE revised guideline will also provide some further 
guidance on the performance objectives for the assessment of geotechnical-foundation components.  
 
4.4 Approach to displacement-based assessment 
 
Structural seismic design of buildings utilises ductility where appropriate, explicitly considering 
controlled yielding of structural elements.  In geotechnical engineering, with the exception of sliding 
block methods for slope stability, analysis tends to be strength based with acceptable displacements 
implicitly (rather than explicitly) considered in the selected safety factor/strength reduction factor. 
Displacement based design approaches, considering the potential for ductile behaviour for loads 
beyond the calculated ultimate capacity, are potentially applicable to many soils. Noting that as part of 
the initial assessment of the potential for step change behaviour, the sensitivity of the foundation soil 
should be considered.  
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4.5 Levels of uncertainty in material properties 
 
The levels of uncertainty in natural soil properties are invariably higher than that of man-made building 
materials.  Typical foundation material strength and stiffness (when investigation has been 
undertaken) potentially range over one or more orders of magnitude, while building materials are likely 
to vary significantly less. Where site investigation is not undertaken or limited information is available, 
uncertainty in foundation material strength and stiffness may be significantly more. ASCE 41-13 
Chapter 8 provides some useful guidance on the accommodation of uncertainty in soil properties in 
design. A key consideration is that both upper and lower bound soil properties may govern a building 
design, with lower foundation stiffness typically resulting in higher displacements and higher 
foundation stiffness resulting in higher loads. Consequently a likely range of soil strengths is more 
desirable than a single, conservatively weak/soft value.  
 
4.6 Budget limitations 
 
We recognise that there is often a constrained budget available for seismic assessment of existing 
buildings and consulting a geotechnical engineer will generally be seen to increase overall costs. 
However, in our view, the savings on the initial phases of a seismic assessment can be a false 
economy as early spending on a collaborative assessment may lead to an overall reduction in 
assessment work, strengthening requirements and potential delays to the project at latter stages. 
 
 

5 FOUNDATION SOIL RESPONSE 
 
While non-linearity in foundation or ground response may not be desirable in new structure design, as 
it is very difficult and costly to repair these elements, non-linear behaviour can be acceptable when 
considering building performance from a life-safety view. In fact non-linear behaviour of sub-structure 
elements may be an acceptable mechanism to achieve energy dissipation in an existing building. On 
this basis allowable deflections in the assessment of an existing structure may be significantly higher 
than that acceptable for a new build. Sufficiently detailed briefing and/or discussions between the 
structural and geotechnical engineer should occur to ensure that performance objectives are aligned.  
 
5.1 Soil parameters 
 
In strength based design it is appropriate to adopt a conservative interpretation of geotechnical 
parameters in defining a soil property. However, when undertaking displacement based assessment a 
“probable behaviour” mind set in conjunction with a likely range may be more appropriate. Figure 4 
presents extracts from ASCE 41-13 which illustrate the use of upper/lower bound soil response and 
displacement dependant response. 
 
The approach adopted in the ASCE 41-13 Chapter 8 clarifying the concept of geotechnical “failure” 
being where seismic demand exceeds (displacement) capacity is recommended for consideration. 
 

  
Figure 4: left) Range of Soil Response to Reflect Uncertainty; right) Ductile Soil Response Mechanism 
(Figures from ASCE-41, 2014) 
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6 STEP CHANGE BEHAVIOUR 
 
The term ‘Step Change’ is commonly defined as “a sudden, discontinuous change”. We coined this 
term in Clayton et.al (2014) to describe behaviour which results in a disproportionate increase in 
deflection or load with an increase in seismic loading. This concept is important in seismic 
assessment, as a step change in geotechnical behaviour may readily result in a step change in the 
soil-structural system behaviour i.e. a change to brittle from ductile response.  
 
Consider two example structures supported on shallow foundations, both structures exceed their 
calculated bearing capacity at around 50% ULS seismic acceleration: 
 

 Building A is founded on a soil which exhibits (in structural terms) ductile behaviour. While 
foundation bearing capacity ‘failure’ may occur, controlled yielding, damping and tolerable 
displacements allow the superstructure to perform adequately at shaking levels up to ULS.  
 

 Building B is founded on a sensitive soil which exhibits (in structural terms) brittle behaviour.  
When foundation bearing capacity ‘failure’ occurs, the soil losses significant strength (without 
or, perhaps more commonly, with liquefaction) leading to uncontrolled vertical settlement and 
lateral movement of the building. This may lead to a brittle failure of the superstructure and 
hence collapse of the building.  

 
In a simplistic but rational manner, the soil-structure system response mechanisms can be categorised 
into two broad categories in terms of response under seismic shaking as described in the following 
sections: 
 
6.1 “Ductile” SSI Response 
 
This is characterised by a ground or foundation “failure” mechanism that is relatively ductile where the 
lateral load carrying capacity of the overall soil-structure system is maintained while undergoing 
substantial lateral / plastic deformation. It is noted that ‘ductile’ soil-structural integrated design is not 
unusual as part of the performance- and displacement-based seismic design of new foundation (e.g. 
Wotherspoon et al, 2004; Blandon et.al., 2012).  
 
ASCE-41 (2006) assumes the foundation soils are generally not susceptible to significant strength loss 
due to earthquake loading, unless they degrade significantly in stiffness and strength under cyclic 
loading. An elasto-plastic load-displacement capacity curve is allowed for most ground conditions.  
 
6.2 “Brittle” SSI Response 
 
This is characterised by ground or foundation “failure” mechanism that is relatively brittle where the 
load carrying capacity of the overall soil-structure system is ‘lost’ at relatively low lateral / plastic 
deformation. The brittle SSI mechanism may be from some geotechnical mechanisms such as slope 
instability or liquefaction, leading to significant deflection / force demand to the system, resulting in 
brittle structural response.  
 
It can be expected that a brittle behaviour may lead to significant lateral displacement/rotation of the 
soil-structure system, leading to overall instability or structural collapse.  
 
6.3 Identification and Assessment of Step-Change Geotechnical Behavior 
 
In our previous paper (Clayton et al., 2014), we provided a preliminary checklist of potential “brittle” 
SSI mechanisms to assist the initial soil-structure interaction (SSI) assessment. Interested readers are 
referred to the Table 2 in Clayton et al (2014).  Seven potential step-change geotechnical behaviours 
are considered within three broad categories: 
 

 Instability: Seismically Induced Slope Instability potentially comprising under slips or over 
slips 

 Ground: Liquefaction/Cyclic Softening/Lateral Spreading 
 Site Geological Hazard: Such as Fault rupture 
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7 CONCLUSIONS 

 
In recognition of the limitations in the commonly applied approach of procuring and incorporating 
geotechnical inputs into seismic assessment projects, we have proposed an integrated seismic 
assessment framework where the structural and geotechnical engineers work collaboratively to 
identify the potential for undesirable ‘step change’ geotechnical behaviour and to determine the 
appropriate level of geotechnical investigation and SSI analysis required. 
 
We recognise several key opportunities that would allow a more collaborative and cost-effective 
integrated seismic assessment: 
 

 Availability of ‘community-based’ shared geotechnical data such as the Canterbury 
Geotechnical Database (Project Orbit), funded by a centralised agency such as the central 
and local governments, will reduce the cost for more detailed geotechnical assessment. This 
type of regional/city based database should be promoted such that available resource can be 
focused on understanding the seismic behaviour and its life safety risk. 
 

 Displacement-based geotechnical design parameters and analysis appear promising in 
providing an avenue for geotechnical assessment, in recognition that a geotechnical “failure” 
may not necessarily lead to an adverse soil structure system response and building collapse.  
 

 Multi-disciplinary natural hazards assessment may be integrated within the seismic 
assessment risk assessment framework.  
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ABSTRACT 
 
Despite its importance to mine planning, very few coal mine operators routinely and accurately 
measure the net bulking of spoil from their mines. With increasing environmental restrictions and 
space constraints being imposed on mine sites, a better understanding of the net bulking of spoil is 
important, as it affects volume storage requirements both in-pit and, more importantly, out-of-pit. 
Laboratory compression tests have been undertaken on scalped (to a given maximum size to allow 
testing) spoil specimens to estimate the self-weight and collapse settlement of coal mine spoil. 
Degradation testing was carried out by exposing scalped spoil to the weather and monitoring its 
degradation and settlement. The results of these tests were used as input into a predictive tool for 
estimating the net bulking of coal mine spoil. This paper focuses on the laboratory testing program of 
two spoil types, representing the range from uncemented to cemented coal mine spoil, and presents 
an estimate of their net bulking based on the predictive tool. 
 
Keywords: bulking factor, coal mine spoil, collapse settlement, degradation, self-weight settlement. 
 
 
1 INTRODUCTION 
 
The net bulking of coal mine spoil is the ratio of spoil volume in place compared to that of the 
overburden in situ and is derived from its initial bulking and subsequent settlement under self-weight 
loading, collapse on wetting-up and material degradation. With coal mine pits in Eastern Australia 
projected to reach depths of as much as 500 m, and associated spoil piles heights of up to 600 m, 
accurate estimation of the net bulking of the spoil becomes increasingly important as it directly affects 
volume storage requirements and thus the economics of deep open pit coal mining. Bulking factors 
depend on the excavation methods employed and the open pit geometry (and associated spoil pile 
heights), but are mainly influenced by overburden geology, spoil pile height and climate. Williams 
(2012) found that fresh, durable rock is likely to bulk more on excavation and to settle and flatten less 
than more soil-like spoil types. Bulking factors typically range from 1.00 to 1.40 (based on data from 
Ofoegbu et al. 2008) for open pit mining. Miekle and Fincham (1999) suggested values of 1.15 to 1.25 
for shale and 1.25 to 1.40 for sandstone overburden. Heit (2011) reported an average bulking factor of 
1.11 (ranging from 1.01 to 1.98) for the Callide Open Cut Coal Mine (Anglo American) in the Callide 
Basin of Central Queensland, Australia, while values of 1.10 to 1.25 are typical for the Bowen Basin 
further north in Central Queensland (BMA, 2008; BMA, 2009). 
 
 
2 LABORATORY TESTING METHODOLOGY AND RESULTS 
 
The research on which this paper is based was funded through Australian Coal Association Research 
Program (ACARP) Project C19022 on bulking and subsequent settlement and geotechnical stability of 
high coal mine spoil piles. Several mine sites were visited: Jeebropilly (New Hope Coal) in the Ipswich 
Coalfields of South-East Queensland, and Mt Owen (Xstrata), Mt Arthur (BHP Billiton) and Hunter 
Valley Operations (Rio Tinto) in the Hunter Valley Coalfields of New South Wales. During the site 
visits, the spoiling methods were observed, and representative samples of the spoil materials were 
collected for laboratory testing. Of the 18 different spoil types that were identified, two spoil types were 
given particular attention as they represented the range from weakly-cemented (prone to breaking 
down) to cemented (durable) coal mine spoil. These spoil materials were Jeebropilly weathered rock 
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that was observed to pond rainfall, disperse and degrade on wetting and drying, and fresh Mt Arthur 
sandstone which has proven to be durable, as evidenced by its use in drains. 
2.1 Spoil Sampling 
 
It is necessary for spoil material to be scalped to obtain smaller particle sizes for laboratory testing. 
The sampling procedure is detailed in Williams (2012) and involved the passing of the spoil materials 
through a 19 mm sieve, and weighing the +19 mm and -19 mm fractions. The unscalped spoil 
materials were photographed for estimation of their particle size distribution using the method outlined 
in Kho and Williams (2012). The -19 mm scalped samples were collected for subsequent laboratory 
testing. 
 
2.2 Characterisation Testing 
 
A range of laboratory characterisation tests was undertaken on scalped spoil samples, generally in 
accordance with AS 1289. The range of tests undertaken and a summary of the results are presented 
in Table 1. The detailed testing methodology was reported in Williams (2012). 
 
Table 1: Results of laboratory characterisation testing of scalped spoil samples 
Spoil Material Grav. 

Moisture 
Content 
(%) 

Liquid 
Limit 
(%) 

Plastic 
Limit 
(%) 

Plasticity 
Index 
(%) 

Specific 
Gravity 

Max. 
Dry 
Density 
(t/m3) 

Optimum 
Moisture 
Content 
(%) 

Slake 
Durability 
Index (%)*

Jeebropilly 
weathered rock 

15 71 21 50 2.60 1.52 19 64 

Mt Arthur 
sandstone 

3 26 23 4 2.79 1.96 12 91 

*Tested on -19 mm particles 
 
Figure 1(a) shows the “all-in” particle size distribution (PSD) curves of the Jeebropilly weathered rock 
and Mt Arthur sandstone spoil samples obtained using Split Desktop (Split Engineering, 2011) 
analysis. Figure 1(a) indicates that both spoil types exhibit similar blasted and dumped PSDs, which 
can be classified using the Unified Soil Classification (AS 1289) as Sandy Cobbly GRAVEL. However, 
their respective behaviours were observed to be very different upon wetting-up as part of sample 
preparation and testing. Particle size distribution (PSD) curves for both spoil samples sieved under dry 
(air-dried) and wet conditions are shown in Figure 1(b), in which the weakly-cemented Jeebropilly spoil 
was observed to break down significantly on wet sieving. Conversely, limited breakdown on wet 
sieving was observed for the Mt Arthur sandstone. 
 

 
   (a)            (b) 
 
Figure 1. (a) PSD results obtained from: (a) Split Desktop analysis of the “all-in” spoil materials, and 
(b) Air-dried and wet sieving of the scalped -19 mm samples. 
 
 
2.3 Compression Testing 
 
Laboratory compression testing was undertaken in two different apparatus; a standard oedometer with 
a 76 mm diameter by a nominal 20 mm high specimen capable of loading up to 1,000 kPa, and the 
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150 mm diameter by a nominal 100 mm high, high stress oedometer (HSO) manufactured by 
Universitat Politècnica de Catalunya, Barcelona, capable of loading to 10 MPa. The specimens for the 
76 mm diameter oedometer were scalped to -2.36 mm, while specimens for the HSO were scalped to 
-19 mm, -9.5 mm and -2.36 mm. All tests were undertaken broadly in accordance with AS1289.5.1.1, 
with the following modifications: 
 

 Specimens were tested at their as-sampled gravimetric moisture content (termed “dry”) and in 
a water bath (termed “wet”; simulating the worst case of saturation of the spoil). 

 Specimens were placed loose to simulate the loose-dumped state of the spoil in the field. 
 
The compression test results were presented and discussed in Williams and Kho (2014), and a 
summary is presented in Figures 2 to 4. Figures 2 and 3 show the effect of maximum particle size on 
the compression behaviour of both spoil types when tested under wet and dry conditions. The results 
show minimal difference in terms of compression behaviour between specimens scalped to -2.36 mm, 
-9.5 mm and -19 mm, suggesting that the compression behaviour would be similar for field-sized 
materials. Additionally, the deviation in the compression curves between the Standard oedometer and 
the HSO is attributed to the inherent differences in apparatus stiffness. Figure 4 compares the results 
of the -2.36 mm tests, carried out in both test apparatus, for the spoil specimens tested under dry and 
wet conditions. Figure 4(a) highlights the effects of wetting-up on the Jeebropilly weathered rock, 
causing significant amounts of collapse settlement. In contrast, wetting-up was observed in Figure 4(b) 
to have minimal effect on the compression curves for the Mt Arthur sandstone. 
 

 
   (a)            (b) 
 
Figure 2. Compression test results for Jeebropilly weathered rock scalped to -19 mm, -9.5 mm and -
2.36 mm: (a) under dry conditions, (b) in a water bath 
 

 
   (a)            (b) 
 
Figure 3. Compression test results for Mt Arthur sandstone scalped to -19 mm, -9.5 mm and -
2.36 mm: (a) under dry conditions, (b) in a water bath 
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   (a)            (b) 
 
Figure 4. Comparison of the dry and wet test results for -2.36 mm scalped spoil samples (a)Jeebropilly 
weathered rock (b) Mt Arthur sandstone 
 
Despite the variation in compression behaviour of the two different spoil specimens, the final void 
ratio, at 10 MPa applied stress, was in a narrow range between 0.3 and 0.35 for both spoil materials, 
which corresponds to a narrow range of dry density between 1.95  t/m3 and 2.1 t/m3. This suggests 
that the height of the spoil pile has a greater effect on the compressibility of coal mine spoil than the 
spoil type and its moisture state. 
 
2.4 Degradation Testing 
 
Both the Jeebropilly weathered rock and Mt Arthur sandstone spoil samples were subjected to 
degradation testing, using a test method that was developed as part of the ACARP C19022 Project. 
The full test procedure is detailed in Williams (2012) and involved placing the test specimens in 
purpose-built Perspex trays measuring 600 mm by 600 mm by 150 mm high, which were drained at 
the base, and filling them with -19 mm scalped spoil specimens to nominal initial heights of 25 mm. 
The trays were left out on the roof of the Geomechanics Laboratory of The University of Queensland 
for about 1 month each and were subjected to ambient rainfall and desiccation cycles. Once a week, 
height measurements were taken from nine points across the surface and sub-samples were taken for 
air-dried sieving. 
 
Figure 5 compares the state of the Jeebropilly weathered rock spoil during various stages of the test. 
The test specimen was observed to slake and disperse on wetting-up before re-agglomerating and 
cracking on drying. The corresponding photos for the Mt Arthur sandstone spoil are shown in Figure 6, 
where the only difference observed over time was the fines being washed down to the bottom of the 
tray. The PSD curves of sub-samples collected during the tests are presented in Figure 7. Major 
particle breakdown was observed for the Jeebropilly weathered rock spoil in the first two weeks before 
re-agglomeration, while the PSD curves of the Mt Arthur sandstone spoil was fairly consistent 
throughout the entire test. Throughout the test, the Jeebropilly weathered rock spoil showed maximum 
settlement of about 25% relative to its initial height, while the Mt Arthur sandstone settled significantly 
less with settlements in the order of 5% of its initial height. 
 

Day 1 Day 8 (+32.6 mm rain) Day 15 (+23.2 mm rain) 21 days (+6.8 mm rain) 
 
Figure 5. Condition of Jeebropilly weathered rock spoil at various stages of degradation testing 
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Day 1 Day 7 (+4.0 mm rain) Day 14 (+39.2 mm rain) Day 21 (+47.8 mm rain) 
 
Figure 6. Condition of Mt Arthur sandstone spoil at various stages of degradation testing 
 

 
   (a)            (b) 
 
Figure 7. Variation in PSD on degradation of exposed -19 mm scalped (a) Jeebropilly weathered rock 
spoil, and (b) Mt Arthur sandstone spoil 
 
 
3 SPOIL SETTLEMENT PREDICTION TOOL 
 
Using the laboratory test results from the ACARP C19022 Project, a spreadsheet based prediction tool 
was developed to estimate coal mine spoil settlement and final net bulking. The prediction tool allows 
the user to specify spoil pile lift heights and spoil types (up to 5 different lifts and spoil types), the rate 
of construction including pauses between construction of lifts, and rainfall infiltration or equivalent 
groundwater recharge. The prediction tool is based on a layer of spoil (termed a “lift”) being placed 
and compressed by the weight of subsequent lifts. The spoil undergoes instantaneous self-weight 
settlement as it is being placed with the remaining self-weight settlement experienced in accordance 
with the compression rate (cv) allocated. The total settlement is the sum of the self-weight settlement, 
the collapse settlement on wetting-up and the degradation-induced settlement at a particular point in 
time. Due to the observed non-linear behaviour of spoil behaviour under compression, settlement was 
estimated using a logarithmic relationship between settlement (% of height = ln[applied stress] + a 
constant) and applied stress of each spoil type based on laboratory oedometer tests. Other 
assumptions made in the prediction tool are: 
 

 80% of self-weight occurs during placement (i.e. post-construction settlement = 20%) as 
suggested by Williams (2012). This can be adjusted in the inputs to suit site conditions. 

 Self-weight settlement = settlement from dry test.Collapse settlement = settlement from the 
wet test subtracting the settlement from the dry test (self-weight settlement). 

 Degradation settlement occurs only at the surface of the spoil pile to a depth of 5m or 5% of 
spoil height. This can be adjusted in the inputs to suit site conditions. 

 Trigger rainfall for collapse settlement is 60 mm/month (i.e. collapse is not considered for 
rainfall inputs of less than 60 mm/month) based on site observations and laboratory dry and 
wet testing results. This can be adjusted in the inputs to suit site conditions. 

 Spoil is assumed to be placed loose, at an initial unit weight that is estimated from laboratory 
oedometer test results. 

 Collapse and degradation-induced settlements are assumed to occur linearly over a month. 
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A scenario was created assuming construction of a spoil pile consisting of four lifts of equal height, 
with each lift taking 1 year to build and a pause of 1 year before the start of the subsequent lift. 
Throughout the construction, it was assumed that the rainfall was greater than 60 mm/month, 
appropriate to the relatively wet climate of the site. Jeebropilly weathered rock spoil was modelled for 
a representative spoil pile height of 60 m, while Mt Arthur sandstone spoil was modelled for a 
representative spoil pile height of 200 m. These represent current typical spoil pile heights in the 
Ipswich Coalfields and Hunter Valley Coalfields, respectively. 
 
Figure 8(a) shows the estimated settlement and corresponding spoil heights with time for a 60 m high 
spoil pile consisting of Jeebropilly weathered rock spoil. Figure 8(b) shows the calculated net bulking 
factor of the spoil material based on this scenario. The 60 m high spoil pile was estimated to settle to 
36 m height over 20 years, which is equivalent to a net bulking factor of 1.12. Figures 9(a) and 9(b) 
show the same plots but for a 200 m high spoil pile consisting of Mt Arthur sandstone spoil. For this 
more durable spoil type, the 200 m high spoil pile was estimated to settle to 148 m over the same 
20 years, corresponding to a net bulking factor of 1.19. 
 
Both spoil types were then modelled for heights of 600 m, representing the upper range of anticipated 
spoil pile heights. Figures 10(a) and 10 (b) show the change in spoil heights and net bulking factors 
with time for a 600 m high spoil pile consisting of Jeebropilly weathered rock spoil. The 600 m high 
spoil pile was estimated to settle to 325 m over 20 years, which is equivalent to a net bulking factor of 
1.07. These plots are replicated for the Mt Arthur sandstone spoil constructed to the same 600 m 
height, in Figures 11 (a) and 11(b), which show a settled spoil height of 410 m over 20 years, 
corresponding to a net bulking factor of 1.14. 

 
   (a)            (b) 
Figure 8. Prediction tool outputs for a 60 m high spoil pile consisting of Jeebropilly weathered rock 
spoil: (a) Spoil height versus time, and (b) Net bulking factor versus time 
 

 
   (a)            (b) 
Figure 9. Prediction tool outputs for a 200 m high spoil pile consisting of Mt Arthur sandstone spoil: (a) 
Spoil height versus time, and (b) Net bulking factor versus time 
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   (a)            (b) 
Figure 10. Prediction tool outputs for a 600 m high spoil pile consisting of Jeebropilly weathered rock 
spoil: (a) Spoil height versus time, and (b) Net bulking factor versus time 

 
   (a)            (b) 
Figure 11. Prediction tool outputs for a 600 m high spoil pile consisting of Mt Arthur sandstone spoil: 
(a) Spoil height versus time, and (b) Net bulking factor versus time 
 
 
4 DISCUSSION 
 
The calculated net bulking factors for the range of spoil pile heights modelled fall within the range of 
1.07 to 1.19, which compare well with those previously reported in the literature that are generally 
between 1.10 and 1.25 for open cut coal mine spoil. 
 
The outputs of the spoil settlement calculator indicate that the weakly-cemented Jeebropilly weathered 
rock spoil initially bulked up more but also settled significantly more than the cemented Mt Arthur 
sandstone spoil. Comparing the settlement behaviour of both spoil types, the settlement rate at lower 
stresses for the Jeebropilly weathered rock spoil was observed to be greater. However, as the applied 
stresses increased, the inverse was observed. This is attributed to the lower crushing stress of the 
weaker spoil subsequent to the development of a stable skeleton at lower stress. 
 
Using the results of the prediction tool, the evolution of dry density through geological time and the 
mining process has been illustrated for both the Jeebropilly weathered rock spoil and Mt Arthur 
sandstone spoil in Figures 13(a) and 13(b), respectively. Both spoil materials showed final heavily 
consolidated, wetted-up dry densities greater than their respective maximum dry densities. For the 
Jeebropilly weathered rock spoil, it is shown that the heavily consolidated, wetted-up spoil material 
achieved a dry density approaching that at its in situ state. For the Mt Arthur sandstone spoil however, 
the difference in dry density between the final heavily consolidated, wetted-up spoil material and its in 
situ state was still quite significant, indicating a higher net bulking factor. 
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   (a)            (b) 
Figure 12. Evolution of dry density through time: (a) Jeebropilly weathered rock spoil, and (b) Mt 
Arthur sandstone spoil 
 
5 CONCLUSION 
 
The paper covered the effects of different settlement mechanisms on weakly-cemented and cemented 
coal mine spoil, which represent the lower and upper bounds in terms of spoil durability. Additionally, a 
spoil settlement prediction tool was introduced and validated against data from the literature. Overall, 
the results show that weaker spoil types tend to initially bulk-up more but also settle more compared to 
more durable spoil, due to their greater propensity for particle breakage. The prediction tool estimated 
that final net bulking factors for coal mine spoils range between 1.07 and 1.14 at 600 m spoil height, 
which corresponds to % settlements of between 32 and 46% of the initial height. For a 600 m high 
spoil pile this equates to a difference in height of about 85 m between weak and durable spoil, 
highlighting the need for accurate volume estimation for high coal mine spoil piles. 
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ABSTRACT 
 
The Factor of Safety (FoS) and Probability of Failure (PoF) are commonly used to find a compromise 
between the risk of opencast mine slope failure and economic return. Acceptable FoS and PoF criteria 
are typically selected by the geotechnical designer without explicit consideration of uncertainties, and 
with only a broad consideration of consequences. Some organisations may have defined acceptance 
criteria as part of their mine slope design guidelines, but more often the selected values will be based 
on some combination of the designer’s experience, project or site precedence, perceptions of 
uncertainty and likely consequences of failure, and pressure from mine management, consenting 
authorities or geotechnical reviewers. A new technique for selection of acceptable FoS and PoF for 
opencast mine slope design is presented based on the explicit consideration of uncertainties in the 
slope design, the consequences of slope failure, and the intended slope design life. It provides the 
ability to select defendable acceptance criteria for individual slopes, with easily-documented logic, and 
to achieve a more consistent level of risk management across all types of slopes. 
 
Keywords: slope stability, factor of safety, probability of failure, risk, uncertainty, opencast mining 
 
 
1 INTRODUCTION 
 
Geotechnical mine slope design necessitates finding a compromise between the risks of slope failure 
and the cost of mining. The safety, environmental, and business risks associated with slope failure 
must be weighted up against mining costs for a particular slope design, and the design adjusted until 
an acceptable balance is reached. Unfortunately, comprehensive quantitative risk-based slope design 
techniques are still embryonic in their development, and while good progress has been made in recent 
years (Terbrugge et al., 2006; Steffen et al., 2008) the practical reality is that for the majority of mining 
projects we are budget-constrained to design slopes that can meet an “acceptable” level of stability or 
performance. Perhaps the most common design acceptance criterion used in geotechnical slope 
engineering is the Factor of Safety (FoS), which is often complimented by a Probability of Failure 
(PoF) or sensitivity analysis to address parametric uncertainty. Common methods of selecting FoS 
and PoF acceptance criteria for limit equilibrium method (LEM) slope design remain highly subjective; 
and do not support the type of risk-based decision making currently required in the mining industry. 
 
Mine and quarry slopes can present a number of different challenges compared to slope engineering 
for civil works such as urban development, highways and dams. Some of the key differences are: 

 Mine slopes are often much higher and the range of stresses equally impressive. Opencast pits 
often expose a wide range of geological materials from very soft soils to extremely strong rocks. 
This in turn requires a wide range of geotechnical skill sets. 

 The location of proposed open pit and waste rock slopes can change rapidly at the whim of 
commodity economics, and this requires a broader and more versatile geotechnical model to deal 
with the changing slope risks. 

 Geological structure is vitally important to pit slope stability, particularly below the weathering or soil 
horizon. Weak or deeply weathered rocks that fit neither standard rock mechanics nor soil 
mechanics models can present a significant challenge (Adams and Lucas, 2011). 

 To the advantage of the geotechnical engineer, there is often a resource geology model and 
exploration drilling data set that can be used as the basis for a geotechnical model. 

 Construction control in mining environments can be to a lower standard for both cut slopes and fills. 
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 The consequences of mine slope failure can be very different, and slope risk profiles are commonly 
driven by short design-life scenarios and the ability to control access to the slope. In addition, there 
is often opportunity to actively manage slope failures that would generally be deemed unacceptable 
in most civil engineering contexts. 

 
The primary objective of this paper is to set out a robust methodology for selection of acceptable FoS 
and PoF for opencast mine slope design. A simple FoS and PoF selection methodology is presented 
in an attempt to semi-quantitatively manage slope failure risks through appropriate consideration of 
the consequences of slope failure and uncertainties in the slope design. The design acceptance 
criteria selection methodology outlined in this paper is intended to raise the standard of limit-
equilibrium mine slope design commonly utilised in the industry. The methodology should not be used 
to supplant more robust and comprehensive techniques for assessing slope stability and managing 
developing failures and risks. A methodology for the selection of seismic slope design criteria is 
intended to be the topic of a future paper.   
 
 
2 REVIEW OF CONCEPTS 
 
2.1 Factor of Safety 
 
The Factor of Safety (FoS) is the ratio of capacity (of the slope to resist failure) to demand (placed on 
the slope by driving forces such as gravity and seismic accelerations). A FoS of unity implies the slope 
is in a state of limiting equilibrium. Any miniscule increase in load or decrease in resistance will result 
in an unstable slope (FoS < 1). Conversely a FoS > 1, implies some margin of safety (MoS = FoS – 1) 
against failure. While the FoS is a direct output from LEM analyses, a broadly equivalent safety 
reduction factor (SRF) can be computed from finite element method (FEM) and other numerical 
analyses using the shear strength reduction method (e.g. Hammah et al., 2007). 
 
A key problem with the factor of safety is in its name. While there is no denying a broad positive 
correlation between the FoS of a slope and safety, there are a multitude of other factors that need to 
be considered, including the characteristics of the failure, the elements at risk, and the uncertainty in 
the modelling process. An extreme example of FoS misuse is shown in Table 1 from Sowers (1979), 
which effectively asserts a direct correlation between FoS and safety. This is not the case. For 
example, a one metre high slope in dry sand with a friction angle of 32° and a slope angle of 32° may 
have a FOS of 1.0, yet in unlikely to be considered unsafe. Likewise a massive deep-seated creeping 
paleo-landslide may also possess a FoS close to 1.0, yet the safety risk may be negligible. On the 
other hand, a 10 m3 rock wedge with a FoS of 1.0 and on the verge of falling onto a major highway 
would, without doubt, be considered a critical safety risk.  
 
Table 1:  An example of an overly generic interpretation of FoS (from Sowers, 1979) 
Factor of Safety Significance 
Less than 1.0 Unsafe 
1.0 - 1.2 Questionable safety 
1.3 - 1.4 Satisfactory for cuts, fills; questionable for dams 
1.5 - 1.75 Safe for dams 
 
2.2 Slope Failure 
 
Failure of a slope is an ambiguous concept with no common universally accepted definition. Failure 
has meanings of malfunction, collapse, disappointment, and disaster; as well as being the opposite of 
success. However, as Duncan (2000) rightly notes, not all slope “failures” are catastrophic. Some are 
better described as unsatisfactory performance or a minor irritation. Bench-scale slope failures, for 
example, are generally expected and can be acceptable when adequately managed by catch berms. 
Other terms such as “instability” or “movement” may imply less of a disaster, yet are still equally 
ambiguous; while terms such as “creep” or “collapse” can sometimes be used to describe the slope 
“failure” in a slightly more specific or intuitive fashion. 
 
A FoS of 1.0 describes the point at which the total demand on the slope exceeds the total capacity of 
the slope to resist failure through all materials on the defined failure path. A slope failure is, however, 
much more complex than it is modelled by the LEM. In practice, failure does not occur simultaneously 
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along a single discrete basal surface, but rather localised material failure progressively develops into a 
larger slope failure. With the exception of purely structurally-controlled slope failure in a brittle rock 
mass, the internal deformation process also plays a large part in the development of slope failure.  
 
Pit slope failures generally pass through several stages of movement, as shown in Figure 1. These 
stages are (Sullivan, 2007): 

1. Viscoelastic response 
2. Primary Creep, which may eventually stabilise, or progress to  
3. Secondary Creep 
4. Tertiary Creep (cracking and dislocation) 
5. Collapse 
6. Post collapse deformation 

 
The first two stages or “initial response” include elastic rebound, relaxation and/or dilation of the rock 
mass (Zavodni, 2001). Secondary creep and pre-collapse deformation is associated with yielding, 
softening, strength loss, localised failure and slip on structures within the rock mass. The exact part of 
the curve in Figure 1 described by FOS = 1.0 is controversial, although generally accepted to be 
somewhere between Secondary Creep and Collapse. 
 

  
Figure 1. Stages of Slope Failure (after Sullivan, 2007) 
 
2.3 Modelling Limitations and Advantages of Limit Equilibrium Methods 
 
Limit equilibrium methods (LEM) have been used for slope stability analysis since the dawn of 
geotechnical engineering. Increased computing power over the last few decades has enabled a move 
from simplistic geometries to powerful slip-surface search and optimisation routines. Key limitations of 
the method include the inability to model progressive failure, internal deformation of the sliding mass, 
or post failure displacement of the slope.  It assumes that shear displacement occurs along a unique 
sliding surface, and for this reason slope failure mechanisms such as active-passive wedge failures 
and flexural toppling that are clearly governed by internal shear displacement should only be modelled 
by LEM with extreme caution, and preferably only where calibrated by back analysis. 
 
Despite these limitations, the LEM provides a valuable and cost-effective tool for assessing pre-failure 
stability, the sensitivity of the slope to changes in slope geometry, shear strength parameters, 
groundwater conditions and loading; and stabilisation options such as buttressing, ground anchors 
and slope depressurisation. For this reason the LEM continues to be widely used within the mining 
geotechnical community. 
 
2.4 Accounting for Uncertainty 
 
The FoS is a deterministic concept and does not describe real-world uncertainty in the stability of the 
slope. Fortunately there are tools available that can at least partially assist in this area: 

 Sensitivity analysis is an extremely powerful yet simple technique to assess the influence that each 
input parameter (such as the friction angle, cohesion or piezometric pressure) has on the resulting 
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FoS of the slope. It enables the designer to define the most important controls on slope stability. 
The process has been automated in common LEM software to assess uncertainty associated with 
material parameters, groundwater pressures and applied loads, yet it is still a painstaking task to 
assess subsurface spatial and geometrical uncertainties such as the location and orientation of 
weak discontinuities or weathering horizons. 

 Probabilistic modelling is a technique used to carry uncertainty associated with input parameters 
through the analysis to produce a statistically distributed FoS rather than a single deterministic 
value.  The resulting probability of failure (PoF) has become a commonly-used design acceptance 
criterion. Recent advances include the use of numerical analyses for probabilistic modelling 
(Hammah et al., 2009; Chiwaye and Stacey, 2010; Gibson, 2011). 

 
2.5 Probability of Failure 
 
The Probability of Failure (PoF) has been used and abused as a criterion for mine slope design over 
the last 40 years. The basic premise of the PoF concept is that a statistical distribution (probability 
density function) can be defined for the each of the input parameters to a slope stability analysis. 
Using a process of stochastic simulation, it is possible to define a statistical distribution around the 
FoS.  The PoF is defined as the percentage of results with FoS < 1. While the PoF is a nice concept, 
the author has become aware of some problematic issues with the way it is commonly applied in mine 
slope design practice. The key issues are: 

 Stochastic distribution uncertainty: The PoF is greatly influenced by the choice of probability 
distribution selected for the input parameters (e.g. UCS or friction angle). In practice there is often 
inadequate data and understanding to base the selection on. A normal distribution often lumps data 
centrally and results in unjustifiably low tail risk. In the many cases it may be more reasonable to 
assume a broader triangular or even a uniform distribution between the estimated upper and lower-
bound values. While being statistically unlikely, these distributions are useful to describe a high 
uncertainty or lack of knowledge in our understanding of stochastic input variability. 

 Multiplication of uncertainties: The output distribution and PoF is strongly influenced by the number 
of materials in the model and the number of statistical distributions assumed for each. Multiplication 
of uncertainties leads to unjustifiably smaller PoFs, as more materials and random variables are 
added to the model.   

 Parameter correlation uncertainty: The PoF is strongly influenced by the correlation (or lack 
thereof) assumed between random variables. For example, there is often a correlation between 
density and strength, or friction and cohesion and our lack of knowledge as to the form of this 
correlation introduces yet another epistemic uncertainty. 

 Highest PoF failure surface vs lowest FoS failure surface: The failure surface with the minimum 
factor of safety does not necessarily have to be the failure surface with the maximum probability of 
failure (Oka and Wu, 1990). Therefore it is necessary to consider all failure surfaces in a 
probabilistic computation, not just that minimum FoS surface. This takes significantly more 
computing time, yet the resulting PoF can be considerably different. 

 Computed vs total PoF: Probabilistic modelling routines within commonly used software Slide 
(Rocscience) and Slope/W (GEO-SLOPE) allow the user to estimate the PoF associated only with 
material properties, groundwater pressures and external loads. The computed PoF does not 
account for other significant sources of uncertainty, and as a result may be much smaller than the 
total PoF of the slope. Unaccounted-for uncertainties in the computed PoF include spatial variability 
of material properties, unknowns in the structural geology model, temporal probabilities associated 
with rainfall and seismic hazard, computational model simplifications and implementation variation 
to design. 

 Lack of time dependency: In the absence of time-dependent input variables, the computed PoF 
does not have a timescale. In order to calculate the annual PoF, the reference time is often 
assumed to be related to the design life of the slope. In reality, the PoF of a slope is likely to be 
related to the rate of stress redistribution, the rate of material strength degradation (eg. via 
weathering and rock mass relaxation), and the temporal probabilities of triggering events such as 
rainfall or earthquakes.  

The preceding discussion suggests that major issues exist with the value of the computed PoF as an 
input to quantitative risk assessment. Some of these have been overcome via the quantitative event-
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tree slope design procedures of Terbrugge (2006) and Steffen (2008). In a qualitative sense, the PoF 
remains a useful technique to rank the importance of various uncertainties, and to determine (for 
example) when a tighter input distribution (requiring more spend on drilling and lab testing) would 
justify a lower FoS and steeper slope, thus saving significant earthworks dollars. 
 
 
3 CURRENT PRACTICE FOR SELECTION OF DESIGN ACCEPTANCE CRITERIA 
 
The choice of an acceptable FoS for slope stability evaluation is said to require sound engineering 
judgement due to the multitude of factors that must be considered (Barnes, 1995).  However, it is the 
author’s observation that acceptable FoS and PoF criteria are typically selected by the geotechnical 
designer without explicit consideration of uncertainties, and with only a broad consideration of 
consequences. Some organisations may have defined acceptance criteria as part of their mine slope 
design guidelines, but more often the selected values will be based on some combination of the 
designer’s experience, project or site precedence, perceptions of uncertainty and likely consequences 
of failure, and pressure from mine management, consenting authorities or geotechnical reviewers. 
 
Commonly referred to recommendations of acceptable minimum values of FoS and PoF for the mining 
industry (e.g. DME, 1999; Wesseloo and Read, 2009; Safe Work Australia, 2011), tend to be based on 
a small number of published suggestions dating back to the likes of Hoek and Bray (1981), Kirsten 
(1983), Priest & Brown (1983), McMahon (1985), Pine (1992), and Sullivan (2006). The general theme 
which has become industry standard is to present acceptable values that depend on the size of the 
slope and generic consequences (e.g. Table 2). However, this approach takes little account of specific 
consequences, and does not necessarily present a consistent level of risk management. 
 
Table 2: Typical design acceptance criteria for open pit slopes (based on Wesseloo & Read, 
2009)  
Slope scale Consequences of failure 

Low Medium High 
Bench  FoS ≥ 1.1 

PoF ≤ 25-50% 
 

Inter-ramp FoS ≥ 1.15-1.2 
PoF ≤ 25% 

FoS ≥ 1.2 
PoF ≤ 20% 

FoS ≥ 1.2-1.3 
PoF ≤ 10% 

Overall FoS ≥ 1.2-1.3 
PoF ≤ 15-20% 

FoS ≥ 1.3 
PoF ≤ 5-10% 

FoS ≥ 1.3-1.5 
PoF ≤ 5% 

 
 
4 PROPOSED METHODOLOGY FOR SELECTION OF DESIGN ACCEPTANCE CRITERIA 
 
A simple technique to select appropriate acceptance criteria for slope design involves development of 
a FoS-PoF Selection Matrix. The method is intended to ensure slope stability risks and uncertainties 
are considered in a logical and robust way. It can be broken down into five basic steps: 

Step 1. Establish the context: The stability-performance requirement for any particular mine slope 
depends on the slope characteristics, design life, consequences of failure, and the feasibility of 
slope stabilisation or other contingency plans. Safety and environmental performance requirements 
may be dictated by regulatory conditions and legislation, and/or may be driven by various 
stakeholders including mine employees, management, neighbouring landowners or lobby groups, 
etc. Financial performance requirements should be driven by a well-articulated business risk 
strategy. The role of the geotechnical engineer is to define the hazard and the model uncertainties, 
yet the performance requirements are best defined in consultation with those affected. 

Step 2. Identify and rank the uncertainties: Common sources of uncertainty in the slope design 
process are categorised and listed in Table 3. A semi-quantitative judgement must be made on the 
relative level of design confidence. This is made by attributing a confidence ranking (High, Med, 
Low) to the relevant uncertainty types listed in Table 3. The basis of selected confidence levels 
should be recorded to develop consistency. Future improvements to the methodology could involve 
a weighting technique to arrive at a single ranking for “residual level of slope design uncertainty”. 

Step 3. Describe the feasible slope failure scenarios: The range of potential slope failure mechanisms 
and characteristics can only be understood with a robust geotechnical model, and/or precedent 
behaviour of slopes in similar geological and tectonic environments. Slope failures are typically 
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classified into rockfall, block toppling, flexural toppling, slumping, slides and flows (e.g. Varnes, 
1978), but other important categories include planar slide, rotational slump, wedge, active-passive 
wedge (e.g. Hegan and Read, 1988). Each mechanism can occur on a variety of scales and slope 
angles, and these things define the triggers, likely velocity, back-break distance, volume, and 
runout zone; which are central to characterising the potential consequences. The back-break and 
runout define the areas at risk. The slide velocity determines the ability of people to escape the 
hazard. The volume will influence the cost of remediation and management. 

Step 4. Identify and rank the consequences: In a mining environment, consequences are typically 
classified into at least three impact categories: [1] Health and safety, considering primarily harm, 
injury or fatality; [2] Environmental impacts, considering the severity, extent and duration of 
impacts; and [3] Business impacts, including direct financial costs associated with clean-up and 
remedial earthworks, damage to equipment and mine infrastructure, lost production due to delay or 
shutdown, and any less tangible impacts such as reputation loss. Slope failure consequences 
should be estimated based on the assessment in Step 3, and ranked into qualitative levels that 
align with a defined consequence table (e.g. Table 4). It is recommended to base the consequence 
table on a relevant risk matrix (see AS/NZS, 2004) such as one that has been developed specific to 
the mine site or organisation. Consequence tables should preferably be expanded with slope 
failure examples for clarity and consistency (see Table 4). 

 
Table 3:  Sources of uncertainty in pit slope design 
Uncertainty Type Source of Uncertainty Proposed Treatment 
1 Parameter Stochastic variation in material properties due to 

limited data and inherent variability, including 
material strength, density and hydraulic 
conductivity.  

Use sensitivity analysis or PoF criteria (with 
caution) to assess influence of tail risk. Parameter 
uncertainty can be reduced by further 
measurements and testing. 

2 Geometrical  Topography, groundwater pressures, geological 
boundaries and discontinuities (faults, weathering 
horizons, etc), spatial variation in properties 
through the model. 

Fundamentally different geological models to be 
analysed separately.  Attribute confidence ranking 
(High, Med, Low) to remaining geometrical & 
spatial uncertainty 

3 Temporal 
loading or 
strength 
reduction 
(triggers) 

In-situ stress redistribution, rainfall intensity, 
duration and frequency, piezometric pressure 
variations, earthquake hazard estimates, blasting-
induced stresses, other loading scenarios (trucks, 
waste dumps, etc), weathering or relaxation 
effects on material properties. 

Each significant temporal scenario is typically 
analysed as a separate design case. Scenarios 
could be combined by event tree analysis for 
qualitative risk assessment, if required. 

4 Slope 
Behaviour 

The structural geology, material properties, 
groundwater conditions and loading scenario all 
influence the failure mechanism, volume, runout, 
back-break and velocity. 

Attribute confidence ranking (High, Med, Low) 
based on experience and precedent slope 
behaviour. 

5 Computational Simplifications and deviation from the physical 
processes of slope failure, including sub-models 
such as the strength failure criterion, and 
limitations of analysis techniques such as 2-D 
LEM. 

Attribute confidence ranking (High, Med, Low) 
depending on the confidence in the computation 
method to accurately model the anticipated slope 
failure mechanism.  

6 Human 
factors 

Operational deviation from design assumptions, 
in terms of highwall geometry, blast damage, etc; 
human errors at either the design or 
implementation phases. 

At the preliminary, feasibility or design stage, 
estimate operational deviation. Eliminate errors in 
the design process via robust QA/QC checking 
and review protocols. 

  
Table 4: Example of a consequence table, expanded to include some example slope failure scenarios.   
Impact 
Category 

Consequence Level
Insignificant Minor Moderate Major Catastrophic

Health & 
Safety 

First aid injury 
(e.g. very slow 
landslide with 
minimal safety risk) 

Medical aid 
injury  

Lost Time Injury 
(LTI) 

Permanent 
impairment 

Fatality 
(e.g. any rapid 
failure with people 
exposed) 

(e.g. slow to moderate pit-slope movement where people may 
be exposed to secondary rockfall or tension crack hazards) 

Environment Contained 
(e.g. wedge failure 
contained on 
bench, minimal 
sediment to water) 

Localised impact 
(e.g. sediment slug 
from failure 
contained by site 
water controls) 

Impact within 
mine only  
(e.g. highwall 
failure contained 
within pit) 

Off-site impact 
can be 
remediated  
(e.g. waste-rock 
slide runout) 

Severe off-site 
impact  
(e.g. toxic tailings 
release to external 
waterway) 

Business No delay, cost < 
$10K 
(e.g. small failure 
outside of work 
area) 

Minor delay, 
$10 - $100K 
(e.g. inter ramp 
slope failure 
requires 
stabilisation) 

Total loss $100K 
- $5M 
(e.g. main access 
ramp destroyed 
causing delay and 
re-planning) 

Total loss $5M - 
$100M 
(e.g. production pit 
closed for 
significant period,  
ore sterilised) 

Total financial 
loss > $100M 
(e.g. failure large 
enough to close 
mine) 
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Step 5. Develop a FoS-PoF Selection Matrix: An example matrix to select appropriate FoS and PoF 
design acceptance criteria is presented in Table 5. Key inputs include the slope design life (Step 1), 
the level of confidence in the slope design (Step 2), and the consequence level (Steps 3 & 4). As 
well as suggesting an appropriate FoS and PoF, the Selection Matrix also suggests an appropriate 
level of slope stability risk management to apply.  

 
The range of FoS and PoF values in Table 5 has been selected to match the ranges that have 
historically been used mine slope design (ref. Section 3). Specific values in each box have been 
developed by a process of interpolation and comparison against typical industry-standard 
recommendations. The key benefit of the proposed method is in the ability to select more defendable 
(logical and easily documented) acceptance criteria, and achieve a more consistent level of risk 
management across all types of slopes, via explicit consideration of the hazard characteristics, 
consequences and uncertainties associated with each specific slope. 
 
Table 5 may require modification to suit specific mining projects, risk matrix definitions, or legal 
jurisdictions. One could argue that the far right-hand column (Major to Catastrophic consequences and 
Low confidence in the design) may represent an unacceptable slope design scenario, yet that would 
depend on the specific definitions adopted. 
 
Table 5:  An example FoS-PoF Selection Matrix.  

Consequence Level1 Insignificant to Minor Moderate Major to Catastrophic 

Level of Design Confidence2 High Med Low High Med Low High Med Low 

Permanent 
cut, fill or 

natural slope 
(Design Life 
> 10 years) 

Min FOS 
Max POF 

1.3 
20% 

1.3 
20% 

1.3 
20% 

1.3 
20% 

1.4 
10% 

1.5 
5% 

1.4 
10% 

1.5 
5% 

1.6 
2% 

Level of Risk 
Management 

No monitoring or 
access restrictions 

No monitoring or 
access restrictions 

Minimal monitoring for 
defined timeframe, and/or 

access restrictions 

Interim cut or 
fill slope 

(Design Life  
0.5-10 years) 

Min FOS 
Max POF 

1.2 
30% 

1.25 
25% 

1.3 
20% 

1.2 
30% 

1.3 
20% 

1.4 
10% 

1.3 
20% 

1.4 
10% 

1.5 
5% 

Level of Risk 
Management 

Basic GCMP including 
periodic slope monitoring. 

Access dependant of 
safety risks 

Comprehensive GCMP 
including slope monitoring 

and TARPS. Access 
dependant of safety risks 

Comprehensive GCMP 
including slope monitoring 

and TARPS. Access 
dependant of safety risks 

Temporary cut 
or fill slope 
 (Design Life  
< 6 months) 

Min FOS 
Max POF 

1.2 
30% 

1.25 
25% 

1.3 
20% 

1.25 
25% 

1.3 
20% 

1.35 
15% 

1.25 
25% 

1.35 
15% 

1.4 
10% 

Level of Risk 
Management 

Basic GCMP including 
periodic slope monitoring. 

Access dependant of 
safety risks 

Comprehensive GCMP 
including slope monitoring 

and TARPs. Access 
dependant of safety risks 

Comprehensive GCMP 
including slope monitoring 
and TARPs. No access to 

slope. 

Excavation for 
immediate 

backfill 
(Design Life 

< several days) 

Min FOS 
Max POF 

1.05 
45% 

1.1 
40% 

1.15 
35% 

1.1 
40% 

1.15 
35% 

1.2 
30% 

1.15 
35% 

1.2 
30% 

1.25 
25% 

Level of Risk 
Management 

Detailed risk assessment 
and robust operational 

controls, including 
continuous monitoring and 
TARPs. No access to slope 

Detailed risk assessment 
and robust operational 

controls, including 
continuous monitoring and 
TARPs. No access to slope 

Detailed risk assessment 
and robust operational 

controls, including 
continuous monitoring and 
TARPs. No access to slope 

1. Consequence Level: See Step 4 and Table 4. 
2. Level of Design Confidence: See Step 2 and Table 3. 
3. PoF (probability of failure) is defined in this table as the “computed PoF” from SlopeW, Slide, or equivalent LEM software, not 

the “total PoF” (see Section 2.5).  
 
 
5 CONCLUSIONS AND RECOMMENDATIONS 
 
Commonly-used limit-equilibrium slope analysis methods, and associated FoS/PoF design acceptance 
criteria have many limitations that must be understood in order to use them effectively. Nevertheless 
they remain as simple and powerful tools to evaluate mine slope stability, provided all the relevant 
uncertainties can be accounted for. It is recommended that deterministic FoS analyses are always 
backed up with a comprehensive sensitivity analysis. PoF analyses should be used with caution, 
particularly if the computed result is intended for use in a quantitative risk analysis. 
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A new technique for selection of acceptable FoS and PoF for slope design has been presented based 
on explicit consideration of uncertainties in the slope design, the consequences of slope failure, and 
the intended design life.  It provides the ability to select defendable acceptance criteria for individual 
slopes, with easily-documented logic, and to achieve a more consistent level of risk management 
across all types of slopes. The method described in this paper does not constitute unilateral 
endorsement of the FoS approach in all situations, but is rather intended to improve the current 
practice. Application of this methodology could be extended to civil earthworks, dams or highways, 
however in these environments, design criteria are often dictated more rigidly by approved codes and 
guidelines. Further improvements to this methodology will include tables to assist in the detailed 
description of slope failure scenarios, and improved descriptions and quantification of consequence 
and confidence levels. 
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ABSTRACT 
 
This paper presents the results of an experimental study in which a strong Permian mine spoil from 
the Hunter Valley, Australia was tested under unsaturated and saturated conditions, using a large 
direct shear machine. The direct shear machine, with a specimen size of 720mm x 720mm x 600mm 
and a normal stress capacity of 4.5 MPa, was designed and constructed at the University of 
Newcastle. The spoil material tested is dominated by siltstone with some fine to medium grained 
sandstone fragments. The large size of the test device allows specimens with particles as large as 
100mm to be tested. Tests under unsaturated and saturated conditions recorded considerably 
different strengths, with peak friction angles of spoil in the unsaturated condition being as much as 
6 degrees greater than the same spoil in a saturated state. The reduced strength under saturated 
conditions is attributed to the effects of reduced matric suction within the rock fragments of the spoil, 
and the effect this has on the basic rock fragment strength. 
 
Keywords: mine spoil, direct shear, large sample, high stress  
 
 
1 INTRODUCTION 
 
The Australian open-cut coal mining industry contributes around 80% of the nation’s black coal. Safe 
and economical recovery of deeper reserves requires the resolution of a range of complex 
geotechnical issues. Design of stable spoil dumps requires prediction of the shear strength as dump 
heights, and consequences of failure, become proportionately higher.  
 
Currently in Australia there are spoil dump heights in excess of 200m and plans to achieve pit depths 
of 350m, which potentially translates to dump heights of more than 400m. Shear strength estimation 
for spoil dumps has been based on limited, very small-scale tests or on published guidelines such as 
the BMA Coal (BMA) strength framework (Simmons and McManus 2004). The BMA framework 
strengths are expressed as Mohr-Coulomb linear envelopes which were derived from small-scale 
testing, and adjusted by backanalyses of failed dumps up to 120m height. For rockfill dam design 
there is broad acceptance of a curvilinear shear strength envelope (Leps, 1970; Barton and Kjaernsli, 
1981), and if this was applicable to coal rock spoil then the BMA approach would potentially 
overestimate strengths at higher stress levels. Following acknowledgement that current spoil dumping 
practices are far exceeding the stress limit for which strength has been verified, the coal industry 
committed funding to research involving testing of the largest possible specimens of spoil to very high 
stress ranges. 
 
 
2 BACKGROUND 
 
The BMA strength framework grew out of collaborative research between CSIRO and BHP 
Engineering over the period 1978-1981, when spoil dumps rarely exceeded 90m in height. Since that 
time the industry has relied on extrapolation, backed by observations of stable dumps that are 
currently up to 350m height. Project-specific spoil testing is rare, typically based on samples scalped 
of oversize to allow direct shear or triaxial testing at a specimen scale of about 100mm, and restricted 
to effective normal stresses of 1MPa or less that can be achieved using routine equipment. 
 
Scalping of oversize particles to match device scale constraints means that the influence of large 
particles on shear strength is disregarded. Limited information available (Frossard et al., 2012; Nakao 
and Fityus, 2008) indicates that scalping of oversize leads to significant strength differences under 
certain conditions. In addition to this, the effective vertical stress near the base of a 250m dump is 
likely to be much greater than 1MPa. 
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To overcome the above limitations, a large-specimen and high-stress direct shear machine has been 
designed and constructed at the University of Newcastle. The large direct shear machine (LDSM) 
accommodates specimens with dimensions 720mm-square in the plane of shearing, and 600mm 
thick. The large specimen volume means that typical spoils can be tested with minimal resort to 
scalping. The machine can apply a normal stress up to 4.5MPa to the specimen, which is sufficient to 
simulate field-stress conditions for spoil dumps to at least 400m height, as justified below.  
 
 
3 DESIGN OF THE LARGE DIRECT SHEAR MACHINE 
 
3.1 Conceptual Design 
 
The approved budget for the project was a limiting factor in determining the largest possible specimen 
and loading system that could be constructed using the resources available for the project. The first 
design step was to estimate the expected stress-states for a 400m-high coal-measures spoil dump, 
based on the shear strength parameters provided by the BMA strength framework. These estimates 
were made in two ways: 

1. Mohr-Circle Analysis. The c-� strength envelopes for the strongest spoils in the BMA 
framework were extended beyond the framework’s implicit normal stress limit of 1.5MPa. 
Assuming the major principal stress, σ’1, to be 8MPa, equivalent to 400m of spoil cover, 
the maximum σ’n that was likely to act on a failure surface at the base of a 400m-high 
spoil dump was determined as the tangent point of the Mohr-circles defined by σ’1 = 
8MPa with the extended c-� strength envelope. 

2. Limit Equilibrium Analysis. A dump slope height of 400m was assumed, with a steepest-
possible single batter angle of 37°, equivalent to the commonly-observed angle of repose 
for dumped spoil. Stability analyses were carried out in accordance with the BMA 
framework methodology, from which the maximum normal and shear stresses acting on 
the slice boundaries of the critical mechanism were determined. 

 
The Mohr Circle analyses indicated that normal and shear stresses at failure were unlikely to exceed 
3.5MPa and 2.1MPa respectively; whilst the limit equilibrium analysis indicated that the maximum 
normal stress could range between 3.1MPa and 3.4MPa, depending on the inclination of the dump 
foundation.  Because both estimation methods were based on the BMA framework strengths, potential 
envelope curvature meant that the calculated normal and shear stresses might, if anything, 
overestimate the actual limiting stress conditions applying to 400m high dumps. 
 
Very large forces were required to generate the target stress capacities for the largest practically 
achievable test specimen.  For this reason both the compressive and shear loads were conceived as 
being applied through a self-supported reaction frame, using commercially available actuators with 
suitable load capacities and strokes.  The finalised LDSM is shown in side view in Figure 1. 
 
3.2 Split Shear Box 
 
Iterative shear box sizing was carried out for different numbers of standard actuators having a 
minimum safe-load rating of 980kN (100 tonnes). The available budget then guided the choice of a 
box with shear plane dimensions 720mm-square and a maximum specimen thickness of 600mm. 
According to relevant test methods, (ASTM D3080-98, and QTMR Q181C-2002), these dimensions 
allow for maximum particle sizes of 85mm-100mm. During commissioning it was found that specimens 
with rock fragments up to 150mm in diameter made no significant difference to the measured shear 
strength. Taking into account the shear plane dimensions, and based on the above-referenced 
methods, a maximum working shear displacement of 150mm was selected, allowing for a maximum 
relative shear displacement of 20%. 
 
The upper and lower boxes were each constructed from four pieces of 120mm thick, 250-grade mild 
steel, and to avoid potential distortion and facilitate maintenance were bolted together rather than 
welded.  Shorter sides were recessed into the longer lengths via a 20mm-deep slot, with the longer 
sides secured with high-tensile strength threaded rods. To allow for specimen compression of up to 
100mm, the upper and lower boxes were 350mm-high, and 250mm-high respectively. Shear 
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displacement is applied to the lower box and the shear stress is transmitted through the specimen to 
the upper box, which bears on load cells which are reacted by the frame. This maintains suitable 
reaction line locations for both normal force and shear force application, and it means that any friction 
at the bottom of the box does not contribute to the measured shear force. 

 

Figure 1. Side view of finalised LDSM showing split shear box and normal and shear load paths 
 
Selection of wall-thickness for the boxes was based on achieving as rigid a structure as possible, to 
minimise deflection and associated volume changes caused by transfer of forces from the actuators 
through the specimen to the reaction systems. Two loading conditions and two shear box positions 
were considered for deflection calculations, as listed in Table 1. Wall thicknesses ranging from 40mm 
to 120mm were analysed approximately by hand and checked using the Strand7 code. A wall 
thickness of 120mm was selected to achieve wall deflections of 0.25mm or less at maximum load. The 
top plate for normal load applications was similarly determined to be 80mm thick using stiffer 350-
grade steel. 
 
Table 1:  Upper and Lower Bounds of σ’n based on Available Equipment and Shear Plane Area 

 Lower split-box position 
Available Force 

actuators with nominal 100 tonne 
safe working load 

Start Position, 
shear plane area = 0.518m2

(720mm x 720mm) 

End Position, 
shear plane area = 0.410m2 

(720mm x 570mm) 
2 actuators 1960 kN σ’n  = 3785 kPa σ’n  = 4780 kPa 
3 actuators 2940 kN σ’n  = 5675 kPa σ’n  = 7170 kPa 

 
Only two actuators were required to achieve the required normal stress of 3.5MPa across the shear 
plane at the starting position.  However, three actuators were chosen to positively manage loading in 
the event of rotation of the top plate and to allow for operation at well below maximum capacity. 
 
In addition to nominal separation after initial compression, two thin ‘sliders’ that are placed between 
the boxes in the direction of shear. The sliders consist of a strip of lubricated PVC overlying a strip of 
polished stainless steel. Unloaded tests, and calibration tests on silica sand with known strength 
parameters, indicate that the sliders generate negligible resistance to the shear loading path. 
 
The assembled box can also be placed within a water-bath to enable specimens to be flooded and 
tested under saturated conditions. The water-bath consists of a stand-alone watertight external box 
fabricated from 5mm-thick stainless steel, with elongated rubber grommet seals to accommodate the 
relative movement between the water bath and the actuators. For work clearance and seal 
requirements, the shear displacement for inundated tests was restricted to 100mm, equivalent to a 
relative shear displacement of 14%. For all of the tests performed, the ultimate shear strength was 
observed to develop at relative shear displacements ranging from 3% to 10%. 

2591 

1775

720350

250

12
53

 

25
26
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3.3 Reaction Frame 
 
The reaction frame was conceived as a self-standing and internally-reacting rectangular enclosure, 
constructed from 530 UB rolled steel sections, with welded stiffeners and bolted connections. Vertical 
actuators react against the top of the frame and push the sample against the bottom. Horizontal 
actuators react against one side of the frame, to push the bottom box, which in turn transmits shear to 
the upper box which reacts against the other side of the frame (refer to Figure 1). The frame was 
initially designed using a fixed-end beam configuration then checked using Strand7 and independently 
reviewed by a structural engineering consulting firm. 
 
3.4 Compressive Loading System 
 
The compressive loading system consists of three 100-tonne double-acting hydraulic actuators 
mounted to a common base plate on the upper span of the reaction frame. They are positioned so that 
the centroid of an imaginary equilateral triangle made between the geometric centres of the three 
cylinders is half-way between the centroids of the shear-plane area at the start position (horizontal 
displacement = 0mm), and the end position (horizontal displacement = 150mm).  Tilt saddles were 
fitted to the ends of the hydraulic rams to prevent them from exerting any additional shear force that 
would increase the shear stress applied to the specimen. The tilt saddles are free to rotate in all 
directions by up to ±15°from the horizontal, but in all tests to date, only tilt angles less than 2° have 
been observed. 
 
The compressive force exerted by the actuators is transmitted to the specimen by the 80mm thick load 
cap. The bottom box rests upon a 250-grade, 50mm thick base plate which acts as the bottom of the 
box. The base plate rests on a fitted PTFE sheet, which is in turn supported by a lower, stationary 
50mm bed plate that is fixed to the lower cross members of the reaction frame.  The PTFE sheet 
provides a low-friction sliding interface, and is discussed further in the following section. 
 
3.5 Shear Loading System 
 
Shear displacements are applied to the lower split-box using two 100-tonne double-acting hydraulic 
actuators mounted to a common steel plate on one side of the reaction frame. The rams contact the 
lower shear box at mid-height, and are therefore eccentric to the shear plane. Ignoring any frictional 
losses, the hydraulic system has the capacity to mobilise a shear stress in excess of 3.5MPa at the 
shear plane. 
 
Shear displacement between the lower box and the frame is accommodated by a 4.5mm-thick, 
dimpled PTFE sheet, of the type used as a bearing in the incremental launch of concrete bridges. The 
PFTE sheet is attached to the underside of the bottom plate, and it slides on a 1.5mm-thick sheet of 
polished stainless steel that is mounted on the top of the bed plate. The PTFE arrangement was 
selected for ease of fabrication and its very low frictional resistance, with the manufacturer 
specifications reporting a coefficient of friction, μ, related to normal stress, σn (MPa) as: 
 
μ = 1.2 / (10 + σn ) (1) 
 
The coefficient of friction is hence greater for low values of σn. For the LDSM, the friction at the PTFE 
sliding interface translates to an additional 30kN to 300kN load on the actuators for tests performed at 
500kPa and 3500kPa respectively. 
 
In tests to date, shear displacement rates between 0.2 and 1.5 mm/min have been used. The shearing 
rate was initially determined using the provisions of ASTM D3080-98 for the observed time to achieve 
50% of specimen compression under applied stress. The calculated displacement rates were then 
halved to minimise the likelihood of excess pore pressures existing at the observed failure condition. 
 
3.6 Controls and Data Acquisition 
 
The hydraulic system consists of two independent hydraulic circuits powered by a split-flow electric-
hydraulic pump, and operated by a hand-held controller. The fluid flow can be set to manual or 
automatic for both splits, with the automatic flow governed by a manually-operated pressure-flow-
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control valve located on the pump. The compressive loading system generally operates in a stroke-
synchronous mode such that all three rams travel together, however they can also be operated 
independently of one another. The compressive loading circuit does not have the ability to control 
pressure, and as such, manual adjustments via the hand-held controller are required to maintain the 
target test value. Unlike the compressive system, the shearing system does not allow for the hydraulic 
rams to operate independently of each other. 
 
Compressive loads are measured by three in-line actuator pressure transducers. Shear stresses 
transmitted to the upper box are measured by two 1800kN load cells, mounted between the upper box 
and the frame.  Based on calibration tests, the pressure transducer accuracy is within ± 1.5%, and the 
shear load cells within ± 0.5%. Displacement transducers are fitted to each of the hydraulic rams and 
monitor vertical and horizontal movements to within 0.1mm.  The shear displacement rate can be 
adjusted manually within the range of 0.1mm to 50mm/minute.  All data is logged and visually 
displayed during operation, with real-time monitoring to allow for adjustments to be made manually to 
any of the load control systems as required. 
 
3.7 Design Implications and Calibration Testing 
 
The LDSM is different from a conventional direct shear apparatus in two potentially significant ways.  
Because the lower section of the shear box is displaced, a much simpler compressive load path for 
the large forces is possible. Measurement of the total shear force acting at the specimen shear plane 
is simplified by the positioning of the shear load cells. 
 
The shear application and reaction lines are not co-planar, implying that a moment is generated at the 
specimen shear plane. The design of the compression load system allows the rotation of the top plate 
to be minimised, in effect applying a counteracting moment at the specimen shear plane. This 
configuration of forces on the nominal shear plane is a significant departure from the conventional 
direct shear apparatus design, but is considered to be justified because the true stress distribution in 
any direct shear test is distinctly non-uniform and the intention of any direct shear test is to create a 
rupture surface along the nominal shear plane with minimal distortion away from the rupture surface. 
 
Inspections of post-test specimens and vertical displacement transducer data have demonstrated that 
specimen distortion in the compressive load direction is almost negligible for all types of spoil tested 
under both saturated and unsaturated conditions. A range of measured tilt angles is shown in 
Figure 2, and significantly lower than top cap tilts and specimen distortions commonly observed in 
traditional direct shear tests. Because the tilt angles are so small, it is concluded that the LDSM design 
has reduced internal distortions that are often observed with traditional shear box testing. 
 

 
Figure 2. Tilt angle vs. test normal stress for a range of spoils and saturation conditions 
 
Calibration testing was based on a comparison of LDSM and traditional direct shear tests using a 
locally well-known and consistently graded dry silica sand (Figure 3). LDSM friction angles of 31.4° 
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and 31.1° were obtained for loose sand over the σ’n ranges 600 - 1200kPa, and 600 - 3400kPa 
respectively. Friction angles of 29.5° and 31.1° were similarly measured for the same loose sand using 
commercially accredited 300mm and 60mm equipment respectively. The 300mm tests were 
performed for the project over the σ’n range 500 - 1100kPa, and separate 60mm tests by Ajalloeian et 
al. (1996) had previously been performed on similar sand for σ’n of 40 - 380kPa. It was concluded that 
the LDSM results are comparable with, and as acceptable as, those from traditional apparatuses, and 
that the 1.6° to 1.9° variation in friction angle between the 300mm box and the other apparatuses is 
most likely to be a configuration or operational feature of that particular device.   
 
 
4 MINE SPOIL MOISTURE CONDITIONS FOR TESTING 
 
Mine spoil is created from insitu coal measures rock material by the processes of excavation and 
dumping. Most insitu rock is initially saturated because it is located below the groundwater table. 
Formation of a dump occurs incrementally, so that freshly dumped spoil is initially a particulate mass 
under a low stress state. Under such conditions the particles may be initially saturated but the mass is 
unsaturated with relatively large void volume. Dump construction increases the stress state, and 
compression of the mass leads to a reduction in void ratio. Some time-dependent loss of water from 
the particles may occur by vapour transfer at particle boundaries. Most of the spoil mass within a 
dump will remain in an effectively unsaturated state, except where the void space becomes filled by 
water due to some combination of groundwater transport or compression that eliminates gas from the 
void volume. 
 

 
Figure 3. (a) Comparison of measured shear strength for a silica sand in 60mm, 300mm and 720mm 
shear boxes in the low normal stress range; and (b) Comparison for 60mm and 720mm boxes at low 
and high ranges of normal stress respectively 
 
Typically, a spoil sample will be therefore be unsaturated but have a characteristic water content that 
is a function of the conditions at the sampling location. For the research project it was determined that 
initial air-drying for a period of days at the prevailing naturally ventilated laboratory conditions was 
unlikely to have any significant effects on the shear strengths measured, while minimising the extent of 
desiccation damage caused by drying to constant mass at an elevated temperature. Measurements of 
moisture content before testing indicated that air-drying reduced the initial moisture content by roughly 
50% from the as-sampled condition, but not to anywhere near the constant-mass condition of oven 
drying. The authors believe that this preparation method provided reasonable control of the normal 
unsaturated condition of mine spoil dumps for testing purposes. 
 
Testing at LDSM-scale involves handling more than 0.5 tonnes of spoil material per test specimen, 
and the tests reported below were obtained without separating and re-combining particles of different 
size ranges and lithologies to achieve fully controlled specimen uniformity.  For this reason repeat 
tests were carried out for many compressive stress points to estimate the effects of compositional 
variability between specimens. Unsaturated specimens were initially air-dried and then loose-placed 
prior to compression. Saturated specimens were similarly treated until initial compression was 
complete, and then inundated using the water bath until no further deformation response was 
observed. This sequence was followed because it is the stress path most likely to occur when a water 
table develops in an existing spoil dump under actual mining conditions. 
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5 TESTS ON MINE SPOIL 
 
This paper describes the use of the LDSM to measure the variation in shear strength from the 
unsaturated to saturated condition for a spoil sample obtained from the Mount Arthur Mine in the 
Hunter Valley of New South Wales. The spoil was derived from a blocky fresh fine to medium grained 
Permian sandstone and siltstone sequence of medium and high rock substance strength. It had a 
small proportion of liberated clay-minerals derived mainly from the cementation of the rock substance. 
Some scalping was required with particles larger than 100mm being crushed and re-mixed with the 
bulk sample. 
 
Shear displacement rates were 0.5mm/min and 1mm/min for the saturated and unsaturated tests 
respectively. Figure 4 shows the data points for the peak strength mobilised in each test. For clarity, 
strength envelopes are not shown for these data sets, but it is immediately obvious that the saturated 
test results have an envelope that is significantly lower than for the unsaturated test results, with the 
individual test secant strength friction angle �s’ (arctan �/σ’n) varying by up to 6° between the 
unsaturated and saturated states. 
 

 

Figure 4. Variation of shear strength results for fresh Permian spoil tested under saturated and 
unsaturated conditions 
 
Reduced mass shear strength under saturated conditions was attributed to permanent and irreversible 
alteration of structure that occurs when spoils with water-sensitive mineralogies are saturated. The 
authors believe that the saturated frictional strength reduction effect is attributable to reductions in the 
strength of the spoil particles, primarily due to the effects of reduced matric suction at the particle 
boundaries. 
 
Determination of design shear strength envelopes to the test results shown in Figure 4 is not simple or 
straightforward and is a matter of judgement that is not discussed in this paper. The fresh Permian 
spoil envelope appears to be essentially linear, with no obvious reduction in secant friction angle at 
higher stress levels.  Future testing, including consideration of embedded pore pressure sensors, will 
be undertaken to further evaluate the strength phenomena that have been identified by LDSM testing. 
 
To date, LDSM test results for a wider range of unsaturated coal measures spoils have been generally 
consistent with the BMA framework parameters. For the Mt Arthur Mine spoil described in this paper, 
regarded as typical Cat 2, and the subset of Figure 4 test data performed at σ’n = 500kPa, 1000kPa, 
and 1500kPa, the linear fit was c’= 54kPa with �’= 27.5°, compared to the framework parameters of 
c’= 30 (± 15) kPa with �’ = 28° (± 3°). The slightly higher c’ interpreted from the LDSM data may be 
explained by a number of factors, including variations in machine stiffness, possible envelope 
curvature for the σ’n range used in the LDSM, or the effects of including larger particle sizes that would 
have been scalped from the small-scale shear box tests results from which the BMAC framework was 
derived. 

Unsaturated 

Saturated 
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Clearly the Figure 4 results are not consistent with the conceptual curvature of the shear strength 
envelopes that would be expected if the rockfill shear strength model of Barton and Kjaernsli (1981) 
was applicable. There are many potential factors that contribute to such differences, and these have 
been the subject of other investigations within the research project that are not reported in this paper. 
 
 
6 CONCLUSIONS 
 
Shear strength measurement in mine soils and rock fill is a difficult task because of the size of the 
sample needed to give results that are representative of the true grading of the material. It is made 
more difficult in the situation where the stresses become very large. The large direct shear machine 
described in this paper allows for direct measurement to obtain meaningful data.  
 
Shear strength data obtained to date and described above are closely consistent with some but not all 
of the BMAC strength framework. The reduction in friction angle by around 6 degrees between 
saturated and unsaturated conditions is consistent with the BMA framework of Simmons and 
McManus (2004). Evidence has been presented above that the curvilinear strength envelope concept 
of Barton and Kjaernsli (1981) may not be applicable to spoil derived from coal measures rocks. 
Separate investigations within the project are suggesting that concepts of unsaturated soil mechanics 
may be applied to unsaturated spoil materials because of the dominating role of interparticle contact 
shear behaviour within essentially granular masses. 
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ABSTRACT 

The most important state variable influencing the functionality of unbound granular materials of 
pavements due to changes in mechanical properties is moisture content. Every year in Australia, 
roads are damaged by heavy vehicles when the moisture content has reached a critical value. The 
moisture content changes with the variation of ground water table, with seasons and significantly due 
to a sudden flood. Spatial time domain reflectometry (TDR) is a new measurement method for 
determining water content profile along insulated flat ribbon cable. Measurements at different 
compaction levels are conducted to enable in situ moisture determination at different elevations of 
real roads. Using spatial TDR reading, a calibration function will be developed for monitoring water 
movement through flexible pavement and forecasting moisture content. 

Keywords: moisture measurements, TDR, flat ribbon cable, road base material 

1   INTRODUCTION 

The water content of base or sub-base materials of pavement can exert a great influence on the 
performance of the overall pavement. The increase of water content in substructure causes a severe 
deterioration of pavement structure by expansion of soil and as a consequence a decrease in its 
bearing capacity. Time- Domain Reflectometry (TDR) is one effective non-destructive method for 
continuous monitoring of water content of in pavement materials along insulated flat ribbon cable. 
 
TDR is a remote sensing electrical measurement technique that has been used for many years for 
various purposes (Andrews 1994). It was used in telecommunication and computer network for 
localising damages in long coaxial cables. Now-a day, it is widely used in civil and agricultural 
engineering for monitoring soil moisture, localized deformation of rock and soil and monitoring 
structural deformation as well. 
 
The investigations of Topp et al. (1980) formed the basis for the application of TDR for moisture 
measurement of soil. He developed an equation for deriving moisture content from permittivity 
measurements which is independent of soil type and density. Other researchers found that the 
relationship presented by Topp et al. (1980) did not work well for organic and clayey soils (Dasberg 
and Hopmans 1992). 
 
Non-insulated metallic two or three rod probe are normally used as transmission lines (Figure1) for 
conventional TDR applications to measure electrical permittivity. These kinds of probes are providing 
point-wise moisture content measurements as a mean value along the length of rod. Major advantage 
of using non-insulated metallic rods is the possibility of calculating directly the permittivity of the 
material surrounding the waveguide from the wave velocity (Whalley, 1993; Heimovaara and Bouten, 
1990), which can be determined using simple travel time analysis. However, a serious limitation in the 
use of uncoated rods is the restricted length, which is limited to a maximum of about 1 m for use in 
soils because of losses caused by the electric conductivity of the moist soil (Dalton and van 
Genuchten, 1986; Scheuermann et al. 2009). 

To avoid the limitation of length, Scheuermann et al. (2009) proposed insulated flexible flat ribbon 
cable as longer transmission lines and successfully used it to observe changes in the moisture 
content distribution with in a levee model in Germany. Ribbon cables show much less pulse 
attenuation than uncoated sensors in the same medium. Cable with different geometries and designs 
have been developed and manufactured in the past, from simple concentric insulation to sophisticated 
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multi-wire structures (Huebner and Brandelik, 2000a, 2000b).The that flat ribbon cable used in the 
presented investigations was originally developed for water content measurements in snow. 
 
The presented paper describes the determination of moisture content and calibration relationship by 
using TDR along with flat ribbon cable sensor. 
 

 

 
 

Figure 1. TDR arrangements with three rod probe (Drnevich et al. 2005) 

2   BASIC PRINCIPLES 
 
The flat ribbon cable used in the presented study consists of three copper wires covered with 
polyethylene insulation as shown in Figure 3. The advantage of flat ribbon cables is the reduction of 
the influence from the electrical conductivity on the wave propagation (Scheuermann et al. 2009). 
This permits the use of flat ribbon cables with lengths of up to 40 m, if mean water contents are to be 
measured (Stacheder et al. 2005). 
 
Basically, travel time of the TDR pulse wave (Figure 7) is the most important parameter to calculate 
the permittivity of the material surrounding the ribbon cable. Three parallel copper wires with 
polyethylene insulation (Figure 3) and the corresponding capacitance model (Figure 2) are presented 
here. The mean capacitance of this model is calculated by using Equation 2 which is a function of 
individual capacitance and permittivity. The measurements are conducted on known length of the flat 
ribbon cable.  
 

 
 

Figure 2. Capacitance model of the flat ribbon cable sensor (Scheuermann et al. 2008) 
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Figure 3. Flat ribbon cable with copper wire and polyethylene insulation connected with co-axial cable 
(left) and complete ribbon cable sensor (right) 

As the pulse propagates through the ribbon cable, reflected voltage is measured using the TDR 
device. The reflected voltage is plotted in time domain as shown in figure 6 where raw data have been 
plotted for different water contents .As a first analysis step, data are prepared by presenting the date 
in the time domain relative to the start of the measurement. The so called tangent method is used for 
getting the accurate one way single travel time as shown in figure 7. Subsequently, capacitance 
Ɛ 	is calculated using equation 1 where wave velocity is known and Impedance, L=7.56*10-7 is 

constant. 
 

V
one	way	tarvel	time

length	of	flat	ribbob	cable
1

L ∗ C Ɛm
																																																																																																											 1  

 
Once Ɛ  is know from equation 1, it is possible to calculate permittivity Ɛ  from equation 2 as 
capacitances 1  3.4*10-12, 2  323*10-12, 3  14.8*10-12 are constant for the flat ribbon cable. 
 

C Ɛm
ƐmC1. C2
ƐmC1 C2

C3																																																																																																																																																			 2  

 
Finally, volumetric water content  can be calculated using equation 3 which is proposed by 
Lichtenecker and Rother (1931) for a simple three phase mixing model at a frequency of 1GHz. 

Ɛm θ. Ɛw 1 n Ɛs n θ Ɛa 																																																																																																																			 3  
 
Where permittivity of water is Ɛ =81 for 250 Celsius (Kaatze 2005), of solid mineral grains, Ɛ  =4.5 
and of air, Ɛ =1. Moreover,  is called a structure parameter which is almost equal to 0.45 and  is 
the porosity of the material. 
 

        
Figure 4. (a) Setting up of flat ribbon cable in between compacted road base material in wooden 
calibration box (50cm*15cm*12cm), (b) crushed rock material 
 

Copper wirePolyethylene 
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2.1    EXISTING MODELS USING ROD PROBE SENSOR 
 
A literature review shows that there are several relationships available for calculating volumetric water 
content (θ) from permittivity (ε  using TDR with rod probe sensor. The cubic relationship with 
permittivity to obtain the volumetric water content is shown in Equation 4. 
 
θ a a ε a ε a ε 																																																																																																																												 4	  

 
Table 1: Comparison of empirical formulas for permittivity and moisture content relationship 

Reference a0 a1 a2 (x10-4) a3 (x10-6) 

Topp(1980) -0.053 0.0292 -5.5 4.3 

Baran(1994) -0.0622 0.0238 -6.0 6.0 

Jiang & Tayabhi 
(Course)(1999) -0.0579 0.0342 -13.12 23.1 

Jiang & Tayabhi (Fine)(1999) 0.00476 0.0276 -6.167 4.76 

Jiang & Tayabhi (All)(1999) -0.00812 0.0239 -4.427 2.92 

Ekblad(2007) -0.0586 0.0250 -6.05 5.73 

  
Table 1 presents a list of cubic equation coefficients which have been fitted for road constructions. 
The best known and probably earliest cubic relationship is the Topp equation (Topp et al. 1980).  
However, Baran (1994) found that the Topp equation was valid for loosely compacted crushed rock 
(1.5 g/cm3) and for clay subgrade material with a dry density of 1.85 g/cm3 only. It was unsuitable for 
crushed rock compacted to 2.0 g/cm3.  He developed a relationship to use with dense granular paving 
materials. 

Moreover, Jiang & Tayabhi (1999) developed several empirical formulas based on the same equation 
form as Topp and Baran for coarse and fine grained soils.  In addition, Ekblad (2007) calibrated an 
empirical formula based on experimental results for two different coarse granular materials, which 
showed only minimal difference between the two materials. So Ekblad developed one regression 
equation which was constrained to reach a permittivity of 80 at saturation of the material. 

2.1.1 EXISTING MODEL USING FLAT RIBBON CABLE 

The setup procedure for two-ended spatial TDR measurements using flat ribbon cables as 
transmission lines is shown in Figure 3 & 4. The differences between this setup and the setup for 
conventional TDR measurements mainly concern the electrical boundary conditions at the end of the 
transmission line. At the transition between the coaxial cable and the flat ribbon cable part of the 
pulse is reflected because of impedance mismatch. The remaining pulse travels along the flat ribbon 
cable until it reaches the transition to the second coaxial cable at the opposite end of the flat ribbon 
cable (Figure 4).  
 

 
Figure 5.  Measurements on a flat ribbon cable (half of the cable is located in saturated soil): (a) 
reflection data from the top (labeled 1) V1(m)(x, t) and from the bottom (labeled 2) V2(m)(x, t) of a flat 
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ribbon cable,(b) spatial distribution of the capacitance, (c) distribution of the real permittivity, and (d) 
distribution of the volumetric water content 

Although the measurements are conducted from opposite ends of the flat ribbon cable, the mean 
velocity of both measurements must be equal. This acts as a first indication of the quality of the TDR 
measurement. An example of an actual two-ended measurement along a flat ribbon cable is given in 
Figure 5. Spatial TDR was first successfully used in a full-scale levee model made of sandy soil 
(Scheuermann et al. 2009). However, no-one up to now has experimented TDR with ribbon cable 
sensor for the monitoring purpose of road base or sub-base material in pavement construction. 
 

3   REFLECTED SIGNAL AND DATA ANALYSIS 
 
Some representative TDR measurements are shown in Figure 6 where Y axis shows reflected voltage 
which depends on the amount of moisture in the medium surrounded the sensor and X-axis shows 
the travel time required by the voltage pulse to travel along the sensor.  

 
 

 
Figure 6. TDR ribbon cable (top) and the corresponding pulse wave for different water content of 
crushed rock materials 
 

The first local maximum point is termed as initial inflection point (A) representing the point at which 
the pulse enters the ribbon cable from co-axial cable and the following local minimum is termed as 
final inflection point (B) representing the point at which the pulse passes the other end of ribbon cable 
and inters the second co-axial cable at the other end. The time difference between the two inflection 
points gives the time spent by the signal travelling along the sensor. The dielectric permittivity of the 
material adjacent to the ribbon cable affects the travel time of the pulse wave. 

A

B

A B
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In a report for the FHWA, Jiang and Tayabhi (1999) outlined the two main methods for interpreting the 
TDR traces including a reference to Klemunes (1998) and also detail the logic used in their 
interpretation software.  The method of interpretation used in this report is the method of tangent 
(Hore-Lacy et al. 2014). 
 
3.1   METHOD OF TANGENTS 
The method of tangents uses several tangents to find the most accurate time gap between two 
inflection points (Figure6). The method of tangent used for this paper was adapted from the computer 
method outlined in FHWA 1999. 

3.2   DEVELOPING THE TANGENTS 

 First horizontal tangent is placed on the trace at the maximum point A or parallel to the trace. 

 The 2nd tangent is placed at the point of maximum gradient between 1st tangent and point A.  

 The 3rd and 4th tangents are placed on the trace meeting the point B and on the point of 
maximum gradient for point B respectively. 

 Each tangent is represented as a linear function so the intersection points can be calculated to 
determine the pulse travel time. 

 
Figure 7. Travel time calculation of TDR trace by tangent method with inflection using MATLAB 
 
4    RESULTS 
 

The volumetric water content and electrical permittivity relationship for flat ribbon cable along with 
other models are presented in figure 8. It is clearly observed that the relationship obtained using flat 
ribbon cable for road base material is fully harmonized with Topp model although Topp used rod 
probe for his analysis. Jiang & Tayabhi’s model for course material is also very close to the result 
using flat ribbon cable for low to medium permittivities. Baron’s model shows lower volumetric water 
contents with respect to other models. As Baran developed a relationship for the granular paving 
materials with constant density, it may be a major issue of variation. 
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The three dimensional distribution of permittivity, volumetric WC and porosity is presented in figure 9. 
It is observed that volumetric water content increases with increasing permittivity and vice versa. 
Moreover, permittivity decreases with decreasing porosity. This three dimensional distribution is fully 
compatible with figure 8 and the theory represented by equation 3. 
 

 
Figure 8.  Volumetric water content Vs permittivity at a frequency of 1 GHz 

 

Figure 9. Distribution of Permittivity, Volumetric WC and Porosity of road base material 
 
5   CONCLUSION 
 
The most significant state variable influencing the stiffness and thus functionality of unbound granular 
materials of pavement is the moisture content. This paper describes the determination of moisture 
content and the development of a calibration relationship by using TDR along with flat ribbon cable 
sensor for crushed rock which is typically used for road base material. The relationship between 
volumetric water content and electrical permittivity for flat ribbon cable corresponds very well with the 
well-known Topp model and is very close to other models as well. Moreover, the three dimensional 
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distribution of electrical permittivity, volumetric water content and porosity is quite well-matched with 
the physical theory. 
 
This non-destructive moisture monitoring method can be operated during pavement construction and 
during the life time, such a system which would give remote real time moisture content and other 
information over the entire life of the road which can be used to assess the performance of the road.  
 
Future investigations are planned using a plastic box as calibration container to avoid moisture 
absorption which might have happed for wooden box. Moreover, tangent travel time analysis has 
some limitations in getting the most accurate travel time between the inflection points. This method is 
also scrutinized and compared with other available methods for determining the travel time. 
Furthermore, other measurements techniques are scheduled to be used as well for comparison 
purposes, such as dielectric spectroscopy and ground penetration radar. 
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ABSTRACT 
 
The effectiveness of geo-reinforcement in terms of reducing the rutting depth of a trafficable surface is 
often reported in literature. However the quantification of this magnitude in regards to increases in 
measured stiffness parameters (Young’s Modulus, E) is rarely reported. This study was completed to 
quantify the magnitude of change within a material’s in-situ modulus value associated with the 
inclusion of typical reinforcement materials. This paper details the results of an in-situ testing study 
completed to quantify the effect that the installation of a single layer of three (3) types of geo-
reinforcement (geotextile, geogrid or geocell) had on the composite stiffness of a loosely placed gravel 
material. In this study, in-situ modulus was measured via the use of a Light Falling Weight 
Deflectometer (LFWD), a quasi-static plate load test.  The LFWD is a comparatively quick, non-
destructive test that can be used for direct composite modulus estimation of the near-surface profile, 
either as a QA or investigative tool. Each of the three (3) types of geo-reinforcement considered was 
expected to apply a restraining force (albeit via different mechanisms) to the surrounding gravel which 
would result in stiffness increase exhibited by the composite arrangement. The results of the 
investigation suggested that the inclusion of geo-reinforcement could increase the composite modulus 
value by up to 100% in comparison to moduli values determined within non-reinforced material. 
However, the magnitude of observed modulus increase was found to be significantly dependent on the 
type of geo-reinforcement and depth of its installation within the gravel profile. 
 
 
Keywords: Light Falling Weight Deflectometer (LFWD), Elastic modulus, subgrade, geogrid, geotextile 
 
 

1 INTRODUCTION 
 
This paper details a field testing study completed to quantify the effect that the installation of a single 
layer of geo-reinforcement – in the form of geotextile, geogrid or geocell materials – had on the 
composite stiffness of a loosely placed gravel material, measured as the in-situ Young’s Modulus (E). 
 
Literature suggests that the composite Young’s Modulus value would increase with the addition of 
geo-reinforcement to a granular material unit. However, as different types of geo-reinforcement rely on 
different mechanisms to provide ground improvement this study aimed to quantify the improved in E 
values and produce a ranking on the effectiveness of each tested type of geo-reinforcement. In 
addition, by varying the depth at which the geo-reinforcement was placed within the gravel unit, the 
most effective depth of placement of the geo-reinforcement in providing a quantifiable improvement 
within a ‘stiffness’ measurement completed at the surface was assessed. 
 
 

2 RATIONALE FOR STUDY 
 
By necessity we, as design and construction engineers, often rely on manufacturer provided literature 
and data regarding the performance of geo-reinforcement products. However, although QA tests are 
required to be completed upon the reinforcement material itself during production, there is no formal 
testing requirement to prove, or even quantify, any improvement provided by such materials once they 
are installed within a soil mass.  
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Whilst we generally think of such improvement in terms of composite strength, there is also an 
improvement in modulus (i.e. reduction in material deformation under loading conditions). The 
effectiveness of geo-reinforcement in terms of reducing the ‘rutting depth’ of a trafficable surface after 
repeated loading cycles (e.g. wheel loading of pavement materials), or the ability of a geo-reinforced 
material to carry an increased number of traffic load repetitions is often reported in literature (e.g. 
Tensar, 2003). Similarly, geo-reinforcement manufacturers advocate the placement of a reinforcement 
layer either upon a subgrade soil material with low bearing capacities or as a constituent within a road 
pavement profile. The argument for their inclusion is that the geo-reinforcement will either reduce the 
required pavement / working platform thickness or the observed depth of rutting.  
 
As the inclusion of a geo-reinforcement layer is identified as a way to improve the number of load 
repetitions that can be carried prior to pavement degradation or failure, their presence is presented a 
method of extending the life span of a pavement. However, actual quantification of the magnitude of 
any increase in measured stiffness parameters due to the inclusion of such reinforcement is rarely 
reported, and thus not directly available for altering material parameters adopted for design. This 
research focuses on a formal assessment of the variation in a stiffness parameter due to the inclusion 
of geo-reinforcement materials, quantified by the variation of the in-situ Young’s Modulus (E) 
parameter obtained by testing utilising a Light Falling Weight Deflectometer (LFWD). 
 
A number of factors would likely influence the determined composite (material and geo-reinforcement) 
modulus value, including: 
 

 Type of geo-reinforcement (strength or grade of material; orientation or arrangement of 
reinforcement elements) 

 Depth of geo-reinforcement placement compared to testing location 
 Magnitude of load to be placed upon the surface (as modulus is a stress dependent property) 
 Type of fill material surrounding geo-reinforcement 
 The number of load repetitions (modulus would likely degrade over lifetime of material) 
 The stiffness of the underlying material 
 The design life of the constructed element 

 
The research summarised within this paper focuses primarily upon the first three (3) of these listed 
factors. This work provides a fundamental understanding of any stiffness gain due to the introduction 
of geo-reinforcement, and is independent of manufacturer produced literature. 
 
 
3 METHODOLOGY 
 
All field tests completed for this study adopted the same general methodology, whereby a single layer 
of geo-reinforcement (geotextile, geogrid or geocell) was placed within a mass of loosely packed 
gravel. For each of the constructed arrangements an in-situ Elastic (Young’s) Modulus parameter, in 
the form of an ELFWD value, was determined using the Prima 100 LFWD testing equipment.  
 

                          
(a)       (b) 

Figure 1. Prima 100 LFWD; (a) during fieldwork and (b) in cross-section (after Fleming et. al., 2007) 
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3.1 Testing Equipment 
 
In-situ testing to determine the Young’s Modulus of the composite material (ELFWD) was completed via 
the use of a Prima 100, a commercially available LFWD. This instrument, as shown in Figure 1, is a 
quasi-static plate load test, in which a sliding 10kg weight is manually raised upon a guide rod and 
dropped onto a rigid base plate instrumented with a load cell and velocity transducer. A load pulse is 
generated when the weight is dropped upon the rubber dampers, which passes through the rigid plate 
and into the ground as a uniform stress. The load cell and deflectometer measures the imparted force 
and deflection of the ground below the centre of the plate respectively. 
 
As both force and deflection values are measured over the duration of the load pulse, the composite 
Young’s Modulus (ΕLFWD) over the zone of test influence can thus be derived by the classic static 
elastic theory (Boussinesq elastic half-space) equation, as shown in Equation 1. Previously identified 
limitations relating to use of static elastic theory for interpretation of LFWD results (which is a semi- 
dynamic test) are detailed in Fleming et. al. (2007, 2009), and include a phase lag between the timing 
of the observed peak force and maximum deflection values: 
 

ΕLFWD = [A x P x R x (1 – 2)] / d0       (1) 
 
Where:   A = Plate rigidity factor (π/2 for rigid plate)  P = Maximum Contact Pressure 

R = Radius of plate      = Poisson’s Ratio 
d0 = Peak deflection 
 

It is estimated that the Coefficient of Variation (CoV) of the calculated ELFWD value for granular 
materials is approximately 15%, based on work published by Fleming et. al. (2009) and the estimation 
of repeatability from the data collected in this study. This CoV value includes equipment, procedural, 
operator and material variability, and compares favourably to traditional testing techniques, such as 
CBR testing (17 to 58%, as reported by Lee et. al, 1983) or field penetration tests such as the 
Dynamic Cone Penetrometer Test (DCP) and Standard Penetration Test (SPT) (both >50%, as 
reported by Mellish et. al., 2014 and Phoon and Kulhawy, 1999 respectively). 
 
3.2 Materials and Expected Behaviour 
 
The study considered three (3) distinct types of geo-reinforcement; BidimTM non-woven geotextiles, 
Tensar® geogrids™ and Geofabrics Australia’s Ecoweb™ (geocell). In order to ascertain if the tensile 
strength of the geo-reinforcement affected the in-situ modulus, two (2) grades of both the geotextile – 
A29™ and A49™ – and geogrid – SS-30™ and TriAx™ – were independently tested. Accordingly, this 
study evaluated modulus increases associated with five (5) geo-reinforcement material variants. 
 
The inclusion of a layer of geo-reinforcement within a gravel mass was expected to provide an 
increase in the measured modulus of the composite material via the application of a restraint to the 
free movement of loosely placed gravel. By the reduction or total restriction of movement of a portion 
of gravel material, any deformation observed at the surface was also be expected to decrease and, 
accordingly, the modulus value determined via monitoring surface deflections under measured loads 
would increase. 
 
As presented in Figure 2, each of the three (3) types of geo-reinforcement tested (non-woven 
geotextile, geogrid, and geocell) were expected to provide a restraining force to the surrounding gravel 
via a different mechanism. The geotextile material would, upon loading, be expected to become a 
tensioned membrane and restrict the gravel material’s movement; the geogrids would be expected to 
provide an interlocking membrane effect to laterally restrain the surrounding gravel material; whilst the 
geocell would provide a confinement effect to the material located within its vertical walls. 
 
3.3 Test Arrangements and Procedure 
 
For each geo-reinforcement test completed, a single layer of the geo-reinforcement was placed over 
250mm of loosely packed gravel material within a 900mm by 565mm plastic container (i.e. rigid 
boundaries providing confinement to the gravel). The diameter of gravel varied between tests 
completed utilising geotextile reinforcement (5mm diameter gravel) or geogrid or geocell reinforcement 
(20mm diameter gravel).  
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(a)     (b)    (c) 

Figure 2. Various boundary conditions through which geo-reinforcement materials provide restraining 
forces to the surrounding materials; (a) Geotextile tensioned membrane effect; (b) Geogrid 
confinement via horizontal constraint; and (c) Geocell (vertical) walls preventing material movement. 
 
The installed geo-reinforcement was then subsequently covered with a defined thickness of the same 
gravel as used for the 250mm base layer. For the non-woven geotextile, tests were completed upon 
cover thicknesses of 0mm, 50mm, 150mm and 250mm. For other geo-reinforcements (geogrid and 
geocell), arrangements incorporating cover thicknesses of 50mm and 100mm were constructed. Table 
1 presents a summary of each of the testing arrangements completed for this study, whilst Figure 3 
presents the concept of the constructed arrangements completed for each type of geo-reinforcement. 
 
After the construction of the geo-reinforced gravel mass, the in-situ composite stiffness was 
determined for each arrangement using the LFWD. For each arrangement, separate LFWD testing 
was completed utilising a 100mm and 300mm diameter rigid plate, and repeated for various 
(standardised) heights of weight drop. Due to the smaller diameter plate, a much higher stress was 
imparted by the rigid plate when the 100mm diameter plate was employed (refer Equation 1) – the 
100mm diameter plate imparts a stress value approximately nine (9) times higher stress than that 
observed when using a corresponding weight drop height and a 300mm diameter plate. 
 
For each of the eight (8) LFWD tests (i.e. loading arrangements) completed upon each composite 
arrangement, four (4) standardised weight drop heights were utilised for tests completed with the 
100mm and 300mm diameter rigid plate (weight drop heights of 210, 420, 630 and 785mm). Tests 
involved the completion of a series of weight drops (n ≥ 10) from each standardised drop height, such 
that any ‘seating’ and ‘outlier’ values could be identified within the recorded dataset. The equipment 
and methodology of LFWD testing was in accordance with relevant international standards and 
recommendations (e.g. ASTM-2835, IAN 73/06).  
 
Table 1: Geo-reinforcement material and gravel (diameter and thickness) variants 

Geo-Reinforcement Inclusion Gravel Dia. 
(mm) 

Gravel Thickness (mm) 
Type Name / Class Base Cover 
NIL 

(Unreinforced) 
N/A 5 

250 

N/A 
N/A 20 

Geotextile 
Bidim A29 5 

0, 50 150 250 
Bidim A49 5 

Geogrid 
Tensar SS-30 20 

50, 100 Tensar TriAx 20 
Geocell EcoCell (90mm depth) 20 

 

 
Figure 3. Concept of tested material arrangements (geotextile variation shown) 
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4 RESULTS AND DISCUSSION 
 
For each LFWD weight drop height and constructed geo-reinforced arrangement, a standardised data 
inspection and filtering process was applied and an in-situ modulus value (ELFWD) value determined. 
The filtering process included the removal of seating blows and data outliers, as per previously 
published methodologies (e.g. ASTM-2835, IAN 73/06).  
 
Prior to the influence of any geo-reinforcement, the general relationship between test stress and 
modulus was expected to be linear, as presented in Figure 4. In order to allow a direct correlation 
between each of the tested material arrangements, the reported ELFWD values were interpolated to 
standardised test stress values. These stress values – 50kPa, 75kPa and 100kPa for the 300mm 
diameter rigid plate and 500kPa, 750kPa and 900kPa for the 100mm diameter rigid plate – are within 
the expected test stress ranges, as shown in annotations included in Figure 4. 
 

  
Figure 4. Expected linear relationship between observed ELFWD values and max. test stress for uniform 
material within LFWD zone of influence. Note significant change of stress based on utilised plate dia. 
 
Assessment of the effect of the layer of geo-reinforcement was undertaken by direct comparison 
between the corresponding standardised ELFWD values determined for the reinforced and unreinforced 
arrangements. In line with previous recommendations (Fleming et. al., 2009), and based on the CoV 
values determined in this study, a ELFWD value within 15% of the unreinforced (‘baseline’) value was 
considered to represent no in-situ modulus change.  
 
4.1 Non-Woven Geotextile 
 
Figure 5 displays the ELFWD values derived for each of the tests completed upon the non-woven 
geotextile materials using (a) a 300mm diameter rigid plate; and (b) a 100mm diameter rigid plate. As 
seen in these results the only observable increased ELFWD modulus values occurred at tests conducted 
with lowest stress magnitude ( < 60kPa). The stiffness results obtained from tests completed with the
 

          
(a)        (b) 

Figure 5. ELFWD values with geotextile inclusions compared to unreinforced gravel. (a) ELFWD values 
obtained using a 300mm diameter plate; (b) ELFWD values obtained using a 100mm diameter plate. 
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100mm diameter plate appear to be relatively consistent with the ELFWD values calculated for the 
unreinforced arrangements (refer Figure 5b), in which with the majority of results (20 of 24 tests, 84%) 
plotted within the accepted range of ELFWD variation (±15%). 
 
Within the range of test stresses that displayed improvement due to the inclusion of a geotextile layer 
(i.e.  < 60kPa), the magnitude of modulus improvement was observed to vary up to a maximum of 
67%. As presented in Figure 6, there appeared to be an initial increase in ELFWD values when LFWD 
testing was completed directly upon the geotextile material, whereby ELFWD values increased by 20% 
to 33% over the corresponding unreinforced material moduli. Although this increase disappeared 
when 50mm of gravel cover was placed upon the material, once at least 150mm of gravel cover was 
installed an improvement above baseline modulus values was again repeatedly observed, with the 
magnitude of modulus improvement increasing with depth of gravel cover. The strength class of 
geotextile did not always reflect the magnitude of observed ELFWD improvement, with the lower 
strength geotextile (A29) providing higher ELFWD values (by up to 33%) than the corresponding tests 
conducted with high strength (A49) geotextile installed and at least 150mm of cover placed. 
 

  
Figure 6. Increase (%) of standardised in-situ modulus (ELFWD-50kPa) based on gravel cover thickness 
for 50kPa tests completed upon geotextile reinforced and unreinforced 5mm gravel (loosely placed). 
 
These results confirmed that non-woven geotextile products should be used solely to provide a 
separation or filtration function, rather than for any reinforcement purpose. Any modulus increase due 
to the inclusion of such a material appeared to be limited to the low stress test state ( < 60kPa) and 
within low modulus values (ELFWD ≤ 10MPa). This was interpreted to indicate that at higher test stress 
values ( ≥ 60kPa) a bearing capacity failure of the composite arrangement likely resulted, in which 
the non-woven geotextile was, along with the surrounding gravel, significantly displaced and thus not 
able to provide any material confining effect. Visual observations supported this interpretation, in 
which the deformation created within the gravel arising from LFWD testing was significantly deeper 
when the 100mm diameter plate was used (in comparison to the 300mm diameter plate). Tests 
completed with the wider (300mm) plate produced a uniform, 20mm deep depression across the full 
LFWD footprint whilst other (100mm) tests produced a deeper, conical depression / heaved surface. 
 
4.2 Geogrid and Geocell 
 
The same method of result analysis was adopted for tests completed upon the geogrid and geocell 
reinforcement materials. Figure 7 plots the calculated ELFWD values for each of the geogrid and geocell 
arrangements tested. As per the geotextile results, no modulus improvement due to the inclusion of 
geo-reinforcement was observed in the tests involving the 100mm diameter plate or the higher stress 
state associated with the 300mm diameter plate (i.e.  ≥ 85kPa). 
 
For the tests in which modulus increases were noted (i.e.  < 85kPa), both the magnitude of ELFWD 
increase and depth to which increases above the unreinforced E values continue appears to be 
reinforcement material type specific. When 50mm gravel cover was installed, only the tests imparting 
the lowest stress (50kPa) displayed improved E values. However, once 100mm gravel was installed, 
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(a)        (b) 

Figure 7. ELFWD values with geogrid and geocell inclusions, compared to unreinforced material. (a) 
obtained using a 300mm diameter plate; and (b) obtained using a 100mm diameter plate. 
 
increased E values were observed in both the 50kPa and 75kPa standardised ELFWD values, with the 
50kPa values indicating greater improvement than that observed in the 50mm cover tests. This 
suggests that the magnitude of the stiffening response to geo-reinforcement inclusions increases with 
the depth of burial. However, due to the limited thickness of gravel cover included in this study (max. 
100mm thick gravel cover), the optimum depth at which the geo-reinforcement could be installed to 
observe the maximum E increase in surface based testing was unable to be quantified. 
 
As shown in Figure 8, the effect of the inclusion of a geogrid or geocell as a geo-reinforcement layer 
fundamentally alters the linear relationship between the in-situ modulus (ELFWD) and imparted stress 
magnitude (as previously presented in Figure 4). Instead, the reinforced composite mass effectively 
increases the modulus towards a constant ELFWD value (as evidenced by the sub-horizontal lines to the 
left of the graphs in Figure 8) until the imparted stress level increases and the altered relationship 
intersects the unreinforced gravel’s linear relationship. Beyond this intersection (right hand side of 
graphs in Figure 8) no difference between the reinforced and unreinforced ELFWD value was observed. 
 

        
(a)        (b) 

Figure 8. ELFWD values based on type of geogrid and geocell inclusion, compared to unreinforced 
material; (a) For 50mm gravel cover; and (b) For 100mm gravel cover (tested using 300mm dia. plate). 
 
Of the two (2) geogrids types tested, the TriAx reinforcement consistently outperformed the SS-30 
geogrid, always returning a superior ELFWD in the results that demonstrated a modulus improvement 
from the corresponding unreinforced arrangements (i.e.  < 85kPa). The TriAx reinforcement layer 
demonstrated a modulus increase of up to 111% compared to the ‘baseline’ ELFWD values, whilst the 
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SS-30 geogrid showed a maximum of 92% improvement. Similarly, in tests completed using 50mm 
gravel cover the TriAx reinforcement returned ELFWD-50kPa values up to a 32% higher than the 
corresponding SS-30 arrangement value. 
 
The geocell demonstrated the highest observed modulus improvement of the study once 100mm of 
gravel had been placed over the reinforcement cell, with a maximum ELFWD improvement of 137% 
observed in ELFWD-50kPa values. This modulus improvement was 26% greater than the corresponding 
testing completed with TriAx geogrid, and was interpreted to imply that the vertical walls of the geocell 
were more effective at providing material confinement (or affects a greater area of gravel material) 
than the rigidity provided by mechanical interlock associated with horizontally orientated geogrids. 
 
 
5 CONCLUSIONS 
 
This independent study assessed the relative improvement in in-situ stiffness when various types of 
geo-reinforcement products were incorporated into loosely placed gravel. A Light Falling Weight 
Deflectometer (LFWD) was used to measure the in-situ modulus and, based on the results of these 
tests the following conclusions were made: 
 

 As applied shear stress increased, observable improvements in in-situ modulus reduced. In 
the case of geotextiles a test stress value above 60kPa demonstrated no increase to in-situ 
modulus. For the geogrid and geocell materials tested this cut-off value increased to 85kPa.  

 Inclusion of geotextile was observed to have the smallest effect on the in-situ modulus 
improvement. A maximum improvement of 67% was observed in testing involving geotextiles. 

 The inclusion of a layer of geogrid improved in-situ modulus values by up to 111%. The type 
of geogrid installed affected the magnitude of modulus increase, with the TriAx geogrid 
consistently outperforming the SS-30 (biaxial) geogrid (by up to 32% greater improvement). 

 Of the tested geo-reinforcements, the inclusion of a single geocell provided the greatest 
increase to the surface measured in-situ moduli. The maximum in-situ modulus improvement 
observed (137%) was found when the geocell was installed under 100mm of gravel cover.  

 Observed in-situ moduli improvement was greatest when cover gravel depth was maximised. 
To determine the optimal location to install reinforcement within a material profile, such that 
maximised in-situ modulus improvement is observed at surface level, requires additional trials. 
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ABSTRACT 
 
In the general Mechanistic-Empirical pavement design guideline, the design parameter normally used 
in representing the response of stabilised pavement material is the elastic modulus measured from a 
statically-monotonic compression test. Nevertheless, this elastic modulus may not respond to actual 
behaviour of real pavement which is subjected to cyclic loading from moving vehicles. Using the 
elastic modulus in pavement analysis could lead to an inaccurate estimation of the stress-strain 
relationship which is relevant to a pavement response prediction under traffic loading conditions. In 
this research, the dynamic modulus of cement-stabilised material measured from Asphalt Mixture 
Performance Tester was examined to be used as a pavement design parameter with consideration of 
cyclic (traffic) loading conditions. The laboratory results from this research reveal that the cyclic 
response of cement-stabilised material in term of the dynamic modulus is not much affected by a 
variation on temperatures and loading frequencies. However, the dynamic modulus is greatly 
influenced by cement contents and curing periods. Moreover, the elastic moduli measured based on 
different strain rates was also examined. In order to compare the effects of modulus to the pavement 
response, finite element analysis was performed in this research by altering the modulus of base 
course layer. Flexural modulus of cement-stabilised base material determined by Chummuneerat et al. 
(2013) was also included in the finite element analysis. The results of the finite element analysis show 
that a tensile strain at a critical location can be reduced by 20% if the elastic modulus of a base course 
layer were replaced by the dynamic modulus and the flexural modulus. In addition, stress induced by 
the traffic load can be evenly transferred to the subgrade layer by applying the dynamic modulus and 
the flexural modulus in the analysis. 
 
Keywords: Cyclic Response, Dynamic Modulus, Finite Element Method, Cement-Stabilised Base 
 
 
1 INTRODUCTION 
 
The cement-stabilised materials are commonly used in a high traffic road pavement due to its 
relatively high stiffness, and its capability to evenly distribute the traffic load to an existing ground 
(subgrade) layer. This cement stabilisation technique is also applied to road construction using poorly-
graded materials (i.e., sub-standard materials) in a pavement base layer, due to well-graded materials 
being very expensive or unavailable (Berthelot et al. 2010). To date, the road pavement containing 
cement-stabilised base material can be designed using various approaches; however, mechanistic 
design approach is becoming more preferable (Huang 2004). In mechanistic pavement design, 
pavement response in terms of stresses and strains induced by the moving wheels and axle load is 
significant. The reason is suitable pavement materials and proper thicknesses are fundamentally 
designed based on the pavement response. Moreover, estimated tensile strain is very important to the 
fatigue performance of cement-stabilised base material. This can be distinguished from the commonly 
used fatigue-life empirical formula adopted in Australia (Austroads 2010) as shown in (1). 
 
Nf = RF[((113,000/E)0.84+191)/]m (1) 
 
which RF is reliability factor for cement-stabilised materials, Nf is allowable number of standard load 
repetitions, E is material modulus,  is horizontal micro-tensile strain at the bottom of the base, and m 
is the damage exponent. The value of m recommended by Austroads (2010) is 12. According to the 
guideline, the application of (1) is limited by the modulus of cement-stabilised material. The equation is 
only suitable for cement-stabilised material with the value of elastic modulus ranges from 2,000 to 
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10,000 MPa (Austroads 2010). The fatigue-life formula shows that slightly change in predicted tensile 
strain value may leads to a significant difference in predicted fatigue life. This is because of the 
relatively high exponent of fatigue-life equation. Accordingly, an appropriate modulus input is 
necessary for mechanistic pavement design. It means that design modulus should satisfactory 
represents material response under the traffic loads. 
 
In Australia, the flexural modulus is recommended by Austroads (2010) as a design modulus input due 
to its potential to represent the tension failure of pavement behaviour in the field. Theoretically, the 
flexural modulus is the modulus of a rectangular beam specimen subjected to a cyclic or monotonic 
bending force. It should be noted that the calculation procedure for the stress-strain relationship in 
pavement structure was developed based on the theory of elasticity. However, an accurate method for 
determining the elastic modulus from a beam under bending forces is not yet available (Iyer 2005). 
Moreover, parameters measured from flexural tests are largely influenced by sample preparation, 
handling, curing, and sample quality. This explicitly produces a significant degree of test result 
uncertainties (Walker and Bloem 1957). On the other hand, the National Cooperative Highway 
Research Program (2004) suggests the elastic modulus as a design input for mechanistic-empirical 
pavement design of cement-stabilised base course. In order to determine the elastic modulus, the 
stress-strain response obtained from the Unconfined Compressive Strength (UCS) test is required. 
This test can be performed according to ASTM C469 (2010). Alternatively, the elastic modulus of the 
cement-stabilised base material can be estimated from the empirical formula. However, pavement 
structure in the field is subjected to cyclic compressive loads from moving vehicles, which is totally 
different from the UCS test condition. In addition, it had recently been proved by many works that 
dynamic moduli of cement-stabilised base material are considerably greater than their elastic moduli 
measured from monotonic loading test (Mindess and Young 1981; Neville 1998; Lee, Kwan, and 
Zheng 2013; Kolias and Williams 1980). It should be noted that the dynamic moduli considered in 
previous literatures were measured from either ultrasonic pulse velocity or vibration resonance 
methods. Apart from the effects of loading condition, Bischoff and Perry (1991) characterised the 
behaviours of concrete under the fast compressive-monotonic loading. Based on their study, the 
material strength and modulus were also influenced by the strain rate of loading. The strain rates of 
monotonic loading fall between 5x10-5 per second and 5x10-4 per second were considered as static 
loading range, whereas the strain rates fall between 10-3 per second and 10-2 per second were 
corresponded to the earthquake (dynamic) loading range. Xiao, Li and Lin (2008) likewise performed a 
monotonic loading test on concrete specimens using different values of strain rate. From their tests, 
the initial elastic modulus was increased from 1.23x104 MPa to 1.60x104 MPa when the tested strain 
rate was changed from 10-5 per second to 10-1 per second. 
 
From literature reviews, it can be noted that the modulus input for mechanistic pavement design 
recommended by various guidelines still contains some limitations. A reliable modulus input is 
necessary in order to capture the cyclic response of a pavement structure under repetitive loading 
conditions. In this study, an alternative method for modulus measurement was introduced. The testing 
machine, namely Asphalt Mixture Performance Tester (AMPT), which has been extensively used for 
characterising the dynamic response of asphalt concrete material, was used to determine the dynamic 
moduli of cement-stabilised materials in this study. By using AMPT, the cyclic load can be directly 
applied to the test specimens. Therefore, same testing scheme as asphalt concrete was adapted and 
applied to the study materials. In addition, compressive loading rate and test temperature can be 
controlled during the dynamic modulus measurement by AMPT. Accordingly, effects of loading rate, 
temperature, curing time and cement content were also examined in this research. At the final stage of 
this research, the finite element analysis was performed in order to investigate the effects of modulus 
types to the pavement response. 
 
 
2 MODULUS OF CEMENT-STABILISED BASE MATERIAL 
 
In this research, elastic moduli interpreted from UCS test using different test strain rates was 
characterized. Two sets of UCS test were conducted based on different strain rates. The first set of 
UCS test was subjected to strain rate recommended by the test standard (AS 5101.2.2 2008), that is 
0.0087 per minute (1.45x10-4 per second). An additional strain rate of 0.0667 per minute (1.11x10-3 
per second) was selected for the second set of UCS test as it is coincided with earthquake (dynamic) 
loading range (Bischoff and Perry 1991). After that, the dynamic moduli were determined by 
considering the effects of cement content, curing time, temperature and loading frequency. Moreover, 
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flexural modulus and relevant information from previous literature (Chummuneerat et al. 2013) were 
summarised and compared with the test results from this research. 
 
2.1 Elastic modulus of CTB 
 
Korakod et al. (2014) determined the Optimum Moisture Content (OMC) and other index properties of 
cement-stabilised crushed rock base material. The percentage of cement by aggregate weight greater 
than 3% was selected since their research focuses on characterising the behaviours of stabilised 
material. According to Austroads (2008), at least 3% of cement content is required to achieve the 
structural characteristics of stabilised or bound pavement. Therefore, the specimens with cement 
content equal to 4%, 5% and 6% were tested in their research. After the OMC values were determined 
from the compaction test, the UCS specimens were prepared based on AS 5101.2.2 (2008). Table 1 
summarises the values of OMC, MDD, UCS and elastic moduli at different curing duration. 
 
An additional UCS test on 6 specimens was conducted in this research. The same specimen 
preparation and test procedures as performed by Korakod et al. (2014) were employed, except the 
strain rate was changed. Three specimens with 5% cement content and three specimens with 6% 
cement content were cured at 7 days mark and tested at strain rate equal to 0.0667 per minute. 
Comparison between the stress-strain curves from the tests with different strain rate are shown in 
Figure 1. 
 
Table 1:  Summary of UCS test results and compaction test (by Korakod et al. 2014) 
Cement 
content 

 
(%) 

OMCa 
 
 

(%) 

MDDb 
 
 

(g/cm3) 

7 Days 28 Days 
UCSc 
(MPa) 

Ed 
(MPa) 

UCSc 
(MPa) 

Ed 
(MPa) 

0.0087/min 0.0677/min 0.0087/min 0.0677/min 0.0087/min 
5 2.30 6.10 8.0 8.5 455 1,060 10.4 1,770 
6 2.33 6.40 9.6 10.6 680 1,200 12.5 2,350 

a Optimum moisture content. 
b Maximum dry density. 
c Unconfined compressive strength averaged from three UCS specimens. 
d Secant elastic modulus averaged from three UCS specimens. 
 
Figure 1 shows the similar finding by Xiao, Li and Lin (2008). UCS and the elastic moduli from 
monotonic compression tests increase with respect to the test strain rates. Average elastic moduli of 
5% cement content specimen increased from 455 to 1,060 MPa when test strain rates were changed 
from 0.0087 per minute to 0.0667 per minute. Same observation was found from the specimen with 
6% cement content that is average elastic moduli rose up almost two times if the test strain rate was 
increased. It should be noted that, the calculation method for elastic modulus in this research is based 
on the procedure recommended by ASTM C469 (2010). 
 

 
Figure 1. Strain rate effect to the stress-strain curve of CTB with 5% and 6% cement content 
 
It can be seen from the test results that, for monotonic compression test, elastic modulus of the 
cement-stabilised base is influenced by the strain rate. This finding is important because of strain rate 
in the field caused by traffic loads may not equal to the test value; in fact, loading condition in the field 
is usually complex, hence in-situ strain rate would vary greatly. Accordingly, the elastic modulus of 
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cement-stabilised base material is influenced by the strain rate, which may result in imprecise 
estimation of stress-strain response by the mechanistic pavement design. 
 
2.2 Dynamic modulus of CTB 
 
The dynamic modulus of cement-stabilised base material measured from AMPT was also analysed in 
this research. The configuration and component of AMPT are illustrated in Figure 2. AMPT was 
developed by the National Cooperative Highway Research Program (NCHRP) to characterise the 
asphalt concrete performances under cyclic loading condition (Bonaquist, Christensen, and Stump 
2008). To determine the critical strain of asphalt concrete material for mechanistic-empirical design, 
the dynamic modulus was recommended to be the design parameter. Basically, dynamic modulus is 
the modulus of a visco-elastic material under sinusoidal loading conditions. In general, dynamic 
modulus can be measured from laboratory testing or calculated from the predictive models (Robbins 
2009). Mathematical definition of dynamic modulus is the absolute value of a complex modulus; 
therefore it can be calculated by (2). 
  
|E*| = |*/*| = |(0/0)e

i| = 0/0 (2) 
 
which  is stress amplitude,  is strain amplitude,  is angular frequency, and  is the phase angle. 
For elastic material, the phase angle is equal to 0°, while it becomes 90° for viscous materials. Figure 
3 shows the sinusoidal stress () and sinusoidal strain () plotted against time (t) with the phase lag 
of  degree.  
 

 
Figure 2. Asphalt Mixture Performance Tester (AMPT) 
 
The same standard practice as used in asphalt concrete testing (AASHTO PP 61 2009) was employed 
to guide the dynamic modulus measurement of cement-stabilised base material in this research. 
According to the standard of test, the dimensions of the test specimen are a height of 150 mm and a 
diameter of 100 mm. At least two specimens are required for each test, therefore six specimens 
represent different cement content and curing duration were prepared (see Table 2). Besides its 
potential to characterise the cyclic response of a material, the AMPT also has a capability to control 
and vary test temperatures and loading frequencies. Accordingly, the cement-stabilised base 
specimens were tested at 4 °C, 20 °C and 40 °C. At each test temperature, the test frequencies were 
10 Hz, 1 Hz, 0.1 Hz, plus an additional 0.01 Hz for the test at 40 °C. The test dynamic strain ranges 
from 45 to 85 microstrains were employed during the test. More detail on specimen preparation and 
test procedure can be found from Korakod et al. (2014). The average dynamic moduli (from 2 samples 
per set) determined from AMPT are summarised in Table 2. 
 
Table 2 indicates that, temperatures and loading frequencies slightly affect the dynamic moduli of the 
cement-stabilised base material. However, the dynamic modulus notably relies on the cement content 
and curing duration of the specimen. Moreover, the value of dynamic modulus is much higher than the 
elastic modulus measured from monotonic compression test (see Figure 4). It should be highlighted 
that, elastic modulus from monotonic compression test with the strain rate falls within earthquake 
loading range (strain rate = 0.0667 per minute) is considerably smaller than the dynamic modulus 
measured by AMPT.  
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Table 2:  Dynamic moduli of cement-stabilised base specimens 
Cement 
content 

(%) 

Curing 
 

(Days) 

Dynamic Modulus (MPa) 
4 °C 20 °C 40 °C 

10 Hz 1 Hz 0.1 Hz 10 Hz 1 Hz 0.1 Hz 10 Hz 1 Hz 0.1 Hz 0.01 Hz 
5 28 19,689 18,719 18,112 18,269 17,678 17,321 17,582 16,855 16,411 16,301 
6 7 19,192 18,820 18,496 18,432 18,043 17,678 17,840 17,356 17,106 17,165 
6 28 24,545 24,134 23,612 23,515 22,933 22,451 22,776 22,085 21,533 21,327 

 

 
Figure 3. Sinusoidal stress, sinusoidal strain and phase angle 
 
2.3 Flexural modulus of CTB 
 
Chummuneerat et al. (2013) conducted the beam fatigue test on cement-stabilised base specimens 
with the cement content of 3% and 5%. The curing duration for every specimen was 28 days. The 
tests were conducted using various strain magnitude which fall within a range of 50 to 200 
microstrains. Prior to the fatigue test, the flexural modulus was measured and assigned as the initial 
flexural modulus for every individual specimen. According to the test standard (AG:PT/T233 2006), the 
fatigue test is performed under a continuous haversine loading frequency of 10 Hz. The fatigue test is 
continued until the flexural modulus of the specimen is reduced to half of the initial value or the one 
million loading cycle is obtained. The test temperature was 25 °C for every test specimens. Figure 4 
shows the initial flexural modulus of specimen with 5% cement content plotted against the elastic 
moduli and dynamic moduli determined in this research. 
 

 
Figure 4. Elastic moduli, dynamic moduli, and initial flexural modulus of cement-stabilised base 
specimens with 5% cement content and cured at 28 days 
 
Based on available information shown in Figure 4, the elastic modulus measured from monotonic-
compression test is much lesser than those of the dynamic modulus and initial flexural modulus. 
Nevertheless, the initial flexural modulus of the specimen with 5% cement content approximately 
equals to the dynamic modulus determined by the AMPT. It should be noted that, this comparison was 
made by using the dynamic modulus and initial flexural modulus measured at 20 °C and 25 °C 
respectively. The applied dynamic strain by the AMPT was 45 to 85 microstrains, therefore the initial 
flexural modulus measured at 50 microstrain was chosen. However, the sinusoidal load of 10 Hz 
frequency was used by the AMPT, whereas haversine load of 10 Hz was employed during the beam 
fatigue test. 
 
In the next section, the stress-strain response of pavement structure with a cement-stabilised base 
layer was analysed by the Finite Element Method (FEM). The analysis was performed based on 
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different moduli which were characterised in the previous section. Only the moduli of cement-stabilised 
base material of 5% cement content and 28 days curing point were used in the finite element 
calculation. It should be noted that, the purpose of finite element analysis is to identify the effects of 
modulus types to the pavement response and fatigue performance of the cement-stabilised base 
course. 
 
 
3 FINITE ELEMENT ANALYSIS 
 
Three dimensional (3D) finite element simulations for each modulus types were carried out using 
ABAQUS 6.12. The typical pavement structure and the finite element model employed in the 
simulation are illustrated in Figure 5. In order to compare the effects of modulus types, three models 
with different moduli of a cement-stabilised base layer were established. The element type for the 
pavement structure model was C3D20R (Continuum 3-Dimensional 20 node elements with reduced 
integration) brick element. A standard axle load recommended by Austroads (2010) was used in the 
calculation as the applied load. This means the pavement structure was subjected to a dual-wheeled 
single axle with the applied load of 80 kN. Figure 6 shows a rectangle and two semicircles shape of 
contact area between single tyre and pavement surface. Tyre pressure of 750 kPa is recommended 
by the guideline (Austroad 2010). To model the load contact area, Huang (2004) recommended to 
transform a rectangle and two semicircles shape to be only single rectangle shape as shown in Figure 
6. Therefore, a rectangle with dimension of 0.196 m x 0.135 m was used in this research. However, 
half wheel load was considered in the calculation due to the symmetry (Figure 5). The boundary 
conditions of finite element model shown in Figure 5 are established as follow; (1) vertical 
displacements of the nodes on the plane ABCD are fixed, (2) orthogonal displacements to the plane 
AEHD and DHGC are fixed, and (3) orthogonal displacements to the planes of symmetry (BCGF and 
ABFE) are prevented. 
 

 
Figure 5. Finite element model, material properties and loading condition 
 

 
Figure 6. Contact area between single tyre and pavement surface (Left) and equivalent contact area 
(Right) 
 
In the finite element calculation, Model 1 represents the pavement structure with cement-stabilised 
base course analysed based on elastic modulus, whereas the dynamic modulus and initial flexural 
modulus were used in the calculation of Model 2 and 3 respectively (Figure 5). The properties of 
asphalt concrete and subgrade were kept constant throughout the analysis of the three models. By 
applying the same traffic load to all the models, deformed mesh and horizontal stress generated by 
the traffic load only were presented in Figure 7. The figure clearly shows that induced horizontal stress 
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can be evenly transferred to the subgrade layer by applying the stiffer material as a pavement base 
course (Model 2 and 3). 
 

 
Figure 7. Deformed mesh and horizontal stress distribution induced by the wheel load 
 
Figure 8 shows the horizontal strains induced by the traffic load along the axis a-a’ and b-b’ (see 
Figure 5). Positive value indicates tensile strains and vice versa. The critical tensile strain of cement-
stabilised base layers at point X reduced from 1.26x10-4 to 0.98x10-4 and 0.99x10-4, when the elastic 
modulus was replaced by dynamic modulus and initial flexural modulus in the analysis, respectively. 
Similarly, critical tensile strain at point Y from the analysis using elastic modulus, dynamic modulus 
and initial flexural modulus are 1.08x10-4, 0.86x10-4 and 0.87x10-4 respectively. However, the critical 
tensile strains of Model 2 and 3 are almost identical because of the magnitudes of modulus used for 
both models are not much different. Assuming (1) is applicable to the cement-stabilised base material 
with elastic modulus greater than 10,000 MPa, the reduction in tensile strain approximately of 25 
microstrain leads to an increasing in predicted Nf of 2x1011 cycles. This approximation was made 
based on RF = 1 (95% of desired project reliability) and E = 20,500 MPa.  
 

 
Figure 8. Induced horizontal strain along the section a-a’ (Left) and b-b’ (Right) of the three models 
 

 
4 CONCLUSION 
 
The modulus of the cement-stabilised material is important to an estimation of its fatigue performance 
in the new mechanistic pavement design and analysis. In this research, the elastic modulus and the 
dynamic modulus of a cement-stabilised base material were determined and characterised, whereas 
the flexural modulus obtained from Chummuneerat et al. (2013) is also examined. The finite element 
analysis of typical pavement section was also performed based on those three different modulus types 
of a cement-stabilised base course layer. Results from the finite element analysis show that analyses 
using the dynamic modulus and the flexural modulus produced lower values of a tensile strain at the 
critical location in pavement than that analysed using the elastic modulus. The reduction in a tensile 
strain value results in an increasing in fatigue life of the cement-stabilised pavement structure 
according to Austroads empirical formula (Austroads 2010). The magnitudes and performance trends 
of strains computed using the dynamic and the flexural modulus are almost identical. According to the 
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test procedure, both types of modulus are determined based on the cyclic response of material. 
However, the cyclic response of cement-stabilised base material characterised by AMPT is the 
simplest in term of sample preparation, handling and testing. 
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ABSTRACT 
 
Hydrated Cement Treated Crushed Rock Base (HCTCRB) is a cement modified basecourse material 
which the mixture of a standard crushed rock base and cement is disturbed after hydration. The 
unique production process for HCTCRB is different from that of a common cement-treated base to 
prevent cementitious bonding in order to maintain the unbound material characteristics with an 
improvement in material engineering properties. This paper presents the mechanistic-empirical 
pavement analysis and design for flexible pavements containing HCTCRB basecourse. The resilient 
modulus presenting the stress dependency behaviour of HCTCRB derived from the repeated load 
triaxial tests were used as one of the input for the analysis and design. Pavement analyses in this 
study covered various states of materials i.e., linearity or non-linearity, and isotropy or anisotropy of 
pavement materials. A three - dimensional finite element analysis of pavement structure was also 
carried out. The conventional pavement analysis in Australia by Circly software, using the anisotropic 
and quasi-non-linearity technique, is still deemed reliable in comparison with the various approaches 
examined in this study. However, there remains a concern regarding the reliability of the single input 
value of the resilient modulus derived from the resilient modulus tests. The average resilient modulus 
from the test results appeared to be too high for an effective analysis to be undertaken. Based on the 
stress-dependent analyses conducted and concerned with the thickness range of the basecourse 
layer, a typical value for the resilient modulus of HCTCRB was determined. 
 
Keywords: HCTCRB, basecourse, resilient modulus, pavements 
 
 
1 INTRODUCTION 
 
Hydrated Cement Treated Crushed Rock Base (HCTCRB) is a cement modified basecourse material 
which the mixture of a standard crushed rock base (CRB) and cement is disturbed after hydration. The 
unique production process for HCTCRB is different from that of a common cement-treated base to 
prevent cementitious bonding in order to maintain the unbound material characteristics with an 
improvement in material engineering properties. In the mechanistic-empirical pavement analysis and 
design, pavement materials are characterised in term of resilient modulus (MR) which is the ratio of the 
applied deviator stress to the recovery strain of test material under the cyclic loading. The resilient 
modulus of any unbound granular and modified materials are regularly determined through the 
repeated load triaxial tests under various applied stress conditions of different deviator and confining 
stresses, in order to simulate sophisticated traffic loadings. The resilient modulus of such material is 
generally non-linear and usually expressed as the stress dependent model in terms of the applied 
stresses e.g. the bulk stress model (Hicks and Monismith 1971) and the universal model (Witczak and 
Uzan 1988).  
 
In Australia, Circly software (Mincad Systems 2009) is commonly used for the pavement analysis and 
design. It requires single value of MR as one of the input parameters. However, there has been 
concern regarding to an appropriate input value of MR. Saleh et al. (2009) conducted the resilient 
modulus test for unbound granular materials and used the average values from the tests as inputs into 
Circly. They found that the responses from anisotropic and quasi-non-linear cases produced by Circly 
were much lower than those from the non-linear isotropic analysis produced by Everstress for a 
particular pavement. This may be due to the average MR being higher than it should have been. Thus 
this paper aims to achieve a typical MR value of HCTCRB for effective use in the pavement analysis 
and design. Firstly, the resilient modulus and stress dependency of HCTCRB was analysed based on 
the repeated load triaxial test results. Consequently, the analyses of typical flexible pavement 
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containing HCTCRB were performed which covered various conditions of materials i.e., linearity or 
non-linearity, and isotropy or anisotropy of pavement materials. A three - dimensional finite element 
analysis of pavement structure was also carried out. 
 
 
2 MATERIALS 
 
The HCTCRB in this research was made by blending standard CRB with 2% GP cement (by mass of 
dry CRB); the typical cement content used in the general manufacturing process in WA. The amount 
of water used was in accordance with MRWA specifications (Main Roads Western Australia 2012);that 
is the minimum moisture content of the mix at 90% optimum moisture content (OMC) of CRB. 
Accordingly, the fresh mixture was stored in closed containers, and cured in a temperature-controlled 
room (25 °C) to maintain constant curing conditions for specified hydration periods. Once the desired 
hydration time was completed, the hydrated mixture was returned to the mixer (without additional 
water) to break the cementitious bonds generated during the hydration reaction. This procedure, 
called a re-treating process, aimed to produce a cement-modified material whilst maintaining unbound 
basecourse characteristics in order to provide effective material engineering properties. Eventually, 
HCTCRB was obtained; its appearance is similar to CRB coated with cement.  
 
 
3 EXPERIMENTAL WORKS 
 
3.1 Specimen Preparation 
 
HCTCRB samples were used in resilient modulus tests bound by particular conditions. These 
included: hydration periods (7, 14, 28 and 45 days), amount of added water during compaction (no 
added water, OMC of CRB-cement and OMC of HCTCRB) and degree of moisture content after 
dryback (60% OMC, 80% OMC and no dryback). The test specimens were produced in a standard 
100 mm diameter, 200 mm high mould using a modified compaction method. After compaction, the 
specimens were cured in wrapped moulds for 28 days to prevent moisture loss, and then removed 
from the moulds. The specimens were set up successively upon the RLT apparatus.  
 
3.2 Repeated Load Triaxial (RLT) Test 
 
The resilient moduli of HCTCRB samples were evaluated using a repeated load triaxial (RLT) test in 
accordance with Austroads standard test method AG:PT/T053 (Austroads 2007). The tests were 
conducted under drained conditions, samples were not saturated and suction measurement was not 
performed. The repeated vertical force, lasting for a period of 3 s, comprises a load pulse width of 1 s 
with rise and fall times of up to 0.3 s. The resilient modulus tests were performed under applied stress 
conditions in 66 stress stages (stage no’s. 0 – 65) with different deviator and confining stresses. The 
stress ratio between the deviator stress and the confining stress varied from 2 at the first stage to 25 
at the final stage. The deviator stresses varied from 100 kPa to 600 kPa, while the confining stresses 
ranged from 20 kPa to 50 kPa. One thousand loading cycles of pre-conditioning was carried out prior 
to the tests. The aim of the process was to allow the end caps to bed-in to the specimen and to ensure 
that the applied stresses and resilient strains became stable under the imposed stress conditions. 
Subsequently, 66 stresses were applied to each specimen in stages to conduct the resilient modulus 
test. At each stress stage, a minimum of fifty loading cycles was applied to the specimen. Each stage 
terminated when the standard deviations of the last six values of the resilient moduli were less than 
5%, or until two hundred loading cycles were reached. The stages then continued in order until all 
given stress stages were completed. 
 
 
4 RESILIENT MODULUS (MR) TEST RESULTS 
 
The test results for all samples are shown in Figure 1a. The scatter pattern of the test data is visible 
due to the different test sample conditions which produced differing HCTCRB resilient moduli. This 
data provided a relatively low degree of determination (R2) of about 40%, when evaluated with the bulk 
stress model (1). To normalise the critical conditions appropriate to the resilient moduli of HCTCRB, 
the moisture and density conditions of HCTCRB were integrated with the bulk stress model and the 
universal model to improve the R2, as expressed in (2). The moisture content ratio (WCR) is the ratio 
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of moisture content in any sample to the average optimum moisture content of HCTCRB. The dry 
density ratio (DDR) is the ratio of the dry density of any sample to the average maximum dry density of 
HCTCRB. The experimental results were then evaluated once more and yielded (3), and improved R2 

values to approximately 70% (see Figure 1b). The values of the DDR being 0.98 and the WCR being 
0.70, which were in keeping with the requirements of Main Roads Western Australia (2012), were 
substituted into (3) and eventually resulted in (4). This equation was then used in the resilient modulus 
models of HCTCRB in the pavement analysis. 
 

      

Figure 1. Resilient modulus test results for all HCTCRB samples 
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where MR = resilient modulus; pa = atmospheric pressure (100 kPa); ��= bulk stress; �oct = 
octahedral shear stress; DDR = dry density ratio; WCR = moisture content ratio; and a, b, k1, k2 and 
k3= regression constant 
                                                                                                              
 
5 PAVEMENT STRUCTURAL ANALYSIS 
 
Pavement analyses in this study covered various states of materials i.e., linearity or non-linearity, and 
isotropy or anisotropy of pavement materials, using three types of available software. The analyses 
that accounted for the anisotropy and quasi-non-linearity of materials were performed using Circly 5.0 
(Mincad Systems 2009),this being a popular and commonly used software for pavement analysis and 
design in Australia. Everstress 5.0 (Washington State Department of Transportation (WSDOT) 2005) 
was used for the analysis of linearity and non-linearity of isotropic materials. A three- dimensional finite 
element analysis (3D FEA) of pavement structure was also carried out using Abaqus 6.10 (Dassault 
Systèmes 2010). The analysis of the pavement structure provided the responses of pavement 
materials in terms of stress and strain behaviour. Based on Austroads (2010) criteria, the allowable 
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ESA of a certain pavement is usually converted from the strain values occurring in pavement layers 
(such as asphalt and subgrade) by applying transfer functions as shown in (5) and (6) respectively. 
Finally, allowable ESAs or SARs for specific pavement configurations were obtained and then 
evaluated as to whether such pavement would be capable of carrying the designed ESA (DESA) or 
designed SAR (DSAR). 
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where N = the allowable number of standard axle repetitions; ���= critical microstrain in the 
considered material; RF = reliability factor for asphalt fatigue; Vb = % of binder volume; S = elastic 
modulus of asphalt in MPa 
 
5.1 Loading and Pavement Configuration 
 

                
(a) (b)   

 
Figure 2. (a) standard axle load and critical strains (b) loading shape used for the analysis 

 
Austroads (2010) established applied loading and critical responses for flexible pavement analysis and 
design, as shown in Figure 2a. Standard loading is represented by a single axle with dual tyres with a 
total load of 80 kN. The total load is allocated equally; 20 kN to each tyre, and distributed uniformly 
with a tyre pressure of 750 kPa over a circular area (radius of 92.1 mm) on the contact surface. 
Circular loading is normally applied with regard to analysis by Circly and Everstress. For 3D FEA, 
loading contact is transformed from a circle into a rectangle of equivalent area (Huang 2004). The 
shapes and dimensions of the load contact used for analysis are shown in Figure 2b. 
 
A typical pavement structure used in the analysis throughout this study comprised four layers of 
asphalt surface overlying HCTCRB basecourse, and a crushed limestone subbase on a subgrade of 
Perth sand, as detailed in Table 1. From Figure 1a, the average MR for all HCTCRB samples was 700 
MPa. At the average applied bulk stress of 470 kPa from the standard tests, the MR of HCTCRB varied 
from 300 MPa to 1,000 MPa. Thus, analyses were conducted over this range of MR.  
 
Table 1: A typical pavement configuration 

Layer Material 
Thickness 

(mm) 
Vertical modulus 

(MPa) 
Poisson’s 

ratio 
Surface Asphalt 50 2,500 0.40 

Basecourse HCTCRB 200 varied 0.35 
Subbase Crushed limestone 200 300 0.35 
Subgrade Perth sand (CBR 10) infinite 100 0.35 
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5.2 Pavement Analysis by Circly 
 
Circly has program features which comply with the approach to mechanistic empirical pavement 
analysis and design. Asphalt is assumed to be homogeneous, elastic and isotropic. Unbound granular 
materials and subgrade are assumed to be anisotropic and from this the ratio of vertical modulus to 
horizontal modulus is assigned, in this case being 2. However, Poisson’s ratio for both directions is 
equal. Unbound granular layers (such as basecourse and subbase) are divided into 5 equal sub-
layers. The modulus for each layer is then reduced by a reduction factor (R), as stated in (7). This 
reduction demonstrates the quasi-non-linearity of the materials (Saleh et al. 2009) as the modulus 
decreases with depth. However, each sub-layer still acts as a linear elastic material with a constant 
modulus throughout the depth of each sub-layer. There is also another condition for the modulus of 
the overlying layer, as shown in (8), which depends on its thickness and the modulus of the adjacent 
underlying layer. The two conditions for modulus calculation indicate that the modulus of the overlying 
layer is also greatly dependent on the proximity of the underlying layer, rather than solely on itself.  
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where  R = the reduction factor for the modulus of the overlying layer; Ev1 = modulus of the overlying 
layer; Ev2 = modulus of the adjacent underlying layer; t1 = thickness of the overlying layer. 
 
 
5.3 Pavement Analysis by Everstress  
 
Although Everstress is unable to make a determination regarding the anisotropic case, it is able to 
account for the linearity and non-linearity of the unbound granular materials. For non-linear analysis 
cases, Everstress uses the bulk stress model for coarse-grained unbound granular materials and the 
deviator stress model for fine-grained subgrade. However, this study only accounted for the non-
linearity of the HCTCRB basecourse using the resilient modulus model in (4). Everstress also requires 
the initial modulus as the input, together with the bulk stress model parameters (k1 and k2). It then 
uses an iterative procedure to adjust the modulus according to the induced stress throughout the layer 
depth. The resilient modulus values of HCTCRB, which varied with its thickness, are illustrated in 
Figure 3. An average MR of 700 MPa for HCTCRB obtained from the tests seems too high as an input 
for Circly and linear cases. Figure 3 shows that the MR of HCTCRB over a typical range of its 
thickness would not be as high as 700 MPa. Based on the average values from Figure 3, the MR for 
HCTCRB should be 400 MPa for Circly and linear analysis. 
 

 
Figure 3. Variation of MR with thickness for HCTCRB from non-linear analysis 
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5.4 Finite Element Modelling for Pavement Analysis 
 
This study employed Abaqus software for the three dimensional finite element model (3D-FEM) of 
pavement materials. A sub-layering technique was also used for the basecourse and subbase layers 
in addition to the isotropic analyses. A pavement model size of 5 m long (in the direction of the traffic) 
by 6 m in a transverse direction and 2.5 m in depth was used for modelling. This was subjected to a 
load of four rectangular tyres of 20 kN and 750 kPa each (see Figure 4). Due to the two symmetrical 
planes (as shown in Figure 4a), only a quarter portion was necessary for the carrying out of the 
analysis as shown in Figure 4b. The pavement was modelled with C3D20R (Continuum 3-Dimensional 
20-node element with reduced integration) brick elements. The boundary conditions of the model 
consisted of:  
 
• symmetry along the z-axis on the EACG plane; 
• symmetry along the x-axis on the GCDH plane; 
• restraint of horizontal movement along the z-axis on plane HDBF; 
• restraint of horizontal movement along the x-axis on plane EABF; and 
• restraint of movement along the x, y and z-axes on bottom plane EFHG. 
 
Examples of the analysis results, chosen from the isotropic and linear cases for the MR of HCTCRB 
400 MPa, are demonstrated in Figure 5.  
 

           
(a) (b) 

 
Figure 4. 3D-FEM model for a typical pavement (a) top view (b) one quarter model used for analysis 

 

    
(a) (b) 

 
Figure 5. Examples of the responses in a pavement model (a) vertical strain (b) deflection 
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5.5 Comparison of the Analysis Methods 
 
The comparison of routine analyses using each of the three types of software (i.e., fully elastic and 
isotropic analyses by Everstress, isotropic with sub-layering by Abaqus, and anisotropic with sub-
layering by Circly) is shown in Figure 6. The critical tensile strain at the bottom of asphalt resulted from 
Circly were approximately 5% lower than that of Abaqus analysis. However, the critical compressive 
strains on the subgrade determined by Circly were significantly higher than those from Abaqus 
(approximately 25%). This does not affect the allowable ESAs for thick asphalt pavement design 
which is governed by the tensile strain of asphalt. Nevertheless, for thin asphalt pavements (less than 
40 mm) or unbound granular pavements, Circly provides the more conservative allowable ESAs due 
to the higher strain on the subgrade. Thus, with pavement analysed by Circly, the anisotropic and sub-
layering techniques are still reliable for use in pavement analysis and design. However, care are must 
be taken with the MR inputs derived from the resilient modulus tests. Based on this study, and that of 
Saleh et al. (2009), the average MR from the test results seemed too high for use as an input into the 
linear and quasi-non-linear analyses. An appropriate MR input must be carefully determined through 
the induced stress conditions over the range of typical pavement configurations. 
 

     
(a) (b) 

 
Figure 6. Comparison of the results from three analysis methods (a) strain (b) allowable ESA 

 
 
Pavement responses from structural analyses can be further validated and compared to the real 
pavement responses such as full scale pavement sections subjected real heavy vehicle or moving 
wheel load e.g. accelerated pavement facility and heavy vehicle simulator. Field measured responses 
i.e. stress, strain and deflection at any particular position in pavements can be monitored through the 
installation of pressure cells, strain gauges and deflectometers, respectively buried at the desired 
depth and position of the pavement section. For surface deflections, the analysis results can be 
compared to the field measurements by the falling weight deflectometer (FWD) which provide the 
deflected surface under the given load. 
 
 
The calculated results from this study agreed with those of Christopher et al. (2006) that tensile strain 
at bottom of asphalt and compressive strain at top of subgrade are getting lower with an increasing in 
MR for base course material and subgrade. Sævarsdóttir (2014) monitored the pavement responses 
resulted from instrumentation in the accelerated pavement tests (APT) to study the effect of increased 
moisture content (i.e. decreased resilient stiffness) in unbound granular base, subbase and subgrade 
layers of the flexible pavements. These measured results were compared with calculated responses of 
the pavement model using multilayer elastic theory and 3D FEM. It was found that all the unbound 
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layers resulted in higher vertical strain and lower vertical stress with an increase in moisture content. 
The measured deflections obtained from FWD were also closed to results from 3D FEM. 

 
 

6 CONCLUSION 
 
This study achieved the resilient modulus models representing the stress dependency of HCTCRB at 
specific moisture and density conditions based on the bulk stress model. Then the resilient modulus 
test results were implemented into the pavement analysis and design. A typical pavement structure 
was set up and analysed in different degrees of material isotropy and linearity. Changes in the tensile 
strain in the asphalt with the modulus of the basecourse material are more pronounced than those in 
the subgrade compressive strain. However, the compressive strain at the top of the subgrade is more 
sensitive to analysis methods. The Circly pavement analysis, using the anisotropic and sub-layering 
technique, is still deemed reliable in comparison with the other two approaches examined in this study. 
However, there remains a concern regarding the reliability of the value of the MR input derived from 
the resilient modulus tests. The average resilient modulus from all experimental data was quite high 
for linear and quasi-non-linear analyses, which produced an overestimation of the allowable amount of 
traffic loading. Based on the stress-dependent analyses conducted and concerned with the thickness 
range of the basecourse layer, a typical value for the MR of HCTCRB may be determined as being 
approximately 400 MPa. 
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ABSTRACT 
 
Studies into rockfill have advocated the use of a tilt test to characterise the shear strength of coarse 
granular materials. The tilt test employs a simple split box, which is filled with rubble and then tilted 
until the upper box half slides off the lower box half. The angle at which this occurs is related to 
strength characteristics of the tested material, but the interpretation of this result is less than straight 
forward. This paper describes a systematic study of the tilt test on a series of gravels and mine 
wastes. The research shows that the tilt angle is sensitive to the tilt rate and the water content of the 
spoil, but that if the test is carried out in a systematic way, consistent results can be achieved. The 
results show that the tilt test is not a good discriminator of shear strength in waste rock materials. The 
tilt test is very sensitive to particle size, particle shape and relative density, but because of its very low 
confining stress, it is insensitive to the physical strength of particles. This means that the tilt test fails to 
discriminate reliably between weaker and stronger waste rock materials, for materials that are 
subjected to any significant amount of confining (normal) stress. It cannot be used as an alternative to 
direct shear testing to determine the shear strength parameters of mine spoil materials. 
 
Keywords: rockfill, field test, shear strength, particle shape 
 
 
 
1 INTRODUCTION 
 
1.1 Background 
 
Assignment of a suitable shear strength to a given waste rock, or spoil material, for the purpose of 
slope stability assessment is a difficult task. There are few options available to accurately determine 
specific parameters for shear strength of particular materials. Direct measurement of shear strength in 
coal mine spoil materials is difficult because tests under meaningful stresses, on samples large 
enough to be representative of real spoil materials, require apparatuses which are prohibitively large. 
Indirect determination through back-analysis of failures is a good alternative, but it requires specialist 
expertise and appropriate data to be available. 
 
At present, coal mine spoil shear strengths are commonly assigned according to the so-called BMA 
framework (Simmons and McManus, 2004), which allows typical values to be allocated to spoils, 
according to their categorisation based on qualitative textural and mechanical observations. Four 
categories of spoil are defined, from Cat 1 (dominated by fines; mostly plastic) to Cat 4 (dominated by 
larger, strong and durable rock fragments). Suggested shear strength parameters from the BMA 
framework, determined from testing and back analysis of spoil-pile failures, are reproduced in Table 1. 
 
Ideally, the shear strength of spoil would be assessed reliably, quickly and easily by a simple in situ 
test performed by mine personnel. To keep the apparatus simple and light, any method would need to 
either work on very small samples under realistic stresses, or else work on larger samples under very 
low stresses. This was recognised by Barton and Kjaernsli (1981) who considered the problem of 
shear strength assessment in coarse grained excavated rock materials. They proposed a method 
where the angle measured from a tilt test conducted on a large sample under a very low normal 
stress, could be used to infer the peak friction angle of rock fill. They noted that the peak friction angle 
was dependent upon the magnitude of the normal stress, the packed density (porosity) of the rockfill 
material, the particle shape, size and roughness characteristics and the particle strength.  
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This paper explores the idea of using a simple tilt test as a means of discriminating coal mine spoils on 
the basis of their friction angle. Specifically, it considers:  

 Can a tilt test be used to discriminate systematically between different strength spoils? 
 Could a tilt test be used as a tool for spoil categorisation? 
 Could a tilt test be used to assign a design shear strength value (ie, be used as an 

index test)? 
 
Table 1: Suggested shear strength parameters from the BMA framework (Simmons and 

McManus, 2004), parameter standard deviations in italicised parentheses 
 

Category 
Unsaturated Saturated Remoulded

� c’ �’ � c’ �’ c’=0kPa, 
(kNm-3) (kPa) (deg) (kNm-3) (kPa) (deg) �’ (deg) 

1 18 20 25 20 0 18 18 
 (1) (10) (2.5) (1) (0) (3) (1.5) 

2 18 30 28 20 15 23 18 
 (1) (15) (3) (1) (7.5) (2.5) (1.5) 

3 18 50 30 20 20 25 18 
 (1) (15) (2) (1) (10) (2.5) (1.5) 

4 18 50 35 20 0 30 28 
 (1) (15) (2.5) (1) (0) (1.5) (2) 

 
 
 
1.2 The Tilt Test 
 
A tilt test employs a simple split box, which is filled with particulate material in a horizontal position, 
and then tilted until the upper box half slides off the lower box half. The lower half of the box has a 
bottom, but the upper half does not. The idea is shown in Figure 1. In essence, the tilt test is a direct 
shear test with minimal normal stress applied. The normal stress applied is due to the self-weight of 
the material in the upper box and the box itself, and the shearing force applied is the component of the 
same self-weight acting in the direction of the tilted base of the box. The physics of the tilt box can be 
considered as a block sliding on a ramp, where the upper box full of spoil is the block and the lower 
box full of spoil is the ramp. When the two boxes are tilted, simple analysis shows that the angle at 
which the upper box slides off the lower box, θ, corresponds to the angle of friction between the block 
and the ramp, or, between the spoil in the upper box and the spoil in the lower box: ie, the angle of 
internal friction��. Hence, the tilt angle should be a reflection of the angle of internal friction of the 
tested material, all other factors being equal.  
 
Although the tilt test should give an estimate of the friction angle of the tested spoil, Barton and 
Kjaernsli (1981) observed that for rockfill materials, the measured friction angle was sensitive to the 
stress applied during its measurement. They considered that under the extremely low effective normal 
stress operating across the failure surface, maximum angle of tilt tolerated before failure, would 
probably be of the order of 55°-65° and be an upper bound value, rather than a value which is directly 
applicable to design under higher loads. They proposed that the tilt angle θ, could be extrapolated to 
values of � under design stresses by estimating values of:  

 a size-dependent equivalent strength parameter to account for the fact that smaller 
particles are likely to be stronger (less likely to be flawed) than larger ones  

 an equivalent roughness parameter to account for the shape and packing of the 
particles 

This implies that tilt test measurements are unlikely to provide directly meaningful values of frictional 
angle for design, but for tests carried out on material placed in the split box in a consistent way, the 
measured tilt angle might at least discriminate stronger from weaker spoil materials on the basis of 
their particle characteristics. Then, using a method such as that proposed by Barton and Kjaernsli 
(1981), a design value could be inferred. 
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2 APPROACH AND METHODS 
 
2.1 Development of Apparatus 
 
Several tilt apparatuses were developed to allow different aspects of the test to be evaluated at 
different scales. The basic arrangement of the tilt box is relatively straight forward, and much is 
already known about the dimensions required to achieve admissible test results from a direct shear 
test. It is generally accepted that to obtain reasonable shear strength parameters for coarse granular 
soils, the size of the testing equipment should be many times the size of the largest particle. Q181C 
(QTMR, 2002) suggests that the sample thickness (including the gap) should not be less than 7 times 
the diameter of the largest particles in the shear zone. This is presumably so that even if the shear 
zone extends into the sample within the box, it can develop without significant interaction with the rigid 
upper and lower plates that bound the sample. It is consistent with a shear band width of 10 to 16 
times the mean diameter, as suggested by Roscoe (1970) and Muhlhaus and Vardoulakis (1987).  
 

 
 
As the advantage of the tilt test is the possibility of testing a large sample without having to impose an 
enormous vertical stress, it was possible to develop a relatively large apparatus that could 
accommodate larger particles. The largest device, designed to be operated in the laboratory with the 
aid of lifting equipment, was 720mm wide x 720mm long x 400mm high. This box was constructed 
from 32mm structural grade plywood, with a 12mm steel plate base. This prototype was used to 
explore the effects of particle size and to determine the largest particles which could be present in a 
sample before individually affecting the measured result. 
 
The next prototype was constructed to be portable and operable without the need for lifting aids: ie, to 
for safe operation under field conditions in a pit. To this end, it was sized approximately 400mm x 
400mm x 300mm and constructed from light steel tubes and 16mm plywood. It was fitted with a 
600mm handle allowing it to be raised (tilted) with a lifting force of less than 15kg when full. It was also 
fitted with a graduated scale and ratchet mechanism to allow its position to be held at the point of 
sliding. In order to make it portable enough to be transported on a plane, the upper and lower box 
halves were sized so that the upper box stowed neatly in the bottom box for transport. This prototype 
was taken to the Bowen Basin and used in field trials. 
 
In addition to these, to assist in evaluation of tilt test results at all scales, two smaller tilt boxes were 
constructed: one with a size of 200 mm x 200 mm x 150mm, and the other at a size of 100 mm x 
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Figure 1. Stages in the tilt test. a) upper and lower box halves assembled; b) boxes filled loosely with 
spoil; c) upper box lifted slightly above lower box, then both boxes progressively tilted; d) sliding of 
the upper box at the point of failure, at a tilt angle of θ.

a) 

c) 

b) 

d) 
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100 mm x 75mm. The full set of tilt boxes used are shown in Figure 2, however, test results from the 
smaller boxes are not presented here. 
 
2.2 Experimental Program 
 
As implied previously, the shear strength measured in a shear test reflects many attributes of the 
tested sample, including maximum particle size, particle size distribution, particle strength, particle 
surface friction and particle shape. The measured shear strength is also influenced by the state of 
wetness, or suction in the material. In using a tilt test to categorise different spoils according to 
strength, it is noted that wetness is not an inherent characteristic of a particular spoil, but rather, a 
condition imposed by the environment. Hence, any tilt test used to discriminate spoil strength should 
be insensitive to water content. Further, although particle size is a real factor in spoil strength (Nakao 
and Fityus, 2008), if the tested sample contains particles that are so large that they prevent an 
admissible shear mechanism from developing in the test environment, then the result is invalid. 
 
Hence, the experimental program adopted consisted of several stages: 

1) Tests to assess the sensitivity of the tilt test to wetness and maximum particle size 
2) Tests to evaluate the ability of the tilt test to discriminate between weak and strong spoils 
3) Tests to assess the relative contributions to shear strength made by important and relevant 

characteristics such as particle size and shape. 
 

 
Figure 2. Tilt boxes of varying size used in this project: 100mm (smallest), 200mm, 400mm and 
720mm (largest) 
 
2.2.1 Sensitivity to Wetness and Particle Size 
 
To evaluate sensitivity to wetness, a series of 720 mm tilt tests was undertaken on the same sample 
of Mt Arthur spoil, initially when air-dried, and then, when wetted up, incrementally, until a “sloppy” 
consistency was reached. The maximum particle size of this sample was limited to 53mm (<1/10th the 
height and width of the box) to give confidence that this particle size was not large enough to cause 
anomalies in the granular shearing mode in the 720mm x 720 mm tilt box.  
 
To evaluate sensitivity to oversized particles, a base sample of 340 kg of air-dried, -53mm (ie, all 
particles not passing the 53mm sieve removed) Mt Arthur spoil was prepared. Then, when a base-line 
behaviour for the -53 mm material had been established, portions of larger particles were added to the 
sample to replace some of the -53mm material. The coarse fraction additions were made by replacing 
each one by a larger one in successive tests. The size and amount of larger particles added is given in 
Table 2. Five tests were undertaken with each different sample, placed loose in the box. The -53mm 
and 53-75mm materials are shown in Figure 3. 
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Table 2: Samples tested to assess the effect of particle size 
Sample Total Mass (kg) 

53mm minus and 33kg 120mm plus 344 

53mm minus and 35kg 94mm to 120mm 346 

53mm minus and 35kg 75mm to 94mm 346 
53mm minus and 34kg 53mm to 75mm 345 

53mm minus 340 

 

 
Figure 3. Mt Arthur spoils samples used for particle size effect testing: -53mm sample, and 53-75mm 
fraction 
 
2.2.2 Tests to Evaluate Strength Discrimination 
 
The 400mm tilt box was taken to the Bowen Basin and deployed on a range of spoils at the 
Blackwater and Rolleston mines. Samples of the tested spoils from those mines were then returned to 
the soils laboratory at the University of Newcastle and tested in a 100mm direct shear machine, and 
using the 100 mm and 200 mm tilt boxes. A total of 5 different spoils were tested from each mine, as 
shown in Figure 4. 
 

 
 
 
2.2.3 Tests to Evaluate the Relative Importance of Different Spoil Characteristics 
 
The tilt test is a useful tool to study the relative importance of spoil characteristics such as particle 
size, particle shape and particle size distribution, to shear strength. To examine the importance of size 
and shape, a systematic series of tests were conducted on rounded and angular, hard aggregates of 
different sizes. These included river sand (<5mm), 10mm rounded river gravel, 20mm rounded river 
gravel and 20mm crushed dacite rock. Combinations of these were also tested. Conclusions were 
drawn from the relative difference between the results for particular tests. 

Figure 4. Spoils samples from Blackwater mine (top) and Rolleston mine (bottom) 
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3 RESULTS 
 
3.1 Sensitivity to Wetness and Particle Size 
 
The results of tests carried out with different water contents are shown in Figure 5. They indicate that 
the tilt test is significantly sensitive to the water content of the sample tested, with results varying by as 
much as 5 degrees over a water content range similar to that likely to be encountered under field 
conditions. The significance of these results for the present work is twofold: for all tests carried out in 
the remainder of this study, samples had to be tested at consistent moisture conditions; and, if the tilt 
test is to find a place in minesite geotechnical practice, the conditions under which it is carried out 
need to be defined and controlled. 
 

 
 
Figure 5. Mt Arthur spoils samples used for particle size effect testing: -53mm sample, and 53-75mm 
fraction 
 
The results of tests with different largest fraction size are presented in Figure 6. It is apparent from 
Figure 6 that there is a steady increase in the tilt angle as the coarse fraction increases in size from 53 
to 120mm, and this is consistent with the expected effect of increasing grainsize. After this, a further 
increase in the size of the largest particles causes the tilt angle to jump significantly, suggesting that 
the additional increase in size is now causing the large particles to interfere with the shear surface 
development, overestimating the strength of the material. 
 

 
 

Figure 6. Effect of maximum particle size on the measured tilt angle 
 
The results suggest that valid results can be obtained by testing samples with particles up to 120mm 
in the 720mm box: that is, particles that are up to 1/6th the width of the box, and around ¼ the height of 
the box. These ratios are greater than cited by Q181C (QTMR, 2002) and they may reflect some 
inherent differences between shearing under low stresses and shearing under high stresses. 
 

air dry samples 
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3.2 Tests to Evaluate Strength Discrimination 
 
The tilt angle results for in situ tilt tests carried out in the Rolleston and Blackwater mines are 
presented in Figure 7 with the materials colour coded to distinguish Cat 1 (white) Cat 2 (grey) and 
Cat 3 (black). The most obvious feature is the anomalously high value obtained for the Rolleston 1 
sample. Although this material was clearly a strong spoil (somewhere between Cat 2 and Cat 3), it is 
likely that this result is exaggerated by the way the test was performed. Specifically, this was the first 
field test performed, and compared to the subsequent tests, it was performed with a somewhat higher 
tilting rate. Hence, the measured angle is likely to be overestimated.  
 
The executions of the tests for remaining nine results were relatively consistent and provide a more 
meaningful assessment of the method. It is apparent from these results that the tilt test overestimates 
the tilt angle of all spoils. The Category 1-3 spoils tested returned values between 35 and 37.3 
degrees, whilst the BMA framework (Table 1) indicates that these spoils should give friction angles of 
between 25 and 30 degrees, confirming that the tilt test could not reliably estimate friction angles. 
 
The spoils tested spanned the range from Cat 1 to Cat 3, and the range of measured tilt angles was 
less than 2.5 degrees, whereas a range of around 5 degrees was expected from the BMA framework. 
This suggests that the tilt test, if it could discriminate between spoils of different strength, may lack 
sensitivity. Further, if the tilt test could systematically discriminate between stronger and weaker spoil 
materials, then Figure 7 should show the black bars above the grey bars, which should be in turn 
above the white bars. The Cat 3 spoils are above the Cat 1 and 2 spoils, and in general, of the 
measured Cat 1 and 2 spoils, the highest measured value is a Cat 2, and the lowest are Cat 1. 
However, there are two Cat 1 results that are higher than two of the Cat 2 results, and most significant 
is the result for Rolleston 5, which was a weathered Tertiary clay material. From experience, this is 
known to be an extremely weak material, yet it returned a value greater than two of the Cat 2 spoils. 
Although the difference was less than one degree, such a spoil should have a friction angle value 
distinctly lower than any Cat 2 spoil. This result indicates that the tilt test is not able to reliably 
discriminate between weaker and stronger spoils. 
 

 
 
Figure 7. Tilt test results for Blackwater and Rolleston spoils 
 
3.3 Tests to Evaluate the Relative Importance of Different Spoil Characteristics 
 
The measured tilt angles for the tested sand and gravel fractions, and mixtures, are shown in Figure 8. 
By comparing the results in Figure 8, a number of conclusions can be drawn: 

 The tilt angle increases significantly as the particle size increases (compare the sand, 
10 mm round and 20 mm round results) 

 Angular particles have significantly higher tilt angles than rounded particles (compare 
20 mm round with 20 mm angular) although there could be a contribution here also 
from a higher surface roughness of the angular particles 

 Adding a fine fraction (sand) to both rounded and angular coarse materials causes a 
dramatic reduction in the tilt angle 
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 Adding some finer (10 mm) rounded aggregate to either rounded or angular coarse 
(20 mm) aggregate causes the tilt angle to decrease 

 The range of tilt angle variation from all of these effects is at least 8 degrees 
 
The significance of these results is discussed below. 
 

 
Figure 8. Tilt angles for selected grading of particles with different size and shape 
 
 
4 DISCUSSION AND CONCLUSIONS 
 
The results of this study demonstrate that the tilt test is not suitable as an indicator of spoil shear 
strength under higher stresses. It is heavily influenced by water content and fails to adequately 
discriminate between weaker and stronger spoils. The test clearly discriminates on the basis of 
particle shape, particle size and grading. Its inability to discriminate between weak and strong spoils is 
because it does not account for particle strength, which has little relevance in the low stress tilt test but 
is significant for direct shear testing under higher stresses. This explains why the weak Rolleston 4 
spoil, composed of dry clay lumps of similar size and shape to many of the other stoney spoils, 
records a similar tilt angle to them, even though it is inherently much weaker. 
 
Whilst this study of the tilt test failed to confirm its usefulness as an indicator of spoil shear strength, it 
has provided valuable insight into the relative importance of that factors which control shear strength 
in spoils. This has value for assessment of the spoil categorisation method described by Simmons and 
McManus (2004), which is the subject of ongoing work. 
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ABSTRACT 
 
Over the past two decades there has been an increase in research into the use of spectroscopy for 
rapid analysis of basic soil composition. The interest has been driven principally by the fast and simple 
sample preparation, rapid testing procedures, overall efficiency and the ability to use the process both 
in the laboratory and in situ. Previous soil analysis using reflectance spectroscopy has used expensive 
commercial grade spectrometers limiting its appeal as a soil analysis technique. This paper describes 
the design, construction and evaluation of an inexpensive, visible to near infrared diffused reflectance 
spectrometer. Experimentation focused on developing a technique for capturing reliable diffused 
reflectance spectra of artificially constructed reconstituted soils. The set of results were used to create 
a calibration spectral library that enabled a predictive program to be developed. It was found that the 
predictive model was able to estimate selected soil properties to 4% of the value obtained by standard 
laboratory testing. It is demonstrated that low cost spectroscopy is capable of determining some soil 
properties, however more research is required to demonstrate the reliability of the low cost device. 
 
Keywords: rapid soil analysis, spectroscopy, soil classification 
 
1 INTRODUCTION 
 
1.1 Overview 
 
As soil is a complex matrix composed of minerals, organic matter, water and air with high degrees of 
variation, it is difficult and laborious to classify and characterise the large volumes impacted by 
proposed construction activities. The process of classification can involve a wide range of procedures 
to obtain information on the physical, chemical and mineralogical properties of the soil, and the task of 
understanding the soil properties can grow to involve intensive sampling strategies, which can include 
complex, time-consuming and expensive laboratory analysis. 
 
With the demand for increased efficiency throughout project lifetimes, it is desirable to be able to 
rapidly analyse soil properties. The combination of improved technology and a growing body of 
research has led to soil spectroscopy being investigated as an alternative to traditional laboratory 
classification tests. Research has been mainly focused on the use of visible-near infrared (vis-NIR) 
diffused reflectance spectroscopy for the simultaneous classification of various soil properties 
(Viscarra Rossel et al., 2006). Spectroscopy has the advantage of being non-destructive, simple, quick 
and requiring little to no sample preparation. 
 
Uses of spectroscopy have focused on basic soil composition, particularly soil organic matter, soil 
texture, clay mineralogy and moisture content (Stenberg et al., 2010). There has also been interest in 
the use of spectroscopy for the identification of specific geotechnical properties such as swelling 
index, Atterberg limits and shrinkage limit (Yitagesu, 2006). The results from the collective research 
have indicated that diffused reflectance spectroscopy, using the visible (VIS), near infrared (NIR), and 
mid infrared (MIR) spectral ranges, may be used to efficiently acquire soil information (Viscarra Rossel 
et al., 2006). 
 
Technological advances and the availability of both hardware and software components, has led to the 
development of open-source software that is intended to enable spectroscopy to be used to support 
community investigations into environmental issues. These developments have been adopted to 
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develop and investigate the suitability of low cost spectroscopy for geotechnical classification 
purposes. The construction and operation of the low cost spectrometer is described, and results of the 
diffused reflectance spectra are provided. The calibration procedure required to obtain useful soil 
parameters is explained, and the performance of a simple predictive model is evaluated. 
 
1.2 Fundamentals of diffused reflectance spectroscopy in soil analysis 
 
Fundamentally, spectroscopy is a study of light, as a function of wavelength, that is emitted, absorbed, 
reflected or scattered from a material either solid, liquid or gas (Clark, 1999). As the energy of each 
photon is directly related to the frequency and inversely related to the wavelength, the absorbance, 
and in effect, reflectance, spectra produce a characteristic shape that can be used for an analytical 
purpose (Stenberg et al., 2010). This is a result of the mineral constituents and chemical matrix 
causing different individual molecular bonds to vibrate, absorbing the source radiation to various 
degrees (Stenberg et al., 2010). For example, the presence of smectites produces absorption features 
at a wavelength of 1400 nm due to the OH stretching and at 1900 nm due to a combination of H-O-H 
bending and OH stretching (Yitagesu, 2006). Additionally, in the 2200 nm to 2300 nm range the 
presence of metal ions such as aluminium, magnesium and iron can be detected (Yitagesu, 2006). As 
absorption features of the soil spectrum are influenced by both physical and chemical properties, these 
features can lead to quantitative compositional information of mineral constituents as well as estimates 
of soil properties (e.g. Viscarra Rossel et al. 2006) 
 
The spectral range of the source radiation and sensitivity of the sensor critically affect the predictive 
ability of the results (Viscarra Rossel et al., 2006). Comparisons of VIS, NIR, MIR and VIS-NIR-MIR 
spectrometers for different soil properties have indicated that VIS spectra are generally less accurate 
and are unable to discriminate specific minerals. The ability to capture spectra in the infra-red range 
allows for better characterisation of various soil chemical and physical properties. Nevertheless, 
Viscarra Rossel et al. (2006) concluded that spectrometers in the VIS, NIR and MIR range can all be 
used for the simultaneous assessment of various soil properties. The choice of which spectral range to 
use depends on: the necessary degree of accuracy; the availability of the equipment, especially 
considering that NIR and MIR spectrometers are considerably more expensive; and the amount of 
sample preparation required.  
 
1.3 Spectroscopic multivariate calibration 
 
The complex nature of soil composition and variability in soil properties leads to the diffused 
reflectance spectra of soils being largely nonspecific (Chang et al., 2001). Conventional means of 
calibration with simple univariate methods such as simple linear regression have proven to be 
inadequate as a result of the overlap between weak overtones and the combination of fundamental 
vibrational bands in the spectra (Stenberg et al., 2010). Predictions using standard regression models 
are made more complex as a result of scattering effects caused by soil structure and nonspecific 
constitutes (i.e. no distinguishable peaks) such as quartz (Stenberg et al., 2010). 
 
To discriminate between different properties and to provide quantitative results, spectral data is often 
analysed using multivariate analysis. The most common method of calibration for soil identification has 
been based on forms of linear regression, namely multiple linear regression (MLR), principal 
components regression (PCR) and partial least squares regression (PLSR) (Chang et al., 2001) with 
more recent studies adopting data mining techniques such as neural networking (NN), multivariate 
adaptive regression splines and boosted regression trees (Stenberg et al., 2010). A summary of soil 
identification studies listing the soil attributes tested has been provided by Viscarra Rossel et al. 
(2006). Stenberg et al. (2010) noted that there are inconsistencies in the predictability of various soil 
attributes between studies, which they attributed to the lack of awareness among analysts of full 
spectrum data compression techniques such as PCR and PLSR. Chang et al. (2001) have also noted 
that no one proposed calibration technique has achieved universal acceptance due primarily to the 
variability in application and the degrees of success in their ability to predict soil properties. 
 
1.4 Spectroscopy for geotechnical applications 
 
Geotechnical classification tests such as Atterberg limits and grain size distribution are cheap and 
relatively easy to perform in addition to providing an indication of the mechanical behaviour and soil 
constituents, both of which are important in the development and understanding of the soil profile and 
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behaviour. However, they provide limited information about the fundamental mineralogy and soil 
structure. Additional classification tests, such as X-ray diffraction and differential thermal analysis, are 
available to provide this information but are rarely conducted due to their expense, labour and 
specificity to sample location. 
 
The features of the spectral response of soils, discussed above, suggest that spectroscopy should be 
applicable for geotechnical application (e.g. Yitagesu 2006). For example, successful qualitative and 
quantitative predictions of clay mineralogy and clay content have been reported (Chang et al. 2001, 
Stenberg et al. 2010), although these have required infra-red detectors which are beyond the 
capability of the device investigated in this paper. Moisture content is another attribute that has been 
successfully estimated with vis-NIR spectroscopy (e.g. Sørensen and Dalsgaard 2005, Chang et al. 
2001, Stenberg et al. 2010), but the accuracy is affected by variations in soil colour, texture and soil 
origin. Yitagesu (2006) has also demonstrated good predictive ability for soil cation, liquid limit, plastic 
limit and plastic index using a data driven partial least squares regression model. 
 
2 MATERIALS AND METHODS 
 
2.1 Experimental setup 
 
The spectrometer is shown in Figure 1. The detecting component was made by using the foldable 
mini-spectrometer kit supplied by Public Laboratory (2013) which has a cost of approximately $10. 
The kit includes a laser-cut thick, light-blocking black card stock, a DVD-R (to be used as the 
diffraction grating), and instructions for assembly. The spectrometer was assembled using a Logitech 
C300 webcam with the infrared filter removed as the detector and a segment of a DVD-R as the 
diffraction grating for splitting the dispersed light. The infrared filter was removed from the webcam to 
extend the spectral range of the camera into the near-infrared region. 
 
The complete spectrometer setup consisted of timber framing constructed from material costing 
approximately $10, four 15 watt ‘Cool White’ 4000K LED lights costing approximately $200 AUD, and 
the detecting component, as described previously.  
 

 
Figure 1. Experimental reflectance spectrometer setup 

 
The camera and light source specifications control the spectral range that can be investigated. The 
camera CCD with the infrared filter removed is capable of detecting wavelengths between 400 nm to 
1000 nm, with peak sensitivity between 550 nm and 800 nm (Spring et al., 2000). The radiation source 
for the spectrometer was chosen to be an LED light source due to its wider spectral emission range, 
between 425 nm and 675 nm. The spectrometer is therefore expected to have a reliable spectral 
range where the detectable range overlaps with the emission range, that is, between 425 nm and 675 
nm. 
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2.2 Soil sampling and laboratory analyses 
 
To determine the feasibility of the technique, unknown soil variation was kept to a minimum. All soils 
used in testing were therefore artificially constructed with controlled quantities and reconstituted under 
laboratory conditions. Principal soil constituents were selected to have high values of purity. 
 
To achieve a uniform and consistent soil composition for testing, all soils were initially ground in a 
mortar and pestle and then sieved to obtain the <150 µm fraction. The materials were then dried in an 
oven at 99C for two days and stored in sealed containers in a cool dry room until required. Dry 
specimens were thoroughly mixed and placed loosely into small containers and the surface was 
scraped level. The wet specimens were mixed with distilled water and allowed to cure in sealed plastic 
bags for several days, before placing into the test containers. The soil compositions of the samples 
are summarised in Table 1. 
 
Table 1: Soil properties tested 
Soil property Principal soil constituent Percentage 
Moisture content Goethite 0, 10, 20, 25, 30, 35, 40, 45 
 Bentonite 0, 10, 20, 30, 40, 50, 60, 70, 80 
 Kaolinite 0, 10, 20, 30, 40 
 Ball clay 0, 10, 20, 30, 35, 40 
Sand content Kaolinite 0, 25, 50, 75, 85, 90, 95, 100 
Carbon content Kaolinite 0, 20, 40, 60, 80, 100 
Iron oxide content Kaolinite 0, 25, 50, 75, 100 
 Bentonite 0, 25, 50, 75, 90, 100 
 Ball clay 0, 25, 50, 75, 100 

 
2.3 Analytical technique 
 
Soil samples were placed in the apparatus as shown in Figure 1 and the soil spectra, plots of 
normalised light intensity against wavelength, recorded seven times. Data stacking was used to 
remove random variations. It was observed that the response was reasonably repeatable as after 
averaging 7 spectra, minimal change was observed. This process took less than 1 minute and this 
ensured no appreciable drying of the moist specimens. 
 
The spectra were captured using the free Spectral Workbench web-based software (Public 
Laboratory, 2013). This allowed the user to observe the spectrum on the screen and to download the 
data for further processing. The output was provided at a wavelength resolution of 1.1 nm. The 
software also requires a simple calibration process to establish the wavelength scale using two of the 
peaks in the intensity, wavelength response from a fluorescent light. It was observed that this process 
was not very precise and an additional calibration was performed using two lasers with known 
wavelength. 
 
To obtain the reflectance, the normalised light intensity, of the soil the averaged soil spectra were 
normalised against the absolute reflectance of the radiation source. To minimise the experiment cost, 
the absolute reflectance of the spectrometer has been taken to be the reflectance recorded from an 
18% grey card. High quality commercial spectrometers use a spectralon, a material capable of 
producing high reflective indexes across a wide range of wavelengths, to determine the absolute 
reflectance of the spectrometer. However, the cost of this is several times the cost of the spectrometer 
and is not justified if only the relative magnitudes of the intensities are being compared as described 
below. 
 
3 RESULTS AND DISCUSSION 
 
3.1 General Observations 
 
Interpretation of the data requires the setting up of a spectral library, sets of reflectance spectra that 
are grouped together to form series related to a particular parameter, an example is shown in Figure 
2a. Each series of spectra, for all the soil properties examined, had unique features and shapes 
(Figures 2 b – d). When comparing all the spectral series there was no sign of any consistent peak 
suggesting there were no experimental artefacts or common environmental interferences in the 
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wavelength specific reflectance values. It is therefore considered that the complete range of any 
reflectance spectra is relevant to the soil property tested. To better demonstrate, graphically at least, 
the change in reflectance for each property, the spectra have been plotted as baseline removed 
reflectance spectra. 
 
Rbv = Rv - R0 (1) 
 
Where Rbv is the value of the baseline removed spectra, Rv is the value of the reflectance spectra for a 
given value of a soil property and R0 is the value of the reflectance spectra for the base case with zero 
content of the property being varied. For example, Figure 2b shows a baseline removed spectral 
series for increasing carbon content using the data from the spectra in Figure 2a, with the baseline 
representing 100% kaolinite. 
 

Figure 2. a)Typical series of reflectance curves (increasing carbon content in kaolinite), Series of 
baseline removed curves for b) increasing carbon content in kaolinite c) increasing sand content in 
kaolinite d) increasing moisture content in goethite 
 
To develop a calibration model capable of determining, from an unknown soil specimen, a set of soil 
properties, a large number of wavelengths needs to be captured and used. This is principally due to 
differences in the correlations between spectral variations at specific wavelengths and the measured 
soil properties. For some properties discrimination can best occur at specific wavelengths and these 
can lie within the NIR or MIR range as discussed previously. Further research will be necessary to 
uniquely determine soil attributes using the method proposed in this paper. However, there are some 
unique peaks evident in the spectra for the investigated soil attributes suggesting that discrimination 
should be possible.  
 
An automated analysis process was developed as manually selecting appropriate wavelengths for 
analysis would be laborious and ultimately defeat the objective of a low cost approach. The final 
procedure adopted was to record the spectral data for the soil, perform a baseline removal, and to 
superimpose the spectra onto the series selected. This process was automated by a simple Visual 
Basic code in Microsoft Excel. In analysing an unknown soil, the baseline removed reflectance values 
at a specified number of equi-spaced wavelengths, within the range from 425 nm to 675 nm, were 
taken from the unknown soil spectrum, compared with the calibration data and the closest saved 
values larger and smaller than the unknown at each wavelength collected. An example of this result is 
shown in Figure 3a. The process of selecting wavelengths at equal intervals did not bias the results to 

d) c) 

a) b) 

976



particular peaks but nevertheless it was found that with only 5 equi-spaced wavelengths in the range 
the model was capable of reasonably predicting single soil attributes. This estimate will increase in 
reliability as the number of wavelengths increases, but this did not affect the actual range of the 
estimated values significantly. For each wavelength an estimate of the unknown property was 
obtained by linearly interpolating between the greater, lower and unknown value. The model gives 
estimates of the soil property from each of the wavelengths, provided the unknown values are inside 
the values in the calibration data, as shown in Figure 3b. Values that lie outside the calibration data 
range are often associated with ranges in the spectral response that have weak or inconsistent 
variation with the property in question, as seen in Figure 2c between 580 nm and 625 nm. 
 
At some wavelengths the predictions were significantly different from the set of estimated values. 
These selected outliers were thought to be a result of spectral variation, as they commonly occurred 
near the ends of the spectral range or near regions of rapid change in reflectance, and were thus 
determined to be unreliable results. To selectively remove outlier results from the set of estimated 
values; a statistical process was established to provide a best estimate. To avoid these values 
skewing the averages the outlier analysis method, a modified z-score model as proposed by Iglewicz 
and Hoaglin (1993) was adopted. A detailed discussion into both selection and justification of the 
rejection parameters and the process of the outlier analysis can be found in Le and Akbari (2013). In 
summary, the process was to analyse the set of estimated values and remove values that lie outside 
the general average of the set, for example the points shown as empty squares in Figure 3b. The final 
output of the spectral analysis returned a single numerical estimation of the soil property which was 
the average of the final set of estimated values, shown as the dotted line in Figure 3b. 
 

Figure 3. a) Selected wavelengths/spectral values for interpolation b) Estimated soil properties for 
each selected wavelength and final estimation 
 
3.2 Qualitative description of spectral data 
 
The reflectance spectra of all soil mixtures analysed displayed unique variations across the measured 
range of the spectrometer, as shown in Figure 2. As discussed by Viscarra Rossel et al. (2006), the 
spectra can be characterised by the shape and values of the peaks in the data. Generally, the spectral 
reflectance decreased as soil colour darkened; a trend that was observed in all varying soil properties. 
The experimental data indicated that the most reliable and significant results were from soil properties 
that caused the greatest change in colour as the soil property varied, a consequence of this 
spectrometer operating only in the visible spectral range. Thus, for this experiment, spectroscopic 
analysis was primarily inferring the co-variance between soil colour and composition. 
 
Moisture content variations demonstrated a consistent trend for all soils tested, with the reflectance 
generally decreasing as the moisture content increased. This trend was seen to be consistent up to 
the plastic limit after which the soil became more reflective. For the dry mixtures of soil, as the soil 
mixture varied from one pure constituent to the other, the reflectance spectra shifted in proportion to 
the relative percentages, for example Figure 2c.  
 
It was observed that not all spectra responded uniformly with variation. Sand content in clay was seen 
to produce the weakest change in spectral response as soil composition varied. The sand content, as 
seen in Figure 2c, was seen to only vary sufficiently to be detectable, in the 75-100% range. Between 

a) b) 
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sand contents of 0-75%, due to the similarities in colour, there was no significant change in the 
reflectance spectra. This is a consequence of the fine clay particles filling in the void space and 
obscuring the sand particles as well as the scattering effect associated with quartz particles. 
 
3.3 Calibration model 
 
To demonstrate the process and possibilities of spectroscopy, a calibration model was developed to 
automate the process of estimating soil attributes. As previously noted, the premise of the model is to 
perform very simple, linear interpolations between the nearest greater and lesser value to arrive at an 
estimated value of the soil attribute. This set of values was then passed through an outlier filtering 
algorithm to narrow down the estimated value to a more consistent value.  
 
The calibration model developed was then used to predict the constituents of samples with soil 
properties other than those described in Table 1. For all the validation samples tested, the absolute 
difference in the estimated and actual values differed by at most 4% and the standard deviation of the 
set of estimated values was less than 5%. These values demonstrate the potential for the technique to 
be used as an analytical method in future geotechnical characterisation studies. Nevertheless, much 
more experience and investigation is required to establish the reliability of spectroscopy as an 
analytical tool. Previous studies have shown that the lack of universally accepted standards for the 
capture and analysis of spectral data often results in inconsistencies in the prediction capabilities of 
spectrometers, estimates of soil attributes and the overall success of the technique. It was also 
observed that to obtain repeatable spectra considerable care and strict control measures were 
required. 
 
3.4 Comparison with high quality spectrometer 
 
Comparisons between the reflectance spectra for identical soil specimens obtained from the low cost 
spectrometer and a high quality commercially available ASD Fieldspec spectrometer are shown in 
Figure 4. The results show significant differences in the reflectance values across the range of 
wavelengths where comparison is possible.   
 

 
Figure 4. Comparison of low cost spectrometer and ASD Fieldspec reflectance spectra 
 
These differences are thought to be the result of the different techniques used in capturing reflectance 
spectra. The ASD Fieldspec device allows the receiver and radiation source to be directly in contact 
with the sample, whereas with the low cost spectrometer, the reflected light has to travel some 
distance before passing into the detector. Stenberg et al. (2010) have noted how the apparent 
absorbance of a sample increases as path length increases, suggesting that the apparently lower 
reflectances measured in the low cost device are a consequence of the apparatus design. 
 
The differences in the reflectance indicate that there is unlikely to be a universal calibration, but 
provided suitable calibration procedures are adopted both spectrometers can provide qualitative and 
quantitative data on the soil constituents. Given the 2 orders of magnitude difference in cost it is 
considered that further experimentation with the low cost device to investigate reliability and 
repeatability are warranted.  
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3.5 The future of inexpensive spectroscopy 
 
One of the motivations for the current study was to explore the possibility of using spectroscopy during 
site investigation to provide an immediate indication of mineralogy, water content and other soil 
attributes. The technique has the advantages of speed, simplicity and relatively low cost when 
compared with traditional analytical methods. However, further study is required to develop 
procedures that are reliable and repeatable, and to determine suitable calibration techniques that can 
lead to reliable qualitative and quantitative estimates of soil properties. At present variability in results 
may be attributed to the selection of pre-treatment techniques, sample library and regression model.  
 
The ability of spectroscopy to pick changes in water content, iron content and carbon content suggest 
direct application in certain specific applications, and with suitable calibration data it may be possible 
to provide rapid soil classification over sites or small regions. Alternatively spectral data can be 
combined from varied soils but as noted by Stenberg et al. (2010) the resulting calibration models may 
be limited in their use as they lack the precision and accuracy required for small projects. If 
spectroscopy is to develop, data from a wide range of soils is required and initiatives such as Global 
Soil Spectral Library (Rossel, 2009) and Spectral Workbench which allow users to share and combine 
spectra are of vital importance to encourage researchers, reduce costs and expand the community.  
 
4 CONCLUSION 
 
Our research has demonstrated the potential of a low cost spectrometer as a geotechnical analysis 
tool by estimating soil attributes with generally high predictive coefficients. With existing research 
generally agreeing on the relevance and robustness of diffused vis-NIR spectroscopy in estimating soil 
attributes, whether through direct correlation with spectral signatures or co-variation with water, 
organics and/or minerals, the focus of the experiment was to demonstrate the feasibility of a low cost 
spectrometer by producing similar predictive capabilities. 
 
Results have indicated that under optimal conditions, the low cost spectrometer is able to accurately 
estimate various soil properties with a simple calibration model. This leads to the conclusion that, as 
there is a great potential for diffused reflectance spectroscopy in geotechnical applications, further 
research should be conducted to further encourage the use of spectroscopy as an analytical 
technique. 
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ABSTRACT 
 
Many empirical correlations have been proposed to correlate cone penetrometer (CPT) variables with 
standard penetration test (SPT) N-values. These correlations were developed using global databases 
and often for specific drilling methods, and therefore the suitability of their application to the soil 
deposits found in the Canterbury region and the local drilling methods is unknown. This research 
attempts to address this problem by evaluating the applicability of existing CPT-SPT correlations using 
data collected from adjacent borehole and CPT soundings at over 150 locations across the 
Canterbury region. Along with soil type, SPT N-values, and hammer energy efficiencies, the database 
included field records, allowing for careful screening of each datapoint for effects such as heave and 
artesian conditions. The Jeffries and Davies correlation provided the best representation of the 
dataset, however significant spread in the data and a second order bias was evident. The effect of 
different drilling methods was investigated, with approximately half the borehole database using the 
rotary sonic method, and the other half the direct push method. This comparison showed that drilling 
method may be affecting soils with lower N60 values, and affecting the correlation bias for certain soil 
types. Overall, these results indicate that there may be a need for the development of a correlation 
specific to Canterbury soils and the drilling methods most commonly used in the region. 
 
Keywords: cone penetration testing, standard penetration testing, drilling methods, Canterbury 
 
 
1 INTRODUCTION 
 
Many empirical correlations have been proposed to correlate cone penetration test (CPT) variables 
with standard penetration test (SPT) N-values. Existing correlations between CPT and SPT commonly 
relate the ratio of the CPT tip resistance (qc, qt) and SPT blow count (N60, equivalent blow count for a 
hammer energy efficiency of 60%), to grain size characteristics (D50 or fines content) (eg. Robertson et 
al. 1983), soil behaviour type index (Ic) (eg. Jeffries & Davies 1993, Robertson & Cabal 2012), or a 
constant value for certain soil types (eg. Robertson et al. 1986). In this paper correlations based on Ic 
are investigated further as Ic can be computed directly from CPT sounding data. These correlations 
were developed using overseas databases and often for specific drilling methods, therefore their 
suitability for use in the soil deposits found in the Canterbury region and the local drilling methods is 
unknown. This research attempts to address this problem by evaluating the applicability of selected 
existing CPT-SPT correlations using data collected from over 150 locations across the Canterbury 
region. 
 
 
2 SITE INVESTIGATION DATASET 
 
The dataset presented in this paper was obtained from co-located boreholes and CPT soundings at 
167 locations across Canterbury, with the majority of sites from within the city of Christchurch. All 
testing was carried out by the same organisation and the same approach to testing was applied at all 
locations. Details of the methodology applied to each site investigation technique are outlined in the 
following sections. 
 
 
2.1 Cone penetration testing 
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The Cone Penetration Test (CPT) is an increasingly popular site investigation technique worldwide 
due to its ability to provide a continuous record stratigraphy and soil properties. It has been shown that 
good repeatability can be achieved if standard procedures are followed rigorously. Both CPT and 
CPTu soundings in this database were performed according to ASTM D5778-12 (ASTM 2012) and EN 
ISO 22476-1 (2012). 
 
2.2 Drilling methods 
 
In this database direct push (dual tube), rotary coring and rotary sonic drilling methods were used in 
103, 7 and 57 boreholes respectively. Given the relatively small number of rotary coring tests, the 
focus here is the other two methods. Both methods use an inner and outer casing, and the leading 
edge of the outer casing has a cutting shoe designed to penetrate through soils. The kerf of annular 
material (i.e. soil > sample diameter and < outer casing diameter) is displaced during the advance. A 
small length of soil is also retained within the cutting shoe during inner tube withdrawal and this helps 
ensure the soil in the sample/test zone (ahead of the casing) is not subject to disturbance by 
mechanisms such as hole heave, unbalanced hydrostatic heads and/or suction pressures. 
 
2.2.1 Direct Push – Dual Tube 
 
The method of advance is a combination of static and dynamic push without rotation provided by a 
hydraulic top hammer with an operational frequency of 0-1200 bpm. Two tubes are advanced 
simultaneously without the requirement of any drilling fluid (other than water added within the tubes to 
counter hydrostatic pressure). During advance the soil enters the inner tube and this tube is 
subsequently withdrawn to the surface.  The outer tube remains in place and provides hole support 
during any down the hole in-situ testing (i.e. SPT). Post sample recovery and any testing, the inner 
tube is then lowered back into the outer tube and then both tubes are advanced to the next 
test/sample interval. 
 
2.2.2 Sonic – Dual Tube 
 
The method of advance is by dynamic push with or without rotation provided by a top drive frequency 
source with an operational frequency of 40 – 140 Hz. Two tubes are advanced simultaneously with or 
without the requirement of any drilling fluid (other than water added within the tubes to counter 
hydrostatic pressure). In the event drilling fluid is introduced to aid drilling it is via radially positioned 
ports approximately 200 mm above the leading edge to help ensure the soil in the sample/test zone 
(ahead of the casing) is not subject to jetting/washing disturbance. During advance the soil enters the 
inner tube and this tube is subsequently withdrawn to the surface. The outer tube remains in place and 
provides hole support during down the hole in-situ testing. Post sample recovery and any testing, the 
inner tube is then lowered back into the outer tube and then both tubes are advanced to the next 
test/sample interval. This methodology differs slightly from other sonic methods, which require the 
outer tube to be advanced after following sampling. 
 
2.3 Standard Penetration Testing 
 
Despite its poor standardisation, repeatability and reliability, the SPT remains one of the most 
commonly used in-situ tests in many parts of the world because of its low cost and simplicity. 
Extensive database and experience have been developed and many empirical correlations have been 
developed between SPT N-values and engineering properties of soils. This method is still commonly 
used in Christchurch as it can characterise and penetrate shallow and deep gravel deposits that 
prevent the advance of CPT soundings, the borehole provides physical samples, and there is a history 
of its use in design in the region. 
 
As different hammer and triggering systems were used in the tests throughout the database, the 
energy for each system was measured in calibration testing, with efficiencies ranging from 75-102% of 
the theoretical maximum. SPT tests were carried out using either a Raymond split spoon sampler or a 
60° solid cone in accordance with NZS 4402.6.5.1:1988 (SNZ 1988). The effect of these two different 
methods of SPT testing is investigated here. The NZ standard sampler dimensions differ slightly from 
the ASTM standard sampler dimensions (ASTM 2011) that were used in the development of the 
correlations presented in this paper.  
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The corrected SPT blowcount (N60) was calculated by modifying the raw SPT N-value to account for 
rod length and hammer energy efficiency. The inner borehole diameters for the direct push (54.6 mm) 
and sonic (95 mm) methods both required no correction.  Additionally, no sampler correction factors 
were applied (Skempton 1986). 
 
 
3 DATASET DEVELOPMENT 
 
CPTu measurements and static borehole water table measurements were used to define the 
watertable depth at each location. In order to compare the CPT sounding data and N60, the mean of 
each CPT variable (qc, sleeve friction (fs) and Ic) was determined over the 300 mm length of each SPT 
test (excluding the seating drive) as indicated in Figure 1a. The majority of datapoints fall in the Ic 
ranges for clean to silty sand range (1.31 – 2.05) and silty sand to sandy silt range (2.05 – 2.60).  
 
In order to refine the overall dataset, the following filters were applied: 

 Only locations where CPT soundings and boreholes were spaced between 1 and 6 m apart 
were used to reduce the effect of horizontal inhomogeneity (reduced spacing between these 
test locations did have a significant effect on the results presented here). 

 All incomplete SPT drive lengths were removed (ie. those with less than 450 mm total 
penetration). 

 All SPT readings of zero were removed. 
 SPT tests in gravels were removed.  
 Use of field records allowed for screening for effects such as heave and artesian conditions. 

 
Ic values and soil types identified in the borehole logs were compared, and those with significant 
differences in soil behaviour type and logged soil type were discarded as it was assumed these were 
influenced by lateral variability. Figure 1a also indicates the potential variability of the CPT sounding 
data within each SPT test range, which could be a possible source of error in the comparison. To 
account for this, a final screening of the database removed datapoints with excessive variability in qc. 
By applying these filters to the data a total of 495 datapoints were used in further analysis. 
 

 
Figure 1. a) calculation of CPT parameters based on SPT test location. b) performance of Jefferies 
and Davies algorithm for US database (adapted from Jefferies & Davies 1993) 
 
 
4 CORRELATIONS 
 
The two correlations presented here use the soil behaviour type index (Ic), These are the modified 
version of the Jefferies and Davies (1993) correlation from Lunne et al. (1997): 
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where all variables have been defined previously. The Jefferies and Davies correlation is applicable to 
all soil types, and they used 195 data pairs to independently validate this correlation using mud rotary 
boreholes at all these test locations (Jeffries and Davies 1993). Data pairs are presented in Figure 1b, 
indicating the amount of scatter in the data, with most datapoints within a +-50% range of the 1:1 line. 
They highlighted a possible second order bias for N60 values above 25, with the correlation 
underestimating the measured N60 values.  
 
 
5 RESULTS 
 
The performance of each correlation for the overall database is initially presented, providing a 
combined representation of multiple drilling methods and SPT testing approaches. Following this, 
reduced datasets are presented to highlight the influence each of these on each correlation 
performance. To further assess the applicability of the selected correlations to the soil deposits typical 
of the Canterbury region, it is of interest to evaluate how bias varies with a number of testing variables.  
Bias characteristics are presented as the difference between the estimated N60 and the measured N60 
values (ie. N60 estimated – N60 measured). Using this approach, a bias greater than zero is an 
overestimation of the measured N60 value, and a value less than zero is an underestimation.  
 
5.1 Overall database  
 
Figure 2 and 3 indicate the performance of each correlation for the overall database of CPT-SPT 
pairs, with the data presented here limited to a maximum N60 of 50. The comparison between the 
estimated and measured N60 values in Figure 2 clearly demonstrates the significant spread in the 
data, with a large number of datapoints outside the lines representing ±50% of the 1:1 relationship 
across the range of measured N60 values. Both correlations also have similar coefficient of 
determination (r2) values, indicating that both provide a fairly weak representation of the dataset.  
 

 
 
Figure 2. Comparison of estimated and measured N60 for the overall database. a) Jefferies & Davies 
correlation, b) Robertson & Cabal correlation. Coloured dots indicate soil behaviour type index ranges 
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Figure 3. Comparison of N60 bias and measured N60 values for the overall database. a) Jefferies & 
Davies correlation, b) Robertson & Cabal correlation 
 
A better representation of this comparison is provided by the characteristics of the bias in the data 
compared to the measured N60 values in Figure 3. The bias in the Jeffries and Davies (J&D) 
correlation in Figure 3a shows a slight overestimation for low N60 values, and another rise in the bias 
around a measured N60 of 20. However, for measured N60 values above 25 the increasingly negative 
bias indicates an underestimation by this correlation (which is similar to the second order bias 
originally identified by Jeffries and Davies as indicated in Figure 1b). Figure 3b shows that the 
Robertson and Cabal (R&C) correlation tends to overestimate the measured N60 values for values 
below 30, where the positive bias is larger than the J&D correlation. Above an N60 of 30 the measured 
N60 values also tend to be underestimated by the R&C correlation.  
 
These initial comparisons show that both correlations may not be able to accurately estimate the 
measured N60 values in this dataset, and the development of an improved correlation may be 
necessary. However, as the J&D correlation seems to provide a better representation of the measured 
N60 values it is the focus of the remainder of the paper. 
 
5.2 Sonic drilling method 
 
The majority of boreholes using sonic drilling methods carried out SPT testing using the Raymond split 
spoon sampler, therefore the focus of this first reduced dataset are these two variables. Figure 4a 
compares the estimated and measured N60 values using the J&D correlation for the 167 points in this 
dataset. The coefficient of determination reduced relative to the overall database, indicating that the 
J&D correlation may be providing a poorer representation of this dataset. Comparison with Figure 2a 
shows that the majority of datapoints above the +50% line in the overall database are also 
represented in this reduced dataset, indicating that N60 values are being significantly overestimated in 
a number of cases.  
 
5.3 Direct push drilling method 
 
The majority of boreholes using direct push drilling methods carried out SPT testing using a 60° solid 
cone, therefore the focus of this second reduced dataset are these two variables. Figure 4b compares 
the estimated and measured N60 values using the J&D correlation for the 207 points in this dataset. 
The coefficient of determination increased relative to the overall database, indicating that the 
correlation may provide a better representation of this reduced dataset. Visual inspection of Figure 2a 
and 4b clearly shows the reduction in the spread of the datapoints for this reduced dataset, with much 
fewer outside ±50% of the 1:1 relationship, and less evidence of overestimation of N60 in the 5-25 
range. 
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Figure 4. Comparison of estimated and measured N60 values using the Jeffries and Davies correlation. 
a) Sonic drilling and Raymond split spoon sampler SPT test. b) Direct push and solid cone SPT test 
Coloured dots indicate soil behaviour type index ranges 
 

 
Figure 5. Comparison of N60 bias and measured N60 values using the Jeffries and Davies correlation. 
a) Sonic drilling and Raymond split spoon sampler SPT test. b) Direct push and solid cone SPT test 
 
5.4 Correlation bias 
 
The bias in the J&D correlation data, again represented as the difference between the estimated and 
measured N60, is presented in this section for the sonic drilling and split spoon sampler SPT test, and 
the direct push drilling and solid cone SPT test. If both datasets demonstrate different correlation bias 
characteristics when compared to a number of measured variables (N60, qc, Ic) then this may be 
evidence that drilling method is affecting the measured N60 values. 
 
Figure 5 compares the bias in the J&D correlation data with the measured N60 for both datasets. Both 
datasets have similar characteristics for N60 values above 25, with a negative bias showing that the 
correlation underestimates the measured values, and this underestimation increases as N60 increases. 
However, there is a clear difference in the bias characteristics for the lower measured N60 values. 
There is little bias in the direct push and solid cone SPT test data for measured N60 values below 20 in 
Figure 5b, with this bias shifting from positive to negative over this range. A more obvious bias in the 
data is evident for the sonic drilling and split spoon sampler SPT test data, tending to overestimate the 
N60 values in this range. A possible reason for this and the increased spread in the data in Figure 4a 
may be the disturbance created by the sonic drilling method in these softer soil deposits, reducing the 
measured N60 values relative to other drilling methods. Further study is warranted to understand these 
effects further. 
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The bias in the J&D correlation data is compared to the measured qc in Figure 6. For both datasets 
there seems to be a relatively small bias in the data for qc values less than 10 MPa. Above this range 
a positive bias develops for the sonic drilling and split spoon SPT tests, with the drop in bias at higher 
qc values possibly resulting from a of lack of data at higher qc values. The opposite occurs for the 
direct push and solid cone SPT tests, with a negative bias developing at higher qc values. As qc 
increases there seems to be an increase in the spread of the bias for both datasets. This comparison 
also indicates that the direct push drilling dataset has a larger number of datapoints for qc values 
below 10 MPa, and it would be useful to increase the sonic drilling dataset in this range. 
 
The bias in the J&D correlation data is compared to the soil behaviour type index (Ic) in Figure 7. 
Above an Ic of approximately 1.7 there seems to be no significant bias for the direct push and solid 
cone SPT tests, suggesting that this drilling method may not have a clear influence on different soil 
types. There seems to be an underestimation of the measured N60 for silty sand-sandy silt (Ic = 2.05-
2.6) for the sonic drilling method, with the majority of datapoints in this range having a negative bias. If 
this was due to drilling method, then the sonic method may be improving the soil properties in this 
range, given there is no clear bias for the direct push method in this range. For clean sand-silty sand 
deposits (Ic = 1.31-2.05), Figure 7a shows that a positive bias develops as Ic reduces, indicating an 
overestimation of the measured N60 values. Figure 4a shows that the clean sand-silty sand points with 
significantly overestimated N60 values had measured N60 values less than 20. Therefore, the sonic 
drilling method may have a negative effect on these soils with reduced fines content, leading to this 
positive bias. This effect may be related to pore pressure generation and the use of drilling fluids in 
sonic testing. Again further research is needed to assess these effects. 
 

 
Figure 6. Comparison of N60 bias and qc using the Jeffries and Davies correlation. a) Sonic drilling and 
Raymond split spoon sampler SPT test. b) Direct push and solid cone SPT test 
 

 
Figure 7. Comparison of N60 bias and soil behaviour type index (Ic) using the Jeffries and Davies 
correlation. a) Sonic drilling and Raymond split spoon sampler SPT test. b) Direct push and solid cone 
SPT test 
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6 CONCLUSIONS 
 
This paper addresses the applicability of selected existing CPT-SPT correlations for use in the 
Canterbury region using a database from over 150 locations. Initial comparisons of the overall dataset 
highlighted the significant variability in estimated and measured N60 values for both correlations 
presented in the paper. Of the two, the Jeffries and Davies correlation provides a better 
representation, albeit with some clear issues. The second order bias that was originally identified by 
Jeffries and Davies is again evident in the database presented here, leading to conservative estimates 
of the N60 values for stiffer soil deposits. 
 
A large dataset of sonic drilling using a Raymond split spoon sampler based SPT test, and direct push 
drilling using a solid cone based SPT test were compared in order to show if drilling method had any 
effect on the correlation bias. More scatter was evident in the sonic drilling data compared to the direct 
push method. Correlation bias characteristics suggest that sonic drilling may be affecting soils with 
lower N60 values, and affecting the correlation bias for soil types that have no clear correlation bias in 
direct push test data. These results seem to suggest an influence of drilling method on SPT testing, 
and further research into this effect would be appropriate. It would be important to include the effect of 
different sonic drilling methods, as these may have a different effect on the soils being tested. 
 
Overall, these results indicate that both correlations may not be appropriate and there may be a need 
for the development of a correlation specific to Canterbury soils and the drilling methods most 
commonly used in this region.  
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ABSTRACT 
 
The cone penetration test (CPT) provides a huge amount of data in comparison with other in 
situ test procedures - complete sets of readings every 10 mm or so of penetration. Some years 
ago a site in Albany was investigated with 30 closely spaced CPT soundings to a depth of 10 m. 
The intention of this paper is to take the analysis of the data gathered further in order to 
understand better the scale of the variability of the properties of the residual soil common 
around the Auckland region. We have data at two scales: vertical and horizontal. In the vertical 
direction, there are one thousand readings over the 10 m depth of each sounding. In the 
horizontal direction, there are 30 CPT soundings within a square of 8m side, the closest being 
at 1 m spacing. We will present our explorations of the properties in terms of an autocorrelation 
function and by determining the average distance between zero crossings of the de-trended qc 
data.  
 
Keywords: Residual soil, variability, scale of variability, CPT. 
 
 
1 INTRODUCTION 
 
Much of Auckland is covered with residual soil derived from the in situ weathering of the 
Waitemata group sandstones and siltstones. Unlike soils of sedimentary origin the properties of 
these materials cannot be understood within a framework based on effective stress history. 
Given that the process of forming residual soil is one of chemical alteration of the Waitemata 
group sandstones and siltstones (“soft” rocks with unconfined compressive strengths up to a 
few MPa), one might expect that this is a random process and will result in soils which exhibit 
variability from point to point over quite short distances. As evidence for this suggestion we offer 
the observation that the shear strength properties of these materials, at low effective confining 
pressures, from a number of sites around the Auckland region are extremely variable, (Kikkawa 
et al 2008), and also that the Atterberg limits extend over a wide range plotting roughly along 
the A-line in the Casagrande classification chart (although this may also be a consequence of 
whether the original material is of sandy or silty composition). 
 
The purpose of the original  investigation work, reported by Holland and Pender (2008), was  to 
perform an intensive investigation using  closely spaced CPT profiles to develop a better feeling 
for the inherent variability of the material. The purpose of this paper is to take the analysis if the 
data further and quantify the scale of variability of the cone penetration resistance in the vertical 
direction. Variability observed in cone penetration profiles will be reflected in variability of 
strength and stiffness of the soils, which in turn is of significance for soil-structure interaction 
and other foundation design considerations.   
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Figure 1.  Layout of the cone penetration soundings 

 

As far as we are aware intensive investigations of this type have not been done previously in 
Auckland residual clay.  Further similar investigations are needed to round out the conclusions 
of this paper.  
 
The site investigated was near Corinthian Drive in Albany north of Auckland. A total of 30 CPT 
probings were done to a depth of about 10 m from the ground surface. The layout of CPT 
probings is shown in Figure 1 with soundings on a 1 m grid.  The CPT recording interval was 10 
mm.  The CPT work was done with one rig and one operator over a two day period, March 13 
and 14, 2002. 
 

 
2 MEAN AND STANDARD DEVIATION 
 
At each depth the mean values of the 30 penetration records were calculated. All records 
showed a very distinct spike at a depth of about 2.1 m, this was taken as a marker and all 
depths herein are expressed in relation to the position of this spike. The interpretation of the 
penetration resistance focussed on vertical variability within the CPT records as the geological 
origin of the material, and the CPT records themselves, indicate changes in the material with 
depth. The lowest friction ratio readings are associated with the soil near the ground surface, so 
this region will be ignored as it is probably fill. The spike in the qc at about 2 m depth is assoc- 
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Figure 2. CPT data averaged at each depth. Left: qc, middle: fs, right: coefficients of variation of 
qc and fs. 

 
iated with a low friction ratio and so this “marker bed” is probably a granular layer. Figure 2 
shows that there is a more or less constant friction ratio of about 6% between about 4 m and 9.5 
m.  Such a value is associated, using the Douglas and Olsen (1981) classification chart, with 
fine grained cohesive soil yet the cone resistance towards the bottom of the soundings is too 
high for such materials and is more suggestive of coarser non cohesive soil. Perhaps this 
indicates that the CPT based classification system (Douglas and Olsen (1981) is of limited value 
for residual soils. In a similar vein calculating the soil behaviour type index (Robertson 2010) 
shows that the material is cohesive over the full depth. 

fs 
 
 
qc 
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Figure 2 presents a number of aspects of the data. On the left of the diagram the mean of the 
cone resistance at each depth is plotted as well the mean value plus and minus 1.96 standard 
deviations at that level (if the data fits a normal distribution then these lines give the bounds 
within which 95% of the data can be expected to lie). The middle graph does the same for the 
friction ratio. The right hand graph in the figure gives the coefficients of variation for the cone 
penetration resistance and sleeve friction.  
 
The left hand side of Fig. 2, as well as indicating that the cone resistance varies with depth, also 
shows that the process of calculating the average qc value at each, that is each 10 mm of 
penetration, has a smoothing effect on the data. This is apparent from the lines in which 1.96 
times the standard deviation is plotted and even more so if the extremes of the CPT data are 
plotted (not included here). Below about 6 m depth the cone resistance increases gradually with 
depth till it reaches 7 or 8 MPa at depths of about 9 m. Values such as this would be expected 
to represent sandy horizons rather than clayey soil, yet from the middle plot in Figure 2 it is 
apparent that the friction ratio is surprisingly constant from about 4 m down, at a value which 
indicates cohesive soil. As explained above this may be a limitation of applying qc – fs 
classification methods to residual soils. However, the spike in the profile at about 2 m would 
appear to be a thin lens of cohesionless soil in which the cone resistance increases whilst the 
friction ratio decreases. We have yet to recover samples from the site so cannot give any direct 
comparison between the CPT data and other soil classification data. 
 
The right hand diagram in Figure 2 has the coefficient of variation of qc and fs plotted against 
depth. It is of interest that the coefficient of variation of the friction ratio is generally less than 
that of the cone resistance.  Also of note is the observation that the coefficient of variation of the 
cone resistance is in the range specified by Lumb (1974) for the coefficient of variation for the 
undrained shear strength of clays (this comment assumes the usual assumption of a constant 
relationship between cone penetration resistance and undrained shear strength in clays). 
 
 
3 SCALE OF VARIABILITY IN THE VERTICAL DIRECTION 
 
The standard deviation tells us how much the data is scattered about the mean value, but it tells 
us nothing about the distances over which these variations occur. The parameter giving this is 
known as the scale of variability. Since the CPT records so much data, it is possible for each 
sounding to estimate the scale of variability in the vertical direction. The CPT layout shown in 
Figure 1 does not have enough soundings over a large enough lateral distance to give the scale 
of variability in the lateral direction. Figure 2 shows that the upper 2 to 2.5 m of each CPT 
record varies in a complex manner and there is a “spike” in the data at a depth of about 2 m. 
Also it is not known to what extend the upper part of the soil profile is fill rather than natural 
ground. Consequently the upper 2.5 m of the soil profile was not considered in the estimates of 
the scale of variability.  
 
On left hand side of Figure 2 the mean value at each recording depth for the 30 CPT records is 
plotted. For the investigation of the scale of variability all the CPT data were processed as 
deviations from these mean values, below we refer to these as qc deviations. This conversion to 
deviations from the mean was not an essential step in estimating the scale of variability, but it 
does give a convenient appreciation of the variability of the penetration resistance. All the 
calculations in the paper were done using Mathcad (PTC 2012). 
 
Two methods were used herein to determine the scale of variability in the vertical direction. 
First, the use of the autocorrelation calculated for each vector of qc deviations and then the 
Bartlett limit is used to indicate the scale of variability (Jaksa et al 1996 and 2000). Second, the 
method based on finding the average spacing between zero crossings of the de-trended data 
(Phoon and Kulhawy,1999). Both of these approaches need first to fit a least squares 
regression curve to the data. Herein both second and third order polynomials were considered. 
It was found that the sum of the squares of the residuals after the least squares calculation was 
always smaller for the third order curves, so these were used in the estimation of the scale of 
variability in the vertical direction. 
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Figure 3.  Data for CPT 04 and CPT 30:recorded qc data minus the mean value at each level (qc 
deviations) along with the  third order polynomial regression curve. 
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Figure 4. De-trended plots for qc deviations for CPT 04 and CPT 30 
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Figure 5. Autocorrelation functions for CPT 04 and CPT 30 showing the scale of variability in the 
vertical direction of 460 and 210 mm respectively. 
 
The differences between the pairs of curves in Figure 3, that is the de-trended qc deviations, are 
plotted in Figure 4 and are used in the estimation of the scales of variability. The autocorrelation 
of this vector is calculated and the function plotted as shown in Figure 5. Jaksa (2000) explains 
how the so-called Barlett’s limits are used to estimate the scale of variability, where this limit 
intersects the autocorrelation function determines the scale of variability. In Figure 5 these 
intersections give a scale of variability in the vertical direction of 460 mm for CPT 04 and 210 
mm for CPT 30.  
 
In the second method of estimating the scale of variability also uses the data plotted in Figure 4.  
For this method the number of zero crossings is calculated and the average distance between 
the zero crossings is used as another measure of the scale of variability (Phoon and 
Kulhawy,1999). From this we obtain scales of variability in the vertical direction of 229 mm for 
CPT 04 and 470 mm for CPT 30.  
 
 
4 SCALE OF VARIABILITY IN THE HORIZONTAL DIRECTION 
 
The scale of variability in the horizontal direction is the other parameter that we need to fully 
characterise the properties of the material at this site. Generally it is thought that the scale of 
variability in the horizontal direction is rather larger than that in the vertical direction, in fact 
several metres is what has been found in other studies (Jaksa 2000). So rather than a number 
of CPTs clustered close together, as in Figure 1, a more appropriate approach would be have 
the soundings in a straight line at, say, one metre spacing.  
 
 
5 CONCLUSIONS 
 
Data from 30 closely spaced CPT soundings to depths of about 10 m have been analysed to 
improve understanding of the variability in properties of Auckland residual soils. We have three 
main conclusions:  

 Generally the coefficient of variation for the CPT sleeve resistance is less than that of 
the cone resistance. 

 The coefficients of variation of the qc values at each level are in the range given by 
Lumb (1974) for the coefficient of variation for the undrained shear strength of clay.  

 The scale of variability in the vertical direction is of the order of 200 to 500 mm. 
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 The scale of variability in the vertical direction determined from the autocorrelation 
function for each sounding and that determined by calculating the number of zero 
crossings in the de-trended qc data, are similar to within a factor of about 2. 
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ABSTRACT 
 
This paper evaluates the static and dynamic behaviours of reinforced granular transitions with various 
configurations under heavy freight rail traffic. The measurements of the permanent settlement of the 
ballast and the substructure by conventional single-point (total station) survey led to the estimation of 
the track static stiffness. The quantification of the vertical deformation under repeated cyclic freight 
movements by automated, real time surveillance technique (with Pile Driving Monitors) enabled the 
prediction of the track dynamic stiffness. The study was able to identify not only the stiffness 
contributions from the track system and the underlying substructure but also the stiffness responses 
from the different transition configurations, further justifying the significance of the transition zones.       
 
Keywords: track static and dynamic stiffness, heavy freight, monitoring, transition, basal reinforcement  
 
 
1 INTRODUCTION 
 
A major bottleneck existed in the rail freight network in southern Sydney where the freight trains were 
required to share existing rail lines with the Sydney metropolitan passenger services. For separating 
the freight services from the passenger train movements, a third track (capable of supporting up to 48 
train paths daily) over a length of 36 kilometre was constructed in the existing rail corridor. The A$1 
billion rail infrastructure was delivered as part of a much larger program of works to improve the 
efficiency and cost-effectiveness of rail freight services along the North-South Rail Corridor between 
Melbourne, Sydney and Brisbane.  
 
Track support structures in the form of track slabs, rail bridges, viaducts and culverts were constructed 
as part of the project. The structures typically bear on piles socketed into rock, thus a much stiffer 
system in comparison to the immediate approach embankments. Reinforced granular transitions were 
adopted at both sides of each structure to achieve better compatibility of deformation between 
sections of track with differing stiffness. A photograph showing the first freight rolling stock with a 136 
tonne locomotive on a project rail bridge moving towards a transition zone is presented in Figure 1. 
 

 
Figure 1. Freight rolling stock approaching structure-embankment transition 
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2 TRANSITION CONFIGURATIONS 
 
The transitions typically have the shape of an inverted trapezium. Site physical constraints and 
specific design criteria has dictated the need to form the transitions in variable thicknesses with 
different types of basal reinforcement. The transitions are consisted of 20 mm nominal size dense 
graded aggregate basecourse (DGB20). The degree of compaction for the basecourse was at least 
100% of the Standard Proctor Maximum Dry Density. Both ultra-strong uniaxial geotextile (with a yield 
tensile strength of 200 kN/m) and biaxial geogrid (with a yield tensile strength of 20 kN/m) were 
selected as reinforcements. Non-woven geotextiles were placed to separate the basecourse from the 
adjacent rail formation. Table 1 summarises the different transition configurations. 
 
Table 1: Various transition configurations 

Transition Type Thickness (m) Reinforcement Arrangements 
1 Up to 3.3 Only the upper 1.25 m of the transition 

is reinforced by four layers of Mirafi® 
high-strength woven polyester 
geotextile PET200/50 

2 6.5 Fully reinforced by multiple layers of 
biaxial geogrid Tensar SS2 (at 0.3 m 
vertical spacing) 

3 3 Fully reinforced by multiple layers of 
PET200/50 (at 0.3 m vertical spacing) 

4 0.7 Wrapped by a layer of PET200/50 
 
 
3 CALCULATION OF STATIC TRACK STIFFNESS 
 
A conventional (total station) survey of reflective targets on the rail track was used to quantify the 
permanent vertical displacements of the railway on all types of transition. Settlement plates were also 
installed in the four foot (between the rails) at the formation capping level for Type 2 transition to 
differentiate the displacements contributed by the railway substructure. The results from the survey 
monitoring (see Table 2) were relied upon to calculate static track stiffness.  
 
A selected graph illustrating the profile of the permanent settlements within Type 1 transition is given 
in Figure 2. Similar movement trends were identified for Types 2, 3 and 4 with the transition specific 
movement profiles highlighted in Table 2. 
 
Table 2: Distinct movement profiles detected by conventional survey monitoring 

Transition Type Target Location Construction Details Monitoring Results 
1 Rail level Approach 

embankment was 
constructed in 
September 2012 with 
no transition.  The 
transition was 
introduced in mid 
April 2013. 

The monitoring was only commenced 
in mid February 2013, thus only the 
residual settlement (some 30 mm) 
was recorded. Site inspection 
revealed that the track has settled 
some 100 mm overall. 
The transition was able to control the 
settlement rate. The track has only 
settled up to 15 mm overall. 
No significant increases in the 
recorded movements following rain 
events. The abrupt increase in track 
settlement rate immediately after the 
transition construction (as observed 
in mid April 2013) is associated with 
the compaction of ballast under train 
loading.   
Minor horizontal displacements were 
recorded.   

  

1005



2 Rail level Embankment was 
also constructed in 
September 2012 but 
with transition. 

Total vertical displacements of up to 
20 mm were measured.  
Minor horizontal displacements were 
recorded. 

No significant increases in the 
recorded movements following rain 
events.   

Formation level Settlement plates within the four foot 
recorded vertical movements of less 
than 10 mm. 

3 Rail level Embankment was 
constructed in 
September 2012 with 
no transition. The 
transition was 
introduced in mid 
April 2013. 

No known track settlements were 
reported. Following transition 
application, the measured total 
vertical displacements were generally 
in the range of 10 mm to 15 mm.    
Minor horizontal displacements. 

Movements do not respond to rain. 
No significant increases in the 
recorded movements following rain 
events. 

4 Rail level Embankment was 
constructed in 
September 2012 with 
no transition. The 
transition was 
introduced in mid 
April 2013. 

No known track settlements were 
reported. Following transition 
application, the measured total 
vertical displacements were in the 
range of 10 mm to 15 mm.    
Minor horizontal displacements. 
Movements do not respond to rain. 
No significant increases in the 
recorded movements following rain 
events. 

 

 
Figure 2. Permanent vertical displacements at rail level within Type 1 transition 
 
 
4 ANALYSIS OF DYNAMIC TRACK STIFFNESS 
 
Dynamic testing techniques developed for pile driving (Foundation Specialists Group 2013) was 
adopted to monitor the track movements under the influence of freight rail rolling stock in real time. 
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The monitoring results in Table 3 were used as the basis to estimate the dynamic track stiffness. The 
dynamic monitoring was undertaken for different degrees of train loading within Type 1 and 2 
transitions. Measurements were carried out at both track sleeper and substructure (formation) levels 
as shown in Figure 3. The typical graph output from the dynamic movement monitoring is provided in 
Figure 4. 
 

 
Figure 3. Survey targets on track sleeper and at formation level 
 

 
Figure 4. Typical graph output from dynamic monitoring 
 
Table 3: Track deflections recorded by dynamic movement monitoring 

 Event 
Engine 

Mass (kN) 
Train Speed 

(km/h) 
Monitor Location Transition 

Deflection (mm) 

Peak Average 

10:20am 
12/07/2013 

1,370 63.1 Sleeper level 
Type 1 

-4.26 -4.00 
-0.88 -0.67 

11:49am 
12/07/2013 

1,340 60.6 
Sleeper level -1.35 -1.02 

Formation level -0.20 -0.85 
1:19pm 

11/07/2013 
1,380 32.6 

Formation level 

Type 2 

-1.40 -1.04 
Sleeper level -4.03 -3.61 

3:06pm 
11/07/2013 

1,650 43.1 
Formation level -0.16 -0.25 
Sleeper level -4.82 -4.09 

 

Survey Target  
on Track Sleeper  

Survey Target  
on Top of Settlement Plate  
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5 ALLOWABLE VERTICAL RAIL DEFLECTION 
 
The experience based performance criteria indicated by the maintainer of the freight line (Aurecon 
2013) are as follows: 
 

 Vertical displacements of up to 4 mm are typically associated with a new track. 
 Vertical displacements in the range of 4 mm and 6 mm represent acceptable track 

performance. 
 Vertical displacements in excess of 6 mm are not desirable as they meant poor track 

quality. 
 
The adopted performance criteria are consistent with the track deflection criteria for durability 
(Lundgren et al. 1970). The study suggested the track deflection in the range between 3 mm and 6 
mm for heavy track to give requite combination of flexibility and stiffness.  
 
The dynamic movement monitoring suggests satisfactory performance for both Type 1 and 2 
transitions. The monitoring has also inferred that Type 1 is relatively stiffer than Type 2 (apparent at 
track level). In reference to the performance criteria, the deflections measured at track sleeper level 
under dynamic train loading within Type 1 transition reflects the quality of a new track whilst Type 2 
transition has given reasonable track performance. 
 
 
6 RATIO BETWEEN DYNAMIC AND STATIC STIFFNESS 
 
The graph in Figure 5 highlights the significance of the transitions. With no transitions, the behaviours 
of the track support were generally consistent with the observations made by Alpan in 1970, also Benz 
and Vermeer in 2006 for granular soil. Typically the ratio between the dynamic and static stiffness for 
the study areas with no transitions ranges from 4 to 10. The transitions resulted in significant 
increases in dynamic stiffness with the ratio between the dynamic and static stiffness varying from 20 
to 70. The graph also demonstrated the static track support stiffness at the track substructure level to 
be within design limit by achieving a dense track formation subgrade. 
 

 
Figure 5. Stiffness as a function of load-unload cycles 
 
 
7 DYNAMIC BEHAVIOUR CHARACTERISATION 
 
The fact that the measurements from the Pile Driving Monitors have consistently returned to a ‘zero’ 
reading at the end of each event has suggested the elastic behaviour of the track under cyclic 
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(dynamic) loading. A linear relationship between the track dynamic stiffness and the corresponding 
strain is illustrated in Figure 6.   The following observations were made: 
 

 The vertical deflections measured correspond to small to medium strains.  
 Significantly stiffer reaction was identified at the track substructure level in comparison 

to that at the track sleeper level, likely due to the contributions from the different track 
components above the substructure which include the track steel rails, concrete 
sleepers and ballast. 

 At the track sleeper level, Type 1 transition is generally stiffer than Type 2 transition. 
No apparent differences in the resultant stiffness between Type 1 and 2 transitions at 
the track substructure level were identified.          

 

 
Figure 6. Stiffness as a function of strain 
 
Assuming the track as an infinite beam on a continuous linear elastic foundation (Winkler 1967), the 
lateral distribution of the theoretical track vertical deflections relative to the wheel axis was analysed, 
and is shown in Figure 7. Comparison with the master diagram for rail depression developed by Hay in 
1953 suggested a similar track deflection profile.  
 
Figure 7 shows that the track deflections generally dissipate to zero at a distance of 6 to 7xi, to the left 
and right of the load point, where the distance xi is that distance to the position of zero rail bending 
moment from the point of load application. Observations made by Kurzwell in 1972 suggest that for 
average track structures, the deflection due to a point load on a track is negligible beyond about 3 m of 
the point of load application.  
 
The relative values of the track vertical deflections (in terms of maximum vertical track deflection yo) 
within Type 1 and 2 transitions are plotted on Figure 7. Type 1 transition gave a relative value of 
generally less than 1 while Type 2 transition is 1 or greater. Thus the analyses have again confirmed 
that Type 1 transition is stiffer than Type 2 transition.   
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Figure 7. Comparison of relative track deflection values 
 
As illustrated in Figure 8, the loading and unloading stiffness exhibited different support behaviours at 
the track sleeper and substructure levels. The ratio between the loading and unloading stiffness at the 
track substructure level was found to be generally greater than unity. The ratio was less than 1 at the 
track sleeper level. The particular phenomenon stresses the significance of the contribution from the 
track components above the substructure to the track vertical movements. 
 

 
Figure 8. Dynamic stiffness as a function of load-unload cycles 
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8 CONCLUSIONS AND RECOMMENDATIONS 
 
The study demonstrated the significance of transition zones in controlling the abrupt changes in track 
vertical stiffness within approaches to structures. Significantly reduced total settlements, limited to the 
order of 20 mm, were measured for transitions up to 6.5 m thick overlying alluvium, residual soil and 
rock. The static stiffness corresponding to settlements of such magnitude reflects a dense track 
support. A 3.3 m thick approach embankment without a transition zone is known to be associated with 
a total settlement of the order of 100 mm. The depth to the underlying rock within the study area 
ranges from 10 m to 15 m below ground level. 
 
The hypothesis that in short term, the rail track under train cyclic loading behaves elastically is 
supported through the observations of the dynamic monitoring. The study was able to confirm that the 
contribution from the track components (i.e. rail beam, sleeper and ballast) to the track vertical 
deflection is greater than that from the underlying subgrade.    
 
The study highlighted the effectiveness of basal reinforcements within the influence zone of train 
loading. Type 1 transition (with high strength reinforcements mainly within the influence zone) has 
resulted in a stiffer response than Type 2 (with full reinforcements beyond the influence zone). A 
further study is recommended for gaining in-depth understanding on the performance of basal 
reinforcements beyond the train loading influence zone which can potentially lead to improvements in 
transition configuration design. 
 
The study also indicated the correlation of transition configuration with structure vertical stiffness. 
Shallow transitions less than 1 m thick (Type 4) were introduced at both sides of a floating track slab 
while the transitions at both sides of a piled rail bridge were extended to the full height of the bridge 
abutment (Type 1 to 3). The different transition configurations have demonstrated satisfactory 
performance. The writer recommends that the behaviour of shallow transitions in particular be further 
studied.    
 
The train speeds recorded at the time of monitoring range from about 33 km/h to 63 km/h, relatively 
slower than the allowable limit. The resultant dynamic wheel loads are under the influence of the 
locomotive speed. Higher speeds induce greater ratios between the dynamic wheel loading and the 
static wheel axle loading. A further study on the relative effects of higher speeds is recommended. 
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ABSTRACT 
 
Recent congestion of highways in many countries around the world has led railways to become the 
most popular means of public transportation, which increased the demand for heavier and faster 
trains. This requires an investigation into the impact of various design parameters affecting the overall 
railway track performance. Such an investigation is very important for railway geotechnical engineers 
to arrive at an optimum plan for track design and maintenance. In this paper, a sophisticated three-
dimensional (3D) finite element (FE) modelling is developed to investigate the dynamic response of 
ballasted railway track subjected to train moving loads. All components of the ballasted railway track 
system are represented including the rail, sleepers, ballast, sub-ballast and subgrade. The viscous 
quiet boundaries are used to represent infinite boundary conditions so as to absorb the train induced 
vibration waves at the boundaries. The FE modelling is validated using field measurement data. A 
detailed parametric study is carried out to investigate the effects of train speed, and modulus and 
thickness of ballast, sub-ballast and subgrade on track performance. The track response in terms of 
rail displacement, ballast, subballast and subgrade surface vertical stresses, surface subgrade strain 
and track stiffness are presented and their practical implications in relation to track design are 
discussed.  
 
Keywords: finite elements, numerical modelling, train moving load, ballasted railway track 
 
 
1 INTRODUCTION 
 
Railway tracks are conventionally founded on compacted granular media of ballast and subballast, laid 
on subgrade (formation) soil. The key functions of ballast are: distributing the induced train wheel 
loads through the rail and sleeper, damping the induced train dynamic loads, increasing sideways 
resistance and providing rapid drainage. Subballast, on the other hand, plays two major roles. Firstly, 
it is an economical way to increase the granular layer thickness and thus decreasing the stress on top 
of the subgrade surface, because subballast is usually composed of locally available materials (e.g., 
sand). Secondly, it provides an effective drainage and serves as a filtering media, hence, ensures 
safety against the mud pumping (Li 1994). The subgrade is composed of a naturally deposited soil, fill 
material or a combination of both. 
 
Ballasted railway track design requires an accurate estimation of the granular layer thickness that 
provides protection against subgrade failure caused by induced train cyclic loading. Without an 
accurate railway track design, the infrastructure sustains more damage and becomes more outmoded, 
the performance which might have been achieved is relinquished. Therefore, track maintenance is 
often invoked, and a large portion of maintenance cost is usually due to geotechnical problems. To 
reduce this cost and achieve better performance, several factors affecting track response need to be 
investigated such as the magnitude of wheel loads, number of load cycles, train speed, aggregate 
type and shape of particles, density and grading of aggregate, modulus and thickness of ballast, sub-
ballast and subgrade.  
 
Over the years, railway track analysis and design have evolved from approximate theoretical 
calculations to sophisticated numerical solutions. However, with the advancement in computer 
technology the use of numerical modelling for accurate prediction of railway track response is 
becoming more popular. For example, Shahin and Indraratna (2006) and Shahu et al. (1999) used the 
finite element (FE) method for investigating the track response considering some of the 
abovementioned factors. However, most available studies overlooked the true train moving loads 
along the track and rather provided oversimplified solutions based on a factored static wheel load. 
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Therefore, in the current study, an advanced three-dimensional (3D) FE modelling is developed to 
simulate the true dynamic response of railway track induced by train moving loads along the track. 
The developed FE model is calibrated and validated using field data. Finally, the model is used to 
provide preliminary track design guidelines via investigating the railway track response to various 
factors affecting track performance.  
 
 
2 NUMERICAL MODELLING OF RAILWAY TRACK FOUNDATION 
 
2.1 Finite element analysis 
 
In this study, a ballasted railway track is numerically modelled using the 3D finite element package 
GTS-NX (MIDAS IT. Co. Ltd. 2013). The FE model used is simulating a field case study obtained from 
the literature where the track material properties and field measurements are available. The case 
study considered is for a rail track between Brussels and Paris, near Ath, 55 km south of Brussels. 
Figure 1 shows the FE model of the simulated track, which is composed of layers of ballast and 
subballast as well as a capping layer founded on natural subgrade soil. The length of the modelled 
track in X-, Y- and Z-directions are 22.5m, 18m and 11m, respectively. The rail is modelled with one 
dimensional (1D) beam element along 18m in Y-direction with a rectangular cross section. The 
moment of inertia of the beam section is considered in such a way that it has the same properties as 
an I-profile. All other components of the track are modelled using 3D solid elements. A set of 30 
sleepers is placed to support the rails at a spacing of 60cm apart. The rail and sleepers are modelled 
as elastic material, whereas the ballast and subballast are modelled as elastoplastic Mohr-Coulomb 
material. Due to the lack of information about the plasticity characteristics of the subgrade soil, it is 
assumed to be elastic. This assumption is reasonable as the thickness of the granular media (i.e., 
ballast and subballast) is usually selected so that the level of stress on the track subgrade soils is low, 
hence, no (or only small) zones of plastic yielding can be developed. The material properties of the 
track components are summarized in Table 1. 
 
 Table 1: Materials Parameters of HST Track (Degrande and Schillemans 2001)  

Materials 
Rail Sleeper Ballast Subballst Capping 

layer 
Soil 

1 
Soil 

2 
Soil 
3 

Modulus of 
Ellasticity, E (MPa) 210000 30000 200 300 200 48 85 250 

Poissons Ratio,   0.3 0.2 0.1 0.2 0.2 0.3 0.3 0.3 

Density,  (kN/m3) 76.50 20.15 17.66 21.58 21.58 18.2 18.2 18.2 

Cohesion, c (kPa) – – 0 0 0 – – – 
Friction Angle 
(Degree) – – 50 40 36 – – – 

Shear Wave 
Velocity, Cs (m/s) – – – – – 100 133 266 

Thickness, t (m) – 0.2 0.3 0.2 0.5 1.4 1.9 6.0 
Spacing (m) – 0.6 – – – – – – 
Damping Ratio 0.01 0.01 0.02 0.02 0.02 0.03 0.03 0.03 

Note: Dash (–) indicates “not applicable”  
 
The reliability of any numerical modelling depends largely on the accuracy of the input data and the 
choice of an appropriate underlying theory. To ensure accuracy of results, the time step, element size 
and model boundaries have to be selected carefully. In simulation of moving loads, ‘dispersion’ is 
another feature which needs to be reduced in the FE model by choosing a proper mesh discretization 
and mass matrix (Galavi and Brinkgreve 2014). Dispersion is a phenomenon that occurs when the 
waves with different wavelength travel at different speeds. The above issues are discussed in some 
detail below.  
 
In the current FE model, the element size is estimated based on the smallest wave length so that high 
frequency motions can be modelled properly. The element size of the sleeper is selected to be 0.167m 
x 0.138m x 0.20m, whereas the element size of the granular layers (i.e., ballast and subballast) is 
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used to be 0.167m x 0.158m x 0.20m. The whole railway track model is consisted of 137,000 
elements. Viscous boundaries (Kouroussis et al. 2011; Lyster and Kuhlemeyer 1969) are used in the 
X- and Y- directions, to represent infinite boundary conditions that absorb the S and P waves. The 
nodes at the bottom boundary are fixed in every direction to simulate bedrock. 

 
Figure 1. FE railway track model 
 
Rayleigh damping coefficients (i.e., mass proportional, α, and stiffness proportional, β) are also used 
to absorb the incident Rayleigh waves. In order to establish α and β, it is necessary to adequately 
relate these parameters with the hysteretic damping coefficient (ξ) for representation of soil damping. 
For this purpose, eigenvalue analysis is performed to obtain the first two frequencies ωi of the full 
model. Using the obtained two frequencies, the corresponding α and β are achieved, as follows: 
 









 i

i
i 




2
1  (1)

 
During simulation of the moving loads, the proper time step is defined based on the well-known 
Courant number (Galavi and Brinkgreve 2014) and its value is always considered to be less than one.  
 
2.2 Simulation of moving loads 
 
To simulate the moving loads along the railway track, the FE is modelled in accordance with Araujo 
(2011) in which each FE node of the rail is subjected to a wheel load whose value changes in time. As 
shown in Figure 2, the value of the wheel point load, F, at one certain node N+1 increases once the 
wheel leaves node N, reaching its peak value when the wheel is directly above that node and finally 
decreasing back to zero when the wheel reaches the next node N+2. In this fashion, a series of train 
wheels can be considered to move along the track. For example, for train speed of 86km/h, the wheel 
point load will pass the distance between two consecutive FE rail nodes (which is equal to 60cm in 
accordance with the sleepers spacing) in 0.025 sec.  
 

 
Figure 2. Simulation of moving loads (Araujo, 2011) 

 

1014



2.3 Validation of FE model 
 
To validate the FE model, the vibration made (i.e., the time history response of the track) during the 
passage of the Thalys High Speed Train (HST) at 314 km/h is predicted at two observation points and 
the results are compared with the field measurements reported by Cunha and Correia (2012). One 
point of measurement is located at the sleeper, next to the rail (i.e., Point M), and the other is located 
on the ground at a horizontal distance equal to 7.25m from the rail (i.e., Point N), as shown in Figure 1 
earlier. The geometry of the Thalys HST is shown in Figure 3 and its characteristics including the 
carriage length (Lt), distance between two bogies (Lb), distance between axles (La) and total axle load 
(Wt) of each carriage are summarized in Table 2. 

 
Figure 3. Geometry of Thalys HST (Degrande and Schillemans 2001)  
 
Table 2: Geometry and load characteristics of Thalys HST (Degrande and Schillemans 2001)  

Carriage 
 Name 

Carriage 
Number 

Axles per 
Carriage 

Lt 

(m) 
Lb 

(m) 
La 

(m) 
Wt 

(kN) 

Locomotive         2 4 22.15 14.00 3.00 168 

Side Carriage       2 3 21.84 18.70 3.00 143 

Central Carriage  6 2 18.70 18.70 3.00 168 
 
Figure 4 shows a comparison between FE predicted values and field measurements of the vertical 
acceleration over a time of one second at the observation points M and N. It can be seen that the FE 
predicted response agrees well with the field measurements. It should be noted that some peak 
values of the field measurements are higher than the others and this is explained by Cunha and 
Correia (2012). Irrespective of this, it can be seen that the developed FE model predicts the track 
response with appreciative accuracy. 
 

       (Point M)         (Point N) 

Figure 4. Comparison of FE predicted versus field measured response at observation points M and N. 
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3 PARAMETRIC STUDY 
 
This section presents a parametric study using FE analysis on railway track response for several track 
parameters. A nominal fixed track is adopted and used as a bench mark for the basis of comparison. A 
practical range of values of different track components are varied and the track behavior is compared 
with respect to the nominal case. Table 3 shows the nominal values of material properties and Table 4 
demonstrates the range of variables considered in the parametric study. When the impact of a certain 
parameter is investigated within the range shown in Table 4, the other parameters remained fixed at 
their constant nominal values shown in Table 3. It should be noted that the values in Tables 3 and 4 
are based on similar values given by other researchers (e.g., Selig and Li 1994; Shahu et al. 1999).  
 
Table 3.  Nominal track properties used for the parametric study 

Parameter Rail Sleeper Ballast Subballast Subgrade 
Modulus of Elasticity, E (MPa) 207000 30000 300 200 50 
Poisson’s Ratio,   0.30 0.20 0.30 0.35 0.35 

Density,  (kN/m3) 76.60 20.20 17.80 22.00 18.50 

Thickness, t (m) – 0.20 0.30 0.20 6.75 
Shear Wave Velocity, Cs (m/s) – – – – 100 
Inertia, Ix (m4) 3.075 x10–5 – – – – 
Length (m) x Width (m)  – 2.5×0.275 – – – 
Spacing (m) – 0.60 – – – 
Hysteretic Damping Ratio  0.01 0.01 0.02 0.02 0.03 

 
Table 4.  Range of variable track properties used for the parametric study 

Parameter Lower bound Nominal Upper Bound 

Ballast Modulus,  Eb (MPa) 150 300 500 
Subballast Modulus,  Esb (MPa) 80 200 400 
Subgrade Modulus,  Esg (MPa) 15 50 140 
Ballast Thickness, tb (m) 0.15 0.30 0.90 
Subballast Thickness, tsb (m) 0.10 0.20 0.60 
Subgrade Thickness, tsg (m) 1.75 6.50 9.50 
Train speed (km/h)  86 86 344 

 
3.1 Track response 
 
In this section, the track response for the number of parameters given in Table 4 is investigated in 
terms of the rail deflection, surface vertical stresses of ballast, subballast and subgrade, surface strain 
of subgrade and track stiffness. It should be noted that the track response of this section is based on 
Thalys HST moving along the track at a speed of 86km/h, and the results are shown in Figure 5. It 
should be noted that the horizontal line in each graph of Figure 5 represents the track response for the 
nominal case, as defined by the properties given in Table 3, whereas the vertical lines represent the 
upper and lower ranges of predicted track response for the values of parameters given in Table 4. The 
numbers inside each graph represent the upper and lower bounds of the parameters considered.  
 
Figure 5(a) shows that the subgrade modulus is the most significant factor affecting the rail deflection.  
A decrease in the subgrade modulus leads to dramatic increase in the rail deflection, and similar trend 
is observed when the ballast thickness is decreased. In contrast, a decrease in the subgrade 
thickness results in a decrease in the rail deflection. Figure 5(b) depicts that the ballast modulus and 
subgrade modulus are found to have the most influential impact on the ballast surface vertical stress. 
An increase in the ballast modulus causes an increase in the ballast surface vertical stress, while a 
decrease in the subgrade modulus leads to an increase in the ballast surface vertical stress. 
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Figure 5. Effect of track influencing parameters on track performance 

 

1017



The track response with respect to the subballast and subgrade surface vertical stresses are almost 
identical, as shown in Figure 5(c)&(d), in which the subgrade modulus, ballast and subballast 
thicknesses are the most influential factors affecting track performance. An increase in the subgrade 
modulus leads to an increase in both the subballast and subgrade surface vertical stresses. On the 
other hand, an increase in the ballast depth causes a reduction in both the subballast and subgrade 
surface vertical stresses. The subballast thickness increases its own surface vertical stress; however, 
it reduces the stress on the subgrade soil. In Figure 5(e), it is evident that the subgrade modulus and 
ballast depth are the most significant factors influencing the subgrade surface strain. With the increase 
of these two parameters, the subgrade surface strain reduces dramatically.  
 
Finally, the track performance is measured by a parameter called ‘track stiffness’, which is defined as 
the force that causes a unit vertical deflection of track (Selig and Li 1994). Figure 5(f) confirms that the 
most dominating factor influencing track stiffness is the subgrade modulus. It can be seen that less 
than nine-fold increase in the subgrade modulus from 15 to 140 MPa leads to an increase in track 
stiffness of approximately five times. It can also be seen that the depth of ballast layer plays an 
important role in increasing the ballasted track stiffness, whereas a decreases in the subgrade 
thickness leads to an increases in track stiffness. Overall, it is clearly evident from Figure 5 that the 
subgrade modulus has the greatest influence on track response. 
 
3.2 Effect of train speed 
 
The train speed is another important factor that influences track performance. In this study, the effect 
of train speed is investigated for the nominal case by considering the Thalys HST moving at three 
different speeds of 86km/h, 172km/h and 344km/h, and the results are shown in Figure 6. Because the 
time taken for the train to travel through the track is different, depending on the train speed (i.e., higher 
speed train takes less time to cross the track than lower speed train), it is convenient to represent the 
results in terms of the relative time rather than the actual time, and the relative sleeper deflection 
rather than the actual sleep deflection. The relative deflection ( r ) and relative time ( rt ) are those 
which are related to the deflection and time corresponding to a selected reference train speed of 
86km/h, and are calculated as follows: 
 

  %100/ 86   vr  (2)
 

86/)( Vtt vr   (3)
 
where, vδ  is the sleeper deflection at certain train speed V, 86δ is the maximum sleeper deflection at 
train speed of 86 km/h and vt  is the traveling time at certain train speed V. 
 

Figure 6. Time history dynamic response of sleeper 
deflection for different train speed 

Figure 7. Effect of speed on rail deformation 
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It can be seen from Figure 6 that the relative sleeper deflection (negative values mean upward 
deflection and positive values mean downward deflection) for both train speed of 86km/h and 172km/h 
are almost identical, indicating no impact. However, at train speed of 344km/h, the sleeper 
deformation increased significantly. In addition, an upward sleeper deflection is observed as the train 
speed is being close to the shear wave velocity of the subgrade soil (i.e., Cs = 100 m/s). This behavior 
confirms good consistency in the qualitative sense with the results of the boundary element (BE) 
method reported by Galvín et al. (2010). 
 
Figure 6 also illustrates that the influence of train speed on the sleeper deflection is not significant for 
train speeds of 86km/h and 172km/h. However, the sleeper relative deflection increases dominantly for 
train speed of 344km/h, emphasizing the significant importance of train high speed. However, it should 
be emphasized that the above results are for the nominal case of railway track properties given in 
Table 3 and should not be generalized for other track properties unless more investigation is 
conducted, which will be carried out in the subsequent phase of this ongoing research.  
 
 
4 CONCLUSION 
 
In this study, 3D finite element model was developed to evaluate the dynamic response of ballasted 
railway track subjected to train moving loads. To obtain an accurate prediction of track response, the 
time step, element size and model boundaries were selected carefully. The computed track response 
was compared with field measurements available in the literature. It was demonstrated that the FE 
model can be employed to simulate and understand the dynamic behaviour of ballasted railway track.  
 
Parametric study was also carried out to investigate the track response for a number of track 
parameters including the train speed, modulus and thickness of ballast, subballast and subgrade. It 
was found that the subgrade modulus is the most influencing factor on the overall track performance. 
It was noted that the decrease in subgrade modulus significantly affects track response including the 
rail deflection, ballast and subballast surface vertical stresses, surface subgrade strain and track 
stiffness. This clearly indicates that maintenance would be a critical issue for tracks built on soft 
subgrade. It was also demonstrated that train speed affects track performance; however, more 
investigation is still needed to confirm the true impact of train speed and the current conclusion in 
relation to this matter should be considered preliminary for the time being. 
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ABSTRACT 
 
A new freight railway is being constructed as part of a multi-million dollar coal mine project, located 
about 400 km to the northwest of Sydney. The initial 740 m section of the rail requires deep cutting 
into an existing hillside formed by volcanic rock. The rail formation was constructed by drill and blast. 
The rail track merges with an existing operational rail line that is linked to the coal terminals at the Port 
of Newcastle. A balanced approach in consideration of effective blast design and safe practice has led 
to the successful implementation of blasting technique in close proximity of the railway infrastructure. 
 
This paper discusses the innovative strategies employed at the different stages of the rail formation, 
from approvals to performance verification. These include risk management workshops at early stage, 
worldwide literature searches and review, monitoring of ground vibrations and controlled blasting. Trial 
blasts were monitored for the determination of suitable site constants, which, in turn, enables the 
estimation of the vibrations expected at the railway, providing a basis to adopt a blanket safe limit of 
50 mm/s. Back analysis of the actual vibrations enables the verification of the site constants. 
 
Keywords: controlled blasting, blast design, blast-produced ground vibration, monitoring, safe limits 
 
 
1 INTRODUCTION 
 
A relatively deep cutting, up to 20 m, was formed by adopting drilling and blasting technique to allow 
construction of a 740 m long section of rail. As illustrated in Figure 1, an existing rail infrastructure 
exists in the proximity of the cut. The adjacent railway line (which ultimately links the proposed mines 
to the coal terminals at the Port of Newcastle) must remain operational during blasting operations. The 
rock in the cutting is mainly of high strength rhyolite. The rhyolite in the upper two-third of the cut is 
more weathered than the lower one-third.   
 

 
Figure 1. Cut location relative to nearby railway line 
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The blasting deed for the mine project requires that the blasting operations do not result in detrimental 
effects on the adjacent rail assets and operations, including the safety of people within the railway 
corridor. The deed identifies two different types of blasting, as follows: 
 

 Category A blasting does not pose a significant risk to the nearby rail infrastructure, 
operations and safety and is applicable to blasting operations between 200 m and 500 
m from the rail infrastructure. 

 Category B blasting poses a significant risk and is relevant to blasting operations 
between 100 m and 200 m from the rail infrastructure. Additionally blasting less than 
100 m from the rail infrastructure specifically requires an engineering assessment of 
the safe levels of blast induced ground vibration accounting for not only the potential 
for structural damage but also human safety, together with post blast inspections and 
monitoring.  

 
Table 1 lists the potentially sensitive rail elements.  
 
Table 1: Key potentially susceptible rail elements 

Structure type Age Distance to cutting Defects 
Signalling infrastructure, 
comprising pit and pipe 
underground cable route with 
cable pits at various intervals, 
light signals, electrically driven 
motor points, track circuits and 
interlocking controls 

5 years  Close proximity No visible defects 

Railway track Reconditioned 
between January 
2013 and July 2013, 
and in March 2014 

Within 500 m Localised zones 
of rail distortion 
and wheel burn 

Twin corrugated metal pipe 
culverts 

Not known Within 200 m Cracks on the 
culvert headwall 
on the Up Side of 
the track 

 
 
2 WORLDWIDE LITERATURE SCANNING 
 
Searches and review of worldwide standards, guidelines and industry practices relevant to ground 
vibration from blasting were undertaken. Extracts of existing blast-produced vibration level criteria are 
provided in Table 2. The literature searches identified wide variation in available vibration criteria. 
 
Table 2: Existing vibration criteria 

Country Reference Purpose Structure Type Safe Limits 

Australia AS 2187.2-
2006 

Human 
comfort 

Sensitive sites  10 mm/s 

Occupied non-sensitive sites  25 mm/s 

Structural 
integrity 

Structures of masonry, 
plaster and plasterboard 
construction 

Frequency-dependent 
damage criteria from 
BS 7385-2 

Unoccupied structures of 
reinforced concrete or steel 
construction 

100 mm/s 

Service structures Limits by structural 
design methodology 
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Country Reference Purpose Structure Type Safe Limits 

Earlier version 
of AS2187 

Structural 
integrity 

Heritage structures 2 mm/s 

CA 23-1967 Structural 
integrity 

Not specified 2 mm/s for <15 Hz and 
20 mm/s for >15 Hz  

Queensland 
Environmental 
Protection Act 
1994 

Structural 
integrity 

Not specified 10 mm/s if <35Hz and 
25 mm/s >35 Hz  

Ecoaccess 
Guideline 

Combined Not specified Maximum 10 mm/s 
regardless of frequency

Technical 
Note 3 
Queensland 
Transport and 
Main Roads 

Structural 
integrity 

Historical buildings  2 mm/s 

Houses and low-rise 
residential buildings 

10 mm/s 

Structures of reinforced 
concrete or steel construction 

25 mm/s 

Department of 
Environmental 
and 
Conservation 
New South 
Wales 
2006/43 

Combined Critical working areas  Preferably 0.14 mm/s 
(upper limit 0.28 mm/s) 

Residences Day-time Preferably 8.6 mm/s 
(upper limit 17 mm/s) 

Night-time Preferably 2.8 mm/s 
(upper limit 5.6 mm/s) 

Offices and workshops Preferably 18 mm/s 
(upper limit 36 mm/s) 

Local council 
laws 

Combined Not specified Blanket limit 10 mm/s  

Blasting 
management 
plan for local 
mines 

Structural 
integrity 

Residence on privately 
owned land 

Maximum 10 mm/s for 
any blast 

Heritage sites 10 mm/s 

All public infrastructure 50 mm/s  

Human 
comfort 

Not specified Maximum 10 mm/s for 
any blast 

Vibration 
monitoring 
plan for freight 
railway line 

Structural 
integrity 

Residential dwellings 5 mm/s at 10Hz to 20 
mm/s above 50Hz.  

A limit of 5 mm/s was 
aimed. 

Germany DIN 4150-
3:1999 

Structural 
integrity 

Ruins, ancient and historic 
buildings 

2 mm/s 

Buildings with visible damage 
and cracks  

4 mm/s 

Buildings in good condition 8 mm/s 

Industrial and concrete 
structures  

10 mm/s to 40 mm/s 

United 
Kingdom 

BS 7385-2: 
1993 

Cosmetic 
damage 
control 

Reinforced or framed 
structures, industrial and 
heavy commercial buildings 

50 mm/s at 4Hz and 
above 
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Country Reference Purpose Structure Type Safe Limits 

Unreinforced or light framed 
structures, residential or light 
commercial buildings 

15 mm/s at 4Hz 
increasing to 20 mm/s 
at 15Hz and 50 mm/s 
at 40Hz and above 

Tunnel 
blasting 

Structural 
integrity 

Densely populated areas 10 mm/s 

Sparsely populated areas 25 mm/s 

Steady-state 
sources 

Architectural 
damage 
control 

Not specified 5 mm/s 

Surface coal 
mine blasting 

Structural 
integrity 

Not specified 12 mm/s for 
frequencies <12 Hz 

Studies by 
Ashley (1976) 

Structural 
integrity 

Ancient and historic 
monuments 

7.5 mm/s 

Housing in poor repair 12 mm/s 

Good residential, commercial 
and industrial structures 

25 mm/s 

Welded gas mains, sound 
sewers, engineered 
structures 

50 mm/s 

Portugal Studies by 
Esteves 
(1978)  

Structural 
integrity 

Special care, historical 
monuments, hospitals and 
very tall buildings 

2.5 mm/s (loose/soft  
soils) to 10 mm/s (hard 
soils and rock) 

Current construction 5 mm/s to 20 mm/s 

Reinforced construction 15 mm/s to 60 mm/s 

United 
States of 
America 

USBM RI 
8507 

Structural 
integrity 

Low-rise residential buildings 5 mm/s at 1 Hz  

20 mm/s between 4 Hz 
and 15 Hz  

50 mm/s between 35 
Hz and 100 Hz 

RI 5968 Structural 
integrity 

Not specified 50 mm/s over a wide 
range from 2.5 Hz to 
over 400 Hz 

Hong Kong  Mass Transit 
Railway 
(MTR) 
Specification  
and Design 
Standard 
Manual 

Structural 
integrity and 
safety 

Buildings (in good condition) 25 mm/s at base slab 

MTR M & W 
Specification 
(Civil)    

Damage 
Control 

Utilities (excluding 
substations) 

11 mm/s to 25 mm/s 

Structural 
Stability 

Slopes/temporary excavation 
support 

Dynamic analysis in 
GEO Report No. 15 

Electronic 
Damage 
Control 

MTR 5 mm/s for sensitive 
trackside equipment up 
to 100 mm/s for railway 
and permanent way.  
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3 SAFE LEVELS OF BLAST-PRODUCED VIBRATION 
 
3.1 Principles of Assessment 
 
For this project, controlled blasts were implemented (in lieu of conventional ripping) in spite of the 
proximity to an existing rail infrastructure. The amplitude, frequencies and durations of the blast-
produced vibrations are affected by the following factors: 
 

 Interaction with various geologic media, i.e. the types and characteristics of the in-situ 
soil and rock as the transmitting medium for the vibration wave-train. 

 Structural interfaces, i.e. the state of the structure and associated type of construction.    
 Factors of blast design (e.g. charge weight per delay, delay interval, spacing, etc.), 

which become more dominant when close to the blast.   
 
The site specific conditions summarised in Table 3 were considered.  
 
Table 3: Site specific conditions 

Transmitting medium Structural interfaces Blast characteristics 
No as-built information on the 
existing railway line. Site 
knowledge suggests that the 
railway line is possibly 
founded on residual soil.  

Structures within 500m of 
the cut include signalling 
infrastructure, railway 
corridor formed and a twin 
pipe culvert.  

Similar to those applied on site. Typical 
maximum instantaneous charge (MIC) 
of 4 kg produced vibrations less than 
10 mm/s up to 20 mm/s when the MIC 
increases to 30 kg.  

 
3.2 Site Constants and Vibration Safe Levels 
 
A series of small blast, up to three holes at a time, were carried out to determine the site constants at 
each location. Blast monitors were installed at 25 m, 50 m, 100 m, 200 m and 500 m to record the 
vibration for each event. Analyses for 95% confidence level suggest that the site constant k is 2702 
and the exponent factor B is -1.51, giving the following initial site law equation for the prediction of 
blast induced vibrations at the site: 
  
PPV = 2702 (D/Q) -1.51 (1) 
 
PPV is the predicted peak particle vibration (mm/s) at a known point a distance of D (m) from the 
maximum explosive charge Q (kg) detonated within any eight millisecond time period during the entire 
blast.  
 
With the site constants known, the PPV each blast would produce can be predicted. During the 
blasting phase, it was noticed that adjustment of the site constants was required when a free face was 
available to blast with. A site constant k of 1550 was later adopted. Site studies have found that for 
vibrations less than 50 mm/s, the MIC at a 10 m distance from the rail is 1 kg and can be increased to 
9 kg at a further distance of 30 m. On this basis, a blanket safe limit of 50 mm/s was introduced. 
 
The safe levels of ground vibration related to the blast were given on the proviso of the following:  
 

 The safe limits were recommended mainly based on experience in consideration of 
the various vibration criteria available locally and internationally. 

 The safe limits were derived to mainly control damage to structures to the level of 
cosmetic repair as the result from blasting.  

 Effects on human comfort and safety will be managed through the following 
arrangements: 

- No train traffic at the time of blasting.   
- Within 500 m of the blast, no personnel should be allowed.  

 
 
4 QUALITATIVE RISK ASSESSMENT 
 
A risk workshop was carried out in very early stages of blasting planning, attended by the mine 
operators, project constructors and the owners of the various nearby infrastructures. A count of the 
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blast related risks, identified in the workshop, is presented in Table 4. Control strategies for specific 
risks with ‘high to very high threat’ include the following: 
 

 Unauthorised entries were prevented mainly through controlled site access.  
 Suitably designed blasts, controlled blasting technique, safe levels of vibration and 

monitoring for prevention of damage to various infrastructures.  
 To prevent personnel injury, the blasting was carried out during down time. 
 Delay in handover process was avoided by effective blast programme and blasting. 
 Dilapidation survey was also undertaken prior and after blasting.              

 
Table 4: Blast risk identification 

Risk levels Very high threat High threat Moderate threat Low threat 
Risk details Unauthorised 

entry to railway 
corridor. 
 

Injury to rail 
maintenance 
personnel. 
Damage to existing rail 
track. 
Damage to signal 
infrastructure. 
Damage to signalling 
cables. 
Impacts to rail 
alignment and stability. 
Delay to handover of 
track to rail operator 
following blasting 
operations. 

Damage to 
telecommunicati
on fibre optic 
cable. 
Failure to meet 
blasting window. 
 

Untrained 
personnel affecting 
rail operations. 
Damage to 
overhead 
transmission line. 
Contamination of 
ballast. 
Damage to existing 
culvert structure. 
Damage to existing 
fence and access 
track. 
Line of sight issues 
with train crews. 

Risk count 1 6 2 6 
 
 
5 CONSTRUCTION STAGING AND BLAST DESIGN 
 
Well designed and controlled blasts are the key factors for damage control. Pre-split blasts were 
initially applied, involving drilling blast holes 1 m apart along the length of the batter and then loading 
the blast holes with packaged pre-split explosives and blasting. Production blasting was then carried 
out to fracture the solid rock to allow excavation and further crushing and screening. The depth of the 
blasts was designed to achieve the design levels of the cutting. In instances, the bench height of the 
blast was split to ensure that the vibration levels were controlled at the nearby infrastructure, including 
the mines power lines and existing rail line. Individual blasts were designed with the aim of achieving 
the following outcomes: 
 

 Compliance with the project blast performance limits. 
 No fly rock. 
 Stable and tidy cut batters. 
 Good rock fragmentation.  

 
To achieve the required project specific blast outcomes, the following methods were introduced: 
 

 MIC that results in ground vibrations of a magnitude within the performance limits.  
 1 blast hole per delay to minimise the MIC hence ground vibrations. 
 Sufficient burden and stemming lengths, typically 3 m, to blast energy confinement. 
 Appropriate powder factors for the site geology and rock conditions. Hard competent 

rock requires a powder factor of 0.7 to 0.9 kg of explosives per cubic meter of rock 
while for weathered fractured rock, 0.5 to 0.7 kg of explosives per cubic meter of rock. 

 Blasts were designed with good relief for damage control. 
 Blasts were carried out such that they will fire towards a ‘free face’. 

 
 

1025



6 VIBRATION MONITORING 
 
For each blast, monitors were set up for ground vibration measurements and airblast readings. The 
monitoring set-up, as shown in Figure 2, incorporates a blast monitor, a geophone and a microphone. 
The monitoring was carried out between May 2014 and August 2014, the results of which are 
summarised in Table 5. Measured vibrations for blasts closest to the vibrograph are plotted in Figure 
3. A maximum vibration level of 31.5 mm/s was measured at a distance of 8 m from the nearest blast. 
 

 
Figure 2. Blast monitoring set-up 

 
Table 5: Monitoring results 

Selected monitoring locations Peak particle velocity (mm/s) Blast noise (dB) 
Nearby power pole  6.15 116.9 
Nearby railway 13.5 0.874 
Nearby culvert 9.38 106.5 
Mid-way between blast location 
and southern power pole 

13.6 118 

8 m west of railway line 31.46 122 
 
 

 
Figure 3.Selected vibration monitoring data.   
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7 CONCLUSION 
 
Due-diligence processes (which involve risk workshops, literature searches, vibration monitoring and 
controlled blasting) have resulted in the successful implementation of blasting with no damage or 
detrimental effects to the existing railway lines.  
 
A comprehensive search of international guidelines for vibration limits on a variety of structures has 
been undertaken. Varied limits were noted throughout the world and these are often not frequency 
dependent.  
 
A blanket limit of 50 mm/s was taken for this project. Actual vibrations encountered along the railway 
were much less than the limit (in fact, less than 10 mm below the majority of international limits that 
were researched). Further studies are, however, recommended to allow confidence in the 
application of the blanket limit for the fact that site constants are unique to different site, ground 
and structural interface conditions.   
 
By conducting and monitoring trial blasts, site specific ground transmission constants can be 
determined and site law equation for the prediction of blast induced vibrations can be derived. This 
project adopted a site constant k of 1550 with an exponent factor B of -1.51. Back analysis of the 
actual vibrations implies a lower site constant than that assumed, thus opportunities for blast design 
improvements. A further research is suggested to investigate the sensitivity of site constants to 
different in-situ ground conditions.     
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ABSTRACT 
 
The Sydney LPG Cavern is an underground storage facility comprising unlined excavations in rock.  
The cavern is owned and operated by Elgas Limited (Elgas). Sydney Ports Corporation (SPC) has 
recently completed the construction of a second Bulk Liquids Berth (BLB2) at Port Botany, to the 
immediate west of the Sydney LPG Cavern (BLB2 was transferred to NSW Ports on 1 June 2013 as 
part of the 99 year lease for Port Botany and Port Kembla).  The BLB2 structure incorporates 136 
large diameter driven piles and at the BLB2 design stage, Elgas advised that the LPG Cavern and its 
operations are sensitive to ground vibrations. The magnitude and possible adverse effects of 
vibrations caused by pile driving at BLB2, on the Sydney LPG Cavern and its operations, therefore 
required geotechnical assessment.  As well as assessing impact mechanisms, the work included 
predictive analyses for comparison with the allowable maximum vibration limits nominated by Elgas. A 
detailed geotechnical model of both sites was compiled, enhanced by a knowledge of conditions 
encountered during the Sydney LPG Cavern investigation, design and construction phases, that were 
attended by Author 1.  The FE programme Plaxis dynamic feature was utilised for vibration modelling, 
which indicated that pile driving could be carried out at BLB2, without exceeding the stringent ppv 
limits at Cavern level nominated by Elgas.  The geotechnical feasibility of the BLB2 project was 
thereby confirmed. 
 
Keywords: LPG, deep unlined rock caverns, piling, vibration, dynamic analysis. 
 
 
1 INTRODUCTION 
 
Sydney Ports Corporation (SPC) has constructed a second Bulk Liquids Berth (BLB2) to service the 
Port of Botany Bay, Australia. The BLB2 site is located to the immediate west of the Sydney LPG 
Cavern, which is owned and operated by Elgas Limited (Elgas). The Sydney LPG Cavern is an 
underground storage facility comprising unlined excavations in rock. The LPG Cavern and its 
operations are sensitive to ground vibrations such as can accompany pile driving. 
 
The BLB2 structure incorporated 136 large diameter driven piles. The magnitudes and possible effects 
of vibrations caused by pile driving at BLB2, on the Sydney LPG Cavern, therefore required analyses 
for comparisons with nominated vibration limits, to assess the feasibility of the proposed BLB2 design 
and construction methods at the designated BLB2 location adjoining the Cavern. 
 
 
2 THE SYDNEY LPG CAVERN 
 
The Sydney LPG Cavern was excavated by drill and blast methods during the period 1996 to 1999 
with commissioning occurring between January and May 2000. The Cavern comprises four (4) parallel 
interconnected LPG storage galleries which are 14m wide, 11m high and 230m long.  The cavern 
crown is at RL-124m and the floor is RL-135m, beneath Molineux Point, located entirely within 
horizontally bedded Hawkesbury Sandstone strata.  Each gallery is approximately rectangular in 
shape, with an arched roof and rounded corners in the floor. 
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The gas containment principle relies on the hydraulic pressure of groundwater surrounding the Cavern 
to be maintained at a level that is higher than the operation pressures within the cavern.  To insure 
against any possible de-saturation of the surrounding rock mass, the Cavern incorporates an overlying 
water curtain gallery, (RL-106m to -109.5m), comprising interconnected 4m wide, 3.5m high tunnels 
and a network of radiating, pressurised water injection drill holes located 15m above the LPG storage 
galleries.  The function of the water curtain gallery can artificially maintain rock mass saturation around 
the cavern, in the event of any future depletion of the natural groundwater regime.  An isometric view 
of the Sydney LPG Cavern is shown in Figure 1. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 1.  Isometric View of Sydney LPG Cavern. 
 
The combined effects of the natural hydrogeological conditions at cavern level and injection from the 
water curtain gallery resulted in significant water inflows to the storage galleries during construction.  A 
grouting programme was required to reduce the magnitude of cavern seepage inflows.  The 
Hawkesbury Sandstone is characterised by a very low primary (inter-granular) permeability, due to the 
presence of a clay-rich matrix cement and recrystallization during diagenesis.  The migration of 
groundwater through the bedrock sequence at the site had been confirmed by site testing to be 
controlled by flow along fractures and rock mass defects.  The adopted grouting programme therefore 
sought to reduce permeability through the controlled injection of cementitous grout into bedding plane 
seams and joint plane defects around the Cavern.  In so doing, hydraulic gradients were optimised 
and seepage inflows to the Cavern were controlled, to a nominal 40m3/day.  A photograph of Cavern 
conditions during construction is presented as Figure  2. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 2.  Storage gallery top heading excavation prior to trimming showing Hawkesbury Sandstone 
strata, groundwater inflow, rock bolt roof support and temporary safety mesh. 
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3 NOMINATED PILING VIBRATION LIMITS AT CAVERN LEVEL 
 
The closest BLB2 pile location is 70m (in plan) from the northern end of the LPG Cavern, with a direct 
distance of 120m from pile tip to cavern crown.  Elgas and their cavern designers (Societe Francaise 
De Stockage Geologique – “Geostock”) nominated a maximum peak particle velocity (ppv), 
attenuation limit of 1mm/sec at LPG Cavern level, with a “never to exceed” value of 3mm/sec.  These 
stringent limitations are consistent with the German Standard DIN 4150 – Part 3 (1999) “Effects of 
Vibration on Structures.”  The value of 3mm/sec is the limit recommended by that Standard to protect 
“particularly sensitive” structures.  Associated damage referred to in that Standard includes “… even 
minor non-structural effects such as superficial cracking in cement render, the enlargement of cracks 
already present, …”, as discussed below. 
 
 
4 POTENTIAL ADVERSE VIBRATION IMPACTS AT CAVERN LEVEL 
 
A review was undertaken of elements of the LPG Cavern and its operations, that could potentially be 
adversely impacted by vibrations.  From a geotechnical perspective there were two potential elements 
at risk identified. 
 
4.1 Roof Stability 
 
Past direct experience during the construction phase of the Cavern strongly suggests that the DIN 
limits for sensitive structures will provide conservative threshold limits against any reduction in roof 
stability within the Cavern.  During the construction phase partly excavated galleries were repeatedly 
subjected to vibrations emanating from nearby blasting used to advance the face of the top bench 
initially and then followed by removal of the lower benches.  Whilst records are not available of the 
actual vibrations experienced repeatedly by the walls and roof of the Cavern, conservative estimates 
would indicate vibration levels far in excess of the proposed DIN Standard limits without instigating 
instability.  Cavern roof support was achieved with 5m long rock bolts on a 1.5m grid spacing, with 
some additional bolting for local geological conditions.  Since that time it is to be assumed that, as per 
design criteria for the Cavern, there has been no significant deterioration in the rock bolts supporting 
the roof structures so that the expectation is that these same rock bolts can satisfactorily support the 
roof without instability, when subject to vibrations constrained to be within the DIN Standard 
recommendations for sensitive structures. 
 
 
4.2 Cavern Groundwater Inflows 
 
It was our assessment that the element at risk most vulnerable to damage from vibrations is the 
grouting that has been carried out within the sandstone bedrock to control the hydraulic gradients for 
groundwater inflow into the Cavern.  The grout exists as thin brittle, cementitous infill to fractures in the 
rock mass comprising the Cavern roof and walls.  The integrity of the cementitous grout is critical to 
both gas containment and groundwater inflow control.  Even fine cracks within the grout could feasibly 
result in increased groundwater inflow, with associated implications for pumping operations and water 
treatment requirements.  The grout is hence seen as a critical component of the Cavern and its 
operations, which requires protection.  Furthermore, the relevance of the application of the above-
mentioned DIN Standard to the Cavern is considered to be confirmed, based on the similarity that 
exists between cement render and plaster in sensitive buildings and the cementitous grout in bedrock 
fractures around the Cavern. 
 
It was agreed by all stakeholders that detailed modelling of piling vibrations between BLB2 and the 
Sydney LPG Cavern was required, for quantification purposes and to enable comparison and review 
with the maximum allowable vibration limits nominated by Elgas. 
 
5 GEOLOGICAL AND PILE VIBRATION MODELS 
 
Some initial pile vibration modelling had been carried out for Sydney Ports Corporation; conducted 
using geotechnical finite element software Plaxis. In accordance with the then current design for the 
BLB2 structure, two types of pile were analysed, both hollow steel tubes with 20mm wall thickness; 
one of 800mm diameter and the other 1200mm diameter. The Plaxis model employed axial symmetry 
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with a single vertical pile situated at the centreline.  Using this approach, raked piles were not able to 
be analysed. The model extended radially for a distance of 120m with the closest cavern wall 
modelled at a 65m radius from the pile.  Two different types of pile driving hammer were modelled: 
Hydraulic hammers - IHC S-150 and HHK-16S; Vibrating hammers; ICE 416L and MS-16HFV. The 
calculations were performed for two (2) strokes of the hydraulic hammers and for five (5) cycles of the 
vibrating hammers. Three (3) separate cases of pile tip location were analysed for each pile and for 
each hammer type: 
  Case 1 – Pile Tip at –19m 
  Case 2 – Pile Tip at –27m 
  Case 3 – Pile Tip at –38m 

Ground conditions and the sub–surface profile were based on information from an offshore borehole 
at the BLB2 site. The idealised subsurface profile comprised:  

RL –15m to –19m  Loose to Medium Dense Sand 
  –19m to –27m   Dense to Very Dense Sand 
  –27m to –32m   Loose to Medium Dense Sand 
  –32m to –38m  Dense to Very Dense Sand 
  –38m to –150m  Class III grading to Class I Medium to High Strength  
     Hawkesbury Sandstone.  

It may be noted that the results included cases where the sand stiffness was reduced by a factor of 2 
and the bedrock strength by a factor of 10, and a thin sand layer case was modelled with the top of 
rock occurring at -27m, and that there was no modelling of the shale layer subsequently included in 
our expanded modelling.  

 
Review of the results showed that the maximum vibrations induced in the wall of the cavern occurred 
for the vibrating hammer, particularly for Case 1 where, except for the low stiffness case, the 
magnitude of the transmitted vibration from the vibrating hammers was of the order of 5 times greater 
than the corresponding case with the hydraulic hammers. The reason for this is uncertain and may 
well be related to the frequency assumed for the hammer and assumptions made affecting the natural 
frequencies of the soil and bedrock strata as well as the assumptions made for damping of materials. 
 
Subsequent calculations were carried out which minimised the influence of damping whilst using 
realistic values of the elastic parameters for the soil and rock based on experiences with the 
construction of the Elgas cavern facility.  In any event, undue focus on the use of vibrating hammers 
was likely to be unwarranted because informal discussions with industry personnel and indeed past 
experience suggested that vibrating hammers were unlikely to be employed with such large piles, 
particularly given the requirement to found in dense sands. The other somewhat surprising result was 
that of all the situations analysed, the largest vibrations were always recorded for the case where the 
pile tip first entered into the moderately dense sand.  This surprising result was likely related to the 
assumption made for the entry of the pile tip into the sand, that is, the “attachment” assumed at the 
nodes between the pile and soil surface, and the effect this may have in inducing resonance in the 
sand layer. Given that the pile driving force assumed at the point of entry into the sand (in the Plaxis 
model assumed as 1,000kN over a period of 0.02 secs and essentially equal to a real force on the pile 
of some 3,770kN because of the assumed axial symmetry) may have been too high for this early 
stage of the pile installation.  It would appear more reasonable to assume this level of force when the 
pile has penetrated to a greater depth (see also below).  This applies in particular to the hydraulic 
hammer but may also be applicable to the vibrating hammer where the frequency and amplitude of 
vibration may need adjustment according to pile penetration. 
 
Notwithstanding any qualification that may be appropriate for consideration of the vibrating hammer for 
such large piles, and/or the fact that the largest transmitted vibrations occurred when the pile first 
entered into the sand at a high level, the results themselves (that is, the highest of the readings) can 
be seen to fall within the vibration limits that had been nominated by Elgas. 
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5.1 Expanded Modelling  
 
GHD Geotechnics was then required to carry out separate modelling to that already carried out in 
order to independently evaluate the magnitude of the vibrations likely to be transmitted into the 
Sydney LPG Cavern from the BLB2 pile driving activities. 
 

 

Figure 3.  Mesh employed for Plaxis dynamic analyses showing the location of the pile for Case 1, the 
modelled shale layer and locations of selected points of interest for Analysis 5 see Table 1. 
 
5.1.1 Refinements to Geotechnical Model  
 
Finite Element program Plaxis was again used for this modelling and an axisymmetric model 
established (see Figure 3) which would be capable of both duplicating the previous model (so as to 
allow a comparison of results to be made) and then expanding this model to incorporate more points 
of interest, as well as the geological features and conditions which were known to exist at the site from 
earlier involvement of Author 1.  Also, we had available the range of material parameters that had 
been obtained from the exhaustive testing previously carried out for the design of the Cavern.  These 
refinements included provision for a 10m thick shale sequence located directly above the Water 
Curtain Gallery and extending over virtually the entire site,  (comprising essentially slightly weathered 
to fresh, moderately strong to strong shale, classifying as either Class II or I Shale on adopted Sydney 
Basin Classification systems); the confirmation of the sandstone within which the Caverns is 
constructed as Class I; and the modification of the consistency of the overlying sand layers as 
essentially dense to very dense sand.  A further variation was made (as one of the alternative analysis 
cases) where the depth to bedrock was reduced to coincide with the bottom of the dense sand layer at 
RL-27m.  This higher level of bedrock correlates with the higher level of sandstone bedrock, RL-24.3m 
that was documented by Author 1 during construction of the Operations Foreshaft at the Cavern. 
 
5.1.2 Hard Driving 
 
As part of our study a preliminary review was made of the pile driving hammers that were considered 
likely to be adopted on the BLB2 project.  The conclusion from this study was that: 
 
Whilst a variety of hammers have been reviewed (both hydraulic and vibratory), our study 
concentrated on the use of a hydraulic hammer for the project for the reasons expressed above.  
Further, whilst it was accepted that the final choice of a hammer would only be known when the 
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contractor was appointed and work started, the conclusion from our preliminary review, was that the 
energy output from a Junttan 16t hammer would be a reliable indicator of the maximum energy 
required to install the piles.  Delivery of the maximum energy would result in a varying pile force 
applied to the top of the pile depending upon the ‘ease’ of penetration of the pile into the sub-surface. 
For example, it was likely that a relatively large penetration will occur initially when a pile first enters 
into the sand, requiring only the application of a small force at the top of the pile, but that this would 
then change at depth under  “hard driving” conditions, where the pile penetration, or ‘set’ becomes 
small. Under these latter conditions, the impact force at the pile head could well approach in the order 
of 3 to 4 times the design working load of the pile.  For this work both a medium range pile force of 
some 3,800kN (about 1000kN for the axisymmetric model) as well as a ‘hard driving’ case where a 
maximum force at the top of the pile is some 9200kN were used. 
 
6 PILE VIBRATION ANALYSES AND RESULTS 
 

The earlier work provided a good starting point for assessing the problem of the effect of different pile 
installation methods on vibrations in the Cavern but the following were required to be addressed - 

 lack of information of adopted parameters; in particular damping (which is considered to have 
an important influence on results) 

 the inability to explain the perceived anomaly in the results for driving at small pile 
penetrations 

 the stability of the initial solution before commencing pile impact was not demonstrated 

 more than 5 cycles of vibrating hammer might be needed to develop a steady state response 
in the ground 

 more than one point of interest was needed in the Cavern and particularly in the water curtain 

 the use of a simplified ground model 

 no consideration of hard driving conditions. 

The work carried out addressed these issues by – 

 a presumed worst case of no material damping for the analyses 

 recognising that at small pile penetrations the adopted hammer operational characteristics will 
need adjustment, i.e., ‘soft’ driving will be associated with lower impact force 

 computationally expensive calculations with 1.5 second settling time, deemed necessary to 
ensure the solution was not influenced by initial conditions in the FE analysis (see Figure 4) 

 multiple cycles of the vibrating hammer were deemed necessary and suggested that a steady 
state response did not arise but that resonance may indeed be possible (see Figure 5) 

 up to 10 points of interest were reported including three points along the water curtain 

 adopting ground parameters based on in-house knowledge and a reinterpretation of the data  

 discussions with industry and implementation of modified hard driving analysis. 

   
Figure 4.  Results from Plaxis dynamic analyses showing a) 1.5 seconds was required to reduce 
background vibrations set up during initial stage of modelling; b) the subsequent response to driving. 
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The above ensured that the quality and reliability of the results was enhanced. The results are 
presented in summary form in Table 1 and the results for the 1200mm diameter pile of Analysis 6 with 
hard driving at near full depth are considered to be the most appropriate. 

Table 1: Maximum Predicted peak particle velocity (mm/s) at points of interest for different 
piles, hammers and toe depths. 
 

Analysis Pile Hammer Points of Interest           (mm/sec) 
    Case I II III 

1 800x20mm IHCS-150 A  Storage Gallery A 0.1 0.1 <0.1 
 1200x20mm HHK16S A  Storage Gallery A 0.2 0.2 0.2 

2 1200x20mm HHK16S A  Storage Gallery A 0.25 - - 
    B Storage Gallery A 0.36  - - 

(Extended   C Top of pile 3400 - - 
Points of Interest)   D Along pile 3.3 - - 

    E Along pile 4 - - 
    F Along pile 2.5 - - 
    G Bedrock sample point 1.2 - - 
    H Bedrock sample point 0.9 - - 
    I Bedrock sample point 0.45 - - 
    J Bedrock sample point 0.45  - - 

3 1200x20mm HHK16S A Crown of Storage Gallery A 0.4  0.33 0.34 
    B Water Curtain Gallery 0.22 0.22 0.21 

(Refined Geotech   C Mid length water curtain BH 0.39 0.36 0.38 
 Model)    D Base water curtain BH 0.68 0.68 0.68 

    E Directly beneath pile 5.44 4.59 4.92 
    F Directly beneath pile 4.97 5.15 5 
    G Directly beneath pile 3.17 3.17 3.17 
    H Bedrock (close to pile) 1.5 1.5 1.5 

4 1200x20mm ICE416L A Crown of Storage Gallery A 0.17 - - 
    B Water Curtain Gallery 0.19 - - 

(Vibratory 
Hammer 
Settling 
Time) 

   C Mid length water curtain BH 0.12 - - 
   D Base water curtain BH 0.12 - - 
   E Directly beneath pile 1.65 - - 
   F Directly beneath pile 0.71 - - 

    G Directly beneath pile 1.11 - - 
    H Directly beneath pile 0.69 - - 
    I Bedrock (close to pile) 0.33 - - 
    J Bedrock (off-set from pile) 0.21 - - 

5 1200x20mm HHK16S A Crown of Storage Gallery A 0.1 <0.10 <0.10 
    B Water Curtain Gallery 0.1 <0.10 <0.10 

(Hydraulic 
Hammer 
Settling 
Time) 

   C Mid length water curtain BH 0.1 <0.10 <0.10 
   D Base water curtain BH 0.1 <0.10 <0.10 
   E Bedrock below pile 0.25 0.17 0.16 
   F Bedrock (off-set from pile) 0.18 0.1 0.14 

    G Bedrock sample point 0.1 0.1 0.1 
    H Bedrock (shallow) 0.33 0.21 0.19 
    I Bedrock sample point 0.15 0.1 0.12 
    J Top of pile 2605 465 448 

6 1200x20mm HHK16S A Crown of Storage Gallery A - - 0.2 
    B Water Curtain Gallery - - 0.1 

("Hard 
Driving") 

   C Mid length water curtain BH - - 0.2 
   D Base water curtain BH - - 0.2 

    E Bedrock below pile - - 0.5 
    F Bedrock (off-set from pile) - - 0.4 
    G Bedrock sample point - - 0.2 
    H Bedrock (shallow) - - 0.7 
    I Bedrock sample point - - 0.4 
    J Top of pile - - 2352 

For locations of points of interest for Analyses 5 and 6 see Figure 3; other Analyses had similar points, as noted.
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Figure 5.  Results from Plaxis dynamic analyses of vibratory hammer showing a) 1.5 seconds settling 
time followed by multiple cycles; b) the subsequent non-convergent response to driving. 

 
Figures 4 and 5 when compared with the pile responses measured and presented in the companion 
paper by Barbour-Bourne and Jones (2015), show broad agreement. 
 
7 CONCLUSIONS 
 
The identification of sensitive structures in the proximity of proposed piling operations is essential, as 
are estimates of potential adverse pile vibration impacts. 
 
With the preparation of suitably accurate geological and geotechnical models, it has been possible to 
utilise FE program Plaxis 2D axisymmetric dynamic feature to accurately model piling vibrations from 
the construction of BLB2. 
 
In the absence of precedents for deep unlined LPG storage caverns in Hawkesbury Sandstone the 
nomination by Elgas of a maximum peak particle velocity (ppv) attenuation limit of 1mm/sec at Cavern 
level was stringent. This limitation was deemed acceptable however, given the criticality of maintaining 
the integrity of cementitous grout in the rock mass fractures around the Cavern, for both gas 
containment and seepage inflow criteria. Our FE modelling predicted a maximum ppv at Cavern level 
during BLB2 piling of 0.2mm/sec, which was considered to confirm the feasibility of the BLB2 piling 
design and construction proposal. 
 
Piling at BLB2 subsequently proceeded as proposed and, through the design and implementation of a 
project-specific pile vibration monitoring system and pile vibration management plan, see companion 
paper Barbour-Bourne and Jones (2015), the highest ppv recorded at Cavern level during BLB2 piling 
was 0.124mm/sec. 
 
It was concluded by all stakeholders that  the BLB2 piling operation was appropriately and 
successfully reviewed, modelled, conducted, monitored and managed, in very close proximity to the 
Elgas undergroung LPG storage facility. 
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ABSTRACT 
 
With ever increasing population in many urban cities, the construction of underground subways is 
often conducted close to existing buildings. Several subway lines are currently under construction in 
Singapore and tunnel excavation has been carried out very close to an existing building. This paper 
presents a case study with tunnel excavation conducted beneath the base of relatively short piles. The 
horizontal distance between the tunnel perimeter and the closest pile is only about 1 m. Before 
construction, three-dimensional finite element analysis was conducted to evaluate the surface and 
subsurface ground movements as well as the axial and lateral responses of the piled foundation. The 
latter includes the pile settlement and deflection as well as the bending moment profile along the pile 
and the axial load transfer along the pile shaft comprising the loss of pile end bearing resistance due 
to tunnel excavation. Scenarios including large ground volume loss due to potential problems in 
tunnelling are considered in the analysis as well. Extensive field instrument program was initiated to 
monitor the ground and building movements before, during and after tunnel excavation. The 
instrument results are presented and compared with predictions from finite element analysis. As the 
ground volume loss has been well controlled during tunnel excavation, the movement and tilt of the 
building is well within the desired limits and comparable with the numerical predictions. This illustrates 
the importance of ground volume loss control for tunnel excavation to minimise its damage to adjacent 
foundation. Details of the numerical and field studies are presented in this paper. 
 
 
Keywords: 3-D finite element analysis, tunnel excavation, volume loss, piled foundation, building 
movement 
 
 
1 INTRODUCTION 
 
1.1 Background 
 
Singapore is in the midst of expanding its rail network to support the transit operation among the 
community. In some area, the proposed tunnel alignments have no choice but to be built in close 
proximity to existing structures. According to Burland (1997), tunnel excavation inevitably causes 
ground movement. In other words, this construction may pose damage to existing structure if not 
handled properly. In view of this, preliminary finite element analysis (FEA) was conducted prior to 
construction to evaluate the ground and piled foundation responses due to tunnel excavation. The 
preliminary prediction provides monitoring guidance for the site activity and serves as primary safety 
barrier. The site monitoring is supported by a comprehensive field instrument program to observe the 
ground and structure responses before, during and after tunnel excavation. Nevertheless, it is almost 
impossible to instrument the existing piles to monitor the performance subjected to adjacent tunnel 
excavation. Therefore, some (e.g. Pang, 2006) carry out finite element back-analyses based on the 
measured ground movements to predict the pile behaviour subjected to tunnelling process.  
 
One of the tunnel constructions in the eastern part of Singapore is studied herein. Extensive soil 
investigation work was conducted to establish the in-situ soil profile and design parameters. The site is 
sitting on the Old Alluvium (OA) formation of Singapore with a thin layer of peaty clay in the range of 
1.3 m to 6 m observed in a few boreholes. Two tunnels, named as West Bound (WB) and East Bound 
(EB), have passed beneath an existing residential building with EB moving ahead of WB. Both tunnels 
are approximately 6.3 m in diameter and separated by 11.5 m (center to center) with their crown levels 
located at 31.1 m below ground surface. The piled foundation configuration of this existing building 
was derived from the as-built drawing. The cast in-situ concrete bored piles toes are located 
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approximately 7 m above the tunnel crown and varies from 600 mm to 900 mm in diameter. Figure 1 
shows the location of piles with respect to the two tunnels. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
2 PRELIMINARY FINITE ELEMENT ANALYSIS 
 
Prior to tunnel construction, three-dimensional FEA was conducted to evaluate the ground and pile 
responses due to tunnelling. Past local experiences for tunnel excavation in this type of soil had 
reported volume losses < 1% as documented by Shirlaw et al. (2003) and Zhang et al. (2011) for 
North East Line and Circle Line, respectively. However, OA contains confined aquifer with water under 
sub-artesian pressure which can become flowing ground soon after exposure (Knight et al., 2001). As 
such, larger ground volume loss = 2% was considered in the analysis as well. 
 
2.1 Model Set-up 
 
The finite element analysis was carried out using Plaxis 3-D with quadratic tetrahedral 10-node 
elements. The boundary for the finite element model was 100 m wide and 100 m long in order to keep 
50 m away from the interest section in both transverse and longitudinal directions. As shown in Figure 
2, a total of 138,241 elements was used to build up this 3-D model. Figure 1 illustrates the locations of 
tunnels and piles. In this study, three piles named as Piles 1, 2 and 3 were selected for the tunnel-
foundation interaction analysis.  
 
The simulation of the tunnel excavation was simplified to one single step, i.e. remove soil element, 
activate tunnel lining and apply contraction for the whole tunnel length. The tunnel volume loss was 
simulated using the gap method proposed by Lee and Rowe (1991). Since there is no face pressure 
data in this preliminary stage, it is too crude to model various volume loss components such as face 
loss, shield loss and tail loss. Nonetheless, as the tunnelling effect on adjacent piles encompasses all 
components of volume loss, they were simplified and modelled as a single total volume loss 
component in the present study. The modelling of this single component was done by applying a 
uniform contraction with tunnel tip fixed throughout the length of tunnel.  

 
 

Section X 

Pile 3 
d=800mm 

Pile 2 
d=600mm 

Pile 1 
d=900mm 

Figure 1. Location of piles with respect to tunnels 

Working Load: 
Pile 1 = 3400kN 
Pile 2 = 1500kN 
Pile 3 = 2700kN 

Pile 3 Pile 2 X X
Pile 1 

Plan View 
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Figure 2. 3-D finite element model 
 
 
 
2.2 Material Models 
 
The soil behaviour in this study was described by Mohr Coulomb (MC) model. The tunnel excavation 
process was modelled as undrained condition since most of the ground response occurred 
immediately within a short period of time during the passing of the tunnelling boring machine (Cham, 
2009). The soil yielding criteria is described using effective soil parameters as required by the 
Plaxis3D program and given in Table 1. As the mobilized stress would not reach the peak state in this 
small strain problem, the adoption of effective parameters is deemed acceptable. 
 
 

EB Tunnel WB Tunnel 

Pile 3 Pile 2 Pile 1 

100m 
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50m 

WB Tunnel 
EB Tunnel 

Sec X 

Topfill 

Clayey sand 

Peaty Clay 

OA (C) 

OA 
(A/B) 

OA (D) 

Overall 3-D view  

Front view for piles and tunnels in 3-D model 
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Table 1: FEA Input Parameters for Soils 

Soil Top fill Clayey sand Peaty clay OA (D) OA (C) OA (A/B) 

SPT-N - - - 10<N<30 30<N<50 > 50 

γunsat (kN/m3) 17 16 13 17 18 18 

γsat (kN/m3) 20 18 16 19 20 20 

E’ (MPa) 10.0 8.0 5.0 30.0 70.0 100.0 

 0.3 0.3 0.3 0.3 0.3 0.3 

c' (kPa) 5 1 0 10 15 20 

' (o) 28 30 22 32 34 36 
Rinter = 0.8 
 
The tunnel lining was modelled with plate element with following input parameters: thickness = 0.3 m, 
 = 24 kN/m3,  = 0.25, and E = 30 GPa. For this design stage, the crack conditions for various 
concrete elements have not been considered. On the other hand, the existing piled foundations were 
modelled as embedded pile elements. An embedded pile is made of beam elements embedded with 
interface elements to describe the interaction between the soil and pile along the shaft as well as at 
the toe. Each pile group was tied to a 1.5 m thick concrete pile cap. The corresponded working load as 
shown in Figure 1 was applied as surcharge on top of the pile cap.  The FEA consists of 4 simulation 
stages as follows, 

1. Initial ground condition. 
2. Activate piles, pile caps and surcharge on pile caps. 
3. EB tunnel excavation. 
4. WB tunnel excavation. 

 
2.3 Finite Element Prediction for Pile Behaviours Due to Tunnel Excavation 
 
The prediction results for volume loss = 1% as shown in Figures 3 to 5 will be firstly discussed. Figure 
3 presents the predicted pile settlements for Piles 1, 2 and 3 due to EB and WB tunnel excavations. 
For the first tunnel (EB) excavation, differences in settlements for these 3 piles are merely due to their 
relative location from EB tunnel. Pile 1 recorded the maximum settlement during EB tunnel excavation 
as it is located just above the tunnel hence experienced the direct effect from the excavation work. 
Nonetheless, this difference is minimized after the second tunnel has passed through. A maximum 
settlement of 20.9 mm was observed in Pile 2; and Pile 1 experienced an approximate similar 
maximum settlement.  

 
 

Figure 3. Pile settlements due to twin tunnelling 
 

For the transverse displacement of piles, it is found that the piles are generally displaced towards the 
direction of the tunnel passing through. Pile 3 first moved towards EB tunnel when it passed through 
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and subsequent WB tunnel construction imposed little transverse displacement as the tunnel was 
directly beneath Pile 3. On the other hand, Pile E behaved the same pattern but in a mirrored manner. 
For Pile 2 located at the center of two tunnels, the pile resolved at zero transverse displacement after 
two tunnels passed through. Figure 4 shows the predicted transverse displacements of Piles 1, 2 and 
3 due to twin tunnelling.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 4. Transverse displacements of Piles 1, 2 and 3 due to twin tunnelling 
 

The ground loss surrounding tunnel results in a loss of pile bearing resistance as the piles are located 
above the tunnel excavation. This is clearly demonstrated in Figure 5 where the pile bearing 
resistances after twin tunnelling are significantly reduced compared to initial condition. Upon loading 
on the piles, the piles underwent larger settlements to further mobilize the shaft friction to hold the 
applied loads. Figure 5 also shows the maximum induced transverse bending moment for 1% volume 
loss. The induced transverse bending moment is closely related to the transverse lateral movement as 
discussed earlier. All the piles register accumulate transverse bending moment after twin tunnelling 
except Pile 2 which records maximum transverse bending moment during EB tunnel excavation. Pile 1 
experienced larger bending moment as compared to Pile 3 although they both posed almost similar 
transverse lateral movements. This is because the stiffness of Pile 1 (diameter = 900 mm) is higher 
than Pile 3 (diameter = 800 mm). In view that Pile 1 experienced greater impact due to adjacent tunnel 
excavation, the pile responses for 1%, 1.5% and 2% volume losses are summarized in Table 2 for 
structural integrity assessment.    
 
 
Table 2: Summary of Pile 1 Responses for Volume Loss = 1%, 1.5% & 2% 

Volume Loss 1% 1.5% 2 % 

Tunnel EB EB+WB EB EB+WB EB EB+WB 

Settlement (mm) 12.55 20.84 19.56 31.52 26.89 42.52 
Transverse 

Displacement (mm) 
1.17 2.16 1.68 3.52 2.14 5.09 

Max. BM due to 
tunnelling (kNm) 

138 177 221 
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Pile 1(intial) Pile 1(EB+WB)
Pile 2(initial) Pile 2(EB+WB)
Pile 3(initial) Pile 3(EB+WB)

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
3 FIELD MONITORING RESULTS 
 
Based on field record, the typical applied tunnel boring machine (TBM) face pressure for stability 
purpose at greenfield area was in a range of 1.5 to 2.5 bars. However, the face pressure was 
increased to a range of 2.6 to 3.6 bars (which is closer to existing earth pressure) in this section in 
order to minimize the tunnelling effect on existing buildings. Due to the well-controlled operation on 
field, the ground volume loss due to tunnelling work was less than 0.25 % in this section. Figure 6a 
shows the field measured tunnelling-induced transverse settlement trough at this section. The 
settlement troughs did not fit Gaussian curve shape due to the existing pile-soil interaction. It is 
observed that the induced ground settlement due to 2nd tunnel excavation (WB) was comparatively 
much more as compared to 1st tunnel excavation (EB). This observation is consistent with study 
reported by Pang (2006). This observation is better revealed in longitudinal settlement plot as shown 
in Figure 6b. One possible explanation to this scenario is that the soil above the EB tunnel has been 
strained by earlier tunnel excavation; larger movements would be induced with this reduced soil 
stiffness (Chapman et al., 2004).  
 
The settlement recorded by building settlement markers was in a range of 0.5 mm to 1.2 mm. As 
expected, the building will experience much lesser settlement than ground since it is supported by 
piled foundation. Figure 7 plots the building settlement marker readings from other sections in this site 
against distance from tunnel centre. This is to compare against the study conducted by Cham and 
Goh (2013) where they found that for volume losses less than 1%, most data fall within a region 
bounded by a maximum of 0.05% normalised building settlement and 1.5 normalised distance from 
tunnel centre (as denoted by the dotted line across Figure 8). An observation made from Figure 8 is 
the consistency of this field data with the prediction made by Cham and Goh (2013). 
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a) Transverse ground settlement trough 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 6. Field measurements of ground surface settlement 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 7.  Building settlement against distance from tunnel centre 
 
A total of 14 tilt-plates was installed at the columns of this building to further monitor the building 
response on top of the building settlement markers. The readings were monitored for angular 
distortion limit to 1/500 (tilt = 0.11459 degree) as this is the safe limit for building where cracking is not 
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permissible according to damage criteria by Bjerrum (1963). Table 3 summarizes the maximum 
readings for 14 tilt-plates. From Table 3, this building did not tilt beyond the allowable degree. Based 
on the buildings settlement markers and tilt-plate readings, it can be said that the effect of tunnelling 
on this building is negligible. When back-analysed this section based on the measured volume loss 
and face pressure, the authors found that the effect of these two tunnel excavations on the piled 
foundation is negligible. As such, this study illustrates the importance of ground volume loss control for 
tunnel excavation to minimise its damage to adjacent foundations.   
 
Table 3: Summary Maximum Readings for 14 Tilt-Plates (TM) 

Tilt-plate TM-1 TM-2 TM-3 TM-4 TM-5 TM-6 TM-7 

Max. degree 0.0046 0.008 0.0011 0.0057 0.0069 0.0034 0.0172 

Tilt-plate TM-8 TM-9 TM-10 TM-11 TM-12 TM-13 TM-14 

Max. degree 0.0126 0.0103 0.008 0.0149 0.0092 0.0069 0.0103 

 
 
4 CONCLUSION 
 
This paper presents the preliminary finite element analysis and field monitoring results for twin 
tunnelling beneath an existing piled foundation in the eastern part of Singapore. The preliminary FEA 
was conducted to evaluate the response of piled foundation subjected to the tunnel excavation at 
volume losses = 1%, 1.5% and 2%. The FE prediction revealed the potential loss of pile bearing 
resistance as the piled are located above the tunnel excavation. As a result, the piles settled to further 
mobilize the shaft resistance in order to resist the applied load on top. Three piles were selected for 
discussion in this study due to their distances away from tunnel. Generally, the piles displaced towards 
the direction where the tunnel passed through. Centre pile (Pile 2) resolved at almost zero transverse 
displacement for it was located in the centre of the EB and WB tunnels. Nonetheless, due to the well-
controlled operation during tunnel excavations, the measured field ground volume loss was less than 
0.25%. The building settlement markers and tilt-plates reported negligible readings which are well 
within the desired limits. This demonstrates the importance of ground volume loss control for tunnel 
excavation on site.    
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ABSTRACT 
 
A major component of Sydney’s South West Rail Link project is the Hume Highway Underpass, an 
80m long twin track driven tunnel excavated at a depth of just 5 m below the pavement of the Hume 
Highway, one of Australia’s busiest road corridors. The underpass was planned to control risk to the 
highway and its users, and was excavated without any disruption to the Hume Highway traffic. Tunnel 
stability and effects on the overlying highway pavement were extensively analysed during design 
development, and ground movements were continuously monitored during excavation. 
 
 
1 INTRODUCTION 
 
Sydney’s South West Rail Link (SWRL) project involves the design and construction of a new 11km 
twin track passenger rail line from Glenfield to Leppington via Edmondson Park, and a Transport 
Interchange and major upgrade at Glenfield Station. The Glenfield to Leppington Rail Line (GLRL) 
component of the SWRL is being constructed by the John Holland Group under a D&C contract. 
SMEC Australia was engaged by John Holland to undertake the civil works design for the GLRL. 
 
A critical component of the SWRL project is the crossing of the Hume Highway, the main highway link 
south of Sydney and one of Australia’s busiest road corridors. The solution adopted for the crossing 
was an underpass comprising an 80 m long mined tunnel excavated at a depth of just 5 m below the 
pavement of the two existing 4 lane carriageways of the Hume Highway. (Refer Figure 1).  
 

  
 
Figure 1. Hume Highway underpass layout 
 
Due to the limited rock cover between the underpass crown and the Hume Highway pavements, 
design and construction of the underpass required specific focus on the prediction, limitation and 
control of ground movements in order to provide a safe project execution and mitigate risks presented 
to the Hume Highway users. A comprehensive monitoring system was installed during the works to 
measure the actual movements encountered so that the design predictions could be confirmed and 
measures incorporated should deformations be higher than anticipated.  
 
The underpass was successfully constructed during 2012 and early 2013. 
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2 GEOLOGY 
 
Subsurface conditions at the underpass location were interpreted for detail design based on 55 
boreholes of varying depth. A representation of the geological long section through the underpass is 
included in Figure 2. 
 

 
 

Figure 2. Geological profile along underpass 
 
At the location of the underpass, the natural surface each side of the highway is around 58 AHD in 
elevation and this is likely to have been the existing surface level prior to construction of the highway, 
which is in a cutting at the underpass location. Top soil and residual clay soils of depth in the order of 
1m overlay Bringelly Shale which is highly weathered at its upper horizons and gradually increases in 
strength as weathering reduces with depth. The Bringelly Shale generally consists of beds of siltstone 
and interlaminated sandstone/siltstone. Below the Bringelly Shale, the Minchinbury Sandstone unit is 
of a thickness in the order of 10m and extends to well below the underpass invert before transition to 
the underlying Ashfield Shale unit. The Minchinbury Sandstone unit generally consists of thickly 
bedded slightly weathered to fresh sandstone and siltstone. 
 
The ground water level from geotechnical investigations was located at the interface between the 
Bringelly Shale and Minchinbury Sandstone, around the crown arch base level of the underpass. 
 

2.1 Rock Classification System 
 
Rock has been split into two types i.e. sandstone (SAN) and shale (SHA), and classified similar to the 
system used by Pells et.al. (1998). This split accounts for the difference in engineering properties 
between the more massive sandstones relative to the shale consisting of siltstone and interbedded 
rock types. In accordance with past experience in similar rock conditions, the rock types of the site 
were grouped into seven classes as shown in Table 1.  
 
Table 1 :  Adopted rock classification system 

Class Strength UCS (MPa) Defect spacing (mm) Weathering 

SAN 1 High to Extremely High 24-240 300-1000 Fresh 

SAN 2 High 24-72 100-300 Slightly Weathered 

SHA1 High 16–48 300-1000 Fresh 

SHA 2 High 16-48 100-300 Slightly Weathered 

SHA 3 Moderate 5-16 30-100 Moderately Weathered 

SHA 4 Low 1–5 10-30 Highly Weathered 

SHA 5 Very Low <1 < 10 Extremely Weathered 
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2.2 Rock Defects 
 
Based on the three nearby boreholes where the portable Borehole Image Processing System (BIPS) 
was used, bedding and one main joint set were identified through the underpass in the Minchinbury 
Sandstone. Their orientations and dip angles suggested that they do not form wedges, nor planar 
failures (adverse joint) on the underpass side walls and tunnel face. Hence, the stability assessments 
on the underpass side walls are undertaken on the basis of mass parameters and do not include the 
effect of adverse joints on the side walls. 
 

2.3 Geotechnical Design Parameters 
 
RocLab 1.0 was used to determine rock mass strength parameters based on the latest version of the 
generalised Hoek-Brown failure criterion. The GSI for each rock mass unit was quantitatively 
assessed and used to estimate the rock mass modulus, generalised Hoek-Brown and Mohr-Coulomb 
parameters. GSI values have been estimated using the procedures outlined in Cai et. al. (2004), for 
each rock mass unit encountered along the Hume Highway Underpass alignment. The Hoek-Brown 
criterion also served to derive the Mohr-Coulomb parameters cohesion ‘c’ and angle of friction ‘’ 
required for PLAXIS 3D Tunnel modelling for both the lower bound and upper bound stress conditions. 
A summary of the design parameters are presented in table below. 
 
Table 2: Summary of inputs and adopted rock mass parameters 

Source Symbol SHA5 3 SHA43 SHA 3 SHA 2 SHA 1 SAN 2 SAN 1 

In
p

u
t 

P
ar

am
et

er
s 

GSI 

- - 

43 51 51 65 69 

UCS - Intact (MPa) 11.0 18 25 28 42 

mi 6 6 6 17 17 

MR 200 200 200 275 275 

Overburden (m) 7 11 23 17 17 

3max (MPa)(1/ 2) 
0.08/ 
0.3 

0.13/ 
0.35 

0.27 
/0.57 

0.21/ 
0.85 

0.22 
/0.87 

D 0 0 0 0 0 

C
al

cu
la

te
d

 P
ar

am
et

er
s c (kPa)(1/ 2) 30 50 

73/ 
120 

180/ 
230 

600/ 
640 

440/ 
640 

800/ 
1000 

 (degree)(1/2) 28 28 51/41 52/46 51/47 63/56 62/59 

Em (MPa) 80 150 430 1174 3158 4864 8244 

mb - - 0.756 1.043 1.719 4.871 5.619 

s - - 0.0016 0.004 0.020 0.020 0.03 

a - - 0.51 0.505 0.52 0.52 0.50 

Tensile Strength 
(MPa) 

- - 0.025 0.075 0.30 0.12 0.24 

1: Lower bound stress derived using overburden stress.2: Upper bound stress derived using the assumed major 
horizontal stress. 3: No assessment made due to data limitation. Values used for both stress conditions. 
GSI= Geological Strength Index, UCS= Unconfined Compressive Strength, mi= Material’s constant,  
3max = In situ confining stress condition, c= Cohesion,Friction angle of rock mass, Em= Young’s Modulus of 
rock mass, mb, s and a are material constants for the rock mass for Hoek Brown failure criteria. 

 
2.4 In situ Stress 

 
The existence of high horizontal stress fields in the Sydney Basin sedimentary rocks has been 
appreciated for many years. Previously published papers provide details of the in situ stresses within 
the Triassic rocks based on testing and monitoring of excavations within the Hawkesbury Sandstone 
and Ashfield Shale units, however these papers do not consider the Minchinbury Sandstone and 
Bringelly Shale that are higher in the geological formation and are encountered along the underpass 
alignment.  
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No project specific in situ ground stress measurements were available for the project detail design. 
The stress history and resulting locked-in stresses in the Minchinbury Sandstone and Bringelly Shale 
were therefore estimated based on engineering judgement by considering the strength and jointing of 
the materials in comparison to the Sydney basin units with stress data readily available. Upper bound 
and lower bound in situ stress conditions were adopted for detail design as follows: 
 
Table 3: Adopted in situ stress 
 

Geological Unit 
Upper Bound Horizontal Stress / Orientation 

Lower Bound 
Major / (North-South) Minor / (East-West) 

Minchinbury 
Sandstone 

H = 1.0 MPa + 1.5v H/h = 1.6 H =h =v 

Bringelly Shale H = 0.5 MPa + 1.5v H/h = 1.4 H =h =v 

H= Major horizontal stress, h = Minor horizontal stress, v = Overburden stress 

 
The Hume Highway Underpass alignment is oriented approximately in an east-west direction. This is 
nearly perpendicular to the major horizontal stress trend of Sydney Basin, therefore it was assumed 
that the underpass cross section is likely to incur the major horizontal stress. 
 

2.5 Subsurface Conditions Encountered by the Tunnel 
 
A series of cross sections developed based on the available borehole information indicated 
reasonably consistent geological profile along the underpass. The main geological units anticipated in 
the horizon of the underpass were rock classes varying from SHA5 to SHA2 for the Bringelly Shale in 
the crown, and rock class SAN1 to SAN2 from Minchinbury Sandstone in the side walls and invert of 
the underpass. At the western end of the underpass it is anticipated that the contact between Bringelly 
Shale and Minchinbury Sandstone will fall below the base level of the arch into the upper portion of the 
side walls. 
 
Beneath the highway carriageways the cover was limited to approximately 5m, consisting of around 
3m of rock and 2m of fill and payment layers. No rock cover was predicted in the median, with the 
underpass crown predicted to clash with the highway median drain and surrounding fill. 
 
 
3 ROAD OPERATION REQUIREMENTS 
 
The underpass design catered for multiple road operation requirements relating to the Hume Highway 
which were set by the operator Roads and Maritime Services (RMS). The key road operation 
requirements considered during the development of the excavation and support design are 
summarised in Table 4. 
 
Table 4: Key design requirements 
 

Description Requirement 

Settlement 
Maximum permitted settlement of the road pavement of 20 mm, maximum 

permitted pavement distortion of 5 mm over 2 m in any direction. 

Road Operation 
Disruptions to road operations and speed restrictions other than as an 

emergency response were not permitted. 

Settlement Impact 
Assessment 

A settlement Impact Assessment was required to detail the impacts of the 
underpass excavation on the existing pavements. 
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4 UNDERPASS EXCAVATION AND PRIMARY SUPPORT 
 
In recognition of the major risk being excessive settlement of the Hume Highway carriageways during 
the underpass construction, the underpass primary support design methodology was developed 
following a detailed risk assessment, including a review of the existing ground conditions and 
alternative design and construction methods.  The goal of the designed excavation sequence and 
support system was to: 
 

 Ensure stability of the underpass under all stages of excavation, construction and the 
design life; and 

 Limit settlement of the Hume Highway carriageways to ensure safe transit for vehicles 
using the highway at the sign posted speeds. 

 
To control ground settlements and minimise impacts on the Hume Highway, the underpass crown 
primary support included full length large diameter steel canopy tubes installed prior to the mined 
excavation and support of the underpass. As the underpass excavation advanced beneath the canopy 
tubes, these were supported by steel sets and infill shotcrete. The detailed design and analysis of the 
underpass excavation and support was undertaken with sophisticated 2D and 3D numerical modelling 
which incorporated this excavation and support staging. 
 

4.1 Canopy Tubes and Ground Treatment 
 
A system of pre-excavation ground support was implemented in the form of large diameter 80 m long 
grout filled steel canopy tubes pre-installed around the crown arch profile of the underpass. Nine 406 
mm diameter CHS canopy tubes with a radial centre to centre spacing of 1200 mm were specified to 
be installed using laser guided micro tunnelling techniques. The laser guided boring machine was 
required to achieve the directional tolerance of + / - 25 mm, which ensured contact between the steel 
sets and canopy tubes could be achieved with grout socks. Prior to boring for the canopy tubes, the 
highway median drain was realigned to a location clear of the underpass canopy tubes. Fill 
surrounding the existing median drain was removed, with the bedrock exposed prior to the ground 
improvement being carried with the placement of a mass concrete. The mass concrete placed was of 
a similar strength to the rock being bored through by the canopy tubes, to minimise any drilling 
deviation issues and to provide a material of consistent strength in the crown. 
 

4.2 Crown Arch 
 
The composite primary support elements for the underpass crown comprised the aforementioned 
canopy tubes and 200 UC profile steel sets installed at 1.5 m centres below the highway carriageways 
and 2.0m centres below the highway median. Grout socks placed on the steel sets ensured immediate 
transfer of steel set support capacity to the exposed canopy tubes above. The crown profile was 
completed by steel fibre reinforced shotcrete infill between the steel sets in layers of 100 mm per 
excavation stage up to a total 250 mm thickness. 
 

  
 
Figure 3. Underpass primary support and excavation staging 
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5 PLAXIS 3D TUNNEL MODELLING 
 
A specific focus of the primary support analysis was to validate compliance with the settlement limits 
of the Hume Highway carriageways. Design of the primary support system was undertaken using 
geotechnical analysis tools as well as structural analysis software. The Geotechnical modelling was 
primarily undertaken using Plaxis 3D Tunnel as discussed in this section. In addition to the 
geotechnical modelling undertaken using Plaxis 3D Tunnel, 2D analysis was undertaken for sensitivity 
cases and for construction stage back analysis using Phase2. 
 
PLAXIS 3D Tunnel was selected for the analysis due to its ability to analyse the staged underpass 
excavation and support installation, including the effect of the structurally significant large diameter 
canopy tubes. Due to the complexity of the 3D model with a fully staged support system, undertaking 
fully jointed rock models was not considered practical given their required model run time. To further 
simplify the computations a plane of symmetry was adopted the centreline of the underpass, for both 
the carriageway and median models (refer to Figure 4). Multiple models with differing geology and in 
situ stresses were analysed within PLAXIS 3D Tunnel, allowing assessment of: 
 

 Ground surface movements on the existing highway and median. The outputs 
provided the ability to assess the predicted ground movements in both the direction of 
and perpendicular to the progressing excavation face. This provided sufficient 
information to predict the settlement trough and therefore specify the extent of ground 
surface monitoring for the highway; 

 Global and local stability assessments for underpass rock structure during excavation; 
including the excavation face. This included assessment of the stress distribution and 
plastic zones in the underpass side wall rock, particularly in the hitch zones where the 
crown arch is founded; and 

 Structural loading and predicted movements in the primary support system. 
 

 
 

(a) Under carriageway                      (b) Under median 
 

Figure 4. PLAXIS 3D Tunnel modelling 
 

5.1 In situ Stress Generation 
 
The upper and lower bound in situ stress conditions were considered in the analyses and were 
generated using the K0 procedure. With this approach, the horizontal effective stresses in the finite 
element model were calculated by applying an equation representing the coefficient of lateral earth 
pressure at rest (K0) to the vertical effective stress.  
 

5.2 Structural Members 
 
The grout filled canopy tubes, grout socks, steel sets, shotcrete and median ground treatment were all 
included within the models to match the construction sequence. In the analysis, the Youngs Modulus 
of the shotcrete was increased as the excavation advanced further away from the element to model 
the shotcrete strength gain with age and was also varied depending on the number of daily advances. 
The steel sets and shotcrete were modelled as elastic plate elements whereby the section properties 
of axial stiffness (EA), bending stiffness (EI), Poisson's ratio () and self-weight (w) were defined. A 
screenshot of the model with the included structural elements is provided in Figure 5. 
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Figure 5. Structural members in PLAXIS 3D Tunnel modelling  
 
5.3 Construction Sequence 

 
The construction sequence was idealised in the analysis with the excavation stage and the activation 
of the primary support from the previous stage executed in the same model step. The underpass 
excavation and support installation was carried out in the following sequence:1) Initial stress 
generation using K0 procedure; 2) Apply all live loads including traffic loads; 3) Install canopy tubes 
and ground improvement; 4) Excavate the specified advance length (1.5m or 2m); 5) Install steel set 1 
m behind the face and again excavate the specified length; 6) Install shotcrete in 100mm layers until 
full design thickness is achieved; and repeat the above step 4 to 6 until model is fully excavated.  

 
5.4 Results of Analysis 

 
The results obtained from the lower bound stress analysis indicated a maximum settlement and the 
maximum pavement distortion above the centreline of the underpass of approximately 10 mm and 
approximately 2mm in 2m in any direction respectively.  
 
The upper bound stress condition results suggested that the ground will heave at the centreline of the 
underpass due to the side walls being subjected to high initial horizontal stresses prior to the primary 
lining being in place. The results indicated that the anticipated maximum vertical heave and maximum 
pavement distortion would be approximately 4 mm and <1mm in 2m respectively. 
 
These values were well within the design pavement movement limits of 20mm settlement and 5mm in 
2m in pavement distortion in any direction. An example of the output diagrams displaying the 
pavement settlement contours is provided in Figure 6. 
  

  
(a) Carriageway (upper bound)  (b) Carriageway (lower bound) 

 
Figure 6. Ground settlement contour on existing pavement (plan view) 

 
The face stability during the staged excavation was assessed in the Plaxis 3D Tunnel model by 
determining the factor of safety against collapse using the phi-c strength reduction method. This 
method reduced the strength parameters of rock and soil to compute the factor of safety at the 
threshold of failure. The study also examined the global and localised instability of the staged 
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excavation and the installed primary support system, and provided a factor of safety of approximately 
2.0 when using the documented geotechnical design parameters.  
 
The loading on the primary support structural elements was also assessed for both stress cases, and 
a variety of sensitivity cases. The actions and member deformations taken from the modelling were 
below the respective structural limits, and this was further validated with separate structural modelling. 
 
 
6 TUNNELLING PERFORMANCE 
 
A comprehensive ground movement monitoring system was installed during the works to measure the 
actual movements encountered. This enabled the design predictions to be confirmed, or measures 
implemented should deformations be higher than anticipated. Automated and manual monitoring 
systems were adopted, with the most useful system being the real time continuous optical survey 
monitoring of pavement carriageways, which provided instantaneous feedback regarding the 
pavement deformations after the excavation advanced. 
 
The most significant observation made during excavation was the pavement heave in the order of 
20mm experienced during the tunnelling process. This outcome (magnitude) was largely unexpected, 
and was coupled with a similar magnitude of underpass side wall convergence (20mm) and underpass 
crown heave (15mm). A back analysis was undertaken using the Phase2 models developed during the 
design stages in order to confirm the stability of the tunnel with this higher than anticipated heave, and 
also confirm the capacity of the underpass support. 
 
 
7 CONCLUSIONS 
 
The underpass was planned, designed and executed to control risk to the highway. A specific focus of 
the design was to ensure compliance with the highway carriageway settlement limits of 20 mm. Tunnel 
stability and effects on the overlying highway pavement were meticulously analysed during design and 
monitored during construction, with complex 3D geotechnical analysis carried out to analyse the 
impact of the excavation sequencing and support designed on the pavement deformations. 
 
The underpass was safely and successfully constructed beneath the Hume Highway without 
disruption to the highway users, and without any observed damage to the highway pavement. 
Monitoring during construction indicated that the underpass excavation induced heave on the highway 
pavement. Back analysis and site observations indicated that support system was adequate to ensure 
safety for the highway uses and that excavation could continue uninterrupted. 
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ABSTRACT 
 
New Zealand Geotechnical Professionals sometimes have struggled to convince councils and 
developers alike of the importance of robust geotechnical ground investigation and design as part and 
parcel of infrastructure / developments. The recent period of natural hazards activity both within the 
urban environment and media alike has led to a greater in-depth focus on the statutory requirements 
considering resource and building consent processing, and indeed the level of scrutiny in which 
applications are vetted. This paper covers four projects / studies distributed throughout New Zealand 
that have either influenced thinking and/or practices in relation to natural hazards and planning, 
consenting, and certifications process. These projects are: 
 

 Christchurch Earthquake Sequence and Geotechnical Land Assessment Team; 
 Petone Plan Change Geotechnical Reporting, Wellington; 
 Kilmarnock Heights Retirement Home Development, Wellington; and, 
 Crestview Residential Development (300+ residential lots), Red Hills, Papakura. 

 
Each of these examples illustrate the varying levels of investigation, review and rigour in regards to 
consenting and geotechnical design when considering the individual natural hazards to be considered.  
Without robust and rigorous processes integrated within and reviewed by technical professionals, our 
resulting private and public sector infrastructure will lack safety in design, resilience and ‘whole of life’ 
cost considerations! Therefore, the answer to the questions is ‘yes’, we definitely need robust and 
thorough geotechnical investigation and design by completed professionals when progressing 
projects. 
 
Keywords: natural hazards, planning. 
 
 
1 INTRODUCTION 
 
The recent period of intensified natural hazards and the potential deadly consequences associated are 
at the forefront the New Zealand public. However, regulation and sometimes reluctance of officials to 
see the seriousness of implementing policy and tightening regulation around new and existing building 
design in relation to natural hazards or geotechnical risks is creating an increasingly short to middle 
term sustainable communities in an immensely hazardous environment over which we have little 
control. 
 
The purpose of this paper is to highlight the variance of geotechnical investigation, assessments and 
reviews in conjunction with geotechnical design for consenting and planning when considering site 
specific natural hazards, and that we do need geotechnical professionals. 

Case Studies  

Four case studies are summarised in this paper. They located across New Zealand with varied natural 
hazard and geotechnical risks in different geological settings.  

1) Christchurch Earthquake Sequence and Geotechnical Land Assessment Team; 
2) Petone Plan Change Geotechnical Reporting, Wellington; 
3) Kilmarnock Heights Retirement Home Development, Wellington; and, 
4) Crestview Residential Development (300+ residential lots), Red Hills, Papakura. 
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2 CANTERBURY EARTHQUAKE SEQUENCE & LAND DAMAGE ASSESSMENT TEAM 
 

2.1 Introduction to case study 
The Christchurch area and surrounding region have been subject to ongoing seismic events since the 
M7.1 earthquake on the 4 September 2010. Since this earthquake the same area was subject to a 
number of significant earthquakes most notably the M4.7 earthquake on 26 December 2010, M6.2 
earthquake (under the Port Hills) on the 22 February 2011, a M6.0 earthquake on the 13 June 2011, 
and a M5.9 earthquake on the 23 December 2011. Collectively these earthquakes are the aftershocks 
in between are known as the Canterbury Earthquake Sequence. The highest vertical acceleration 
recorded for all of the earthquakes was 2.2g (for Feb 2011) with horizontal acceleration of 1.7g (near 
to the epicentre). The effects of these earthquakes affected a wide area of Canterbury and 
Christchurch city, in particular the February 2011 earthquake was particularly devastating to the city of 
Christchurch (Central Business District (CBD) and both flat and hill suburbs) due to its proximity to the 
city and shallowness. 
 

2.2 Summary of ground condition  
Christchurch lies on the coastal edge of the Canterbury Plains and its quaternary geology is a 
combination of fluvial and marine deposits overlying deep bedrock. The fluvial and marine deposits 
from glacial and interglacial periods comprise alternating layers of well-graded gravel (mostly 
greywacke, sourced from the Southern Alps to the west) and fine-grained marine sediments that have 
accumulated on the continental margin. A combination of swamp and fluvial overbank deposits are 
common. This low-energy delta environment has resulted in accumulation of relatively soft/loose 
Holocene soils. The Port Hills are volcanic and plutonic in nature, commonly with a mantle of loess. 
   

2.3 Earthquake effects 
Extensive parts of Christchurch was affected by liquefaction, both sand boils and lateral spreading, 
affecting both domestic and commercial properties. Liquefaction damage was particularly extensive in 
the eastern suburbs and along the Avon River. Many buildings in the CBD were severely damaged by 
shaking (structural) with some building collapses with fatal consequences. 
Some sections of the CBD were affected by sand boils and ground settlement causing differential 
settlement of buildings. Some buildings had different foundations in different sections of the buildings, 
some had piled foundations, some pad foundations and a variety of structural frame types and 
constructions. Damage varied according to location, design and construction. 
 

2.4 Land damage and EQC 
Extensive parts of Christchurch was affected by liquefaction, both sand boils and lateral spreading. 
With reference to domestic residences the damage caused by the earthquakes the Earthquake 
Commission (EQC) is the primary insurer of residential land and property damage that is a direct 
result of a natural disaster (provided the resident pays an automatic subsidy to household insurance). 
After the first earthquake and a number of the following earthquakes large scale (macro) mapping of 
ground damage was carried out by geotechnical personnel on behalf of the EQC including GHD. The 
EQC Land Damage Assessment Team (LDAT) was put together with over 400 geotechnical 
professionals from 39 difference consultancies across New Zealand (including GHD). The team was 
coordinated by Tonkin and Taylor. The purpose of the LDAT was to (primarily) assess land damage to 
residential properties (land) affected by the Canterbury Earthquake Sequence. Between 4th September 
2010 and 17 December 2011 79,000 individual detailed property assessments were completed by the 
EQC LDAT (Wallace and Macdonald, 2012). 
 

2.5 Royal Commission 
The deaths attributed to the Canterbury Earthquake Sequence resulted in the establishment of a 
Royal Commission of Enquiry into Building Failure Caused by the Canterbury Earthquakes (Royal 
Commission, 2012). The Commission sought information and technical advice on a number of 
engineering and geotechnical facets including the earthquake sequences and their characteristics in a 
local and regional setting, geology of Canterbury and Christchurch, liquefaction, foundation 
performance and seismic design and construction. 
 
Findings of the Royal Commission included that “some local authorities were active in commissioning 
advice on seismic risk, they were less attentive to applying it in a meaningful way in decision making”, 
also that the Canterbury Regional Council (CRC) “has seldom used the information in its possession 
on earthquake risk to either inform decision making or to advocate for earthquake risk management in 
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planning processes” (Royal Commission, 2012). Additional recommendations for geotechnical 
considerations include: 

 A thorough and detailed geotechnical investigation of each building site, leading to 
development of a full site model, should be recognised as a key requirement for achieving 
good foundation performance; 

 There should be greater focus on geotechnical investigations to reduce the risk of 
unsatisfactory foundation performance. The Department of Building and Housing should 
lead the development of guidelines to ensure a more uniform standard for future 
investigations and as an aid to engineers and owners; 

 Geotechnical site reports and foundation design details should be kept on each property 
file by the territorial authority and made available for neighbouring site assessments by 
geotechnical engineers;  

 The Christchurch City Council should develop and maintain a publicly available database 
of information about the subsurface conditions in the Christchurch CBD, building on the 
information provided in the Tonkin and Taylor report. Other territorial authorities should 
consider developing and maintaining similar databases of their own; 

 Greater use should be made of in situ testing of soil properties by the cone penetrometer 
test (CPT), standard penetration test (SPT) or other appropriate methods; 

 The Department of Building and Housing should work with the New Zealand Geotechnical 
Society to update the existing guidelines for assessing liquefaction hazard to include new 
information and draw on experience from the Christchurch earthquakes;  

 Further research should be conducted into the performance of building foundations in the 
Christchurch CBD, including subsurface investigations as necessary, to better inform 
future practice; 

 Where liquefaction or significant softening may occur at a site for the SLS earthquake, 
buildings should be founded on well-engineered deep piles or on shallow foundations after 
well-engineered ground improvement is carried out; 

 Conservative assumptions should be made for  soil parameters when assessing 
settlements for the SLS; 

 Ground improvement, where used, should be considered as part of the foundation system 
of a building and reliability factors included in the  design procedures; and, 

 Ground-improvement techniques used as part of the foundation system for a multi-storey 
building should have a proven performance in earthquake case studies. 

 
 

2.6 Influence 
The Canterbury Earthquake Sequence and the subsequent media coverage has brought to the 
forefront in the general public’s (and client’s) mind the role of geotechnical professionals in land 
development and structural design. Royal Commission’s outcome and recommendations will have far 
reaching implications to both regional and local councils, client’s developments, and the engineering 
(including engineering geology) profession. 
 
 
3 PETONE WEST PLAN CHANGE, WELLINGTON 
 

3.1 Introduction to case study 
The Hutt City Council (HCC) proposed to rezone the Petone West Area (PWA) with the intention of 
increasing the intensity of the development of commercial and retail activity in the area. Due to the 
PWA being possibly the most vulnerable to natural hazards in the Hutt City the HCC commissioned 
GHD in conjunction with GNS, to carry out a natural hazards review of the PWA encompassing 
geotechnical considerations for the purpose of reducing the impact and mitigation of those natural 
hazards.  
 

3.2 Summary of ground condition  
The surface and near surface geology of PWA comprises beach deposits consisting of marine gravels 
with sand, mud and beach ridges. Development since settlement in Petone has obscured the pre-
historic beach ridges. The ridges are above sea level due to the tectonic uplift that has occurred within 
this area through seismic activity, most recently as a result of the Magnitude-8.2 1855 Wairarapa 
Earthquake which caused approximately 1.2-1.5m of uplift along the Petone foreshore.  
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The subsurface geology generally comprises alternating glacial and interglacial alluvial and marine 
sediments. The depth to bedrock in the PWA varies between ~20m and ~350m in depth below ground 
level (bgl) (Boon et al, 2010). The variation of the depth to bedrock is due to the presence of the 
Wellington Fault controlling subsidence to the downthrown side of the fault (east) creating in effect a 
perpetually increasing basin depth prime for sediment depositions. 
 

3.1 Hazards 
The Petone West Area is subject to many potential natural hazards including; fault rupture, ground 
shaking amplification, tsunami, earthquake induced ground level changes, liquefaction, storm flooding 
and sea level rise. In their submission to HCC in regards to the proposed plan change GNS Science 
highlighted that co-seismic slip subsidence of an average of 1.7mm/yr has been detected via GPS 
records since 2000. GWRC, in their submission to HCC in regards to the proposed plan change, 
quoted from the Bell and Hannah (2012) report that Wellington has the highest rate of sea level rise of 
all the main centres in New Zealand at 2.03 mm/yr and Predications are that in the Wellington region 
sea-level could rise by 0.8 m by the 2090’s or 1.0 m by 2115.  
 
All of the above causing concern regarding sea level rise, storm surge inundation, changes to 
drainage gradients (uplift/subsidence) etc. which could potentially lead onto inundation and erosion of 
the low lying coastal margin, along with the more classically thought of earthquake induced hazards of 
ground shaking, ground rupture and amplification of shaking, and the implications of those to life 
safety and performance of our buildings and infrastructure.   

 
3.2 Recommendations  

In light of the natural hazards, geological lithology and geographical settings, the following 
recommendations were presented to HCC commission.  

1) Specialist be engaged to better constrain the Wellington Fault location through the 
PWA;  

2) Increased ground investigation (20-25 m bgl) for all new buildings and those to be 
retrofitted; 

3) Initiations of ground engineering register allowing technical peer review of 
geotechnical studies; 

4) Register of “Geotechnical Gurus” to be qualified to review geotechnical work for the 
HCC; 

5) HCC incorporate recommendation of Canterbury Royal Earthquake Commission with 
high consideration to Christchurch and Petone West geological similarities; 

6) Review of local building consent processing requirements, guidelines and 
infrastructure; 

7) Buildings within the Wellington Fault Section continue to have the whole property 
subject to restricted discretionary activity status until the Wellington Fault rupture zone 
is better constrained; 

8) All new buildings and structures to have completed geotechnical desk study and a site 
specific geotechnical intrusive investigation; and, 

9) Section 14H Natural Hazards of the district plan be revised to encompass current 
knowledge levels of the natural hazards associated to the wider Hutt City.  

 
3.3 Influence  

The plan change came into effect on 5th September 2014. The recommendations of the natural 
hazards technical review brought about the following actions; Recommendation 1 for a qualified 
specialist to better locate the Wellington Fault Section and for part of recommendation 9 that the 
District Plan 14H Natural Hazards section is reviewed within the next council triennium.  

 
 
4 KILMARNOCK HEIGHTS RETIREMENT HOME DEVELOPMENT, WELLINGTON 
 

4.1 Introduction to case study 
Kilmarnock Heights Retirement Home is owned and run by Presbyterian Support Central (PSC) in  
Berhampore, Wellington. PSC are looking to redevelop the site to maximising the site and provide 
improve services for the elderly.  The current Home sits atop a steep embankment slope that dips 
moderately steeply to steeply southeast to the east of the home and is approximately 20 m high. As 
part of the geotechnical assessment of the site for the redevelopment purposes an intrusive ground 
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investigation for machine boreholes, window sampler boreholes, hand auger boreholes and scala 
penetrometers were undertaken. 
  
 

4.2 Summary of ground conditions  
The site is indicated to be underlain by greywacke sandstone-mudstone sequences and poorly 
bedded sandstone of the Triassic Rakaia Terrane (Beggs, 1996). The ground investigation 
encountered material investigation range from clayey silt or silty clay to gravel with various amounts of 
silt and sand. The material varies in consistency from soft and loose to stiff and dense. Colluvium on 
site consists of silty clay, while residual soil is a less cohesive, sandier soil. The greywacke was 
generally highly fractured, extremely weak to weak and completely to moderately weathered. Bedrock 
(Greywacke) was encountered at depths from 1.3m to 15 m bgl. Bedrock depth increased to the 
southeast of the site, although bedrock was shallowest at the western margin of the site and outcrops 
were visible in the slope.  
 

4.1 Hazards 
During the assessment historical aerial photographs of the site revealed that the site and the land 
upslope to the west and northwest had undergone extensive earthworks with large cuts and fills. The 
photographs indicated that approximately the eastern half of the Home was located on fill material 
from this period of large scale development between 1938 and 1962 (the dates of the photographs 
available). It is assumed that only very basic engineering standards would have been adhered to at 
the time, as was common practice during this period.  
 
This type of practice is often associated with land movements (landslides and settlement), and may 
have been a contributing factor to the recent large landslide from Priscilla Crescent on to the PSC 
property (to the northwest of the Home). The slip directly undermined two dwellings which are now 
unsafe for residing in, and inundated an area up to approximately 100 m long and a maximum of 50 m 
wide, blocking the exit road from the Home (reducing access to a signal lane bi-direction road).  
 
Evidence of settlement is visible in the Home structure (and internal decorations) and in the paved and 
surfaced areas outside the home (along the eastern half of the site). 
 

 
4.2 Recommendations  

Redevelopment of the site requires the design of any earthworks (and associated structures) account 
for the future stability at the site and the poor quality of fill / placement of the fill. The future instability 
could include shallow or deep seated failures resulting from a number of drivers including increase 
groundwater levels, steep batter angles, unsuitable (more) fill material, earthquake loading and 
loading from new structures. 
 
Slope stability improvement works could include a toe buttress with reduced slope angle, an MSE wall 
(Mechanically Stabilised Earth) or large diameter piles. As an alternative the slope could be benched 
(either reducing the useable area or as part of the new Home design). A further alternative would be to 
zone the section of fill as “green space” and having no development further than garden, pathways or 
car parking (and accepting the risk of further settlement and ground cracking). 
 

4.3 Influence 
Projects such as Kilmarnock Heights Retirement Home demonstrate the importance of a sound 
geotechnical assessment. Without a desk study examining historical aerial photographs and intrusive 
investigations to ground truth the data, the design and redevelopment of the site may have either been 
put at risk of increased cost if the geotechnical work was done post development architectural design, 
or in jeopardy if only examined during construction or only shallow investigations were done, or if not 
completed at all and damage to the property and infrastructure should occur. 

 
 
5 CRESTVIEW - AUCKLAND 
 

5.1 Introduction to case study 
The development consists of 300 plus residential lots and involved significant bulk earthworks and 
land drainage (including dual shear keys) as depicted in Figure 1. The site is an irregular shaped block 
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of land located at the western edge of the Papakura Hills and accessed by Kerry Vista Rise, 
Papakura.   The block is bound to the north by farmland, to the east by rural residential lots accessed 
from Kaipara Road, and to the north-west by older developed residential properties. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 1. Upper and Lower Shear Key and Earthwork / Subsoil Drainage Plan 
 
The developed block is divided by a central predominant ridge which trends in a north to north-west 
direction.   On the western side of the ridge are two tributary spurs.   The eastern margin of the 
Manukau Lowlands forms low-lying land on the western margin of the block.   The eastern portion of 
the block is marked by a deep valley that drains northward and runs parallel to the ridge. The site is 
predominantly in long grass, however, the northern portion of the western sidling slope and large 
areas of the eastern gully contain a dense cover of gorse. 
 

5.1 Summary of ground condition  
Published geological records indicated that the block is underlain by two main lithologies, namely 
Pleistocene alluvial terrace deposits to the west on the lowlands and by Waitemata Group 
sedimentary siltstones and sandstones to the east (i.e. the ridge and adjoining slopes).   The north-
trending Drury Fault marks the boundary between the two units and is the principal reason for the 
topographical boundary between the lowlands and the Papakura Hills.   The fault is not considered 
active although it is linked too much of the instability observed on the western slope.    
Further, exposures of Waipapa Group (Jurassic Epoch) were present within the lower (north-western) 
corner of the site.   The Waipapa Group sedimentary lithology (Greywacke) comprises of massive to 
thinly bedded, lithic volcaniclastic sandstone and argillite which form an overburden of clays and silts 
when exposed to weathering. 
 
 

5.2 Hazards 
A significant landslide was identified within the western side of the subdivision.  Dual shear keys 
(upper and lower – see Figure X) were required to be constructed to provide code compliant land for 
development. Investigation encountered / defined two main failure types: 

Lower Shear Key 

Upper Shear Key 
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1. Deep Seated Failures (transitional / planar – slope movement oblique to bedding dip); and, 
2. Residual Soil Failures (shallow seated circular). 

Following the deep seated slope movement, recent residual shallow seated circular failures in the form 
of soil slumping / creep have occurred along the southern and eastern slopes of the site.  
Shear key excavations revealed that these features are controlled by fine sand or silty fine sand layers 
(rock soil interface) and to bedding plane. 
  

 
5.3 Recommendations  

In light of the ground investigation phase of several machine and hand anger boreholes along with trial 
pits, the natural hazards identified, geological lithology and geographical settings, the following 
recommendations were presented to the client and local authority:  

 Upper and Lower Shear Key’s (6-10 plus metres deep, 150 plus metres long  and 10 
to 20 metres wide at base) with underfill drainage;  

 30+ Counterfort Drains (up to 6 metres deep); and, 
 In ground Timber and Steel Tied-Back Retaining Walls. 

 
5.4 Influence 

Appropriate ground investigation, geotechnical analysis and reporting along with construction 
monitoring has enabled the development of land that may have otherwise not have been suitable for 
the residential land use.   

The project required a significant amount of bulk earthworks within an elevated visually exposed 
landscape. This development along with others completed at the same time (within Auckland in 
particular) as driven a philosophy shift to a clustered development approach that lessens the overall 
impact of environmental effects.  This is achieved by isolating unstable areas within developments for 
useable green space with clusters of higher density buildings located on naturally stable areas. 

 
 
6 CONCLUSIONS 
 
This paper only starts to highlight the loopholes of responsibility at different levels to adhere to the 
recommendations and best practice in regards to natural hazards. Cost and reluctance for hazard 
recognition in terms of one’s own property is considerably easy to write off if natural hazards are not 
considered likely to have an effect in the short term (i.e. in the time the property is relevant to “you”).  
 
New Zealand tectonic setting and young geology make for a country ripe with natural hazards, and 
their effects are felt every day. The recent devastation felt by the Christchurch region only further 
demonstrates this point. 
 
Review of standards and technical guidelines should hopefully intensify the rigours around 
geotechnical investigations, assessments and geotechnical design and geotechnical input into the 
nation’s infrastructure. Hopefully changes to the process and assessment of consents takes place and 
more robust training for the assessors will be provided to ensure consistency in the decision making / 
consent assessment process. 
 
The authors hope that these improvements to the system and councils and other regulatory bodies will 
enable Christchurch to recover and rebuild, along with providing the people of New Zealand with more 
resilient communities through improve geotechnical practice and consenting and planning processes. 
 
Finally in answer to our question: Yes we do need geotechnical professional! 
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ABSTRACT 
 
A sound background in geology is necessary if geomechanics is to address the changing face of the 
Earth as shown by recent geohazard events, by continued urban, infrastructure and resource 
development, and by climate change both in New Zealand and internationally. Engineering geologists 
provide this background in nearly every engineering consultancy, resource extraction and government 
institution in Australasia. 
 
We have used recent developments in post-secondary geo-education to create a learning experience 
that meets the demands of the modern professional engineering geologist. We are developing a 
revised programme of study that makes use of online and block learning, accommodating a societal 
need for distance learning. Online interaction with lecturers and fellow students will be used for 
delivery of subject fundamentals, while application of the concepts to practical examples will be 
undertaken during short, intensive blocks. This structure will require students to both learn and 
prepare independently, and increase the amount of experiential learning through project work and 
involvement with industry. 
 
We present four teaching and assessment techniques that are well suited to delivery through online 
and block formats, while ensuring that students gain the technical and professional knowledge and 
skills expected of engineering geologists. Online lecture delivery through interactive podcasts allows 
students to study the lecture material at a distance, but we stress that this must be coupled with face-
to-face time. We use field work, group work and problem solving to allow students to reach the higher 
levels of learning technical material, such as synthesis and evaluation, while gaining professional 
skills.  
 
Keywords: tertiary education, learning outcomes, professional development 
 
 
1 INTRODUCTION 
 
Engineering geology (ENGE) at the University of Canterbury (UC) is delivered as an 8-course plus 
dissertation programme across three semesters at the postgraduate level. The objective of the 
programme is professional (rather than academic or foundational) development. Students in the 
ENGE programme form two broad groups: recent BSc graduates continuing on for a postgraduate 
degree and industry professionals fulfilling requirements for Continuing Professional Development 
(CPD) for Professional Engineering Geologists or Professional Engineers. The professionally-focused 
objectives of the ENGE programme and the need to accommodate working professionals enrolling in 
a single course influences both the content of the curriculum and the preferred modes of delivery.  
 
The ENGE programme includes a combination of lectures, tutorials, labs and field trips in different 
proportions for different courses. The structure of the programme is moving toward a block-format in 
order to better accommodate working professionals. Block-format courses will comprise an intense 1-2 
weeks of class time preceded and followed by off-campus reading and assessment and will, by 
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definition, require their own delivery methods. Alternative delivery techniques, such as Inverted 
Classroom (IC), have been shown to promote technical competencies better than traditional methods 
(Mason et al. 2013). Thus, we have incorporated different delivery modes within several of the 8 
courses using a variety of techniques to deliver lecture material, practical material and assessments. 
We present a critical review of four of the ways in which our current curriculum helps our students to 
develop these competencies: self-directed learning, group work, field work and problem solving. The 
goal of this study is to demonstrate that alternative curriculum delivery modes are effective at allowing 
students to achieve the technical and professional competencies. For this to be an acceptable form of 
teaching, however, the learning outcomes and student engagement must be at least equivalent to the 
traditional format. 
 
 
2 ENGINEERING GEOLOGY EDUCATION CURRICULUM 
 
The ENGE curriculum at UC comprises 8 courses which are titled: Field Methods, Construction 
Practice, Rock Mechanics, Soil Mechanics, Hydrogeology, Engineering Geomorphology, Risk 
Assessment and Projects.  These courses were selected under guidance of a technical committee 
consisting of industry and academic professionals and closely follow the recommendations of the the 
Joint Technical Committee 3 (JTC3) of the International Society for Rock Mechanics (ISRM), 
International Association of Engineering Geologists (IAEG) and the International Society for Soil 
Mechanics and Geotechnical Engineering (ISSMGE). JTC3 tasks pertaining to engineering geology 
education are (Vallejo 2010):  
 

 Elaboration and maintenance of a State of the Art Report on Education and training in 
Engineering Geology (EG), Soil Mechanics (SM) and Rock Mechanics (RM) 

 Preparation of Guidelines and Suggestions for University Educational Programs in the 
Geoengineering disciplines (EG, SM and RM) 
 

JTC3 proposed a competency profile for engineering geology education that addresses both technical 
and professional competencies (Figure 1), according to Bloom’s Taxonomy (Bloom et al. 1956). The 
graduate profile for ENGE is in keeping with the recommendations of JTC3, with 4 of the 8 courses 
(Soil Mechanics, Rock Mechanics, Hydrogeology, Site Investigation) explicitly linked to the technical 
competencies in Figure 1, in particular addressing Levels 1-4 of Bloom’s Taxonomy. The other 4 
courses (Engineering Geomorphology, Construction Practice, Risk Assessment, and Projects) provide 
linkages across the technical competencies while addressing international (Turner and Rengers, 
2010) and New Zealand priorities for geohazards. These courses are aimed at levels 5-6 of Bloom’s 
taxonomy. The professional competencies are addressed in multiple courses, especially those that 
include group work or presentations, and are explicitly addressed in the Construction Practice and 
Projects courses. 
 
In addition to the JTC3 recommendations, we have consulted with a technical committee comprising 
both industry and academic advisors: they have identified landslides identification, slope stability 
analyses, geophysics, and engineering geology models as additional core competencies at the 
postgraduate level.  The course in engineering geomorphology explicitly addresses landslide and 
slope stability analyses (which are also covered in rock and soil mechanics). The concept of 
engineering geology models that is taught at UC follows recommendations set forth by the IAEG 
Commission 25, which distinguishes the different types of models and how they may be used (Parry et 
al., 2014).  The concept of engineering geology models addresses Levels 1-6 of Bloom’s taxonomy 
across multiple core competencies and forms the basis for designing site investigation and appropriate 
engineering solutions.   
 
 
3 ALTERNATIVE METHODS OF CURRICULUM DELIVERY 
 
We have incorporated several alternative methods of curriculum delivery, including inverted classroom 
and an emphasis on presentation and communication. We are critically assessing four of the 
alternative methods of curriculum delivery, which are: self-directed learning through interactive 
podcasts, group work, field work, and problem solving. To conduct our research, we examined the 
learning outcomes through comparison between traditional and alternative teaching using in-class 
quizzes and mastery assessments; we conducted anonymous interviews (with an objective third party:  
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ASCE 
Category 

Competency 
Area 

Bloom’s Taxonomy Level of Achievement 
1 

Knowledge 
2 

Comprehens-
ion

3 
Applicat-

ion

4 
Analysis 

5 
Synthesis 

6 
Evaluation 

Foundational Math       
Statistics       
Basic Science       
Geoscience       

Technical – 
Engineering 
Science 

Statics       
Mechanics of 
Materials 

      

Fluid Mechanics       
Soil Mechanics       
Rock Mechanics       

Technical – 
Engineering 
Design 

Numerical 
Modelling 

      

Engineering 
Geology 

      

Hydrogeology       
Site Investigation       
Foundations       
Underground 
Construction 

      

Professional Communication       
Public Policy       
Business/ Public 
Administration 

      

Globalisation       
Leadership       
Teamwork       
Attitudes       
Lifelong Learning       
Professional 
Ethics 

      

Figure 1. Conceptual competency profile for engineering geologists based on the ASCE competency 
profile, as proposed by JTC3 (modified from ASCE 2008 and Turner 2011); satisfied by: grey – 
university studies, black – work experience 

 
the Academic Development Group); and we asked the students to complete anonymous surveys. The 
results reflect the 2013 and 2014 academic years for students in ENGE 412, Rock Mechanics, and 
ENGE 416, Projects. Class sizes range from 38-52 and 27-29, respectively. The Rock Mechanics 
course includes 25-30% students in their last year of the BE in Civil Engineering. 
 
3.1 Self-directed learning through interactive podcasts 
 
3.1.1 Method 
 
The interactive podcasts are made up of pre- and post-lecture quizzes, lecture slides and two mid-
lecture mastery quizzes. This format is similar to the lecturing format used in the classroom, with the 
main difference being its delivery via Internet rather than face-to-face. The pre- and post-lecture 
quizzes are used as a measure of student knowledge gain, while the mid-lecture mastery quizzes are 
used to reinforce the material being delivered and encourage student engagement. To ensure that the 
students complete all of the quizzes, as well as work through all of the material, the lecture slides only 
become available for download upon completion of the mid-lecture quizzes. 
 
The learning outcomes and student engagement are measured using the pre- and post-lecture 
quizzes, anonymous student surveys, a focussed discussion group coordinated by the academic 
development team, and analysis of student access data (access time, total time spent on lecture) for 
the different components of the podcast. 
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3.1.2 Outcomes 
 
The two main measures of appropriateness for the interactive podcast were the student learning and 
engagement. In addition, student preference for either delivery mode is important, as that will have 
implications for both learning and engagement. 
 
The quantitative data, provided by the pre- and post-lecture quizzes show that student learning 
improved via both delivery modes: 68% in the traditional lecture (n=1) and 43% in the podcast lectures 
(n=4). More data are required to determine if the difference in learning between the delivery modes is 
significant, however both show that students learn the material via lectures. The time taken to 
complete the quizzes decreased 9% between the pre- and post-lecture quizzes during the first 
podcast and 1% during the second podcast. This supports the hypothesis that students are increasing 
their learning in that they can complete the quiz in less time, with higher success. The range in 
decrease requires more data to confidently explain, but is likely related to the clarity and difficulty of 
the quiz itself, and will thus be variable over a large number of lectures. 
 
Students were required to achieve 100% on the mid-lecture quizzes to ensure that they mastered the 
material before continuing with the podcast. Student mastery was neither evaluated nor enforced 
during the traditional lecture, due to the logistics of ensuring a perfect score manually during lecture 
time. In addition, students worked together on the mid-lecture quizzes during traditional lectures, 
leading to the potential for students to complete the quiz without actually mastering the material. 
 
On average, 87% of students attended the traditional lectures (n=3), while 88% of students completed 
the podcast lectures (n=4). This indicates that students are as likely to attend a podcast lecture as a 
traditional lecture. The first time the podcast was delivered, 76% of students started it between 8-
10am and only 4% of students started it after 5pm. The students took better advantage of the flexibility 
the second time a podcast was offered, with 46% starting it between 8-10am and 11% starting it after 
5pm. 
 
Qualitative data from the surveys and focussed discussion group show that the students enjoyed the 
podcast and found that the flexibility it afforded, especially with respect to pace and the ability to 
repeat portions, helped them learn the material better. They also appreciated the ability to attend the 
lecture from home during a wider time frame than a scheduled traditional lecture. Students found that 
their engagement was higher during the podcasts, and felt that they had to take more responsibility for 
their learning. Students stated that more material should be delivered via podcast, but they still felt that 
face-to-face sessions are necessary to address difficult aspects and enhance the mastery of the 
material beyond what is achieved with the mid-lecture quizzes. The ability to stimulate engagement 
coupled with mid-lecture quizzes and face-to-face mastery sessions helps the students work towards 
lifelong learning (a Professional skill), and achieve level 2-3 in Bloom’s taxonomy. Higher levels of 
learning are attained during set assessments, which incorporate group work, field work and problem 
solving. 
 
3.2 Group Work 
 
3.2.1 Method 
 
We use group work for a number of applications, including: field work, laboratory work, computational 
analyses, and large design or research projects. Depending on the desired professional development 
outcomes, group members can be self-selected or assigned. In certain small-stakes assignments, 
such as field tasks, small reports or presentations, group members can self-select. In the Rock 
Mechanics course, with a large number of civil engineering students, groups are assigned such that 
there is an even distribution of civil engineering students amongst the groups. This facilitates 
interaction between engineering geology students and civil engineering students, allowing them to 
combine their different skill sets and approaches to problem solving. This also simulates the work 
environment into which a large number of these students will eventually go. For the design projects we 
select the group members according to their project preferences. This allows us to match the student 
members to their stated interests, and to create balanced groups in terms of aptitude and background. 
 
Students were asked to reflect on the group work and to provide feedback via reflections and 
anonymous questionnaires. They were asked questions such as: 
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 How effectively does your group work? 
 What behaviours are particularly valuable or detrimental to the team? Explain. 
 What have you learned so far about working in a group that you will use to for continuing to 

work on the project? 
 How did you feel about being assigned to work in groups for field and laboratory activities? 
 How you feel about balancing Engineers and Geologists in group work? 
 Do you think it helps your learning to be working in groups?   

 
3.2.2 Outcomes 
 
One of the key findings of these reflections is the value of communication, which shows that they have 
reached level 3-4 in this competency. The majority of the groups discussed the need for clear and 
continuous communication amongst group members. Most of the groups divided the tasks and 
needed good communication in order to ensure that workflow was maintained, milestones were met 
and the quality of deliverables was high. Students have made use of a variety of methods for 
communication and file sharing, including Facebook and Google Docs. 
 
Groups also highlighted the value of good leadership, which shows that they have reached level 2-3 in 
this competency. While maybe not all team members are effective leaders, understanding the value of 
a leader is very important for successful group work. We had previously observed that groups with 
clear leaders tended to be more successful and have thus required students to take on leadership 
roles their the group work. Groups with good leaders have identified that as a strength, while those 
with passive leaders have identified that as a weakness. We use fortnightly meetings with the students 
to provide technical and group management support. In particular, those groups with weak leaders 
benefit greatly from our moderation during the fortnightly meetings during which they are able to 
organise themselves and their time for the upcoming fortnight. 
 
We obtained an 89% response rate to the anonymous questionnaire. Some of the questionnaire 
responses were quantitative and showed that: 
 

 88% of respondents enjoyed or liked being assigned to groups 
 87% of respondents found that having engineers and geologists in each group was beneficial 
 81% of respondents felt that group work helped their learning 

 
The highly positive response to group work is an indication that the students are practising and 
achieving success in the teamwork competency at level 3 or higher. Students who elaborated tended 
to state that group work brought together a variety of skillsets, approaches and work ethics, which 
increased their ability to master the material. They also appreciated that group work allows them to 
practise real-world skills that will be helpful in the workforce. 
 
3.3 Field Work 
 
3.3.1 Method 
 
Students do a wide variety of field work as part of the ENGE programme, with the first course offered, 
Field Methods, focusing primarily on site investigation and engineering geological models. Site 
investigation has been identified as a core competency at all 6 levels in the JTC3 recommendation, 
and engineering geological models are the primary method by which we are building skills at Levels 5-
6. Focusing on field work, and subsequent data management and geological model building, ensures 
that students are using consistent, best practice methods for data collection specific to engineering 
geology. These can be used for engineering-specific analytical techniques such as rock mass 
classification, numerical modelling and limit equilibrium analyses. In some courses, particularly rock 
and soil mechanics, the field work is complemented by laboratory testing with reports required to 
synthesise the field and laboratory components, as would be required in professional practice.  
 
Students were asked to reflect on the group work and to provide feedback via reflections and 
anonymous questionnaires. They were asked questions such as: 
 

 Did the field assignment help in your understanding of the material?   
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 What parts in particular were useful, and which parts would you change? 
 
3.3.2 Outcomes 
 
Most students (over 95%) report that the field and laboratory activities enhanced their learning of the 
material, with two-thirds to three-quarters reporting that it was definitely enhancing (depending on the 
wording of the question).  When asked what parts of the field activities needed improvement, nearly 
half (46%) did not identify any outstanding issues while 21-34% reported that there were issues 
needing to be addressed for some very specific activities, with the most common request being more 
guidance or background for a very specific field activity.  
 
The timing of the field work varied: in some cases, it was the first activity in the course, but in other 
cases, field work occurred later, after laboratory activities and/or mid-way though the course. There 
are advantages and disadvantages to each method: bringing students into the field early can aid in 
understanding difficult concepts later in the classroom (levels 1-2), while having field trips at the 
midpoint or end of a course allows them to approach the field work with a greater degree of 
understanding and application (levels 3-4). The disadvantage of having a field activity early in the 
course is that students sometimes report that they did feel they had enough background to go into the 
field successfully: in this case, 12% of students felt that some field activities have occurred too early. 
However, most of the students reporting that field activities were too early were engineering students 
with little geology background, and many of them also mentioned that having mixed groups 
(engineering and geology students) mitigated some of the issues around lack-of-background. Thus, 
we feel that the issue is more lack of geology training for undergraduate engineers rather than a 
problem with holding field work early in the course 
 
3.4 Problem Solving 
 
3.4.1 Method 
 
Problem solving is not a competency in the JTC3 conceptual profile, however it is a technical section 
in the ASCE competency profile for civil engineers (ASCE 2008). We argue that problem solving is an 
overarching competency and propose that, as such, it could fit within the professional classification 
rather than the technical classification.  
 
We use problem solving as an assessment tool with two desired outcomes: to help students 
specifically develop problem-solving competencies from a professional standpoint, linked to attitudes 
and lifelong learning; and to achieve the higher levels in the technical competencies. Students are 
assigned work that contains open-ended questions where they are responsible for selecting and 
implementing an appropriate solution. For example, students are tasked with optimising pillar width for 
two parallel circular tunnels. The technical aspects of the task are not complex, but allow the students 
to apply (level 4) what they have learned about stresses, strains, strength and yielding. In addition, the 
students must propose, justify and use criteria for optimising the spacing. This problem solving 
approach allows the students to synthesise (level 5) their knowledge and evaluate (level 6) their 
proposed solution to the optimisation question. 
 
Problem solving is also an important component of the Projects course, in which most of the analytical 
work occurs at the very end of the academic year.  Project ideas are generated by industry and 
academic sponsors, but it is up to the students to write a proposal and decide on the scope, 
objectives, and methodology (level 3).  Completion of the project requires analysis, evaluation, and 
recommendations, which are skills at levels 5 and 6.  
 
3.4.2 Outcomes 
 
Anecdotally, students find problem solving challenging. The open-ended questions for which there is 
no specified methodology pushes them out of the comfortable world of students following algorithms, 
and into the more daunting world of practitioners using their judgement to select the most appropriate 
solution.  
 
The frustration within relatively short in-course assessment was reflected in the students’ reflections 
and questionnaire responses as a perceived lack of clarity in the assessment brief. As a result, the 
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students often spent time trying to understand the meaning of the assessment brief, rather than 
solving the problem. We argue that these outcomes are related to the structure of the briefs rather 
than the assessments themselves. We propose that the portions of problem solving assessments that 
are formulaic are explicitly highlighted as such, and those that are open-ended are introduced with a 
discussion of the value and goals of problem solving. The assessments should also be discussed in 
class, with the inclusion of a model for problem solving so the students can develop the confidence 
needed to complete the task. 
 
Similar frustrations arise for most of the students during the Projects course, which has the luxury of 
running over a 16-week period.  In this case, the highest period of frustration and difficulty coincides 
with an impending deliverable, when the students are at the problem-solving phase that requires skills 
at levels 5 and 6.  The Projects course in its present form has been run for 2 years.  During the first 
year, there were three major deliverables, at weeks 2, 8, and the end (16).  Of the ten projects, only 
half (50%) had a clear analysis, conclusion, and recommendation at the end, which indicates difficulty 
at level 3 and 4. We assessed this outcome partially as a result of a lack of deliverables between 
weeks 8 and 16, making it easy to procrastinate and avoid the struggle with problem solving.   
 
During the second year, the number of deliverables was increased to five, at weeks 2, 6, 8, 12, and 
16.  The outcome of that (and other) changes is that all 8 projects (100%) had (or nearly had) a clear 
analysis and conclusion at the end of week 12, with 4 weeks left to finish.  We argue that the 
additional deliverables have forced the students to face the challenge of problem solving for smaller 
parts of their project on a more frequent basis, and the improved project results show competency at 
level 5 or higher.     
 
 
4 CONCLUSION 
 
We have shown that the learning, engagement and satisfaction of students is the same or better when 
course material is delivered via alternative rather than via traditional formats. We have also shown that 
the ENGE programme is in line with the JTC3 recommendations for competency profiles for 
engineering geology. The course subjects address the technical competencies, while the ways in 
which the material is delivered and assessed address the professional competencies. The delivery 
methods we have presented are suitable as an alternative to traditional lectures and to provide the 
flexibility needed for the new ENGE programme. As the new block-format delivery is developed, the 
student learning and engagement needs to be regularly assessed to ensure that they remain the same 
or better compared to traditional lectures. 
 
Programme delivery through block-format using the approaches presented here will provide 
opportunities to improve graduate recruitment through a focused professional programme that follows 
IPENZ guidelines and has sufficient flexibility to allow working professionals to enrol. We argue that a 
balance of alternative techniques and face-to-face lectures, tutorials and workshops is a useful way 
forward for engineering geology education. Interaction between students and professionals, through 
class work and project sponsorship, will ensure that graduates are prepared for the 21st Century by 
being confident communicators, adept at professional judgement and peer review, and follow an 
ethical approach that recognises the needs of stakeholders. 
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ABSTRACT 
 
The shrink-swell index test (AS 1289.7.1.1-2003) has become a widely utilised and effective tool for 
estimating the reactivity of expansive clay soils. Whilst AS1289.7.1.1:2003 specifies the use of an 
undisturbed sample in the shrink-swell test, it is understood that the use of a remoulded specimen for 
site classification (AS 2870-2011) has increasingly become utilised by local consulting geotechnical 
engineers in the event that an undisturbed sample is unable to be obtained. This gives rise to the 
possibility that incorrect conclusions in site classification and characteristic ground movement are 
drawn, based on inaccurate shrink-swell index values. 
 
This paper assesses the validity of using a remoulded specimen to determine a site classification. A 
number of shrink-swell tests were performed, using undisturbed and remoulded samples, obtained 
from an alluvial and a residual soil sequence in Newcastle, NSW. The results indicated a significant 
increase in shrink-swell index when using a remoulded soil specimen. These results have significant 
implications for the assessment of site classification based on remoulded shrink-swell tests. 
 
Keywords: expansive soils, swelling clays, shrink-swell test, site classification 
 

1 INTRODUCTION 
 
Expansive soils, commonly known in Australia as reactive clays, are a very common and often direct 
cause of damage to infrastructure and engineering works around the world.  Reactive soils are soils 
that exhibit significant volumetric change due to a change in moisture content. This extreme volume 
change due to moisture variation is typically attributable to a high proportion of certain types of clay 
minerals present in the soil, such as those of the smectite group, influencing the soil behaviour (e.g. 
Johnston et al., 2014, Johnston et al., 2015). 
 
It is estimated that the costs associated with damage caused by reactive soils around the world is in 
the billions of dollars annually (eg. Zhao et al., 2013, Siemens and Blatz, 2009). They are ranked as 
one of the most significant natural hazards to building performance (Karuiki et al., 2002), and are also 
widely distributed throughout the world. Estimates of the quantity of reactive soils in Australia that 
could be classified as medium to highly reactive are as much as 20 percent of the total surface soils 
(Richards, 1983). 
 
Preliminary experimental methods to quantify expansive soil movements due to reactive clays specific 
to Australia are detailed by Cameron and Walsh (1984). In their paper, several test methods were 
used to derive an instability index, used as a qualitative measure of a soil’s reactivity. The instability 
index is used as input into the calculation of the free surface movement due to reactive soils expected 
at a particular site. Of these early test methods, the shrink swell test has been most widely adopted as 
a measure of soil reactivity due to its reliability, relative simplicity and practicality.  
 
In Australia, the shrink-swell test (AS 1289.7.1.1-2003) has become used as part of standard practice 
by local consulting geotechnical engineers in order to measure clay reactivity. This is subsequently 
used, together with an estimated depth of soil suction change at a site, to estimate a characteristic 
surface movement for input into structural foundation design. This characteristic surface movement is 
also commonly used to assign a site classification as a result of its inclusion in the Australian Standard 
for Residential Slabs and Footings (AS 2870-2011). 
 
In the shrink swell test, a clay soil’s reactivity is determined by measuring the change in volume 
exhibited by the clay, from field moisture content to both the fully saturated and fully desiccated 
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moisture condition. By this method, the testing procedure aims to negate the initial suction and water 
content as factors in the assessment of the reactivity of the soil (Fityus et.al, 2005).  
 
Whilst some studies have been completed comparing the use of remoulded and undisturbed samples 
in expansive soil behaviour, these have not reached consensus, with some showing an increase in the 
reactivity of the soil (Erguler and Ulusay, 2002, Livneh and Livneh, 2002, Livneh and Livneh, 2012), a 
decrease (Attom et al., 2006) or little to no impact (Fityus, 1996).  None of these studies have tested 
the remoulding procedure used as common practice by local geotechnical engineers, and thus cannot 
be used to determine the validity of remoulded samples for the classification of undisturbed sites. 
 
Typically, samples used in testing are undisturbed and obtained using 50mm thin-walled push tubes in 
accordance with AS 1289.7.1.1-2003. However, under certain soil conditions, such as hard soils or 
soils with a high sand and/or gravel content, obtaining an undisturbed sample may be difficult to 
accomplish. In these cases, bulk disturbed soil samples obtained in the field are often used for testing, 
typically being broken down and re-compacted using standard/modified proctor compaction. Whilst 
this has become common practice, to date, a comparison of this method of determining a soil’s 
reactivity after remoulding has not been fully tested. 
 

2 METHODOLOGY 
 

2.1 Sampling 
 
Samples were obtained from two field sites in Newcastle, NSW, Australia.  A summary of the location, 
soil type and origin of the samples used in this study is given in Table 1 below. 
 
Table 1: Location and Origin of Tested Soils 
Location Mayfield Eleebana 
No. Samples 10 undisturbed, 11 disturbed 8 undisturbed, 13 disturbed 
Soil Type Residual Silty Clay, trace sand Alluvial Silty Clay with sand, trace gravel 
Origin Residual soil, Tomago Coal Measures Quaternary Alluvial Clay Deposit 
Sample Depth 0.4m to 0.7m 0.4m to 0.7m 
 
Undisturbed 50mm thin wall tube samples and bulk disturbed samples were obtained from each field 
site for the testing program.  Both thin wall tube samples and bulk disturbed samples were taken in 
close proximity to each other (from the same test pit) and at similar depths (as given in Table 1) to 
minimise the potential for soil variability influencing the test results. 
 
Samples were taken from the base of hand-excavated and machine-excavated test pits. Thin wall 
samples were taken using a slide hammer to drive sample tubes into the ground. After the thin wall 
samples had been taken and removed, bulk disturbed samples were taken of the clay soil between 
and immediately surrounding the thin wall samples, within the same test pit and at the same depth as 
the undisturbed samples. 
 
After excavation and sampling, thin wall tube samples were carefully sealed to an air tight condition at 
both ends. Bulk disturbed samples were sealed in buckets to await final testing.  
 

2.2 Testing 
 

2.2.1 Sample Preparation 
 
Undisturbed 50mm thin-walled tube samples were extruded from their sampling tubes via a manual 
jacking device in preparation for testing. 
 
Disturbed samples were prepared for testing by being broken up and homogenised, by being forced 
through a 19mm sieve.  No material from the samples tested was retained on the 19mm sieve. The 
resulting homogenised soil was then compacted using a 2.4 litre compaction test mould. The mould 
was filled with 3 layers of soil and compacted with 50 blows per layer of a 2.7kg rammer falling 
300mm. Several compaction regimes were trialled, with the selected regime found to be sufficient to 
remove macroscopic air voids from the compacted samples, while maintaining approximately the 
same average dry density as the undisturbed samples.  
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A 50mm thin wall sample tube was driven into the resulting compacted soil while still in the mould to 
obtain a remoulded soil core. This specimen was then extruded using the same jacking device as the 
undisturbed samples. 
 

2.2.1 Laboratory testing 
 
Both the undisturbed and remoulded soil core specimens were tested in accordance with AS 
1289.7.1.1-2003. 
 
The swell potential of each sample was measured using a one dimensional consolidation cell. The 
sample was cut into a rigid ring measuring approximately 24mm in height and 45mm in diameter and 
placed between two porous plates. The ring and plates were placed in the consolidation cell under an 
initial applied load of 5kPa. An additional load of 20kPa (to correspond with an estimated overburden 
pressure of 25kPa) is then applied for 30 minutes to expedite any initial settlement. The swelling strain 
(εsw) of the specimen was measured as the total increase in height of the specimen while inundated 
under the applied load, expressed as a percentage of initial specimen height. 
 
The shrinkage potential of the soil was determined by fully drying a subsection of each clay core 
sample. The subsection measured a length 1.5 to 2.0 diameters, in conformance with AS 1289.7.1.1-
2003. Samples were initially air dried before being placed in an oven at 105°C to fully desiccate. The 
total shrinkage strain (εsh) was measured for each sample as the decrease in length of the specimen 
induced by fully desiccating from its initial moisture content, expressed as a percentage of the initial 
specimen length.  
 
The shrink-swell index (Iss) was calculated for each sample in accordance with AS 1289.7.1.1-2003, 
using equation (1). 
 
Iss = ((εsw / 2) + εsh) / 1.8 (1) 
 
 

3 RESULTS 
 
The physical properties of the undisturbed and remoulded samples (mean moisture content and dry 
density) and mean initial void ratio are shown in Table 2. These were calculated using the initial 
height, diameter and mass readings from the shrinkage specimen, and volume and mass reading from 
the swell specimen.  The Mayfield clay had the highest in situ moisture content, whilst Eleebana clay 
had the highest in situ dry density. The compaction regime used resulted in the mean remoulded dry 
densities and initial void ratio being approximately equal to the corresponding mean in situ dry density 
and initial void ratio. 
 
Table 2: Mean in situ and remoulded physical parameters of soils 

Properties Unit Mayfield Clay Eleebana Clay 
In Situ Dry Density kN/m3 13.2 15.9 
In Situ Moisture Content % 36.2 24.1 
In Situ Initial Void Ratio % 0.94 0.61 
Remoulded Dry Density kN/m3 13.3 15.6 
Remoulded Moisture 
Content 

% 35.9 24.8 

Remoulded Initial Void Ratio % 0.94 0.65 
 
The Atterberg limits (Liquid Limit, Plastic Limit and Plasticity Index), Linear Shrinkage and Particle 
Size Distribution of both soils are shown in Table 3.  
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Table 3: Properties of soils 
Properties Unit Mayfield Clay Eleebana Clay 

Gravel content (19mm-2.36mm) % 0 9 
Sand content (2.36mm – 75 µm) % 12 27 
Silt content (75 µm – 2 µm) % 34 28 
Clay content (<2µm) % 54 36 
Specific Gravity (Gs)  2.614 2.608 
Liquid Limit % 73.3 39.2 
Plastic Limit % 24.8 14.6 
Linear Shrinkage % 16.4 11.2 
Plasticity Index % 48.5 24.6 
Unified Soil Classification  CH CL-CI 
Clay Activity  0.90 0.68 
 
Based on the soil test results presented in Table 3, the residual clay obtained from Mayfield was 
assessed according to AS 1726-1993 as a silty clay of high plasticity with a trace of sand, whilst the 
alluvial clay obtained from Eleebana was assessed as a silty clay of medium plasticity with sand and a 
trace of gravel. It can be seen in Table 3 that the Eleebana sample has greater amounts of non-clay 
material than the Mayfield sample. 
 
The results of the Mayfield and Eleebana clay soils’ undisturbed vs. remoulded shrink-swell tests and 
corresponding dry density are shown in Figure 1. It can be seen from Figure 1 that once remoulded 
both the Mayfield and Eleebana clay soils tested in this study exhibited a consistent, significant 
increase in shrink-swell index compared to when tested in their undisturbed states. The Mayfield clay 
soil experienced an increase of 21%, whilst the Eleebana clay soil experienced an increase of 129%.  
 
Results of Eleebana and Mayfield clay soils in situ vs. remoulded dry density and in situ vs. remoulded 
initial void ratio are shown in Figures 2 and 3 respectively. It can be seen that whilst there is variance 
in the results, overall, there is little difference between the average in situ and average remoulded 
values of dry density and initial void ratio. 
 
In the Mayfield clay’s case, a small amount of variation was noted in the value of shrink-swell index 
produced by both remoulded and undisturbed samples, with standard deviation of the data sets being 
0.25% and 0.27% Iss respectively.  
 
In the Eleebana clay’s case, the undisturbed shrink-swell index had more significant variation, with 
results ranging from 0.9% to 2.4% and a standard deviation of 0.56% Iss, whilst the shrink-swell index 
obtained using a remoulded sample was more consistent, with a standard deviation of 0.49% Iss. 
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Figure 1. Histograms showing frequency of calculated Iss for tested soils 

 
Figure 2. Plot of calculated dry density vs. Iss for tested soils 

 

 
Figure 3. Plot of calculated initial void ratio vs. Iss for tested soils 
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4 DISCUSSION 
 
The results of this study suggest that remoulding a clay soil significantly affects the measurable shrink-
swell index when compared to the shrink-swell index obtained from an undisturbed sample. In both 
cases, the measurable soil reactivity increased after being remoulded, with the most significant 
increase being in the alluvial Eleebana clay. In both cases, if the shrink-swell index obtained using a 
remoulded soil sample were used in the determination of a site classification, it would change the 
result, producing a higher estimate of characteristic surface movement, and consequently a more 
conservative site classification.   
 
The result of this study agrees well with Livneh and Livneh (2012), who found that the measured 
vertical swell of a remoulded clay soil was up to 100% greater than the swell exhibited by its in situ 
counterpart. Likewise, Erguler and Ulusay (2003) found that the reactivity of a clay soil significantly 
increased when remoulded.  
 
Although we are only able to speculate on the cause of this apparent increase in reactivity, it has been 
postulated that when reactive clay soils are remoulded to the same physical parameters (density, void 
ratio and water content) as their in situ counterparts, they tend to exhibit a higher degree of reactivity 
due to the destruction of the soil structure (eg. Livneh and Livneh, 2012, Kassiff et al., 1969). It is 
possible that the aggregated structure of the in situ clay deposit, formed over a considerable time 
period, being significantly restructured in the process of remoulding the sample, affects the soil’s 
measured shrink-swell index. 
 
Whilst the measured shrink-swell results of the Mayfield clay soil used in this study are relatively 
consistent (with a standard deviation of 0.25% to 0.27% Iss for undisturbed and remoulded samples 
respectively), the results of the Eleebana clay have significant variation when testing undisturbed 
samples. It is thought that this may be due to the inherent nature of its alluvial deposition rather than 
any systemic or gross errors in the testing method. It is noted that once remoulded, the Eleebana clay 
produced a more consistent set of results, indicating a degree of homogenisation involved in the 
remoulding process. 
 
It is interesting to note that whilst the object of this study was not to match the in situ physical 
properties of the clays, once remoulded, minimal difference was measured between the resulting dry 
densities for both undisturbed and remoulded samples, with the Mayfield residual clay increasing and 
Eleebana alluvial clay decreasing in dry density. As the shrink-swell test effectively negates initial 
water content in the measurement of soil reactivity, the influence of initial suction and water content is 
thought to be minimal.  
 

5 CONCLUSION 
 
In this study, the undisturbed and remoulded shrink-swell indices of one residual and one alluvial soil 
were measured and the results compared. It was shown that testing a remoulded clay soil sample will 
give a significantly increased shrink-swell index when compared to testing an undisturbed sample. The 
magnitude of this change is thought to be significant enough to warrant a discussion on whether 
basing characteristic surface movement and site classification derived from remoulded shrink-swell 
tests is valid.  
 
Despite there being a significant increase in recorded shrink-swell index, the magnitude of this change 
was not consistent, with the shrink-swell index of the residually-derived soil tested in this study 
increasing by 21% whilst the alluvial soil’s shrink swell index was increased by 129%.  
 
Based on this study, if shrink-swell indices derived from remoulded soils were to be used to estimate a 
characteristic surface movement, the potential to influence the final site classification is significant. For 
both the Mayfield and Eleebana clay sites, this could lead to a more conservative site classification 
with resulting higher construction costs. 
 
It follows that if undisturbed shrink-swell index tests were used to assess soil reactivity for earthworks 
such as building pads and platforms, there is the potential to underestimate the site classification of 
such works. This would seem to confirm what good engineering practice would dictate: that it is 
always best to perform tests on the actual soils being loaded, in their service condition.  
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Also apparent from this study was that significant variability exists in the measured physical properties 
and shrink-swell indices of the alluvial clay. It is possible that the typical method of obtaining a single 
undisturbed shrink-swell index of this type of clay deposit may not be adequate for use in the 
determination of an accurate estimate of characteristic surface movement or consequent site 
classification. 
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ABSTRACT 
 
The use of geotextiles in coastal structures such as revetments and bund walls has become a 
common practice. The performance of these structures during their lifetime depends on the durability 
of geotextile used. During construction of these coastal structures, geotextiles are subjected to a drop 
load with high impact stress and that can damage the geotextile.  In the current design practice, index 
tests are insufficient in predicting the performance of the geotextile. This puts the stability and 
performance of the coastal structures at risk. The current geotextile design guidelines are based on 
index tests and there is no standard procedure to account for the potential loss in the geotextile’s 
mechanical properties during installation (construction).This study aims to develop a standard 
procedure to estimate the properties of geotextile after its installation and using these properties for 
designing the performance of these structures. This paper describes the laboratory method of 
simulating large scale rock dumping on non-woven geotextiles and how to quantify the retained 
strength of damaged geotextiles. Results show that the reduction in retained strength of geotextile 
could extent up to 26% during installation.  
 
Keywords: Geotextile, Puncture Resistance, Field installation condition 
 
 
1 INTRODUCTION 
 
Studies have shown that the various functions of a geotextile allow it to substitute granular material as 
filters. In comparison to granular filters, the installation of geotextile is quick and labour efficient, more 
economical and it has consistent material quality. Hence, geotextile have gradually replaced granular 
filters and have been incorporated into the design of revetment structures, riverbanks, bund walls and 
other coastal structures(Hornsey, 2012).  
 
The two primary functions in coastal structures are to prevent erosion and allow drainage. Hence, the 
durability of geotextile is vital in the lifetime of the structure, but to ensure geotextile performs as 
required, it must first rely on the ability to “survive” during construction. The term “survive” refers to a 
geotextile that did not suffer severe damages (puncture/hole) during construction. During installation 
process, geotextiles are subjected to high impact stress due to rock drop where it could be easily 
damaged (Heerten, 2008). 
 
Carneiro et al. (2013) had proved that there would be a substantial change in geotextile’s mechanical 
and hydraulic properties if it suffers damage during installation. Heerten (2007) further suggests any 
geotextile filtration design would be deemed pointless if the geotextile is punctured. Therefore, the 
installation of geotextiles must be dealt with great caution.   
 
Studies revealed that mechanical properties such as tensile strength, puncture resistance and unit 
weight are specified to ensure the geotextile meets the requirement of an application.  This approach 
was initially introduced by the Norwegian Road Research Laboratory(Sissons et al., 1977) and this 
was further adopted by the American Association of State Highway and Transport Officials (AASHTO) 
in 1990. Diederich (2000) pointed out that a new concept has been introduced into the European 
standards, both Norwegian Standard NS 3420-13 and Swiss standard SN 640 552 have incorporated 
the energy absorption capacity of geotextile as part of their specification system. These standards 
define “energy absorption as the product of tensile strength and elongation at maximum strength” 
(Diederich, 2000).  
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Efforts to obtain the mechanical properties of geotextile have been carried out via index tests. Lawson 
(1982 ) found that many mechanical tests have little relevance in quantifying the mechanical stresses 
on geotextiles, therefore he carried out a comprehensive study, “Geotextile Requirements for Erosion 
Control Structures” to determine the correlation between field performance with relevant index tests. 
His study claimed that results from the drop cone test represent the closest mechanical behaviour of 
geotextiles on field. 
 
Recently, Paula et al. (2004) studied the  damage during installation (DDI)  on geotextile with the  
effect of the granular material and the study revealed that residual strength of the material is evidently 
reduced with the influence of granular material.  Despite the efforts of both authors correlating field 
performance with index tests, index test isn’t the ideal approach to simulate field conditions as these 
tests do not take into account factors such as groundwater condition, characteristics of armour stone, 
number of drop on specimens and drop height (Chew et al., 1999). 
 
Therefore, field trials would be ideal as it takes account of the existing site conditions. Wong et al. 
(2000) conducted field tests with an impact block weighing 900kg with a contact area of 0.64m2 was 
released from a height ranging 0.5m to  2.5m onto subgrade overlaid by geotextile. Similarly, Hufenus 
et al. (2002) conducted 35 installation tests where samples were laid onto a well compacted gravel 
which had a covered fill material of 0.12m with a wire net placed between the materials. An additional 
layer was placed above the geotextile to allow compaction to occur. Both authors agreed that the 
damage induced during the installation process was influenced by field conditions.  
 
Undoubtedly, field testing is the ideal approach, then again it is unempirical and often non-repeatable; 
yet current installation guidelines are based on such practise. Furthermore, large space and extensive 
time is required to complete large scale investigations and it is economically unfeasible for on-going 
projects which run on tight schedules.  
 
 A new testing methodology has been developed to comprehend the effect of damage during 
installation on mechanical behaviour of geotextiles. This paper describes the procedures of conducting 
the test and presents results performed on staple fibre non-woven geotextiles. 
 
 
2 TEST APPARATUS 
 
2.1 Drop Rock Test 
 
A new testing methodology, Drop Rock Test (DRT) shown in Figure 1 is proposed by Geofabrics 
Australasia simulate installation conditions on site where ripraps are dropped above geotextiles during 
construction of revetments (Kendall1 et al., 2014).  The test is conducted by releasing a test block 
(dynamic loading) at a specified drop height onto a geotextile that is laid above a box of subgrade. The 
drop height can be varied from 0.5m to 2.0m and three test blocks with approximate mass of 1 tonne, 
0.5 tonne and 0.1 tonne are available to choose.  
 
This DRT does not only overcome the disadvantages of both index test and field test but incorporates 
the advantages of both. The DRT is not an isolated test where it only presents visibility results like field 
tests. Tested specimens (non-puncture) from DRT are further examined with an index test, for 
example, Static Puncture Test.  This combination allows engineers and designers to understand the 
behaviour of geotextile on site and predict the long term performance of geotextile in revetment 
applications. 
 
It allows controlled installation and prevents any unforseen damages during removal of geotextiles. 
The setup is aimed to create extreme damage by allowing the fabricated rock (test cube) to drop on a 
corner point (900) onto the subgrade overlain with a geotextile. 
 
Figure 1 illustrates a gantry crane with a lifting capacity of 1150kg that was built together with a box 
frame. This semi-lab environment is the optimal approach to evaluate the puncture resistance of 
geotextile for coastal revetment application. 
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Figure 1. DRT showing a concrete block suspended over geotextile laid above the subgrade 

 
2.1.1 Material 

2.1.1.1 Geotextiles 

Four staple fibre non-woven geotextiles commonly used for separation and filtration applications of 
differing weights and mechanical properties was selected to perform the damage evaluation of 
simulated field test. Mechanical and physical properties of geotextiles used in this experimental 
program are given in Table 1.  
 
Table 1: Mechanical and physical properties of staple fibre non-woven geotextiles 
Properties  Geotextile 

Mechanical 

Test Standard Units SF1 SF2 SF3 SF4 
Wide Strip Tensile 
Strength 

MD AS3706.2 kN/m 10 17.7 26.0 36.8 
XMD 21.4 39.0 54.6 82.7 

Trapezoidal Tear 
Strength 

MD AS3706.3 N 320 477 656 842 
XMD 542 917 1264 1774 

Grab Tensile 
Strength 

MD AS2001.2.3 N 686 1161 1753 2469 
XMD 1097 1948 2948 4539 

CBR Burst Test AS3706.4 N 2719 4522 6526 8824 
Static Puncture Test ISO12236:2006 

(E) 
N 2615 4046 7015 8236 

Physical  Mass per unit area  g/m2 380 611 846 1224 
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2.1.1.2 Subgrade 

The particle size distribution of the subgrade used in this study is shown in Figure 2. According to the 
ASTM D2487- Unified Soil Classification System (USCS), the soil is classified as SP. Dry density of 
soil measures between 1550-1800kg/m3 with 7-8% of water content.  
 

 
Figure 2. Particle size distribution curve 

2.2 Static Puncture Test-CBR Test 
 
CBR, which is known as California Bearing Ratio, is a test method to measure geosynthetic puncture 
resistance. The CBR test was carried out according to ISO 12236:2006 (E) (European Standard 
Online, 2006) (European Standard Online, 2006).The clamp consisted of two annular plates with an 
inner diameter of 150mm±0.5mm. The geotextiles sample is tightly secured between these plates by 
eight screws. The stainless steel plunger with diameter of 50mm and a radius of the leading edge of 
2.5±0.5mm is pushed against the membrane at a rate of 50mm/minute and the load –deformation 
curve is obtained. 
 
 
3 METHODOLOGY 
 
3.1 Drop Rock Test 
 
To understand the effect of drop height of rock on geotextile damage during installation, four different 
grades of non-woven staple fibre geotextiles (SF1, SF2, SF3, and SF4) have been studied. Table 2 
summarised the numbers of tests that were carried out at the desired drop height on each grade of 
geotextile. 
 
Table 2: Number of test for desired drop height 

                         Geotextile 
Drop height (m) 

SF1 SF2 SF3 SF4 

0.5 5 5 * * 
1.0 5 5 5 5 
1.5 5 5 5 5 
2.0 * 5 5 5 

*Test were not carried out at that height 

 
To prepare the subgrade, the confined box with internal dimensions of 1580mm x 1350mm x 600mm 
(LxWxH) was filled with sand by manual compaction. The compaction was carried out by a hand 
tamping system, where a 4.2kg tamper of 200mm x 300mm x 700mm (LxWxH) was released from a 
height of 0.5m and was repeated 45 times to ensure repeatable compaction. After preparing the 
subgrade, , a 1.8m x 2.0m geotextile stencilled grid of 50mm by 50mm in the target zone, was laid 
directly on the subgrade and clamped securely along the frame of the box. This was to ensure no 
slipping occurred.  
  
Once geotextile was laid securely, the test cube was electrically winched up to the desired drop height 
whilst a trolley on the crane rail was used to move the test cube laterally to the target zone. Drop 
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height was measured from the bottom tip of test cube to the surface of geotextile with a T-gauge. The 
test cube was then disengaged from the quick release mechanism once it was in position.  
After removing the test cube, visual observation was first made to determine the visibility of any 
puncture. Any punctures found on geotextiles were considered failure and discarded. For non-
puncture geotextile samples, elongation values were measured against 6 squares (which initially was 
300mm, as each square is 50mm by 50mm) from the point of interest (refer to Fig 3). The change in 
length was measured and recorded. 
 

 
 

Figure 3. Elongation measured against 6 squares from point of interest 

3.2 Static Puncture Test-CBR Test 
 
For each non-punctured (1.8 x 2.0m) geotextile sample, five sub-specimens were cut out and further 
assessed with Static Puncture Test. Figure 4 shows that each non-puncture samples, four undamaged 
edge samples and one damage (impact) sample would be further examined with CBR test. 
 

 
 

Figure 4. Locations of CBR specimens 

Figure 5 depicts a typical load-elongation curve of CBR Puncture test. The curve was used to 
measure two parameters: puncture resistance (kN) and puncture energy (J). Puncture resistance 
represents the maximum load applied onto the geotextile before it punctures, and puncture energy is 
calculated using the area under the stress-strain curve.  
  

 
Figure 5. Typical CBR curve 
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4 RESULTS AND DISCUSSION 
 
4.1 CBR Puncture Resistance of Geotextiles at 1.0m Drop Height 
 
The puncture resistance of the undamaged edge and damage geotextile samples were compared with 
the results with CBR test. The data were used to compare the relationship between mass per unit 
area, drop height, puncture resistance and puncture energy. Each grade of geotextile was tested with 
DRT at the same drop height of 1.0m five times; geotextile samples that did not have visible puncture 
were further tested with CBR puncture test and compared with undamaged edge samples. Clearly, in 
the five repeated test, non-puncture conditions are random and exact assessment is not possible. 
However, trends can be established using the average results of these test samples was used. This 
approach was justified as part of the preliminary study. 
 
Under the same test conditions, it is clearly seen in Figure 6 that all damage geotextiles with lower 
puncture energy showed weaker behaviour compared to those undamaged edge geotextiles with 
greater puncture energy.  This trend is consistent for all material except SF4, where the “damage” 
geotextiles had similar puncture resistance of the undamaged edge samples. In this case, the residual 
strength after damage with the fabricated rock remains the same, which indicate that it is highly 
unlikely for SF4 to suffer installation damages at 1.0m drop height.  
 

 
 

Figure 6. CBR puncture resistance of geotextiles at 1.0m drop height (comparing damage and edge) 

It is also observed in Figure 6 that difference in puncture energy between damaged and undamaged 
geotextiles were mostly less than 15% except SF3 which had a difference of 34%. The main reason 
for the different results obtained have to be related with standard deviation values; as though the tests 
were conducted under the same conditions, there is some scatter in the results obtained.  SF3, has 
the highest standard deviation (41.3) amongst the other geotextile elucidates the 34% variation.  
 
The test results showed a correlation between the weight of fabrics and puncture resistance of the 
material.  It was found that for the same drop height, 1.0m, the greater the mass of geotextile, the less 
damage to the geotextile and thus increased survivability. 
  
4.2 Retained CBR strength (%) at various Drop Height  
 
Retained CBR strength (%) illustrated in Figure 7 is expressed as the change (in percent) of the 
reference Static Puncture Test value in Table 1, that is shown in Eq.(1). 
 

Retained CBR strength (%)= 100%
Change in CBR strength

Initial CBR strength (Table 1) 
×100% (1)

 
The data was used to compare the relationship of varying drop heights with the same material. Each 
grade of geotextile was tested five times with at least two different drop heights, ranging from 0.5 to 
2.0m. Evidently, out of the five repeated test, not all resulted in non-puncture condition. With a small 
sample size, these results needed to be interpreted with caution. For lower engineering grade 
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geotextiles (SF1 and SF2), lower drop heights (0.5m and 1.0m) were applied as the material is 
expected to have lower survivability than higher engineering grade products. Similarly, SF3 and SF4 
were tested at higher drop heights (1.0m, 1.5m and 2.0m). The test specimens were then removed 
from the DRT apparatus and subjected to a static puncture test in accordance to EN ISO 12236.  
 

 
Figure 7. Retained CBR strength of geotextiles after DRT  

It is apparent from Figure 7, the retained strength of geotextile after installation generally lies above 
80% except of SF3. This suggests about 20% of its initial strength is lost during installation. Noting 
that under DRT test conditions, geotextile is only subjected to a single dynamic load, but field 
installations often drop a bulk load of stones (numerous loads) onto the geotextile, which increases the 
damage inflicted upon geotextile. Hence, suggesting the lost in its strength is likely to exceed 20%.  
 
From Figure 7, the decrease in retained strength is evident across all geotextiles except SF1 at 0.5m 
drop height which had an increase of greater than 100%. This may imply material strengthening, but 
note the reference property from Table 1 is the average value of the tested edge specimens, and not 
the initial CBR value of the damage specimen. The assumption made was the initial CBR strength of 
both edge and damage samples are the same. However, it is possible that there is some degree of 
variability in the initial strength of damage specimen. Besides, the coefficient of variation for SF1 at 
0.5m is 29.73% which suggests there is some obscurity in the results obtained. A larger sample size is 
required to determine this conjecture.  
 
Another clear correlation is observed in Figure 7, the increase in drop height, geotextile’s retained 
strength decreases except for SF4 at 2.0m. A further investigation is required to understand the 
reason behind the increase in retained strength (0.72%) at 2.0m drop height. It is difficult to explain 
this result, but it might be related to the density of soil.  The density of soil could vary as the 
compaction of subgrade is performed manually by a DRT operator. It is likely the density of soil varied 
therefore that these variations is obtained. Further investigation is required to establish this.  
 
It is somewhat surprising to note that SF3 which have better mechanical properties (refer to Table 1), 
performed weaker than the presumably the weaker SF1 and SF2. The present findings suggests 
indicated values in the specification and classification systems do not adequately reflect the 
mechanical behaviour of geotextile on site and supports the approach to use DRT to assess geotextile 
performance on site.  
 
5 CONCLUSION 
 
This study set out with the aim of assessing the puncture resistance of geotextile with a new testing 
method, Drop Rock Test (DRT), where the geotextile is overlaid above the subgrade and subjected to 
dynamic loading. The results of this study indicate that the extent of damage experience by geotextile 
during installation cause significant changes in its mechanical properties. In this case, the retained 
strength after damage during installation could decrease as much as 26%.  
 
Past studies in relation to geotextile’s damage during installation are either evaluated by mechanical 
tests or field tests. Evidence from this study suggests that index test values indicated in specification 
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and classification system do not reflect geotextile’s performance on site as it does not take into 
account field conditions such as characteristics of armour stone, number of drop on specimens, drop 
height and etc. Undoubtedly, the field test is the ideal approach to accurately assess geotextile’s 
performance on site, but this method is often unempirical and non-repeatable. The ability to simulate 
field conditions in an empirical manner is the key strength of the DRT apparatus.  
 
Several limitations of this study need to be acknowledged. Firstly, the sample size is small. The 
current study was also unable to analyse the effect of density of soil on geotextile’s performance. 
Thirdly, there is some scatter in the results obtained. Therefore, results needed to be interpreted with 
caution.  
 
Notwithstanding these limitations, the findings suggest the damage during installation could 
significantly change in the mechanical properties. There are several practical applications from this 
research. Firstly, a range of variables can be manipulated with DRT, for example, the mass of drop 
rock, subgrade type and the angularity of drop rock. Future trials could assess the effect of these 
variables on geotextile’s mechanical performance. Secondly, results from DRT could be used to 
develop design charts for engineers. Lastly, the DRT could be used together with other tests, such as 
permittivity test. Therefore, it would be interesting to assess the effects of the dynamic load on the 
pore size and flow capability of geotextile.  
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ABSTRACT 
 
The Memorial Park Alliance was formed in 2012 to design and build the Pukeahu National War 
Memorial Park in Wellington.  The project includes a ‘cut and cover’ tunnel for the under-grounding of 
a section of SH1 Buckle Street to provide space for the new park.  Anchored temporary retaining walls 
up to 10.5m high were required to support the 285m long excavation during construction.  Anchor 
capacity testing was undertaken during design to allow for an efficient anchoring solution.  A variety of 
anchors were tested including mechanical, injection and gravity grouted anchors.  Programme 
constraints required effective solutions.  The final anchor design consisted of injection and gravity 
grouted anchors.  5% of the 569 anchors constructed required remediation to achieve the design load.  
The majority of these occurred where the anchor was installed parallel to bedding dip at the weaker 
alluvium - completely weathered rock interface.  Provision was made for mechanical anchors to be 
installed as a contingency to supplement production anchors that did not achieve design load.  This 
paper compares anchor testing results for a variety of anchoring methods.  The relationship between 
the initial site testing and the verification testing of the production anchors is also addressed.  Design 
methods incorporating efficiency factors for progressive debonding are discussed with relevant 
lessons learnt.   
 
Keywords: ground anchor testing, Pleistocene alluvium, greywacke, efficiency factors 
 
1 INTRODUCTION 
 
This paper presents the results of ground anchor testing completed in Wellington soils and weathered 
greywacke rock as part of the Memorial Park Alliance project.  The project involved relocating State 
Highway 1 (SH1) from ground level into a tunnel constructed below the proposed park.  The tunnel 
was constructed as a ‘cut and cover’ tunnel with a 285m long trench.  The vertical sides of the tunnel 
excavation required temporary retaining.  The excavation was up to 10.5m deep with large crane 
loads and other heavy machinery surcharging the walls during the construction. 

 
Figure 1.  Typical northern anchored temporary retaining wall loading  
 
An anchored retaining wall solution was adopted.  Anchor capacity testing was completed on site 
during the initial design phase to result in an efficient and practical solution.  Multiple anchor types 
were tested on site including:  

 Sting Ray mechanical anchors 
 Screw anchor mechanical anchors 
 Injection grouted anchors 
 Gravity grouted anchors 
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The final anchor design used a combination of grouted anchors.  Each production anchor was tested 
to verify capacity.  Sting Ray anchors were specified as a contingency to quickly supplement anchors 
that did not reach the required capacity.  
 
2 SITE CHARACTERISATION 
 
2.1 Site Location 
The site is located to the south west of the Wellington CBD in the suburb of Mount Cook.  The site is 
based along Buckle Street and is bounded by Taranaki Street to the west and Sussex Street to the 
east.  Surrounding the site are residential and commercial buildings, including some of heritage value. 
 
2.2 Site Geology  
The tunnel bisects a greywacke ridge buried in the centre of the site.  The ridge is draped with 
Pleistocene aged alluvium valleys to either side of the ridge (Figure 2).  Manmade fill soils are present 
across the whole site up to 2.4m depth. 
 

 
Figure 2.  Site geology showing tunnel profile 
 
The alluvium consists of upper and lower Pleistocene aged deposits of low to high plasticity.  The 
upper Pleistocene deposits are typically normally to slightly over consolidated inter-bedded alluvium.  
The lower Pleistocene aged deposits are over consolidated inter-bedded deposits.  Localised beds of 
soft plastic silt with organics are also present in the lower deposits. 
 
Colluvium is present directly above the majority of the greywacke rock ridge.  The colluvium is typically 
less than 2m thick.  A white fine silt deposit was encountered locally along the greywacke-alluvium-
colluvium interface during the excavation of the trench.  This material was not found in the initial 
anchor testing on site.  The material is generally highly plastic and of a firm to stiff consistency.  It is 
typically less than 2m in thickness and predominantly encountered on the western ridge slope.  The 
material was found to be gently dipping with the north-south profile of the greywacke ridge.  This layer, 
where encountered, had an adverse effect on production anchor performance. 
 
The greywacke rock ridge is deeply weathered.  The greywacke rock varies in strength between 
extremely weak (described as a soil) and very weak.  Residual soil is present along the upper extent 
of the greywacke ridge and varies between 0.5 to 4m thick.   
 
A typical description for each material is shown in Table 2.  Grose et al. (2015) discuss the geological 
characteristics of the site in more detail. 
 
2.3 Geotechnical Properties 
Table 1 below displays the geotechnical parameters used for the detailed design of the anchored 
temporary retaining structures.   
 
Table 1:  Geotechnical parameters of geological deposits 

Geological Unit Effective Stress Parameters 
Friction Angle (˚) Cohesion (kPa) 
Mid Lower Mid Lower 

Fill - 28 - 4 
Upper Pleistocene Alluvium (East) 32 30 6 4 
Upper Pleistocene Alluvium (West) 32 28 6 4 
Lower Pleistocene Alluvium 35 32 10 4 
Organic layers 28 26 2 0 
Residual Soil 34 32 10 4 
Completely Weathered Greywacke 36 35 15 10 
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The design parameters were determined based on a combination of: 
 Analysis of CPT data 
 Plotting of SPT-N values 
 Laboratory testing 
 Local geotechnical knowledge and experience 
 Site observations of materials during initial construction and site investigation 

 
Where available, laboratory testing was given a heavier weighting in the assessment of parameters. 
 
3 INITIAL ANCHOR TESTING FOR DESIGN 
 
3.1 Anchor Types and Testing Setup 
20 anchor pull out tests were completed at 3 discrete sites as part of the preliminary anchor design 
assessment.  The different types of ground anchors tested were: 
 Driven Sting Ray anchors:  5 trials completed using SR-3 anchors  

Inserted into the ground through a 100mm diameter predrilled hole with a head that is flipped in 
the ground under tension.  The anchors do not need to be grouted and can therefore be 
tensioned immediately after installation.  

 Injection grouted anchors:  10 trials completed using Williams BX7 Geo-Drill 51mm and 
76mm bars with a 100mm or 150mm diameter drill head 
The hollow bar is attached to the sacrificial drill bit and together they become the anchor 
system.  The hole is drilled with a watery grout mix.  Once complete, a thick grout mix is injected 
into the hollow stem of the bar until good quality grout returns via the drill bit back to the ground 
surface.   

 Gravity grouted anchors: 5 trials completed using Williams 150 KSI All-Thread-Bar 32mm 
and 45mm bars with a 150mm drill bit, 180mm cased in alluvium 
Drilled using the traditional method of pneumatic down hole hammer, casing the hole if required.  
A solid bar is placed down the hole and then grouted from the base via a grout tube.   

 
A variety of drill hole diameters and drilling methods were specified in the same geological units to 
allow for direct comparison between the methods.  All anchors were installed and tested at 45⁰ 
inclination below horizontal using a reaction pad set across the trench face.  All grouted anchors had a 
bonded length of 4m.   
 
The testing incorporated an average of 4 load cycles with each stage load held for 1 to 2 minutes 
whilst monitoring for creep.  When creep occurred, the test load was held until it had stopped and 
anchor head displacements measured every minute.  Testing failure criteria was >2mm/5 min and total 
creep >10mm.  Each anchor was tested to peak bond strength with a residual strength also 
documented where possible. 
 
In addition, 4 screw anchor tests were completed on site after the preliminary anchor testing.  The 
screw anchors each comprised a 219mm diameter steel shaft with a 500mm diameter helix welded 
near the base of the shaft.  The anchor is screwed into the ground to the desired depth or torque 
reading is reached.  2 tests were completed at 2 of the test sites.  All screw anchor tests were 
completed vertically from ground level.  
 

 
 
Figure 3:  Components of a (a) Sting Ray anchor, (b) grouted ground anchor and (c) screw anchor 
 
3.2 Anchor Testing Results 
A summary of results for the test anchors is displayed in Table 2.  One outlier result from the lower 
Pleistocene alluvium injection anchor test has been removed for clarity.  The result exceeded the test 
load and bond strength readings noted in Table 2. 
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Table 2:  Ranges of test load and bond strength for material and anchor types 

Geological 
Unit 

Typical 
material 

description 

Drill 
hole 
diam 
(mm) 

Test load held, max [residual] (kN) 
Bond strength, max 

[residual] (kPa) 
Sting 
Raya 

Screw 
Anchora 

Injection 
Grouted 

Gravity 
Grouted 

Injection 
Grouted 

Gravity 
Grouted 

Upper 
Pleistocene 
Alluvium 
(East) 

Clayey/ 
gravelly 
SILT  

N/A 
100 
150 
180 

272 
 
 
 

120 
 
 
 

- 

 
 
 

293 [284] 

- 

 
 
 

130 [126] 
Upper 
Pleistocene 
Alluvium 
(West) 

Gravelly/ 
sandy SILT 

N/A 380 - - - - - 

Lower 
Pleistocene 
Alluvium 

Gravelly/ 
clayey SILT 
with gravel/ 
sand. 

N/A 
 

100 
 

150 
 

180 
 

209–
418b 

 

 

 
 
 
 

380 
 
 
 
 
 
 
 

 
230  

[188-209] 
293-496 
[293-460] 

 

 
 
 
 
 
 

443–660c 

[125] 

 
183 

[150-166] 
155-260 
[155-244] 

 

 
 
 
 
 
 

196-292c 

[55] 
Colluvium / 
Residual 
Soil 

Clayey/ 
sandy/ 
gravelly 
SILT 

N/A 
100 

 
150 

- 
 

400 
 
 
 
 

 
210-230 
[188-200] 
210-230 
[188-210] 

- 

 
183 

[150-160] 
110-122 
[100-110] 

- 

Completely 
Weathered 
Greywacke 

Ex to very 
weak (SILT, 
minor sand) 

N/A 
150 

219 
 
 
 

720 
 
 
 

- 
324-533 
[146-272] 

- 
172-283 
[77-144] 

a Mechanical anchors develop capacity as load applied until peak.  Max & residual loading comparable. 
b Yield of Sting Ray SR-3 is 424kN – tested to maximum yield in clayey SILT some gravel. 
c Yield of 32mm gravity grouted bar is 667kN – tested to maximum yield in SILT with sand. 
 
3.3 Discussion of Results 
The mechanical anchors worked consistently well in granular material but tended to shear through 
softer cohesive soils with no or minor gravel content. 

 Sting Ray anchors held to reasonable loads in the alluvial materials; one anchor tested up to 
yield capacity in the lower Pleistocene deposit  

 The screw anchors performed particularly well in the completely weathered greywacke.  The 
helix fixed firmly into the greywacke with minimal displacement at the anchor head when 
loaded 

 
The results for the grouted anchors highlighted the variability of the characteristics of each geological 
unit.   

 Both grouted drilling methods had comparable testing results in the lower Pleistocene deposits 
 The injection grouted anchoring technique was more reliable overall when considering 

construction issues such as collapse of the drill hole in loose and/or granular material 
 The residual soil/colluvium deposit had the lowest grout to country bond strength of all of the 

materials tested on site 
 The gravity grouted anchors achieved high test loads in the completely weathered greywacke.  

Only the gravity grouted anchor bars were tested in the completely weathered rock 
 The bond strength of the soils only reduced by approximately 70% from peak to residual 

strength indicating that the soils are subject to strain softening behaviour 
 The bond strength of the weathered greywacke rock by up to 50% from peak to residual 

strength. 
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4 DESIGN BOND CAPACITY  
 
4.1 Design Loading of Temporary Retaining Walls 
The temporary retaining wall structures comprise Steel Universal Columns (UCs) and sheet piles with 
anchors placed in 1, 2 or 3 rows.  Large construction loading, including a 100 tonne crane, were 
imposed on the retained soils.  Hydrostatic loads were also anticipated on the sheet pile section of the 
wall. 
 
4.2 Efficiency Factors for Progressive Debonding 
The design of ground anchors is not a new subject and has been discussed at length in many papers.  
A common design assumption is that ultimate capacity is directly proportional to bonded anchor 
length.  However, field data and experimental evidence shows that the distribution of bond stress is 
highly non-uniform over the fixed anchor length (Woods et al., 1997) and this design assumption can 
lead to inaccurate calculations of anchor capacity.  Figure 4 displays the mobilisation of bond stress as 
the anchor loads increase from initial to ultimate loading. 

 
Figure 4.  Mobilisation of bond stress for a tension anchor (Hope, 2013) 
 
Weak soils that show strain softening behaviour, where a residual strength is mobilised after the peak 
strength, are subject to an issue termed progressive debonding as the anchor load is increased 
(Ostermayer & Schelle, 1997).  This is particularly noted in anchors of a long bond length as the 
anchor efficiency reduces with bond (or fixed) anchor length (Barley, 1995).   Woods et al. (1997) 
discuss the inclusion of efficiency factors to incorporate progressive debonding within standard anchor 
capacity calculations focusing on two clear soil types: sand and clay. 
 
4.2.1 Use of Efficiency Factors for Site Specific Design 
The efficiency factor for progressive debonding is a ratio between the peak and residual bond stresses 
acting along the bond length of an anchor.  Site specific efficiency factors, based on anchor testing 
data, can be calculated rather than using a factor based on published material behaviour alone. 
 
4.3 Anchor Detailed Design 
4.3.1 Anchor Types Selected for Detailed Design  
The following anchor types were confirmed for detailed design: 

 Injection grouted anchors for anchors founding in the soils: alluvium, colluvium and residual 
soil 

 Gravity grouted anchors for those founding in the completely weathered greywacke rock ridge 
 
The Sting Ray anchor is not suitable for use as a primary design option due to its lower yield capacity.  
Screw pile anchors were considered as an option when founding in the completely weathered 
greywacke.  It was not selected due to the large cross sectional area of the helix and its impact on the 
fabric of the sheet pile section of the retaining wall.  In addition, the area needed to install the long 
lengths of the screw anchor would have had a large impact on the other construction work happening 
on the confined site. 
 
4.3.2 Detailed Design Considerations 
All anchors have a 10m bond length and 3m free length.  The length is based on the anchor length 
required for the temporary retaining wall rotational stability, consideration of progressive debonding of 
long bond lengths and FHWA (1997) guidelines. 
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A site specific efficiency factor (fp) was calculated for each grouted anchor pull out test using the peak 
(τp) and residual bond strengths (τr) measured in the field.  As the anchor reaches ultimate capacity 
the peak bond strength is assumed to be mobilised over the lower section (Lp) of the fixed anchor 
length with only the residual strength mobilised for the remaining length (Lr).  The anchor efficiency 
factor is calculated as a ratio of the peak bond strength and the total mobilised strength over the 
bonded length (Lt). 
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The calculated anchor efficiencies are displayed below in Table 3.  2 outliers were noted at anchors 
that had a large reduction in strength from the peak to the residual as associated with more of a brittle 
failure.  
 
Table 3:   Anchor design parameters 

Material Peak Bond 
Strength (kPa) 

Efficiency Factor for Progressive 
Debonding [Rangea] 

Alluvium 180 0.9 
[0.89-1.0] 

Residual soil, colluvium, interface area 160 1.0 
[0.89-1.0] 

Completely weathered greywacke rock 200 0.9 
[0.9] 

a Not including 2 outlier results 
 
The efficiency decreases significantly past the 2.5 to 3.5m fixed length of the anchor (Woods et al., 
1997).  Site specific efficiency factors were plotted against published data of efficiency factors for 
progressive debonding in clay.  The site data shows slightly higher efficiency factors for a 4m fixed 
anchor length than that expected from the study by Barley (1995) in clays.   
 
4.3.3 Anchor Design 
Anchor capacity is a function of the material peak bond strength and the efficiency factor for 
progressive debonding.  The anchor design is displayed below in Table 4. 
 
Table 4:   Ground anchor design 

Material types Anchor Type Diameter (mm) Anchor Capacity (kN) 
Residual soil, alluvium 51mm 

injection 
180 500 
200 600 

Completely weathered greywacke 32mm gravity 180 600 
 
It was estimated (based on judgement) that approximately 3% of the production anchors would not 
reach the design anchor capacity due to the variable nature of the alluvial materials on site. 
 
5 VERIFICATION TESTING OF PRODUCTION ANCHORS 
 
5.1 Production Anchors 
569 production grouted (injection and gravity) anchors were installed and tested on site.  Anchors 
were generally installed at 10˚ below horizontal through holes cut in the timber lagging or sheet piles 
of the temporary walls.  The anchors were installed in 1, 2 or 3 rows. 
 
5.2 Verification Testing 
The verification test consisted of 5 loading stages to the target test load.  It was held for 10 minutes 
whilst monitoring for creep.  Anchors that showed signs of creep were tested for a further 20 minutes.  
Creep coefficients were calculated for each load stage based on the displacements of the anchor 
head (EN 1537: 2000), with a coefficient >1 requiring assessment prior to anchor sign off.  The test 
load was held for a lesser duration than that specified in EN 1537: 2000 due to the attributed 
programme impacts of testing a large number of anchors.  This was considered appropriate as the 
critical design cases were short term seismic and crane skew operations. 
The target test load ranged from 500kN to 600kN.  Once tested to the target load it was reduced to a 
lock off load of 230kN to 290kN.  A summary of the anchor performance follows: 
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 10% of the production anchors had a lower ultimate capacity than the design capacity 
 90% of these anchors were located along the northern temporary wall 
 70% of the anchors on the northern wall were located at the alluvium-greywacke interface 
 20% did not reach the design capacity in the alluvium (injection grouted) 
 3% did not reach the design capacity in the greywacke (gravity grouted) 

 
Figures 5a & b.  Staged excavation with anchor row A & typical production anchor testing setup  
 
A location specific analysis of the temporary retaining wall design was completed where anchors did 
not reach design anchor capacity.  Additional anchors were installed as necessary.  5% of the 
production anchors required remediating with additional anchor capacity comprising mechanical Sting 
Ray anchors and injection grouted anchors.   
 
6 DISCUSSION OF RESULTS 
 
Figure 6a & b show a typical load-displacement plot for an initial test and a production test of an 
injection grouted anchor in lower Pleistocene alluvium to the east of the site.  The displacement shown 
is the ground response under loading; extension of the free length section of the bar has been 
removed. 
 
Both tests show similar loading and unloading curves for the relative bond lengths.  The production 
anchor was locked off at 290kN so there is no further unloading data to compare the results.  At 
290kN on the unloading cycle the displacement measured at the head of the anchor is comparable for 
each plot.  The test anchor had a bond length of 4m and the production anchor 10m.  The similar plot 
gradients and displacements show that the entire 10m bond length of the production anchor is not 
mobilised by the design load applied.  The consistency in these testing results is encouraging, 
especially with the variable alluvial soils. 
 
The load-displacement plots in completely weathered greywacke were also investigated.  Generally 
the production test results show a similar to higher bond strength in the production anchor testing than 
that encountered in the initial anchor testing.   

 
Figure 6a & b.  Anchor testing plots – Load (y axis) vs Displacement (x axis) - lower Pleistocene 
alluvium  
 
7 LESSONS LEARNT 
 
With variable soil strengths designers may select low geotechnical parameters to encompass the likely 
range of soil conditions.  This regularly results in a vast majority of the anchors on the project having 
redundant capacity.  When selecting optimal rather than conservative design parameters the 
probability (and risk) of anchor failures dramatically increases.  On this project an optimal design was 
adopted but the risk was efficiently managed by allowing for: 
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 Verification testing to confirm anchors have sufficient capacity 
 Contingency to rapidly supplement areas of reduced capacity within programme constraints 
 Survey monitoring of the temporary retaining walls deflections throughout the construction. 

 
70% of the anchors that did not reach design capacity were located at the alluvium-greywacke 
interface along the northern wall and were installed sub parallel to dip (Figure 7).  A majority of these 
anchors were therefore embedded solely within a single layer of weak material.  Remedial anchors 
were steepened to reach capacity in the stronger materials below the weak weathered layer at the 
interface. 

 
Figure 7a & b. Relative anchor performance to bedding dip 
 
Large grout loss was encountered at isolated locations.  These invariably coincided with anchors 
intercepting granular fill including basement and tank excavations as well as service trenches.  Some 
anchors required lengthening and multiple stage grouting to ensure sufficient effective bond length. 
 
8 CONCLUSION 
 
The variety in material strengths was assessed through initial anchor testing on site.  Anchor testing 
incorporated different anchoring methods.  An grouted anchor design was selected based on capacity 
and risk as well as site and programme constraints.  Anchor testing indicated peak bond strength of 
150kPa to 292kPa in the Wellington soils and 172 to 283kPa in the completely weathered greywacke.  
Residual bond strengths in the soils were generally slightly lower than the peak with a more significant 
drop in the weathered greywacke rock.  Efficiency factors for progressive debonding of the materials 
were 0.89 to 1.0.   
 
Working in an Alliance framework allowed for an optimal design to be adopted for the anchors.  The 
anchors were designed with optimum design parameters and the associated risk managed through 
verification testing of the production anchors.  Correlation between the initial and production anchor 
testing was confirmed and weak, higher risk areas identified.  Contingency provision was made to 
supplement under capacity anchors in a timely fashion and a strict review process was adhered to.  A 
high proportion of under capacity anchors occurred where anchors were installed sub parallel to 
bedding dip.   
 
The design and construction programme of the project was a significant constraint on anchor design 
and method.  The chosen solutions allowed for the anchors to be installed quickly and effectively. 
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ABSTRACT 
 
The Muldoon’s Corner Realignment project is located on the Rimutaka Hill Road, approximately 50 km 
north of Wellington, on State Highway 2. The project involved realigning approximately 1 km of road in 
rugged mountainous terrain by forming cuttings of up to 55 m high into existing hillsides, constructing 
fill embankments of up to 45 m high and upgrading and constructing a few retaining walls. The $16.5 
million upgrade commenced in August 2009 and was completed in May 2012. Resilience of the 
Rimutaka Road, which is a vital link between Wellington and the Wairarapa, carrying approximately 
5,300 vehicles daily, was a key consideration in the geotechnical design of the project.  This paper 
presents the design and construction of fill embankments and retaining walls within the project and 
their design performance and resilience in a large earthquake event. Some of the high embankments 
were strengthened by geogrid reinforcement and high strength woven geotextile. The retaining wall 
components include a reinforced concrete soldier pile wall with rock anchors to tie-back to bedrock, 
two reinforced earth walls and strengthening of an existing crib wall by a hybrid-approach using rock 
anchors and fill buttressing with a high reinforced embankment. The design and formation of the rock 
cuttings is presented in a companion paper. 
 
Keywords: earthquake, embankment, retaining wall, geogrid, anchor  
 
 
1 INTRODUCTION 
 
The New Zealand Transport Agency (formerly Transit New Zealand) commissioned Opus International 
Consultants to carry out design and construction management for the realignment of a section of State 
Highway 2 on Rimutaka Hill Road in rugged mountainous terrain, see Figure 1. The road realignment, 
involving substantial earthworks with approximately 230,000 m3 of rock being excavated to form 55 m 
high cuts and 45 m high reinforced fill embankments, significantly increase the road resilience in major 
earthquake events. Several retaining walls which were vulnerable to failure under earthquake events 
were either upgraded or replaced to ensure adequate performance and resilience of the new road.  
 
Site investigations were undertaken in stages in 2004 and 2007 to define the site geology for detailed 
design of the road realignment and the associated slope and retaining wall design. The scope of site 
investigations included 16 boreholes, 13 auger holes, 30+ trial pits, seismic refraction survey and 
engineering geological mapping.   
 
Geotechnical assessment on cut slopes, slope stabilisation works, earthwork disposal, fill 
embankments and retaining walls was carried out following the site investigations. Several fill 
embankments were required within depressions and gully channels for the road realignment and at 
the disposal sites. Most of the embankments have side slopes of 2H: 1V. For steeper embankments, 
such as one with 1H: 1V side slopes and 45 m height, geogrid reinforcement was required to ensure 
stability. The stability of a few existing retaining walls was analysed and suitable wall upgrade 
/replacement solutions were proposed. New walls were also required where weak sidling materials 
were present by the road side. The final retaining wall scheme consists of a new reinforced concrete 
soldier pile wall with rock anchors to tie-back to bedrock, a new terramesh wall, a new geogrid-
reinforced gabion wall and strengthening of an existing crib wall by a hybrid-approach using rock 
anchors and fill buttressing. 
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Figure 1. Overview of the Muldoon’s Corner Realignment Site 

 
 
2 SITE GEOLOGY & GROUND CONDITIONS 
 
The site is underlain by fresh to completely weathered Wellington greywacke bedrock. Sandstones 
and siltstones are generally strong to very strong, resistant to weathering and have closely to 
extremely closely spaced joints. Mudstones (or argillite) are commonly found interbedded within the 
sandstones and siltstones and are generally weak to very strong with closely to extremely closely 
spaced joints. Bands of sheared rock (generally about 200 mm thick) are commonly found within the 
mudstone layer. 
 
Fill and colluvium comprising mainly of gravels in a silt/clay matrix is generally present as surficial 
material above bedrock, along the outer edges of the state highway and slopes below and behind the 
existing retaining walls. The colluvial materials are likely to have originated from the hillsides above, as 
cut materials during road construction, or slope failure debris.  
 
 
3 SEISMICITY  
 
The site is situated on an uplifted block between the active Wellington Fault and Wairarapa Fault, 
which are both about 5 km from the site. The central segment of the Wellington Fault is capable of 
giving a magnitude 7.5 earthquake at a return period of about 900 yoears (Stirling et al, 2002). The 
Wairarapa Fault is considered as Class I active fault and is one of the major faults in New Zealand. It’s 
rupture has the potential to produce earthquakes with a magnitude of 8.1 at a return period of 1500 
years (IGNS, 2000), similar to the 1855 Wairarapa Earthquake. 
 
The design horizontal peak ground acceleration (PGA) has been derived based on the New Zealand 
Earthquake Loading Standard, NZS 1170.5: 2004 and Transit New Zealand Bridge Manual (2nd 
Edition, 2003) and subsequent Provisional Amendment in December 2004. The site subsoil class was 
classified as Class B (Rock). Considering that the proposed road realignment is located on the major 
state highway SH2, an earthquake of magnitude equivalent to a 1/1500 year return period event was 
adopted in the design. These provide a design PGA of 0.6g. 
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4 REINFORCED SOIL EMBANKMENTS 
 
4.1 Design Philosophy 
 
Reinforced soil embankments (RSEs) were adopted to enable the construction of steeper fill 
embankments to allow for reduced footprint without extending the down the steep gully slope into the 
stream below, and without protruding beyond the site designation. RSEs have the advantages that 
they can be constructed like normal embankments, but incorporating geogrid reinforcements, and 
without the need for temporary or permanent facing. RSEs of up to 45 m high and at 35° to 45° were 
designed and constructed at two fill retention sites and at the main alignment embankment site. RSEs 
of this order of height are rarely constructed in New Zealand.  
 
The 45 m high RSE at the main site was constructed in front of an old crib wall above a deeply incised 
gully, see Figures 2 and 3. This RSE was put to innovative double purpose - to carry the road 
embankment without the fill extending down the slope into the stream, as well as buttressing the high 
crib wall with a steep cliff below. An earlier design concept involved a bridge across the deeply incised 
gully instead of the RSE design. By using the 45 m high RSE, the construction cost was substantially 
reduced. RSEs are also more resilient than bridge structures in an earthquake event as they are more 
flexible and less vulnerable to failure and will take less time to recover. The embankments were 
designed in such a way that stability is ensured under normal static conditions (FOS > 1.5) and under 
large storm events (FOS > 1.0). Limited displacement of less than 200 mm was accepted in large 
earthquake events. 
 

 

Figure 2. Typical Section of 45 m High RSE Buttressing an Existing Crib Wall and Steep Slope 
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Figure 3. Construction of Reinforced Soil Embankment at the Realignment Site 
 

4.2 Fill Materials 
 
The RSEs are required to perform satisfactorily in large earthquakes given the high seismicity of the 
region. Therefore, better quality soils from the cuttings were selected to be used as fill materials for the 
RSEs. Residual soil and other overburden deposits of poorer quality from cuttings were used for 
general fill embankments of 2H : 1V side slopes and up to 5 m high. 
 
The fill materials for RSEs are generally unweathered to moderately weathered greywacke comprising 
silty sandy gravels. This is to ensure adequate soil strength and appropriate drainage characteristics 
and that the fill strength and stiffnesses would not degrade significantly during an earthquake event. 
The maximum particle size of the fill was limited to 75 mm to control the damage to the geogrid and 
geotextile reinforcements.  
 
4.3 Soil Reinforcement 
 
Geogrid reinforcement made of high density polyethylene (HDPE) was used as the primary and 
secondary reinforcements for the RSEs. It was considered that HDPE geogrid is relatively low cost 
and able to provide satisfactory durability and robustness against damage, given the selected fill were 
gravels derived from excavated competent rocks from the cuttings within the site. The geogrid was 
predicted to provide an adequate design life exceeding 100 years (FHWA, 2000), although these grids 
have not been in use for such a long period yet. The primary geogrid was placed at 1 m vertical 
intervals with appropriate length to ensure internal and external stability as well as displacement 
performance of the embankments during a large earthquake. To prevent locally shallow failures, 
secondary geogrid of 3 m in length was placed midway between the primary geogrid at the slope face. 
At the 45 m high embankment, additional soil reinforcement comprising high strength woven geotextile 
was placed at every 5 m interval vertically to provide extra resisting strength in all directions.  
 

 

Figure 4. Installation of Erosion Protection Mat on the Face of Reinforced Soil Embankment 
 
 
5 REINFORCED SOIL WALLS 
 
Two geogrid reinforced soil walls (RSWs) with gabion facing were designed and constructed below the 
realignment to support the road, see Figure 5. These new walls replaced the existing walls which were 
considered as unstable under the design earthquake. The RSWs are up to 6 m high and founded on 
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weathered greywacke bedrock. The walls were designed to satisfy both external and internal stability 
in static and seismic conditions.  
The RSWs were considered as an effective and cost effective solution for replacing the existing walls. 
The high flexibility of the RSWs also allows sufficient resilience during intense ground shaking. The 
wall construction was carried out after the formation of the cuttings on the opposite uphill side of the 
road for the new road. This arrangement resulted in sufficient road width for maintaining two-lane 
traffic and minimised disruption to traffic due to wall construction. Upgrading the walls as part of the 
realignment construction resulted in substantial cost-saving to the stakeholders and less disruption to 
traffic. If the strengthening or replacement is undertaken separate from the construction of the 
realignment, it would need to be undertaken at a much higher cost and disruption to road users. 
 

 

Figure 5. Typical Detail of Reinforced Soil Walls at the Realignment 
 
 
6 ANCHORED REINFORCED CONCRETE SOLDIER PILE WALL  
 
An old crib wall of about 30 m in length and 6 m exposed height below the realignment was replaced 
by an anchored soldier pile wall with a concrete facing, see Figure 6.  The new soldier pile wall was 
able to resist the design earthquake loads and to retain an extra thickness of fill for the new road 
construction. The wall consists 25 reinforced concrete piles at 1.2 m spacing. Each pile is of 600 mm 
in diameter and about 10 m in length. The piles were socketed 4 m into the bedrock and tied-back by 
rock anchors. The new wall was constructed behind the existing crib wall, of which the top couple of 
meters were removed for the new wall construction.   
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Figure 6. Replacement of an Old Crib Wall with an Anchored Soldier Pile Wall 
There was a high risk of failure of the old crib wall in storm or earthquake events. Stability analysis 
showed that the old wall was marginally stable under the existing static conditions. Any storm events 
that would cause significant temporary increase in groundwater level could cause the wall to fail. The 
wall would also fail by overturning in earthquakes. Due to its close proximity to the new road 
alignment, failure of the wall would cause damage to more than one lane of the new road. The 
disruption to the road users and the expected cost of repairing the wall would be substantial. By 
replacing the old wall with the new soldier pile wall during construction of the realignment, the road 
resilience was greatly improved. The approach also resulted in substantial cost savings and minimised 
disruption to traffic compared to procuring the wall replacement under a separate contract. 
 
 
7 HYBRID APPROACH OF WALL STRENGTHENING 
 
An old crib wall along the realignment was strengthened to provide adequate resilience in the design 
storm and earthquake conditions. Located above a steep slope of about 50° to 55°, the crib wall has a 
total length of 60 m and up to 8 m to 9 m high. It was inferred that the wall is founded on bedrock. 
Stability analysis indicated that the wall was likely to be marginally stable under the existing static 
conditions. A large storm event with significant increase in groundwater level could lead to failure of 
the wall. The wall would likely fail in an earthquake event. There is also the risk of failure of the steep 
rock slope below the toe of the retaining wall under seismic shaking. Since the wall is in close 
proximity to the realignment, failure of the wall will remove more than one lane of the new road. 
Therefore, the old crib wall was strengthened during construction of the new road to ensure adequate 
resilience. 
 
An innovative hybrid wall strengthening approach was adopted. The approach involved: 
 
(i) strengthening the southern 20 m of the wall with a reinforced soil embankment (RSE) buttress (as 

shown in Figure 2); and  

(ii) strengthening the northern 40 m length of the wall by rock anchors with double corrosion 
protection (Figure 7). 

 
The fill buttressing would mitigate the risk associated with the stability of the steep slope below the 
southern 20 m of the wall. At the northern side, a row of rock anchors were installed on the steep 
slope below the wall to ensure stability. Sub-horizontal drainage holes were also installed to maintain 
low groundwater table in large storm events. 
 
Figure 8 shows the crib wall before and during upgrade with fill buttress.  

 

 

Figure 7. Strengthening Part of an Old Crib Wall with Rock Anchors 
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Figure 8. Strengthening of an Old Crib Wall with Fill Buttress and Rock Anchors 
 
 
8 CONCLUSION 
 
Resilience was a key consideration in the Muldoon’s Corner Realignment project. This project 
demonstrated that innovative use of reinforced soil embankments, reinforced soil walls, ground 
anchors and soldier piles in supporting new roads and strengthening existing walls could result in cost 
effective, resilient and robust solutions for our road networks. 
 
The project involved the use of reinforced soil embankments of 45 m height and reinforced 
embankment of such order of height are rarely constructed in New Zealand.  Through careful 
consideration of the alignment and solutions, the reinforced embankments served the dual purpose of 
providing a resilient solution instead of a costly bridge across the gully, while also buttressing existing 
substandard walls and steep slopes that are vulnerable to failure in earthquakes. 
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ABSTRACT 
 
Controlled modulus column (CMC) supported embankments are increasingly being used for 
construction of major highway embankments on soft ground particularly near waterways or coastal 
regions. CMCs are sustainable and cost-effective ground improvement technology that transmit the 
load from the traffic and the embankment to a lower bearing stratum through a composite CMC/soil 
matrix. The key influencing components of the load transfer mechanism include embankment fill, load 
transfer platform (LTP) with one or more layers of geosynthetics, CMC and the foundation soils. Rapid 
growth of the application of geosynthetics between two granular layers in the column supported 
embankment has been observed in the last two decades. The use of LTP enhances the load transfer 
mechanism in the CMC improved soft ground and minimises the post construction settlement of the 
ground. In this paper, reinforced Timoshenko beam theory is adopted to simulate the LTP with one 
layer of geosynthetics that is resting on elastic foundation with columns. A parametric study is 
conducted to investigate the importance of the LTP on the load transfer mechanism for the CMC 
supported embankment. Special attentions are given to the thickness of the LTP, the use of 
geosynthetics and its influence on deflection of the LTP, the shear force developed in the LTP and the 
tension developed in geosynthetics. The parametric study reveals that the thickness of the LTP has a 
significant effect on the behaviour of LTP up to a certain limit. 
 
Keywords: Controlled Modulus Column, CMC, Timoshenko Beam, Soil-Structure Interaction 
 
1 INTRODUCTION 
 
In recent years, controlled modulus column (CMC) supported embankments, which contain foundation 
soil, CMCs, geosynthetics if needed and embankment material have been increasingly used for 
construction of major highway embankments on the soft ground near waterways. CMC supported 
embankment has the advantages of rapid construction, small ground movement and global stability 
when compared with other ground improvement methods for an embankment over the soft soil such 
as preloading, stone columns, pile foundations. The soil–CMC mass acts as a composite mass of 
greater stiffness than the initial untreated soil, reducing deformations resulted by the weight of the 
embankment and traffic load to permissible ranges. Geosynthetic reinforcements are being used 
between two compacted granular layers in conjunction with columns (e.g. CMC) to enhance the 
efficiency of load transfer and reduce the total and differential settlements of the soft soil beneath the 
embankment. In addition, use of geosynthetics in the LTP can help in reducing the quantity of granular 
material for construction work.  
 
Since the composite system comprises of more than one component the response of the system is 
complex. The flexibility of the soft soil results in varied responses of LTP and the embankment. In a 
similar way, the presence of LTP and embankment causes varied responses of the ground, the 
collective phenomena of which is called soil-structure interactions (SSI). Practicing geotechnical 
engineers recognise the importance of SSI to analyse the impact of the heavier structures on soft soil. 
To represent the soil medium in the SSI problems, Winklerian approach is the basic classic and the 
most popular approach which is used by most practicing engineers due to its simplicity. According to 
Winkler’s idealization (1867), deformation of foundation in bending due to applied load is confined to 
the loaded regions only and stress–strain behaviour of soil is assumed linear; which are the two 
serious demerits of the model. In order to overcome the shortcomings of Winklerian approach, some 
modified foundation models have been proposed in the literature, such as Filonenko-Borodich 
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foundation (1940), Hetenyi’s foundation (1946), Pasternak foundation (1954), Beam column analogy 
model (1933) and Kerr foundation (1965). Pasternak (1954) proposed a model where the foundation 
settles due to the shear only. As a new foundation model to represent the geosynthetic reinforced soil, 
a modified Pasternak model has been proposed by Madhav and Poorooshasb (1988),  where 
Pasternak shear layer was combined with Winkler’s springs. However, neither Winkler nor Pasternak 
model considers both bending and shearing. Euler-Bernoulli beam on elastic foundation model has 
been attempted to solve the SSI problem considering the bending only. However, very little attention is 
paid to Timoshenko beam model on elastic foundation considering bending and shearing to represent 
the engineered granular layer. Yin (2000) has derived the ordinary differential equations for a 
reinforced Timoshenko beam on elastic foundation excluding the stabilizing columns and provided the 
analytical solution for point load on an infinite beam and for uniformly distributed vertical pressure for a 
finite beam. This paper extends Yin (2000) work to take into account the effect of rigid inclusions on 
LTP design as well as the pressure due to arching in the embankment.  
 
2 BASIC DIFFERENTIAL EQUATIONS FOR TIMOSHENKO BEAM ON ELASTIC FOUNDATION 
 
Yin (2000) has proposed the following basic differential equations for a reinforced Timoshenko beam 
on elastic foundation excluding the column reinforcement.  
 

D C	 Cψ 0                                                                                                                           (1) 

 

C C k w		 q                                                                                                                         (2) 

 

D k w		 q                                                                                                           (3) 

 
where w	and ψ are vertical deflection and rotation angle of the reinforced Timoshenko beam, 
respectively; q is the pressure; D and C are bending stiffness and shear stiffness of the reinforced 
beam, respectively; and k  is the modulus of subgrade reaction for soft soil. Figure 1a illustrates the 
2D foundation model to simulate the LTP that has been presented by Yin (2000). Figure 1b shows the 
forces acting on a finite beam element of the reinforced granular layer. If w is known, the rotational 
angle ψ  can be determined, using Eqs. (1) and (2), as follows: 
 

ψ 1                                                                                                               (4) 

 

 

Figure 1. (a) Foundation model for the geosynthetic reinforced granular layer on soft soil proposed by 
Yin (2000); (b) Forces acting on a finite element of reinforced granular layer.  

 
This paper considers BS8006 (2010) to calculate stresses acting on LTP. Thus, in plane strain 
condition, distribution of the vertical stresses on LTP can be calculated as below: 
 

p σ 	                                                                                                                                        (5) 
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p 1.4γ 	       for       H 1.4	 s a                                                                                         (6) 

 

p σ ′           for       0.7 s a 	H	 	1.4 s a                                                                   (7) 

 
where	p ′ is the vertical stress on top of LTP above the CMC;	p ′ is the vertical stress on top of LTP 
above the soft soil region; a and s are the width and spacing of the column, respectively; σ ′ is the 
factored average vertical stress on top of LTP without arching σ f γH f w ; w  is the uniformly 
distributed surcharge loading; f  and f  are the partial load factors (refer to BS 8006); H and γ are 
height and unit weight of the embankment fill, respectively; and C  is the arching coefficient (refer to 
BS 8006). Figure 2 demonstrates the two dimensional foundation model of a CMC supported 
embankment. 
 

 

Figure 2. Schematic diagram of the proposed foundation model for CMC supported embankment. 

 
3 CLOSED FORM SOLUTION 
 
Yin (2000) considered a finite beam with length L that is subjected to uniformly distributed pressure in 
the form of a polynomial without any column supports. He expressed the applied pressure as the 
Fourier cosine series function and proposed an analytical solution considering the both ends of the 
beam are free. The solution for deformation w 		given by Yin (2000) for soft soil without the columns 
support is: 
 

w e c cos βx c sin βx e c cos βx c sin βx ∑ a cos x                               (8) 

 
where c  to c  are the four constants of integration and can be obtained from the boundary conditions.  
 
Timoshenko (1921) has proposed the relationship between the shear force Q  and the shear strain 
γ  as follows: 

 

Q Cγ C ψ                                                                                                                               (9) 

 
Timoshenko (1921) has also reported the relationship between the moment M  and the rate of 

rotation angle  as follows: 

 

M D                                                                                                                                            (10) 

 
According to Yin (2000), the tension	 T  developed in the reinforcement can be expressed as follows: 
 

T E y y                                                                                                                              (11) 

Supporting equations and additional details are presented by Yin (2000). 
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Figure 3. (a) Stresses acting on proposed 2-dimensional foundation model for geosynthetic reinforced 
CMC supported embankment; (b) Free body diagram of LTP cut at a section A-A. 

 
To obtain c , c , c  and c  for reinforced Timoshenko beam on elastic foundation with columns, the 
following simplifications are made in addition to the basic assumptions for Timoshenko beam theory: 
(1) The response of CMC and soft soil are assumed to be linearly elastic and (2) Friction between 
CMC and surrounding soft soil is ignored for simplicity. Clear spacing L  between two CMC is 
considered as the region loaded with embankment weight below the arch and resisted with the 
underneath soft soil as shown in Figure 3a.  
 
Four boundary conditions to be adopted in Eq. (8) to obtain the constants are as following:  
 
at x 0:	M 0                                                                                                                                  (12a) 
at x 0: Q P K , w                                                                                                                 (12b) 
at x L:	M 0                                                                                                                                  (12c) 
at x L:	Q P K , w                                                                                                              (12d) 
 
where P  is the concentrated force on LTP due to arching at the edge of CMC (kN); M is the moment at 
CMC edge (kN.m); Q is the shear force at support as shown in Figure 3b (kN/m); and K , 	is the 
equivalent modulus of subgrade reaction for CMC (kN/m) estimated as follows: 
 
K , k A k A A                                                                                                                  (13) 
 
where A  is the cross section area of CMC (m2); A  is the plan area of CMC wall in plane strain (m2); 
k 	and k 	are the modulus of subgrade reaction for soft soil and CMC, respectively (kN/m3); 
 
Considering the boundary condition as presented in Eq. (12a), the following equation can be obtained: 
 

c α β 2c αβ c α β 2c αβ R                                                                  (14) 

 
According to the boundary condition as indicated in Eq. (12b), the following equation can be derived: 
 

c D α 3αβ , c D 3α β β c D α 3αβ , c D

3α β β R                                                                                                                                    (15) 

 
The following equation can be derived from the boundary condition as presented in Eq. (12c): 
 

e c α β cos βL 2αβ sin βL e c 2αβ cos βL α β sin βL e c α

β cos βL 2αβ sin βL e c α β sin βL 2αβ cos βL R                                   (16) 
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The following equation can be obtained from the boundary condition presented in Eq. (12d): 
 

c e Dcos βL α 3αβ , Dsin βL β 3α β c e Dcos βL β 3α β

Dsin βL α 3αβ , c e Dcos βL α 3αβ , Dsin βL β

3α β c e Dcos βL 3α β β Dsin βL α 3αβ , R                       (17) 

 
where 
 

R ∑ a a                                                                                                         (18a) 

R P K , ∑ a                                                                                                              (18b) 

R ∑ a a cos nπ                                                                                            (18c) 

R P K , K , ∑ a cos nπ C∑ a sin nπ C∑ 1

a A sin nπ                                                                                                            (18d) 

 
Eqs. (14), (15), (16) and (17) can be expressed in a matrix form as presented below: 
 
M c R                                                                                                                               (19) 

 
where c c , c , c , c  and R R , R , R , R . In M , the coefficient M 	 i 1 	4, j 1 	4  
can be determined using the basic parameters  α, β, D, C, k 	and k . Then, the solution to Eq. (19) is: 
  
c M R                                                                                                                                      (20) 

 
4 PARAMETRIC STUDY 
 
Typical parameters for geosynthetic reinforced (GR) CMC supported embankment will be used for the 
parametric study in this paper. Modulus of subgrade reaction for the soft soil and the CMC can be 
estimated using the following equations proposed by Selvadurai (1979):  
 
k E H 1 υ 1 2υ⁄                                                                                                              (21) 
 
k E H 1 υ 1 2υ⁄                                                                                                              (22) 
 
where E, H	and υ are the Young’s modulus, depth (length) and Poisson’s ratio, respectively; suffixes 
"s" and "c" represent the soft soil and the column, respectively. Figure 4 shows a typical geometry of a 
geosynthetic reinforced CMC supported embankment adopted in this study. In this study, geosynthetic 
used in the load transfer platform is considered to be geogrid. In practice geosynthetic reinforcement 
is designed under tension only, but shear modulus can be considered in case of geogrid. 	γ  and ϕ   
are the unit weight and friction angle of the embankment fill, respectively; γ , E  and ν  are the unit 
weight, Young’s modulus and Poisson’s ratio of the granular material in LTP, respectively; E  and ν  
are the tensile stiffness and Poisson’s ratio of GR, respectively; E E ′A , where E ′ is the Young’s 
modulus of GR and A  is the cross sectional area of GR. In this study, thickness of the LTP varies 
between 0.2m to 1.0m. Effect of geosynthetics with varied thickness of the LTP has been investigated. 
In this study, it is assumed that the location of GR is always at quarter of the depth of the LTP below 
the centerline of the LTP. A cracked section of reinforced Timoshenko beam (or LTP) is assumed 
since the soil in the LTP does not carry tension. Therefore, the second moment of inertia and the 
shear modulus of the beam have been reduced by 0.25 and 0.5 times, respectively. 
 
5 RESULTS AND DISCUSSIONS  
 
Key calculated parameters and geometry of soil and geosynthetics are summarised in Table 1. for 
0.3m and 0.5m thick LTP. After calculating the matrices M   and R   with the value of α, β, D, C, k  and 
k , constant c  is determined. The differential settlement is assessed at the bottom of the LTP 
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between the edge of column and the midpoint of two columns. It can be observed from Figure 5a that 
while the thickness of LTP increases from 0.2m to 0.6m, the maximum settlement and the differential 
settlement decrease notably. However, when the thickness of LTP with geosynthetic reinforcement 
increases further above 0.6m, changes in the maximum settlement and the differential settlement are 
not significant. It has been observed from the parametric study that the bending stiffness	 D  and the 
shear stiffness C  of LTP increase when the thickness of the LTP increases as shown in Figure 5b.  It 
is obvious that the settlement of the LTP beam with geosynthetic reinforcement is less than that 
without the geosynthetic reinforcement as shown in Figure 6a. Inclusion of the geosynthetic 
reinforcement increases the bending stiffness	 D  and the shear stiffness C  of reinforced LTP which 
increases the rigidity of the LTP resulting in less settlement. Influence of the thickness of LTP on the 
tension developed in GR is illustrated in Figure 6b. Since the increase in the thickness of LTP results 
in less differential settlement in LTP, the tension developed in the geosynthetic reinforcement 
decreases. Figure 7a illustrates the comparison of shear force with and without the geosynthetic 
reinforcement for 0.3m and 0.5m thick LTP. Figure 7a indicates that shear force generated in the 
reinforced LTP beam at two supports is maximum but with opposite sign. Then the shear force 
decreases resulting in zero shear force at the midpoint of the LTP, which satisfies the boundary 
conditions assumed in this study. Figure 7b demonstrates that the thicker LTP (0.5m in this example) 
with geosynthetic reinforcement rotates less than that of without GR due to more rigidity of the LTP. It 
is also displayed in Figure 7b that the maximum rotation of the cross section of the LTP occurs at the 
two supports. Then the rotation angle decreases resulting in zero rotation of the LTP at the mid-point.  
 
 

 
Figure 4. Typical cross section of a geosynthetic reinforced CMC supported embankment. 
 

Table 1. Calculated material properties and geometry of 0.3m and 0.5m thick LTP 

 
 

Although the overall behaviour of LTP due to bending and shear can be predicted using the above-
mentioned reinforced Timoshenko beam model, there are several limitations for the proposed model 
as follows: (1) CMC rests on rigid stratum; (2) pull-out resistance force of GR from the surrounding 
granular material is neglected; (3) although the reduced stiffness of the cracked LTP is considered in 
this study, the actual behaviour of the cracked LTP beam section has not been captured; (4) although 

0.3m thick LTP 0.3m thick LTP 0.5m thick LTP 0.5m thick LTP

With GR Without GR With GR Without GR

D in kN.m 37 28 158 130

C  in kN/m 3044 2403 4646 4005

Ge in kPa 12179 9615 11154 9615

yc in m 0.009 0.0 0.009 0.0

ks  in kN/m3
192 192 192 192

kc in kN/m3
1600000 1600000 1600000 1600000

pc' in kPa 374 374 374 374

pr' in kPa 45 45 45 45

Parameters
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it is assumed that the connection between LTP beam and CMC will not carry any moment and LTP is 
free to rotate at the column connection, in reality this support may have some moment resistance 
restraining the rotation. Therefore, further investigation on the possibility of moment capacity and 
rotational resistance at this connection is required; and (5) in this study, the settlement of LTP beam 
has been predicted at a particular time. However, to simulate the consolidation of soft-clay, time-
dependent settlement of the LTP has to be considered. It should be noted that soil cementation and 
creep can significantly influence time dependent behaviour of clays (Nguyen et al. 2014; Le et al. 
2015; Fatahi et al. 2013). 
 

 

Figure 5. Effects of the thickness of LTP with GR and without GR on: (a) maximum settlement and 
differential settlement of the LTP; (b) bending stiffness and shear stiffness of the LTP. 

 

 
Figure 6. Variations in: (a) settlement of the LTP in x-direction; (b) tension developed in the 
geosynthetic reinforcement in x-direction. 

 

 

Figure 7. Variations in: (a) shear force developed in the reinforced LTP; (b) rotation angle of the LTP 
with geosynthetic reinforcement and without geosynthetic reinforcement in x-direction. 
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6 CONCLUSIONS 
 
This study has investigated the effects of thickness of load transfer platform (LTP) and geosynthetic 
reinforcement on controlled modulus column (CMC) supported embankment simulating the LTP as a 
“reinforced Timoshenko beam”. Results show that the geosynthetics can significantly affect the 
settlement of LTP when the thickness of LTP is between 0.2m to 0.6m, as the geosynthetics enhances 
the bending stiffness and shear stiffness of the composite LTP. The use of geosynthetics when LTP is 
thicker than 0.6m has insignificant effect on load transfer mechanism in the column supported 
embankment. Although the material properties of CMC have been used in this study, the outcomes 
can be applicable to other types of columns supporting embankment loads. 
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ABSTRACT 
 
In recent years, there has been a growing understanding that the Riccarton Gravel underlying 
Christchurch, often the chosen founding stratum for a range of piled structures, may not be as 
competent as once thought. The formerly held belief that this formation comprises homogeneous, 
dense, gravel which can provide very high end bearing capacity has been largely dismissed by the 
findings of recent piling projects in Christchurch. 
 
The bearing capacity of Riccarton Gravel has been reassessed through back-analysis of driving 
records for piles installed as part of the Christchurch Southern Motorway project and bridges within the 
SCIRT programme of works. The achieved capacities were consistently lower than theoretical 
estimates based on geotechnical investigation, with variability through the formation. Experience has 
informed design, with adoption of bearing capacity limits, and implementation of engineered solutions 
to improve capacity in the formation. 
 
High variability of soil profile within the Riccarton Gravel has been encountered. In addition to the 
historically assumed dense gravel, significant thicknesses of silt, sand and peat can be present. The 
importance of thorough ground investigations of the founding stratum prior to piling cannot be 
overstated. Proof bores undertaken at the Bridge Street Bridge and other piling sites provided 
invaluable information for construction. 
 
This paper discusses geotechnical risks associated with founding piles in the Riccarton Gravel. All 
piles founded within gravels have potential to exhibit similar challenges and parallels can be drawn. 
Recommendations for end bearing capacity limits developed through experience are provided, along 
with approaches to pile design and construction monitoring. 
 
Keywords: piles, Riccarton Gravel, end bearing, Christchurch 
 
 
1 INTRODUCTION 
 
The Riccarton Gravel has long been known as the uppermost water-bearing aquifer in the 
Christchurch area for groundwater abstraction and in more recent times has been the founding 
stratum of choice for piles supporting large structures in the city. The key driver for this choice has 
been the inferred or assumed relative weakness of the overlying Christchurch Formation soils. 
 
Experience of installing piles in the Riccarton Gravel has shown that the use of this material as a pile 
founding stratum comes with risks and the actual performance of the soil may be highly variable, due 
to variations in composition and density. 
 
This paper aims to share the author’s experience of the issues around founding in the Riccarton 
Gravel, and proposes guidance on the realistic pile end bearing capacity that can be expected. 
 
2 RICCARTON GRAVEL 
 
The Riccarton Gravel formation was deposited during the last glaciation of north Westland, between 
14,000 and 70,000 years ago (Brown & Weeber, 1992), and underlies the marine Christchurch 
Formation in Eastern Christchurch, and the alluvial Springston Formation in the west, where it 
becomes indistinguishable from the overlying gravels. The Riccarton Gravels typically comprise brown 
or blue-grey well graded alluvial gravel (up to cobble size) with some sand and silt (Brown & Weeber, 
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1992). The Riccarton Gravel’s upper and lower surfaces have been well constrained by large numbers 
of boreholes (primarily groundwater bores) drilled in Christchurch, with the typical depth to the top of 
the unit varying from around 10m at the western edge of the city to around 40m at the coast 
(Cubrinovski & McCahon, 2011). Standard Penetration Tests (SPT’s) undertaken in the Riccarton 
Gravel typically record N60 values exceeding 40 blows per 300mm indicating a dense to very dense 
state. However, the results of SPT’s can be highly variable. 
 
The Riccarton Gravel has long been regarded as the uppermost aquifer for groundwater abstraction. 
This use has been aided by the artesian (or flowing artesian) groundwater conditions often 
encountered within this formation. The artesian pressure head in the Riccarton Gravel is typically 
observed to be 0 m to 3 m above ground level, varying with spatial location. This effect relates to the 
confining effect of the relatively impermeable silt at the base of the overlying Christchurch Formation. 
 
3 PILE TYPES 
 
A range of pile types have been used in Christchurch to transfer structural loads into the founding 
Riccarton Gravels. Due to the typically liquefiable nature of the overlying Christchurch Formation soils, 
these piles rely predominantly on end bearing capacity to carry axial loads. For large structures, the 
combination of seismic ultimate limit state structural demand and negative skin friction can lead to very 
high axial pile loads. The pile type selected and sizing of piles during pile design needs to consider 
compatibility of load demands and the limiting capacity of the founding soils. 
 
Pile types employed in recent years in Christchurch founding in the Riccarton Gravels have included: 

1. Driven steel ‘H-piles’, typically up to 310 mm in section; 

2. Bottom-driven steel tubular piles, typically 900 mm to 1200 mm in diameter; 

3. Bored piles, typically 900 mm to 1200 mm in diameter; 

4. Steel screw piles, up to around 800 mm in diameter.  
 
4 METHODS TO DETERMINE COMPETANCE OF FOUNDING SOILS 
 
4.1 SPT Considerations 
 
Standard Penetration Tests are known to provide variable results in all soils. However, the variability 
of SPT results is most severe in sandy gravels such as the Riccarton Gravel. The large scatter of SPT 
N-values recorded in Riccarton Gravel typically results from one of two effects. 
 
Firstly, in the clast-dominated, predominantly gravel, material, the clast size often exceeds the 
diameter of the SPT split spoon or solid cone, and cobbles may also be present. This can lead to very 
high blow counts where coarse gravel or cobbles are present. In such cases, the commonly adopted 
extrapolation of N-values beyond 50 blows per 300 mm is not appropriate, as the N-values obtained 
do not necessarily represent the density of the soil matrix. In cases where SPT N-values exceeding 50 
have been recorded in Riccarton Gravels, the authors have, following review of the soil description, 
typically limited the efficiency-corrected N60 value to 60 blows per 300mm, to avoid unrealistic 
extrapolated values. 
 
In matrix-dominated sandy gravels, SPT N60 values in the Riccarton Gravel tend towards the 40 to 50 
range. However, the matrix dominated behaviour comes with its own problems in that heave can 
occur. Heave is typically associated with poor management of water levels or drilling fluids within the 
borehole ensure continued excess positive water head, and/or use of a drilling method that loosens 
the in situ soils promoting heave. If heave is not noticed during drilling and the SPT test aborted, 
unrealistically low SPT N-values can result.  
 
The use of SPT-based empirical calculation of pile end bearing and skin friction parameters, such as 
the method of Meyerhof (1976) which typically utilises N55 values, requires some interpretation of the 
data to determine an appropriate value for design. Additionally a large amount of data is advisable to 
be able to assess the scatter of results and arrive at a moderately conservative design value. 
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[A] – Silt between the two layers of gravels (around 37 to 38 m depth) 

[C] – Clast-dominated gravels at around 44 to 45 m depth 

[B] – Matrix-dominated gravelly sand at around 46 to 47 m depth 

[D] – Matrix-dominated sandy gravel at  around 41 to 42 m depth 

Figure 1. Different material compositions encountered by Sonic borehole at Bridge Street Bridge 
 
4.2 Core Inspection 
 
The composition of the Riccarton Gravel is as important as its density, and given the variability in both 
properties throughout the thickness of the deposit, is a key consideration in determining pile 
performance. In this field, the use of sonic coring yields great advantages over other drilling methods 
that may yield poorer recovery in granular soils. While an analysis of SPT data may not distinguish 
between clast or matrix-dominated gravels. The performance of piles, which have much larger 
diameters than the SPT equipment, can be significantly affected by the predominant grain size of the 
material. Conventional rotary coring can result in loss of finer fractions, leading to an overly optimistic 
assessment of the materials bearing capacity, for example gravelly sands appearing to be clast-
dominated gravels. In this way, the presence of silt or sand lenses within the Riccarton Gravel can be 
missed and therefore not considered in design. The result of this is two-fold; the performance of the 
pile may be affected, but also severity of potential heave during construction may not be adequately 
anticipated if relatively clean gravels are incorrectly expected to be encountered over the full depth of 
the pile embedment.  
 
4.3 Back-analysis of Pile Driving Data 
 
A good and reliable method of estimating pile performance is analysing the performance of actual 
piles in the field. These can be piles from nearby projects, trial piles at the site, or verification of design 
assumptions though detailed review of the first production piles installed. Back-analysis of pile driving 
resistance can be used to determine the elevations of layers of maximum driving resistance, which 
can be targeted by later piles on the same site. Such an approach requires continuous coarse 
recording of driving resistance as piles are driven from above the top of the intended founding stratum 
to their final depth. This information, although sometimes time-consuming to gather, is invaluable if 
staged construction, or where a large number of driven piles are included in a project. 
 
Aside from the obvious advantages of the back analysis of driving data for use on a site-specific basis, 
such analyses have also been of great benefit to the authors in gaining an understanding of the 
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bearing capacity that can be realistically achieved in Christchurch as a whole, and extending further to 
piles driven into gravels in general.  
 
5 PILING IN RICCARTON GRAVEL 
 
5.1 Learning from Project Experience 
 
5.1.1 Christchurch Southern Motorway 
The construction of the Curletts Road Overpass on the Christchurch Southern Motorway (CSM1) 
project involved the installation of 64 no. driven steel 310UC137 H-piles. The design driving resistance 
of the bridge piles, while high, was within the range of values calculated using accepted methods. 
During construction driving resistance was recorded by the Hiley Formula method (Auckland Structural 
Group, 2002) supplemented by Pile Driving Analyser (PDA) testing. The piles typically achieved 
ultimate end bearing capacities in the range 15 to 25 MPa, which was in some cases insufficient for 
the design loading. The remedial action adopted comprised post-grouting beneath the toes of the 
piles. This resulted in a significant increase in end bearing capacity on re-striking to around 40 to 55 
MPa, well exceeding design requirements. This experience was a clear indication that theoretically-
calculated end bearing capacity within the Riccarton Gravel may not be readily achievable, and based 
on this experience more conservative end bearing capacities were adopted for later projects. 
 
The initial ground investigation works for this project were undertaken using conventional ‘Triple Tube’ 
rotary coring, with SPT testing, and the data from this was used to progress the detailed design. The 
investigation indicated the presence of a reasonably homogenous founding stratum in the Riccarton 
Gravel. During construction, a ‘Direct Push’ borehole (a pre-cursor to Sonic drilling methods) was 
undertaken, which provided improved recovery of the Riccarton Gravel soils. This found that the 
upper, approximately 1 m, of the Riccarton Gravel comprised dense, clast-dominated, gravels, 
whereas below this level existed matrix-dominated sandy gravel, with some sand lenses. This method 
provided a very different picture of the nature of the founding stratum than the initial ground 
investigations indicated, and helped explain the lower end bearing capacities achieved. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 2. Ultimate End Bearing Capacity estimated from Hiley Driving Resistance 

CSM1 – Curletts Rd Overpass Bridge St Bridge 
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5.1.2 South Brighton (Bridge Street) Bridge 
The Stronger Christchurch Infrastructure Rebuild Team (SCIRT) repairs to the earthquake-damaged 
Bridge Street Bridge comprised the replacement of the abutment piles and abutments. This involved 
the installation of four 1.2 m diameter bottom-driven steel tubular piles at each abutment. The design 
of these piles adopted a modified Meyerhof approach using a limited ultimate end bearing capacity of 
300.N55, which gave a maximum end bearing capacity of 18 MPa in the Riccarton Gravel. 
 
The first piling activity to be undertaken on this site was the installation of 12 no. temporary steel 
310UC137 H-piles to support the bridge deck during replacement of the abutment piles. These piles 
were driven into the Riccarton Gravels, encountered at approximately 28 m below bridge deck level. 
The driving of these temporary piles was closely monitored to gather information to verify pile ultimate 
pile capacity adopted for design of the permanent abutment piles, to be installed later in the 
construction sequence. Most notable, the driving resistance estimated by the Hiley Formula was 
continuously recorded during installation. This provided continuous profiles of driving resistance 
against elevation for the Christchurch Formation sands and silts and the underlying Riccarton Gravel 
founding stratum.  
 
The continuous driving resistance profiles revealed that the driving resistance, related directly to 
density, was significantly higher at the top of the Riccarton Gravel (within the uppermost 1 to 2 m) than 
at lower levels. Furthermore, the driving resistance of the Riccarton Gravel below this denser zone 
was found to be less than that for the lower portion of the Christchurch Formation sand. This effect 
was not consistent with the design assumption that the Riccarton Gravel was a reasonably 
homogeneous and dense stratum. This assumption was based on extensive ground investigation data 
that used rotary cored triple-tube boreholes drilled into and through the Riccarton Gravel. The results 
of SPT testing were fairly consistent, as was the material recovered from the boreholes.  
 
At the time of the temporary pile installation, Rotary Sonic rigs had become readily available in 
Christchurch, which was not the case for the original investigation. Therefore, the decision was made 
to drill a sonic borehole at one of the abutments, without SPT testing, in order to obtain good-quality 
core for inspection. This borehole revealed significant variation in the grading of the Riccarton Gravel, 
from clast-dominated gravels, where higher driving resistance was recorded by the temporary piles, to 
matrix-dominated gravelly sands and silts, where lower resistance was recorded. Example photos of 
material encountered in the sonic borehole though the Riccarton Gravels are provided in Figure 1. 
 
At the time of writing, sets had been recorded on the first four of these permanent piles at the western 
abutment, with ultimate end bearing capacity of 10 MPa and 20 MPa. These results highlight the 
variability of the Riccarton Gravels, with two of the piles achieving the design end bearing capacity 
with the other two encountering a lens of matrix-dominated gravels, silts or sands. 
 
5.1.3 287-293 Durham Street  
The selected pile type for the 287-293 Durham St building was a combination of 900 mm and 1200 
mm diameter bored piles, all founded in the Riccarton Gravel. This bored pile methodology allowed 
observation of recovered soil at a large number of locations (there were 83 no. piles in total). This, 
combined with the six proof bores drilled at the site and earlier ground investigations, provided good 
information on the composition of the Riccarton Gravel founding stratum. 
 
At the location of this site, in central Christchurch, the Riccarton Gravel was approximately 15 m thick, 
and comprised two discreet layers of sandy gravel. These gravel layers sandwiched an intermediate 
lense of silt, sand and peat, up to 2.5 m thick. This lense, referred to as the Central Silt, was variable 
in composition both with depth and lateral position across the site; some piles encountered only sand 
and silt whilst other encountered significant thickness of organic silt and peat. The consequence of the 
presence of the Central Silt was that the more heavily loaded piles were required to be drilled through 
the lense and founded in the lower gravel layer. This case highlights the importance of proof bores to 
prove the founding stratum. These proof bores identified the Central Silt lense and allowed 
unacceptable pile settlement under the design loads to be avoided. 
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Figure 3. Compiled End Bearing Capacity Data for Pile Driven into Riccarton Gravel 
 
5.1.4 Gayhurst Road Bridge 
Gayhurst Road Bridge was another bridge damaged in the 2010-2011 Canterbury earthquakes. In this 
case, the decision was made by SCIRT and Christchurch City Council to replace the bridge. The 
replacement bridge design employed 1200 mm diameter steel tubular piles and precast plug driven 
out the base of the pile casing. And like Bridge Street Bridge, the chosen founding stratum, given the 
liquefaction potential of the overlying Christchurch Formation, was the Riccarton Gravel. 
 
At the time of writing, three of the new pier and abutment piles have been constructed. The piles 
achieved their target driving resistance, although this involved driving the pre-cast plug some 1.2 m 
beyond the toe of the pile casing to achieve the required set. The end bearing capacity achieved has 
been estimated though the use of the Hiley Formula to be an ultimate end bearing capacity average of 
18 MPa (range 17.8 MPa to 18.3 MPa). 
 
5.2 Compiled End Bearing Capacity Data 
 
Ultimate end bearing capacities achieved for the projects discussed in the previous sections are 
presented in Figure 3. The data is heavily weighted towards the uppermost portion of the Riccarton 
Gravels, as generally driven H piles were terminated at this level having reached the required set. The 
data shows that end bearing capacity in the order of 15-18 MPa was generally achieved for driven 
piles founded in the Riccarton Gravel. Furthermore, an overall reduction in capacity with embedment 
is apparent, with values as low as 10 MPa, although the data set for large embedment into to the 
formation is limited. 

 
5.3 Groundwater Issues 
 
The artesian water pressures within confined Riccarton Gravels can cause problems with pile stability 
during excavation within a pile casing. The outside of steel casings or pile shafts can create leakage 
pathways through the relatively impermeable confining layer at the base of the Christchurch 
Formation. This is particularly severe when installing screw piles into the Riccarton Gravel, where 
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ground water flow up the side of the pile shaft and though soils disturbed by the helix during 
installation, has proved very difficult to stop once the pile has penetrated the confining layer. 
 
6 RECOMMENDATIONS 
 
6.1 Geotechnical Investigation  
 
Options for testing the density of the founding gravels can be limited, and the use of SPT testing 
seems unavoidable in most situations. However, care should be taken when relying on SPT data for 
pile design. The data set should be sufficiently large to allow a representative design value to be 
assessed, and extrapolation of SPT N60 values beyond 60 blows per 300mm is not advisable unless 
the designer has a great degree of confidence in the validity of the SPT data. Such confidence can be 
gained by undertaking detailed inspection of core from a number of Sonic cored boreholes, to identify 
any lenses of non-gravel material that could compromise pile performance, and any materials that 
may have affected the accuracy of the SPT test results. 
 
6.2 Dealing with Groundwater 
 
The presence of artesian groundwater conditions can be problematic to pile construction, leading to 
heave effects that could compromise end bearing capacity and lead to excessive settlement under the 
design loads. Heave can be mitigated by ensuring the pile casings are topped up with water to 
maintain a positive pressure head throughout construction. If the artesian pressure leads to a flowing 
situation, extending the pile casing above ground level or the use of support fluids to increase the 
weight of the fluid inside the casing, may be effective in mitigating potential heave effects at the base 
of the pile. If temporary or permanent casings are used for driven piles, over-driving the casing in the 
order of 0.5 to 1.5m beyond the pile toe has been found to effectively limit the potential for base 
heave. Use of temporary or permanent steel casings is the most effective method of ensuring pile 
sidewall stability for bored piles in the Riccarton Gravel. 
 
6.3 End Bearing Capacity 
 
Over a range of pile types and site locations, the authors have noted that theoretical calculation of pile 
end bearing capacity through SPT N-value based empirical methods such as Meyerhof (1976), in 
particular when these have been extrapolated, may overestimate the end bearing capacity achievable 
in the Riccarton Gravels. Furthermore, calculation of pile end bearing capacity in the Riccarton 
Gravels by the methods of the New Zealand Building Code B1/VM4, can substantially over estimate 
the available end bearing capacity leading to unconservative pile designs. The author cautions against 
using B1/VM4 for design of piles founded within the Riccarton Gravels. Based on the author’s 
experience, a maximum end bearing capacity of 15-16 MPa is recommended for the design of large-
diameter driven piles founded in the Riccarton Gravels. Higher values may be achievable for smaller 
diameter piles, or where detailed ground investigation verifies adequate thickness of competent clast-
dominated gravels. 
 
6.4 Allowance for Variability in Performance 
 
As there is significant variability in the composition and strength, and therefore performance of the 
Riccarton Gravel, contingencies should be considered to remedy piles that do not reach the required 
driving resistance. Such contingencies may include a pragmatic structural design, whereby the effect 
of increased settlement of one pile within a group can be mitigated by applying more load to the 
adjacent piles, or assessing the likely consequences of additional settlement under the most onerous 
design load cases. Other measures can be taken to improve performance, such as post-installation 
base grouting. One approach that has been adopted is the installation of base-grouting tubes to driven 
H-piles as a precaution against not reaching the required driving resistance. Allowance in the design 
for the installation of further piles if required can also save time and cost in avoiding significant re-
design should the capacity not be reached. 
 
6.5 Alternative Founding Strata  
 
The Christchurch Formation sands are widely seen as being liquefiable deposits that are not used as 
a bearing stratum for piles for large structures, in preference to the underlying Riccarton Gravel. 
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However, this is not always the case, and the lower sands of the Christchurch Formation can often be 
dense and sometimes more competent than the underlying Riccarton Gravel.  Although consideration 
must be given to check for the presence of potentially liquefiable layers and organic silts at the base of 
the Christchurch Formation, when assessing the suitability of these sands for founding piles, 
especially those of large diameter. 
 
One example of founding piles in the Christchurch Formation sands is Avondale Road Bridge, in 
Eastern Christchurch, which suffered irreparable damage to the abutments and piles, requiring 
replacement of both these elements. At the site of this bridge, the sand of the Christchurch formation 
becomes dense or very dense in the lower 8m. Although this very dense stratum was underlain by the 
organic silts typically found at the base of the Christchurch Formation, the stratum was sufficiently 
thick to allow founding the 1200mm diameter driven piles without significant risk of punching. 
 
Analysis of SPT data showed good consistency, much better than typically observed in gravels and a 
roughly linear increase in density with depth, generally reaching a corrected (N1)60 blow count 
exceeding 40 at and below the pile founding level. Given this consistency, and that the material was 
predominantly sand, with little fines, the designers could be confident in correlating SPT N-values to 
density and using an SPT-based approach to determining pile parameters for design. This level of 
confidence is rarely achieved in the Riccarton Gravel. 
 
6.6 Recommendations for Further Study 
 
While a reasonable database of information on the driving of piles into the Riccarton Gravel exists, 
there is only limited information available on the performance of bored piles founded in the Riccarton 
Gravel. Static load testing of bored piles would improve confidence in design assumptions. The 
authors consider that such testing, and the publication of results, would be of great benefit to the 
engineering community in providing geotechnical engineers improved confidence in selecting design 
parameters and the expected structural performance. 
 
7 CONCLUSION 
 
Experience gained from a number of projects involving the installation of driven piles founded in the 
Riccarton Gravel has provided an understanding of the ultimate end bearing capacities that are 
achievable. Ultimate end bearing capacity for driven piles in the order of 15-16 MPa is generally 
achievable. The values achieved were consistent with calculation using the method of Meyerhof 
(1976) adopting moderately conservative design SPT N55 values, allowing only limited extrapolation. 
 
The inherent variability in both the density and composition of the Riccarton Gravel must be 
considered when founding within this stratum. The required understanding can be obtained by 
continuous sampling of the material by methods such as Sonic drilling, careful core inspection and 
detailed recording of pile capacity with depth during installation of piles. SPT data can assist in pile 
design, but SPT N-values obtained in variable sandy gravels should be used with caution and not 
excessively extrapolated. 
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ABSTRACT 
 
A considerable surcharge exerted on an unsaturated soil stratum leads to the emergence of excess 
pore pressures. During the consolidation process, these pressures tend to dissipate towards 
permeable boundary surfaces, resulting in a reduction of the soil volume. Such phenomenon can be 
mathematically described by inhomogeneous governing equations of flow based on Fick’s law (with 
respect to air phase) and Darcy’s law (with respect to water phase). This paper discusses the 
dissipation of excess pore-air and pore-water pressures and settlement of an unsaturated soil stratum 
subjected to an external damped sine wave loading. An analytical solution is derived from the 
governing equations of flow using eigenfunction expansion and Laplace transformation methods. 
Eigenfunctions and eigenvalues are parts of the general solution and can be obtained based on one-
way drainage boundary condition. On the other hand, the damped sine wave loading is mathematically 
simulated and incorporated in the solution. Once the time variable (t) in partial differential equations is 
transformed into the Laplace complex argument (s), generalised Fourier coefficients can be computed 
by taking a Laplace inverse, and then the final solution can be obtained. In this study, the air to water 
permeability ratio (k /k ), influencing changes in dissipation rates of excess pore pressures and 
settlement are investigated and discussed. It is observed that the increasing permeability ratio has a 
significant effect on the change in the pore pressures.  
 
Keywords: Unsaturated Soil, Analytical Solution, One-Dimensional Consolidation, Settlement, Excess 
Pore Pressures, Damped Sine Wave Loading 
 
1 INTRODUCTION 
 
Consolidation is a process of reducing the soil volume due to the dissipation of excess pore pressures. 
In early 1940s, Terzaghi (1943) introduced a prevalent theory estimating the one-dimensional (1-D) 
consolidation for fully saturated soils based on the heat transfer concept. This original yet relatively 
remarkable theory has been a solid platform for several significant soil mechanics frameworks. 
However, during engineering developments, key factors such as earthworks, climatic changes, and 
surface vegetation may result in further creation of unsaturated soils, whose physical properties are 
much more complicated than those of saturated soils (Fatahi et al. 2009, 2010 and 2014). The past 
five decades have witnessed a noticeable growth in unsaturated soil studies, particularly consolidation 
concept, through several investigations and experimental research. The study of consolidation of 
unsaturated soils was initiated in early 1960s. Some original research in this field was conducted by 
Blight (1961), Scott (1963) and Barden (1965) and numerous others. In late 1970s, Fredlund and 
Hasan (1979) proposed inhomogeneous governing equations that contributed significantly to the state 
of the art research on consolidation field. These partial differential equations (PDEs) were derived 
from Fick’s and Darcy’s laws, describing continuous flows of air and water within a soil element, 
respectively. Unlike saturated soil mechanics, the inclusion of the air phase in the equations has been 
a major challenge in estimating the dissipation of excess pore pressures and the final settlement. 
 
For over the past two decades, the flexible computational tools have enabled geotechnical engineers 
to estimate the time-dependent deformation of unsaturated soils. In addition to noticeable numerical 
methods conducted by Lloret and Alonso (1980), Wong et al. (1998), Conte (2004), and Zhou and 
Zhao (2013) to name a few, analytical methods have also been frequently updated based on the 
governing equations given by Fredlund and Hasan (1979). Ho et al. (2014a) adopted the expansion of 
eigenfunctions and Laplace transform methods to predict the 1-D consolidation behaviour of 
unsaturated soils subjected to a constant surcharge. Moreover, Qin et al. (2010) proposed an 
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analytical method to determine the dissipation rates of excess pore pressures induced by a time-
dependent exponential loading. The inclusion of the exponential loading function generates new 
consolidation parameters, contributing to more cumbersome calculations for the analytical procedure. 
Shan et al. (2012) and Zhou et al. (2013), on the other hand, converted the nonlinear governing 
equations into traditional heat diffusion equations similar to that of saturated soils and proposed 
alternative solutions for 1-D consolidation of an unsaturated soil stratum subjected to an exponential 
loading (e.g. Shan et al. 2012; Zhou et al. 2013) and a sinusoidal loading (e.g. Shan et al. 2012). 
Although the mentioned analytical methods provide several constructive ideas in determining 
consolidation characteristics of unsaturated soils, these methods are relatively impractical for use due 
to the complex mathematical computation and the lack consideration of realistic time-dependent 
loadings exerted on the ground surface. In engineering practice, soil deposits beneath the ground may 
be subjected to damped and cyclic loadings as the result of traffic loads. A damped wave function can 
be a good representative to describe such external loadings. Since there has been limited research on 
soil consolidation process under a damped wave loading, it is essential to address the effects of this 
complex load on the consolidation behaviour of unsaturated soil deposits. 
 
The settlement consolidation calculations of soil layers underlying foundations or embankments are 
usually restricted to saturated soils under monotonic loads. Foundation designers generally neglect 
the significant effect of dynamic loads in particular the impact loads (e.g. loads due to severe breaking 
or collision), when applying the traditional deterministic ultimate limit state analysis. Soil under these 
dynamic loads will produce a reaction, which exceeds its static capacity. This paper highlights the 
significance of damped impact loads on foundation settlement, while taking into account the behaviour 
of unsaturated soil lies beneath. Based on the governing equations originally proposed by Fredlund 
and Hasan (1979), this paper adopts the eigenfunction expansion and Laplace transformation 
techniques to determine the 1-D consolidation behaviour of an unsaturated soil stratum, in terms of 
excess pore pressure dissipation and settlement, subjected to a damped sine wave loading. Due to 
the limitation of paper length, the analytical procedure only adopts a typical one-way drainage 
boundary condition and uniform initial conditions (i.e. uniform distribution of initial excess pore 
pressures). The proposed solutions are graphically demonstrated in a subsequent section.  
 
2 ANALYTICAL DEVELOPMENT 
 
The actual soil properties influencing deformation of the ground are relatively ambiguous due to the 
complicated texture assemblage and the lack of homogeneity of the soil. These may lead to the 
difficulty in predicting the consolidation characteristics. Therefore, some assumptions helping to obtain 
solutions must be addressed as follows: 
 
(1) The entire soil strata are assumed to be homogeneous; 
(2) The flows of air and water phases are assumed to be continuous and independent; 
(3) Solid skeleton and water phase are incompressible;  
(4) Effects of environmental factors such as air diffusion and temperature change are ignored; 
(5) The deformation only happens along the vertical direction (z-direction); and 
(6) Consolidation parameters with respect to air phase (C , c  and c ) and water phase (C , c  and 

c ) are assumed to be constant during the loading process.  
 
2.1 Governing equations of flow for 1-D consolidation of unsaturated soils  
 
Fredlund and Hasan (1979) proposed the set of governing equations for the 1-D consolidation of an 
unsaturated soil stratum using the Cartesian coordinate system. These equations are employed to 
estimate the dissipation process of excess pore-air and pore-water pressures; and can be presented 
as follows: 
 
u , c u , C u , c σ, 0;                                (1a) 
 
u , c u , C u , c σ, 0;                    (1b) 
 
where σ is the total stress; u  and u  are excess pore-air and pore-water pressures, respectively; u ,  
and u ,  are the first order PDEs of pore-air and pore-water pressures with respect to time, 
respectively; u ,  and u ,  are the second order PDEs of pore-air and pore-water pressures with 
respect to depth, respectively; and σ,  are the first order PDE of the total stress with respect to time. 
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In addition, the consolidation coefficients are: 
 

C ;  c ; c ; 

 

C 1 ;   c ; and   c ;       (2) 

 
where m  and m  are the coefficients of air and water volume change with respect to the change of 
net stress σ u , respectively; m  and m  are the coefficients of air and water volume change with 
respect to the change of suction u u , respectively; k  and k  are the air and water permeability 
coefficients (m. s ), respectively; g is the gravitational acceleration (~9.8m. s ); u  and u  are the 
initial pore-air and pore-water pressures (kPa), respectively; u  is the atmospheric pressure (kPa); R 
is the universal air constant (~8.3J.mol K ); Θ θ° 273 , is the absolute temperature (K); M is the 
molecular mass of air phase (~0.029kg.mol ); n is the porosity during consolidation process; S  is the 
degree of saturation during consolidation process; and γ  is the unit weight of water (~9.8kN.m ). 
 
2.2 Boundary and initial conditions 
 
Figure 1 illustrates a referential profile of a typical one-way drainage unsaturated soil system with an 
infinite width and a finite thickness H. This system consists of a permeable top surface and an 
impervious base. Soon after the application of external loads, excess pore-air and pore-water 
pressures move towards the permeable top surface but cannot dissipate through the impervious base 
of the soil stratum. At t 0, the one-way drainage boundary condition can be simulated 
mathematically as shown in (3a) and (3b):    
 
u 0, t u 0, t 0;           (3a) 
 
u , z, t u , z, t 0.          (3b) 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
In this study, an application of load on the soil surface is assumed to immediately generate uniformly 
distributed initial excess pore pressures. The initial pore pressures in the domain z ∈ 0, H  can be 
presented as below: 
 
u z, 0 u ;             (4a) 
 
u z, 0 u .             (4b) 
 
2.3 Eigenfunction expansions and Laplace transformation methods 
 
The eigenfunction expansion method can be applied to inhomogeneous differential problems involved 
with piecewise smooth functions (Haberman 2012). This method uses homogeneous forms for general 
solutions of u z, t  and u z, t , as follows: 
 

Figure 1. Referential profile of one-way drainage boundary system 
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u z, t 	 ∑ Z z . T t ;                      (5a) 
 
u z, t ∑ Z z . T t ;           (5b) 
 
where Z z  and Z z  are eigenfunctions with respect to the depth z; and T t  and T t  are 
generalised Fourier coefficients varying with time t.  
 
According to Haberman (2012), the eigenfunction expansion method is employed to solve the 
inhomogeneous PDEs (i.e. (1a) and (1b)) by expanding the general solutions in a series of the 
eigenfunctions of the related homogeneous problem. In this study, the eigenfunctions can be 
expressed in an ordinary Fourier sine function. Additionally, the eigenvalues corresponding to 
particular sine functions, denoted by λ, is found to be λ 2k 1 π/ 2H  (k	 	0, 1, 2…) for the 
one-way drainage system, indicating that the eigenfunctions are Z z sin 2k 1 πz/ 2H . Thus, 
 
u z, t 	 ∑ T t 	sin λ z ;                      (6a) 
 
u z, t ∑ T t 	sin λ z .                      (6b) 
 
The term-by-term differentiations with respect to time t in (6a) and (6b) will result in: 
 
u , z, t ∑ T , t 	sin λ z ;                   (7a) 
 
u , z, t ∑ T , t 	sin λ z .                   (7b) 
 
Combining (1a) and (1b) with (7a) and (7b) leads to: 
 
∑ T , t 	sin λ z c λ T t C T , t sin λ z c σ, t        (8a) 
 
∑ T , t 	sin λ z c λ T t C T , t sin λ z c σ, t                 (8b) 
 
By computing orthogonality of sine functions, (8a) and (8b) become: 
  
T , t c λ T t C T , t μ c σ, t                                   (9a) 
 
T , t c λ T t C T , t μ c σ, t                              (9b) 
 
where μ 2/ H λ .           (10) 
 
To solve the first order derivatives, (9a) and (9b) can be converted into Laplace transformed equations 
with a complex variable s. It is assumed that the coefficients of permeability and the volume change 
coefficients with respect to air and water phases are constant during the consolidation process, thus, 
 
sT s T 0 c λ 	T s C 	 sT s T 0 μ c sσ s σ 0                     (11a) 

 
sT s T 0 c λ 	T s C 	 sT s T 0 μ c sσ s σ 0                    (11b) 

 
where T s , T s , and σ s  are Laplace transformed functions with complex argument s; 

T 0
,

μ u ; and 

  T 0
,

μ u .        (12) 

 
On the other hand, the damped sine wave loading is described as a sinusoidal function with its 
amplitude approaching zero when time increases. Figure 2 presents a typical damped sine wave 
function. The general damped sine wave loading can be simulated as below: 
 
q t q Ce sin ϑt 1                       (13) 
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where C is the dimensionless parameter influencing the loading amplitude; c is the loading parameter 
controlling damping rate (s ); and ϑ is the angular frequency (rad. s ). Hence, 
 

sσ s σ 0             (14) 

 
Substituting (12) and (14) into (11a) and (11b) and then simultaneously solving for T s  and T s  will 
lead to: 
 

T s μ ;             (15a) 

 

T s μ .              (15b) 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Taking the Laplace inverse of (15a) and (15b) to find the generalised Fourier coefficients T t  and 
T t , and combining these results with (6a) and (6b) will yield in: 
 

u z, t ∑ μ 	sin λ z

	
                      (16a) 

 
u z, t

∑ μ sin λ z

	
                     (16b) 

 

where  η c c 4c c C C ; 
 ω c c u 2c C u ; ψ ηu ;  
 ω c c u 2c C u ; ψ ηu ; 

 α ;  α ;  

 β ;   β ; 

Υ ;  Υ ; 

ϱ ϑλ α α β λ 2cα α λ c ϑ α α β ;  
ϱ ϑλ α α β λ 2cα α λ c ϑ α α β ;  

Figure 2. Damped sine wave loading varying with time  
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ς c ϑ c α α β c ϑ λ c ϑ α α β α α c ϑ λ
cα α β λ ; and  

ς c ϑ c α α β c ϑ λ c ϑ α α β α α c ϑ λ
cα α β λ .                     (17) 

 
The dissipation of excess pore-air and pore-water pressures along vertical direction can be predicted 
based on (16a) and (16b). For fully saturated soils (S 1), under the constant loading (σ, 0), the 
coefficient of permeability and the initial pressure with respect to air phase (k  and u , respectively) 
become zero, resulting in the consolidation parameters C  and c  equal to zero. In addition, the 
coefficients of volume change of water m  and m  are equal to the conventional volume change m . 
As the result, (16) will be converted to the traditional Terzaghi’s consolidation equation. 
 
2.4 Consolidation settlement 
 
The settlement of the unsaturated soil stratum can be determined based on the constitutive relations 
that link the stress and deformation state variables as below: 
 

S t ε z, t dz m HCq e sin ϑt m m u z, t dz Hu m u z, t dz

Hu                                  (18) 

 
where ε  is the volumetric strain; m m m , is the coefficient of volume change of the soil 
element with respect to the change in the net stress σ u ; and m m m , is the coefficient of 
volume change of the soil element with respect to the change in the matric suction u u . 
 
3 WORKED EXAMPLE 
 
In this section, the changes in normalised pore pressures u /u  and u /u  as well as the 
normalised settlement (S∗ S t / m q H ) are investigated against the air to water permeability 
ratio k /k . The following properties and parameters are adopted and assumed to remain constant 
during the loading process:  
 
Loading parameters: c 5 10 s ; C 1;  ϑ 2π10 	rad. s .    (19) 
 
Material properties: n 0.50;  S 80%; k 10 ms ; 
   u 20kPa;  u 40kPa; q 100kPa; 
   u 100kPa;  H 10m;  

m 2.5 10 kPa ; m 0.4m ; 
m 0.2m ;  m 4m .                  (20) 

 
Physical properties: R 8.314J.mol K ; M 0.029kg.mol ; 

Θ θ° 273.16 K; θ° 20 .       (21) 
 
The application of an external load on the ground surface leads to an instantaneous undrained 
compression and induces excess pore pressures. Such induced pressures form the initial conditions 
for the compression process. According to Fredlund and Hasan (1979), under isotropic conditions, an 
initial loading q 100kPa will generate an initial excess pore-air pressure u 20kPa and an initial 
excess pore-water pressure u 40kPa, as shown in (20). The excess pore pressure dissipation and 
consolidation settlement induced by damped sine wave loading are investigated at the depth z H/2 
for the one-way drainage boundary system. As illustrated in Figure 2, the typical damped sine wave 
loading function consists of oscillations with peak to peak amplitude of about 2q  at the very 
beginning; then, the amplitude exponentially decreases with time and consequently, the external 
loading becomes constant q 100kPa. Correspondingly, excess pore-air and pore-water pressure 
dissipation patterns appear to vibrate due to the loading-unloading process at the early stages, and 
then stabilise and gradually dissipate after t 10 s (Figure 3). Figures 3a depicts a group of parallel 
curves of excess pore-air pressure for different values of k /k  during the later stages. It is noticed 
that higher values of k /k  result in a higher dissipation rate of excess pore-air pressure. On the other 
hand, Figures 3b shows the noticeable variations in excess pore-water pressure dissipation after 
t 10 s. The rate of water flowing out of the soil during this time is more rapid due to higher k /k . 
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The excess pore-water pressure patterns with different values of k /k  then converge into a single 
curve and fully dissipate at the same time. 

Figure 4 shows the normalised settlement of the unsaturated soil stratum due to the damped sine 
wave loading. The compression patterns initially show oscillations with decreasing amplitude. These 
oscillations indicate the soil deforms in a way that the air and water are squeezed out during loading 
and then are absorbed back in the soil during unloading process; hence, the soil volume continuously 
changes with time at the beginning. As the damped sine wave loading stabilises at q 100kPa (the 
amplitude approaches zero), the soil begins to settle gradually with a relatively slow rate, similar to 
that induced by the constant loading, as proposed by Ho et al. (2014a). The soil is eventually 
subjected to no further deformation after t 10 s. Sufficient details about the consolidation of the 
unsaturated soil layer under the application of damped sine wave load can be found in Ho et al. 
(2014b).  

 
On the other hand, the studies of cementation effects and elastic viscoplastic model for soft soils have 
recently been of major interest in geotechnical engineering. These areas have attracted a large 
number of current studies, conducted by Nguyen et al. (2014), Azari et al. (2014), and Le et al. (2015) 
to name a few. Having realised great potentials in such areas, further investigations on consolidation 
in unsaturated soils capturing the mentioned effects will be implemented so as to enhance the 
reliability for the prediction model.   
 
4 CONCLUSIONS 
 
This paper introduces the application of eigenfunction expansion and Laplace transformation 
techniques to determine excess pore pressures and 1-D settlement of the unsaturated soil layer 
subjected to the damped sine wave loading. In this study, the one-way drainage boundary condition 
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and the uniformly distributed initial pore pressures are adopted for the analytical development. The 
general solution consisting of the eigenfunctions is employed. Once the first order derivatives with 
respect to time are derived using orthogonality of sine function, exact solutions can be computed using 
Laplace transform and Laplace inverse methods. When the soil is in saturated state, the proposed 
final solution can be simplified and transformed into the classical Terzaghi’s consolidation equation. 
This shows that the proposed solution is applicable for different soil states. 
 
The changes in excess pore pressures and consolidation settlement under the damped sine wave 
loading have been investigated against the air to water permeability ratio. The excess pore-air and 
pore-water pressure and compression patterns initially oscillate due to the loading-unloading process 
but then tend to stabilise as the amplitude approaches zero. When the loading becomes stable, it is 
found that higher k /k  results in more rapid dissipation for the pore-air pressures. Meanwhile, the 
excess pore-water pressures may vary at first but soon converge into a curve and diminish at the 
same time. 
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ABSTRACT 
 
The earthquake sequence in Canterbury from September 2010 to December 2011 caused widespread 
land damage to Christchurch.  Changes in ground levels and watercourses as a result of the 
earthquakes affected the flood hazard in Christchurch.  The Earthquake Commission (EQC) is 
responsible for compensating homeowners for damage to residential land due to particular natural 
disasters.  
 
Tonkin & Taylor (T&T) has worked with EQC to identify properties affected by Increased Flood 
Vulnerability (IFV) and develop property qualification criteria using models developed for flood hazard 
management in the Styx, Avon, and Heathcote catchments by Christchurch City Council, T&T 
developed overland flow models and LiDAR ground level information. An assessment process was 
developed comprising both site and desk based information to verify the potentially affected properties 
that allows EQC to determine compensation to homeowners. 
 
This paper describes the comprehensive two year process of producing new flood modelling for all of 
Christchurch, and one year of development of the engineering methodology which has been 
undertaken in conjunction with a peer review panel of New Zealand and international experts. An 
outline of how the engineering assessment process that has been implemented is also described. 
 
Keywords: land, damage, vulnerability, flooding, assessment 
 
 
1 INTRODUCTION 
 
As a result of the earthquake sequence in Canterbury, the topography of the land has undergone 
significant changes. This has changed the flood vulnerability for a number of properties due to the 
onsite changes in ground levels (subsidence) and the offsite changes to rivers and floodplains 
affecting the predicted flood levels.  
 
The Earthquake Commission (EQC) with assistance from Tonkin & Taylor (T&T) are undertaking an 
assessment of Increased Flood Vulnerability (IFV) to fulfil EQC’s obligations under the Earthquake 
Commission Act 1993 (the Act). IFV is a physical change to residential land as a result of an 
earthquake which adversely affects the uses and amenities that would otherwise be associated with 
the land by increasing the vulnerability of that land to flooding events (EQC 2014).  
 
The objective of T&T’s IFV engineering assessment is to identify properties with potential IFV land 
damage by providing an assessment of the increase in flood vulnerability due to physical change on 
the residential land.  Once the engineering process is complete, properties that have been identified 
as potentially having IFV are referred to EQC for EQC valuers to determine whether the increased 
vulnerability identified has resulting in any decrease in amenity and value to the property.  This paper 
is limited to describing the engineering assessment within the broader EQC process. 
 
IFV is considered for main floodplains of rivers, streams and main channels, and for overland flow 
paths.  Overland flow paths are formed by the runoff of stormwater that exceeds the capacity of the 
primary (pipe) stormwater systems.   
 
2 FLOODING IN CHRISTCHURCH 
 
Christchurch is located on the eastern edge of an advancing (aggrading) gravel outwash plain at the 
southern end of Pegasus Bay. The central city is underlain by low lying Holocene age coastal margins 
and abandoned overbank flood channels of the Waimakariri River.   
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The greater Christchurch area has a history of flooding because of its proximity to both rivers and the 
coast. There are three major rivers in Christchurch: the Avon; Heathcote; and Styx. The majority of 
flooding occurs in areas adjacent to these rivers and their tributaries. The three catchment areas are 
shown in Figure 1.  Further to the north of Christchurch City is an area including the Kaiapoi River 
catchment that is bounded by the Waimakariri and Ashley Rivers. 
 

 
Figure 1. River Catchments in Christchurch City.  The Waimakariri River is shown at the top of the 
figure 
 
The mechanisms that cause flooding in Christchurch are pluvial, fluvial and tidal flooding, refer to 
Figure 2. These mechanisms are all considered when assessing properties for IFV damage. 
 

 

Figure 2. Types of flooding that is considered for increased flood vulnerability: 
1. Tidal flooding (top); 2. Pluvial flooding (middle); and 3. Fluvial Flooding (bottom) 

Flooding in Christchurch was a problem prior to the Canterbury Earthquake Sequence, refer to Figure 
3, which shows flooding in the Flockton area to the north of the CBD in the 1970’s. Since the 
earthquakes this area has received much local attention due to frequent flooding, the worst of which 
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occurred in March and April 2014.  It is important to recognise however that flooding is an area 
widespread issue in Christchurch given its generally flat and low lying land (developed on the 
Waimakariri River floodplain). 

 

Figure 3. Photo of flooding in Aylesford Street (Flockton area) in 1975 (Christchurch Drainage Board 
1989) 

2.1 How Flooding has changed as a result of the Canterbury Earthquake Sequence  

The changes in ground levels due to the earthquake sequence in Canterbury have changed flooding 
in Christchurch.  Although, flooding for the 1% AEP event was predicted to be widespread prior to the 
Canterbury Earthquake Sequence, the depth and extent has been increased in some areas by the 
earthquakes.     
 
In upper catchments the flood depths are less influenced by land settlement as the flood level also 
decreases.  In these locations there can be little or even no increase in flood depth on a property as a 
result of land subsidence.   
 
What this means at a property level is that some individual residential properties that previously were 
only exposed to infrequent flooding now have the potential to flood more regularly, whereas properties 
which had some existing flood vulnerability may have an increased area with potential to flood, or an 
increased flood depth due to this subsidence.   
 
Where the increase in flood vulnerability is due to on-site changes in ground levels this is covered by 
IFV.  An increase in flood vulnerability due to off-site changes to streams/rivers and floodplains 
affecting the predicted flood levels is not covered by IFV (T&T 2014b).  

 
2.2 Changes in ground level caused by the Canterbury Earthquake Sequence 
 
2.2.1 Observation, measurement and assessment of changes to ground elevation 
 
T&T on behalf of EQC undertook an extensive programme of geotechnical observation, measurement 
and assessment to evaluate damage to insured residential land. Mapping of observed liquefaction and 
lateral spreading affecting residential properties was carried out immediately after the September 
2010, February 2011, and June 2011 earthquakes to assess the extent and severity of the surface 
effects of liquefaction.  This work is summarised in Land Damage Index maps, which are further 
documented in T&T (2014a).   
 
Additionally, a detailed land damage inspection program was undertaken at 65,000 insured residential 
properties for insurance claim damage assessment purposes which rates properties from 1 through 6 
with 1 indicating no damage observed, 2-4 indicating liquefaction ejecta observed and 5-6 indicating 
lateral spreading observed. 
 
EQC also undertook or obtained post-earthquake LiDAR ground elevation surveys and aerial 
photography, a comprehensive geotechnical site investigation programme and flood modelling. This 
work provides a high-quality dataset to assess how changes to the land have changed the 
vulnerability to flooding in Canterbury.  
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2.2.2 Total change in ground elevation 
 
By comparing the ground elevation measured in the LiDAR surveys undertaken before the Canterbury 
Earthquake Sequence to the surveys undertaken after each of the main earthquakes, the difference 
between the ground level surveys can be calculated. Figure 4 presents this map of “LiDAR difference” 
from before the September 2010 earthquake to after the June or December 2011 earthquakes (survey 
coverage depends on location across the region). This shows ground subsidence of more than 0.5 m 
in some areas around waterways (mostly red zone areas). 
 
Not all changes in ground elevation shown in the LiDAR survey difference maps are due to the 
earthquakes. For example, many of the areas of blue shading in Figure 4 are locations where fill has 
been placed at some stage between the initial surveys in 2003 to 2008 and the final surveys in 2011 to 
2012.  
 
In addition, some of the difference between the LiDAR surveys is due to the limits of accuracy of the 
measurement, rather than an actual change in ground elevation. For example, in the western part of 
Figure 4 a series of “error bands” can be seen as yellow bands running in a south-west to north-east 
direction (as indicated by black arrows), which correspond to the flight paths of the survey aircraft and 
the different error magnitudes for each “strip” of the survey.  Some of the error bands are indicated by 
the arrows in Figure 4. The overall vertical accuracy of the pre earthquake data is approximately +/- 
0.2 m, and post earthquake data is approximately +/- 0.1 m.  Whilst the LiDAR surveys contain some 
inaccuracies, the surveys met the specified data supply requirements. 

Figure 4. Map showing elevation difference between initial LiDAR surveys undertaken in 2003 to 2008 
and final surveys in 2011 to 2012 

3 ENGINEERING METHODOLOGY 
 
The process for making the engineering assessment as to whether a property has potential IFV is 
described in the following text.  A summary of the process for the engineering assessment and how 
the criteria and thresholds help define IFV is shown in Figure 5. 
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Figure 5. Process for engineering assessment of potential IFV properties 
 
 
3.1 Thresholds and Criteria 
 
The development of the methodology for the assessment of IFV considered the inaccuracies 
associated with the LiDAR data at length.  Through the use of statistical analyses, pilot studies of 
property assessments, sensitivity analyses and extensive peer review, thresholds were developed to 
distinguish error from real damage to the land.  The chosen thresholds are shown in Figure 5. 
 
Whilst the use of LiDAR datasets for analysis is routine, the assessment of liquefaction induced land 
damage caused by earthquakes for an entire city is unprecedented.  The quantification of land 
damage as extensive as occurred in Christchurch required the collection and analysis of not just 
LiDAR, but also analysis of tectonic movements using satellite imagery, land based surveys, property 
visits, land damage mapping and both 1D and 2D flood modelling,  
 
The following terms are used to describe the main inputs and outputs of various stages of this 
process: 

 The flood depth is the maximum flood depth for the 1% annual exceedance probability (AEP) 
rainfall event. The change in flood depth is determined overall across the earthquake sequence 
and for each of the four major earthquakes. 

 The exacerbated flood depth is defined as the increase in flood depth due to onsite land 
subsidence. The increase in flood depth due to onsite land subsidence is the portion of the 
increase in flood depth that is caused directly by the ground surface subsiding.  In some cases, 
the increase in flood depth is greater than the ground surface subsidence, due to off-site issues 
causing the flood level to rise.  In this case, the exacerbated flood depth is the depth of ground 
surface subsidence.  In other cases, the increase in flood depth is less than the ground surface 
subsidence, due to the flood level dropping.  In this case, the exacerbated flood depth is limited 
to the increase in flood depth.  Thus, in all cases, the exacerbated flood depth is the minimum of 
the increase in flood depth, or the depth of ground surface subsidence.  

 Site specific assessment is a critical part of the engineering assessment for IFV to check that 
the flood mapping used to determine the IFV is providing sensible outcomes. The onsite 
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assessment includes checking that no barriers exist which may block flow, or that there are any 
other reasons why the flood mapping may not reflect reality.  

 Final review involves a senior engineer considering whether there are properties that have 
been unfairly included or excluded by the application of automated thresholds.  This will involve 
considering the extent of the post-earthquake flood maps, LiDAR, land damage maps and any 
other relevant information to consider whether there is evidence that any properties have not 
met the thresholds as a result of site specific LiDAR error.   

 Potential IFV properties are those with exacerbated flooding in areas with observed land 
damage which are identified as potentially having IFV following the engineering review step 
(see Figure 5).  

After the engineering assessment of properties is complete, the properties with potential IFV are 
passed to the EQC valuers who undertake their own valuation assessment in order to confirm that a 
property should be recognised as damaged due to IFV.  At this stage approximately 14,000 green and 
red zone residential properties have been identified as potentially having IFV.  All of the green zone 
potential IFV properties (approximately 9,100) will have a site specific assessment including a site 
visit. 
 
3.2 Exceptions to thresholds 
 
The thresholds described above have been developed to provide robust assessments for the 
significant majority of properties in the Canterbury region.  However, in the course of developing those 
thresholds, and in particular in engaging with the peer review of this methodology, a limited number of 
instances have been identified for which an exception should be made to the thresholds. 
These exceptions relate to instances where the thresholds if applied to properties may potentially 
exclude legitimate IFV damage.  The exceptions are as follows: 

 Properties with a 0.2 m exacerbated flood depth over the sequence, but without a 0.1 m 
exacerbated flood depth in one event; 

 Properties in specified areas of tectonic uplift but have differential subsidence that have 
increased their flood vulnerability; and  

 Properties without visible land damage recorded on the Land Damage Index but with patterns of 
exacerbated flooding that indicates (passing Threshold 1 and 2) that subsidence has occurred 
even though land damage wasn’t recorded. 

 Properties that have exacerbated flood depth for flood events more frequent than 1% AEP. 

Properties that fall within the exceptions are subject of a manual review process. This review process 
involves identification of properties that are exceptions, which will then undergo site specific 
assessments and final engineering review with other potential IFV properties.  
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Figure 6. Location of potential IFV properties 
 
4 ENGINEERING ASSESSMENTS 
 
The engineering assessment are undertaken in two stages with site specific assessments followed by 
final engineering review (Refer Figure 5).  Engineering assessments involve reviewing exacerbated 
flood maps for each IFV property in conjunction with other useful data to determine whether the 
property passes the engineering thresholds for IFV. The assessment comprises desktop and site 
assessments with the process managed using a database. Engineers that have been briefed and 
trained to understand the IFV process and interpret the data and mapping undertake site specific 
assessments. 
 
Site Specific Assessment  
 
The purpose of the desk assessment is to assess and record the exacerbated extent of flooding for 
each potential IFV property using the individual property maps; to assess the area of insured land; 
assess whether a property qualifies for IFV based on the concurrence of exacerbated flooding and 
insured land.   
 
The assessment uses property specific and area wide flood depth and exacerbated flood depth maps, 
area wide land damage mapping, LiDAR elevation, mud maps and vertical ground movement mapping 
to ensure all relevant information is considered in the assessment. 
 
Site visit 
 
The purpose of visiting the site is to complete a visual check of each potential IFV property to identify 
features that are not visible from aerial photography that may affect the accuracy of the flood mapping, 
or are required as part of the overall assessment.  
 
Information recorded based on a visual inspection at the property includes; approximate kerb height 
outside property; approximate verge/pavement height from edge of kerb to edge of property; 
approximate elevation change from edge of property to dwelling if significant; and approximate 
dwelling floor height above ground level. 
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In addition, features which may affect the accuracy of the mapping are also noted. This may include 
but is not limited to moderate or steeply sloping ground, retaining walls, ponds and swimming pools; 
and heavy vegetation cover. 
 
Information collected on site, is recorded into a system loaded onto iPads which automatically uploads 
to the tracker system on return to the office. 

 
Check and review 
 
Once a property assessment is completed a check is undertaken looking at whether affected areas 
are correctly measured (flood depth and exacerbated flood depth), area of land within EQC cover has 
been correctly measured and whether the overall decision looks correct as a matter of engineering 
judgement. 
Once the check is completed, the assessment is ready for review. The review is intended to consider 
whether the overall decision is correct and whether the extent of the exacerbated flooding has been 
captured in the assessment. This review is undertaken using the completed assessment form, 
property specific flood maps and area wide information.  
 
4.1 Final Engineering Review 
 
The final engineering review considers properties in either a suburb or a cluster of IFV properties.  The 
review considers whether there are additional properties that should be included.  The purpose of this 
review is to consider area wide patterns i.e. to consider in more detail properties may have been 
excluded through the automated process and exceptions process, but all of the surrounding properties 
have qualified.  This may indicate that the modelling is giving erroneous results locally.  The final 
engineering review also considers properties that have exacerbated flood depths of between 0.1 and 
0.2 m and properties that have exacerbated flood depths for events more frequent that the 1% Annual 
Exceedance Probability (AEP). 
 
5 CONCLUSIONS 
 
The IFV programme is an unprecedented project in terms of the flood modelling assessment 
methodology, which has been undertaken by T&T in conjunction with a peer review panel of New 
Zealand and international experts. The process has been subject to intense scrutiny, which considers 
the inherent uncertainty with some of the data available, and provides the basis for settlement.  The 
identification and implementation of IFV policy by EQC will enable property owners that have suffered 
and may suffer from the effects of flooding due to the earthquakes in the future to be compensated for 
this newly defined form of land damage.   Approximately 14,000 green and red zone residential 
properties have been identified as potentially having IFV.  All of the green zone potential IFV 
properties (approximately 9,100) will have a site specific assessment to confirm their status. 
 
Data collected and new flood models produced by T&T on behalf of EQC during this process will 
enable Christchurch to better plan for the recovery.  This information is being shared with other 
agencies in Christchurch such that the data can be understood by relevant stakeholders for the benefit 
of Christchurch. 
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ABSTRACT 
 
The Port of Townsville’s successive maintenance and capital dredging campaigns for the last two 
decades have resulted in the deposition of over two million cubic metres of soft dredged material into 
the port’s eastern reclamation area. The dredged mud slurry is hydraulically placed into containment 
ponds and left to settle and self-weight consolidate, thereby forming 50 hectares of reclaimed land. In 
addition to challenges of low bearing capacity and high compressibility, land reclaimed with 
compressible dredged material would take decades to complete the consolidation process by natural 
means. Ground improvement techniques are usually applied to enhance strength and compressibility 
characteristics, to expedite the lengthy consolidation duration, and allow early land utilization. To 
ascertain geotechnical properties of the dredged fill material and subsurface soil of its eastern 
reclamation area, the Port of Townsville in collaboration with its geotechnical consultants, has 
conducted a series of field investigations and laboratory testing. Using soil parameters obtained from 
geotechnical investigations, the Port of Townsville has carried out ground settlement analysis on its 
eastern reclamation area under a range of applied loadings to evaluate the anticipated ground 
settlement. The estimated settlement values were utilized to refine the established consolidation lead 
times guidelines, ground improvement methods selection, and to appreciate likely performance of the 
treated ground. This paper discusses the Port of Townsville’s eastern reclamation area site 
description, geology, geotechnical investigations, site categorization, assumptions made to allow a 
rational ground settlement analysis, settlement assessment method used, obtained results and 
observations.  
 
Keywords: compressibility, consolidation, dredged material, land reclamation, sedimentation, 
settlement  
 
1 INTRODUCTION 
 

Since early 1940’s, the Port of Townsville has reclaimed over 200 hectares of land using material 
derived from its maintenance and capital dredging campaigns (Port of Townsville 2011). The soft 
dredged mud slurry is hydraulically placed into containment ponds and left to undergo sedimentation 
and self-weight consolidation to form a land fill material. 

The most eastern part of the port reclaimed land is known as eastern reclamation area. It is located 
between the existing port infrastructure and the sea channel section of Ross River. It has a trapezoidal 
shape measuring about 500 to 1000 m long (north to south) by 600 to 700 m wide (east to west). The 
eastern reclamation area is the port’s principal location for land based dredged material disposal. The 
reclaimed land is created to accommodate future port infrastructure such as warehouses, office 
blocks, workshops, roads, railway, hardstands, sewage and drainage (Port of Townsville 2013). Land 
reclaimed with soft dredged material has challenges of low bearing capacity and high compressibility 
that need to be addressed prior to land utilization. To ascertain properties of the reclaimed land fill 
material, and the subsurface, the Port of Townsville in collaboration with its geotechnical consultants 
has conducted series of field investigations and laboratory testings on its eastern reclamation area. 
 
Data gathered from these geotechnical investigations has been analysed to identify values of soil 
parameters required for the reclaimed land settlement calculations and consolidation modelling. Using 
the obtained soil parameters, the port has carried out settlement analysis under a range of applied 
loading conditions. The estimated settlement values were used to refine the established consolidation 
lead time guidelines, ground improvement selection criteria and predication of likely performance of 
the treated ground.  
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Figure 1. Port of Townsville location plan  
 

2 SITE DESCRIPTION  
 
The Port of Townsville eastern reclamation area is a 50 hectare land that cut off from ocean by a 
perimeter rock wall (eastern breakwater) with internal partition bunds to enable hydraulic placement of 
the dredged material. The eastern reclaimed area comprises several containment ponds which have 
been progressively filled with fine grained maintenance dredging materials from the port’s navigation 
channels, swing basin and berth pockets. The dredge material pipeline is located in the southern 
ponds with decants and sedimentation progressing from south to north. The material flow within the 
containment ponds is controlled by box weirs.  
 
Before construction of the perimeter rock revetment, the top soft sediments on the sea floor were 
dredged to minimize potential settlement due loading induced from rock wall and the dredged fill 
material (Port of Townsville 2013). The construction of perimeter rock wall was started in 1982 and 
was completed in 1992. The placement of dredged material commenced early 1993 and it is 
progressing up to date. The reclamation works are complete for some parts of the eastern reclaim 
area to reduced level of + 5.2 to +5.6 m, while reclamation operations are still progressing on other 
parts. 
 

 
 
Figure 2. Aerial photo of Port of Townville eastern reclamation area - 2014 (view to the north) 
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3 SITE GEOLOGY 
 
The geology of Townsville region comprises Quaternary aged alluvium and colluvium sediments 
underlain by Late-Palaeozoic age granite (Golder Associates 2008A). The Port of Townsville’s eastern 
reclamation area is not included on the Queensland Department of Mines’ Townsville 1:100,000 
Geological Series Sheet, as the site was submerged at the time of the sheet preparation. Review of 
the Townsville geological map indicates that the terrain to the south of the eastern reclamation area is 
to be underlain by Quaternary age estuarine deposits comprising mud, clay, silt and sand, then 
Permian age granite at depth (Queensland Department of Mines 1986). 
 
4 GEOTECHNICAL INVESTIGATIONS 
 
The geotechnical investigations undertaken on the eastern reclamation area showed that subsurface 
conditions encountered comprise dredged material filling of low to high plasticity clays/silts, sandy 
clays, silty sands and sand to approximately top 1 to 5.6 m, underlain by about 1 to 2 m layer of recent 
seabed sediments of alluvial deposits that generally contain mixture of (very soft to soft clays/silts) and 
very loose to medium dense sand with shell fragments and organic material (Douglas Partners 2009). 
The layer below the sea bed have been found to be consolidated older stiff to hard clays, silty clays 
and sandy clays and medium dense to very dense clayey sands and sands to depth of 14.96 to 
16.52m , the consolidated older layer is underlain by deeper residual soils and rock (granite/basalt) . 

 
5 SITE CATERGORIZATION 
 
In order to allow a rational ground movement analysis and ground treatment response, the site is 
divided into eight areas that are considered likely to have similar settlement performance based on the 
available geotechnical information. The site reclamation history of each area (pond) was established 
using dredge logs, reclamation progress reports, aerial photos, and geotechnical reports. The 
functional requirement of the eastern reclamation area is for industrial use; the Port of Townsville is 
preparing the reclaimed land to light industrial standards, leaving the site preparation for any heavier 
load conditions to potential site lessees (Port of Townsville 2008). 
 
 

 
Figure 3. Settlement analysis areas - site plan 
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Table 1:  Characteristics of the eight site categories (Port of Townsville 2008) 
Area ID Area Description Surface Reduced Level (m) 

1 Former dredge spoil treatment area 3.9 
2 Drainage channels and stockpiled material 5.4 
3 Stockpiled and dredged material 4.7 
4 Dredged material deposited 2005 4.6 
5 Treated spoil containment area 5.7 

6A 2005/2007 deposited dredged material 4.2 
6B 2007/2008 deposited dredged material 3.9 
6C 2007/2008 deposited dredged material 1.0 

 
 

6 SETTLEMENT ANALYSIS METHOD 
 

The settlement performance of each of the eight areas, the underlying seabed and the natural stiff clay 
was calculated using soil parameters obtained from the geotechnical investigations. Statistical 
assessment has been undertaken on the actual geotechnical data collected for each relevant soil 
parameter to provide the most likely values. Empirical correlations were used to allow calculation of 
the soil parameters that have not been directly tested. In order to account for potential of variations in 
settlement performance within a selected area due to variability in the dredged material, geotechnical 
data considered to give largest settlement estimate is chosen for settlement calculation. Some 
adjustments on soil engineering properties were made to account for differences expected between 
laboratory measured and in-situ soil properties. 
 
Table 2:  Soft soil parameters used for settlement analysis (Golder Associates 2008B) 

Material Type C / 1 e  
 

C (m /year) C∝ % per	log	cycle  

Soft clayey dredged fill 0.25 4 1% 
Natural soft/firm clay 0.25 7 1% 
Medium dense sands 0.01 50 0% 

 
Terzaghi one-dimensional consolidation theory was used to assess the expected primary and 
secondary consolidation settlement (Terzaghi 1943). Series of one-dimensional consolidation tests 
under vertical double drainage to both top and bottom of reconstituted dredged mud specimens and 
undisturbed samples of deeper in-situ layers were conducted to determine the coefficient of vertical 
consolidation (C . For the horizontal (radial) drainage condition, it is assumed that the marine 
sediment layers will exhibit relatively isotropic deformation behavior (Lee et al 1999).  
 
Total settlement (S  of soils both in the short-term and over a nominal period of 25 years is calculated 
as the sum of: immediate settlement ( S ), primary consolidation settlement (S ), and secondary 
consolidation settlement (S ).  
 
S =S +S +S                                                                        (1) 
 
When foundations are constructed on very compressible clays, the consolidation settlement can be 
several times greater than the immediate (elastic) settlement (Das and Sobhan 2013). The immediate 
settlement of cohesive soils is relatively small part of the total vertical movement, as such; a detailed 
immediate settlement study is seldom justified unless the structures are very sensitive to distortion 
(Patrick 2003). As the functional requirement of the Port of Townsville’s eastern reclamation area is to 
be used for port related infrastructure that tolerate some deformation, the immediate settlement 
component is assumed to be negligible.  
 
S ≈ 0                                                                            (2) 
 
Thus, the total settlement comprises the primary and secondary consolidation settlements 
 
S 	= S +S                                                                         (3) 
 

S 	 	H	log
′ ∆ ′

′                                                        (4) 
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S 	
∝ 	H	log                                                             (5) 

 

∝=
∆

∆
                                                                             (6) 

 

T                                                                               (7) 

 
Degree of over consolidation of various layers of soil within each area was estimated as function of 
cone resistance values that obtained from the relevant cone penetration test (CPT) for each area 
using methods outlined by (Lunne et. al 1997).  
 
The loading sequence is assumed to be initial filling with dredged to reduced level + 5.5m of an 
average bulk density of 20KN/m3, allowed to complete preliminary consolidation, followed by 
additional loading of 20kPa ,50kPa or 70kPa that is expected to be imposed by future development. 
The secondary consolidation is assumed to commence after primary consolidation is 90% complete.  
 
7 RESULTS 
 
The Port of Townsville’s eastern reclamation area settlement estimates for dredged material filling to 
surface level of RL 5.5 m, allowing primary consolidation to complete, then followed by application of 
development project loads of 20kPa or 50kPa are presented in tables 3, 4 and 5 respectively. 
 
Table 3: Settlement estimates (mm) for dredged material filling to RL 5.5m  

Property 
Area 1 Area 2 Area 3 Area 4 Area 

5 
Area 
6A 

Area 
6B 

Area 
6C 

S 	 120-160 10-20 110-130 10-30 0* 80-130 120-140 260-300 
	T (month) 3-6 <1 3 3-4 0 3-4 3-4 3-4 
S 	(25 yrs.) 40-60 40-60 140-160 50-70 0 50-70 50-70 50-70 
S 	 	25 yrs.) 160-220 50-80 250-290 60-100 0 130-200 170-210 310-370 

* Area 5 is at RL 5.7m, comprises stiff partially treated material, therefore settlements	due to  
dredged material filling are negligible.  
 
Table 4:  Settlement estimates (mm) for 20kPa loading after filling to RL 5.5m  

Property 
Area 1 Area 2 Area 3 Area 4 Area 5 Area 

6A 
Area 
6B 

Area 
6C 

S 	 60-80 50-70 120-150 50-70 80-120 50-70 50-70 50-70 
	T  (months) 3 7 <3 3-4 <3 3-4 3-4 3-4 
S 	(25 yrs.) 50-70 60-70 120-140 40-60 100-140 40-60 40-60 40-60 
S 	 25 yrs.) 110-150 110-140 240-290 90-130 180-260 90-130 90-130 90-130 

 
Table 5:  Settlement estimates (mm) for 50kPa loading after filling to RL 5.5m  

Property 
Area 1 Area 2 Area 3 Area 4 Area 5 Area 

6A 
Area 
6B 

Area 
6C 

S 	 150-180 150-180 280-320 120-160 210-230 120-160 120-160 100-130 

T (month) 3 7 <3 3-4 <3 3-4 3-4 3-4 
S (25 yrs.) 50-70 60-80 120-160 40-60 130-150 50-70 50-70 50-70 
S (25 yrs.) 200-250 210-260 400-480 160-220 340-380 170-230 170-230 150-200 

 
 
 70kPa loading analyses indicated that the reclamation area does not have sufficient bearing capacity 
to adequately support the proposed load without allowing the soft ground undergo consolidation under 
a lower load first or undertaking some form of ground improvement.  
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8 CONCLUSIONS 
 
The geotechnical investigations results and the reclamation history of the Port of Townsville’s eastern 
reclamation area enabled the site to be categorised into areas that considered likely to have a similar 
settlement performance. The site history of each area (pond) was established by analysing dredge 
logs, reclamation progress reports, and aerial photos. Information gathered from the field 
investigations and laboratory testings conducted on the eastern reclamation area has informed the 
most likely values of soil parameters of the reclaimed land fill and the subsurface materials that 
required for ground settlement analysis. The following conclusions can be drawn from the Port of 
Townsville’s eastern reclamation area settlement analysis study: 
A- The consolidation rates were observed to be relatively fast which can be attributed to the silt and 

sand component in the compressible soil layers facilitate the pore water dissipation process. 
B- The estimated settlement magnitudes were found to be manageable by surcharging and deep soil 

mixing ground improvement techniques at reasonable cost. 
C- The treated ground can adequately support the loading to be imposed by the future port 

infrastructure that is anticipated to be constructed on the eastern reclamation area. 
D- For the low bearing capacity mitigation, staged loading by allowing the soft ground to undergo 

consolidation under lighter load first, prior to application of heavier loads is found to be  practical. 
The eastern reclamation area settlement analysis outcome has assisted the Port of Townsville to 
refine its established consolidation lead times guidelines, ground improvement methods selection and 
to appreciate the likely performance of the treated ground. The port has successfully stabilised its 
reclaimed land by applying ground improvement techniques ranging from surcharging, lime 
stabilisation, to lime column and stone column replacement/ dynamic compaction in the past. Guided 
by structures sensitivity to ground deformation and the performance of the improved ground, the Port 
of Townsville had constructed different structures on shallow and deep foundations.  
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APPENDIX: NOTIFICATIONS 
  
	S  Immediate Settlement 
	S 	 Total Settlement 
	S  Primary Consolidation Settlement  
	S  Secondary Consolidation Settlement 

 Initial Void Ratio 
 Void Ratio at the End of Primary Consolidation 

C  Coefficient of Vertical Consolidation 
C  Compression Index 
C∝ Secondary Compression Index 
H	 Thickness of Soil Layer  
′  Initial Effective Stress 
,	  Time 

T  Time Factor 
	T  Time Factor for 90% of Primary Consolidation Complete 
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ABSTRACT 
 
Model development for the prediction of the axial load carrying capacity of piles, at least at the model 
verification stage, relies on the measured data at full scale. Artificial intelligence and machine learning 
approaches use data in the whole process of model development and verification, making it necessary 
to incorporate reliable and diverse data. This study aims to develop a more accurate model for 
predicting pile capacity based on cone penetration test and full scale static pile load test data, 
employing a support vector machine (SVM) technique. Furthermore, it draws on the concept of 
support vectors to make suggestions for compiling additional data that are more representative of the 
problem, leading to enhancing the accuracy of the future models. In fact, in models developed using 
the SVM technique, those samples within a dataset for which a model shows the greatest 
uncertainties are detected as support vectors and are the only data that contribute to model 
development. In previous studies an examination of the distribution of input parameter values and the 
concentration of support vectors in input intervals were considered as guidelines for collecting further 
data. Geotechnical problems, however, are more complicated in that the importance of each input in 
model development and also the interaction of those parameters should be taken into account. 
Therefore, this study employs a sensitivity analysis of the model input parameters and other statistical 
analyses to improve the existing support-vector based approaches to data collection. 
 
Keywords: pile, load-carrying capacity, support vector machine, improving data collection 
 
 
1 INTRODUCTION 
 
The model development process for the purpose of quantifying the behaviour of geotechnical 
problems always involves model verification and inspecting the generalisation ability of the proposed 
model. In fact, each model should be assessed to determine whether its outcomes are consistent with 
the intended behaviour and how accurate the responses are. Therefore, a set of relevant data should 
be available for the verification stage. The data set should be of high quality in terms of measurement 
accuracy and diversity to ensure that it is a representative of the general phenomenon. Moreover, the 
number of input parameters (input variables) should match the greatest number of factors that 
contributes to the problem. The utilised dataset is of greater importance when the data are used to 
develop models with artificial intelligence and machine learning techniques, like artificial neural 
networks (ANNs) and support vector machine (SVM) algorithms as these methods draw on the data to 
discover the underlying relationship between the contributory variables to the problem and the output. 
The application of artificial intelligence and machine learning approaches has largely been received 
favourably by geotechnical engineering researchers as they have been successfully employed in 
modelling geotechnical problems and phenomena with a considerable generalisation ability. SVM is a 
relatively new machine learning method that has demonstrated very encouraging results. The 
prediction of settlement and capacity of foundations (Samui 2008a; Pal and Deswal 2010; Samui 
2011; Kordjazi et al. 2014), liquefaction assessment (Oommen et al. 2010), and slope stability analysis 
(Samui 2008b) are but a few examples of studies regarding the application of SVM in geotechnical 
engineering. Interestingly enough, in addition to being a powerful modeling technique, SVM can be 
used to provide the user with advice regarding the values of the variables in the dataset that the 
training set (i.e. the dataset that is used for developing a model) lacks and which, by adding more 
these samples to the training set, might improve model performance (Oommen and Baise, 2010). 
Oommen and Baise's approach relies on the concept of the support vectors, which are a portion of the 
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training data that contributes to the final model. After a statistical analysis of the support vectors, the 
intervals that further data would be required can be determined. This study aims to take advantage of 
the SVM algorithms to develop a more reliable model for the prediction of the load-carrying capacity of 
axially loaded piles. To minimise the prediction error in the model, this study incorporates as many 
contributory variables to the pile capacity problem as possible, including pile geometry, pile tip 
condition, pile material, and the method of installation, along with soil properties in the form of CPT 
results. This paper also examines the application of the Oommen and Baise (2010) approach to 
determine those areas of uncertainty in the dataset that, by feeding the training set with more 
samples, would enhance model performance. Since there are a considerable number of input 
variables in the model and also these input variables are intricately related to each other to define pile 
behaviour under loading, applying the data collection approach might lead to a wide range of data that 
are required to improve the model, so this approach might need adjusting to fit this problem. 
Therefore, a sensitivity analysis has been conducted to refine this approach and give priority to each 
variable in the data selection process. 
 
 
2 SUPPORT VECTOR MACHINE 
 
In order to provide background to the data collection process, this section briefly introduces SVM 
algorithms and the nature of support vectors. For more detailed information readers are referred to the 
existing literature, such as Dibike et al. (2001). 
The solution to a regression problem within the SVM, applied to a dataset (x1, y1), …, (xl, yl), x ϵ Rm, y 
ϵ R is a linear function f(x) as given below: 
 
f(x)=w.x+b            (1) 
 
where, l is the number of samples; x is the input vector; y is the output value; w is the weight vector; b 
is the bias and w.x shows the inner product of the two vectors, w and x. It has been shown in the SVM 
literature that the following optimisation problem can be developed by incorporating aloss function with 
an ε-insensitive zone (Figure 1) (Dibike et al. 2001): 

         l l l l
* * * * *

ii i i i i i j j i j
i i ji

L α ,α ε α α y α α α α α α x .x
1 1 11

1
2

  

              (2) 

where, α and α* are Lagrange multipliers and L(α, α*) indicates the Lagrange function. The function 
above must be maximised subject to the following constraints: 
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to determine the coefficients α and α*. The regression function within the SVM is then calculated using: 
 

   *
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          (4) 

          *
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f x α α x .x w . x x0

1
2

       (5) 

 
where, w0is the optimum weight vector; xr and xs are the support vectors. Samples which have a non-
zero Lagrange multiplier are known as support vectors (Dibike et al. 2001) and these samples 
contribute to the final formulation of the model. Therefore, only a portion of the training samples are 
used in the model development. These samples have prediction errors larger than ±ε and fall outside 
the 2ε-width band, as shown in Figure 1. This concept will later be used to offer recommendations on 
data collection for future studies. The SVM algorithm can also be expanded to non-linear regression 
by the use of Kernel functions (Smola and Schölkopf 1998; Dibike et al. 2001). 
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Figure 1.ε-insensitive loss function (those samples outside the grey band are support vectors) 
(Smola and Schölkopf 1998) 

 
3 MODEL DEVELOPMENT 
 
This study employs a set of 108 samples of actual, full-scale field measurements, containing pile 
properties, results of cone penetration tests(CPTs) along the length of each pile (and below their tip), 
and finally the ultimate bearing capacity of each pile measured from full-scale static pile load tests for 
each case. All piles were subjected to compression static load tests and the ultimate capacity was 
calculated based on the results of these load tests. The pile fails when rapid pile movement occurs 
with respect to a constant value of applied load or small increase in it, and the load corresponding to 
the failure load is considered the ultimate capacity (Fellenius 2001). In cases where this failure point 
was not easily recognizable on the load-settlement curve, the 80% criterion has been used (Hansen 
1963). The database includes a wide range of pile and soil types: the pile materials – steel, concrete 
and composite; pile shape – square, round, octagonal, triangle, pipe and H section; pile tip condition – 
closed and open; and the type of installation – driven and bored. The soil types include sands, clays 
and silts, in individual and multiple layers, with the soil properties of each varying spatially and 
naturally as measured by the CPTs. This dataset has mainly been compiled from the published 
literature and for further information on the data, readers are referred to Kordjazi et al. (2014), in which 
a complete list of the references for all the samples is available. 
 
3.1 Data preparation 
 
Data preparation refers firstly to defining the input variables and the corresponding output for the 
model. In this work, the results of CPTs are considered as quantifying the soil properties. The CPT 
results consist of cone tip resistance (qc) and sleeve friction (fs) along the pile’s embedded length. In 
order to account more accurately for the variability of soil properties along the pile length, the 
embedded length of the pile is sub-divided into three segments of equal thickness and the average of 
qcand fs are calculated along each segment. Therefore, the input variables used in the development of 
the SVM models are the: (1) type of static pile load test (maintained or constant rate of penetration); 
(2) pile material (steel, concrete and composite); (3) method of pile installation (driven or bored); (4) 
pile tip (closed or open); (5) embedded length of pile (Lembed); (6) perimeter of the pile in contact with 
the soil (O); (7) cross-sectional area of the pile tip (Atip); (8) average cone tip resistance along the 
embedded length of the pile (qc1, qc2 and qc3); (9) average sleeve friction along the embedded length 
of the pile (fs1, fs2 and fs3); and (10) average cone tip resistance beneath the pile tip (qctip) The ultimate 
load-carrying capacity of the pile (Pu) is the single output variable. 
 
The second step in preparing the data is preprocessing and selecting the data for training the model 
and subsequently testing its performance. In order to assess the performance of the trained models, a 
portion of the data is set aside for this purpose. As a result, training and testing sets are usually 
employed in the model development process, used respectively for training the model and evaluating 
its performance. In this paper, 83cases are used for training and the remainder (25 cases), are used 
for testing. Statistical characteristics for these subsets are summarised in Table 1. As another part of 
the data preprocessing, all variables (input and output) are scaled between 0.0 and 1.0 by normalising 
each variable against their maximum values (Goh & Goh 2007; Pooya Nejad et al. 2009). 
 
3.2 Training the model 
 
To increase the generalisation ability of a SVM model, non-linear models are usually developed using 
kernel functions. In this study, in order to develop non-linear models, a radial basis kernel function 
(RBF) is employed (Dibike et al. 2001): 
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Table 1: SVM input and output characteristics 

Model variables Data set 
Statistical parameters 

Mean St. Dev.a Minimum Maximum Range 

Atip(m2) 
Training Set 0.1827 0.1783 0.0080 0.7854 0.7774 
Testing Set 0.1519 0.1176 0.0080 0.5030 0.4950 

O(mm) 
Training Set 1625.12 866.92 585.0 7341.3 6756.3 
Testing Set 1425.68 416.67 858.0 2510.0 1652.0 

Lembed(m) 
Training Set 15.70 10.36 5.50 67.00 61.50 
Testing Set 16.17 8.47 6.50 36.50 30.00 

qc1(MPa) 
Training Set 4.13 3.17 0.02 15.07 15.05 
Testing Set 3.76 2.85 0.24 11.72 10.74 

fs1(kPa) 
Training Set 74.17 59.03 0.73 283.94 283.21 
Testing Set 69.49 43.67 10.76 176.75 159.7 

qc2(MPa) 
Training Set 6.21 5.86 0.32 30.71 30.39 
Testing Set 5.73 4.09 1.00 18.42 17.43 

fs2(kPa) 
Training Set 103.52 96.91 2.12 618.66 616.54 
Testing Set 100.65 63.69 15.00 303.08 288.00 

qc3(MPa) 
Training Set 7.36 6.07 0.27 32.59 32.32 
Testing Set 6.63 4.76 0.70 23.05 22.36 

fs3(kPa) 
Training Set 126.57 95.58 7.99 396.57 388.58 
Testing Set 139.18 100.87 25.00 388.00 363.00 

qctip(MPa) 
Training Set 8.75 6.28 0.25 27.11 26.86 
Testing Set 9.03 6.03 1.15 22.30 21.15 

Pu(kN) 
Training Set 1988.20 1811.60 60.00 10910.00 10850.00 
Testing Set 1891.68 1302.78 520.00 5850.00 5330.00 

aStandard deviation. 

 
where, the constant σ is the width of the RBF and the kernel parameter must be specified by user. 
Other parameters which need to be defined by the user are ε and C, the loss function and the penalty 
parameter, respectively. Positive values should be assigned to these parameters to train a model. The 
optimal values of these parameters are usually obtained through a process of trial-and-error and there 
is no hard-and-fast rule for determining the best values; however, there are some useful hints 
assisting the user in assigning values that lead to better performance, especially for the initial guesses 
(Samui 2008a; Kordjazi et al. 2014). In this work, the SVM toolbox (Gunn 2001) in MATLAB has been 
used to develop the SVM model. 
 
3.3 Model performance 
 
Several models have been trained by assigning various values to the design parameters, namely the 
constants C, ε, and the kernel parameter in a trial-and-error process.The coefficient of correlation (R) 
and the root mean square error (RMSE) were used to compare the performance of each model 
against the training samples and testing dataset. The results show that the model with C=1.1, ε= 0.02, 
and σ= 0.9 presents the lowest value of RMSE (= 318.85 kN) and the closest value of R to 1. In fact, 
the optimal model predicts the bearing capacity of the training samples with RMSE= 394.38 kN and 
R= 0.979. Similarly, these indices for the testing set are RMSE= 318.85 kN and R= 0.972. Moreover, 
the graph of the measured versus predicted capacity for this model, illustrated in Figure 2, shows the 
concentration of the points along the perfect fit lines, confirming the excellent performance of the SVM 
in modelling the axial load-carrying capacity of piles. 
 
4 SUGGESTIONS FOR FUTURE DATA COLLECTION 
 
As discussed in Section 2, only support vectors contribute to the regression function in the SVM; 
accordingly, only a portion of the training samples forms the final function. Support vectors are those 
samples that their prediction errors, by the regression function, are greater than ε, the allowable error 
in the loss function. In other words, a model has the greatest uncertainty with regard to the support 
vectors and, since the SVM algorithms seek to uncover the underlying relationship between inputs and 
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outputs based on these samples, the uncertainty may be reduced by adding more samples that have 
characteristics similar to the support vectors. In fact, the input intervals in which the model has the 
greatest uncertainty can be identified by analysing the support vectors and in this way the intervals 
that have the greatest frequency of support vectors require further data collection (Oommen and 
Baise, 2010). 
 
To examine the support vectors, each variable is divided into intervals of almost equal numbers of 
training samples and the frequency of the support vectors in each interval is determined (Oommen 
and Baise, 2010). As a result, in this study each variable is divided into 6 intervals of almost 14 or 15 
samples. According to the explanation above, those intervals that have a considerable frequency or 
percentage of support vectors cause uncertainty and the model is less likely to accurately predict the 
axial loading-capacity of pile cases with similar properties. Consequently, it is recommended to collect 
more data with similar properties, in order to improve the generalisation ability of the model. Figure 3 
shows the results of the statistical analysis in terms of frequency and percentage of support vectors in 
each interval. Since the length of each variable depends on the frequency of the samples, the length 
of the intervals varies widely, so a logarithmic scale is used for the horizontal axis in Figure 3.Due to 
space restrictions, the graphs for 4 variables, including qc2, qc3, fs2, fs3, are not presented in Figure 3. 
 
As illustrated in Figure 3, the frequency of the support vectors in each interval for all the variables is 
generally between 60% to 80%; however, there are some exceptions. For example, all the samples 
with 3.17<qc1<4.26 are support vectors but only 42% of the samples with a perimeter less than 101 cm 
are made up of support vectors. This considerable frequency of support vectors in the intervals might 
suggest that the model has great uncertainties with regard to the training set. The SVM model, 
however, is able to predict the axial load-carrying capacity of piles with excellent accuracy. 
 
A thorough examination of Figure 3 leads to more detailed suggestions for future data collection. With 
regard to the pile tip cross-sectional area, when 590<Atip<1320 and greater than 3080 cm2, more than 
70% of samples are support vectors, so it is recommended that more data that have such a cross-
sectional area be added to the training set. Similarly, since for Lembed<8.5 and greater than 21.3 m, 
support vectors make up a great proportion of the samples, adding more samples of these sizes may 
improve model performance. For perimeters between 101 and 114 cm, 80% of the training  
 

 
(a) 

 
(b) 

Figure 2. Measured vs. predicted capacity for the optimum SVM model: (a) training set, (b) testing set. 
 
 

Table 2: Guidelines on data collection for CPT results 
Variable Interval Percentage of support vectors 

qc1 
3.17<qc1<4.26 100 
7.3<qc1<15.07 84.6 

qc2 
0.32<qc2<1.55 85.7 
8.6<qc2<30.71 100 

qc3 
0.27<qc3<2.46 85.7 
11.9<qc2<32.59 85.7 

fs1 23.21<fs1<45 85.7 

fs2 
2.12<fs2<27.33 78.6 
85.6<fs2<102.41 85.7 

fs3 
34.3<fs3<68.82 86 

111.51<fs3<138.71 78.6 

qctip 
9.7<qctip<14.2 78.6 

14.2<qctip<27.11 85.7  
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Figure 3. Support vectors' frequency in each interval for different input variables 
 
samples are support vectors; however, for values less than 101 cm the model has the lowest 
uncertainty in relation to the training samples. For 3.17 <qc1< 4.26 MPa all the training samples are 
among support vectors and adding more data in this interval may improve the model's performance. 
Similar analyses have been conducted on the graphs of all the CPT-related variables and the results 
are summarised in Table 2. Collecting more data that fall in the intervals that are mentioned in this 
table may increase the generalisation ability of the future models. 
 
Although these recommendations for the further data are clear and direct, implementing this approach 
is not straightforwardnor simple. In fact, more than 10 intervals for 10 variables have been 
suggestedfor providing additional data and, in some cases, the range of the intervals is very wide (e.g. 
14.2<qctip<27.11 or 7.3<qc1<15.07). Therefore, to implement this approach a large number of samples, 
which falls within these intervals, is required. Obviously, this is impractical. 
 
Furthermore, this approach provides no details as to which of these variables causes the data 
uncertainty; in fact, the contributory variables are intricately related to each other and it is unlikely that 
only one variable is the root of uncertainty in a sample. A detailed analysis of the support vectors 
demonstrates that,for the majority of support vectors, there are at least two variables that fall in the 
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intervals with more than 75% frequency of support vectors. As is shown in Figure 4, there are at least 
15 samples that have 3 variables in intervals with more than 75% of support vectors. 
 
A probable solution that might address this problem might be prioritising data collection; that is, 
identifying the most important variables that contribute to the problem and assign them priority in the 
process of further data collection. In order to identify the relative significance of each input variable 
with respect to ultimate pile load-capacity prediction, the method proposed by Liong et al. (2000) has 
been utilised. In this method the change in the model output is measured by varying each of the input 
variables at a constant rate, and the sensitivity of the model is calculated as follows: 
 

   r
j

j

%  change in output
S %

%  change in inputr 1
100

         (7) 

 
where, r indicates the number of data. In this paper, a constant rate of 20% (Samui, 2008a) is 
considered as the change in input for each variable and a sensitivity analysis has been carried out 
with respect to cross-sectional area of pile tip, perimeter of the pile in contact with soil, embedded 
length of pile and CPT results (i.e. qc, fs and qctip). Finally, the impact factor of each input variable with 
respect to the other pile capacity variables is calculated and the results are summarised in Table 3. 
 
It can be seen that the soil properties in the form of CPT measurements, with a combined impact 
factor of 56.2% (the sum of last 3 rows in Table 3), have the most significant effect on pile load-
carrying capacity. Pile embedded length, the cross-sectional area of pile tip and pile perimeter are, 
respectively, the other most significant factors that influence pile capacity. As a result, a very simple 
implication of this analysis might be that, for future data collection purposes, priority be given to those 
samples that their CPT results fall in the intervals, mentioned in the previous section. 
 
 
5 CONCLUSION 
 
In this study a dataset of 108 samples, including CPT results along the length of piles, full-scale pile 
load test results and pile properties for each sample, has been employed to examine the performance 
of support vector machine algorithms in the prediction of the ultimate load carrying capacity of axially- 
loaded piles. The developed non-linear model, which incorporates a radial basis kernel function, 
delivers predictions on testing samples with excellent accuracy (R= 0.972 and RMSE= 318.85 kN). 
 

 
Figure 4.The number of support vectors against the number of variables in the intervals with more 
than 75% of support vectors frequency 
 
 

Table 3: Results of sensitivity analysis 
Input parameter Sensitivity (%) 

Atip 14.77 
O 12.20 

Lembed 16.79 
qcav 23.41 
fsav 22.31 
qctip 10.52 
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Moreover, this study examined a sensitivity analysis and incorporates its results to improve Oommen 
and Baise's approach (2010) to providing suggestions for further data collection. Their approach relies 
on the concept of support vectors in order to recommend intervals of the variables that fuelling the 
training set with samples in such intervals might improve the performance of the model for future 
studies. However, in a problem like pile load capacity, where the variables are intricately related to one 
another, this method makes no distinction between the importance of the variables. As a result, 
intervals of data with wide ranges are generally suggested for every variable which hardly act as a hint 
for users in collecting new samples. In an attempt to refine the Oommen and Baise's approach, by 
adopting a sensitivity analysis, priorities can be made to assist the user to acquire additional data in a 
more effective way. In fact, the results of the sensitivity analysis list the variables that have the most 
contributory share in the SVM model and then users can search for new samples in order of priority. In 
other words, in this study, since the results of the CPTs have the most important impact on the model, 
focusing on collecting more data within the intervals suggested for the CPT results at the first step, 
might improve the performance of future SVM models for the prediction of pile capacity.  
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7 NOTATION 
 

Atip Cross sectional area of the pile tip qctip Average cone tip resistance below pile tip 
b bias R Coefficient of correlation 
C Penalty parameter r The number of samples 
fs Cone sleeve friction in CPT S Sensitivity 
fsav Average cone sleeve friction in CPT w Weight vector 
fs1, fs2, fs3 Average cone sleeve friction along the  

segments of the embedded length of pile  
w0 Optimal weight vector 

Lembed Embedded length of pile x Input vectors  
L (α, α*) Lagrange function xr, xs Support vectors 
O Perimeter of pile y Output vectors 
Pu Ultimate bearing capacity α, α* Lagrange multipliers 
qc Cone tip resistance in the CPT σ Width of the RBF kernel 
qc1, qc2, qc3 Average cone tip resistance along the 

segments of the embedded length of pile 
ε Allowable error in the loss function 

qcav Average cone tip resistance in the CPT   
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ABSTRACT 
 
This paper describes the role of mobilized asperity angles in shear behaviour of weak rock joints 
based on the results of direct shear tests using roughness profiles in 1mm intervals. Matched joint sets 
of plaster casts, which simulate Barton’s typical joint roughness profiles, are created for the tests. In 
order to simulate accurate asperities with the same intervals, special moulds are produced by a 3D 
printing technique. Based on the measured compressive strength of the plaster casts, the direct shear 
tests are performed under low normal stress conditions.  
 
The interpretation of the test data demonstrates a parameter which is the relationship between the 
mean values of mobilized asperity angles in damaged areas to the asperity component of Barton’s 
shear strength criterion. In low normal stress conditions, Baton’s criterion, combined with the proposed 
parameter, shows high correlation with the test results. This indicates that the shear behaviour of 
joints is governed by the partly mobilized asperities in low normal stress conditions. As a result, the 
parameter has a linear relationship with the joint roughness coefficients according to the normal 
stresses and the compressive strength of the plaster materials. As the parameter is obtained from the 
asperity angles estimated by 1mm intervals, this can correlate with measured roughness profiles 
obtained by manual or remote sensing methods.   
 
Keywords: JRC, average asperity angles, mobilized asperity parameter, 3D printing 
 
1 INTRODUCTION 
 
The shear behaviour of rock joints is largely dependent on the degree of roughness of the shearing 
surfaces. In two dimensional conditions, the roughness profiles can be described as both large scale 
waviness and small scale unevenness. In low normal stress conditions, the shear behaviour of rock 
joints is initiated rather by degradation of small scale roughness components (unevenness) than by 
large scale waviness (Patton, 1966). In this case, the shear strength of joints is governed by the 
mobilized asperities which are induced by the contact areas during shear stages (Barbosa, 2009). In 
order to identify the role of the employed roughness in shearing stages, Barton (1982) introduced the 
concept of a mobilized joint roughness coefficient (JRCmob) which defines the contribution of 
roughness over the whole shearing process.  
 
The mobilized asperity angles and the damaged areas are generally revealed after shearing, and 
these components have a direct influence on the mobilized JRC values. Thus, this study investigates 
the role of mobilized average asperity angles in damaged areas during shearing stages by conducting 
a considerable number of experiments. The asperity angles of rock joints vary with the size of the 
intervals (Rengers,1970; Bandis,1980). However, JRC values are traditionally estimated by comparing 
the measured in the joint profiles. These are measured by a profile gauge (1mm comb interval), with 
typical roughness profiles for both laboratories and field surveys. Due to the fact that roughness 
profiles in the same scale (1mm interval) can be obtained from manual measurements or remote 
sensing methods such as photogrammetry (Haneberg, 2007; Poropat, 2009; Kim et al., 2013), a one 
millimetre interval between steps can be assumed to be the optimum size for examining the influence 
of asperity angles on rock joint shear behaviour. 
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In experimental studies, plaster, which can be moulded into any shape of asperities when mixed with 
water, have been used for simulations of rock joint roughness by many researchers (Kodikara et al., 
1994; Indraratna, 1998; Homand et al., 2001; Yang et al., 2001; Jafari et al., 2003; Budi et al., 2014). 
However, most studies have focused more on the shear behaviour of saw-tooth asperity shapes. This 
can be explained by there having been difficulties in creating custom made small scale roughness 
components in the plaster casts for this study. Thus, the results of these experiments will be as 
accurate as possible. 
 
In this study, direct shear tests are performed using matching plaster sets. In order to simulate 
accurate asperities of the typical JRC profiles, special plate casts, which simulate 1mm interval 
roughness coordinates, are created by a 3D printing method. The sets of casts are able to produce 
well matched joint sets of plasters. In addition, two different strength plaster casts, which are Hydrocal 
(high strength) and dental cement (low strength), are used to investigate the differences of mobilized 
asperities according to their strengths. The strength properties of the plaster casts are also determined 
by point load strength tests and unconfined compressive strength tests. This study suggests a 
parameter which is the ratio of the average mobilized asperity angles in damaged areas to the asperity 
component of Barton’s equation. The parameter can be applied to Barton’s shear strength criterion for 
weak rock joints in low normal stress conditions.  
 
2 MOBILIZED ASPERITY ANGLES IN DAMAGED AREAS 
 
The bilinear model regarding regular saw tooth inclination, which accounts for the function of asperity 
angles in rock joint shear strength, was previously proposed by Patton (1966) as given below: 
 

	 tan  (1) 
 
Where,  is the residual friction angle and  is the asperity angle of the saw tooth model. It is known 
that Eq.(1) is valid at low normal stress conditions where shear displacement occurs along the inclined 
joint surfaces. Using the concept of mobilized joint roughness coefficients ( ) in the mobilized 
shear strength, Barton (1982) defined the midway shear strength between peak and residual values 
as presented in Eq. (2). In this concept, the asperity component ( , which represents the ratio of 

 to , is estimated by Eq. (3) (Barton, 1982).  
 

	 tan ⁄  (2) 
 

	 ° ° 	 	 ⁄  (3) 
 
Where,  ,  are peak and residual friction angles, JCS is joint wall compressive strength, and is 
effective normal stress acting on the joint surface. However, in low normal stress conditions, joint 
shear behaviour tends to be governed by the regions in which asperities come in contact with each 
other. When shearing is initiated, the contacted areas of the matched joint sets are reduced to the 
mobilized asperity regions. Then, it can be observed from Figure 1 that the locations of damaged 
areas during shearing are determined by the sizes of asperity angles for the shear directions. The 
asperities are damaged during shearing and the shearing mechanism accordingly results in 
progressively reduced effective asperity angles. Thus, the mobilized asperity angles during shearing 
directly affect the shear strengths under low normal stresses. In this study, to represent the values of 
asperities in the mobilized regions, the average asperity angles,	  in the damaged area, , are 
employed as shown in Eq.(4).   
 

∑  (4) 

 
Figure 1. Schematic description of mobilized asperities in shearing 
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Where,  is the damaged step numbers (1mm step size) during shearing stages and  is the asperity 
angle in every damaged step. The influence of mobilized asperities can be considered by using the 
average asperity angles and the mobilized asperity factor,  which is the ratio between average values 
of mobilized asperity angles and the peak asperity value of Barton’s equation as presented in Eq (5). 
This parameter can be defined as the proportion of the partly mobilized asperities to the fully mobilized 
asperities in Barton’s shear strength criterion under low normal stress condition. 
 

⁄  (5) 
 
3 SAMPLE PREPARATION OF RECONSTRUCTED JOINT SETS 
 
3.1 Simulation of joint profiles  
 
In order to create artificial rock joint sets, two types of plaster casts: Hydrocal (high strength) and 
dental plaster (low strength), are used in this study. The main component of Hydrocal is calcium 
sulphate hemihydrate (CaSO4·1/2H2O) and Portland cement. The joint surfaces of plaster blocks were 
created by the replicas obtained from a 3D printing method. To simulate accurate roughness profile 
shapes, the coordinates of three ranges of Barton’s typical joint roughness profiles were digitized in 1 
mm intervals and used as input data for the 3D printing system, Project HD3500. The obtained 
replicas and Project HD3500 system are shown in Figure 2. The corresponding parts of the sets were 
made by placing silicone on the printed replicas. Then, plaster shear blocks were cured in an acrylic 
mould. 
 

 
Figure 2. Procedure for replica sample preparation, Project HD3500 (a), Replica obtained from 3D 
printing (b), Silicone mould (c), Acrylic mould (d) 
 
Three sets of plaster blocks each 100 mm × 100mm × 30mm were created for a range of JRC to carry 
out direct shear tests under three different normal stresses. The mixing ratios and curing conditions of 
specimens are described in the next section. The asperity steps on the cured joint surfaces were well 
simulated in 1mm intervals as shown in Figure 3. The sample sets were created for three different 
ranges of typical JRC profiles (JRC=4~6, 8~10, 12~14).  
 

 
Figure 3. Plaster joint samples, JRC=4~6 (a), JRC=8~10 (b), JRC=12~14 
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3.2 Strength properties of plasters  
 
To identify the strength properties of the plaster casts, unconfined compressive strength (UCS) tests 
and point load strength tests (PLT) were performed. The purpose of these tests was to clarify the 
unconfined compressive strength (UCS) and the tensile strength of the casts using the same curing 
conditions as with the jointed plaster sets for the shear tests. The plaster samples were made with 
water-to-cement ratios of 45% for Hydrocal and 60% for dental cement respectively. The UCS tests 
and the PLT tests used 100mm cubic shapes for UCS and 50mm cubic shapes for PLT.  
 
To obtain the most effective curing condition for the casts, a total of 24 UCS tests and 24 PLT tests 
were performed for Hydrocal and dental cement. The samples were cured in an oven at four different 
curing temperatures: 30˚C, 50˚C, 75˚C and 100˚C and the degree of drying was determined by 
measuring the weight of the samples stored in the oven each day. The test results show that the PLT 
and UCS strength values of both types of casts continue to drop as curing temperature increase; 
thereby resulting in brittle failure. The reduction in strength is noticeable at less than 75°C of curing 
temperature (see Figure 4 (b)). This agrees with an idea that the curing temperature should be less 
than 50˚C, because high temperatures can initiate shrinkage cracking in the samples (Indraratna, 
1990). The correlative relationships between the point load strength index and the unconfined 
compressive strength are also shown in Figure 4 (c).  
 
According to the results of high temperature outcomes for PLT and UCS, the artificial joint sets for 
shear tests are cured at 30°C in the oven for 1 week to obtain higher strengths. The curing time was 
determined by considering the drying time for both types of casts (see Figure 4 (a)). The results of the 
strength tests and the material properties are presented in Table 1.  

 

 
Figure 4. Results of tests, drying curves (a), PLT tests (b) and UCS tests (c) 
 
 Table 1: Properties of plaster samples for UCS and PLT tests (at 30˚C) 

Plaster materials High strength plaster 
(Hydrocal) 

Low strength plaster 
(dental cement) 

Specific Gravity 2.96 2.63 
Unit weight (g/cm3) 1.51 ~ 1.54 1.11 ~ 1.15 
Unconfined compressive strength (Mpa) 36.8 ~ 39.1 14.1 ~ 14.6 
Point load strength (Is(50), Mpa) 1.65 ~ 1.82 1.12 ~ 1.23 

 
4 SHEAR BEHAVIOUR OF TYPICAL ROUGHNESS PROFILES 
 
4.1 Direct shear tests 
 
Direct shear tests were performed using a portable shear apparatus (see Figure 5). Nine sets of 
Hydrocal replicas and nine sets of dental cement replicas were sheared in three normal stress levels 
ranging from 0.1MPa to 0.3MPa. The total shear displacement is about 10 mm which is 10% of the 
specimen length. The shear tests are limited by the low normal stress conditions due to the 
characteristics of casts which are largely responsible for their low strengths and brittle behaviours. 
Thus, when a shear stress is applied on the rough surface joints, sliding can occur by climbing along 
the stress bearing faces of the asperities. Sample rotation during shearing stages can affect the shear 
behaviour. However, its rotation was ignored because it was observed that rotation is prevented by the 
stable sample setting due to the shapes of plaster casts.    
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Figure 5. Direct shear apparatus and plaster samples setting 
 
During the process of shearing, brittle failure, which was induced by concentrated tensile stresses, 
occurred in the samples especially when higher normal stresses were applied. Accordingly, the major 
asperities, which have the steepest angles in the roughness profiles, are completely sheared at the 
highest normal stress levels in the entire range of joint sets. The nature of the failure can be observed 
from the failure surfaces. Breakages of brittle surfaces caused by shear tension in the plaster samples 
are shown in Figure 6. It was observed that this brittle failure tends to be shown more in Hydrocal 
samples than in dental cement samples. Further, the strength curves of both casts distinguish the 
differences of their strengths. In the case of Hydrocal, the linearity of the stress-displacement curves 
increased rapidly and dropped sharply in the shear strength curves due to the shearing some of the 
asperities. On the other hand, the shear stress curves for the dental casts indicate a smoother 
inclination to the peak shear stress values compared to the behaviour of Hydrocal as shown in Figure 
6. 
 
After shearing the damaged regions are identified from observations on the sheared surfaces of the 
samples. As a result, the areas showed a damage range from grinding to breaking and the size of the 
areas could be evaluated by tracing the perimeters of the sheared parts of the joint surfaces. When 
shearing was initiated, the joint surfaces became mismatched and the contact area was reduced. At 
the same time, the major asperities started to fail, showing some debris of sheared asperities. It was 
found that the peak shear stress was observed from the damage on the major asperities. However, 
most other asperities were undamaged or showed only minor damage.  
 
Figure 7 shows the major asperities of the three selected joint sets for the shear direction. The direct 
shear tests distinctly demonstrate the distributions of damaged areas centred by the major asperities 
of the joint profiles. Figure 8 demonstrates the growth of the damaged areas as normal stress 
increased. 

 

 
Figure 6. Influence of tensile failures during shearing (JRC: 8~10), Hydrocal (a), dental cement (b) 
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Figure 7. Major asperities in the ranges of JRC profiles 
 
The results indicate a clear trend that the measured damaged areas ( ) increased with the normal 
stresses, even though the two halves of the jointed plaster casts were not perfectly mated. To 
estimate the sizes and step numbers of the damaged areas accurately by observation, digital 
photographs, which were taken before and after the shearing stages, were used to trace the damaged 
areas. The images were converted into greyscale images and the brightness and contrast of the 
images were adjusted to highlight distinct borders of damaged areas. It was found that the extent of 
the damaged area depends on the extent of the asperity angles in the direction of the shear. 
 
The average mobilized asperity angles,	 , in the damaged areas are presented in Table 2. The 
numbers of damaged steps in 1mm intervals in the damaged areas were used for calculating the 
average asperity angles. These values are mostly reduced ranging from 16° to 24° as normal stresses 
increased and as the damaged areas enlarged. The results show that the number of damaged steps 
increases with normal stress and the dental plaster step numbers are larger than those of Hydrocal in 
all JRC ranges. However, there is no trend within JRC values. These values represent the mobilized 
asperities which play a direct role in revealing the peak shear strength for the mobilized regions. 

 

 
Figure 8. Damaged areas after shearing with different normal stresses (Hydrocal, JRC:4~6) 

 
Table 2: Damaged steps and average asperity angles in the damaged areas  

Plasters Hydrocal dental cement 
JRC ranges 4~6 8~10 12~14 4~6 8~10 12~14 

Normal 
stress 
(Mpa) 

0.1 Damaged steps 4  8 3 6 8 4 
 20.0˚ 23.7˚ 17.9˚ 17.1˚ 23.7˚ 24.4˚ 

0.2 Damaged steps 5 9 7 8 9 7 

 18.3˚ 22.3˚ 23.0˚ 16.2˚ 22.3˚ 21.4˚ 
0.3 Damaged steps 6 12 6 8 7 10 

 17.5˚ 20.4˚ 21.2˚ 16.2˚ 22.4˚ 22.1˚ 
 
4.2 Discussion on the test results 
 
Using the average values of asperity angles, the mobilized asperity factors, , are estimated and 
plotted according to the JRC values in Figure 9. In the tested JRC ranges, this parameter,  shows a 
linear relationship with JRC values based on their compressive strengths. The values varied from 
around 1.7 to 0.8 in the Hydrocal samples, while the JRC values increase from 5 to 14. If the value of 
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 is more than 1, the average asperity angle is higher than Barton’s asperity component value. This 
means that the shear strength of joints can be affected by partly the mobilized asperities in Barton’s 
equation. Thus, this parameter can be a contributor in Barton’s original equation as follows.    
 

	 tan ∙ ∙ ⁄  (6) 
 
The parameter, , is defined as a function of JRC values and the compressive strength of rocks. It can 
be seen from the test results that dental plaster, which has a lower compressive strength than 
Hydrocal, has higher values of  for the same JRC profiles.  
 

 
Figure 9. Relationship between influential factor (λ  and JRC 
 
The results of direct shear tests and the shear strength criterion which were defined by Barton (1982) 
are compared in Figure 10. The result shows that Barton’s function tends to underestimate the shear 
strength in low JRC ranges (JRC=4~6), and to overestimate the values in high JRC ranges 
(JRC=12~14). On the other hand, the proposed function in Eq.(6) regarding the mobilized asperity 
parameter	, , shows relatively good agreement between the predictions and the experimental data in 
the low normal stress condition compared to the original Barton’s equation. The test results represent 
the behaviour of low strength artificial rock samples. However, the idea of using this parameter for 
estimating joint shear strength can extend to natural rock conditions. Additional study is needed to 
further define and modify this parameter for natural rock samples.    
 

 
Figure 10. Comparing the rock joint shear criterion 
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5 CONCLUSION 
 
This study proposes a method to estimate the average asperity angle,	  in damaged areas and the 
mobilized asperity factor, , which is a ratio of the mean values of mobilized asperities to the asperity 
component of Barton’s criterion. A series of direct shear tests was performed using plaster casts which 
could represent weak rocks. The artificial joint sets for the tests were simulated with Barton’s typical 
roughness profiles in 1mm intervals and the specimens were created by a 3D printing method. 
 
The results of this study show that the asperities with 1mm step sizes are well simulated using the 3D 
printing method. Higher strength plaster casts were able to be created during a 1 week curing time at 
below 30˚C of oven temperature. The results of direct shear tests indicate that the mobilized asperity 
factor, which is estimated by the average values of asperity angles in 1mm step sizes in damaged 
areas, is a function of JRC values and the compressive strength of the material. Barton’s equation 
combining the mobilized asperity factor,  shows reasonably good consistency with the measurement 
data in low normal stress conditions.  
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ABSTRACT 
 
The 2010 - 2011 Canterbury earthquake sequence caused significant damage to a number of 
concrete and brick buildings in Christchurch City, resulting in their demolition. Disposal of demolition 
waste was generally limited to dumping at approved landfill, land reclamation or waste management 
sites, unless the waste could be re-used on the demolished sites.  
 
As an alternative to dumping, it was proposed to re-use demolition waste, specifically concrete and 
brick fragments, as bulk fill materials comprising recycled crushed concrete (RCC) at a land 
development site in Christchurch.  
 
RCC was either imported to, or processed on site to meet the specification criteria for granular fill. A 
testing regime was carried out at the onset of the crushing programme and throughout the placement 
of the concrete product, including particle size distribution, standard compaction curve testing and 
nuclear density testing.  
 
The end product tended to be slightly variable in particle size, composition and density, largely due to 
variations in building sources and processing methods. However, the product proved to be high 
performing despite the variance and was practical to use during unfavourable earth filling conditions, 
compared with other natural earth fill materials utilised at the site. 
 
Keywords: crushed, concrete, demolition, fill, development, recycled 
 
1 INTRODUCTION AND PROJECT BACKGROUND 
 
The project site is located in Woolston, Christchurch and incorporates a total area of 30.1338 ha to be 
developed for commercial and industrial purposes. The site development works involve raising the 
ground levels by between 1 to 2 m for flood mitigation. This is achieved by importing fill materials to 
the site.  
 
The site works commenced in 2010 and are ongoing at this time. The development is staged, with 
work commencing at the southern half of the site. Approximately half of the land development has 
been completed at the time of writing. 
 
Prior to the 2010 - 2011 Canterbury Earthquake sequence, imported fill materials comprised natural 
excavation spoil, typically silt, sand and gravel mixtures from a variety of sites around the greater 
Christchurch area. Importation of such materials continued following the earthquakes, however 
alternative materials comprising demolition waste from the damaged buildings around Christchurch 
City became abundant during 2011 to 2013. This paper outlines the processing of demolition waste, 
geotechnical testing and characterisation of the RCC, as well as its behaviour in compaction and 
provides general comments on the suitability of demolition waste for re-use as engineered fill. 
 

1.1 Geological Overview and Geotechnical Characteristics of the Site 
 
The site is mapped as being underlain by Christchurch Formation comprising sand, silt and peat of 
drained estuaries and lagoons. Subsurface explorations carried out at various times prior to and 
during the site development, typically identified a variable sequence of silt near the ground surface 
grading to sandy silt with fine sand layers extending to a depth of at least 24 m. The top of the 
Riccarton gravel layer is anticipated to be present from approximately 24 m depth.  
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The Heathcote River flows adjacent to the western and northern site boundaries. Groundwater levels 
tend to fluctuate slightly with seasonal change, however the typical range is between approximately 1 
m below the ground surface in winter to 2.5 m in summer.  
 
The natural soils provide some geotechnical challenges to the site development as the soils are 
assessed as being susceptible to liquefaction. In addition, the surficial silt is sensitive to disturbance 
when saturated and difficult to drain given the flat site profile. However, during the dry season, 
earthworks are relatively unconstrained by the ground conditions.   
 

1.2 Effect of the Christchurch Earthquake 
 
The site was relatively unaffected by the Darfield Earthquake which took place on 4 September 2010. 
However, the epicentre of the Christchurch Earthquake on 22 February 2011 was located 
approximately 3 km from the site. This resulted in estimated ground accelerations of 0.67g within the 
site boundaries.  
 
The site subsoils underwent liquefaction, manifesting at the ground surface as sand boils at discrete 
locations. Cracking of the ground associated with liquefaction ejecta was also observed, as well as the 
formation of temporary groundwater springs. Lateral spreading did not significantly affect the southern 
portion of the site. 
 
The damage to a variety of concrete and brick structures throughout the city was well publicised and 
many buildings were demolished as a result of the Canterbury Earthquake sequence. 
 
2 OBTAINING AND PROCESSING RECYCLED CRUSHED CONCRETE 
 
The majority of the RCC used for filling was produced on site from imported demolition rubble, 
predominantly sourced from around Christchurch city. The raw demolition rubble typically included 
large concrete fragments, brick, structural timber, steel reinforcing, plaster and plastic materials, as 
may have been incorporated in the construction of various buildings.  
 
RCC that was processed elsewhere, and imported to site “ready crushed” was subject to inspection 
prior to importation and was required to comply with the material specification (discussed in Section 3 
of this paper). 
 
The concrete crushing operations required adequate space to establish yards for machinery and 
crushing activities, as well as stockpiling areas for both the raw and processed materials. The space 
was available on as yet undeveloped portions of the site given the large site area. However, the land 
needed to be prepared prior to establishing the crushing yards. This was achieved by stripping topsoil 
and placing an initial layer of RCC which was processed off site to form a hardstand. Topsoil was used 
to form bunds around the edges of the yards with netting fences to reduce the spread of dust from the 
crushing operations.   
 
On site processing was carried out using mobile crushers and wet and dry screening processes, 
depending on the availability of machinery. The wet process involved a water bath to separate heavy 
components from buoyant (such as timber and plastic). The fines obtained from the crushing 
processes were captured separately and stockpiled for later blending with the RCC product as 
required. Some manual screening was also carried out prior to crushing to remove the more obvious 
fragments of unwanted rubble, such as timber and steel reinforcing.  
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Figure 1. The crushing yard being formed after a period of rain, with demolition rubble already 
stockpiled for processing in the background 
 
3 SPECIFICATION AND TESTING 
 
The specification for the RCC was founded on the New Zealand Transit Authority Specification for 
basecourse aggregates TNZ M/4:2006. This document is specific to the basecourse on state 
highways and heavily trafficked roads, however it provided reasonable preliminary guidance for the 
use of RCC fill in land development. TNZ M/4:2006 defines RCC as “rock fragments coated with 
cement with or without sands and / or filler, produced in a controlled manner to close tolerances of 
grading and minimum foreign material content”.  
 
As the source of concrete was predominantly from a variety of demolished buildings, variation in the 
content of the RCC was expected. Therefore, emphasis was placed on the performance of the RCC 
during the project period.  
 
3.1 Particle Size Distribution 
 
We initially recommended that the RCC fragments were to be an equivalent size and grading to a 
GAP65 product. The percentage of fines (particles less than 0.06 mm in size) was recommended to 
be approximately 20%.  
 
A number of samples were randomly selected from stockpiles of the RCC during the period March 
2012 to February 2013 for Particle size distribution (PSD) testing. All testing was carried out by an 
independent geotechnical laboratory. Figures 1 and 2 below indicate the results of a non-complying 
sample and complying sample, with respect to the particle sizes.  
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Figure 2. Particle Size Distribution test result showing non-compliance with the percentage of fines 
being too high 
 

 
Figure 3. Particle Size Distribution test result showing compliance with allowable limits for equivalent 
GAP65 aggregate 
 
The results depicted in Figure 2 relate to a test completed in April 2012, which was relatively early in 
the crushing period of the project, while the crushing systems and processes were being initiated. The 
results shown in Figure 3 were obtained in October 2012 and the processes were established for 
several months by this time.  
 
3.2 Foreign Content Allowance 
 
Foreign material is separated into three different groups. Type I materials are defined as glass, brick, 
stone ceramics and asphalt; Type II is generally plaster, clay lumps or other friable material; and Type 
III includes rubber, plastic, bitumen, paper, wood, other vegetable or decomposable matter. The TNZ 
M/4:2006 recommended limits by mass for the various types of foreign content are: 

 Type I   <3% 
 Type II  <1% 
 Type III  <0.5% 

 
Brick was not considered to be a foreign material in this case, as the source of much of the rubble 
included brick buildings. 
 
Following the results of the PSD testing completed in early 2012 and observations of the performance 
of the initial RCC layers, a target allowable volume for all foreign inclusions was recommended to be 
3% by weight or less, given that the source of the concrete was predominately from demolished 
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buildings which were comprised of mixed materials as opposed to “pure” concrete sources. 
Compliance of the foreign content allowance was generally verified by the PSD tests, although visual 
scrutiny of the RCC stockpiles was also carried out. Where visual assessment indicated excessive 
foreign content, further testing or screening was recommended.  
 

3.3 Laboratory Compaction Tests 
 
Standard compaction proctor curves were also carried out on a sample of the RCC, for comparison 
against the field compaction tests.  
 
The maximum dry density (MDD) obtained from the testing was 1.84 t/m3 which appeared to be lower 
than expected. This was queried and a typical range for RCC density was indicated to be between 
1.95 t/m3 and 2.05 t/m3 at a moisture content ranging between 5 and 7 %. It was hypothesized that the 
particle size distribution and inclusion of potentially lower density materials, such as brick, and 
relatively coarse concrete fragments was a factor in the lower MDD, although this was not verified.  
 
Given that the potential for variable content of the RCC was relatively high, the MDD of 1.84 t/m3 was 
tentatively adopted for the project. The target density for compaction of fill materials at the site is 98% 
of the MDD, equating to 1.80 t/m3 for RCC.  
 

3.4 Fill Placement and Compaction Testing 
 
The specification for RCC placement and compaction involved the use of traditional earthworking 
machinery and methods, and did not deviate significantly from the specification for placement of 
natural soil fill materials.  
 
A geotextile fabric liner was recommended to be placed between the natural subgrade and the RCC 
layer for additional stability as a significant proportion of the earthfilling was to be carried out during 
the wet season. The geotextile fabric could potentially also serve to protect the RCC fill layer from 
future infiltration of liquefaction ejecta.  
 
On site compaction verification of each fill lift was recommended to be carried out via Nuclear Density 
Testing (NDM) using the backscatter mode. Additional field tests comprising Falling Weight 
Deflectometer testing was carried out to assess pavement design parameters including the California 
Bearing Ration (CBR).  
 
4 RCC FILL PERFORMANCE 
 

4.1 RCC Product Appearance and Consistency 
 
As discussed in Section 3.2, the RCC product is not pure and contains some foreign material. 
However, the PSD testing and visual assessment of the RCC generally indicated that the foreign 
content was limited to the allowable percentages. The most obvious foreign content typically included 
reinforcing steel and structural timber. Timber, and other materials which are lightweight relative to 
RCC tended to present naturally at the surface of the stockpiles, often times giving the impression of 
excessive content. However, in many cases the content below the surface of the stockpile was found 
to be minimal. Where excessive content was observed, further screening was recommended. 
 
Generally, the crushing process resulted in fairly consistent particle size distribution throughout the 
project period, although percentages of concrete, brick and foreign content varied. The particle size 
distribution obtained from random samples was typically satisfactory once the crushing processes 
became established. However it became apparent once the crushing operations were underway that 
maximum particles sizes tended to be up to 100 mm. This was most noticeable with slender and 
oblong shaped concrete fragments, which appeared to slide through the crusher rather than being 
captured and crushed.  
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Figure 4. Crushed concrete being sampled with view of the crusher and unprocessed material in the 
background 
 

4.2 Performance during Placement 
 
The RCC proved to be forgiving during inclement weather and was a practical material to progress the 
site filling during winter when the work would otherwise have been suspended due to saturated 
conditions. Where necessary, water was added to aid compaction, and it was reported to the author 
that the addition of water, even in winter, served to improve the workability and compaction of the 
RCC. 
 
The brick components and slender oversize particles were observed to break down further during 
compaction beneath the rollers.  
 

4.3 Compaction Verification and Post-Placement Testing 
 
4.3.1 Density 
 
NDM tests were carried out by an independent contractor at regular intervals during the project. The 
target dry density of 98% MDD was achieved in most instances without the need for additional 
compaction.  
 
The density typically ranged from 1.78 t/m3 to 1.94 t/m3, with the average density being 1.86 t/m3. The 
results indicated that in many cases compaction greater than 100 % was achieved, relative to the 
results of the compaction curve.  
 
4.3.2 California Bearing Ratio  
 
Falling Weight Deflectometer (FWD) testing was carried out to estimate the CBR for pavement design. 
The tests were carried out on two separate areas of RCC fill (Test Areas A and B), which were at 
various stages of completion at the time of testing. Test Area A included an approximately 400 mm 
thick layer of RCC fill and Test Area B had a RCC layer thickness of approximately 1.5 m. This paper 
will not discuss the FWD testing regime in detail, however the results in relation to CBR are discussed.  
 
Results from Test Area A included estimations of CBR for the natural subgrade, and Test Area B 
returned estimations of CBR for the RCC fill.  
 
The CBR obtained from Test area A for the natural subgrade is typically 3 %, which is in keeping with 
prior results estimated by means of Scala Penetrometer testing. The resulting range of CBR results for 
Test Area B RCC fill is presented as Figure 4. 
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Figure 5. Range of CBR results for Test Area B (RCC fill) 
 
4.3.3 Discussion 
 
As indicated by Figure 5, the majority of results for CBR for Test Area B RCC fill are greater than  
20 %. However, the results range between 12 and 29 %. The tests were carried out while the fill 
platforms were under construction and it should be noted that the lower range of test results were 
obtained near the edge of the fill platform. This indicates that the edges of the platform were not 
compacted to the same degree as the middle of the platform at the time of FWD testing.  
 
Further, the slightly variable composition of the RCC is also expected to influence the range of results 
of both the CBR and density of the fill. In many instances, NDM testing indicated greater than 100 % 
compaction was achieved. This is likely attributed to the variance of the RCC composition, however it 
generally appeared that the average density range achieved in the field was in keeping with or greater 
than the laboratory derived density. The overall RCC density is generally less than the density of pure 
concrete or other natural rock aggregates, however observations of the performance of the RCC fill 
indicated that the material performed satisfactorily beneath the weight of earthworking machinery and 
did not display  signs of unacceptable deformation or deflection. Further reports were made to the 
author that the RCC showed signs of hardening or binding over time, evidenced by difficulty 
experienced during service trenching which was carried out one to three months following RCC 
placement.  
 
A design CBR of 20 % was recommended for the RCC fill meeting the minimum compaction 
requirements based on the field testing results and observations. 
 
5 CONCLUSIONS 
 
RCC proved to be a practical and economical product for bulk earthfilling, particularly during winter on 
sensitive soil at the subject site. The product demonstrated reliable performance beneath machinery 
and test results indicated relatively high stiffness. However, due to product variability, relatively 
conservative estimates of geotechnical design parameters were made for this project.  
 
Although the RCC contains small amounts of foreign material, this material was not considered to 
constitute a hazard to either the site workers or the surrounding environment due to it being relatively 
inert and its placement both above the water table and below future sealed surfaces.   
 
Demolition rubble will produce RCC of variable composition, and specific monitoring and conditions 
must be established to meet individual project needs. In this case, although the RCC contained larger 
fragments of up to 100 mm in size and foreign materials, the overall performance met with the 
requirements of the project.   
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It is also anticipated that the use of RCC material at the site will have future benefits in mitigation of 
land damage associated with liquefaction, through the formation of a stiff, non-liquefiable surface 
“crust” upon which new buildings are founded.  
 
In conclusion, the re-use of demolition rubble as engineered fill at the project site resulted in the 
formation of competent fill platforms upon which new industrial buildings are supported, and allowed 
for an alternative to dumping the waste. Other projects considering the re-use of demolition rubble 
should not only consider technical factors such as the engineering requirements for the fill, but also 
the practicality and economic feasibility of obtaining and processing rubble to produce a suitable RCC 
product.  
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ABSTRACT 
 
Motorway widening has been increasingly required to relieve traffic congestion in urban areas. This 
often involves placement of a new retaining wall (e.g. a reinforced soil wall (RSW)) adjacent to an 
existing battered embankment with excavation temporarily supported, e.g. by a temporary soil nail wall 
(SNW). Often due to space constraint, a narrow RSW is constructed in front of the SNW. Modelling 
the interaction of the SNW and the RSW and considering the magnitude of the lateral earth pressure 
on the back of the RSW could pose a challenge to the retaining wall designer. This paper uses finite 
element method to investigate the interaction between the SNW and RSW, especially to investigate 
the earth pressure acting on the back of the RSW due to the interaction. 
 
Keywords: retaining wall, interaction, lateral earth pressure, finite element method     
 
 
1 INTRODUCTION 
 
Motorway widening or upgrade projects often require to cut into the existing battered embankment, 
and temporarily support the cut with a SNW and build a RSW in front of the temporary SNW to 
accommodate an additional lane on top of the RSW and a service road in front of the RSW (Figure 1). 
The SNW may be designed as a long-term permanent retaining structure to meet all the relevant 
geotechnical design requirements. In between the face of the SNW and the back of the RSW, the gap 
is often backfilled with drainage fill material.  
 

 
Figure 1. A narrow RSW constructed within limited space 
 
This retaining system consists of three elements: the buried SNW, the narrow RSW and a thin 
drainage backfill wedge in between.  
 
To the best knowledge of the authors of this article, the retaining system and particularly the lateral 
earth pressure on the back of the RSW are not comprehensively investigated in current literature. 
Adopting an active earth pressure on the back of the RSW could be overly conservative and result in 
uneconomical design. On the other hand, the horizontal force acting on the back of the RSW might be 
ignored by some designers considering the following factors: 
 

 The SNW is designed to meet long-term stability and considered as a self-supported structure 
without transferring any earth pressure 

 The drainage backfill is relatively small with a close to vertical soil nail face and any earth 
pressure due to this small wedge is likely to be negligible 
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In this case, the external design of the RSW just requires to check bearing capacity. However, 
ignoring the interaction between the SNW and the RSW and hence the horizontal force acting on the 
back of the RSW may reduce the bearing factor of safety, and potentially cause sliding and 
overturning failures of the RSW. 
 
Some standards require a minimum width of a RSW, e.g. ≥ 0.7Hm (BS8006 and GEOGUIDE06) or 
0.6H+1m (RMS R57) for conventional reinforced soil walls. As far as the authors know little research 
has been done in this area to guide how geotechnical engineers should quantify the driving force 
acting on the back of the RSW and no design guidelines are available to mitigate the potential risks of 
failures due to the interaction. This study is the first as far as the authors know to investigate the 
interaction between the SNW and the RSW and pressure transferred through this retaining system.   
 
 
2 FINITE ELEMENT METHOD (FEM) 
 
2.1 Model Details 
 
A finite element program PLAXIS 2D Version 2012 is used to study the interaction between the SNW 
and RSW. The SNW is installed to support the excavation of the existing embankment. When the 
deformation of the SNW is completed, the RSW is constructed in front with a thin layer of drainage 
backfill between the face of the SNW and the back of the RSW.  Staged construction is simulated in 
the FEM modelling with the soil nails to be installed row by row during excavation of the existing 
embankment, top down, and the RSW to be constructed layer by layer, bottom up.  
 
The following assumptions are adopted in the FEM: 
 

 The RSW is constructed only after the deformation of the SNW is completed. 
 The RSW is simplified as a rigid body with high elastic modulus (1000MPa). 
 Compaction stress induced during construction is not considered.  
 Traffic load of 20kPa is applied on top of the retaining system.  

 
An example of this retaining system based on a motorway upgrade project is studied using the FEM. 
The retaining structure details are given in Table 1.  
 
Table 1: Wall details 

Wall 
Height  

(m) 
Width  
(m) 

Nail Details 

Horizontal & 
Vertical Spacing 

(m) 

Length  
(m) 

Hole 
Diameters 

(m) 

No. of 
Rows 

SNW 6.5 - 1 10 0.15 7 

RSW 6.5 4.91 - - - - 
1 Width of RSW is equal to 0.6H+1, based on RMS R57 
 
Two soil constitutive models, namely Mohr-Coulomb (MC) and Hardening Soil (HS) models, are used 
in the FEM and the results are compared. Different elastic moduli of the foundation material ranging 
from 10MPa to 1000MPa are examined for a parametric study.  Design parameters used in the FEM 
are shown in Table 2 and Table 3. 
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Table 2: Material design parameters 

Material 
Material 
Model 

Behaviour 
Type

 
(kN/m3) 

c’ 
(kPa)

’ 
(°) 

E’ 
(MPa) 

E50
ref & 

Eode
ref 

(MPa) 

Eur
ref 

(MPa) 

Foundation 
MC Drained 19 4 28 10 – 1000 - - 

HS Drained 19 4 28 10 – 1000 10 – 1000 30 – 3000 

Embankment 
MC Drained 19 4 26 10 - - 

HS Drained 19 4 26 10 10 30 

Drainage 
Backfill 

MC Drained 20 5 30 40 - - 

HS Drained 20 5 30 40 40 120 

RSW Elastic Drained 23 - - 1000 - - 
 
Table 3: Structural element parameters 

Material Modelling 
E’  

(GPa) 
Thickness 

(mm) 
Inclination 

(°)  
EA  

(kN/m) 
EI  

(kNm2/m) 

Nail Geo-grid 20 - 15 3.5x105 - 

Shotcrete Plate 20 200 - 4x106 1.3x104 
 
The PLAXIS model is shown in Figure 2. 

 
Figure 2. PLAXIS model analysis 

 
2.2 Verifying the FEM against Rankine’s active earth pressure theory  
 
The PLAXIS model in Figure 2 is modified by removing the SNW and drainage backfill and having 
existing embankment material up to the back of the RSW as a conventional RSW. According to 
Rankine’s earth pressure theory, active driving force is equal to 177kN at the back of the 6.5m high 
RSW assuming the following embankment material parameters: = 19kN/m3c’ = 4kPa and ’ = 26° 
as given in Table 2. The active equivalent force resulted from PLAXIS is 184.6kN which agrees well 
with the result from Rankine’s theory. The above process indirectly demonstrates that the finite 
element model could be used to study the pressure acting on the back of the RSW. 
 
 
3 ANALYSIS RESULTS AND DISCUSSION 
 
3.1 Settlement and deformation of the retaining walls 
 
In the FEM, it is assumed that the RSW starts to be constructed only after the deformation of the SNW 
is completed. As the RSW is being placed, the ground beneath the RSW will start to settle. The 
magnitude of the ground settlement is related to the elastic modulus of the foundation material. Figure 
3 shows the relationship between the maximum settlement and foundation elastic modulus. 

Existing Embankment 

Foundation Elastic Modulus = 10 to 1000MPa 

SNW 
RSW 

Existing Embankment Surface 
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Figure 3. Front RSW settlement against various elastic moduli of foundation 
 
The graph indicates the settlement increases rapidly when elastic modulus of foundation material is 
less than 40MPa. In addition, the settlement predicted using MC model is approximately 70% higher 
than those using from HS model. The difference becomes insignificant once the elastic modulus 
becomes larger and settlement is smaller. This indicates HS model is preferred for weak foundation 
material as it tends to avoid overestimation of the settlement.  
 
While the foundation underneath the RSW settles, the surrounding soil is also dragged down and 
settles, which causes the SNW to deform and tilt toward the RSW (Figure 4).  
 

 
Figure 4. RSW settlement causes deformation of SNW behind 
 
The deflection of the SNW using MC and HS models with different elastic moduli of the foundation are 
plotted in Figures 5 and 6 respectively. 
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Figure 5. SNW deflection using MC Model Figure 6. SNW deflection using HS Model 
 
Figure 5 shows the maximum deflections of the SNW range from 0 to 40mm using MC model and 
Figure 6 shows the maximum deflections of the SNW range from 0 to 27mm using HS model. Again 
MC model tends to give a larger deformation compared to the HS model. 
 
3.2 Pressure induced by SNW deflection 
 
The settlement of the RSW due to its self-weight will induce the deflection of the face of the SNW. The 
forward movement of the SNW will push the drainage backfill in between the SNW and the back of the 
RSW and create a driving horizontal earth pressure acting on the back of the RSW. A cross section is 
vertically cut along the back of the RSW and an equivalent driving force of this pressure can be 
obtained from the PLAXIS analysis results. This equivalent force is plotted against the maximum RSW 
settlement and the maximum SNW deflection to investigate the relationship between deformation and 
the driving force, as shown in Figure 7 and 8 respectively. 

 
Figure 7. Driving force ratio (equivalent driving force from the PLAXIS analysis / the Rankine’s active 
force) against the RSW settlement ratio (RSW max. settlement / wall height) 
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Figure 8. Driving force ratio against the SNW deflection ratio (SNW max. deflection / wall height) 
 
It is noted that the Rankine’s active force is 177kN (refer to Section 2.2) and wall height is 6.5m. It is 
found the driving force ratio at the back of the RSW ranges from 15% to 70%, and is dependent on the 
magnitude of the RSW settlement and the SNW deflection.  
 
The driving force calculated from both the MC and HS models shows a good agreement. The driving 
force becomes greater when the settlement of the RSW or the deflection of the SNW is larger and the 
relationship is non-linear. The driving force ratio increases rapidly from 15% to 45% when the RSW 
settlement ratio increases from 0.1x10-3 to 2.5x10-3, or when the SNW deflection ratio increases from 
0.1x10-3 to 1x10-3.  When the settlement or deflection increases further, the driving force ratio 
gradually increases to its maximum of 70%.  
 
The figures indicate a small settlement of the RSW or deflection of the SNW can lead to a significant 
driving force at the back of the RSW. By ignoring the interaction of the RSW and the SNW and hence 
ignoring the driving force at the back of the RSW, the factor of safety of the RSW could be 
overestimated and its stability is compromised. 
 

 
Figure 9. Driving force ratio against various elastic moduli of foundation 
 
The ground settlement of the RSW or the deflection of the SNW is related to the elastic modulus of the 
foundation material. In Figure 9, the driving force is plotted against various foundation elastic moduli. A 
linear relationship is obtained between the ratio of the driving force from PLAXIS to the Rankine’s 
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active force and the elastic modulus of foundation in a logarithmic scale. The driving force ratio 
increases from 15% to 70% as the elastic modulus decreases from 1000MPa to 10MPa.  
 
The driving force increases rapidly when the elastic modulus changes from 40MPa to 10MPa. The 
driving force ratio reaches the maximum value of 70% when the elastic modulus of the foundation is 
10MPa. This indicates placing a RSW on a typical soil foundation (e.g. stiff or very stiff clay) will 
induce the majority of the driving force when this settlement occurs.  
 
If the foundation material is a high-strength rock (i.e. high elastic modulus), ground settlement of the 
RSW and the deflection of the SNW are negligible. However, a driving force ratio of 15% is still 
encountered. The driving force is caused by the traffic load of 20kPa and self-weight of the drainage 
backfill between the SNW and the RSW. Therefore a minimum driving force ratio of 15% always exists 
even when insignificant settlement and deflection occur. 
 
 
4 CONCLUSIONS AND RECOMMENDATIONS 
 
In the design of a retaining system consisting of a RSW, a buried SNW and a thin drainage backfill 
wedge in between them as shown in Figure 1, by ignoring the interaction between the RSW, SNW and 
the drainage backfill and consequently the earth pressure acting on the back of the RSW the factor of 
safety of the RSW is overestimated and hence the stability of the RSW is compromised. In this paper, 
a FEM analysis is carried out to investigate the interaction of an example case of such retaining 
system and earth pressure acting on the back of the RSW. Construction staging is modelled and 
parametric study is undertaken considering different foundation material, i.e. different elastic moduli of 
foundation from 10MPa to 1000MPa.  
 
The following conclusions are obtained based on this study: 
 

 Settlement of the narrow RSW due to its self-weight will consequently cause the deformation 
of the SNW. The SNW will then push the drainage backfill in between the face of the SNW 
and the back of the RSW and induce the driving pressure acting on the back of the RSW. 

 The driving force ratio increase from 15% to a maximum of 70% when the settlement ratio of 
the RSW increases from approximately 0.1x10-3 to 16x10-3, or when the deflection ratio of the 
SNW increases from approximately 0.1x10-3 to 6x10-3. Rapid increase from 15% to 45% of the 
driving force ratio occurs when the RSW settlement ratio increases from 0.1x10-3 to 2.5x10-3, 
or when the SNW deflection ratio increases from 0.1x10-3 to 1x10-3.   

 A negative linear relationship is obtained between the driving force ratio and the elastic 
modulus of foundation in a logarithmic scale. The driving force ratio increases from 15% to 
70% while the elastic modulus decreases from 1000MPa to 10MPa. 

 For the case analysed in this paper, significant driving force can be induced by a small amount 
of ground settlement of the RSW and deflection of the SNW. For example a RSW settlement 
ratio of 2.5x10-3 or a SNW deflection ratio of 1x10-3 generally leads to 45% of the driving force 
ratio.  

 In practice elastic modulus of foundation material in the range of 10MPa to 40MPa is not 
uncommon for this retaining system, which can induce a driving force ratio at the back of the 
RSW in the range of 70% to 40%. This indicates placing a RSW on a normal soil foundation 
(e.g. stiff or very stiff clay) will induce the majority of the driving force.  

 
Therefore, driving force with such magnitude is indispensable for the design of the RSW in this 
retaining system. An appropriate design approach for this RSW sitting in front of the SNW is to carry 
out a numerical analysis so as to find out the driving force induced by the deformation. It is also 
recommended the correlations presented in this paper could be referred to estimate the driving forces 
if similar wall configuration is applied and a detailed numerical analysis of the interaction of the 
retaining system is not available.  
 
The FEM results indicate the MC model tends to give a larger ground settlement and consequently a 
larger driving force at the back of the RSW. It is believed that the results of the HS model are more 
accurate as it uses more accurate stiffness definition than the MC model.  
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In this study, the impact of the consistency of the drainage backfill in between the RSW and the SNW 
is not investigated in detail. However, it is anticipated that a loose consistency will reduce the pressure 
transmission from the SNW to the RSW and the acting force at the back of the RSW like a buffer zone 
to tolerate the deformation from the SNW.  
 
This study is based on a numerical analysis of an example case. Field monitoring results of such 
retaining system will assist with the development for the future study.  
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ABSTRACT 
 
A key task in any geotechnical analysis is the selection of the design value. The characteristic design 
value is a cautious estimate of this parameter and, a normal distribution is typically applied when 
statistics are used. While the normal distribution is the default probability distribution function (PDF), it 
has limitations in applying to process geotechnical data.  Case studies are used to show the 
requirement for the appropriate PDF to be applied, and when the normal PDF should not be used to 
avoid statistical irregularities. One case study is for a road project where the subgrade design CBR 
index values were required for a pavement design.  Another case study is for a bridge project where 
the rock socket design is based on the rock strength, derived from point load index values. Using 
goodness of fit tests various PDFs are compared and ranked.  Where large Coefficient of Variations 
(COVs) occur the best fit PDF is consistently not the Normal PDF, and such assumptions of normality 
should be avoided in the assessment of parameters.   The Log Normal PDF generally provides an 
appropriate PDF, although not necessarily the number 1 ranked.   A piling case study shows when low 
COV occurs then the normal PDF applies.  
 
Keywords: Statistics, Normal Distribution, Characteristic Value, Probability Distribution Function 
 
 
1 INTRODUCTION 
 

1.1 Characteristic value 

A key task in any analysis is the selection of the design value. This selection is often subjective based 
on experience and personal judgment.  The use of statistics provides both transparency and 
accountability as judgment often varies between practitioners.  However, for statistics to be useful, a 
sufficient number of test results should be obtained and does not completely exclude judgment being 
applied.  Traditional analysis uses the assessment of material parameters to produce a design value 
which should be “moderately conservative”.  Depending on the type of project, models adopted, 
existing knowledge and assessor, this design value can be: 
 

 The lowest test or lowest credible value    

 The average (arithmetic typically used – although geometric mean sometimes also used)   

 The mode (most frequent value), median or quartile values 

 Best estimate or representative value; Nominal values  

 
Look and Campbell (2013) showed that when presented with the same data and 6 choices of design 
values, then 4 out of 10 geotechnical engineers select one value, while the other 60% selected one of 
the other listed values.  And this disturbingly small agreement ratio was higher than the wider choices 
of our Civil Engineering colleagues. If the lowest value was selected then, logically one should apply a 
different partial factor as compared to if a typical or average value was adopted.  
 
Thus the moderately conservative parameter is not a precisely defined value, and needs to be 
considered in the context of data, reliability and sufficiency as what factors of safety are applied in the 
analytical process.  A high (or low) factor of safety, may result from the choice of parameters rather 
than providing clarity on a “safe” vs. “unsafe” product. 
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Assuming sufficient tests are available for a defined “homogenous” layer then a statistical approach 
may be used. This approach also assumes other ground assessment factors (such as time dependent 
properties, ground water, stress dependency or strain softening) have been given due consideration. 
 
With the introduction of limit state codes, Characteristic Values were introduced, where the design 
value is derived from multiplying the characteristic value by a material factor.  Characteristic values 
are sometimes quoted as 95% confidence level i.e. only 5% of values less than this value, and is also 
referred to this fractile for the characteristic value.  A normal distribution is typically applied to derive 
this design value. Typically a lower characteristic value (LCV) is adopted, however in some cases 
such as in avoidance of over compaction in expansive clays an Upper Characteristic Value (UCV) may 
be used (Look et al, 1994). 
 
Eurocode 7: Geotechnical Design (2004) states that “if statistical methods are used, the characteristic 
value should be derived such that the calculated probability of a worst value governing the occurrence 
of the limit state under consideration is not greater than 5%”. Frank et. al. (2004), illustrates statistical 
schemes by applying the student t-distribution, which accounts for the number of samples. Bond 
(2010), and Orr and Breyesse (2008) provide further discussion on the code applications and reliability 
in design.  Austroads (1992) defined the characteristic value as the value with a probability less than 
5% of a worse case occurring, while AS 5100 (2004) and AS 2159 (2009) with its predecessors use a 
“conservative” value and the latter reserves the term “characteristic value” to when referring to the pile 
elements.      
 
Geotechnical material strength parameters typically have a large coefficient of variation (COV) as 
compared with man-made materials such as steel or concrete.  A COV of 20% for concrete is 
considered poor (Phoon, 2008) while in soil and rock materials such a result would be considered 
unusual and values of 40% typical.  COVs of 90% are common for strength index tests such as CBR 
(Look, 2009) or Point Load index tests (Look and Wijeyakulasuriya, V., 2009).  These 2 projects are 
used to illustrate an assessment of subgrade strength for pavement design, and an assessment of 
rock strength for a bridge rock socket design. The assumed distribution can affect the results 
considerably. For example the probability of failure of a slope can vary by a factor of 10 if a normally 
distributed or log normal distribution is used.  Goodness of fit tests are required to determine the 
appropriate probability distribution function (PDF). 

1.2 Distribution functions 

The normal distribution is the taught fundamental distribution, in basic statistics in engineering 
courses, as it is the simplest distribution to understand, but is not always directly relevant to soils and 
rocks.  The Probability distribution function (PDF) is the relative likelihood a random variable will 
assume a particular value.  The area under a PDF is unity.  Cumulative distribution function (CDF) is 
the probability a value will have a value less than or equal to a particular value. CDF is the integral of 
the corresponding PDF and an alternative way of presenting the PDF.  The most known distribution 
function is the Normal Distribution (the bell curve). This uses a mean and standard deviation as its 
arguments. The mean describes the value around which the bell curve is centred.  The standard 
deviation describes the spread of the results.  The coefficient of variation (COV) is the ratio of the 
standard deviation and mean value. 
 
The Normal distribution generally adopted for material modelling suffers from allowing negative values 
and the resulting error is exacerbated with higher coefficient of variation (COV) values (Fenton & 
Griffiths, 2008).  Thus the appropriateness of alternative distribution models needs to be assessed and 
goodness-of-fit tests are commonly used for this purpose to discern differences between a 
hypothesized and the observed distribution.  Three widely used tests are the Chi-Square, Kolmogorov-
Smirnov (K-S) and the Anderson-Darling (A-D); the A-D test is very similar to the K-S test, but unlike 
both former tests, places more emphasis on tail values owing to the logarithmic nature of its test 
statistic and has better discerning ability. 
 
There are over 35 distribution functions with the “best fit” distribution function assessed through 
goodness-of- fit test to the data.  PDFs such as Pearson VI, Lognormal, Gamma, Weibull, or Beta 
avoid the negative values that sometimes occur when a normal distribution is applied, such as 
strength indices (Point Load index and CBR) where a large range of results occur in the test data even 
for a “homogeneous” material.  An Exponential PDF is a negative (decreasing) distribution, and 
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applies mainly for the time needed to wait before an event occurs such as earthquakes or useful for a 
constant probability per unit distance such as lengths of joints. 
 
2 CASE STUDIES 
 
2.1 General description 
 
Case studies are used to illustrate the issues associated with using a PDF with the point load index 
[Is(50)] for various sedimentary rock types in south east Queensland. A consistent picture begins to 
emerge on the use of various PDFs for these rock types.  The best fit distribution from goodness of fit 
tests, normal and log normal distribution functions are compared. 

 
Road construction often has a significant number of California Bearing Ratio (CBR) tests to assess the 
subgrade for pavement design. If the pavement is at grade and of the same geological material over 
the alignment then statistics should be used to assess the subgrade. A case study is discussed for 
CBR tests over a 13.2 km alignment where 96 tests results were obtained in the preliminary design 
phase (Look, 2009). The normal and log normal distribution functions are also compared. 
 
While case studies data from only 5 bridge sites, 24 deep rock socketed piles at one site, 4 segments 
of a roadway and 1 major pile test site are described in this paper, many more projects were used in 
obtaining the conclusions on the applicability of appropriate PDFs. 
 
2.2 Pacific Motorway bridge Sites 
 
Table 1 provides the summary statistics for 5 sites for bridge piled foundation on Argillite / Greywacke 
meta-sedimentary rocks in south east Queensland, Australia, and obtained during the widening of the 
Pacific Motorway.  A normal distribution was adopted for simplicity.  Design values were quoted in the 
geotechnical reports in terms of weathering of the rock.  This shows that 2 of 5 sites have negative 
values at the 5% LCV.  This was the first time this author questioned the use of a normal PDF in 
design. 
 
The COVs shown in Table 1 are higher than the COV of 20% for “poor” man-made materials.  These 
large COVs account for the negative values calculated for the 5% fractile if the normal PDF is used.    
 

Table 1: Is (50) Values for Bridge sites on Meta-sedimentary rocks (Look, 2001). 

Bridge 
Site 

Highly / Moderately Weathered Rock Slightly Weathered Rock 
Mean (MPa) / COV (%) LCV (MPa) Mean (MPa) / COV (%) LCV (MPa) 

A 2.03  / 121% 0.23 2.05 / 79% 1.48 
B 0.57 / 123% (  - ) 1.94 / 54% 1.42 
C 0.98 / 30% 0.49 Insufficient data 
D 2.20 / 58% 1.50 2.60 / 36% 1.96 
E 1.50 / 135% ( - ) 2.57 / 71% ( - ) 

2.3 Gateway Bridge 

2.3.1  Project description  
 
The Gateway Upgrade Project (GUP) was the largest road and bridge infrastructure project ever 
undertaken in Queensland, Australia. The six lane bridge structure spans 1.6 km between abutments, 
with a central river span ~260 m.  The river span of the bridge is founded upon 1.5 metre diameter 
bored piers socketed into sedimentary rock.  River piers consisted of 24 piles that extended to a depth 
of over 50m below the river level.  Pier 6 (only) located in the river is discussed further. 
 
A statistical analysis of intact rock strength properties of the sub-horizontally interbedded sandstone 
stratum underlying one of the main river span (Pier 6) of the bridge was carried out.  Boreholes at 
each of the 24 socket location at this one pier showed that signification variation of ground conditions 
could occur locally between piles, even for the same pier location and for piles approximately 3.5m 
apart.  
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2.3.2 Point load index values 

 
Point Load strength Index results (330 No) in a distinctly weathered (highly to moderately) interbedded 
sandstone-siltstone were carried out.  The UCS / Is(50) ratio for both the axial and diametral direction 
was established and highlighted the need to account for strength anisotropy for socket design in view 
of the radial normal stresses on the socket wall (Look and Wijeyakulasuriya, 2009).    
 
For that bridge pier the COV was 91% for all Is(50) test results, but varied from approximately 31% to 
156% for the individual pile location. The statistical analysis of Pier 6 construction phase Is(50) 
(diametral) data was carried out using @Risk software.  This identified the best fitting distribution in 
each case from a set of 35 PDFs.  However, the best fit distributions identified depend on the 
significance level assumed and the type of goodness of fitness test used, and hence may not be 
unique.  However, the overall position varies by only a few places.  Table 2 shows the best fit 
distributions and the ranking of Normal and the log-Normal at each of the piles as well as for the 
combined diametral data (330 Nos.) at Pier 6.  The Anderson – Darling goodness of fit statistical test 
was applied to rank the various PDFs.  
 
Table 2: Best Fit Distribution models at the 24 pile locations at Pier 6.  

Pier 6 

Pile # 

A – D  Test ( 5% significance level ) 
Rank 1 Normal – Rank Log Normal - Rank 

P6-1 No Data -- -- 
P6-2 No Data -- -- 
P6-3 Log Logistic 8 3 
P6-4 Normal 1 4 
P6-5 Expon 6 13 (n/a) 
P6-6 Log Logistic 7 3 
P6-7 Weibull 7 5 
P6-8 InvGauss 8 7 
P6-9 Log Normal 8 1 

P6-10 Log Normal 9 1 
P6-11 Log Logistic 9 4 
P6-12 Log Logistic 10 3 
P6-13 Inv Gauss 8 7 
P6-14 Logistic 6 7 
P6-15 Expon 7 2 
P6-16 Log Logistic 7 10 
P6-17 Normal 1 4 
P6-18 Pearson V 8 13 
P6-19 Pearson V 8 3 
P6-20 Pearson V 8 3 
P6-21 Inv Gauss 5 3 
P6-22 LogLogistic 8 4 
P6-23 Normal 1 5 
P6-24 LogLogistic 8 4 

P6-ALL LogLogistic 9 3 
 
The loglogistic distribution is overall the best, and the Pearson V ranks second for this best fit 
statistical model at this site.  The lognormal ranks 3rd overall as compared to the 9th ranked Normal 
PDF.  Given the greater familiarity of the logNormal over the loglogistic among engineers, and the 
difficulties associated with the Normal, the logNormal distribution is proposed for use despite it not 
being necessarily the best ranking candidate.  The Normal PDF did rank 1st in 3 cases above, but 
overall represents a low ranked PDF.  The COVs in those 3 cases varied from low values of 40% to 
55% as compared to the average COV of 91%.  
 
Figure 1 illustrates the best fit distribution (a LogLogistic in this example) as compared with the 
lognormal and normal PDFs.  Even at the 10% fractile (the statistical term for the LCV), the normal 
PDF has a very low value and the lognormal would produce a value 7 times higher than the normal 
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distribution.  Figure 1 also shows at the 25% fractile the 3 PDFs shown would provide approximately 
the same value of 0.4 MPa.  This highlights the requirement to select the correct PDF in any statistical 
model especially at the low fractiles.  The 5% fractiles associated with the PDFs are: 
 

 Loglogistic ( Best fit) – Is(50) = 0.17 MPa 
 Lognormal  –  Is(50) = 0.16 MPa 
 Normal  – Is(50) = (- 0.18) MPa 

 
Obviously a negative value makes no sense, and many engineers then become sceptical on the use 
of statistics, when the issue is really the application of the appropriate PDF.  Table 3 shows the 
statistical properties of a few of these piles and the combined results of all pile data. Even for 
individual piles large COVs, and negative or unrealistically low characteristic values are evident. 
  
Table 3: Results of distribution models at 10% for Is(50) values at bridge pier 6. 

Pier 6 

 

Pile # 

Diametral Is(50) statistics 10% Characteristic (MPa) 

Mean (MPa) COV No. of points Normal Log Normal 

P6-5 0.82 39 % 10 0.46 n/a 

P6-6 1.01 151% 10 0.26 0.43 

P6-7 0.57 56% 15 0.15 0.19 

P6-8 0.74 68% 15 0.12 0.30 

P6-21 0.94 37% 16 0.48 0.51 

P6-22 0.81 113% 17 (-0.13) 0.20 

P6-23 0.81 40% 13 0.40 0.45 

P6-24 0.61 87% 18 (-0.12) 0.12 

P6-ALL 0.82 91% 330 0.03 0.24 

 

 
 

Figure 1. Comparison of distributions for the diametral Is (50) at pier 6 
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Table 1 also showed the 5% fractile is consistently negative or unrealistically low for the 5 separate 
bridge sites.  This illustrates the 5% to 10% values can be misleading when a normal distribution is 
applied but approximately comparable at the 20% to 30% value.  The consequences of applying 
various fractiles to commonly used rock socket design equations are discussed in Look and Lacey 
(2013). 
 
3 CBR VALUES FOR A ROAD PROJECT 
 
This case study is for the subgrade assessment of a transport alignment using the results of soaked 
CBR testing in the preliminary design phase. The lower characteristic value (LCV) is compared for 
various reliability levels and distribution functions.  The CBR laboratory model needs to be appropriate 
to the field CBR – this may involve soaked vs. unsoaked CBR, equilibrium CBR and levels of 
compaction achievable.  The terms percentage defective used in roadways is synonymous to the % 
fractile or LCV.  Variation would also occur both in testing at a specified location and spatially for a 
given project. Reliability is often discussed in codes and design procedures.  For roads, reliability 
design typically allows defects as follows: 
 

 90% reliability for major roads: i.e. 10% of test values less than the specified value. 
 70% reliability for minor roads i.e. 30% of results defective 

A lumped approach using all test results combined show a COV of 90% over the route.  This is very 
high but even when assessed as design segments a COV of 50% was the lowest calculated value 
(Figures 2 and 3, Table 4).  A CBR of -5.4% and -1.7% applies at the 5% and 10% fractile, 
respectively.  A lognormal or best fit Pearson V PDF, results in a CBR of 3% at the 10% fractile. The 
PDF of Figure 2 is transformed to the CDF of Figures 3 to show the cumulative distribution and its 
variation from better fitting statistical distribution models. 

 
Figure 2. Statistical distribution models for the full 13km length of the site 

 
 
Table 4  Results of distribution models at 10% and 25% risk for the various CBR zones. 

Chainage All (13km) 3.5km 1.5km 3.5km 4.5km 
No. Of values 96 31 6 38 21 

COV 90% 72% 50% 101% 71% 
LCV and PDF Soaked CBR (%) values 

10% LCV 
Best fit 

Log – normal 
Normal 

 
2.9 
2.8 

(-1.7) 

 
3.0 
3.0 
0.7 

 
15.0 
14.8 
10.6 

 
2.3 
2.2 

(-2.8) 

 
4.0 
4.0 
1.3 
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Chainage All (13km) 3.5km 1.5km 3.5km 4.5km 
25% LCV 

Best Fit 
Log – Normal 

Normal 

 
4.6 
4.6 
4.5 

 
4.2 
4.2 
4.4 

 
18.8 
18.7 
19.6 

 
3.8 
3.7 
3.2 

 
6.5 
6.5 
7.1 

 
At the 5 % fractile the CBR value is unrealistically negative if the normal distribution is applied for all 
data or for design segments, and even in most 10 % fractile.  The best fit and log normal distribution 
provides comparable values. At the 25 percentile defects, the best fit, the log normal and normal are 
comparable for the LCV in all cases.   This observation is comparable to the point load index best fit 
PDFs previously discussed. 
 

 
 

Figure 3. Cumulative distributions for chainage 51.4 to 64.6 km (full length). 
 
 
 
4 PILE DATA FROM CENTRAL QUEENSLAND 
 
Figures 4 shows the total compression capacity from pile tests with CAPWAP (Case Pile Wave 
Analysis Program) used.  Dynamic pile load testing using measured field parameters in a wave 
equation analysis is considered one of the more reliable methods of assessing pile capacities.  A COV 
of 16% represents a smaller spread of results as compared to the previous case studies previously 
discussed, with COVs greater than 50% producing statistical anomalies, when the normal PDF is 
used.  The normal and best fit PDF (Logistic in this case) shows a reasonable agreement even at the 
5% fractile.  
 
This case study shows that for low COVs the normal PDF can then be applied.  This also supports the 
use of higher reduction factors (0.8 for dynamic load testing) compared to lower values (0.7 to 0.4 
based on redundancy and risk rating) used during the design phase (AS2159, 2009).  Lab and field 
test values used in the design are more variable, as shown in the CBR and Is(50) case studies 
discussed previously. 
 
5  CONCLUSION 
 
The Point load and California Bearing Ratio are indices of strength that are not well modelled by the 
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Normal distribution.  The normal and log normal distribution functions were compared to illustrate the 
pitfalls in using the normal distribution where large COVs occur.  Assuming a normal distribution PDF 
produces dubious results for the 10% fractile or below. 

 
 

Figure 4. Total Pile Compression Capacity 
 
Characterisation of the strength properties, through goodness-of-fit tests, showed the use of log-
normal distributions produced realistic characteristic strengths at the low fractiles, while comparable 
predictions based on a Normal distribution showed unrealistically low and negative values. The 
lognormal is not the best fitting distribution, but is consistently close to the best fit PDF.  Some limit 
state code stipulate characteristic design strengths at low percentile values.   Yet the normal 
distribution model is not appropriate at the 10% fractile or below.   The normal distribution was 
comparable with the lognormal and best fit PDF at the 20% to 30% fractile.  At low COVs then the 
normal PDF applies. 
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ABSTRACT 
 
The Standard Penetration Test (SPT) requires 3 data points - the seating drive and 2 test drives each 
to 150mm penetration.  The combined number of blows to penetrate 300mm for the test drive is the 
N–value.  The SPT is far from “standard” as the name implies and despite following the procedures to 
a given testing code. Energy and other corrections are required to effectively use the SPT N – value in 
design.  The Pile Driving Monitoring (PDM) is based on LED opto-electronic technology and measures 
pile set and temporary compression by non-contact measurement from a safe distance.  The peak pile 
velocity can also be calculated.  This technology has been applied to SPT measurements in a similar 
way to observe the set and energy. The 3 data points for the N- value are measured as 30,000 data 
points with the PDM.  Additionally the velocity, and hence energy is able to be obtained.  With 10,000 
times the usual data for each SPT, insights are revealed on errors that are occurring in this simple and 
ubiquitous test.   The “standard” seating drive as 150mm, while appropriate before the electronic age, 
is now shown to be a significant and routine variable in the digital age. Correlations with N - values in 
the literature are for a specific energy efficiency.  Assuming rather than measuring the energy 
efficiency of the hammer used is the common practice in Australia.  Measuring and accounting for this 
Energy correction allows greater confidence and economies in design to occur. 
 
Keywords: Standard Penetration Test, Pile Driving Monitor, Energy ratio 
 
 
1 INTRODUCTION 

The Standard Penetration Test (SPT) is a widely used field test.   The SPT hammer (63.5kg) falling 
760mm is used to drive a 51mm outside diameter (35mm inner diameter) split barrel sampler to obtain 
disturbed soil samples. This was its original intent.  Additional data was obtained from counting the 
number of blows to obtain the samples.  The test was then standardised as the penetration of the last 
300mm with 150mm as a seating drive prior to measuring the test drive.  A history of the development 
of the test and its limitations is provided in Davidson et al. (1999). 

The SPT has been correlated to soil strength, modulus, settlement, and even used to asses pile 
capacity (Clayton, 1995; Burland et al., 1977; Meyerhof, 1976).  However, Skempton (1986) 
recommends various correction factors be applied to account for variable hole length and diameter, 
drill rig and energy loss.  Seed et al. (1985) also examined correction factors as critical in liquefaction 
assessment.  

The Pile Driving Monitoring (PDM) was developed by Dr. Julian Seidel to accurately measure pile set 
and temporary compression by non-contact measurement from a safe distance.  The peak pile 
velocity can also be calculated.   It is based on LED opto-electronic technology and uses a continuous 
laser scan approach. While the equipment was intended for the piling industry, the principle of 
accurately measuring the set and velocity for an element driven into the ground was extended to the 
SPT, which is a split spoon sampler driven 450mm into the ground. 

The 150mm increments used to assess the number of blows has an accuracy typically of -10mm to 
+15mm for most cases, but can be larger.  This is due to 3 reasons 

 the 5mm to 10mm chalk mark, which is thick enough for the supervisor to observe from a safe 
distance;  

 the supervisor being at least 3 metres away from the test due to safety requirements; 
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 If the number of blows exceed 150mm, then that blow is “transferred” by reducing the number 
of blows in the next 150mm.  Conversely, the SPT blows may actually be at 145mm (say), but 
if the next blow is significantly above the 150mm mark (at say 165mm), then 145mm is used 
as that test increment, which increases the next increment to be above the 150mm.  The 
supervisor has a few seconds or less with automatic trip hammers to make this assessment. 

Thus, the number of blows is the supervisor’s best estimate as it approaches the 150mm mark.  The 
blows do not stop exactly at the 150mm mark, but could be several millimetres on either side of that 
mark, and this occurrence is not explicitly stated within the Standard procedures. 

In contrast, the PDM approach measures, the actual set / penetration to 0.1mm accuracy for each 
SPT blow count. The penetration is summed to arrive at the actual number of blows.  The accuracy is 
then ± 0.1mm from the instrument.  However due to background “noise” such as vibration of the 
operating drilling rig itself, this accuracy is more likely to be ± 1mm.  There is a slight hammer rotation 
(and hence reflector reference) in this rig used in the study which may also affect the reading, 
although this occurred mainly on the hammer lift where no reading is being taken (Figure 1). 

 
2 ENERGY TRANSFER 

There are many corrections factors to be applied to convert the in-situ N–value to a useful design 
value.  Energy is widely considered the key correction factor.  Energy transfer is affected by the type 
of drill rigs, hammers used, operator skills as well as the ground conditions.  Some of the variables 
that may affect the energy transfer are (Davidson et al., 1999):- 

- An inclination of the drill string up to 3 degrees did not influence the velocity at impact 
- Energy transfer is reduced for lengths less than 15m.   

Australia predominantly uses trip hammers. Correction factors need to be applied based on the energy 
ratios (Table 1) with no corresponding documentation for Australia. Robertson and Wride (1997) 
suggest a correction of 0.8 to 1.5 for automatic hammers. 

Table 1: Correction factors based on Energy ratios for trip or automatic hammers 
Energy Ratio Reference 
55% to 62% due to heavy anvil 
60% to 83% depends on anvil weight  

Skempton (1986) 

76 to 90% Seed et al. (1985) 
60 to 73%.   Clayton (1990) 
80% to 100% - North America    
60% United Kingdom 

Bowles (1996) but uses E 70 

 
ASTM D1586-08 recommends normalizing results from any SPT test using energy measurements, 
and is mandatory when carrying out liquefaction assessments (ASTM D6066-96-2004). Australian 
Standards do not currently specify such requirements and energy is not commonly measured.  Thus 
any correction if applied is based on the international literature. 
                                                                                                                                                                                            
Different types of hammers used influence the N-value, with different energy efficiencies. 
The measured N-value is standardized by using the measured energy to the theoretical 
potential energy (Energy ratio ESPT) to convert to the 60% Energy (E60):- 
  

N60 E60 = N SPT ESPT 

N60 is the estimated N-value for the old safety hammer (cathead and rope).   An automatic trip 
hammer is estimated to be about 80% efficient which is 30% more than a safety hammer. The N-value 
therefore requires a correction to equate the values from the different hammers.  Skempton (1986) 
suggests the weight of the anvil also affects the energy transfer.  N60 is the currently accepted 
standard and many correlations are based on converting the field SPT value to that energy value. This 
Energy correction allows greater design confidence and economies in design to occur. 
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The equation shows that the more efficient hammers require a higher energy correction factor e.g. a 
150% correction for a 90% energy ratio. Thus if an in-situ SPT N - value of 8 (say) is used directly 
without an energy correction, then this would be incorrectly interpreted as a loose material for a 
granular soil, while the energy correction would result in a medium dense soil strength classification.  
Similarly, a clay strength classification would change from firm to stiff. 

 
3 TEST SITE AND PDM SET UP 
 
The test site was at The University of Queensland, Pinjarra Hills agricultural research area. This site is 
used as a field training for final year students in the Mining and Geotechnical Engineering degree 
course.   Students in groups of 10 or less with 4 groups per day are rotated on various activities and 
the SPT/ sampling drill rig activity was 1 of 4 activities.  An Edson 3.5 t rig was used.  This drill rig is 
typically limited to 10 metres maximum depth with no rock coring facility. Shallow boreholes were 
drilled with 1 SPT per group.  However all boreholes were within 5 metres of each other. 

The one CPT result at this location showed a stiff to very stiff clay in the top 0.75 metre and increasing 
to hard at termination depth.  The uncorrected SPT N- value varied from 12 to 21 (median N = 15) to 
the 2.5 metres maximum depth for 4 test boreholes.  The tactile classification would be a very stiff 
clay.  

The PDM research had to be carried out as a background only, with the key activity being the training 
of students for standard site investigation procedures.  THE PDM measurement involves placing a 
reflector as a reference point for the PDM device (Figure 1).  Measurements were taken as the SPT 
was carried out in the usual way.   

 

Figure 1. PDM obtaining data with reflectors on SPT hammer 
 
 
4 PDM TEST DATA 
 
4.1 Penetration Values for Seating and Test Drive 
 
A typical result is shown in Figure 2.  This shows the original reference position at 0.3mm at t=32 
seconds, followed by the hammer drop where the hammer goes out of the line of sight of the PDM, 
hence the negative values as it is lifted.  The -423.5mm and -423mm lines (prior to the first SPT blow) 
shown in Figure 2, if extrapolated would intersect at 760mm, i.e. the hammer drop. 
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In this result, the hammer then falls to a vertical position of 53.3mm at t=36.5 seconds after falling in 
0.2 seconds.  At t=38.9 seconds, the vertical position is 48.0mm. In some cases, there is a rebound 
while in other blows, there is nominal settlement.  This can also be due to the natural vibration of the 
drilling rig, and needs to be investigated further.  As the hammer is at a standstill, then the barrel 
rotation is not considered a cause.  The average of these 2 positional values is used in Figure 3.   
Only the first 5 SPT blows are shown in Figure 2. 

The PDM measurements occurred at 240 Hz, i.e. 240 readings per second.  There is 0.2 seconds for 
the hammer fall and 5 seconds between blows.  In contrast to using this PDM approach, the drilling 
supervisor must “eyeball” the blow being in or outside of the fixed 150mm increment i.e. it is a 
judgement on whether the below just before or just after is closer to the 150mm chalk mark.  Yet this is 
meant to be a factual value. Using the typical SPT procedure and measuring the number of blows per 
150 mm increment then the BH 2 (2.0m) result is:- 

 
- 4 / 5 / 9 for each 150mm increment. Thus N = 14 as measured by the drilling supervisor 

by eye and the reference chalk marks 
- The PDM vertical set measurement show those 3 readings were actually at increments of 

191mm / 123mm  / 154 mm 
 

 
 

Figure 2. Vertical position as measured 
 

The supervisor made the decision (in those few seconds) not to use the 3 blow counts as the seating 
drive, as 137.8mm was below the 150mm. That extra blow meant the seating blow was now actually 
191.3mm – even further away from the 150mm standard, and a “factual” record of 4 blows for the 
seating drive is now used.   These decisions are typically made every day in the field, and represent 
the errors in using chalk mark technology as the current state of practice.  The supervisor could not 
know that the penetration would increase for the next blow.  The transfer of seating penetration of 
41mm (191mm – 150mm) to the test drive is a significant error of 27% in that increment (ratio of 41 
mm /150mm)  
 
While the various standards suggests 150mm of seating drive, the results show the blows for the 
seating drive are similar in the range of 50.7mm to 39.6 mm / blow (Refer Figure 3) i.e. beyond the 
150mm “standard”.  Thus, by definition blow No. 5 is captured in the test drive, despite its obvious 
association to the set range and not the test drive set /per blow.  The test drive varies from 13.6mm to 
26.5 mm set.  
 
The result by this digital approach would then be:- 
 

- 5, 7, 10 for N = 17 for penetration of 228mm / 150mm / 150mm. 
- While the supervisor recorded 4, 5, 9 for N = 14 

Given the current technology to measure accurately, the question for industry is should we be 
accepting this “error” in measurement? The 150mm made practical sense prior to the digital age, but 
now seems out of step with the twenty first century with our ability to now measure accurately.  
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While this adjusted PDM measured N - value for this depth was 21% above the “by eye” value, overall 
the difference with the other values varied from 13% less to 21% more, with a median of 8% higher for 
the PDM result.  

 
 

Figure 3. Blow counts compared with penetration per blow at BH 3 
 
 
Figure 4 shows the SPT results for BH4 at 1.5m.  In that borehole the 150mm seating drive was 
actually 156mm.  However that last blow count of 24.5mm seems to be more closely associated with a 
test drive reading rather than the higher seating blow sets. 
 

 
Figure 4. Blow counts compared with penetration per blow at BH 4 
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4.2 Velocity Values and Energy Correction 
 
As the vertical position and time is known, then the velocity can also be calculated.  
 
Figure 4 shows the hammer drop reached a peak velocity of 3.42 m/s.  This is initially near zero 
velocity (shown as -.01m/s) before falling, but that plateau is actually outside of the PDM laser. The 
negative and spiked results occurs as the falling hammer first enters into the PDM range, with 
negative values and initial distortions (which are disregarded), before stabilising with the peak velocity 
just before impact and decelerates to zero velocity.   The velocity does vary with each blow count, with 
the energy ratio calculated from these measured velocities for the 18 blow counts for this SPT, varying 
from 79% to 83% for this drilling rig. 
 
Thus an energy correction factor of 1.3 (80%/60%) would apply to this SPT measurement. 
 
Considering the energy correction and the imprecision of the “eyeball” approach, the SPT N - value for 
BH3 (2.0m) would now be 24 as compared to N =14 as the in situ value and as measured in the 
traditional manner.  Note that due to the short rods used Skempton (1986) would recommend a further 
0.75 reduction, and an anvil correction may also affect that value. 

 
Figure 4. Hammer drop peak velocity 

 
 
4.3 Summary of Results 
 
Table 2 provides a summary of results with a comparison of the actual penetration used for the SPT 
value and with a “corrected” value allowing for a seating “error” as evident from the PDM 
measurement.  The variation in energy ratios is also shown.  

 
Table 2: Summary of SPT values examined with PDM measurements 
Borehole / 
Depth  

SPT N-value using 
supervisor’s records 

Penetration measured with PDM 
and with a “corrected” seating 

Energy Ratio 

2 (2.0m) 3,5,7: N = 12 

152/148/168mm= 469mm 

152 / 150 /150mm 

3, 5, 6 : N = 11  

81% 

3 (2.0m) 4,5,9: N = 14 

191/123/154mm= 468mm 

213 /150 / 150mm 

7,8,10: N= 18 

81% 

3 (2.5m) 5,7,8: N = 15 

164/141/146mm= 451mm 

213 /150 / 150mm 

7,8,10: N= 18 

85% 

4 (1.0m) 6,6,9: N = 15 

153/156/146mm= 455mm 

42 / 150 / 150mm 

1,6,7: N= 13 

81% 
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4 (1.5m) 5,7,7: N = 14 

157/166/153mm= 476mm 

109 /150 / 150mm 

2,6,7: N= 13 

80% 

 
 
These results show:- 
 

 The seating drive is not 150mm and the test drive is not 300mm 
 The energy ratio is approximately 80% to 85% for this drill rig 
 When the more accurate penetration values are accounted for, the true N- value is  20%   

 
5 OTHER SITE DATA 
 
The data discussion was for one site only.  Figure 5 shows for another site, where the seating drive 
shows 3 blows for the 150mm increment, yet clearly the 4th blow, while within the 300mm for the N- 
value test drive according to the standard approach is more associated with the seating rather that the 
test drive. 
 
These results consistently suggest, that the time has come to re-consider the intent of the 150mm 
seating drive rather than use the 150mm as a constant according to the Standards in use.  The 
seating drive intent was to dis-associate the initial blows with the test drive to account for material fall 
in to the base of the hole, or the disturbance of the hole-base material from drilling.  The 150mm in 
common use is a good first approximation, but as this digitally derived data has shown, this inherent 
“assumption” of 150mm as a constant can affect the N- value from the test drive.  
          

 
 

Figure 5. Seating Drive and test drive measurements 
 
 
6 CONCLUSION 
 
Despite the many Standards associated with the Standard Penetration Test and even the name of the 
test the measured value is far from “Standard”.  The PDM measures to 0.1mm accuracy, and shows 
the imprecise measurements in this standard approach even for 3 X 150mm penetration.  
 

1183



With 10,000 times the usual data for each SPT, insights are revealed on inaccuracies in this simple 
and ubiquitous test.   In carrying out the SPT, we have 0.2 seconds for the hammer falling and less 
than 0.05 second it takes to come to a standstill, and a further 5 seconds before the next below is 
delivered. The accuracy of the drilling supervisor’s assessment in that time frame is examined. With 
some automatic hammers the time can be less than 1 second between blows.  
 
The PDM shows the SPT “factual” blow count has an inaccuracy of up to 21% for the main test site 
discussed.  This is due to the seating drive variable, and the interpretative transfer of blow counts 
between the 150mm increments that occurs with every SPT in the field i.e. the blows can be above or 
below the 150mm increments.  While that approach was practical 50 years ago, the ability of 
instruments in the digital age for more accurate measurements, raises the question on whether we 
should update this “standard” test.  The seating drive is a constant value of 150mm according to the 
test procedure, yet seating has been shown to vary about that value.     
 
In some cases movement continues downwards, after blow termination by several millimetres. In other 
cases, there can be a rebound or relaxation following the SPT blow. The relevance of these 
considerations are discussed to expose the high degree of inaccuracy in this 150mm measurement 
test procedure.       
 
The energy measured (which is not typically carried out for Australian Projects) shows a 1.4 correction 
is required for this drill rig.  Without regular calibrations of the drilling rigs by this or other energy 
methods, a significant error may occur in applying the SPT N value directly as most correlations in the 
literature are based on the N60 value.   
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ABSTRACT 
  
Mining activities need to take place for the economic survival of countries. Mine tailings, which are the 
residue of mining activities, need to be disposed carefully to reduce their environmental impact.  
Millions of tonnes of mine tailings are disposed every year in Australia through underground mines 
and surface tailing dams. It is generally not possible to dispose all the tailings underground, due to the 
space limitations, therefore the remainder is sent to the surface tailing dams. For ease of transport 
over long distance, these tailings are often placed in the form of slurry with initial solid content of 50 to 
60%.  
To simulate the field condition in this study, the tailing slurry is placed in the settlement columns to 
settle under its own weight. Then a sample is taken for conventional one-dimensional oedometer 
consolidation from the base of the column to investigate the consolidation behaviour of the deepest 
sediments after self-weight consolidation has completed. The moisture content of location at which the 
sample for oedometer is taken, is determined to be 21% which is the liquid limit of the tailing.  
It can be concluded that self-weight consolidation of the tailing finished at its liquid limit and application 
of surcharge is required for further consolidation. Study on the consolidation parameters of the tailing 
at this moisture content suggests large coefficient of consolidations with each loading increments. 
 
Keywords: mine tailings, sedimentation, settlement columns, compression, consolidation at liquid limit 
 
 
1 INTRODUCTION 
 
The processing of minerals in mine tailings produces a large amount of by-product known as tailings. 
The Cannington mine is a metal-based mine that contains silver, zinc and lead. It is the largest silver 
mine in the world, and produces approximately 25 million ounces of silver per year and produces large 
amount of tailings. These tailings are usually used as pastefill, used for backfilling, disposed near a 
river, sea or in storage facilities such as tailing dams.  
 
When the ore is removed from the ground very large voids are created. These are generally backfilled 
by the crushed waste rock or tailings that remain after the valuable minerals are removed from the ore. 
Millions of tonnes of mine tailings are disposed every year in Australia through underground mines 
and surface tailing dams. For ease of transport over long distance, these tailings are often placed in 
the form of slurry. It is generally not possible to dispose all the tailings underground, and the 
remainder is sent to the surface tailings dams (Figure 1). The underground mines have access drives 
at different levels that have to be barricaded to isolate the voids before filling with the tailing slurry. 
Failure of underground mine barricades and surface tailing dams during the early days of filling has 
been a common problem faced by the mining industry for years. To mitigate the problem it is 
necessary to understand the sedimentation-consolidation process of mine tailings. The mine tailings 
can have large fraction of fines, making the sedimentation-consolidation process relatively slow. 
Especially when placing the slurries underground, even if the clay content in the tailings is low, the 
consolidation process can be slow due to the very large depth of the voids exceeding 200 m 
sometimes. To understand the self-weight consolidation of the tailings followed by the sedimentation 
process, and to model the problem numerically, it is necessary to evaluate the coefficient of 
consolidation of the tailings at different stress levels. In this paper, an attempt is made to carry out 
some one-dimensional consolidation tests on mine tailings obtained from Cannington mine. 
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Figure 1. Discharge of the tailings into the storage facility, Cannington mine (Lottermoser 2003) 
 
 
There are different factors that affect the consolidation settlement of soils. These factors are 
temperature, salinity, light, concentration of soil particles, solid content, mineralogy of the soil, amount 
of organic matters, filling rate, head pressure, particle size distribution. Changes of these parameters 
can change the settlement behaviour of the soils. Therefore each type of soil behaves differently, if its 
amount of salinity, minerals, and ionic concentration changes significantly. The presence, amounts 
and types of the elements in mine tailings depend on the type of extracted metal. For instance, the 
tailings of Cannington mine have significant amounts of silver as its principle commodity. As well as 
the presence of metal elements and affecting the mentioned factors, the angularity and orientation of 
particles can influence the settling behaviour of the tailings. Therefore, due to these differences, the 
behaviour of the mine tailings needs to be investigated. Specifically, consolidation behaviours such as 
compressibility and rate of consolidation are important to be investigated for land reclamation and 
estimation of the dyke storage capacity. 
The objective of this study is to examine the sedimentation and consolidation behaviour of the 
Cannington mine tailings at its liquid limit. Liquid limit is the transition point at which the slurry is 
transiting to soil and start to develop small shear strength. This is a temporary stage, however, initial 
water content affect the initial void ratio, the soil fabric developed and hence the consolidation 
parameters. Another objective of this study is to determine whether oedometer testing is a proper 
method for investigating the consolidation parameters of the tailings. 
 
 
2 MATERIAL AND METHOD 
       
2.1 Mine tailings 
 
2.1.1 Mineralogy  
 
The tailings used in this study were obtained from Cannington mine that is located in north-west of 
Queensland, near township of McKinley, Australia. The samples are transported to the James Cook 
University geo-mechanics laboratory in large closed drums. The Mineralogy of the mine tailings is 
presented by Lottermoser et al. (2009) demonstrated in table 1. 
 
Table 1:              Mineralogy of Cannington mine tailings (Lottermoser et al. 2009) 

 
Minerals Concentration

Quartz >10% 

Amphibole, Plagioclase <10% 

Anglesite, Bassanite, Biotite, Brucite, Calcite, Chlorite, Dolomite, Fayalite, Fluorite, 
Galena, Garnet, Gypsum, Halite, Hedenbergite, Hornblende, HFO phases, K-
feldspar, Laumontite, Magnetite, native Sulphur, Natrojarosite, Plumbojarosite, 
Pyrite, Sphalerite, Szomolnokite, Talc 

<1% 
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2.1.2 Specific gravity and Consistency limits, and particle size distribution 
 
Specific gravity or density of the mine tailings is determined according to the AS 1289.3.5.1. The 
density of the tailings tends to be much higher than soils depending on the amount of heavy metals 
presenting in the soil. Higher amount of heavy metals result in higher specific gravity of tailings. The 
density of the tailings can vary between 2.65 to 4.4 depending on the type and amount of metals.  

According to the reported specific gravities (Bowles 1986; Day 2001; Lambe and Whiteman 1979), the 
ranges of specific gravities for soils containing Chlorite is between 2.6 to 2.9. If the soil contain 
significant amount of mica and iron its specific gravity can varies between 2.75 to 3.00, and if it has 
Muscovite and Biotite it can have specific gravity up to 3.2. The tailing of Cannington mine has specific 
gravity of 2.89. 

The liquid limit of the tailings has been determined with the use of fall cone method. The liquid limit is 
performed according to AS 1289.3.9.1 and the plastic limit is determined according to AS 1289.3.2.1. 
A smooth cone made of stainless steel with total weight of 80±0.05 g and 30±1º is released in 5±0.5s 
and the liquid limit is defined which the depth of penetration is 20 mm. The fall cone method is widely 
preferable to be used than Casagrande method due to the better repeatability and less variations in 
measurement caused by human error. Liquid limit of the tailing is determined to be 21%, and its 
plasticity index is obtained as 5.6%. Therefore the tailings can be classified as silty to clayey soil with 
very low plasticity according to Casagrande soil classification chart. Figure 2 shows the particles size 
distribution that has been performed in Advanced Analytical Center at James Cook University, 
according to which the tailing has 30% clay, 40% silt, and 30% sand therefore about 70% of the tailing 
is fine grained soil. 

 
Figure 2. Particle size distribution of the Cannington mine tailings  

 
 
2.2 Method  
 
To prepare the slurries with specific solid content, the dried and powdered mine tailings were mixed 
with distilled water. Mixing the tailings with distilled water can reduce the concentration of the metal 
elements thus closer behaviour to soils might be expected. However, further investigation is required 
to investigate the effect of ions and metal concentrations on the consolidation parameters of the 
tailings. Then the mixture was left overnight to soak for 24 hours to ensure the homogeneity of the 
mixtures. Each settlement column has a diameter of 100 mm and a height of 1000 mm. According to 
Coulson et al. (1990), the size of the settlement column does not significantly affect the sedimentation 
and consolidation results if the ratio of the column diameter over diameter of the particles is higher 
than 100. The bottom of the settlement columns are perforated to allow the drainage of the water from 
the bottom. To avoid the blockage of the perforated holes filter paper is used at the bottom of the 
column. When the settlement columns are filled with slurries, they are left to drain and settle with time. 
 
The settlement analysis of soils can be different when the investigations are based on field testing or 
laboratory experiments. Different factors such as the rate at which the tailing dams are filled, the 
height and distance of pumping, method of filling materials, size of the pump, environment at which 
the tailing is poured into, can change the behaviour of the tailings.  Filling rate is one of the actions 
that cause a huge difference between field and laboratory investigations. Variations in filling rate 
change the result of the settlement due to its impact on stress history of particles. These changes in 
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stress history of particles can also affect the compaction parameters. Therefore, how slurries would 
pour into the settlement columns can affect the overall sedimentation and consolidation of the soils. 
There are different methods used for filling the columns in laboratory studies and in field applications 
(filling the tailing ponds). Filling can either be layer by layer within time intervals, or it can be 
instantaneous where all tailings are placed at once and assuming that the lag time between pouring 
the slurry and the start of settling is zero, filling can take place by continuously pumping into the area. 
In this study, the instantaneous placement method is used and the prepared slurry of 1.7 times liquid 
limit was poured into the settlement column in at once and it is assumed that there would be no lag 
time from the start of the test. 
 
To study the settling and sedimentation of the soil by oedometer a sample of 63 mm diameter is taken 
from the bottom of the column where the soil experiences the maximum compression due to the 
weight of upper layers. During the sampling process, samples were taken to obtain the water content 
of the tailing at which the specimen for oedometer testing was taken. It was found that the initial water 
content of the tailings was at the liquid limit which is 21% water content. Then the sample went 
through consolidation under oedometer and its consolidation behaviour is studied.  
 
 
3. Consolidation settlement  
 
The purpose of the consolidation test is to determine the consolidation behaviour of the Cannington 
mine tailings. Although it can be classified as ML (silt with low plasticity), due to the angularity of the 
particles and the presence of metal elements, its behaviour is different from soils that geotechnical 
engineers normally deal with. The analysis of the results obtained from the oedometer test clearly 
shows this deviation (Figure 3).  
 

 
3.1 Coefficient of consolidation  
 
The determination of coefficient of consolidation is normally based on the time at which a specific 
degree of consolidation has occurred. Based on different theories, considered degree of consolidation 
to determine the coefficient of consolidation varies. For example, Casagrande (1940) considers 50% 
completion of the consolidation and uses t50 for determination of its coefficient. This method is known 
as Casagrande log-time method. In case of Taylor (1948) theory, the completion at 90% of the 
consolidation is considered to be t90, and the time factor that is determined based on the dissipation of 
pore pressure is 0.848.  These two methods are the most popular methods. Another method is Cour 
method (1971) that is based on inflection point of the settlement versus log-time at which 70% of 
consolidation is completed.  
 
At the beginning of each loading increments abrupt initial compression was observed. This initial 
compression is not taken into account in any of the mentioned models. It is suggested by Craig (1974) 
that the initial compression should rather be ignored. Point as is corresponding to U=0 where the curve 
for primary consolidation starts and finishes at a100 corresponding to U=100 (Figure 4 a). 
 
 
 

 
 
Figure 3. Void ratio versus effective stress logarithmic scale 
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Figure 4. a) Root time method in case of initial compression (Craig 1974); b) Using Taylor root time 
method to determine t90 for Cannington mine tailing, typical shape of the strain versus root time of 
Cannington tailings 
 
 
 
Therefore in this study the initial compression is rather ignored for calculation of the coefficient of 
consolidation but it is taken into account for determination of the compressibility parameters.  
 
Due to the elimination of the initial compression, it is not advisable to use Casagrande and Cour 
method as these methods are based on the completion of the primary consolidation, whereas, Taylor’s 
root-time method depends on the initial behaviour of the soil. Thus, Taylor method is used in this study 
for calculation of coefficient of consolidation. 
 
Figure 5 shows the variation of coefficient of consolidation for each loading increment. During the first 
five loading increments, coefficient of consolidation increases as the loading increment increase. 
Afterward once the void ratio reduces dissipation of pore water pressure reduces and this result in a 
more stable values of coefficient of consolidation. The ranges of cv obtained in this study is in harmony 
with what Aubertin et al. (1996) for Quebec tailings as 0.005 – 2.8 (m2/yr), the Quebec tailing has 75% 
fine grains which might be comparable to Cannington mine tailing to some extent. However, each type 
of tailings can behave differently due to the type and concentration of metal ions. Due to the initial 
compression of the soil it is difficult to determine the coefficient of consolidation as it is not clear where 
the primary consolidation actually starts to occur.    

 

 
Figure 5. Variation of coefficient of consolidation for each loading increment.  
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3.2     Coefficient of volume change and compressibility 
 
Coefficient of volume change is the measurement of the compressibility of the soil. It is a value which 
shows how much a soil can be compressed when a specific amount of load is applied. Therefore it is 
dependant of the changes in volume ( ) and effective stress ( ) that caused the volume change. 
 

m 	                (1) 

 
Figure 6 shows the variation of mv with effective stress. The effective stress and the coefficient of 
volume change is correlated using bi-power fit with 99 %. Therefore, coefficient of consolidation as a 
function of effective stress is: 
 

15.85	 ′ . 	              (2) 
 
As the applied pressure increases the mv reduces and this shows that the compressibility of the soil 
reduces during application of heavy loads. The coefficient of compressibility (compression index) of 
the studied mine tailing can be determined from the slope of the void ratio versus logarithm of effective 
stress (Figure 3).  
The ranges of compression index for different mine tailings is studied by many researchers. Barnekow 
et al. (1999) presented the ranges of the compression indices based on the type of tailings (Table 2). 
He divided the tailings into three types, fine mine tailings, intermediate fine tailings, and sandy tailings. 
His classification is based on how close the behaviour of the tailings is to soils. Soils with moderate to 
high plasticity are classified as intermediate fine tailings. Cannington tailings is more likely to be 
classified as intermediate fine tailings, based on its compression index. The compression index of the 
tailing reported herein is 0.56, which is close to the upper limit reported by Barnekow et al. (1999) as 
0.55 for intermediate fine tailings. Therefore, the Cannington tailings can be classified as fine to 
intermediate fine tailing according to its value of compression index.  
 
 
3.3     Estimation of hydraulic conductivity from consolidation test 
 
Indirect estimation of hydraulic conductivity of the soils can be determined from product of the 
coefficient of consolidation (cv), coefficient of volume compressibility (mv) and unit weight of water (γw . 
Especially in case of self-weight consolidation, hydraulic conductivity plays an important role, as 
changes of hydraulic conductivity change the rate of consolidation settlement and void ratio. It is 
based on the hydraulic conductivity of soils that pore fluid is able to move within pore and drag solutes 
with themselves. Therefore porosity and degree of saturation of soils are important factors that 
hydraulic conductivity depends on. 
 
 
 
 

 
 
Figure 6. Variation of coefficient of volume compressibility for each loading increment.  
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Table 2:     The ranges of compression index based on type of the tailings (After Barnekow et al. 1999) 
 

Type of tailing Ranges of Compression index Cc  
Fine Tailings 0.60-0.82 

Intermediate fine tailings 0.40 - 0.55 
Sandy Tailings  0.02 - 0.08 

 
 
Hydraulic conductivity can be defined as, the ease at which water flows through the pores. If a soil has 
low hydraulic conductivity, it may take years for consolidation to be completed. Hydraulic conductivity 
gives an indication of soil compressibility, and how well it may consolidate under each loading 
increment. The speed of consolidation settlement mainly depends on the hydraulic conductivity of the 
soils. Soils with higher hydraulic conductivity settle faster than soils with low hydraulic conductivity. For 
example sand has high hydraulic conductivity, therefore it settles quickly, whereas it may take years 
for clayey soils to consolidate. Clayey soils usually have very low hydraulic conductivity, and this 
hinders the dissipation of water through pores and makes them highly compressible. 
 
Figure 7 shows the changes of hydraulic conductivity with void ratio. Accordingly, the hydraulic 
conductivity increases as the void ratio reduces. The best fit is found to be bi-power law function, and 
therefore hydraulic conductivity as a function of void ratio with 83% coefficient of determination can be 
written as: 
 
 

0.4994	 .               (3) 
 
 

 
 
Figure 7. Void ratio versus hydraulic conductivity 
 
 
 
4 CONCLUSION 
 
This paper presented the consolidation behaviour of the Cannington mine tailings that has been 
investigated by the use of oedometer testing. The tailings is classified as silt with low plasticity with 
liquid limit of 21%. The compressibility of the tailing is found to be 0.56 and is classified as 
intermediate fine tailings which is in agreement with the grain size distribution of the soil that shows 
about 70% of the tailings is fine material and the rest is sandy. Determination of coefficient of 
consolidation by the existing methods is difficult due to the initial compression of the tailings and it is 
not very much clear where exactly the primary consolidation starts. This might lead to errors in finding 
the coefficient of consolidation by oedometer. Therefore, further study on analysis of how to obtain 
most accurate coefficient of consolidation is necessary. This can be done through analysis of self-
weight consolidation. As the type and the concentration of metal elements can affect the behaviour of 
the tailings, further investigation of this can be helpful in estimating the behaviour of the tailings and 
their difference with soils. 
 
 

( 
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ABSTRACT 
 
The growth in world trade and the rapid population and economic growth in coastal urban areas has 
lead to the increase in onshore Land Reclamation. The land reclamation is mostly carried out with the 
hydraulic deposition of dredged material that requires stabilisation. The stabilisation of dredged Sands 
is normally carried out with the use of Dynamic Compaction and Vibro-compaction on deep fill areas. 
With the use of Dynamic and Vibro-Compaction on non-cohesive soils the upper 3 metres or so 
remains loose after the deep compaction is completed. High Energy Impact Compaction (HEIC) has 
been used recently on land reclamation projects to compact the loose upper 3 metres or so on deep 
fills after the Dynamic or Vibro-compaction is completed and on shallow Sand fills to around 5 metre 
depth without the use of Dynamic or Vibro-compaction. The use of Impact Compaction on Land 
Reclamation projects is discussed and Case studies are presented on the use of High Energy Impact 
Compaction for the near surface compaction on three onshore land reclamation projects. 
 
Keywords: Reclamation, Dredged Sand, Compaction, Impact Compaction,  
 
 
1 INTRODUCTION 
 
Densification and improvement of hydraulic fills are usually required before they are suitable for most 
uses (Shen and Lee 1995). Sladen (1990) inferred that with hydraulic placement the subaqueous 
material is generally looser than the materials above the tidal range. Vibrocompaction or Vibratory-
probe compaction and Dynamic Compaction are commonly used for the densification of the looser 
Sand hydraulic fills. The compaction of the deeper soils is usually conducted over the denser soils 
above the water level. The absence of confining pressure in the upper levels on cohesionless soils 
tends to loosen the upper 2-3 metres of denser soils during the Vibrocompaction and Dynamic 
Compaction operations. Leycure and Schroeder (1987) attributed this to “over-vibration” which occurs 
with high particle acceleration and low overburden pressure. Covil, Luk and Pickles (1997) also 
reported a loose zone above the tidal range from the effects of Vibrocompaction on the Chek Lap Kok 
airport project.   
 
Impact Compaction has been used on a number of Sand Reclamation projects for the surface 
compaction of the upper levels after the completion of Vibrocompaction or Dynamic Compaction. 
Impact Compaction was first developed in the 1970’s in South Africa and was introduced into Australia 
in the late 1980’s and into Europe and North America in the late 1990’s. It has been used on large 
infrastructure projects worldwide. 
 
2 PRINCIPLES OF IMPACT COMPACTION 
 
2.1 Description 
 
Impact Compaction is a form of dynamic compaction that derives the compaction energy from the rise 
and fall of non-circular drums attached to mobile plant that travels at approximately 10-15km/h. The 
dynamic loads exerted on the surface enable compaction to depths of approximately 5 metres (Kelly 
2000). This form of compaction generically referred to, as “Impact Compaction” or “Impact Rolling” 
should not be confused with Dynamic Compaction that consists of heavy tamping with heavy weights 
dropped from a crane and that imparts energy into the ground orders of magnitude much greater than 
Impact Compaction. 
 
2.2 Depth of Influence 
 

1193



The depth of influence with Impact Compaction increases with an increase in the stress induced in the 
soils by the impact loads and thus in addition the type and properties of the soil is directly related to 
the weight and drop height the impact drum assembly.  
 
The dynamic action of Impact Compactors is complex which with the wide range of soils 
characteristics make is difficult to quantify the induced soil stress for each application. Nevertheless, 
comparisons can be made between various Impact Compactors in a similar way to that of Dynamic 
Compaction on the basis of the weight of the impact drum assembly and the height it raises and falls 
during operation.  The impact drum assembly with the plant at operating speed possess kinetic energy 
in the form of translation and rotational energy and with the drum in the raised position potential 
energy (See Fig 1) that converts to kinetic energy as it falls. A theoretical and empirical analysis 
conducted by the University of Pretoria showed that on impact with the ground the rotation and 
horizontal velocities reduce proportional to the stiffness of the ground and as such only a portion of the 
total kinetic energy is imparted into the ground. They concluded the Potential Energy (mgh) of the 
raised impact drum assembly approximates the energy imparted into the ground and the changes in 
translation and rotational energy mostly only compensate for the gravitational losses from the impact 
drum linkage mechanisms that inhibit the true free fall of the impact drums. 

 

Figure 1. Dynamic Action of Impact Drums 
 
Table 1 compares the energy factors of some Impact Compactors. It illustrates the relative difference 
in the impact loads that will be imparted during compaction with different impact compactors, which 
relates directly to the depth of influence. 
 
Table 1: Impact Compactor Criteria 

 3-sided  

(Heavy) 
5-sided 

(Standard) 
4-sided 

(Standard) 

Impact Drum Assembly Weight 14 Tonne 11 Tonne 8 Tonne 

Drop Height 230mm 150mm 150mm 

Energy Factor (Weight x Drop Height) 3,220 Tonne.mm 1,650 Tonne.mm 1,200 Tonne.mm 

Energy Factor Comparison 100% 51% 38% 
 
3 CASE STUDIES 
 
3.1 Port Botany Expansion Project 
 
The container terminal at Port Botany in Sydney has been expanded with the reclamation of 60Ha with 
1,850 metres of additional wharf face. Approximately 7.5 million cubic of fill was dredged using cutter 
suction dredgers and discharged in a slurry form by Spreader pontoon, Surface discharge or Aerial 
discharge methods. A new public boat ramp facility was also constructed in the vicinity of the new 
terminal reclamation area with dredging and reclamation of approximately 3 Ha. 
 
3.1.1 Dredged Sand Fill Compaction 
 
Vibrocompaction was used for the densification of the deep Sand fills in the counterfort wall trenches 
and counterfort wall backfill and adjacent to the previous terminal retaining walls to depths of 
approximately 30m. Dynamic Compaction was utilised on the remaining new terminal areas to depths 
of approximately 20m. Because of the non-cohesive nature of the sand fill and loosening effects of the 
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upper 2-3 metres during the Vibrocompaction and Dynamic Compaction works, Impact Compaction 
was used for the near surface compaction of the upper 2-3 metres. Figure 2 shows the typical 
reclamation profile in the new terminal area. In the public boat ramp area Impact Compaction was 
used for the densification of the dredged fill improvement and the loose sandy seabed sediments to 5-
6-metre depth. Figure 3 shows a typical particle-grading curve for the near surface sand fill. The sand 
fill was predominantly medium gained with traces of silt/clay and gravel being shell fragments. 

 
Figure 2. Cross-section of typical Reclamation profile in the New Terminal Area 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 3. Typical near surface Sand Fill Port Botany Expansion Grading curve (AS1289.3.6.1 -1995) 
 

Coefficient of Uniformity:  Cu = D60/D10 = 0.33/0.16 = 2 
 
Coefficient of Curvature:   Cc = (D30)

2/D10 x D60 = (0.23)2/0.16 X 0.33 = 1 
 
The project specification called for compaction to 75% Density Index to 2m below the reclamation 
level and 70% Density Index from 2-3m depth in the new terminal areas. For reclamation material 
below the Mean Low Water Neaps and 4 metres below the existing in-situ surface levels in the new 
terminal areas and boat ramp area a CPT cone resistance value (Qc) greater than 5MPa for a 
minimum of 90% of the cone profile was specified. 
 
3.1.2 Impact Compaction Test Results 
 

Dredged Fill Upper 
Layer (2-3m) 
Impact Compaction 

Dredged Fill 
Dynamic Compaction and 
Vibro-Compaction to RL-10 

Seabed Material 
Dynamic Compaction 
and Vibro-Compaction  
 Original Seabed 
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The Impact Compaction was carried out in three distinct areas, viz; Public Boat Ramp area, Early 
Works area and New Terminal area.  
 
The Impaction Compaction in the Early Works areas were carried out on a nominal 300mm Sandstone 
constraining layer that was placed over the sand fill that had been subject to either Vibrocompaction or 
Dynamic Compaction. The 300mm layer formed part of a working layer for the construction access 
and hardstand areas. Cone Penetrometer testing was carried out (NEN 5140 Class 1) on these areas 
to verify the compaction results. The average Cone Resistance (Qc-MPa) values are presented in 
Figure 4. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 4. Early Works CPT’s (Average Qc Values) 
 
The Impact Compaction in the New Terminal area was carried out on the Sand Fill surface that had 
been subject to either Vibrocompaction or Dynamic Compaction. Density tests were carried out in test 
pits to verify the compaction results. The average density test results are presented in Table 2. 
 
Table 2: New Terminal Density Test Results (Average) 

Test Depth No. 
of 

Tests 

Field 
Dry 

Density 

Field 
Moisture 
Content 
AS1289 

2.1.1 

Field 
Wet 

Density
AS1289 

5.8.1 

Max. 
Dry 

Density
AS1289 

5.5.1 

Min. Dry 
Density
AS1289 

5.5.1 

Compaction 
Density-Id 
AS1289 

5.6.1 

Failure 
Rate 

<75%Id 

    (t/m3) (%) (t/m3) (t/m3) (t/m3) (%) (%) 

100-400 60 1.7 6.30% 1.81 1.68 1.38 106.6% 0 

400-700 78 1.71 6.20% 1.81 1.68 1.39 108.3% 2.56% 

700-1000 70 1.7 6.30% 1.81 1.67 1.39 109.5% 1.5% 

1000-1300 70 1.68 6.40% 1.79 1.67 1.4 104.2% 2.95% 

1300-1600 59 1.68 7.50% 1.81 1.67 1.4 106.4% 0 

1500-1800 30 1.69 11.80% 1.89 1.67 1.4 104.9% 0 

Overall 367 1.7 6.90% 1.81 1.68 1.39 106.9% 1.36% 
 

 

Water Table Depth (Range) 

Pre-Compaction 

Post  
Dynamic Compaction

Post 
Impact Compaction 
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Dynamic Compaction or Vibro-Compaction was not carried out on the Public Boat Ramp area prior to 
Impact Compaction. Cone Penetrometer testing was carried out on this area to verify that the 
compaction results meet the project specification. The average Cone Resistance (Qc-MPa) values are 
presented in Figure 5. 
 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 

 
Figure 5. Public Boat Ramp CPT’s (Average Qc Values) 

 
The project specifications in all three areas (Viz; New Terminal; Early Works and Public Boat Ramp) 
were achieved using Impact Compaction. 
 
3.2 Port Tanger Project, Morocco 
 
The Tanger MED 2 project in Morocco requires a 140ha area to be constructed, through a 
dredging/backfilling operation and densification and improvement of the hydraulic fills, prior to 
pavement construction for a planned container terminal.  Up to five million cubic metres of “borrow 
material” will be dredged, sourced offshore, and backfilled onto an area behind quay walls.   
 
3.2.1 Dredged Sand Fill Compaction 
 
The backfilled dredged material will be Deep Vibro Compacted (DVC) to the full depth.  The Cone 
Penetrometer Test results, from previous DVC works within the Tanger MED site, have indicated that 
specification is only achievable greater than 2m below ground level.  A trial was conducted on site 
using Impact Compaction for the compaction of the upper surface materials to 2-3m depth. 
 
The project specification requires the following criteria to be achieved in the upper 2 metres, prior to 
pavement construction. 
 
 CPT Cone Resistance Qc ≥10MPa 
 Modulus Ev2 ≥100MPa, at the surface 
 (Ev2/Ev1) ≤ 2, at the surface 
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Post 
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Three trial areas were selected to assess 
the most suitable Impact Compaction 
methodologies. The results of the 
preferred methodology are presented. To 
emulate the Deep Vibrocompaction 
(DVC) results elsewhere on site the trail 
area presented (See Fig 6) was prepared 
with the removal of 2 metres of previously 
hydraulic placed dredged fill and re-
placed in a very loose to loose condition. 
A nominal 250mm rock layer was placed 
over the re-placed sand fill prior to the 
Impact Compaction. 

 
 
 
 
 

Figure 6. Trial Area with Rock Layer 
 

3.2.2 Impact Compaction Test Results 
 
The average cone resistance values of three CPT’s prior to Impact Compaction and three CPT’s after 
Impact Compaction are presented in Figure 7. The post compaction values indicate that compaction 
exceeded the minimum project specification line CPTU ≥ 10MPa to a depth of approximately 4.5 
metres.  
  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
Figure 7. Preferred Trial Area CPT’s (Average Qc Values) 

 
The results of the plate load test conducted after Impact Compaction are presented in Table 3. The 
post compaction Plate Load test values indicate that compaction exceeded the minimum project 
specification. 
 

 
 
 

Upper 2m removed and replaced to emulate 
DVC post compaction density 

Post 
Impact Compaction 

Pre-Impact Compaction 
Post DVC 
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Table 3: Post Compaction Plate Load Test Results 

Plate Load Test No Modulus (Ev2-MPa) k (Ev2/Ev1) 

S1 107 1.72 

S2 145 1.81 

S3 109 1.79 

S4 136 2.00 
 
3.3 Newcastle Kooragang Coal Expansion Terminal 
 
The proposed capacity of the Newcastle Kooragang Island�Coal Expansion Terminal north of Sydney 
will be 30 Mtpa coal�throughput, which is the largest single stage�development of a new coal 
terminal of this magnitude in�the world. The project involved dredging to construct a serviceable port 
for the export of coal. The 3.5 million cubic metres of Dredged Sands were re-used as construction fill. 
The coal stockpile and reclaimer area is approximately 40Ha in size and is located on dredged fill 
placed over Quaternary fluvial, estuarine and marine sediments of variable depth and consistency. 
The upper alluvium comprises layers of very soft/soft clays and very loose/loose silts and sands 
typically 2 to 4m thick. 
 
3.3.1 Dredged Sand Fill Compaction 
 
Dynamic Replacement was used on a crushed rock/gravel layer on the original ground level on a 
triangular grid with columns to around 5 to 6m depth. Dredged fill was hydraulically placed to 3-5m 
depth over the Coal Stockyard area after completion on the Dynamic Replacement. The dredged fill 
comprised medium to coarse-grained Sands. The Dredged Fill was subject to further compaction after 
hydraulic placement with Impact Compaction using Landpac 3-sided Impact Compactors.  
 
The project specification required compaction of the dredged fill to a medium density. 
 
3.3.2 Impact Compaction Test Results 
 
The average cone resistance values of nine CPT’s prior to Impact Compaction and six CPT’s after 
Impact Compaction are presented in Figure 8. The post compaction values indicate that compaction 
exceeded the minimum project specification of medium density to a depth of approximately 5 metres.  
  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
 
 
 
Figure 8. Coal Reclaimer Area CPT’s (Average Qc Values) 

Pre-Compaction 

Post 
Impact Compaction 
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4 CONCLUSION 
 
Impact Compaction is an effective means with the appropriate equipment and methodology of 
compacting the upper 3 metres of dredged Sand reclamation fills after deep compaction using 
Vibrocompaction or Dynamic Compaction. Impact Compaction is also an effective alternative to 
Dynamic Compaction or Vibrocompaction for the compaction of dredged sand reclamation fills to a 
medium density to depths of 5 metres.  
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ABSTRACT 
 
The recent embrace of a performance-based design (PBD) approach for the design of buildings has 
increased the need to more rigorously quantify the behaviour of both the structure and the foundation. 
To ensure suitable foundation performance, the engineer needs tools to both predict the expected 
level of transient and permanent deformations and control these deformations within the design 
specifications. There are several experimental tests providing evidence of correlation between residual 
rotation, peak rotation and axial load, as well as for soil-foundation-structure interaction (SFSI) -
induced settlement. However many of these tests use synthetic ground motions or the recorded data 
is difficult to interpret due to testing in harsh centrifugal conditions.  
This paper provides expressions for the expected level of residual foundation rotation and SFSI-
induced settlement based on the peak foundation rotation and foundation axial load. The curves were 
developed from results of an extensive parametric study using an experimentally validated modelling 
technique, employing a macro soil-foundation interface element and an elastic single-degree-of-
freedom structure. 
The derivations of the relationships between residual rotation and peak rotation, and SFSI-induced 
settlement and peak rotation are shown and their dependency on the ratio of applied static axial load 
to static axial load capacity is examined. 
 
Keywords: Soil-foundation-structure interaction, Performance-based design, residual behaviour 
 
1 INTRODUCTION 
 
A performance-based design methodology requires designers to control the levels of deformations in 
the structure for the given design loads. The peak transient deformations are of interest in controlling 
collapse and damage to non-structural elements, while the residual deformations indicate the 
possibility of repairing the structure itself. There are several empirical equations available for 
predicting the residual drift of the super-structure for a given peak drift and a governing hysteretic 
behaviour (eg. Ruiz-Garcia and Miranda, 2006). To have a comprehensive performance-based design 
the same approach is needed for the foundation deformations. 
Early experimental tests at the University of Auckland (Taylor and Williams, 1979) involved rocking 
foundations under constant axial load on clay and sand. The findings showed that settlement was 
dependent on the number of cycles, with five cycles at 0.035 rad resulting in a settlement of 0.2% of 
the footing width. It was recommended that footings should be designed with large factors of safety to 
prevent large settlements during rocking. Work by Gajan et al. (2005) developed relationships for 
settlement based on the footing rotation during each cycle from slow cyclic tests and dynamic 
excitation. In this work the axial load ratio (defined as the ultimate vertical capacity over the applied 
vertical load), the peak footing rotation and the relative density were all recognised as important 
parameters relating to settlement. Deng et al. (2012) developed relationships between the settlement 
and the cumulative plastic rotation (defined as the sum of all the rotations that exceeded a threshold) 
based on slow cyclic and dynamic centrifuge tests. The research also recognised the axial load as an 
important parameter. 
The recent emergence of a ’weak foundation, strong super-structure’ design philosophy or ‘shared 
ductility’ between the super-structure and foundation has prompted engineers to question what level of 
foundation deformations are acceptable. Should foundation uplift be prevented as suggested in many 
codes around the world? If large transient deformations in the foundation are allowed for, will large 
residual settlements and residual rotations occur? This paper addresses these questions, not 
necessarily to advocate for a ’weak foundation, strong super-structure’ design approach, but to 
provide engineers with a tool so that they can check the residual deformations of their foundations, 
regardless of their design philosophy. 
1.1 Mechanisms of foundation rotation 
 
Foundation rotation can be considered as three separate mechanisms: elastic rotation, foundation 
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uplift and soil yielding (Figure 1). The elastic rotation is a linear elastic mechanism, where the rotation 
is fully recoverable and the elastic stiffness comes from the footing dimensions, initial shear modulus 
and Poisson’s ratio of the soil. The uplift mechanism is a non-linear elastic mechanism, whereby the 
deformation is fully recoverable but the rotational stiffness reduces as uplift occurs due to a geometric 
non-linearity. The soil yielding mechanism is a non-linear inelastic mechanism, whereby the rotation is 
not recoverable and the stiffness changes as the soil yields. 

 
Figure 1. Mechanisms of foundation rotation 
 
Each of these mechanisms contributes different amounts of rotation depending on the level axial load 
and amount of rotation. The elastic rotation is the biggest contributor for small levels of rotation, while 
for large rotations, heavily loaded footings are dominated by soil yielding and lightly loaded footings 
are mainly affected by uplift. Although each mechanism influences the other, this mechanism 
approach provides a convenient explanation for why the level of residual rotation may be dependent 
on both the level of rotation and the axial load. The level of axial load can be considered in a 
normalised form using the axial load ratio ( ), which is equal to the static factor of safety against 
bearing capacity failure. 
 
1.2 Mechanisms of settlement 
 
A mechanism approach can also be applied to the prediction of settlement. Two mechanisms 
contribute to settlement; static settlement and soil-foundation-structure interaction (SFSI) induced 
settlement. The static component can be considered as the settlement from the compressibility of the 
soil under the applied gravity loads and will not be discussed any further in this paper. The SFSI-
induced settlement occurs due to a shakedown of the foundation into the soil through subsequent 
cycles of irrecoverable soil yielding through rotation (Figure 2). Based on mechanics it can be seen 
that a larger axial load leads to a larger amount of yielding for an equivalent level of rotation. Thus the 
foundation rotation and axial load ratio are both significant parameters in SFSI-induced settlement as 
was recognised in previous studies (Gajan et al. 2005, Deng et al. 2012). 
 

 
Figure 2. SFSI-induced settlement 
 
2 OBJECTIVES 
 
This paper provides expressions for the expected level of residual foundation rotation and SFSI-
induced settlement based on the peak foundation rotation and foundation axial load ratio. The curves 
were developed from results of an extensive parametric study using an experimentally validated 
modelling technique, employing a macro soil-foundation interface element and an elastic single-
degree-of-freedom structure. 
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3 PROCEDURE 
 
There are several experimental tests providing evidence of correlation between residual rotation, peak 
rotation and axial load, as well as for SFSI-induced settlement. However many of these tests use 
synthetic ground motions or the recorded data is difficult to interpret due to testing in harsh centrifugal 
conditions. The limited number of testing configurations also makes it difficult to assess the influence 
of a wide range of parameters. The use of an experimentally validated numerical simulation technique 
allowed the authors to investigate the relationships between the residual parameters and the peak 
rotation for a wide range of building and foundation parameters. 
 
3.1 Numerical model setup 
The numerical model used in this study consisted of a lumped mass super-structure (  attached to 
a soil-foundation interface element (Figure 3a). The super-structure was modelled elastically with a 
horizontal linear dashpot ( ) set at 3% of critical damping between the foundation and the super-
structure. The vertical displacement from the super-structure was slaved to the foundation node 
providing a perfectly rigid super-structure axial stiffness. The foundation mass ( ) was modelled with 
horizontal and vertical masses. The foundation radiation damping was modelled with horizontal ( ), 
vertical ( ) and rotational ( ), linear dashpots between the foundation and surrounding soil based 
on the radiation damping equations from Gazetas (1991). The initial stiffnesses ( , , ) for the 
soil-foundation element model were based off the stiffnesses suggested in Gazetas (1991), where for 
embedded foundations the contact area of the sidewalls was assumed to be zero as the numerical 
model was developed for shallow foundations on the surface. The modification to the stiffnesses due 
to uplift was captured using the uplift formulation from Chatzigogos (2008). The uplift model has the 
advantage of capturing the vertical displacement of the centre of the footing, allowing for the vertical 
inertia and damping to contribute to the behaviour. The soil yielding was modelled using the plasticity 
model and model parameters from Figini (2012). The plasticity model uses a bounding surface and 
vertical mapping rule and it has been experimentally validated to reasonably accurately capture the 
rotational and settlement behaviour at small levels of rotation (Figini, 2012). The foundation capacity 
( ) was determined based on the shallow foundation bearing capacity equations from Salgado 
(2008). P-delta effects were considered in the analysis. All analyses were carried out using the non-
linear time history analysis software Ruaumoko3D (Carr, 2013). 
 
3.2 Experimental validation 
The numerical model was calibrated and validated against a model bridge pier structure from the fifth 
centrifuge experiment (LJD03) from the NEES project: “Innovative Economical Foundations with 
Improved Performance that is Less Sensitive to Site Conditions” (Deng and Kutter, 2010). The model 
bridge pier is shown in Figure 3b. A summary of the modelling parameters used to capture the 
experimental behaviour is shown in Table 1.  
 

 
 

Figure 3a. Numerical SFSI model 
 

Figure 3b. Experimental test setup (Deng and 
Kutter, 2010) 
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Table 1: Input parameters for numerical simulation of experiment by Deng and Kutter (2010) 
Parameter Value Parameter Value
Pier height  12.1 m Footing axial load capacity (Ncap)  68.0 MN 
Deck weight ( ) 632 T Vertical radiation damping (CNN)  13.8 MNs/m 
Fixed base period ( )  1.2 s Horizontal radiation damping (CVV)  8.55 MNs/m 
Super-structure damping  3% Rotational radiation damping (CMM)  21.8 MNms 
Footing length  7.35 m Uplift limit factor (α)  5
Footing width  4.70 m Uplift stiffness factor (ε)  0.65
Footing depth  1.24 m Uplift stiffness factor (δ)  0.75
Footing embedment  2.24 m Uplift stiffness factor (γ)  1.5
Footing mass  79 T Uplift plasticity factor (ζ)  1.5
Soil initial stiffness (Gmax)  30 MPa Bounding surface shear parameter (μ)  0.469
Poisson’s ratio (v)  0.3 Bounding surface moment parameter(ψ) 0.48
Soil density (ρ)  1.67 T/m3 Bounding surface shape parameter (ξ)  0.95
Friction angle (φ)  32 Plasticity modulus factor (p1)  0.4
Relative density (Dr)  38% Reload stiffness factor (p2)  1
Vertical stiffness (KNN)  603 MN/m Plastic potential shear parameter (λ)  2.5
Horizontal stiffness (KVV)  447 MN/m Plastic potential moment parameter(χ)  3
Rotational stiffness (KMM)  6330 MNm 

 
The results of two of the validation tests are shown in Figures 4a and 4b, where the deck acceleration 
is the total acceleration, the deck rotation is the rotation of the deck relative to horizontal and the 
footing moment is the moment determined from the inertia and measured accelerations. The footing 
rotation is the footing rotation relative to horizontal and the footing settlement is the settlement relative 
to the ground surface. The numerical model over predicts the high frequency content of the deck 
movement as seen in the peak acceleration plots but captures the deck and footing rotations 
reasonably well. The footing moment demand was captured realistically by the model using the uplift 
and plasticity formulations. The transient settlements from the experiment were not accurately 
measured, however, the model captured the general trend of the residual settlements from both 
motions but over predicted the settlement from motion 11 because the model did not account for the 
densification of the soil under footing from multiple motions. This experimental validation, along with 
others from Figini (2012) and Chatzigogos (2010), provides some confidence in the model to predict 
peak and residual foundation deformations. 

Figure 4. Numerical versus experimental comparison of bridge pier test (a - left) Motion 7 (b - right) 
Motion 10) – Experimental data from Deng and Kutter (2010) 
 
3.3 Parametric study 
The parametric study was an extension of the model used in the above experimental validation, where 
the input parameters in Table 2 were varied to reflect the range of realistic building/soil types where 
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SFSI may be of interest. Table 2 describes the range and limitations on the parameters, while 
Equation 1 provides a limit on the length of foundation perpendicular to axis of foundation rotation ( ) 
based on the expected over-turning moment, foundation shear and the foundation capacity from work 
by Nova and Montrasio (1991). The foundations were sized to so that the expected moment demand 
would be approximately the moment capacity, while the 0.125  term provides a random variation to 
the foundation length in an attempt to remove any bias on the results from the imposed limitation. 
 
Table 2: Input parameters for parametric analysis 
Parameters Range 
Shear wave velocity ( ) 100 360	 /  
Soil mass density ( ) 1.6 1.9	 / 3  
Poisson’s ratio ( ) 0.2, 0.3  
Friction angle ( ) 30 40	  
Fixed base period ( ) 0.3 	1.8	  
Effective height ( ) max 2, 9.1 . min 20, 26.8 .

Foundation to super-structure mass ratio ( ) 0.05 0.15 
Design hazard factor ( ) 0.4 for use in NZS 1170.5:2004 
Spectral acceleration ( ) , , 1, 1  from NZS 1170.5:2004 
Axial load ratio ( ) 1.5, 2, 5, 20  
Length of foundation perpendicular to axis of 
rotation ( ) max 1.0,

5
1	 min	 20.0, H/2  

Length of foundation parallel to axis of rotation 
( ) 

0.5  

Foundation embedment ( ) 0 0.2  
Axial load capacity ( ) , , , ,  Salgado (2008) 
Vertical weight ( ) /  
Super-structure seismic mass ( ) 

9.8 1
 

Footing mass ( )  
Structural stiffness ( ) 4 /  
 
 
 

1 1
1 3

tan

0.75 0.125  

 

(1) 

The plasticity and uplift model parameters were taken to be the same as those in Table 1. The above 
parameters were sampled using a stratified sampling technique to generate 180 buildings with a more 
uniform distribution of the parameters than that of a Monte Carlo simulation. 
 
3.4 Input ground motions 
 
The input motions were selected from the NGA database to minimise the normalised sum of the 
squared residuals for the NZS 1170.5 site class C spectrum between the periods of 0.2s to 2.5s. 
Fifteen ground motions were selected and scaled for a hazard level of 0.40g  0.1g, the  0.1g was a 
random scale factor applied to the records to produce a scatter in the peak rotation values. The 
spectra (scaled to 0.40g) of the selected ground motions are shown in Figures 5a and 5b and the 
record data is shown in Table 3.  
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Figure 5. a) Acceleration response spectra and b) Displacement response spectra of selected ground 
motions 
 
Table 3: Selected ground motions used in parametric analysis 

 
 
4 RESULTS 
 
In Figure 6 the parametric analysis results show that clear relationships exist between the two residual 
foundation parameters and the peak rotation with the best fit of the data shown along with the 95% 
confidence interval based on  =1.67 times the standard deviation, for Equations 2-4. The axial load 
ratio had an influence on the expected settlement as anticipated, however its influence was limited to 
only the case of axial load ratio of two (Figure 6 b). At axial load ratios greater than two there was no 
quantifiable modification to the settlement due to the axial load ratio (Figure 6 a). The results were 
analysed using multiple parameter regression analysis, however the additional axial load terms as well 
as the 5-95% significant duration provided no physically significant modifications to the results. The 
soil stiffness was also examined as a potentially influential parameter, however it was significantly 
correlated with the peak rotation and the peak rotation provided a better fit to the data. The few data 
points providing smaller than expected settlement values were the cause of significant residual 
rotations at the end of the earthquake. The residual rotation was significant enough to cause the 
centre of the foundation to be lifted even though the compression edge may have settled significantly. 
The few results with higher than expected settlements were due to considerable moment-shear force 
interaction on the footing causing a significant reduction in moment capacity and conditions close to 
failure, the settlement values predicted for these cases are very sensitive to the modelling 

ID  RecName  SF  Event  Year  Station  Mw  PGA (g)  Soil R (km)
1  NGA0179_1 0.98  Imperial Valley-06 1979 El Centro Array #4 6.5 0.48  D 27.1
2  NGA0180_1 1  Imperial Valley-06 1979 El Centro Array #5 6.5 0.52  D 27.8
3  NGA0183_1 0.94  Imperial Valley-06 1979 El Centro Array #8 6.5 0.56  D 28.1
4  NGA0721_1 1.22  Superstition Hills-02 1987 El Centro Imp. Co. Cent 6.5 0.44  D 35.8
5  NGA0767_2 1.03  Loma Prieta 1989 Gilroy Array #3 6.9 0.38  D 31.4
6  NGA0778_1 1.1  Loma Prieta 1989 Hollister Diff. Array 6.9 0.30  D 45.1
7  NGA0802_1 0.99  Loma Prieta 1989 Saratoga - Aloha Ave 6.9 0.50  C 27.2
8  NGA0803_1 1.02  Loma Prieta 1989 Saratoga - W Valley Coll. 6.9 0.27  C 27
9  NGA0879_1 0.81  Landers 1992 Lucerne 7.3 0.59  C 44

10  NGA1119_1 0.54  Kobe, Japan 1995 Takarazuka 6.9 0.37  D 38.6
11  NGA1158_2 0.75  Kocaeli, Turkey 1999 Duzce 7.5 0.27  D 98.2
12  NGA1197_1 0.57  Chi-Chi, Taiwan 1999 CHY028 7.6 0.37  C 32.7
13  NGA1462_2 1.23  Chi-Chi, Taiwan 1999 TCU 7.6 0.23  C 36.2
14  NGA1504_2 0.79  Chi-Chi, Taiwan 1999 TCU067 7.6 0.26  C 28.7
15  NGA1633_2 0.76  Manjil, Iran 1990 Abbar 7.4 0.38  C 40.4
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assumptions. Equations 2 and 3 provide the relationships between the peak foundation rotation ( , ) 
and the SFSI-induced settlement ( ) normalised by the foundation length ( ).  
 
 2:				 10 .

,
.    standard deviation = 0.16 (2) 

 3:				 10 .
,
.   standard deviation = 0.20 

 

(3) 

The axial load ratio showed no significant influence on the expected level of residual rotation for the 
given tests, however it may still be influential at considerably higher and lower axial load ratios and for 
a more consistent design procedure. The residual rotation showed a very large scatter, especially the 
lower values. This sort of behaviour is expected as an earthquake provides a cyclic load to the system 
and although peak rotations may be very high, the cyclic loading provides a restoring force in the 
opposite direction to reduce permanent deformations. The maximum residual rotation for a given peak 
rotation did show a clear trend. The maximum residual rotations closely follow the increase in peak 
rotation especially after a drift of 0.001 rad. The residual rotation is slightly less than the peak rotation 
as some elastic energy is stored during rotation. The maximum residual rotation can be predicted 
using the 95% single sided confidence interval determined from regression analysis. Equation 4 below 
provides the relationship between the peak rotation and the residual rotation for all axial load cases. 
The significant duration and soil stiffness were again considered in a multiple parameter regression, 
but provided no quantifiable modification to the relationships. 
 

, 10 .
,
.     standard deviation = 0.52 (1) 

  

 
Figure 6. (a - top left) Results and regression relationship between normalised settlement and peak 
rotation for  (b - top right) Results and regression relationship between normalised settlement 
and peak rotation for  (c - bottom left) Results and regression relationship between residual 
rotation and peak rotation for all axial load conditions 
 
 
5 DISCUSSION 
 
This paper demonstrates that relationships exist between the peak foundation rotation and the 
foundation residual deformations (foundation residual rotation and SFSI-induced settlement). The 
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mechanics-based approach to foundation rotation and SFSI-induced settlement suggests that both 
peak rotation and axial load ratio may be influencing parameters for residual deformation. The 
parametric study confirmed that a relatively strong relationship between the peak rotation and residual 
deformation exists, however the axial load ratio provided significant modification to the SFSI-induced 
settlement only for an axial load ratio of two, and no noticeable modification to the residual settlement 
for higher ratios. The large scatter in the results from the parametric study reflects the uncertainties in 
the estimation of residual parameters and therefore parametric studies based on a more rigorous 
design procedure and scaling of earthquake motions may be needed to provide better estimates and 
constraints. The prediction of residual foundation deformations also includes the additional uncertainty 
associated with the prediction of the peak foundation rotation.  
While these curves provide an indication on the level of settlement and residual deformation that can 
be expected, the parametric study and consequent regression analyses have been based on the 
results from a single set of experimental tests conducted on Nevada Sand, hence the results for other 
soil conditions may vary significantly. The results are also limited by the relatively simple numerical 
models used and the limited range of parameters considered in this study.  
 
6 CONCLUSION 
 
This paper presents relationships between the peak foundation rotation and soil-foundation-structure 
interaction induced settlement and residual foundation rotation. The importance of the axial load ratio 
was explained and investigated in the development of the presented relationships. The relationships 
were developed from statistical regression of results from a parametric numerical study using an 
experimentally validated modelling technique. The derived relationships provide an indication of the 
expected level of residual deformations at the foundation level due to soil-foundation-structure 
interaction. 
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ABSTRACT 
 
A landslide occurred on a section of the Gwydir Highway (NSW, Australia) during a significant rainfall 
event in late January 2013. A number of remediation solutions were considered for the top road and 
two options, i.e. piled wall and rock nail shotcrete wall, were shortlisted and developed to concept 
design phase for further value engineering assessment. A constructability, risk and environmental 
assessment workshop was then held and attended by various stakeholders to discuss and select a 
preferred landslide remediation option. Following this workshop, a rock nail shotcrete wall was 
selected as the preferred landslide remediation option and was designed for construction. This paper 
presents the design development and assessment details for the selection of the preferred landslide 
remediation option and the detailed design of the rock nail shotcrete wall. 
 
Keywords: Landslide, remediation, rock nail, shotcrete wall,  
 
  
1 INTRODUCTION 
 
A landslide occurred on a section of the Gwydir Highway HW12 (NSW, Australia) between Grafton 
and Glen Innes during a significant rainfall event in late January 2013. The landslide occurred directly 
below the toe of a highway fill embankment and formed a debris flow comprising colluvial materials 
and vegetation more than 30 m wide and 100 m long. Figures 1 and 2 show the approximate location 
of the landslide and a bird’s eye view of the landslide. 
 

Figure 1. Approximate location of the landslide on Gwydir 
Highway, NSW, Australia in Feb 2013. 

Figure 2. Photo of the landslide (Kilham, M., 
2013) 

 
Coffey Geotechnics Pty Ltd (Coffey) was commissioned by Roads and Maritime Services (RMS), New 
South Wales, Australia to provide civil (structural, road, and drainage) and geotechnical design 
services for landslide remediation for the top road section. 
 

Grafton, NSW, 
Australia

Gwydir 
Highway 

Landslide 
Feb-2013 

Top 
Road 

Middle 
Road  

Source from Google Map 

The 
Landslide
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During the feasibility study phase, a number of landslide remediation solutions were nominated by 
RMS for the top road. These included: a piled wall, an anchored or rock nail wall, a piled bridge, and 
an anchored slope. Two options: the piled wall and the rock nail shotcrete wall, were shortlisted and 
developed to the concept design phase for further value engineering assessment.  
 
A constructability, risk, and environmental assessment workshop was then held to discuss and select 
a preferred landslide remediation option. The workshop was attended by various stakeholders 
including RMS, Road and Fleet Services (RFS), RMS’s independent design review geotechnical 
consultant. Following this workshop, a rock nail shotcrete wall was selected as the preferred landslide 
remediation option and developed to detailed design for construction.  
 
This paper presents the assessment details for the selection of the preferred landslide remediation 
option. It describes the assessment considerations such as construction equipment, sequences and 
duration, construction impacts on the existing environment and public traffic, risks associated with the 
design, constructability, and flexibility during the remediation construction and operation. The paper 
also presents the detailed design of the rock nail shotcrete wall. 
 
 
2 THE LANDSLIDE GEOTECHNICAL CONDITION 
 
Figures 3 and 4 show the plan view and a typical section of the landslide together with the 
encountered ground condition. A geotechnical investigation was carried out by RMS immediately after 
the landslide (Kilham, M., 2013). 
 

 
Figure 3. Plan view of the landslide (Kilham, M., 2013) 

 

 
Figure 4. Typical section through the landslide 

 Pavement: 70 to 100 mm thick asphalt. 
 Fill: Road base course materials (gravelly sand, 

clayey sandy gravel, gravelly sandy clay). 
Thickness = 0.8 m to 1 m. Standard Penetration 
Test (SPT) N = 2 to 7.   

 Colluvium: Gravel and cobbles in a stiff Silty CLAY/Clayey SILT 
matrix.  
o Colluvium comprised predominantly Sandy Silty CLAY or 

Sandy Clayey SILT: SPT N = 1 to 7 & Pocket Penetrometer 
(PP) = 35 kPa to 130 kPa. (in Boreholes GT1, GT2, and GT7). 

o Colluvium comprised predominantly Sandy Silty GRAVEL with 
Clay: SPT N = 7 to 35 & PP = 300 kPa to >450 kPa (in 
Boreholes GT3, GT4, and GT6).

 Bedrock: Moderately to highly 
fractured, extremely weathered 
to fresh, extremely low to very 
high strength Meta Siltstones, 
Meta Sandstones, Meta Silty 
Sandstones and Quartzites. 
Bedding at 50o to 70° in some 
sections of core. There were a 
number of suspected 
cavities/voids with water loss 
during coring up to 100%. 
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3 DESIGN DEVELOPMENT 
 
The feasibility landslide remediation options (reported in Kilham, M., 2013) included an anchored piled 
wall, a piled bridge, an anchored shotcrete wall, an anchored rock toe buttress, a trimmed and 
anchored slope. Two remediation options, the anchored pile wall and the rock nail shotcrete wall, 
were shortlisted by RMS. We developed concept designs for the two shortlisted remediation options. 
Figures 5 and 6 show schematic concept design sketches for the two options. The concept designs 
were sent to contractors, who had local experience, for comments and advice on the constructability 
and indicative construction time and cost.  
 

 
Figure 5. Anchored contiguous pile wall Figure 6. Rock nail shotcrete wall 

 
The merits of the above two options were discussed with focus on constructability, safety in design, 
and risks in a constructability workshop, which was held on 16 April 2013. The workshop was 
attended by various stakeholders (RMS, RFS, RMS’s independent design review geotechnical 
consultant, and Coffey). The constructability considerations include construction equipment, 
sequences and duration, construction impacts on the existing environment and public traffic, risks 
associated with the design, flexibility during the remediation construction and during operation. These 
considerations and associated assessments are summarised in Table 1. Following the completion of 
the workshop, the rock nail shotcrete wall was selected as the preferred option for the top road 
landslide remediation. 
 
Table 1:  Summary of constructability assessments of the shortlisted landslide remediation 
options 

Item Contiguous piled wall with rock anchors Passive rock nail wall with shotcrete face 
Positives  Rigid wall. 

 No requirement for excavation in front 
of wall, hence less impact on the 
existing bio-condition and habitat and 
generates less waste. 

 Safety barrier can be incorporated in 
capping beam. 

 Less impermeable wall 
 
 

 Required comparatively smaller and 
lighter plant, i.e. 5 tonne to 30 tonne 
excavators and cause less visual 
impact and less noise/vibration. 

 Imposed relatively less surcharge on 
the existing slope. 

 Required less volume of grout/concrete 
to be hauled and disposal of excess 
grout/concrete materials. Required less 
volume of water consumption. 

 Construction duration is shorter.  
 Required closure of one lane only. May 

require closure of both lanes over a 
short period of time, hence cause less 
social economic impact. 

Negatives  Required relatively large equipment 
with large footprint (drill rig, crane, 

 Required excavation of existing slope 
and cut down existing trees with 

Excavated 
slope 
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Item Contiguous piled wall with rock anchors Passive rock nail wall with shotcrete face 
concrete pump trucks) and large 
storage area for reinforcement cages 
and cause more visual impact and 
noise/vibration. 

 Required closure of both lanes over 
prolonged period during construction 
due to the size of drill rig and support 
crane, hence cause more social 
economic impact. 

 Imposed relative large surcharge. 
Likely requires temporary platform of 
steel plates to distribute equipment 
loads. 

 Required adequate pile socket to be 
drilled. 

 Difficult to drill in high strength rock 
may delay construction. 

 Requirement for large concrete volume 
to be hauled from long distance (80km) 
from Grafton can delay pile concreting. 

 Required considerable amount of water 
for drilling and cleaning. 

 Take longer and likely to cost more 
during construction. 

relatively large impact on the existing 
bio-condition and habitat and 
generates more waste. 

 Flexible wall 
 Impermeable wall 
 

Flexibility  Cannot change the design readily in 
response to changes in ground 
conditions such as have to drill to the 
required pile depth even rock is very 
hard. 

 Can change the design (by reducing or 
increase anchor spacing) in responses 
to ground changes. 

 

 
Risks associated with the proposed remediation works were identified in the workshop, which were 
subsequently considered in the design. The identified risks included requirement to construct a safety 
barrier along the bottom of the landslide slope to protect the middle road section during the 
remediation construction for the top road. Other identified risks associated with geotechnical design 
were the continuous shotcrete face and the possibility that large grout loss from the rock nail/anchor 
installation would form an impermeable barrier and change the groundwater flow regime behind wall. 
This could progressively de-stabilise the existing slope at the two ends of the new wall. Inclined 
horizontal drains extended beyond the rock nail bond length were included in the remediation design 
to relieve water pressure in the colluvium and bedrock behind wall during operation. 
 
 
4 LANDSLIDE BACK ANALYSIS AND GEOTECHNICAL MODEL 
 
4.1 Landslide back analysis 
 
Back analysis of the landslide mass using limit equilibrium methods (commercially available 
SLOPE/W software package by Geo-Slope International Ltd) was carried out to obtain the in-situ soil 
strength parameters and to calibrate with the soil index values. In the back analysis of the landslide 
mass failure, no traffic surcharge on the highway was included. If traffic loading is applied in the back 
analysis, back analysed soil strength parameters could be too high and this may not be safe for the 
remediation design. 
 
This back analysis considered situations during the landslide mass failure with an assumed 
groundwater level in the bedrock as shown in Figure 4. The adopted groundwater level in the bedrock 
was at approximately RL 189m AHD to represent the observed groundwater level soon after the 
failure. The assumed groundwater level within the colluvium was varied from near the bedrock level to 
the initial slope surface prior to the landslide to model scenarios where the slope conditions varied 
from partially wet to fully wet as shown in Figure 7. The drained shear strengths of the colluvium were 
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adjusted so that the factor of safety (FoS) is slightly less than unity to represent the failure condition of 
the landslide mass. For the purpose of this back analysis, the upper limit of the back analysis was set 
at immediately above the landslide scarp. Failure surfaces through the colluvium above and behind 
the existing landslide scarp and fill were not considered in this back analysis. 

 

  
Figure 7. Typical Slope/W back analysis output. 

 
The shear strengths of colluvium obtained from this back analysis are for the colluvium within the 
landslide mass. It was assumed that the existing scarp had a stability FoS greater than unity during 
and after the landslide failure. The back analysed FoS results are summarised in Table 2. The 
landslide mass back analysis results indicate that higher groundwater level gives higher back 
analysed shear strengths of colluvium. We anticipated that this landslide failure was mainly due to 
raising of groundwater level from the bedrock. As groundwater rose quickly from bedrock seepage 
failure would have initiated at the interface between the colluvium and the bedrock. 
 
Table 2:  Summary of the back analysis results of the landslide failure 

Description Back analysed colluvium(1) shear strength  

GWT level close to the interface bedrock/ 
colluvium (ground water line 1 in Figure 7) 

c’ = 8 kPa and ’ = 26o 
or c’ = 0 kPa and ’ = 35o 

GWT on the initial slope surface prior to landslide 
(ground water line 2 in Figure 7) 

c’ = 15 kPa and ’ = 26o or  
c’ = 11 kPa and ’ = 35o 

Notes: (1) Colluvium within the landslide mass. 
 
4.2 Geotechnical model 
 
Geotechnical investigation by RMS (Kilham, M., 2013) indicated the ground condition of the top road 
site as summarised in Figure 4. Moisture content, Atterberg limits, and particle size distribution (PSD) 
test results for the colluvium are plotted in Figure 8. 

 

 

Colluvium 
Particle Size Distribution % 

Gravel Sand Silt Clay 

Gravelly Sandy Silty 
CLAY or  Gravelly 

Sandy Clayey SILT 
23 – 29 14 - 19 22 - 47 19 - 33 

Sandy Silty GRAVEL 
with Clay 

43 – 63 12 - 16 13 - 29 9 – 18 

 

Figure 8. Moisture content, Atterberg limits, and PSD of Colluvium (Kilham, M., 2013) 
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The soil moisture contents were approximately between 10% and 35% with one moisture content 
result up to 43%. Plasticity Index (PI) for the colluvium varied between 20% and 30%. Most of the 
Liquidity Index (LI) test results for the colluvium were less than 0.2, except one test (colluvium at 2.5m 
depth) gave LI of 0.8. According to Muir Wood, D. (1990), and Terzaghi, Peck, and Mesri (1996), the 
colluvium would have undrained shear strength  (su) greater than 35 kPa and drained friction angle 
(’) from 25 to 35 degrees. The back analysed friction angle of 26 to 35 degrees for the colluvium is 
within this range. For the rock nail wall, design shear strength parameters towards the lower range of 
the assessed values for colluvium were adopted, i.e. su = 35 kPa to 60 kPa and c’ = 2 kPa to 3 kPa 
and ’ = 26o. 
 
The representative geotechnical model and soil parameters adopted for the rock nail wall 
geotechnical design are summarised in Table 3. The design groundwater level at a depth of 
approximately 10m below the existing ground surface was adopted. The maximum retained height of 
the rock nail wall was approximately 8 m to 9 m below the top road surface.  
 
Table 3:  Representative soil parameters for geotechnical analyses and design 

Soil/Rock Unit 
Depth 
(m)(2) 

 
kN/m3

Eu  
MPa 

E' 
MPa 

Ko 
su 

(kPa) 
'  

deg.
c'  

kPa 
fs 

kPa 

Fill 0 to 1 19 24 20 0.5 50 31 5 - 
Colluvium (upper) 1 to 4 19 24 20 0.5 60 26 3 60 
Colluvium (lower) 4 to >6 18 18 14 0.5 35 26 2 35 
Meta Siltstone  -  
Medium strength 

- 24 - 200 1(1) - 35 50 500 

Notes: Bulk unit weight; Eu, E': Undrained and drained deformation modulus; Ko: lateral earth pressure at rest; 
u: undrained friction angle; ': drained friction angle; su: undrained cohesion; c': drained cohesion. fs: shear 
friction for rock nail design with hole diameter less than 150mm. (1)Ko value does not impact on the analysis 
results; (2) Depth is approximate. 
 
 
5 GEOTECHNICAL DESIGNS 
 
5.1 Design of rock nail wall 
 
Figure 9 shows details of a typical design cross section of the rock nail wall. Figure 10 shows the 
constructed rock nail wall at completion in August 2014. 
 

 

Figure 9. Typical section of the rock nail wall. Figure 10. Completed rock nail wall (Aug-14) 
 

HORIZONTAL 
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The rock nail wall was designed to provide adequate capacity against deep seated failure (FoS ≥ 1.3 
and 1.5 for short term and long term under static conditions respectively). Finite element analysis 
modelling staged construction was carried out, using the commercially available software PLAXIS 2D 
V2012, to calculate forces in the structural elements (shotcrete face and rock nails) for structural 
design purposes. The short term soil parameters (undrained shear strength and stiffness) were used 
for analyses of the wall under temporary conditions. The long term soil parameters (drained shear 
strength and stiffness) were adopted for analyses of the wall under long term conditions.  
 
The maximum computed rock nail load was 135 kN per nail at 1.5 m spacing. This load is considered 
as a design working load of the rock nails. A thickened shotcrete face for the top 3.25 m wall face was 
provided to support car crash loads against the safety barrier. Inclined horizontal drainage pipes were 
included in the design to relieve water pressure behind the wall. Surface drainage and erosion control 
was also incorporated in the rock nail wall design.  
 
5.2 Design of rock nails 
 
The geotechnical capacity of the rock nails including the grout/steel bond and the rock/ground bond 
were assessed. The rock nails were designed to have a minimum 3 m embedment in the medium 
strength or better metasiltstone with ultimate rock/grout bond strength of approximately 500 kPa. In 
this design, a rock nail bar diameter of 25 mm was used. 
 
 
6 FIELD AND LABORATOTY TESTING 
 
Prior to construction, load testing was carried out on a number of test rock nails by RMS. The purpose 
of rock nail testing was to understand the ground/grout bond strength and to study the constructability 
aspects of rock nail installation such as drillability in metasiltstone and degree of grout loss. The test 
rock nails were installed vertically from the top road to various depths in the colluvium and rock and 
were pulled to failure.  
 
The tested ultimate bond strengths of the colluvium/grout and medium strength rock/grout interfaces 
were approximately 120 kPa and 600 kPa respectively. The tested ultimate rock/grout bond strength 
of approximately 600 kPa is in close agreement with the design ultimate rock/grout bond strength of 
500 kPa. The ultimate bond strength of 120 kPa for colluvium/grout interface indicated that the 
colluvium would be of stiff to very stiff consistency.  
 
Also prior to construction (September 2013), colluvium samples from the nearby site (the middle road 
site) were obtained for direct shear strength testing. The consolidated drained direct shear test results 
showed that the colluvium material had drained cohesion c’ = 7 kPa to 12 kPa, friction angle ’ = 33 to 
36 degrees in saturated condition. An additional direct shear test on a sample of colluvium from the 
top road site, which was collected near the end of the rock nail wall construction (Aug 2014), provided 
similar drained shear strength of colluvium in saturated condition, i.e. c’ = 7 kPa and ’ = 37 degrees. 
The direct shear strength test results of the colluvium samples (from both the top road and the middle 
road sites) generally confirmed the back analysis shear strength results. 
 
 
7 GROUND MOVEMENT MONITORING 
 
After the landslide, an inclinometer was installed from the top road in February 2013. The location of 
the inclinometer was at approximately 1.5 m offset distance from the crest of the rock nail wall. 
Inclinometer movement readings between 14 February 2013 and 28 November 2013 showed an 
approximately 2 mm horizontal ground movement.  
 
Excavation of the rock nail wall commenced in February 2014. Figure 11 shows the monitored lateral 
moment of the inclinometer after approximately 4.8m height excavation (relative movement between 
28 November 2013 and 19 May 2014. Comparison of the monitored lateral inclinometer movement 
with the PLAXIS analysis result is included in Figure 11. Within 5 m depth from the top road surface, 
the predicted lateral ground movement was reasonably similar to the monitored lateral movement. 
From 5 m to 7 m depth, the monitored lateral ground movement was less than 1 mm. It could be that 
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the actual stiffness of colluvium within 5 m to 7 m depth was higher than that was assumed in the 
design. 
 

 
Figure 11. Monitoring of ground lateral movement during wall excavation 

 
Unfortunately, installation of rock nails after 19 May 2014 damaged the inclinometer. Subsequently re-
installation of a new inclinometer damaged an installed rock nail. Therefore, no further ground 
moment monitoring using inclinometer was available after this excavation stage. The excavation was 
continued to the design base level of the rock nail wall. At some locations along the wall alignment, 
bedrock was found at higher or deeper depth than that assumed in the design. Additional assessment 
and analysis of the wall stability with the observed bedrock level was carried out. The variation in rock 
level was taken into account by reducing or increasing the number or rock nails. 
 
 
8 CONCLUSION 
 
The preferred landslide remediation, the rock nail shotcrete wall, was selected from two shortlisted 
remediation options by considering and comparing a number of factors and aspects such as 
construction cost and time, constructability, risks, and safety. Impacts of the proposed remediation on 
the existing environment, i.e. impacts on biodiversity and habitat, social economic, noise/vibration and 
visual impact, waste generation and water consumption etc., were considered in the selection process 
for the preferred remediation solution. 
 
The preferred landslide remediation option was successfully designed with the adopted geotechnical 
parameters, which were generally in agreement with the subsequent additional laboratory testing and 
rock nail load testing results. A number of geotechnical risks associated with the proposed 
remediation, which were identified in the constructability workshop, were considered and incorporated 
in the remediation design. The implementation of the rock nail solution has also proven to be flexible 
in accommodating variations in rock levels encountered during construction. The monitored lateral 
ground movement compared reasonably well with the predicted movement in the design. 
Construction of the remediation for the top road site was completed in August 2014. 
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ABSTRACT 
 
Numerical analysis using the finite element method was implemented with the aim of modelling the 
effects of cyclic loading on a caisson foundation on a submerged rockfill slope. The influence of the 
cyclic loading on the rockfill slope and the consolidation of the soil underlying the rockwall are 
discussed in this study. PLAXIS 2D Version 2010 with Hardening Soil model was used to take into 
account the cyclic loading of the rockfill slope, while Rocscience Settle3D Version 2.0 was used to 
model the global consolidation settlements of the underlying rockwall foundation. The caissons 
analysed support a Spoil Barge Unloader (SBU) which is a temporary berthing facility constructed on 
the offshore face of a marine rockwall. The SBU structure comprises a pre-fabricated steel and 
concrete working platform supported at its front end by three steel, sand-infilled caissons, founded on 
a submerged level bench area excavated into the front face of the rockwall, which in turn is founded 
on stiff to very stiff overconsolidated Pleistocene deposits. The SBU supports an excavator and dump 
truck which is filled with spoil unloaded from a barge. Survey monitoring results of vertical movement 
of the SBU during the first 40 uses were compared with the combined numerical analysis results. The 
predicted settlements obtained from the finite element analysis are found to be in general agreement 
with the results of the survey monitoring. This case study indicates that the Hardening Soil model can 
satisfactorily predict the deformation characteristics of rockfill slopes undergoing loading and 
unloading cycles with some confidence. 
 
Keywords: Rockfill, Hardening soil model, Spoil Barge Unloader 
 
 
1 INTRODUCTION 
 
Many marine and shoreline structures incorporate rockfill material, often for its relatively large particle 
size and durability for coastal protection. In port and wharf environments, rockfill structures may also 
be used to support loads for other structures. Existing published literature on the compressibility of 
rockfill indicates that it exhibits highly stress dependent, inelastic and non-linear stress-strain 
behaviour (Marsal, 1967; Marachi et al, 1972; Duncan et al, 1980), which is consistent with the 
“Hardening Soil model” implemented in PLAXIS 2D.  
 
The Hardening Soil model is more advanced than the traditional Mohr-Coulomb material model in that 
soil stiffness is stress dependent (i.e. decreasing stiffness with deviatoric loading) as well as offering a 
distinction between primary loading and unloading / reloading. The Hardening Soil model can 
therefore model irrecoverable plastic deformations (PLAXIS, 2010). The Hardening Soil model has 
been used in a number of research papers to successfully predict the deformation behaviour of high 
rockfill dams (Ozkuzukiran et al, 2006; Soroush and Aghaei Araei, 2006). In this present study, it is 
used to model cyclic loading of a caisson foundation on a submerged rockfill slope.  
 
 
 
 
2 SPOIL BARGE UNLOADER AND MARINE ROCKWALL 
 
2.1 Spoil Barge Unloader 
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The Spoil Barge Unloader (SBU) is required to receive spoil barges from maintenance dredging 
activities within the Port of Brisbane channels and berths. Where spoil material testing deems the spoil 
unsuitable for ocean disposal, barges are loaded by a clam shell dredge and transported to the SBU. 
The barges are unloaded by an excavator positioned on the SBU structure into an adjacent dump 
truck for land disposal within the Port designated area. The SBU structure consists of three steel 
tubular open ended caissons measuring 3 m in diameter, positioned on a level bench created in the 
existing rockwall. The caissons are each capped by concrete ‘biscuit’ slabs that support structural 
steel beams. The beams are also supported at the shore side by a concrete abutment that retains the 
rock and gravel access ramp. The working platform of the structure consists of precast concrete slabs 
that allow the 30 tonne excavator and 50 tonne dump truck sufficient space for the unloading activity. 
To accommodate berthing of the barges four fenders are provided. One fender on each of the outer 
caissons, with the other two fenders mounted on braced piles that double as mooring piles for the 
barge. The structure is located downstream of the commercial wharves and would need to be 
relocated should further wharf expansion be required. As such the structure is intended to be 
temporary and removable. In fact the current position of the structure is some 700 m downstream from 
its original position.   
 
The general arrangement of the SBU is shown in Figure 1. The position of the SBU on the front face of 
the marine rockwall is illustrated in Figure 2 and a photo of the SBU is shown in Figure 3. 
 

 
Figure 1. SBU general arrangement 
 
 

 
Figure 2. SBU location on front face of marine rockwall 
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Figure 3. Photo showing SBU constructed on front face of marine rockwall 
 
The foundation working loads for the SBU structure are shown in Table 1 and include buoyancy 
effects for the submerged parts of the structure. 
 

Table 1: SBU working loads 

 
Caisson Support Load (kN) Rear Abutment Strip 

Footing Load (kN/m) Central Side 

Dead load 1332 931 51 
Imposed plant load a 814 408 127 
Total live load 2146 1339 178 

a Imposed plant load incorporates a dynamic load factor of 2 for dynamic load effects 
 
It should be noted that the live load is cyclic in nature, involving the mobilisation and demobilsation of 
the dump truck and excavator with each use. The imposed plant loads include dynamic effects due to 
the dumping of spoil material into the dump truck tray as well as the berthing / mooring load of the 
spoil barge. Construction of the SBU facility was completed on 22 October 2010. Beginning on 
10 November 2010 it was typically used around five to ten times per week. 
 
2.2 Rockwall 
 
The marine rockwall is located adjacent to a large waterway and its main purpose is as a retention 
structure for dredged reclamation materials. The section of rockwall which supports the SBU is 
trapezoidal in shape and was constructed between November 2008 and January 2009 by end-
dumping of rockfill on to an underwater dredged bench (below a 1V:3H dredged slope) at around 
13.5 m below low water datum. The rockwall founding bench is cut into alluvial Pleistocene deposits 
comprising 7 m of stiff to very stiff silty clay overlying medium dense to dense sand. The rockwall has 
a crest level 4.1 m above low water datum and a crest width of 5 m. The rockwall front face slope and 
rear face slope are 1V:1.5H and 1V:1.25H, respectively. The rockfill material had been produced by 
quarry blasting, and then crushing to various smaller sizes in a crushing plant. Individual rock particles 
were sub-angular and sound. The rock material itself was a diorite containing accessory quartz. The 
particle size distribution curve for the rockfill material is shown in Figure 4. 
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Figure 4. Particle size distribution for rockfill material used for the marine rockwall construction 
 
3 SBU SETTLEMENT MONITORING 
 
Considering that the SBU is a temporary facility and the support caissons are positioned near the front 
face of the rockwall which had been constructed underwater with associated difficult visual 
construction controls, it was proposed that settlement monitoring of the SBU be undertaken during the 
initial load cycles. Prior to loading of the structure, eight survey points were established on the SBU 
structure for monitoring the vertical movements of the platform. The survey monitoring point locations 
are shown in Figure 1 and are designated P1 to P8. The survey monitoring points P1 to P3 coincide 
with the SBU rear strip footing, whilst the survey monitoring points P4 to P8 coincide with the SBU 
front caissons. Survey monitoring was initially done on a weekly basis, however the frequency 
increased to twice-weekly after three weeks due to concerns about the ongoing settlement of the front 
caissons. 
 
The results of the survey monitoring are shown in Figure 5 which plots the measured settlement vs. 
time and Figure 6 which plots measured settlement vs. cumulative load cycles. The SBU front 
caissons settled around 75-80 mm due to the first live load cycle and continued to settle at a rate of 1-
2 mm per load cycle and without any sign of deceleration. After 40 load cycles the total settlement of 
the front caissons was 115-140 mm. The SBU rear footing settled initially around 40-60 mm, however 
did not appear to experience the excessive ongoing settlements associated with the front caissons. 
The rate of settlement of the rear footing was 4 mm per month. Due to the magnitude of settlements 
occurring during the first 40 usages of the SBU, operation of the structure was suspended on 
21 December 2010. Settlement monitoring continued over the subsequent month, with recorded 
settlements for the front caissons and the rear footing being 1-2 mm. 
 
4 SBU CAISSON SETTLEMENT ANALYSES 
 
The vertical deformation of the caissons measured by the in situ survey monitoring points is 
considered to be the sum of two different components of movement, namely: 

1. Localised deformation of the rockwall due to cyclic nature of the SBU live load applications; 
2. Ongoing global consolidation settlements of the underlying Pleistocene deposits on which the 

rockwall is founded. 
Two separate analyses were therefore carried out in order to evaluate the respective contribution of 
each settlement component to the deformations, namely: 

1. Finite element analyses to quantify rockwall deformation due to cyclic loading 
2. Consolidation settlement analyses to quantify residual global consolidation settlements. 

The methods and parameters adopted in the analyses are described in the following sections. 
 
4.1 Cyclic Deformation Modeling for the SBU Caissons 
 
Numerical analysis using the Hardening Soil model (PLAXIS 2D version 2010) was carried out in order 
to model the deformation behavior of the SBU caisson foundation and the rear footing. The material 
parameters adopted in the analysis are shown in Table 2. Material parameters for the rockfill were 
selected based on a process of trial and error in matching observed and modelled displacements of 
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the caissons and abutment footing. It should be noted however that the calibrated values are of similar 
magnitude to published references (Marachi et al, 1972 and Ozkuzukiran et al, 2006). For the 
modelling of the rockfill it was found appropriate that Eur

ref = 6E50
ref, which implies a relatively larger 

unload/reload stiffness than the default setting in PLAXIS 2D version 2010 of Eur
ref = 3E50

ref. An 
important parameter for the Hardening Soil model is the reference stress for stiffness (pref), which is 
the minor principal stress (σ’3). Within the marine rockwall the minor principal stress will increase with 
depth and therefore it was necessary to divide the rockwall into several horizontal sublayers and 
assign each a different pref equivalent to K0 x σ’1, where the initial coefficient of horizontal earth 
pressure at rest (K0) has a value of 0.5 and σ’1 represents the major principal stress. The cyclic nature 
of the live load was simulated by repeating alternating dead load and then live load calculation 
phases. A total of 80 calculation phases were carried out (i.e. 40 cycles of loading / unloading).  
 
Table 2:  Finite element analysis (PLAXIS) material models and parameters 

Parameter Symbol Rockfill 
Pleistocene 
Silty Clay 

Pleistocene 
Sand 

Unit 

Material Model Model 
Hardening 
Soil Model 

Mohr-
Coulomb 

Mohr-
Coulomb 

- 

Type of Behaviour Type Drained Drained Drained - 
Unit Weight γ 20 20 19 kN/m3 
Young’s Modulus E - 15,000 60,000 kN/m2 
Secant Stiffness in Standard 
Drained Triaxial Test 

E50
ref 30,000 - - kN/m2 

Secant Stiffness for Primary 
Oedometer Loading 

Eoed
ref 39,000 - - kN/m2 

Unloading / Reloading 
Stiffness 

Eur
ref 180,000 - - kN/m2 

Power for Stress-Level 
Dependency of Stiffness 

m 0.5 - - - 

Poisson’s Ratio ν 0.3 0.25 0.3 - 
Cohesion cref' 0.1 15 0.1 kN/m2 
Friction Angle φ 40 30 36 degrees 
Dilatancy Angle ψ 10 0 0 degrees 

 
4.2 Global Consolidation Settlement Analyses for the Marine Rockwall 
 
Three-dimensional consolidation settlement analysis was undertaken (using Settle3D by Rocscience) 
in order to evaluate the residual ongoing consolidation settlement induced in the Pleistocene deposits 
underlying the rockwall due to the weight of the rockwall and the dead load of the SBU. Settle3D 
adopts a Boussinesq distribution to calculate the change in vertical stress due to external loads and 
vertical consolidation settlements are based on Terzaghi’s one-dimensional consolidation equation 
(Rocscience, 2009). The material parameters adopted for the Settle3D analysis are shown in Table 3 
and, where relevant, correspond to the finite element analysis material parameters. 
 
Table 3:  Consolidation settlement analysis (Settle 3D) material parameters 

Parameter Symbol Rockfill 
Pleistocene 
Silty Clay 

Pleistocene 
Sand 

Unit 

Initial Overconsolidation Ratio OCR - 3 3 - 

Normalised Compression Index 
Cc / 

(1+e0) 
- 0.1 - - 

Young’s Modulus E - - 60, 000 kN/m2 
Poisson’s Ratio ν - 0.25 0.3 - 
Coefficient of Consolidation CV - 10 - m2/yr 

 
The settlement analyses take into account the stress history of the Pleistocene deposits by modeling 
the various construction activities (and associated time intervals) that occurred prior to the first usage 
of the SBU, including: dredging of the rockwall founding bench (November 2008); construction of the 
marine rockwall (November 2008 to January 2009); backfilling behind the rockwall (January 2009 to 
May 2009); excavation of the localised SBU caisson founding bench (September 2010); and 
construction of the SBU (22 October 2010). 
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5 RESULTS AND DISCUSSION 
 
Predicted settlements using the combined results of PLAXIS and Settle3D analyses, and comparisons 
to the survey monitoring data are shown in Figure 5 and Figure 6. The results indicate that the 
predicted settlements are close to the measured data and fall within the upper and lower bounds of 
the survey monitoring data. It should be noted that the analysis results also incorporate the predicted 
immediate settlement of the 6 m high column of sand and crushed rock inside the tubular caissons, 
which was calculated separately (from elastic theory) to be 20 mm. A plot of the total displacement 
vectors for the front caissons and rear footing after 40 load / unload cycles are shown in Figure 7. 
 

 
Figure 5. Predicted and monitored settlements vs. time 

 

 
Figure 6. Predicted and monitored settlement of caissons vs. cumulative load cycles 
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Figure 7. PLAXIS output plot showing total displacement vectors after 40 load / unload cycles 
 
The results of the predicted settlements show that each load cycle of the SBU produces irrecoverable 
plastic deformation in the underlying rockwall, and that this deformation is more pronounced beneath 
the caissons than beneath the rear abutment footing. The results also show that when usage of the 
SBU was suspended on 21 December 2010 following the 40th load cycle, the measured ongoing 
settlements of the SBU (under dead load alone) correspond reasonably closely to the predicted 
consolidation settlements of the Pleistocene strata beneath the rockwall. 
 
Thus, the results of the analysis highlight a key distinction between the settlement behaviour of the 
front caissons compared to the rear abutment footing during use of the SBU. The settlement 
behaviour of the caissons tends to be localised and related to the cyclic nature of the SBU live load. 
Settlements are cumulative for each load application. In contrast, the ongoing settlement behaviour of 
the rear abutment footing is significantly less and is more reflective of the time-dependent global 
consolidation settlements of the rockwall foundation. 
 
The reason for the accumulation of irrecoverable plastic strains in the rockfill underlying the caissons 
with each progressive load cycle is largely due to the caisson foundation’s proximity to the face of the 
rockwall slope, which is approximately 2 m distance. The displacement vectors in Figure 7 show that 
in the rockfill beneath the caisson and near the face of the rockwall front slope, a large proportion 
(ranging from about 50% to 90%) of the total displacement is horizontal (i.e. towards the slope face). 
This horizontal displacement results in a reduction of confining pressure (which is analogous to σ’3) 
and therefore a reduction in reloading stiffness as shown in Equation (1) which governs the calculation 
of reloading stiffness in the Hardening Soil model. (Note that σ’3 is negative for compression). The 
decrease in stiffness results in an increase in vertical and horizontal displacement which accumulates 
with each load cycle.  
 
            (1) 
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The results of the analysis indicate that simulating the complex settlement behaviour of the caissons 
requires an advanced constitutive model, such as the Hardening Soil model, which most importantly, 
incorporates stress dependent stiffness and also distinguishes between primary loading and 
reloading/unloading, combined with cyclic loading calculation phases.  
 
In reality, the displacement under the caissons and reduction in stiffness of the rockfill is postulated to 
be represented by the reorientation of individual rockfill particles under the caisson loading. During 
unloading the individual rockfill particles are considered to not return to their original position, however 
rather, remain in their new position. An alternative model or software which may have been technically 
appropriate for modelling of the problem is therefore the Particle Flow Code (PFC) using the Distinct 
Element Method (DEM) which predicts the physical movement of a mechanical system represented by 
an assembly of particles. However this type of model is inherently more complex and generally not 
used for routine geotechnical problems.  
 
The settlement of the caissons would not be able to be accurately modeled using the traditional Mohr-
Coulomb model or with monotonic loading. The Mohr-Coulomb model is an elastic perfectly plastic 
model that uses a single basic stiffness (Young’s modulus) for both loading and reloading. Thus, it 
would not be possible to replicate the accumulation of irrecoverable strains measured for the SBU 
caissons due to multiple load cycles.  
 
The settlement analysis undertaken together with re-evaluated operational and development 
considerations resulted in the requirement for the SBU to remain in its current position for longer than 
previously envisaged. The decision was made to provide the structure with a more permanent 
foundation via the inclusion of piled supports for the working platform. These were installed in 2011 
with the caissons continuing to provide berthing support. A sacrificial cathodic protection system has 
also been installed to further protect the structural elements. 
 
6 CONCLUSIONS 
 
In this study, the settlement behaviour of a caisson foundation undergoing cyclic loading on a 
submerged rockfill slope was analysed using finite element analysis and the Hardening Soil model and 
compared with vertical movements measured from in situ survey monitoring points. The settlements 
obtained from the finite element analysis are found to be in general agreement with the results of the 
survey monitoring. The comparisons emphasise that is important to calibrate the model so as to select 
an appropriate stiffness for loading as well as unloading/reloading. This case study indicates that the 
Hardening Soil model can satisfactorily predict the deformation characteristics of rockfill slopes 
undergoing loading and unloading cycles with some confidence. 
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ABSTRACT 
 
Strong population growth in Auckland, combined with the city's location on a constrained isthmus and 
local government plans to minimise urban sprawl, is placing increasing demand on existing 
infrastructure.  The construction of tunnels and underground infrastructure is being used to meet the 
demand for new infrastructure in some built up areas.  As tunnelling works have expanded across the 
region new geotechnical problems are being encountered and known problems are becoming better 
understood.  This paper discusses specific examples encountered by the authors relating to the East 
Coast Bays Formation during the construction of tunnelling, pipe-jacking and horizontal directional 
drilling projects.  Specific issues described include conglomerate lenses such as the Albany 
Conglomerate and the Parnell Volcaniclastic Conglomerate, and marked strength contrasts within the 
East Coast Bays Formation including strongly cemented bands and uncemented sand pockets.  
These variable conditions present challenges for certain tunnelling methodologies.  This paper 
describes the issues encountered, discusses the extent of knowledge to date, and makes 
recommendations for future projects to help avoid problems during construction. 
 
Keywords: Tunnelling, Auckland, New Zealand, East Coast Bays Formation, Uncemented sandstone, 
Parnell Grit, Albany Conglomerate, Cementation, Diagenesis 
 
1 INTRODUCTION 
 
Auckland is the largest city in New Zealand.  Historically it has had a low population density typical of 
New World cities.  Infrastructure was normally constructed on or near ground level due to relatively 
low land costs and few space limitations.  Recent strong population growth is expected to continue, 
and according to the 2006 Census projections the population will reach 1.93 million by 2031, a 25% 
increase over current numbers (Statistics New Zealand, 2012).   
 
Population growth, combined with the city's location on a constrained isthmus and local government 
plans to minimise urban sprawl (Auckland Council, 2012), is placing new demand on existing 
infrastructure.  The construction of tunnels and underground infrastructure is increasing across the 
globe as nations wrestle with the demand of growing and increasingly urbanised populations.  
Auckland is no different, and a surge in tunnelling projects has started. 
 
Construction is currently taking place on a major motorway tunnel (the Waterview Tunnel) as well as a 
number of tunnelled sewers and water supply pipes.  Many more are planned including large scale 
projects such as an underground rail extension in the Central Business District, a new road crossing 
under the harbour, and numerous water and waste water schemes across the region. Tunnel Boring 
Machines (TBMs), including Earth Pressure Balance Machines (EPBMs), have recently emerged as 
the preferred method of mitigating tunnelling construction risks on large projects in Auckland after a 
number of successful applications in the past few years (Asche et al, 2009). 
 
As tunnelling works have expanded across the region new geotechnical problems are being 
encountered and known problems are becoming better understood.  This paper discusses specific 
examples encountered by the authors relating to the East Coast Bays Formation (ECBF) during the 
construction of tunnelling, pipe-jacking and horizontal directional drilling projects.  
 
A number of the issues described are known by some of the geotechnical community, but this 
knowledge is not yet widespread and publications on these issues are extremely limited.  This paper is 
not intended to be a comprehensive assessment of all the tunnelling risks applicable to the ECBF, but 
to set out the current state of knowledge identified by the authors and to act as a discussion point.  
Anyone with additional information on the issues raised is encouraged to contact the authors. 
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2 GEOLOGICAL SETTING 
 
The Auckland area is located within the Australian tectonic plate, some 300-500 km north west of the 
subducting Pacific plate. During the early Miocene, plate boundary reorganisation between the Pacific 
and Australian plates caused rapid subsidence in Auckland and Northland, forming the Waitemata 
Basin (Whattam et al, 2005).  
 
Deposition in the basin took the form of turbidity currents, pelagic fallout, debris flows and slumping, 
and resulted in the myriad of rock types that comprise the Waitemata Group (Balance 1976, Hayward 
1976).   These rocks include a number of formal stratigraphic Groups and Formations, including the 
well-studied interbedded soft sandstones and mudstones of the East Coast Bays Formation (ECBF).  
The ECBF incorporates lenses of harder conglomerate including Parnell Volcaniclastic Conglomerates 
(sometimes referred to as Parnell Grit), Helensville Conglomerate and Albany Conglomerate (Shane, 
Strachan and Smith, 2010; Edbrooke, 2001).  Detailed stratigraphy is obscured by widespread 
deformation and a dearth of fossils and marker beds (Spӧrli, 2007).  This complex sedimentary origin 
has resulted in a sometimes unpredictable variability between benign and challenging tunnelling 
conditions. 

 
Figure 1. Schematic geological map and section of Auckland, after Edbrooke et. al., 2001.  Model of 
submarine fan and turbidite sequence, after.  Generalized sediment-routing system (top right) modified 
from Graham et al. (2011) and Covault (2011).  Submarine fan model (middle right) resulting in vertical 
stacking of sedimentary rocks (bottom right) modified from Mutti (1992) 
 
The East Coast Bays Formation comprises flysch sequences of interbedded turbidite sandstones and 
pelagic mudstones.  The nature of the detrital clasts in ECBF sands suggest they are derived almost 
entirely from an ancient Northland island and obducted Cretaceous ocean floor material.   
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Most of the ECBF sediments can be regarded as deposited in the lower fan or abyssal (basin) plain 
and are mudstones enclosing thin medium to fine grained, laterally continuous turbidite sandstones.  
The mudstones are hemipelagic, consisting of a mixture of terrestrial detrital clay to silt-sized material 
and pelagic (non- terrestrial) material largely consisting of siliceous skeletons of organisms such as 
radiolaria and foraminifera.  Most of the sandstones are litharenites, with clasts from fragments of 
mudstone or siltstone sourced from beds deposited on the margins of the sedimentary basin. 
 
3 DIGENESIS 
 
The process of diagenesis is briefly explained here as this process is important for some properties of 
the ECBF.  The term diagenesis covers a wide spectrum of post-depositional changes that occur in 
sediments as they transition from sediment to sedimentary rock. These changes include: 
 Chemistry (eg oxidation, pH and breakdown of unstable detrital minerals liberating active ions). 
 Temperature (as the material moves lower in the crust). 
 Pressure (as more material is deposited above). 
 
These changes commonly result in compaction, cementation, and the transformation of clay from one 
species to another, and are associated with a reduction in porosity and permeability.  Diagenetic 
minerals crystallize after the deposition of the sediment. They draw on amorphous gels in the 
sediment, biological activity and its products, ions liberated by the breakdown of unstable clastic 
minerals and other components in the sediment, as well as those ions naturally contained in seawater, 
to react and nucleate new minerals causing cementation of the rock. Diagenesis is commonly divided 
into three conceptual regimes.  Most studies of the diagenesis of sandstone found in the literature are 
focused on the Mesogenetic stage because of the economic importance of oil and gas which are 
generated in this regime. Studies on early siliciclastic sandstone diagenesis are focussed on 
sediments that are loaded with glassy volcanic debris which quickly break down in ambient to low 
temperature marine conditions to provide complex and exotic mineral assemblages, which is not 
particularly relevant to the ECBF. 

 
Eogenetic stage - The Eogenetic stage, includes all processes that occur at or near the surface 
before the rock is compacted.  The influence of the original depositional pore water (in this case sea 
water) dominates and facilitates the transfer and deposition of chemicals liberated by the breakdown 
of unstable detrital components.  The sediments can be considered as an open chemical system. The 
maximum temperature range of this regime is up to approximately 70ºC and to depths of burial of 
around 1 km.  
 
The characteristic minerals formed in siliciclastic rocks during early diagenesis are smectite clays and 
zeolites, plus chalcedony, orthoclase and amorphous silica. Any new minerals that precipitate from 
pore-solutions require a local source of appropriate chemical reactants.  These components can only 
come from the breakdown of unstable detrital material already in the sediment such as glasses, gels 
and feldspar minerals. Volcaniclastic sediments containing abundant glassy material will contain large 
amounts of diagenetic minerals (zeolites and clays).  Clastic sediments containing little reactive 
material will be poor in diagenetic minerals and as a result will have little cement in the early stages of 
diagenesis. 
 
Mesogenetic stage - As sediments become compacted or cementation proceeds to the extent that 
the porosity and permeability of the sediment is much reduced, ions liberated by temperature-related 
breakdown of minerals accumulate in the interstitial solutions.  This closed system regime begins at 
around 1-2 km depth of burial and, in siliciclastic sandstones, at around 60ºC. Mineral cements and 
diagenetic minerals grow rapidly. Clay minerals dehydrate and transform to other clay species with 
increasing temperature. The smectite of the early diagenetic regime transforms to illite or chlorite.  
 
Telogenetic stage - Quartz only occurs as a major cement in rocks that have been heated to 
temperatures above approximately 80ºC.   In nature sandstones buried to less than 2.7 km have 
negligible quartz cements.   Quartz also will only deposit on clean surfaces; thus the crystallization of 
diagenetic clays and zeolites on the surface of clastic grains severely inhibits the deposition of quartz. 
 
Subsequent changes in pore water chemistry, such as the introduction of meteoric water into formerly 
marine sediments when they are inverted, uplifted or eroded, can cause earlier minerals to break 
down and be replaced by new minerals.  The form and nature of clay aggregates can also change.  
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4 TUNNELLING PROPERTIES AND ISSUES 
 
In general the East Coast Bays Formation provides a benign tunnelling environment with very weak 
rocks which stand up well and are easily excavated.  Although there have been significant recent 
successes, experience of tunnelling in Auckland is relatively limited.  As a result of the lessons learned 
on some of these projects, Asche et al. (2009) concluded that EPB tunnelling can be undertaken in the 
ECBF with a large degree of cost and programme certainty.   
 
Where problems have been encountered they fall into the following categories. 
 
4.1 Uncemented Sands 
 
Pockets of uncemented sands have been reported in projects across Auckland including Trunk Sewer 
30, Waterview Tunnel, and Victoria Park Tunnel.  These unconsolidated and uncemented sandstones 
can cause significant issues for open face or unpressurised tunnelling techniques.  They are very 
porous, allowing water to freely enter and permeate through them, and reports from recent projects 
suggest that groundwater inflows of 10-20 litres per second are likely (personal communication, Tom 
Ireland).   
 
In order to provide an understanding of why uncemented sands appear in the otherwise consolidated 
rock detailed examination was undertaken including X-ray diffraction, thin-section petrography and 
high resolution scanning electron microscopy to identify clastic and diagenetic minerals and determine 
their depositional history. 
 

 
Figure 2. SEM image of quartz grains recovered from core showing absence of cement and 
conchoidal impact fracture which could only have happened during deposition; this impact surface is 
almost clean suggesting that no cementing matrix has existed during the history of this sandstone. 
 
The majority of the lithic clasts were found to be hemipelagic mudstones (see Fig 5, right hand image). 
Other clastic material does occur including igneous material which contains hornblende (a mineral 
typical of the oceanic volcanics contained in the Northland Allochthon) and rare felsic fragments of 
volcanic origin.  Most quartz and feldspar grains have relatively clean surfaces.  Some quartz grains 
may have acquired a thin clay coating believed to be from the early stages of an extended 
sedimentation process (ie before they were deposited in their present depositional environment). 
Feldspar grains frequently show dissolution features. The reaction products of dissolution will 
contribute to the growth of diagenetic minerals.   
 
A notable feature of the sands is the intermittent nature of the diagenetic matrix.  Volumes of the sand 
with more abundant detrital lithic material tend to be more cemented; adjacent volumes that are rich in 
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clastic quartz tend to have little diagnetic cement.  The paucity of feldspars in the sediments may be a 
factor that contributes to the paucity of diagenetic minerals (particularly zeolites) in the sediments.   
All available data for the clay mineral assemblages in the samples studied have shown that the detrital 
and diagenetic clays are smectites (Black et al, 2010). 
 
The temperature range of diagenesis experienced by the sediments, the textural features that they 
contain (particularly the general absence of compaction features in the matrix of the sediment and to a 
lesser extent within its clastic sedimentary grains), and the nature of the diagenetic minerals found in 
the sediments all locate the diagenesis as having occurred in the eogenetic stage of diagenesis 
shortly after deposition and before compaction. 
 
It is believed that the unconsolidated sand horizons are caused by the general lack of detrital material   
that is “fertile” as far as providing material for the crystallisation of cementing minerals.  The ECBF 
sediments have been never been seriously compacted and they contain within them little in the way of 
unstable material that would provide reactants needed to produce abundant diagenetic and cementing 
products into the sandstone pores.   By comparison although the sediments of the adjacent Pakiri 
Formation have been deposited in similar sedimentary environments they contain abundant 
volcaniclastic debris which is very reactive in the marine environment and thus produces more 
diagenetic and cementing products that will provide much greater cohesion. 
 
4.2 Sawtooth Weathering 
 
The ECBF weathering zone is known to be of variable thickness. Experience from the Waterview 
tunnel (personal communication, Neil Jacka) suggests that weathering depth and pattern is 
significantly influenced by bedding angle, with deep weathering occurring along dipping bedding 
planes resulting in ‘saw-tooth’ weathering profiles that can appear in vertical boreholes as a sequence 
of weathering grades decreasing then increasing with depth. 

 
Figure 3. Waterview tunnel long section showing dip and weathering variability, with deeper 
weathering in zones of high bedding dip. Amended from Kenyon, 2014. 
 
This can result in unanticipated mixed face conditions where unweathered rock would normally have 
been assumed if a consistent ‘top down’ weathering profile had existed. 
 
4.3 Conglomerate Lenses 
 
Harder lenses within the ECBF commonly include the Parnell Volcaniclastic Sandstone (‘Parnell Grit’), 
Albany Conglomerate and Helensville Conglomerate.  These were encountered during drilling of the 
Davis Crescent tunnel, Trunk Sewer 30, and the Rosedale Outfall.  The Roesedale Outfall was a 3 km 
long sewer tunnel constructed with an EPBM, while the first two project examples were pipe-jacked 
with open face microtunnelling machines.  The source and relative age of these conglomerates is still 
debated, and the Parnell Volcaniclastic Conglomerate (PVC) is distinctly different from the Albany and 
Helensville Conglomerates.  The inferred depositional environment of a submarine fan complex with 
channelised high-density turbidity currents (Balance, 1974; Sprott, 1997; Johnston, 1999) means that 
these conglomerates can occur in in relatively narrow lenses and unpredictable locations.  These can 
easily be missed by conventional ground investigation resulting in poor decisions being made over 
machine choice and risk allocation.  
 
PVC commonly has a uniaxial compressive strength in the order of 10-20 MPa, significantly higher 
than the typical ECBF, which has resulted in some tunnels utilising medium-size microtunnelling 
machines needing to be changed to drill and blast with significant cost, programme and environmental 
consequences.  The Albany and Helensville conglomerates contain boulders with uniaxial 
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compressive strengths of up to 250 MPa which can cause significant problems for most tunnelling 
methods such as machine wear, blocking of guillotine doors, and overbreak.  These are discussed in 
more detail in Roberts et al, 2014. 
 

 
Figure 4. Left and centre:Typical Albany Conglomerate as found in a hand jack tunnel face and core 
(Roberts et al, 2014). Right: Potential volcanic sources for the Parnell Volcaniclastic Conglomerate 
shed volcanic detritus into Waitemata basin.  Diagram modified from Hayward et al., 2011. 
 
All of these conglomerates have been anecdotally associated with high groundwater inflows of 20-30 
litres/sec.  Dowler at al, 2010, reported flows of over 60 litres per second in the Rosedale Tunnel with 
apparent infinite supply despite constant draining and water pressures ranging from 0.5 to 6 bar. 
 
4.4 Calcite veins and cementation 
 
Calcite veins have been encountered in a number of Auckland tunnelling projects including the 
Waterview Tunnel (personal communication, Stuart Cartwright) and Birkdale twin 600 mmID 
microtunnel and 450 mmID horizontal directional drilled pipe.   
 

 
Figure 5. Left and centre: Calcite encountered on Trunk Sewer 30. Right: Microphoto thin-section in 
plane polarized light.  Calcite cemented sandstone clast enclosed in unconsolidated sand.  Note white 
rims of calcite on large rounded lithic (mudstone/siltstone) grains and fragment of volcanic material 
bottom left. 
 
In Birkdale bands up to 200 mm wide were encountered and the strength differential caused issues for 
the drilling. Solid inclusions of calcite could have strengths of approximately 250 MPa, although those 
encountered at Birkdale recorded UCS of 10-20 MPa (personal communication, Dietmar Londer). 
 
Microphotographs taken in unconsolidated sand from the ECBF show that, in some locations, calcite 
has nucleated on and coated clastic grains creating coherent “chunks”. Since the depositional site of 
the sandstones must have been below the calcite compensation depth we can presume that this 
calcite has crystallized since or during the uplift of the ECBF.  It is believed that late Tertiary and 
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Quaternary uplift and erosion has allowed egress of fresh (meteoric) water into the unconsolidated 
sandy sediments.  The change from marine to meteoric pore waters then started a new round of 
diagenetic changes and minerals.  The new diagenetic minerals include a green smectite and calcite. 
 
4.5 Sticky Spoil 
 
X-ray diffraction shows that unweathered ECBF sediments have matrices dominated by smectite. 
Smectite clays have a particularly high plasticity and form smooth gels when mixed with sufficient 
water or other liquids. Surface samples also have kaolin clays as a result of weathering. Kaolin 
decreases while smectite content increases with depth. Disaggregation of ECBF sandstones to 
separate “sand grains” from matrix has shown they have identical clay mineral contents; both are 
dominated by smectite.   
 
The Vector CBD Reinforcement Project, a 6 km long tunnel, was constructed in two sections.  The 
section from Penrose towards Newmarket was excavated with a TBM (Rahman & Barber, 2002).  The 
project was completed in October 2000 after being delayed by the poor performance of the TBM, 
which was significantly hindered by the sticky nature of the ECBF when excavated (Asche et al, 2009).  
It was discovered that when subjected to aggressive mechanical excavation methods the clastic 
grains of ECBF rocks disaggregate into their fundamental clay sized particles forming material with the 
constituency of porridge.  In its natural state the water content of the ECBF is close to the plastic limit 
of the pulverised fraction.  The resulting clay is prone to swelling and can easily clog openings, auger 
flights etc (Dowler et al, 2010).   
 
Fortunately this problem can be overcome with appropriate technology.  Project Hobson, a 3 km long 
sewer tunnel, was constructed with an EPBM capable of operating in open and closed modes.  The 
contractor finished ahead of programme in 2009 and the project was generally considered a success.  
The reason for this success has been attributed to the use of spoil conditioning agents to minimise 
problems with sticky spoil (personal communication, Victor Romero). 
 
5 CONCLUSIONS AND RECOMMENDATIONS 
 
In general the ECBF provides a benign tunnelling environment with very weak rocks which stand up 
well and are easily excavated.  However, there are a number of issues which can cause significant 
problems with serious implications for safety, programme and cost.  All of these issues can be 
overcome by a combination of appropriate ground investigation and tunnelling techniques. 
 
Experience has shown that the key risks that need to be considered on tunnelling projects in the 
ECBF are: 
 
 High groundwater inflows, particularly where conglomerate beds or uncemented sands are present. 
 Unforeseen stronger rocks causing additional wear or delays if the equipment is not suitable. 
 Unforeseen cobbles and boulders of very strong rock (up to 250 MPa) which can damage 

machinery, block emergency doors, and result in overbreak. 
 Zones of calcite veins and cement which can cause additional wear and may cause particular 

problems for small tunnels and horizontal directional drilling. 
 Mixed face conditions as a result of sawtooth weathering or lenses of conglomerates. 
 
Given the challenges in identifying some of these issues with a ground investigation a process of risk 
management should be undertaken involving: 
 
 High quality, detailed ground investigation to minimise the potential for encountering unforeseen 

conditions. 
i. Pumping tests in uncemented sands and conglomerates 
ii. Closely spaced boreholes to identify channelised deposits 
iii. Defect orientation to characterise defects for the assessment of sawtooth weathering profile. 

 Assessment and management of residual risks using a combination of: 
i. A targeted Geotechnical Baseline Report 
ii. Appropriate tunnelling specifications and conditions of contract 
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ABSTRACT 
 
The Manawatu Gorge contains a major road (State Highway 3) and rail link between the west and east 
coasts of the southern North Island. Excavations for the establishment and widening of SH3 on the 
south side of the gorge have cut back and oversteepened the toes of many slopes, resulting in rock 
falls and landslides that affected or closed the road in many places since it was completed in 1872. 
This paper relates to the ~150,000 m3 landslide in the Manawatu Gorge in 2011 which closed SH3 for 
13 months. The landslide resulted from a combination of adverse geological and geomorphic factors, 
together with poor road design and highway maintenance practice which undercut the toe of a large 
prehistoric landslide at the top of slope. Extensive earthworks were carried out to stabilise the slope by 
removing 370,000 m3 of soil and rock from above and below the landslide and re-grading the slope to 
an overall angle of ~40°, which is similar to the long term stable angle for the slope. Other stabilisation 
and protection measures included slope drainage and the installation of steel mesh and catch fences 
to reduce the risk from small rock falls on the slip face, and grouted anchors to stabilise the colluvial 
slope to the west. These measures have effectively stabilised the slope and reduced the risk of further 
large-scale landsliding at the site to a very low level. 
 
Keywords: Manawatu Gorge, landslide 2011, stabilisation earthworks, SH3 
Steel mesh and a rock fall fence were installed to reduce the risk of rock falls on the slip face,  
 
1 INTRODUCTION 
 
The Manawatu Gorge is an antecedent gorge which has been cut by the Manawatu River eroding 
through the Tararua–Ruahine range over the last ~1.5 million years.  Bedrock in the area comprises 
indurated greywacke sandstone, siltstone, and argillite of Triassic–Jurassic age (Lee and Begg 2002). 
The steep (~35–>60°) slopes of the gorge are overlain by surficial colluvium, old (prehistoric) landslide 
deposits, and remnants of alluvial deposits on the upper slopes. The Manawatu Gorge situated 12 km 
northeast of Palmerston North contains a major road (State Highway 3) and railway line (Figure 1). 
 

 
Figure 1. Location map for the Manawatu Gorge and the 2011 landslide. 
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Excavations for the establishment and widening of State Highway 3 (SH3) on the south side of the 
gorge oversteepened the toes of slopes, causing rock falls and landslides that have affected the road 
since it was completed in 1872. By comparison the railway line on the north side of the gorge has 
been much less affected by landsliding, mainly because of the lower cuts and the use of tunnels to 
bypass steeper sections of the gorge (Hancox et al. 2012). After the gorge road was widened in the 
1940s, 1960s, 1970s and 1980s it has frequently been closed by slips, especially during heavy rainfall. 
Most of these failures were related directly to the road-widening earthworks. The first significant 
landslide closures (of 2-8 days or more) of SH3 in the Manawatu Gorge occurred following large 
failures in 1990, 1995, and 1998.  All of these failures were apparently related to the cutting back of 
the toe of the slope in the 1980s. Rock falls also occurred on many rock bluffs through the gorge and 
required extensive rock bolting, scaling, and ‘meshing’ of rock faces in places. The worst historical 
episode of multiple landslides in the gorge occurred during the February 2004 rainstorm, when 
prolonged rainfall spread over 2–3 days caused more than 40 landslides. The largest of the landslides 
was a ~100,000 m3 rock and debris slide that closed SH3 for 70 days (Figure 1). 
 
In September 2010 a small debris slide of about 2000 m3 occurred at the toe of a colluvial slope which 
closed the west-bound lane of SH3 in the Manawatu Gorge 4 km southeast of Ashhurst (Figure 1). 
On 18 August 2011 a larger failure occurred 20 m east of the 2010 site, which completely closed SH3 
in the gorge. This was the first of a series of rock and debris slides at this site which culminated in a 
major collapse on 18 October 2011 that closed SH3 until 19 September 2012.  This paper describes 
the geotechnical characteristics and development of the 2011 landslide, the causal factors and 
methods used to stabilise the landslide in order to reopen the road through the gorge. 
 
 
2 THE 2011 LANDSLIDE 
 
The 2011 landslide is located about 1 km from the western end of the Manawatu Gorge between 
Bluffs 2 and 3 (Route Position (RP) 488/1.86–2.10). The collapse that occurred on 18 October 2011 is 
illustrated on an annotated aerial photo taken on 1 November (Figure 2) when the landslide and 
stabilisation options were being investigated. Figure 3 is a geomorphic map of the landslide and older 
slope failures in the area, including failures along SH3 from 1930-1980s and the relict scarps of large 
prehistoric landslides identified on aerial photos and LiDAR (Hancox et al. 2012). Most of these 
features were mapped by Perrin and Hancox (2000) in a scoping study of SH3 in the Manawatu Gorge 
(Beca 2001). A geological cross section through the 2011 landslide is presented in Figure 4. 
 

 
Figure 2. Aerial photo of the 2011 landslide (a rock and debris slide) in the Manawatu Gorge on 
1 November 2011 compared to the size of the failure on 29/9/11 (hs – headscarp; d – debris). 
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Figure 3. Geomorphic map of the 2011 landslide in the Manawatu Gorge. 

 

 
Figure 4. Geological cross section of the 2011 landslide and the slope above. 
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2.1 Description of the landslide 
 
Following the failure in August 2011 which closed the gorge road, efforts were made by Higgins 
Contractors to clear debris from the highway, and a geotechnical assessment of the landslide was 
begun. The assessment included engineering geological mapping by MWH and GNS Science staff, data 
reviews, aerial photography, and LiDAR with 5 m contours (flown 29/9/2011). After the 18 October 
collapse a terrestrial laser scan (TLS) of the failure site was carried out by GNS Science on 1 November. 
The data obtained were used to create a geotechnical model of the landslide area and consider potential 
remedial measures to stabilise the slope. 
 
The investigations showed that the 2011 landslide formed where excavations to widen SH3 had 
undercut a colluvial deposit below the toe of a much larger prehistoric. The presence of this feature 
was established from geomorphic evidence derived from aerial photos, LiDAR images, ground 
mapping, and cross section analysis (Figures 3 and 4). The main features of the 2011 landslide 
established from the post-failure studies are summarised as follows: 
(a) Location: The landslide occurred between Bluffs 2 and 3 from RP488/1.86–2.10. 
(b) History: Shallow failures at or near the site from 1930 to ~1950 and 1968-1969 (Figure 3). 
(c) Dimensions: Height: 130 m; area: 15,000 m2; average thickness: ~10 m; volume: ~150,000 m3; 

average slope angle: 45–60°(headscarp), 45–35° (above scarp, see Figure 4). 
(d) Geology: The bedrock is greywacke sandstone/siltstone and minor red argillite, overlain by 

1-10 m of older slide debris, colluvium, and at the top of the slope ancient alluvium 
capped by surficial loess and top soil. 

(e) Failure type: Based on the Varnes Landslide Classification (Hungr et al. 2014) the landslide is 
classed as a typical rock and debris slide (see Figure 2). 

 
The 2011 landslide is the largest slope failure in the Manawatu Gorge in the last 100 years and is 
possibly the biggest landslide to affect a highway in New Zealand. It mainly involved surficial soils, 
colluvium, and weathered bedrock, and is most likely to have been initiated by the cutting back and 
subsequent poor support of the toe of the steep slope above SH3. Continuation of similar methods 
during efforts to reopen the road after the initial collapse in August 2011 led to the oversteepening and 
enlargement of the slip face, culminating in the major collapse on 18 October 2011 (Figure 2). The 
effects of this process on the development of the landslide are discussed below. 
 
2.2 Stages in landslide development 
 
The main stages in the development of the landslide are shown on the geomorphic map (Figure 3) 
and the sequence is illustrated by a graphic in Figure 5 and a series of photos in Figure 6. 
 

 
Figure 5. Graphic illustration of stages in the development of the 2011 landslide. 

1236



5 

 
Figure 6. Photos sequence showing the main stages in the development of the 2011 landslide. 

 
As shown in Figure 5 and 6 the initial failure at the landslide site between Bluffs 2 and 3 was a small 
rock and debris fall that closed the west-bound lane of SH3 in September 2010 (Stage 1). Debris from 
this failure was quickly cleared away and the road was reopened. Following a period of higher than 
usual rainfall on 18 August 2011 a debris fall of ~1000 m3 occurred about 20 m east of the 2010 
collapse (Stage 2). This second failure extended upslope to ~60 m above road level and increased in 
size to about 5000 m3, at which point it completely blocked both lanes of SH3 (Figure 6). 
 
From 18 to 28 August 2011 the two landslide scarps formed in Stages 1 and 2 regressed upslope and 
enlarged with a series of small collapses from the headscarps, which eventually merged the two areas. 
Over this time continued efforts were made by roading contractors to clear slide debris from the road and 
the base of the slip. From the initial failures an estimated 20,000 m3 of weathered greywacke and 
colluvium ended up on SH3 or in the Manawatu River (Avery and Bourke 2013). Our observations 
suggest however, that the overall result of this work was to undercut and oversteepen the slip face, 
resulting in further falls of soil and rock from the head scarps, often in response to rainfall. By the 29th of 
September the two initial failure areas had merged into a single landslide feature about 105 m wide and 
extending upslope to about RL145 m (Stage 3, Figure 6). After reaching the enlarged stage of 
development at the end of September, in the first two weeks of October the rate of failures from the 
headscarp declined. The roading contractors continued to clear debris from SH3 and cut back the base 
of the slope to form a ‘debris fall area’ beside the road (Stage 3a, Figure 6). Geological mapping by 
engineering geologists and geotechnical engineers from MWH NZ, GNS Science, and Geovert NZ, 
raised concerns about the stability of the upper slope as small to moderate falls of loose rock, colluvium, 
and soil from the headscarp continued. Compared to the ‘original ground profile’ (Figure 4) the clean-up 
process oversteepened the headscarp and made the slope vulnerable to a large regressive failure. 
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The gorge highway road was due to be reopened to traffic when a major collapse occurred early on 18 
October 2011, engulfing SH3 over a width of 150 m and sending about 150,000 m3 of rock and soil 
tumbling down the slope into the river (Stage 4, Figure 6). The area of the landslide tripled overnight 
and the headscarp regressed to about 130 m above road level (RL205 m). Fortunately nobody was 
harmed as the road was closed. A hill-shaded aerial and terrestrial (TLS) LiDAR image shows the 
extent of the failure and other geomorphic features on the slope on 1 November 2011(Figure 7). 
 

 
Figure 7. LiDAR and TLS image of the 2011 landslide and prehistoric landslide scarps (hs, ss), 

and potentially unstable slumped areas (sl), colluvium and old slide debris at the top of the slope. 
 
2.3 Geotechnical assessment and remediation options 
 
Although the 18 October landslide was not unexpected, the size and speed of the failure was at the 
upper end of the range considered possible by engineers and geotechnical specialists. Following the 
enlargement of the landslide in October a geotechnical workshop involving MWH, GNS Science and 
Geovert engineers and geologists was held on 15 November to assess the landslide and consider 
stabilisation options. Analysis of geological data (Figures 3 and 4) indicated there was potential for 
enlargement of the landslide upslope. It was concluded that a further 25,000 m2 or about 200,000 m3 
of prehistoric slide debris and colluvium above the headscarp was capable of generating further large 
and potentially rapid failures (Figure 7). Because the head of the landslide was continuing to collapse 
it was thought to be too dangerous to approach from below. The basic design concept determined at 
the workshop involved accessing the top of the landslide from above, and using earthworks equipment 
to remove the unstable material and cut (bench) the slope back to a more stable angle, similar to the 
long term stable angle for the slope (40-45°). This was ultimately shown to be the most cost effective 
and technically suitable option, and was approved by NZTA, earthworks contractors, and land owners, 
including the Department of Conservation, over the following few weeks. 
 
2.4 Cause of the landslide 
 
Based on the data available we believe that the 2011 landslide between Bluff 2 and Bluff 3 in the 
Manawatu Gorge can be attributed to a combination of factors, including: 
(a) Relatively weak sandstone and argillite bedrock between spurs (bluffs) of strong sandstone. 
(b) The presence of old (prehistoric) landslides and thick colluvial deposits on slopes of the 

Manawatu Gorge, which were cut back and oversteepened during the construction of SH3.  The 
same pattern of landslide development has occurred at several other locations in the gorge in the 
last 20 years (Hancox et al. 2012), particularly in 1995, 1998, and 2004 (Figure 1). 
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(c) Rainfall and adverse slope drainage further decreased the stability of unsupported cuts in 
colluvium and weathered bedrock along SH3, resulting in shallow rock and debris falls through 
the 1930-40s, 1968-69, 2004, and August to October in 2011. The first 2 stages of the 2011 
landslide occurred after higher than average rainfall before the first 2011 failure on 18 August. 

(d) During the earthworks on the slip face ground water seepages were noted from joints and above 
clay seams in greywacke bedrock. A significant ground water seepage flow of ~12.5 litres/min 
was found to coincide with the head of Stage 2 landslide at RL ~135 m. This suggests that 
ground water seepage was a significant causal factor in the two initial landslide events. 

(e) The methods used by roading contractors to clear slide debris from SH3 involved cutting back the 
toe of the failure site to form a debris ’catch area’ alongside the highway. As shown in Figure 6 
this process undercut and is likely to have further destabilised the head of the landslide and the 
slope above, making it more vulnerable to collapse. Since the slope was already close to the 
point of failure this is believed to be the main cause of the large collapse on 18 October. 
As similar ‘clean-up’ measures were used to clear debris from the road after the failures in August 
and September 2011, this is also believed to be a reason for the considerable enlargement of the 
landslide between Stages 2 and 3. 

 
 
3 STABILISATION MEASURES 
 
The remediation earthworks began in December 2011 and were completed down to road level in May 
2012. Approximately 370,000 m3 of material was removed from the landslide area. The extent and 
shape of the earthworks was determined using a digital terrain model based on aerial and terrestrial 
LiDAR images. The earthworks excavation began near the ridge crest above the landslide and 
progressed down the slope to road level. All of the excavated soil and rock was pushed over the edge 
of the benches and removed from the base of the slope. Figure 8 shows the landslide area on 24 
August 2012 after the main earthworks and benching had been completed, while the overall shape of 
the earthworks benches and material removed from the slope is shown in Figure 9. 
 

 
Figure 8. Completed earthworks and benching (1-4) of the 2011 landslide on 24 August 2012 

(gwk – greywacke, col – colluvium, cl – clay seam, s – seepage, sd – seepage drainage, al – alluvium). 
 
Once the earthworks and four benches were completed (Figure 9) the highway bridges damaged by 
the landslide were rebuilt, ground water seepages controlled, and rock fall control measures were 
installed on the slip face. Geovert were commissioned directly by NZTA for the installation of slope 
drainage holes, Geobrugg Deltax mesh drape over the eastern part of the slip face, a 500kJ Geobrugg 
rock fall attenuator fence, and grouted rock anchors with steel waling beams to stabilise the western 
colluvial slope. These measures are described in detail elsewhere by Avery and Bourke (2012). 
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Figure 8. Section showing the shape of the completed earthworks in May 2012. 

 
 
4 CONCLUSIONS 
 
The 150,000 m3 landslide that closed State Highway 3 in the Manawatu Gorge from 18 August 2011 
to 19 September 2012 was the largest landslide to occur in the gorge for over 100 years. Our 
assessment has shown that the landslide resulted from a combination of adverse geological and 
geomorphic conditions, coupled with poor road design and highway maintenance practice which 
undercut and removed support from the toe of a large prehistoric landslide at the top of slope. 
Extensive earthworks carried out to stabilise the landslide involved the removal of about 370,000 m3 of 
soil and rock from the head of the landslide, and cutting the slope back to an overall angle of ~40°, 
which is similar to the long term stable angle for the slope. Steel mesh and a rock fall fence were 
installed to reduce the risk of rock falls on the slip face, and grouted anchors were used to stabilise the 
colluvial slope to the west. These measures have effectively stabilised the slope affected by the 2011 
landslide and reduced the risk of further large-scale landsliding at the site to a very low level. 
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ABSTRACT 
 
Wellington City Council (WCC) operates and maintains four heritage tunnels, constructed in the early 
twentieth century. WCC have developed a strengthening programme to successively investigate and 
(where necessary) design seismic strengthening of each tunnel. The Kariori Tunnel strengthening 
scheme was completed in 2013 and the design of the Hataitai Tunnel is currently ongoing. Both 
tunnels presented a unique set of challenges during the design and construction of the strengthening 
works. These include uncertainty in the condition and form of the structures, maintaining operation of 
the road and preserving the heritage value of the structures. 
 
Keywords: ground investigations, slope stability, ground anchorages, load testing 
 
1 INTRODUCTION 
 
The Wellington City Council (WCC) road infrastructure team operates and maintains four heritage 
tunnels. In 2010, WCC developed a tunnel seismic strengthening programme. The objectives of the 
strengthening programme were to assess the condition and expected performance of the tunnels, and 
where necessary, design and construct a strengthening scheme. This paper presents a summary of 
the unique geotechnical challenges during the investigation, design and construction of the Karori and 
Hataitai Tunnels.  
 
Both tunnels were very similar in some respects, and it was these similarities that dominated the 
development of the investigation, design and construction phases. These are highlighted below. 
 

 The tunnels were constructed in the early twentieth century and are formed of mass concrete 
portals and wingwalls and brick and mortar lined tunnel barrel.  

 A collapse occurred at the both tunnels during construction, resulting in loss of life. This 
highlights the challenging ground conditions and topography of both sites. 

 A unique combination of site constraints such as steep heavily vegetated slopes, weak and 
highly fractured Greywacke rock and electrified overhead trolley buses. 

 Both are iconic structures that are very visible to motorists and highly regarded by the local 
public. 

 
This paper focuses on the design phase of the Hataitai Tunnel and then turns to the construction 
phase of the Karori Tunnel. Two approaches to investigating the tunnel conditions are presented, and 
their relative advantages and limitations are highlighted. Seismic strengthening of heritage tunnels 
requires careful consideration of cost and preservation of the heritage value and aesthetic of such 
structures. 
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2 HATAITAI TUNNEL – INVESTIGATION AND DESIGN 
 
The investigation, seismic assessment and development of strengthening options were undertaken in 
2012 and 2013. The detailed design of the preferred strengthening scheme is currently ongoing. 
Sample pictures of the tunnel portals are presented in Figure 1 and 2 below. 

 
Figure  1.  The current eastern portal    Figure   2. Historic photo of the western portal  
  with wingwalls either side  (courtesy National Archives) 
 
2.1 Geological Setting 
 
Published geology (Begg and Johnston, 2000) indicates the site is underlain by Greywacke and 
Argillite rock of the Rakaia Terrain. This unit is typically weak, steeply bedded and often shattered or 
sheared, all of which combine to considerably reduce the overall strength of the rock mass. The map 
identifies an unnamed inactive fault extending across the tunnel near the eastern portal. 
 
The eastern portal is surrounded by steep (50 to 70 degree) cut slopes within highly weathered 
Greywacke. The insitu rock is very closely jointed with some unfavourable joints extending out of the 
slope. The rockmass is very dilated rock mass and a number of shallow translational failures extend 
along the southern cut slope. 
 
The western portal comprises gently sloping to steep cut slopes within completely to highly weathered 
Greywacke. A thick wedge of typically weak non engineered fill extends from the rear of the portal and 
wing walls. 
 
2.2 Ground Investigation and Seismic Assessment 
 
The ground investigations and seismic assessment were undertaken in a number of stages. Each 
stage involved gathering progressively more data, resulting in a more detailed set of assessments and 
more accuracy and certainty in terms of the performance of the strengthening scheme. 
 
A summary of the investigations and findings from each stage are set out in Table 1 below. 
 
Table 1: Staged Investigation and Assessment 

Stage Scope of 
Investigations 

Assessments Key Outcomes 

Preliminary 
Condition and 
Seismic 
Assessment 

Site walkover and 
preliminary mapping 
of the rock faces. 
Review published 
and historical 
information 

~ The tunnel barrel is generally sound, 
but some cracking and movement 
noted in portals. 
Further investigations required to 
confirm the site conditions and 
undertake seismic assessments. 
 

Seismic Risk 
Assessment 

Five machine 
boreholes, eighteen 

Preliminary 
slope stability 

The tunnel barrel is anticipated to 
perform adequately during a major 
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concrete cores, four 
test pits 

and structural 
assessments 

earthquake. 
There is the potential for deep seated 
instability of the slopes behind both 
tunnel entrances, which could result 
in collapse of the portals and 
wingwalls. This presented a life safety 
risk to motorists and could result in 
closure of the tunnel for a 
considerable period. 

Options Study A sixth machine 
borehole and 
detailed rockface 
mapping. 

Detailed 
slope stability 
and structural 
assessments. 
Construction 
cost 
estimates 
developed. 

Four options were identified (refer to 
Section 2.4 below). 
 
Supplementary investigation data 
permitted refinement of the seismic 
stability of the cut slopes at the 
eastern portal, resulting in an overall 
reduction in the scope of work for 
three of the four options. 
 
Preferred option comprised new 
buttresses and a ground beam tied 
back with ground anchorages 
. 

 
2.3 Seismic Assessment of the Portal and Wingwalls 
 
Figure 3 below presents an extract from the historic construction drawings, highlighting the variable 
thickness of the wingwalls, and complex arrangement of the portal façade and wingwalls. 

 
Figure  3.Typical Elevation and Section from historic drawings (courtesy WCC archives). 
 
The seismic assessment of the portals focused on three failure modes as set out below. 

 Mode 1 - Global slope stability of the tunnel entrance 
 Mode 2 - Local stability immediately behind the portals and wingwalls 
 Mode 3 - Shallow instability of the oversteepened Greywacke slopes (rockfall) 

 
Static and seismic stability analyses were undertaken following two methods as set tout below. 

 Method 1 - Slope stability analyses using GEO-SLOPE ‘Slope’W’™ software, adopting the 
limit equilibrium methods of Morgenstern and Price (1965) and Janbu (1954). Slope 
displacements were derived using the Newmark Sliding block;, following the method of Jibson 
(2007) 

 Method 2 – Stereonet analyses to identify the defect sets, and kinematic analyses with 
Rocscience Swedge™ software to assess the behaviour of the dominant defect set. 

 
The analyses indicated that during the ‘ultimate limit state’ earthquake event (1000 year return period, 
peak ground acceleration of 069g and 0.52g for the west and east portals respectively) there is the 
potential for deep seated instability at both portals. Such instability would impart a large load on the 
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portal and wingwall structure, resulting in potential displacements in the order of 100mm to 400mm. As 
the portals are unreinforced and not well tied together this would likely lead to collapse.  
 
Analyses and site observations also indicated the potential shallow translational slides to occur during 
periods of heavy rainfall and minor earthquakes. Rockfall would accumulate at the base of the portal 
presenting a hazard to motorists. 
 
A supplementary ground investigation was undertaken at the eastern portal. The investigation 
comprise a machine borehole above the crest of the portal and detailed rock face mapping. This data 
allowed refinement of the ground model and geotechnical parameters, resulting in a considerable 
reduction in the load imparted on the read of the portal and wingwall structure. 
 
2.4 Strengthening Options Assessment 
 
Four strengthening options were developed, as summarised below. 
 
Option 1 – Reinforced concrete portals and wingwalls cast against the existing structure, supported 
with ground anchorages. This arrangement was adopted for Karori Tunnel. 
Option 2 – Reinforced concrete buttresses, a ground beam tying together the top of the buttress, 
supported with ground anchorages. 
Options 3 – Reinforced concrete portals and wingwalls founded on large diameter bored piles 
socketed into the insitu rock. 
Option 4 – A large region of soil nails and steel mesh, stabilising the soil and rock mass above the 
portals and wingwalls. 
 
The advantages and limitations of each option were assessed on the basis of cost, programme, 
constructability and effect on key local stakeholders (public transport and recreation). The key 
consideration was the need to balance the efficiency of the solutions with the desire to minimise the 
impact on the existing portals, and in doing so preserve their heritage value. 
 
A number of geotechnical considerations influenced the options assessment. These are set out below. 
 

 Options 1 to 3 required supplementary catch fences, positioned at the crest of the portal and 
wingwall, in order to mitigate the risk of rockfall. 

 Option 3 comprised large diameter bored piles, which would require a considerable piling 
platform, blocking the access of public transport into the tunnels. 

 Option 4 could be constructed entirely from above the portals, providing continuity of service 
of the public transport. 

 
3 KARORI TUNNEL – CONSTRUCTION AND TESTING 
 
The investigation, design and construction of the Karori Tunnel seismic strengthening scheme was 
undertaken over a three year period from 2011 to 2013. The tunnel portals are illustrated in Figure 4 
and 5 below. 

 
Figure  4. Portal post strengthening   Figure   5. Historic photo of portal 
        (Courtesy of National Archives) 
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Limited ground investigation data was available to inform the design stage. Consequently, the design 
was progressed by making a number regarding the soil profile and the strength and condition of the 
rock mass. The design assumptions were validated during construction by undertaking investigation 
and acceptance anchorage load testing and carefully monitoring the anchorage drill records as they 
proceeded. 
 
3.1 Geological Setting 
 
The published geology (Begg and Johnston, 2000) indicates the site is underlain by Greywacke and 
Argillite rock of the Rakaia Terrain. Refer to Section 2.1 above for further commentary. 
 
Published geology and other recent research indicates the active Welllington Fault lies in the order of 
20m from the eastern portal (Perrin, 2004 and Begg and Johnston, 2000). The Wellington Fault is a 
steeply dipping subvertical, dextral strike-slip fault, striking approximately north-east to south west. 
The rock is brecciated with extremely closely spaced steeply inclined defects, resulting in a friable 
material that appears as a weak angular gravel. 
 
Both portals were back filled with non-engineered fill. Historic photos indicate a considerable amount 
of construction debris was discarded in the fill, such as wooden planks, drums, concrete and general 
waste. 
 
3.2 General Arrangement of the Seismic Strengthening Scheme 
 
The City Council and local stakeholders were keen to maintain the appearance of the heritage 
structure. The strengthening scheme comprised construction of an entirely new reinforced concrete 
portal, buttresses and ground beams, with a series of ground anchorages extending from the 
buttresses and ground beams through the uncontrolled fill and grouted into the insitu rock. The 
general arrangement is illustrated in Figures 6 and 7 below. 
 

  
Figure  6. Design Elevation        Figure   7. Design Section 
 
A summary of the portal wall and ground anchorage arrangement is provided in Appendix A 
 
3.3 Investigation Load Testing 
 
Three investigation load tests were specified to confirm the bond capacity of the insitu rock. The 
design had adopted a geotechnical ultimate bond capacity of 400kPa. Each test anchor was drilled 
vertically from Raroa Road, which extends over the tunnel barrel. The test anchor depths were 
designed in order to target the region of insitu rock that would provide the ground anchorage bond 
zone. 
 
The key requirements for each test are set out below. 

 Test each anchorage to geotechnical ‘failure’ 
 A 200mm diameter borehole, with a 1.5m long bonded zone 
 Creep performance of the anchorage to be assessed over a 6 hour period 
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The results from the three investigation load tests are presented in Figure 8 below. 
 

 
Figure  8. Load Test Plot 
 
Two of these results were considerably less typically less than the 400kPa ultimate capacity adopted 
in the design. Drill logs indicated the bonded zone was likely to have been founded within the 
brecciated Greywacke, a highly fractured and weak rock mass, resulting in the low grout bond stress. 
A summary of performance of the tests anchors is provided in Table 2 below. 
 
 
Table 2: Investigation Load Tests 
Test ID Load at ‘failure’ (kN) Estimated stress at 

‘failure’ (kPa) 
Sa.(mm) Sb. (mm) 

Test 1 457 486 n/a 40 
Test 2 273 290 4.05 25 
Test 3 320 340 5.66 16 
a Apparent movement of the bonded length at the onset of creep (total movement less elastic extension of bar) 
b Residual movement following release release of the jack (0kN) 
 
Other factors may have contributed to the poor performance of the anchorages. These include 
smearing of debris at the hole annulus. Test 1 and Test 2 were positioned in a similar region and may 
not have been representative of the entire rock mass. 
 
Further activities were considered, such as undertaking additional testing with increased bonded 
lengths and exhuming test anchors 2 and 3 to confirm the condition and extent of the grout annulus. It 
was not possible to do this due to programme and cost constraints. 
 
The solution was to adopt a lower geotechnical ultimate bond capacity of 300kPa, which resulted in an 
additional 1m to 2m bonded length to each anchorage. A dependable bond strength of 150kPa was 
adopted for the design (allowing a strength reduction factor of 0.5). The dependable bond strength 
formed the basis of the acceptance load testing, refer to Section 3.5 below. 
 
3.4 Ground Anchorage Construction 
 
A number of challenges were overcome during the construction of the ground anchorages, these are 
summarised below. 
 

 Depth and condition of the insitu rock. This was found to be highly variable and was 
difficult to determine with the down the hole hammer (DTH) drilling technique. The contractor 

1246



 

 

took readings of the drill penetration rate and carefully monitored the drill flushings in order to 
determine the depth to the insitu Greywacke rock. 

 Monitoring Grout Take. Grout volumes recorded by the contractor indicated considerably 
higher grout take when compared to the theoretical volume, typically ranging from 120% to 
160%. This was surprising given that the permanent casing (socketed a minimum of 0.5m into 
the insitu rock) was specified in part to prevent grout loss. The bore and grout logs were 
reviewed and discussions were held with the contractor. The exact cause of the additional 
grout take was not clear, although it may have been caused by a combination of a poor casing 
socket, overbreak from the DTH and a loss of grout through the weak and brecciated 
Greywacke. 

 Difficulty Flushing the Anchorage Hole. The DTH regularly became blocked with drill 
flushings. This may have been caused by the saturated, weak breccicated Greywacke 
becoming a very thick pug, blocking the hammer and annulus of the hole. Increasing the 
frequency of flushing the hole appeared to reduce the frequency of the blockages. 

 
3.5 Acceptance Load Testing 
 
Three acceptance load tests were undertaken in order to assess the performance of the anchorages. 
Ideally the test would have targeted 150% of the working load, but this was not possible due to the 
capacity of the steel bar and the concern that the reaction block would cause excessive movement in 
the original portal buttress (the new buttress had not been constructed at this stage). Therefore, the 
anchorages were loaded up to 864kN, which is equivalent to 110% of the working load of 785kN 
(seismic load case). The 785kN load generates bond stress in the order of 150kPa for a fixed length of 
9m to 10m, which is consistent with the modified dependable bond capacity (refer to Section 3.3 
above). 
 
A summary of the acceptance load tests is provided in Table 3 below. 
 
Table 3: Acceptance Load Tests 
Anchor 
ID 

Free 
Length 
(m) 

Bonded 
Length 
(m) 

Sa. Sb. (mm) 

   Cycle 1 Gauge 2 Gauge 3 Gauge 1 Gauge 2 Gauge 3 
WF 1.75 10.00 22.56 22.10 22.95 0.95 1.76 2.45 
WJ 4.00 10.00 23.84 25.56 26.00 3.32 2.33 3.18 
EN 5.00 9.00 7.88 10.19 10.65 5.86 5.68 6.14 
a Apparent movement of the bonded length at the working load (total movement less elastic extension of bar) 
b Residual movement following release of the jack (0kN) 
 
All load tests exhibited adequate performance during a 30 minute hold period at 110% of the working 
load. Creep movement was typically less than 0.5% of the theoretical bar extension and the average 
creep was considerably less than 0.5mm over the 30 minute period. 
 
These results generally indicate an elastic response of the ground anchorage at the working load. This 
testing validated the modified dependable bond strength of 150kPa. 
 
4 CONCLUSION 
 
Unreinforced concrete and masonry tunnel portals are expected to exhibit poor performance during a 
major earthquake. It is difficult to reliably predict the performance of the tunnel portal, due to their 
complicated arrangement, variable soil/rock profile and the behaviour of the rock mass. 
 
Two approaches to investigation and assessment of seismic performance are presented. The first 
approach was adopted for the Hataitai Tunnel, and comprised a staged process of investigations and 
assessments. The strengthening scheme is then refined at each stage. The second approach was 
adopted for the Karori Tunnel and comprised a number of assumptions during the investigation and 
assessment. These assumptions were then validated during construction with investigation and 
acceptance load testing. 
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The Karori Tunnel design adopted a geotechnical ultimate bond capacity of 400kPa for the highly 
weathered Greywacke. Investigation load tests confirmed that a geotechnical ultimate bond capacity 
of 300kPa was representative of the brecciated Greywacke rock mass. 
 
A number of seismic strengthening options are presented. These can be compared by a number of 
factors such as constructability, cost, programme and their effect on local services and stakeholders. 
However, the key consideration of both projects was the need to balance the efficiency of the solutions 
with the desire to minimise the impact on the existing portals, and in doing so preserve their heritage 
value. 
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APPENDIX A 
 
KARORI TUNNEL – STRENGTHENING GENERAL ARRANGEMENT 
Portal Walls 

 400mm thick cast insitu reinforced concrete (40MPa) portal walls 
 900mm wide by 2200mm to 700mm deep reinforced concrete buttresses and a 1400mm wide 

by 900mm deep capping beam across the crest of the portal 
 High yield strength (500MPa) reinforcing steel with minimum 50mm cover 

 
Ground Anchorages 

 200mm diameter installed with a down the hole percussion hammer drill, fully encased with 
40Mpa cementitious grout 

 8m to 10m bonded zone within the insitu rock (weathered Greywacke) 
 40mm diameter high strength steel bars, 1030MPa ultimate stress 
 Sacrificial steel casing extending from the portal walls, keyed a mimimum of 0.5m into the 

insitu rock. The casing prevented hole collapse through the uncontrolled fill. 
 Double corrosion protection provided with factory applied PVC sheathing and grout 
 21no. anchorages at the east portal and 14no. anchorages at the west portal 
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ABSTRACT 
 
New Zealand has experienced a number of significant natural disasters in the past few years, as a 
result of its unique geological and meteorological setting. These events have invoked Civil Emergency 
declarations and required significant input from the professional engineering community to assist in 
rapid responses and the following recovery operations.  Along with input to the efforts in Christchurch 
following a series of earthquakes, MWH played a key role in the Civil Defence responses to the 
significant storm event that hit Nelson/Tasman in 2011.  Based on observations from these events, the 
authors believe that there is a clear need for New Zealand to develop national guidance for 
geotechnical input to emergency responses. This paper sets out to provide observations from the two 
specific events, overview existing guidelines and documents and make comment on the specific 
requirements for a New Zealand document.  This document should include a field assessment 
process to establish consistencies, data collection forms and triage and recovery guidelines. 
 
Keywords: Civil Defence, Risk Management, Emergency Response 
 
1 INTRODUCTION 
 
Natural disasters that have occurred since 2010 have arguably thrust geotechnical engineering into 
the public consciousness more than any time in recent history and required large numbers of the 
profession to participate in civil defence emergency situations.  The authors’ experience during this 
period has identified what we perceive as opportunities for improvement in the way that civil defence 
emergencies are dealt with to the benefit of the public and the engineering profession.   
 
In this paper we set out our key observations from the events including two case histories, discuss 
international literature that we have reviewed and discuss how we believe that practices from the 
literature could be implemented to improve civil defence response.  The benefits extend beyond the 
emergency phase into the recovery where collated data can jumpstart redevelopment. 
 
We believe the key elements to improving the emergency response are improved pre-planning, 
standardised methods for on-site data collection and tools to assist on-site assessors reach consistent 
conclusions.  Because landslides, in the broad sense inclusive of ground displacement, rockfall and 
debris flows, represent the greatest risk to life in an emergency situation, the focus of this paper is on 
landslide response rather than the response to other geotechnical issues such as flat ground 
liquefaction.    
 
 
2 BACKGROUND TO THE EVENTS 
 
2.1 The 2010/2011 Canterbury Earthquakes 
 
The Canterbury earthquake sequence started with a M7.1 event on 4 September 2010.  The event 
caused localised damage throughout the city of Christchurch, most notably pockets of liquefaction with 
associated damage to residential dwellings and damage to older unreinforced masonry buildings in 
the CBD.  Slope instability on the Port Hills immediately to the south of the city was generally of a 
small and localised scale.  The event acted as a trigger to the event on 22 February 2011, a M6.3 
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event with its epicentre located beneath the Port Hills that generated peak horizontal and vertical 
accelerations in excess of 2g.  Damage throughout the CBD and eastern suburbs was extensive and 
many rockfalls, cliff collapses and large scale landslides were triggered.   
 

 
Figure 1. Example of rockfall on Port Hills of Christchurch following 22 Feb 2011 Earthquake 
 
Many thousands of aftershocks have occurred since the initial event, the most notable on 13 June 
2011 generating peak ground accelerations in excess of 2g in the Port Hills region and initiating 
several large rockfall and cliff collapse events.  Current estimates of the cost of repairs to Christchurch 
and surrounding areas is in excess of $NZ40 Billion. 
 
2.2 The 2011 Tasman Floods 
 
Between the 13 and 15 of December 2011 intense rainfall fell on the Tasman District with rainfall totals 
in excess of 250mm over the 48 hour period.  The event represented an estimated 1 in 250 annual 
exceedence probability event in Nelson and 1 in 500 further west in Golden Bay.  The effect was large 
scale flooding of local river system, hundreds of slips on the hillsides around the district and large 
scale debris flows.  Damage to the road network and residential property was extensive with estimated 
costs from the event of $NZ40 Million.    
 

 
Figure 2. Example of large scale flooding and debris flows in Golden Bay  
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3 OBSERVATIONS FROM THE TWO EVENTS 
 
After discussing our collective observations from the events, the authors agreed on a number of key 
themes that were common between the events and our own observations.  These points are 
summarised in the following section.  This is not an exhaustive list of observations, but sets out a 
number of points we believe supports the case for better guidance.   
 
The initial responses and assessments made by engineers are generally conservative as is 
prudent following a major event.  Following the initial response pressure quickly emerges to 
make decisions to allow re-occupation of structures and operation of infrastructure.  In both 
events it is our observation that within a matter of days, or sooner, following an event peoples focus 
quickly turns from the shock of the event to consideration of how the events affects their normal life 
and livelihood.  Decision making around reoccupation of structures quickly changes from initial rapid 
assessment and best judgement to a more considered review of the risks going forward.  These 
ongoing decisions around risk are often completed by engineers from different companies, 
backgrounds and experiences without a complete understanding of the risk level that existed before 
the event.   
 
There will be many situations where in all likelihood the risk to occupants is very low but the 
possibility can’t be discounted under extreme conditions.  Our observation is that the general 
attitude of most engineers is to try and not be overly conservative to aid recovery.  In doing so they are 
often placing themselves at risk of liability and potentially criminal charges.  For example, during Royal 
Commission hearings into fatalities resulting from the February 2011 earthquake, several engineers 
were questioned about barriers placed around buildings that proved inadequate given the extreme 
event that occurred.  The questioning around these issues often focussed on why, if there was any 
risk, was the barrier not further away.   
 
Do not underestimate the emotional impact of displacing people from their homes and 
businesses.  Our observation and experience is that it is extremely difficult not to have your 
judgement affected when the consequences of a decision is to remove someone from their home or 
business.  This often results in non-conservative decision making about reoccupation of structures.    
 
Formal guidance on complex and unique engineering issues may take months or years to 
develop.  Following the Canterbury earthquake events guidance on repairing houses in the worst 
affected areas took over a year to be produced, while knowledge around aspects such as rockfall risk 
is still being developed.   
 
‘Safe’ to engineers generally means acceptably low risk of failure while to the public it means 
no risk of failure.  Many statements were made that structures or slopes were safe following the 
Christchurch events, which gave members of the public a false sense of security and no appreciation 
of the on-going level of risk.  Our view is that geo-professionals should never use the term safe as it 
implies to the public no level of risk and in reality there is always a residual level of risk in any 
situation.  
  
There will be many different opinions of what is and isn’t acceptable by different geo-
professionals.  Our observation is that given different peoples background, experiences and often 
without guidance on what is and isn’t acceptable, different assessments and views will result from 
different geo-professionals.  At each of the events attended by the authors, regular meetings were 
held with assessors to discuss the approach to decision making, however, even with these efforts we 
found that gaining commonality in assessments was not straightforward. 
 
4 CASE HISTORIES 
 
The 2011 Tasman floods caused numerous slips on Abel Tasman Drive, an important local road that 
provides the only road access into the Abel Tasman National Park.  Following initial emergency works 
to remove debris and erect barriers, the road was passable but clearly users would be at an increased 
level of vulnerability to landslide issues with numerous ‘dropouts’ on the downslope side of the road 
and some creep and small quantities of material reaching the road shoulder from upslope slips.  
Further works to substantially improve the stability of the slopes would take many weeks and in some 
cases months to implement.  Given the timing of the event only days before the peak Christmas 
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season and the reliance of the local economy on tourist trade during this period there was 
considerable pressure to keep the road open, despite there clearly being an elevated risk to road 
users from landslides than under normal conditions.   
 

 
Figure 3. Example of slip on Abel Tasman Drive following December 2011 Floods 
 
Following a meeting between geotechnical and transportation staff it was decided to implement 
mitigation strategies such as night closure of the road, a morning sweep of the road to check for 
changes overnight before re-opening and improved temporary warning signage and speed restrictions 
to manage the increased level of risk.  The decision making process was done on a best judgement 
basis, attempting to reasonably balance the increased level of risk with the social and economic 
consequences of road closure.   
 
The February 2011 earthquake generated extensive rockfall throughout the Port Hills of Christchurch.  
Two of the three authors of this paper were involved in development of rockfall remediation strategies 
for a school, commercial property and roads located beneath cliffs, which generally involved the 
erection of temporary protection barriers, usually in the form of shipping containers.  Our experience is 
that decisions around these remediation works were made on a combination of judgement and limited 
computer modelling, with a general philosophy of attempting to enable recovery while managing risk.  
Due to the level of uncertainty and judgement involved in the work, peer review was sought as an 
additional risk mitigation measure.  Since the initial remedial works were implemented, ongoing 
research has been undertaken resulting in numerical estimates of risk based on distance from the 
cliffs.  Understanding of this risk is evolving, with work as recent as August 2014 indicating an 
increase in risk in some areas, compared to earlier estimates.   
 
In both examples a considerable level of judgement in the level of allowable risk was made.  The 
process in both cases would have benefitted from guidance on issues such as: 
 

 The best standardised approach to collecting data on sites.   
 Is any increase in risk acceptable in a post emergency situation, compared to the level that 

existed before the emergency? 
 How much weight should be placed on the social and economic consequences of closing 

infrastructure in allowing it to re-open? 
 If uncertainty exists, and is unlikely to be resolved for many months or longer, should best 

judgement be used to allow recovery to continue?  
 Should mitigation aim to reduce the level of risk as the same level as before the emergency 

event or some absolute level of risk? 
 
In the case of both road assessments discussed above, the effects of a major weather or seismic 
event were largely predictable and given their role as the only road link to communities, the 
consequences of losing these links was understood.  In both cases the response to an emergency 
event could have been better pre-planned, with an agreed positioned with the local road authority 
gained on the questions posed above agreed in advance.  Such pre-planning would also allow local 
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authorities to better understand vulnerability in their network, and therefore consider upgrades or 
alternative routes to reduce this vulnerability over time.   
 
5 REVIEW OF AVAILABLE LITERATURE 
 
5.1 International Review 
 
In order to identify existing literature that could assist with the issues discussed in sections 3 and 4, a 
number of references were reviewed.  In reviewing the documents the authors identified risk 
management documents that related to large scale assessment of existing risk and planning for future 
development.  Guidance was also identified for first responders dealing with rescue operations.  
However, limited specific advice concerning the type of rapid, initial infrastructure assessments 
common in civil defence situations was identified.   
 
The overall trends that we noted from review of these documents were: 
 

 Documents from the United States defined roles and responsibilities in some detail but 
specific guidance on individual event responses were not identified. 

 Australian and Canadian practice appeared strongly aligned with the use of quantitative and 
semi-quantitative risk assessment procedures for assessing landslide risk.   

 Transportation agencies from Australia and the United States were found to have pragmatic 
points and probability based systems for identifying acceptable risk on road networks.   

 Guidance on immediate response was found from Sweden, however, it did not extend to 
guidance around re-occupation or re-use of infrastructure.   

 Dam safety practice includes a strong element of pre-emergency response planning that 
appeared to offer elements that could be adopted for other types of infrastructure.  The 
Christchurch City Council has made progress in producing pre-planning documents on how to 
respond to further movements on the earthquake affected Port Hills of Christchurch. 

 
From our review of these documents we were not able to identify an existing guideline(s) that could be 
directly adopted in New Zealand.  However, we believe that existing guidance documents could 
provide a good starting point for development of New Zealand specific guidance.  In our opinion 
Australian and Canadian landslide guidelines and dam safety practice are the most appropriate 
reference documents for adaption to New Zealand practice and are discussed in more detail in the 
following sections.   
 
5.2 Risk Assessment Systems 
 
The Australian Geomechanics Society and Geological Survey of Canada have published guidance on 
landslide risk management and among other techniques proposes a semi-quantitative matrix based 
approach to assessment based on likelihood and consequence (refer Figure 4a and 4b below).  In 
order to use such a system in a post emergency situation it would be necessary to define which 
different combinations of consequence and likelihood would be acceptable.  In civil defence terms it 
would be necessary to define which parts of the matrix would allow green (no restriction on use), 
yellow (limited use) or red (restricted use) placards to be applied to buildings.   
 

 
Figure 4a. Extract from Australian Geomechanics Society Landslide Risk Management Guidelines 
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Figure 4b. Extract from Canadian Technical Guidelines and Best Practices related to Landslides 

 
More specific guidance for particular situations has also been developed in Australia.  The Roads and 
Traffic Authority of New South Wales has produced a Guide to Slope Risk Analysis.  Included in this 
guide is a semi-quantitative assessment system for slopes that impact on roads.  The assessment 
uses a points system based on the potential impact the slope could have on the road and 
consideration of likely traffic volumes.  Based on these considerations it is possible to derive an overall 
score that can be used as the basis for whether the slope in its current state is deemed to be at an 
acceptable level of risk.  Again a customised assessment tool could be developed for post emergency 
situations using such a system. 
 
5.3 Emergency Action Planning 
 
It is common in most countries, including New Zealand, to undertake Emergency Action Planning for 
dams.  The New Zealand Dam Safety Guidelines note that “the plan is designed to limit damage to the 
dam and areas downstream, and prevent loss of life.  It should take into account conceivable failure 
scenarios applicable to the dam, the potential downstream consequences, and what realistically may 
be achieved to safe guard lives at risk and generally minimise damage”.  
  
In the authors opinion such preplanning could equally be applied to important slopes and subdivisions 
to define potential failure modes, expected behaviour in a range of events, triggering points for 
evacuation and potential downslope risks.  The availability of such information and forethought 
involved in producing it would assist in both the immediate response phase by: 
 

 giving a basis for pre-planned responses to site observations  
 collating the background rational for acceptability of the slope at the time of design and 

allowing an changes to be assessed in the recovery phase. 
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In general terms it would allow a more considered response to emergency situations rather than a 
“heat of the moment” decision.   

 
The Christchurch City Council and GNS have produced documents similar in intent to emergency 
action plans in order to manage potential evacuation of the earthquake degraded Port Hills of 
Christchurch.  These set out roles and responsibilities, triggering criteria and the appropriate 
responses to different events.  Although these documents benefit from the intense level of study 
undertaken on the Port Hills, similar documentation could be prepared for important existing and new 
slopes and other landforms.   
 
6 SUGGESTED ELEMENTS OF GEOTECHNICAL EMERGENCY RESPONSE GUIDELINES 
 
Based on our experiences following major civil defence events in Christchurch and Nelson and 
following review of a number of international risk management procedures, we believe the key 
elements of post-earthquake risk assessment guidelines are: 
 
 Development of emergency action plans for important existing slopes, particularly in situations 

where failure would place downslope infrastructure at risk e.g. slopes above major transport links. 
 Development of emergency action plans for new engineered landforms e.g. subdivisions. 
 Adoption of a standardised assessment system that leads assessors through a decision making 

process to deliver a justified decision on whether the risk of continued occupation or use of a piece 
of infrastructure is acceptable.  Such a system would use a matrix or points based system to 
justify a decision.   

 
The benefits of such documentation are considered to be threefold: 
 
Better Preparedness  
 
 Preparation of emergency action plans would force improved pre-emergency planning and thereby 

highlight areas of existing risk to policymakers. 
 Preparation of emergency action plans would highlight areas to policymakers where the level of 

understanding of existing risk is poor and/or there is insufficient design guidance available.   
 Preparation of guidelines around acceptability of risk in a post emergency situation would highlight 

to policymakers the difficult decisions and balance that needs to be struck between post 
emergency safety and post emergency speed of recovery.   

 Understanding of the level of risk inherent in existing infrastructure may shape future planning of 
infrastructure upgrades to address those risks.   

 If a standardised approach to dealing with post emergency situations was developed better 
training tools for professionals could be developed.   

 A better baseline for developing tools to communicate risk to the public. 
 
Better Response 
 
 Critical decisions about keeping key infrastructure in operation could be assisted by forethought 

rather than ‘heat of the moment’ decision making.   
 Quicker response to areas that already have pre-planning via emergency action plans. 
 Better consistency in assessment of risk and response to that risk.   
 Ability to collect data for future use in a standardised way reducing repeat site visits.   
 
Advancement of Geo-practice 
 
 Catalyst for preparation of better design guidance by identification of deficiencies in existing 

practice. 
 Raising the standard of risk assessment by encouraging pre-planning of potential failure modes. 
 Reaffirming the need for policymakers to set acceptable levels of risk rather than relying on 

individual engineering judgements.   
 Reducing the potential for criminal conviction or ‘trial by media’ by providing a defendable basis for 

post emergency decision making.   
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7 CONCLUSION 
 
Responses to civil defence emergencies in 2010 and 2011 have highlighted there is the potential to 
improve the response to such events in the future.  The authors’ observations from these events was 
that there are a number of judgements that need to be made in assessing issues such as slope 
instability and that without guidance there is likely to be considerable inconsistency in decision 
making.   
 
A review of international literature indicates that, while there is much available information on risk 
management, specific guidance for first response assessors was limited.  Based on our review, our 
opinion was that Australian and Canadian landslide practice and international dam safety practice 
were the best starting points for development of guidance and tools.  We believe the priority is for the 
development of tools to assist in decision making in situations where infrastructure will potentially be 
affected by slope instability and emergency action planning for important infrastructure.   
 
We believe that the benefits of development of guidance will be threefold: 
 
 Better preparedness by allowing policymakers to understand existing levels of risk through 

emergency action response.   
 Better response by bringing greater consistency of data collection and decision making between 

different assessors.   
 Advancement of Geo-practice by highlighting areas where existing understanding of risk is poor 

and design guidance is limited.   
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ABSTRACT 
 
The National Parks system provides boundless opportunities for adventure in a dynamic and rapidly 
changing environment.  The Department of Conservation maintains over 950 huts.  Many are found in 
areas of spectacular scenery and are exposed to natural conditions that are unique to their 
environment.  Historically, a small number of huts have been impacted by landslide, some with tragic 
loss of life.  In order to mitigate natural hazard risk, the authors present the approach developed over 
the last 15 years into location and positioning of new huts in varying topographical and geologic 
settings, from coastal, to sub alpine, to high alpine country.  Natural hazard assessment is a 
fundamental tool used in the positioning of high country structures.  In conjunction with GNS, the 
Department of Conservation has developed a natural hazard assessment approach for use in remote 
hut sites that is adapted from the AGS 2000 Landslide Risk Management and Guidelines.  
Assessment procedures into potential effects of strong earthquake shaking, rockfall and landslide risk 
are presented. 
 
Keywords: hazards, risk, huts, landslide, earthquake, tsunami,  
 
1 INTRODUCTION 
 
The Department of Conservation (DoC) manages over 950 huts throughout New Zealand.  The 
environment in which this network of huts is located is varied, from coastal lowlands, to sub alpine, to 
alpine settings.  The land forms that are present at many of these hut locations create particular 
challenges in determining appropriate and safe locations.  Hut sites commonly are positioned in 
proximity to very steep, mountainous terrain with rockfall, landsliding, and avalanche part and parcel to 
the dynamic environment.  Many of these huts date back to the 1960’s and 1970’s when they were 
commonly used for deer culling.  This network of huts came under the management of the New 
Zealand Forest Service, and ultimately DoC.  Hut usage changed through the years to become 
recreational and conservation based.  As user numbers increased and the hut stock grew older, a 
need to provide new huts and replace older huts with new and in most cases, larger huts arose.  
 
In order to better understand the potential risks from natural hazards to hut assets, DoC engaged GNS 
Science in 1998 to develop a methodology for the assessment of geological hazard in order to provide 
information for DoC and District Councils to enable classification of a hut structure as dangerous or 
not, in terms of the New Zealand Building Act 1991.  The methodology was updated and revised in 
2000 to include a Danger Rating and again in 2008 to include the previously developed Geological 
Hazard Rating System (1998), remove the Danger Rating assessment, and to add the Qualitative Risk 
Assessment process described in the AGS 2000 Landslide Risk Management and Guidelines that had 
been widely adopted in New Zealand at the time. 
 
In 2007 DoC produced a draft avalanche assessment guideline (Bogie, 2007).  Typically avalanche 
risk assessment is performed by DoC staff who have relevant experience.  The specifics of avalanche 
risk assessment are not discussed further in this paper.   
 
Staff from MWH New Zealand Ltd have conducted natural hazard assessment, and provided 
geotechnical and structural engineering design to numerous hut sites in varied environmental settings 
in the South Island over the last 15 years.  During the initial part of the hut assessment programme, 
our natural hazard risk assessment process was developed independent of the GNS approach relying 
predominantly on interpretation of historic stereo paired aerial photographs of the site and on 



application of the AGS 2000 Guidelines.  In subsequent years, the GNS methodology was 
amalgamated into our risk assessment process.  The purpose of this paper is to present the natural 
hazard assessment process used for the various challenging environments and geologic conditions 
that face DoC and hut designers.  
 
2 HISTORY OF NATURAL HAZARD IMPACT ON HUTS 
 
The authors are aware of a number of events where backcountry huts have been severely impacted 
by natural hazard, some of which have resulted in tragic loss of life.  The cause of the events has 
been reported herein mainly through anecdotal evidence and recollection of news media reports at the 
time.  Approximately 1% of backcountry huts have been damaged or destroyed due to natural hazard 
impacts.  The list provides sobering thought on the risks on hut structures from natural hazard events. 
 
2.1 Bushedge Hut, Motueka Valley Gorge, Richmond Ranges (1995) 
 
A debris flow dammed creek breached and the resulting debris slide/flood destroyed the hut killing two 
DoC staff that were sheltering there. 
 
2.2  Lake Daniell Fishing Club Hut (1974) 
 
Landslide on the western side of the lake during appalling weather resulted in the loss of life of three 
trampers.  Hut was replaced with a new hut situated away from steep slopes on the south side of the 
lake.  
 
2.3  Pioneer Hut, WNP (1963) 
 
Located in Westland National Park, Pioneer Hut was impacted by a rockfall which hit the eastern side 
of the hut in January 1963 whilst eight people were asleep inside.  One person was killed, one trapped 
under a boulder eventually being freed by efforts of the other occupants, and three others were 
injured.  Hut has been replaced and is now situated on a ridge where there is no rockfall hazard. 
 
2.4  Three Johns Hut, MCNP (1997) 
 
Four people died when Three Johns Hut was blown off the Barron Saddle in extremely high winds.  
The hut was located at the head of the Mueller Glacier at an elevation of 2135m. 
 
2.5  Beetham Hut, MCNP (1996) 
 
A snow avalanche damaged this once popular climber’s hut.  The hut has not been replaced as the 
area is now recognised as being vulnerable to avalanches. 
 
2.6 Welcome Flat Hut, WNP 
 
This hut was severely damaged by a landslide in the 1980’s and has since been replaced by a new 
hut in a safer location. 
 
2.7 Smyth Hut (2013) 
 
Smyth Hut in the Wanganui Valley, West Coast escaped damage when a landslide created lake at the 
head of the valley burst through the debris dam and inundated the valley in which the hut is situated. 
 
2.8 Dome Shelter, Mt Ruapehu (2007) 
 
One person seriously injured and the hut was damaged during a hydrothermal eruption from Crater 
Lake. 
 
2.9 Finlay Face Hut, Havelock River 
 
Hut destroyed by avalanche. Figure 1 captures the extent of avalanche and the impact on the hut. 



 
Figure 1.  Finlay Face Hut, Havelock River – Photo DOC Raukapuka 

 
2.10 Gardiner Hut, Hooker Valley, MCNP (2014) 
 
A large rockfall from the South Ridge of Mt Cook enveloped Gardiner Hut with debris, destroyed the 
toilet on the upslope side of the hut and pushed the hut off its foundations.  Figure 2 presents the view 
eastwards up the Noeline Glacier of the rockfall debris enveloping the hut in the lower left corner of the 
photograph. 
 

 
 
Figure 2.  Gardiner Hut rockfall landslide 2014 
 
3 DOC NATURAL HAZARD ASSESSMENT APPROACH 
 
GNS presented a geological baseline inspection approach for backcountry huts in 1998 and updated it 
in 2000.  The approach assessed the geological hazard of a number of factors (eg. slope angle, site 
geology, strong earthquake shaking, etc) and determined an overall hazard rating for the site. The 
geological hazard rating was then combined with a hazard activity rating (based on the date of most 
recent hazard activity) and an exposure rating based on visitor numbers per annum.  The combination 
resulted in a danger rating for the site.  This approach was updated in 2008. 
 
The approach that the authors adopted for work done in the period up to 2005 was developed 
independently from that used by GNS at the time.  This early approach was based solely on the AGS 
2000 guidelines which were being widely used for qualitative landslide risk assessment in New 
Zealand.  It materially did not differ greatly from the GNS approach as a similar methodology to hazard 



assessment was used, except for GNS’ use of an exposure rating tied to visitor numbers.  After 2005 
the GNS approach was adopted. 
 
The current natural hazard assessment approach developed by GNS Science in 2008 for DoC is 
based on a three part approach.  The danger rating (exposure rating) from the earlier baseline 
inspection approach has been removed.  The first part identifies the hazards that the hut site may be 
exposed to and develops the geological hazard rating for the site.  The hazards are then assessed 
using a risk assessment approach based mainly on the AGS 2000 guidelines for landslide risk 
assessment.  Lastly, the risk is prioritised in order to present a summary of the risks with appropriate 
mitigation strategies.  The following sections give a step by step description of the approach required 
to develop a risk profile for the hut site. 
 
3.1 Desk Study 
 
The natural hazard assessment of a hut or a potential hut site starts with a desk study prior to the site 
visit.  The desk study provides background information such as hut location, general topography, 
geology, presence of known active faults, geomorphological information, and proximity to 
watercourses.  The tools available for desk study are typically the New Zealand Topographical Map 
series, Google Earth imagery (present as well as historical), stereo pair aerial photography (if 
available), DoC file information, geological maps, and the GNS active fault databases. 
 
3.2 Geological Hazard Evaluation 
 
The geological hazard evaluation process rates a series of geological and environmental hazard 
factors by assessing then assigning a value to each on a sliding scale of zero to five.  The lower 
values reflect more benign conditions and conversely the higher values reflect more challenging 
conditions that result in a higher hazard rating for the factor under evaluation.  Guidance is given in the 
GNS 2008 report on selecting an appropriate factor value for the hazard factor under assessment.  
The values are summed to provide the overall geological hazard rating for the hut site with the rating 
varying from very low to very high.  The risk associated with each hazard is then qualitatively 
assessed following the AGS 2000 guidelines, and mitigation measures are determined.  Along with the 
qualitative risk assessment process, the geological hazard rating is used to compile a final 
recommendation and prioritise future actions for planning and development of the site.  Table 1 below 
presents the factors that are evaluated for the hut site. 
 
Table 1: Geological Hazard Factor Evaluation (Reproduced from GNS 2008) 
 

GEOLOGICAL HAZARD FACTORS 
(Place X in appropriate cell to indicate Factor Values) 

FACTOR VALUE 

0 1 2 3 4 5 

1.  Slope angle and local topographic effects at site.       

2.  Site geology and foundation materials.       

3.  Proximity to steep slope below site.       

4.  Hazard from slopes above site (rock/debris fall,
avalanche, slide). 

      

5.  Foundation failure (none, possible, incipient, active).       

6.  Strong earthquake shaking (liquefaction, slope failure,
seiche, tsunami). 

      

7.  Heavy rainfall, flooding, erosion, debris flows etc.        

8.  Other (snow avalanches; faulting; volcanic ash, gas, lahar
etc). 

      

Sum of Hazard Factor Values:  

GEOLOGICAL HAZARD RATING FOR: xxx   

TOTAL FACTOR VALUES FOR GEOLOGICAL HAZARD RATINGS: 
Very low:  0-5  Low:  6-12  Moderate:  13-18  High:  19-24  Very High:  25 or greater 



3.3 Qualitative Risk Assessment 
 
The process for qualitative hazard risk assessment follows the AGS 2000 guidelines approach which 
has been used extensively by geo professionals in New Zealand for over 10 years.  Each hazard 
identified in the geological hazard evaluation is assessed for risk by qualitatively assessing the 
likelihood of such an event occurring and assigning a consequence.  The likelihood range is from 
inconceivable to almost certain and are distinguished by the indicative probability of such an event 
occurring.  The consequence range is from insignificant to catastrophic. The combined pair of 
likelihood and consequence generates a risk level that span from very low to very high risk.  Once the 
risk has been analysed, the individual risk items are given priorities for action by DoC. 
 
The combined pairing of likelihood and consequence is presented in the risk matrix in Table 2: 
 
Table 2: Risk Matrix (Reproduced from AGS 2000) 
 

LIKELIHOOD CONSEQUENCES to PROPERTY and PEOPLE 

1: CATASTROPHIC 2: MAJOR 3: MEDIUM 4: MINOR 5: INSIGNIFICANT 

A – ALMOST CERTAIN VH VH H M M 
B – LIKELY VH VH H M L 
C – POSSIBLE VH H M L VL 
D – UNLIKELY H M L L VL 
E – RARE M L L VL VL 
F – INCONCEIVABLE L VL VL VL VL 
 
3.4 Recommendations for Prioritising Geological Hazard  
 
Lastly, guidelines are given to enable DoC asset management staff to prioritise risk items.  Priorities 
are defined by the magnitude of the geological hazard rating or the risk of a particular hazard item.  A 
timeframe for response is provided.  The priority rating system gives clearly defined outcomes for how 
the risk is recommended to be mitigated by DoC.  Table 3 summarises the priority ratings system. 
 
Table 3: Priority Rating for Recommendations (Reproduced from GNS 2008) 
 

PRIORITY RATING FOR RECOMMENDATIONS: 

The following Priority Ratings are used for rating Recommendations given in this report for mitigating geological hazards at 
DoC hut sites and camp sites. They are mainly based on the Geological Hazard Rating and Risk Level at a site, and indicate 
the time frame within which the recommendation should be attended to. Specific time frames for responding to unacceptable 
risk from any hazard should be specified in the Qualitative Risk Assessment (C8). 

Priority 1: Recommendation of very great significance and URGENT, at a site where there is Very High geological
hazard (Rating >25) or Very High Risk from one or more hazard.  Should be attended to immediately. 

Priority 2: Recommendation of great significance, at a site where there is High geological hazard (Rating 19-24) or High 
Risk from one or more hazard.  Should be attended to, as far as reasonably practicable, within the next 12 to 18 
months. 

Priority 3: Recommendation of considerable significance, at a site where there is Moderate geological hazard 
(Rating 13-18), or Moderate Risk from one or more hazard.  Should be attended to as far as reasonably 
practicable, within the next three years. 

Priority 4: Recommendation of moderate significance, at a site where there is Low to Moderate geological hazard 
(Rating 6-18) or Moderate to Low Risk from one or more hazards.  Should be attended to, as far as 
reasonably practicable, within the next five years. 

Priority 5: Recommendation of some significance, at a site where there is low or very low geological hazard, or 
Low Risk or Very Low Risk from a hazard.  Should be attended to within the next ten years. 

 
 
  



4 EXAMPLE OF NATURAL HAZARDS ASSESSMENT PROCESS 
 
4.1  Manson-Nicholls Memorial Hut 

The Manson-Nicholls Hut site was assessed in 2012 and is presented as an example to illustrate the 
current approach to hazard assessment using the GNS 2008 guideline. 

The existing Manson-Nicholls Memorial Hut (24 bunks) is located in a grassy clearing on the south 
shore of Lake Daniell.  The clearing is surrounded by mature beech forest.  The existing hut replaced 
an older hut on the western shore of the lake that was destroyed by a landslide in 1974 which led to 
the loss of three lives.  The existing hut is scheduled for replacement, thus the focus of the hazard 
assessment was to provide DoC with information to enable selection of an appropriate site for the new 
hut.  In this case, the existing site was proposed to be the most likely hut location subject to hazard 
assessment. 
 
4.1.1 Desk Study 

The published geological map of the region (GNS Science Q Map 13 Kaikoura, 1: 250, 000 scale, 
2006) records the underlying geology as consisting of Holocene age alluvium ie. deposited in the last 
12,000 years. 

The hills to the west of Lake Daniell are composed of granite, whilst the hills to the east are composed 
of schist and greywacke.  Large fans have formed along the eastern side of the lake due to uplift and 
significant erosion of the schist rocks to the east, whilst only very small fans have formed at the 
mouths of gullies eroded into the granite along the western shore of the lake. 

The Alpine Fault has been mapped by GNS Science as being located some 300m southeast of the hut 
site.  The fault is active and severe ground shaking would occur when it next ruptures.  The Alpine 
Fault last ruptured in the year 1717 and GNS have calculated that there is a 50% probability that the 
fault will rupture within the next 100 years with a likely earthquake magnitude of 7.5 – 8. 

The valley is a glacially carved valley with the infilling of the valley floor with glacial till, and outwash 
gravels having impounded the lake.  The lake is very shallow on the eastern side and deepens 
towards the west with depths of 3 - 5m close to the steeply sloping western bank.  At the northern end, 
a steep sided kettle hole 14m deep forms the deepest part of the lake (Department of Lands and 
Survey 1979). 

Figure 3 shows the approximate position of the hut site relative to the Alpine Fault, while the NZ Topo 
Map M31 gives a general indication of surface topographical contours at the site. 
 

 
Figure 3.  Manson-Nicholls Hut GNS Active Fault Database (left) showing proximity of Alpine Fault to 
Hut site.  NZ Topo Map M31 (right) 



4.1.2 Geological Hazard Evaluation and Qualitative Risk Assessment 

The Manson-Nicholls Hut site is located on a flat site which is covered in well-established vegetation 
with surrounding mature beech forest which shows no signs of previous land instability.  The hut site 
is located well away from steep slopes and there is no evidence of significant landslide deposits in 
the vicinity. We consider there is a low risk to the site from landslides and rockfall related to 
earthquakes and extreme rainfall events. 

The risk of a seiche (tsunami) from the lake affecting the hut site is considered to be low and only 
conceivable if a very large landslide fell into the lake, and a large seiche is considered a very 
infrequent (rare) event.  The massive nature of the granite bedrock to the west of the lake indicates 
that it is highly unlikely to be prone to large landslides although smaller debris flows are likely (debris 
flows are not considered to be able to cause significant seiching).  The hills to the east of the lake are 
far enough away that a large landslide is highly unlikely to reach the lake and the deposits along the 
eastern shore are fan deposits and not landslide deposits.  We have reviewed Google Earth imagery 
and aerial photographs and these show no signs of present or past significant large landslides. 

There is a low risk of flooding with no streams or rivers existing near the hut site.  The only 
conceivable flooding scenario is the lake outlet becoming blocked by a landslide and raising the lake 
level and this is considered to be unlikely as flood waters would be able to easily spill around the 
landslide over the flat gradient forest floor to the east of Frazer Stream.  The highest known observed 
flood lake level is approximately midway between the jetty and the existing hut and the site has not 
been flooded since the hut was built in 1976. 

The active Alpine Fault is mapped by GNS Science as being located 300m southeast of the hut site 
and there is a high risk relating to strong earthquake shaking.  The clayey gravels encountered 
beneath the site have a low susceptibility to liquefaction although there is a possibility of liquefaction 
prone sand or silt beds existing at depth.  There is also a possible hazard of minor lateral spreading, 
however the risk of significant lateral spreading is considered to be low as the clayey gravels are 
medium dense and consolidated. 

Overall the Manson-Nicholls Hut site is assessed to be subject to a low level of risk related to 
geological hazards.  The hut is assigned a Geological Hazard Rating of Low (9), which is usually 
acceptable for hut sites.  Table 3 and Table 4 summarises the assessment of the hazard rating and 
geological risk. 
 
Table 3: Geological Hazard Factor Evaluation for Manson-Nicholls Memorial Hut 
 

GEOLOGICAL HAZARD FACTORS 
(Place X in appropriate cell to indicate Factor Values) 

FACTOR VALUE 

0 1 2 3 4 5 

1. Slope angle and local topographic effects at site. X      

2. Site geology and foundation materials.  X     

3. Proximity to steep slope below site. X      

4. Hazard from slopes above site (rock/debris fall,
avalanche, slide). 

X      

5. Foundation failure (none, possible, incipient, active).  X     

6. Strong earthquake shaking (liquefaction, slope failure, 
seiche, tsunami). 

     X 

7. Heavy rainfall, flooding, erosion, debris flows etc.   X     

8. Other (snow avalanches; faulting; volcanic ash, gas,
lahar etc). 

 X     

Sum of Hazard Factor Values: 9 

GEOLOGICAL HAZARD RATING  LOW 

 



Table 4: Risk Matrix for Manson-Nicholls Memorial Hut 
 

QUALITATIVE RISK ASSESSMENT SUMMARY 

Hazard Type Consequences Risk Level Comments and Risk Management Options 

Rockfall/ 
landslides 

Catastrophic  Low Risk acceptable. Hut is 500m away from steep hills to the east 
and 350m away from steep hills to the west. 

Seiche 
(Tsunami) 

Medium Low Risk tolerable and can be accepted. Only a very large landslide 
into the lake could generate a seiche and there is no evidence 
of very large landslides into the valley in the past 12,000 years. 

Flooding/ 
debris flows 

Minor to 
Medium 

Low Risk acceptable. Flooding could occur if a landslide blocked the 
lake outlet.  Consequences are minor to medium and hut users 
could evacuate to higher ground.  Appropriate signage could be 
placed at the beginning of the Lake Daniell track informing 
users of possible flooding in extreme weather conditions. 

Liquefaction Minor Low Risk acceptable. Liquefiable sands or silts (old lake beds) could 
occur within 20m depth but appears unlikely.  Consequence to 
building foundations is considered to be minor, but 
consequence to hut users is considered to be insignificant.  

Significant 
earthquake 
ground 
shaking 

Medium High Moderate damage to hut and foundations can be expected in a 
large EQ (hut will be designed to resist major damage). Risk 
related to injuries is considered to be minor.  Risk of damage 
can be mitigated/reduced to an acceptable level by appropriate 
hut design. 

Lateral 
spreading  

Medium Low Risk acceptable. The high water table at the hut site and 
proximity to the lake edge could result in minor lateral 
spreading near lake edge in a very large earthquake, however 
damage to hut and consequence to hut users likely to be only 
minor. 

Notes and additional comments: 
1. Likelihood (%) estimates given as annual probability, or approximate Annual Exceedance Probability (AEP) - 
Appendix 2. 

 
5. CONCLUSION 
 
As presented herein, the environment in which huts are situated is subjected to dynamic 
environmental processes which in the past have had severe impact and consequences on huts and 
hut users.  The hazard assessment methodology developed by GNS and presented in this paper 
provides a simple and clear process for evaluating the risk that various geological effects have on 
particular hut site locations.  As a result, this geological hazard and risk assessment methodology 
provides important input into DoC’s wider hut site selection process with the end effect of providing hut 
users with a safe shelter.   
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